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Abstract: Nowadays, the use of new compound chemical stabilizers to treat marine clay has gained
significant attention. However, the complex non-linear relationship between the influencing factors
and the unconfined compressive strength of chemically treated marine clay is not clear. In order
to study the influence of various factors (dosage, type of stabilizer, curing age) on the unconfined
compressive strength of solidified soil during chemical treatment, experiments were performed to
determine the unconfined compressive strength of soft marine clay modified with various types of
stabilizers. Further, an artificial neural network (ANN) model was used to establish a prediction
model based on the unconfined compressive strength test data and to verify the performance.
Sensitivity and optimization analyses were further conducted to explore the relative significance
of parameters as well as the optimal dosage amount. Research has found that when the content
of aluminate cement is 89.5% and the content of curing agent is 30%, the unconfined compressive
strength significantly increases after 28 days of solidification, and the change in quicklime content
has the greatest effect on the improvement in the unconfined compressive strength. The influence of
modifiers on the unconfined compressive strength is in the order: potassium hydroxide > kingsilica >
quick lime > bassanite. The values of each factor were obtained when the unconfined compressive
strength was the maximum, which provided support for the optimization of the treatment scheme.
The analysis of chemical treatment is no longer limited to the linear relationship according to the
test results, which proves the feasibility of non-linear relationship analysis based on the artificial
neural network.

Keywords: marine clay; chemical treating; artificial neural network; optimization analysis;
sensitivity analysis

1. Introduction

China’s coastal area has a complex topography and rich landforms, among which the
beach area is very broad. Offshore wind farms are a characteristic of China. For example,
offshore wind farms in coastal provinces such as Shandong, Zhejiang, and Jiangsu have
been established. The relevant investigation and statistics show that it is of great strategic
significance to make full use of resources for wind farm construction and rational and
orderly development and utilization. However, most of the offshore wind turbines built
in the intertidal zone, which are located in silt sites and have the characteristics of high
moisture content, low strength, and a large pore ratio, cannot meet the requirements of the
superstructure in terms of strength, deformation, and stability [1–3]. These properties have
caused great obstacles to the construction of projects. Therefore, before the construction
of a project, it is necessary to treat the silty soil to improve its strength and meet the
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construction requirements. At present, the chemical curing method can effectively solve the
adverse factors of beach silt, which adds an inorganic chemical stabilizer to the beach silt to
improve its performance. The traditional solidifying materials for soil are all solid inorganic
binders. Good results have been achieved by using lime, cement, and fly ash to improve
the soil [4,5]. However, the traditional single chemical stabilizer can no longer meet the
engineering needs of beach silt, and the development of a new composite stabilizer has
gained significant attention recently. At present, there are abundant research results on
chemical curing:

Chew et al. and Porbaha et al. found that the water content of silt would decrease
rapidly with the addition of cement, but then it would decrease at a slower rate [6,7]. The
larger the curing age, the lower the water content. Lorenzo and Bergado found that the
density of solidified soil would increase with an increase in cement content and also curing
age [8]. The specific gravity of solidified soil decreases with the addition of cement and has
no significant relationship with water content and curing age. Horpibulsuk et al. found that
water content not only affects the amount of hydration products during chemical reactions
in solidified soil but also has a greater impact on the porosity of 0.1–1 μm [9].

Wang Lifeng [10] used silica nanopowder as an external admixture to be mixed into
hydraulic soil and carried out unconfined compressive strength tests on it. The results
showed that nanosilica powder can improve the macroscopic mechanical properties of
hydraulic soil. Ding Jianwen et al. [11], using the traditional cement curing treatment
method based on the use of mixed cement and phosphogypsum joint curing treatment of
dredged silt with high water content, reported the results of indoor experiments showing
that the effect of phosphogypsum on silt curing soil enhancement is significant, and the
amount of this dosage increases with the increase in the initial water content of silt.

Sharma et al. found that the microstructure properties of solidified soil are closely
related to the curing scheme [12]. The addition of cement to the stabilizer has a greater effect
on the properties of the improved soil than lime. The study showed that the compressive
strength of soil samples cured for 28 days was nearly four to six times higher than that
of untreated soil samples, reflecting the effect of curing age on strength. Dahal et al.
found the maximum strength of the soil by using ordinary Portland cement with different
contents [13]. The authors used statistical tools to establish linear relationships between
these parameters.

Liu et al. studied the strength characteristics of steel slag, cement, and metakaolin
composite (SCM composite)-stabilized soil under different clay contents, water contents,
and curing time [14]. SCM composites can effectively improve the strength of solidified
soil, and SCM-stabilized soil exhibits similar characteristics as soil-cement. Gong et al.
found an efficient stabilizer that could reduce environmental damage through experiments
using an eco-friendly stabilizer to solidify soft soil in Nansha [15]. The main component
was still cement, but a multi-component stabilizer (18% cement, 3% lime, 4% gypsum, 3%
expansive soil, and 0.8% sodium hydroxide) was found to produce the highest strength
and curing efficiency.

At present, the research results are still mainly focused on the analysis of the linear
relationship between different components and the curing effect in the process of chemical
curing according to the test results, and there are few studies on complex non-linear fitting
in chemical curing. In recent years, with the rapid development of artificial intelligence
technology, machine learning has become an important tool for scientific research and
analysis. The dataset for artificial neural network (ANN) modeling is the basis for neural
network training, which determines the information that the network can learn and the
tasks it can perform. A dataset is usually a set of labeled data that is used to train a neural
network to recognize patterns, predict outcomes, or perform classification. Artificial neural
network (ANN) dataset parameters mainly include the size, quality, distribution, and
labeling quality of the data. Of course, there are some limitations of datasets, such as
sample bias, data sparsity, and data imbalance. In this study, an artificial neural network
(ANN) model was used, which has the advantages of flexibility in optimization, sensitivity
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analysis, and risk analysis [16] to solve the fitting of a non-linear relationship between
curing strength and different influencing factors [17]. Also, the model analysis was carried
out on the results of unconfined compressive strength testing of a set of curing schemes
with optimal mix ratio, and the complex non-linear relationship between the dosage of
stabilizer components and the unconfined compressive strength was obtained. Further,
optimization and sensitivity analyses were conducted to understand the optimum dose
and also the ranking of parameters.

2. Materials and Methods

2.1. Sampling and Basic Properties of Marine Clay

The marine clay utilized in this study was collected at the depth of 1–2 m from the
vicinity of Hongshiya, Huangdao District, Qingdao City. The geographical location is
shown in Figure 1a, and the site is shown in Figure 1b. The surface color of the marine
clay was dark brown, while the interior color was black, with fine mud, and an odor. The
marine clay soil samples were collected and sealed in plastic buckets. The original state of
the marine clay and sampling area of the silt soil sample are shown in Figure 1c,d.

 
(a) (b) 

 
(c) (d) 

Figure 1. Sampling details. (a) Geographical location (Huangdao District, Qingdao City) of sampling
points. (b) Scene of sampling. (c) Original state of marine clay. (d) Sampling and preservation of
marine clay.

According to the Chinese standard for geotechnical testing (GBT 50123-2019 [18]) and
soil testing (NY/T 1121.16-2006 [19]), a series of laboratory geotechnical tests were carried
out to determine the natural density, water content, optimum moisture content, pH value,
total water-soluble salt content, and other physical and mechanical properties of the marine
clay. The maximum dry density of the soil sample was 1.64 g/cm3, and the optimum water
content was 19.8%, which is shown in Figure 2. The physical and mechanical indexes of
tidal silt are shown in Table 1.
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Figure 2. Compaction curve.

Table 1. Basic geotechnical parameters of beach silt soil.

Index Value

Natural Density, ρ
(
g/cm3) 1.68

Moisture Content, ω (%) 120.1
Specific gravity, Gs 2.73

Void ratio, e 1.65
Liquid limit, wl (%) 83
Plastic limit, wp (%) 36

pH 8.25
Soil soluble salts, (g/kg) 29.6

2.2. Experimental Details

Chemical treatment of marine clay is achieved by adding a stabilizer to the ma-
rine clay, which has the characteristics of high strength, low compressibility, and low
permeability [20–23]. Firstly, this section describes the soil solidification treatment mea-
sures and the selection of suitable main solidifying agents and additives based on the
countermeasure analysis. Secondly, the orthogonal design principle was used to divide
different proportion groups of stabilizers. Curing age and dosage of stabilizer were taken
as influencing factors for analyzing variations in strength. Marine clay was treated with
different proportions of composite stabilizer, the test block was prepared, and the mainte-
nance was carried out. Subsequently, unconfined compressive strength tests were carried
out to evaluate the strength of solidified soil blocks under different influencing factors.
Finally, the best mix ratio of marine clay stabilizer was obtained, which satisfied the
construction requirements of strong stability, high strength, strong bearing capacity, and
good compressibility.

2.2.1. Main Stabilizer and Admixture

The main stabilizer used in this study was alumina cement(Zhengzhou Kanghui Re-
fractories Co., Zhengzhou, China). Admixtures included bassanite(Jinan Shengteng Chemi-
cal Co., Jinan, China), kingsilica(Shenzhen Haiyang Powder Technology Co., Shenzhen,
China), quicklime(Tianjin Zhiyuan Chemical Reagent Co., Tianjin, China), and potassium
hydroxide(Jinan Xiaotest Chemical Co., Jinan, China). The components of the stabilizer
and their main chemical constituents are shown in Table 2. The composition diagram of the
stabilizer is shown in Figure 3.
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Table 2. Stabilizer components and their main chemical composition.

Stabilizer Component Main Chemical Composition

Alumina cement 3CaO·Al2O3
Bassanite CaSO4·0.5H2O
Kingsilica SiO2
Quick lime CaO

Potassium hydroxide KOH

 

Marine clay soil 

Figure 3. Schematic diagram of the solidified soil production process.

2.2.2. Unconfined Compressive Strength Tests

Water and marine clay were mixed in a ratio of 0.28 by weight. After the mixture
reached equilibrium, the main stabilizer and external additives were added to it and
uniformly allowed to mix. Firstly, 50 mm diameter and 100 mm high concrete energized
volume molds were prepared, and the cured soil was divided into 5–8 layers using the
layered manual compaction and molding method, loaded into the molds layer by layer, and
manually pounded using a percussion hammer. The prepared specimens were wrapped
with cling film and then put into a sealed bag for maintenance to reduce the evaporation
of water in the specimens and labeled as a mark. After sample preparation, the mold
was removed after 24 h maintenance under natural conditions. The demolded test pieces
were wrapped in plastic and placed in sealed bags to prevent any loss of moisture through
evaporation. Considering that the basic construction in the intertidal zone needs to be
combined with the time of ocean tidal fluctuation, the maintenance age of chemically
treated marine clays was increased by 6 h in addition to the conventional 3 or 7 days.
The test block was maintained under 95% humidity and 20 ± 5 ◦C until it reached the
maintenance age. The sample was then tested for unconfined compressive strength. The
process placed the specimen block on the lower platen and operated the motor to move the
key up and down so that the upper pressurized plate just touched the specimen. The data
were zeroed manually in the computer terminal, the loading rate of 1 mm/min was entered
to start pressurization, and the computer was used to collect the stress–strain relationship
data. Similarly, samples under different curing ages and stabilizer dosage factors were
tested for compressive strength.

In order to minimize expenditure and also time for conducting the number of tests, an
orthogonal test was used for designing the experimental scheme. The test plan based on
the orthogonal design approach is summarized in Table 3.
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Table 3. Testing plan.

Number

Aluminate
Cement
Content

(%)

Bassanite
Content

(%)

Kingsilica
Content

(%)

KOH
Content

(%)

Quick
Lime

Content
(%)

Solidified
Agent

Content
(%)

0 100 0 0 0 0
1 95.5 2 1 0.5 1
2 93.5 2 1.5 1 2
3 91.5 2 2 1.5 3
4 91 4 1 1 3 10%
5 92 4 1.5 1.5 1 20%, 30%
6 91.5 4 2 0.5 2
7 89.5 6 1 1.5 2
8 89 6 1.5 0.5 3
9 90 6 2 1 1

Note: The figures in the table are the mass ratio of each material quality to the solidified agent quality.

The data processing of the unconfined compressive strength tests was performed
according to the following formula. The axial strain of the specimens follows the formula:

ε =
�H
H0

× 100 (1)

In the formula: ε indicates the strain (%) produced by compression of the test block;
ΔH represents the compression (cm); and H0 indicates the height (cm) of the test block
before compression. The average cross-sectional area of the sample follows the formula:

Aa =
A0

1 − 0.01ε
(2)

In the formula: Aa indicates the corrected area of the sample; and A0 is the cross-
sectional area before compression of the test block (cm2). The axial stresses on the specimens
follow the formula:

σ =
P
Aa

=
P

A0
×

(
1 − ε

100

)
× 10 (3)

In Formula (3): P represents the load produced by the compression of the test block (N).

2.3. Development of Artificial Neural Network Model (ANN)

The artificial neural network model used in this experiment was multi-layer. They
were the input layer, hidden layer, and output layer. The input layer consisted of seven
nodes, which were the seven factors influencing the unconfined compressive strength of
chemically treated marine clay, including the alumina cement content, bassanite content,
kingsilica content, potassium hydroxide content, quick lime content, stabilizer content, and
curing age. Hidden layers contain functions that transmit and process signals between
neurons and their corresponding connections. The output layer had only one node, which
was the unconfined compressive strength. The topological structure of the ANN model is
shown in Figure 4. In the unconfined compressive strength test of silt-consolidated soil,
a total of 90 sets of valid test data were obtained, of which 82 sets of data were used as
training for the artificial neural network model, and 8 randomly selected sets were used for
the prediction of the neural network model.
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Figure 4. Schematic structure of artificial neural network model.

The operation flow of the ANN model is shown in Figure 5. Data were first normalized
using the equation below:

X* =
X − Xmin

Xmax − Xmin
(4)

Figure 5. Operation flow chart of the artificial neural network model [24].

In Formula (4): X* is the value after normalization; X is the true value of the raw data;
and Xmax and Xmin are the maximum and minimum values of the data, respectively. In
this study, all unconfined compressive strength test data collected were divided into 70%
training data, 15% validation data, and 15% detection data. In this study, the development
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of an artificial neural network model mainly used two network forms: multi-layer percep-
tron (MLP) and radial basis function (RBF). MLP is the most common form of network.
Its network is compact and fast to execute, providing better results than other types of
networks once trained. However, if these networks require repeated training, the model
will run slowly. RBL networks are trained very quickly and are more sensitive to a small
number of input variables.

However, RBL often shows relatively poor performance, which is not as effective as
MLP networks [23]. In this study, the number of nodes in the hidden layer of the MPL
network model selected in the artificial neural network model ranged from 4 to 12.

All data were fitted by the ANN model, and 10 models with a high fitting degree were
finally selected. A group of models with MLP 7-8-1 having the highest fitting between the
predicted unconfined compressive strength and the actual measured value was selected for
subsequent analysis.

Parameter Setting for Optimization Analysis and Sensitivity Analysis

An artificial neural network can fit the proportion of influencing factors when the un-
confined compressive strength reaches the maximum, according to the complex non-linear
relationship already known. Based on this analysis, the highest strength of chemically
treated marine clay can be obtained, and when the strength of chemically treated marine
clay reaches the highest value, the amount of hardener added, the proportion of its compo-
nents, and the age of the curing period can be determined. Through the analysis results, the
existing chemical treatment schemes for marine clay can be optimized and improved. In
the optimization process, we used the simplex algorithm, the most common and simplest
optimization algorithm, to find the maximum value to consider extreme cases. Simplex
search is a gradient-free optimization algorithm for minimizing or maximizing any function
in a limited number of iterations [25]. A total of 450 iterations were performed for this test
optimization analysis.

An artificial neural network can also carry out sensitivity analysis on different in-
fluencing factors of the input, i.e., quantify the proportion of influencing factors among
output results by analyzing the degree of influencing different factors on the output, the
unconfined compressive strength. Sensitivity analysis provides a general concept of output
sensitivity by changing one input variable while leaving several other input variables
unchanged. In this study, we individually changed all influencing factors to study the
sensitivity of the unconfined compressive strength with other inputs unchanged.

3. Results and Discussion

3.1. Effect of Chemical Treatment on Unconfined Compressive Strength (UCS) of Marine Clay

In this experiment, two test variables, conservation age and curing agent dosage, were
set up to explore the effects of both on the effectiveness of curing agent in curing beach
silt. Three gradients of 10%, 20%, and 30% of curing agent dosage were designed for the
preparation of test blocks for each proportion group; and three time periods of 6 h, 3 days,
and 7 days were set for the routine maintenance of the test blocks. At the same curing agent
dosage, 9 samples were tested at each age, totaling 81 samples.

It can be observed from Figure 6a,b that when the content of additives is low (i.e., 10%
and 20%), the influence of each additive on the average unconfined compressive strength
is minimal at different levels. However, the situation changes significantly when the
stabilizer content reaches 30% (refer to Figure 6c). The unconfined compressive strength
not only varies significantly with the level of each additive but also increases significantly
at different curing ages. Taking 30% stabilizer as an example, the primary and secondary
order of influence on the unconfined compressive strength at the curing age of 6 h is quick
lime > potassium hydroxide > bassanite > kingsilica. When the curing period is 3 days,
the primary and secondary order of influence on the unconfined compressive strength
is potassium hydroxide > bassanite > quick lime > kingsilica. When the curing period
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is 7 days, the primary and secondary order of influence on the unconfined compressive
strength is potassium hydroxide > kingsilica > quick lime > bassanite.

(a) 

(b) 

(c) 

Figure 6. Average unconfined compressive strength of different external admixtures at different
levels. (a) 10% Stabilizer Content. (b) 20% Stabilizer Content. (c) 30% Stabilizer content.
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At the early stage of treated clay, the main influencing factors of strength are ion
exchange of calcium oxide, pozzolanic reaction, and carbonation. It shows that the addition
of lime contributes most to the early strength of treated clay. However, with an increase in
curing age, there is not enough active aluminum oxide and silicon oxide in the soil to react
with lime. In the later stage of solidified soil, its strength is more affected by potassium
hydroxide, followed by gypsum and active silicon powder.

Stress–Strain Curve for Unconfined Compressive Strength Tests

The stress–strain curves of chemically treated marine clay samples were obtained
through uniaxial compression tests. In order to illustrate stress–strain behavior, testing
plan no. 7 was considered due to its superior performance among all other plans. The
stress–strain relationship curves of marine clay treated under test plan no. 7 under different
stabilizer dosages and curing ages were plotted to analyze the strength and deforma-
tion characteristics.

Loading failure of treated clay samples requires three deformation stages: elastic stage,
plastic yield stage, and softening stage. The elastic stage is the initial straight-line part of
the stress–strain curve, at which the linear relationship between stress and strain is the
main stage of stress growth. The compression deformation of the particles in the treated
clay is within the elastic range and there is no breakage. The plastic yield stage is the
non-linear growth stage of the stress-strain curve. When the strength exceeds the elastic
limit stress, the treated clay is gradually damaged, the slope of the stress-strain curve of
the solidified soft soil is gradually reduced, the particles inside the sample are broken,
and the voids between the soil particles are constantly compacted. At this stage, the effect
of soil compaction on the strength increase of the sample is greater than that of particle
destruction, and the plastic deformation of solidified soft soil cannot be recovered. Finally,
the non-linear downward section of the stress–strain curve is called the softening stage.
Cracks in treated clay specimens continue to develop and gradually penetrate, resulting in
the failure of the specimens.

As observed from Figure 7, at 10% content, the treated clays at three ages have
very low strength and basically show a soft clay state. With the increase in strain, the
stress is slowly and gradually elevated without obvious damage peaks, and the elastic
phase of the stress–strain curve is short and rapidly enters the plastic phase and the
final softening phase. The stress is always below 50 kPa and can hardly withstand
pressure. The results show that, at 10% content, the curing effect is not obvious and
is unlikely to meet the engineering requirements. It can be observed from Figure 7b
that the stress–strain curves for 20% content at the curing age of 3 d and 7 d have gone
through three stages. The yield strength reaches about 200 kPa to 250 kPa. However, the
elastic phase of the treated clays is still not evident in the specimens at the curing age of
6 h. The results show that the early strength of the stabilized soil is still low when the
content of the stabilizer is 20%, which is unlikely to meet the engineering requirements.
As observed from Figure 7c, when the stabilizer content is 30%, the treated clay samples
can reach a certain strength under the curing age of 6 h, 3 d, and 7 d. The stress–strain
curve also completely undergoes the elastic stage, plastic stage, and softening stage.
With an increase in curing age, the yield strength increases continuously, up to 830 kPa.
The results show that at this optimum mixing ratio, the stabilizer content should not be
less than 30% to achieve the full curing effect.

Mixed materials often show non-linear deformation, and the deformation coefficient
E50 is often used to indicate the ability of mixed materials to resist elastic-plastic deforma-
tion. The definition of the formula is shown in Equation (5):

E50 =
σ1/2

1/2ε f
(5)
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In the formula: σ1/2 indicates the strain to destruction in the stress–strain curve of the
unconfined compressive strength (%); and ε f indicates the stress corresponding to half of
the breaking strain in the stress–strain curve for the unconfined compressive strength.
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Figure 7. Stress–strain curves of cured soil at different ages with various stabilizer contents. (a) 10%
Stabilizer content. (b) 20% Stabilizer content. (c) 30% Stabilizer content.
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The deformation coefficients of each group of cured soils at different maintenance ages
and curing agent dosage conditions were calculated for comparison, as shown in Figure 8.
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Figure 8. Deformation coefficients of cured soils under different maintenance age conditions. (a) 10%
Stabilizer content. (b) 20% Stabilizer content. (c) 30% Stabilizer content.
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As can be seen from Figure 8, when the dosage of curing agent is less than or equal to
20%, the deformation coefficient increases with the increase in maintenance age, and the
larger the dosage, the more significant the deformation coefficient enhancement effect with
the increase in maintenance age, i.e., the stronger the deformation resistance. When the
dosage of curing agent is more than 20%, the deformation coefficient increases and then
decreases with the increase in maintenance age, and then there is a certain enhancement in
the late stage of maintenance, but lower than the deformation coefficient in the early stage,
which indicates that the increase in the dosage of curing agent weakens the deformation
resistance although the strength will be significantly increased.

3.2. Prediction of Unconfined Compressive Strength Based on the ANN Model
3.2.1. Performance Analysis of Selected Neural Network Model

All original data of the ANN model were fitted, and a group of models with MLP
7-8-1 having the highest fitting between the predicted and measured values was selected
for subsequent analysis. The model had 7 input layer nodes, 8 hidden layer nodes, and
only 1 output layer node. The performance analysis, optimization analysis, and sensitivity
analysis of the above models were used to simulate the unconfined compressive strength
of the chemically treated marine clay.

Detailed descriptions of the selected ANN models are summarized in Table 4. The
results of artificial neural network training are shown in Figure 8.

Table 4. Detailed description of selected ANN model for UCS tests.

Index Value

Net. name MLP 7-8-1
Training perf. 0.984256

Test perf. 0.993253
Validation perf. 0.996300
Training error 0.000947

Test error 0.001037
Validation error 0.012440

Algorithm BFGS 54
Error function SOS

Hidden activation Exponential
Output activation Tanh

The numbers in rows 2–4 and 5–7 in Table 4 are the fitted regression values and
errors of the model in the training, testing, and validation phases, respectively, and they
represent the correlation between the output value and the target expectation. When the
fitted regression value is closer to 1 and the error tends to 0, it means that the fitting effect
is better. As can be seen from the data in Table 4, the model MLP 7-8-1 has a good fit.

It can be observed from Figure 9 that the measured and predicted values are similar
to each other, with an R2 value of 0.992. It should be noted that only the normalized data
of each factor is given as input. The ANN model can predict the value of unconfined
compressive strength through the existing non-linear relationship. This method can help to
replace unnecessary laboratory testing, thereby saving time and expenditure for engineers.
It can also achieve the selection and optimization of stabilizers.

In order to verify the authenticity of the predicted results by fitting an artificial neural
network, the data which were not involved in model training were randomly selected from
the original data. Predicted values from the ANN model were compared with these data.
The comparison between the experimental measurements and the network predictions
is shown in Figure 10. It can be observed that the predicted value of the model and the
measured value of the sample data are very close to each other. An R2 value of 0.99
is observed.

13



J. Mar. Sci. Eng. 2024, 12, 465

0 200 400 600 800 1000
0

200

400

600

800

1000
 Date
 Fit
 Y=X

Pr
ed

ic
tiv

e 
va

lu
e 

(k
Pa

)

Measured value (kPa)

y= 1.031x−1.842
R2= 0.992

Figure 9. Comparison between measured values and network-predicted values of sample data.
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Figure 10. Comparison between measured values (random data not selected for training) and
network-predicted values of sample data.

3.2.2. Influence of Different Parameters on Unconfined Compressive Strength

The complex non-linear dependence of one parameter with respect to several parame-
ters can be well displayed in three-dimensional images. As can be seen from Figure 11a,c,e,
when the content of potassium hydroxide is about 0.2% and 1.6%, respectively, and the
content of gypsum hemihydrate is around 4–6% (Figure 11a); the content of potassium
hydroxide is about 0.2% and 1.6%, respectively, and the content of activated silica mi-
cronutrient powder is about 2.2% and 1.6%, respectively (Figure 11c); and the content of
potassium hydroxide is about 0.6% and 1.6%, respectively, and the lime content is about
0.5% and 3%, respectively (Figure 11e), these parameters together with each other promote
the strength of cured soil. With the appropriate amount of potassium hydroxide into
the cured soil to improve the pH value, the alkaline environment helps the volcanic ash
reaction, and the increase in the content of potassium ions promotes the adsorption and
exchange of calcium ions, so that the soil particles flocculate, promoting the dispersion of
small soil particles to become larger soil agglomerates, which strengthens the cured soil.
But when the content of potassium hydroxide is too much, to a certain extent “robbing” the
calcium ions, it reduces the generation of a hydration gel and calcium hydroxide is rapidly
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consumed without timely replenishment; thus, the strength of the cured soil is weakened
to a certain degree.

 
(a) (b) 

 
(c) (d) 

 
(e)  (f) 

Figure 11. Influence of different influencing factors on unconfined compressive strength. (a) In-
fluence of bassanite and potassium hydroxide on unconfined compressive strength. (b) Influence
of bassanite and quick lime on unconfined compressive strength. (c) Influence of kingsilica and
potassium hydroxide on unconfined compressive strength. (d) Influence of kingsilica and quick
lime on unconfined compressive strength. (e) Influence of potassium hydroxide and quick lime on
unconfined compressive strength. (f) Influence of stabilizer content and curing age on unconfined
compressive strength.
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As can be seen from Figure 11b,d, the interaction of quicklime with hemihydrate
gypsum and activated silica micropowder has a significant effect on the unconfined com-
pressive strength of silt-consolidated soil, which is due to the fact that after the calcium
oxide, a constituent of quicklime, is dissolved in water, the reaction generates a large
amount of Ca(OH)2 that promotes the fracture of the Al–O bond, the Si–O bond, etc., in
the hemihydrate gypsum and activated silica micropowder and further reacts to generate
the gel substance, i.e., calcium silicate and hydrated calcium aluminate. When the lime
content is low, the strength of the cured soil gradually increases with the increase in the
content of gypsum hemihydrate and activated silica fume, and then the lime is used as the
raw material for the reaction to continue to help the chemical reaction within the cured soil.
When the lime content is higher, the strength of cured soil appears to be reduced. Analyzing
the reason, too much calcium hydroxide produced by the hydration reaction tends to be
saturated, and after saturation, it precipitates in the form of crystals and constitutes a
loose structure, which weakens the enhancement of the strength of cured soil. When the
contents of activated silica micropowder and semi-anhydrous gypsum exceed a certain
range, the chemical reaction “place” within the cured soil is occupied due to the excessive
output of hydrated gel material, weakening the degree of reaction, and at the same time,
the generation of excessive calcium alumina destroys the internal structure, thus leading to
the phenomenon of decreasing the strength of the cured soil.

From Figure 11f, it can be seen that the interaction of stabilizer content and curing age
has a significant effect on the unconfined compressive strength of silt-cured soil, but the
effect of the stabilizer content on the unconfined compressive strength is more obvious.

3.3. Optimization of Chemical Treatment Technology for Improving the Strength of Marine Clay
3.3.1. Sensitivity Analysis

ANN was used for sensitivity analysis to analyze the relative significance of different
factors on the unconfined compressive strength [26–29]. The results of the sensitivity
analysis and optimization analysis of ANN are summarized in Table 5.

Table 5. Sensitivity analysis and optimization analysis of ANN.

Variable Sensitivity Analysis Optimization Analysis

UCS - 830 kPa
Aluminate cement content 4.032583 90.06%

Bassanite content 5.186851 3.49%
Kingsilica content 2.998604 2.00%

KOH content 5.807388 0.3%
Quick lime content 30.29768 1.08%

Curing age 2.136436 7 days
Stabilizer content 15.61476 30%

From the sensitivity analysis, it can be observed that the lime content has the greatest
influence on the unconfined compressive strength, followed by the stabilizer content. The
curing age has the least effect on the strength of treated clay. Due to the large amount
of water in sludge, the chemical reaction between lime and pore water in sludge results
in hydration as well as physical reactions (ion exchange reaction and calcium hydroxide
crystallization reaction). Lime continuously absorbs water to form Ca[OH]2·nH2O, which
forms crystals that combine and bond with soil particles. Calcium hydroxide reacts with
carbon dioxide in the air to produce calcium carbonate. Lime enhances the water stability
of the stabilized soil and significantly increases its strength. The change in lime content has
a great influence on UCS, which is consistent with the results of the range analysis of the
unconfined compressive strength tests. The sensitivity analysis of the ANN model very
well showed the influence of each component of the chemical stabilizer. According to the
analysis, the proportioning scheme of the stabilizer can be adjusted accordingly to improve
the curing effect.
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3.3.2. Optimization Analysis

ANN-based models can be optimized and analyzed to find the parameters that can
achieve the specific expected results, such as obtaining the maximum unconfined compres-
sive strength in extreme cases and analyzing the values of various influencing factors in
this case. The results of the optimal scheme are close to the results of the unconfined com-
pressive strength tests. The results are summarized in Table 5. The maximum convergence
diagram of the output results is shown in Figure 12.

Figure 12. Convergence of maximum output results of unconfined compressive strength tests.

When the number of iterations of the ANN model reaches about 150 times, the
unconfined compressive strength converges to the maximum value, which is 830 kPa.
When the unconfined compressive strength reaches the maximum value, aluminate cement
plays the most important role, with the specific gravity reaching 90.06%. The influence of
stabilizer dosage is second, with a specific gravity of up to 30%. It shows that the maximum
strength comes from aluminate cement, and the amount of stabilizer is also an important
factor to improve the strength of cured soil. On the premise of economy, the amount of
stabilizer at 30% tends to achieve the best curing effect. According to this optimization
analysis, the dosage and curing age of each component of the stabilizer can be conveniently
optimized and reasonably distributed according to the different effects of each factor.

The trend of influence of various factors on the unconfined compressive strength of
marine clay can be optimized and analyzed by using the selected ANN model. Figure 13
shows the response curve of the unconfined compressive strength to various influencing
factors. The model obtains the maximum unconfined compressive strength by optimiz-
ing and analyzing the complex non-linear relationship. At this time, the values of each
influencing factor are determined when the maximum UCS is reached and are shown in
the diagram.

As can be seen from Figure 13, when only the effect of bassanite is considered, the
unconfined compressive strength will first increase and then decrease with an increase in
bassanite content. When the content of bassanite reaches about 2%, there is a critical value
of UCS, which reaches a maximum of about 828 kPa. It shows that when other factors
are set as the current setting values, a small amount of bassanite can improve UCS, while
the excessive addition of bassanite will inhibit the curing effect of the stabilizer on beach
mud. This is because gypsum reacts with calcium aluminate hydrate in cement hydration
products to produce high sulfur-type calcium sulphate aluminate hydrate, i.e., alunite.
Aluminum alunite is characterized by volume expansion and can fill the pores of cured
soil, thus improving its strength. But excessive addition of gypsum decreases the strength
of the stabilized soil because alunite has no cementing effect and only a filling effect [30].
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Figure 13. Influence of various influencing factors on unconfined compressive strength. (a) Influence
of bassanite content on unconfined compressive strength. (b) Influence of kingsilica content on uncon-
fined compressive strength. (c) Influence of quick lime content on unconfined compressive strength.
(d) Influence of potassium hydroxide content on unconfined compressive strength. (e) Influence of
stabilizer content on unconfined compressive strength. (f) Influence of curing age on unconfined
compressive strength.

It can be observed from Figure 13b that the UCS of treated marine clay will increase
with increasing content of kingsilica. It shows that the unconfined compressive strength
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of the stabilized soil can be improved by adding kingsilica when other influencing factors
are determined. Kingsilica can react with CH in cement hydration products to form CSH
gel. This reduces the content of CH to a certain extent and improves the degree of cement
paste. CSH gel can also continuously fill the pores between cement particles, reduce the
water–cement ratio, and thus improve the strength of cured soil.

As observed from Figure 13c, in the current analysis of the optimization results,
UCS decreases with the increase in quick lime content when other influencing factors are
determined by optimization analysis. It shows that the curing effect of the stabilizer will be
counteracted by adding lime in this case. The main functions of lime addition in marine
clay are ion exchange, pozzolanic reaction, and carbonation. However, when the amount
of lime is large, there is not enough active aluminum oxide and silica in the clay to react
with lime chemically, which results in relatively fewer stable minerals in the treated marine
clay, thus reducing the strength of the chemically treated marine clay [30].

It can be seen from Figure 13d,e,f that the addition of potassium hydroxide will make
the UCS decrease first and then increase, and there is a minimum value for UCS. When the
content of potassium hydroxide increases to about 0.8%, the UCS decreases to the lowest
strength, 750 kPa. It will then increase with the addition of potassium hydroxide. The
dosage of stabilizer and curing age all promote UCS, and there is a positive correlation
between UCS, stabilizer dosage, and curing age. It is not difficult to find that the more
stabilizer is added, the harder the marine clay will be, and the longer the treated clay is
cured, the stronger it will be.

4. Conclusions

This study conducts comprehensive experiments and ANN-based modeling for ana-
lyzing the effects of stabilizer type, curing age, and content on the compressive strength of
marine clay of the Qingdao region of China. A series of unconfined compressive strength
tests, that were designed based on an orthogonal approach, was conducted first, followed
by the development of ANN-based modeling. Further, optimization and sensitivity analy-
ses were conducted to explore the influence of different parameters on the compressive
strength of treated marine clay. The following conclusions can be drawn based on the study:

1. Through the unconfined compressive strength test and range analysis, it can be found
that there is a complex non-linear relationship between the influencing factors and the
unconfined compressive strength under different stabilizer dosages and curing ages.
The increment of stabilizer content from 10% to 30% shows a substantial increment in
the unconfined compressive strength of the admixed soil after a 28 d curing period
when the aluminate cement content is 89.5%, in which the primary and secondary
order of influence on the unconfined compressive strength is potassium hydroxide >
kingsilica > quick lime > bassanite.

2. By analyzing the stress–strain behavior of soil samples, it is found that the strength
increases continuously with an increase in stabilizer content and the extension of
curing age, showing a trend of transition from plasticity to brittleness.

3. The forecasting model is established using an artificial neural network (ANN), which
verifies the validity and high performance of the model. It is proved that ANN-based
modeling can be used as a tool to analyze complex non-linear relationship problems
under multiple factors.

4. Sensitivity analysis results based on the ANN model show that the unconfined com-
pressive strength (UCS) is most sensitive to the change in quick lime content. The
influence of quick lime should be given priority in the formulation design of stabiliz-
ers. The results are in agreement with the range analysis. It further proves that the
artificial neural network has high performance and good forecasting ability.

5. The results of optimization analysis based on the ANN model show that the maximum
UCS can reach about 830 kPa. When the maximum UCS is reached, the model fits the
values of various factors, similar to the results of the unconfined compressive strength
tests, and the curing scheme can be optimized according to the results of the model.
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6. The influence of various influencing factors on the unconfined compressive strength
of solidified soil can be optimized using the ANN model, and the influence trend of a
single variable on UCS can be obtained. The results show that there is a critical value
for the influence of the amount of bassanite and potassium hydroxide, which can be
used for further optimize the design of stabilizer components.
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Abstract: In the past few years, offshore site investigations have extensively utilized full-flow pen-
etrometers like the Ball and T-bar penetrometers to assess penetration resistance and subsequently
analyze the strength characteristics of marine clay. The relationship between penetration rate and
the measured resistance to penetration and shear strength in clays has been extensively documented
through full-flow penetration tests. Although previous studies have shown empirical correlations
between undrained shear strength and penetration resistance, the resistance factor utilized in these
correlations is typically suggested for cohesive soils that are overconsolidated or normally consoli-
dated, rather than underconsolidated soils. The effects of penetration rate undrained penetration
resistances in underconsolidated marine clay are investigated in this study by considering the
outcomes of variable rate penetration testing and twitch penetration testing using full-flow penetrom-
eters in laboratory model tests. The discussion focuses on penetration resistances depending on the
normalized velocity of the full-flow penetrometers (Ball and T-bar).

Keywords: penetration rate; full-flow penetrometer; marine clay; underconsolidated

1. Introduction

Over the past few decades, the scarcity of urban land resources has become more
noticeable due to the growth and expansion of coastal cities in numerous nations [1]. Coastal
reclamation has become an effective way to solve the problem of land resource shortage [2].
At present, the cumulative area of coastal reclamation in China has exceeded 11,000 km2,
resulting in the continuous emergence of a mass of coastal new cities’ reclamation area.
Among the regions of reclamation in Zhejiang Province, China, most of them are by
hydraulic fill. The Wenzhou Oufei Project is the largest single reclamation project in China,
with a total area of 326.67 km2 [3]. The Wenzhou Oufei Project holds the distinction of
being China’s biggest reclamation project to date. The position of the view of the Wenzhou
Oufei Project reclamation area and the photo of the dredger fill in the field are shown in
Figure 1a,b, respectively. The coastal reclamation projects mainly rely on the reclamation
of nearshore clay sediment as the dredger fill material, and generally use the preloading
method for drainage and consolidation treatment [4,5]. Consequently, construction and
building on the new dredger fill is inevitable.

Nevertheless, due to the limited permeability of soft marine clay, the foundation
treatment only results in the formation of a solid soil layer on top, while the underlying layer
of soft marine clay remains incompletely consolidated, referred to as an underconsolidated
condition [1,6–13]. During the consolidation of a compressible foundation layer under
consolidation, residual excess pore water pressures are present, which result from previous
loads or self-weight. This means the primary consolidation of the compressible foundation
has not been completed, and the residual excess pore water pressures equal the reduction
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of the initial overburden pressures. As the average overconsolidation ratio (OCR) in the
underconsolidated case is less than unity, the preconsolidation effective stress, σ′

p (less
than the effective overburden pressure, σ′

0), becomes the new initial overburden pressure
in the middle, as shown in Figure 2 [9]. The dredger fill foundation is characterized by
high water content, high compressibility, and low strength [3]. A mass of civil engineering
projects, such as buildings, roads, bridges, ports, and docks projects, have been built or are
under construction on the underconsolidated soft soil foundation in the reclamation area.
How to accurately obtain the geotechnical design parameters of the underconsolidated
soft soil foundation in the reclamation area where these structures are located during the
engineering survey process has become a key issue in engineering design and construction.
Typically, the new manual fills sites, making sampling and laboratory evaluation difficult.
Geotechnical in situ tests have become an effective method for determining geotechnical
design parameters [14,15].

Figure 1. The Oufei project reclamation site, Longwan, in Wenzhou, China. (a) The position of the
view; (b) The photo of the dredger fill in the field.

Figure 2. Distribution of residual excess pore -water pressure and effective overburden pressure to
reflect underconsolidated compressible foundation material [9].
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Recently, the full-flow penetration testing technique has gained popularity as a novel
in situ testing method for onshore and offshore engineering projects. It is commonly
employed to measure undrained soft clay sediments, both onshore and offshore, using in-
struments like Ball and T-bar penetrometers [16]. In comparison to conventional piezocone
penetration testing, full-flow penetration testing offers several benefits. The penetrome-
ter compels the soil to flow around it, excluding the small drill string area, resulting in
equal pressure above and below the probe, which reduces the importance of overburden
correction. In soft sediments, the full-flow penetrometers have a larger projected area
compared to traditional CPTu, enabling them to test larger volumes of soil and provide
more precise measurement outcomes. A plastic solution and numerical model have been
created for the flow of soil around the penetrometer [17]. Furthermore, the ball overcomes
the susceptibility to the potential eccentric loading of the T-bar, increasingly becoming
prevalent owing to its inherent merits over the T-bar penetrometer. Full-flow penetration
testing is a more efficient method than vane shear test (VST) as it enables continuous
analysis of undrained strength instead of analyzing at discrete depths. Both T-bar and Ball
penetrometers possess equal projected areas. The projected areas of both the full-scale T-bar
and Ball penetrometers are equal (100 cm2). There is no conclusive comparison between the
T-bar and Ball penetrometers because both are still evolving, and there are limited test data
on the full-flow penetrometer. It is recommended that one of the full-flow penetrometers
(T-bar or Ball) is used for a site investigation based on the project requirements, the soil
conditions likely to be encountered, and the geotechnical problems to be addressed. Table 1
summarizes the relative merits of both T-bar and Ball penetrometers.

Table 1. Advantages and disadvantages of Ball and T-bar penetrometers.

Full-Flow Penetrometers (Full-Scale,
Projected Area of 100 cm2)

Ball T-Bar

Advantages

• particularly suited for offshore use
as the axisymmetry avoids load cell
bending

• the symmetrical geometry is suited
to downhole testing

• assesses consolidation
characteristics by adding pore water
pressure sensors

• viewed as a model pipeline element,
thus providing direct information
for pipeline and riser design

• reduces the effect of buoyancy and
sediment density on the surficial
penetration resistance and bearing
capacity factor

• standardized by NORSOK G-001,
Marine Soil Investigations (2004)

Disadvantages • presently not standardized
• more susceptible to bending

moments being induced in the
load cell

Prior research has indicated that the tip resistance acquired through CPTu in loosely
packed soil differs considerably from the composition of the normally consolidated clay
stratum. According to Tanaka et al. [18], the mid-depths of the clay stratum in an under-
consolidated clay exhibit the lowest levels of both penetration resistance and pore water
pressure, as observed through CPTu. In the case of normally consolidated clay, the tip resis-
tance and pore water pressure both exhibit a linear increase as depth increases. According
to Karakouzian et al. [19], the Nkt value obtained from VST data in underconsolidated clay
is greater than that of normally consolidated clays at a specific location when estimating
the in situ shear strength using CPTu values. On the contrary, according to the study
conducted by Lunne et al. [20], it was found that the Nkt value remains consistent for both
underconsolidated clay and normally consolidated clay.

The result of CPTu and laboratory tests have effectively showcased the correlation
between penetration rate and the recorded penetration resistance and undrained shear
strength in clay [20]. The penetration resistance of full-flow penetrometers is also influenced
by the rate of penetration. Nevertheless, prior research on the influence of penetration rate
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on penetration resistance in full-flow penetration testing has primarily concentrated on
normally consolidated and overconsolidated clay [21–23]. This article introduces data on
underconsolidated clay (new dredged fill) in laboratory modeling tests. The authors exam-
ined and deliberated on the outcomes of penetration tests conducted at different rates and
using both twitch penetration tests and full-flow penetrometers. The objective was to ex-
plore how the rate of penetration impacts the resistance encountered in underconsolidated
marine clay.

2. Model Box Testing System

The apparatus used for the test primarily included a model box, penetration equip-
ment, depth encoder, penetrometer, and adaptable support frame, as Figure 3 shows.

(a) 

(b) 

Figure 3. Schematic diagram testing apparatus. (a) Penetration actuator assembly; (b) Testing layout
(unit in mm).

2.1. Model Box and Penetration Equipment

The model box is made of stainless steel, and it has 200 cm of length and width,
150 cm of height, and 1.25 cm of thickness. Figure 4 displays the system designed for the
penetrometer to penetrate the soil at a predetermined velocity. This adjustable support
frame system consisted of two channeled metal frames 100 cm high, with a width of
250 cm, braced with crossbars. Two bushes were located in the middle of the crossbars
to facilitate the linear movement of the penetrometer. The penetrometer is driven by a
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TCH-1 electrical machinery drive (Nanjing Soil Instrument Factory Co., Ltd., Nanjing,
China). The movement of the penetrometer was recorded using a displacement sensor
that had a travel distance of 50 cm. To stop the penetrometer from penetrating beyond the
base of the clay bed, limit switches were positioned on the supporting frame, ensuring
a 10 cm gap. In this test, the penetration was conducted using equipment that allowed
for adjustable speed. The penetration rate range designed for the test was 0 to 50 mm/s,
which determined the five required penetration rates for the variable speed test: 2 mm/s,
5 mm/s, 10 mm/s, 20 mm/s, and 40 mm/s. The penetration equipment is capable of
causing different drainage conditions of penetrometers in the clay ranging from partial
drainage to undrained conditions by adjusting the rate of penetration. The encoder of
depth connects the penetrometer to the steel frame. A wireline potentiometer was used to
record measurements of the depth meter.

  
(a) (b) 

Figure 4. Testing equipment. (a) Penetration and data acquisition equipment; (b) Penetrometers
and rods.

2.2. Penetrometers and Rods

These tests utilized a piezocone, a Ball, and T-bar full-flow penetrometers. Piezocone
penetration tests were conducted by using a standard cone with a 60◦ tip angle and 35.7 mm
diameter. The cone is depicted in Figure 4b, which installed a high-density polypropylene
filter element, measuring u2, with a thickness of 1.5 mm, positioned behind the cone
shoulder that is 5 mm in height. In this study, the T-bar and Ball penetrometers with
the projected areas of 100 cm2 and the area ratios, AR, of 10:1 (AR = Ap/As) were used.
The T-bar penetrometer has a length of 250 mm and a diameter of 40 mm, while the Ball
has a diameter of 113 mm. To guarantee a coarse interface, the penetrometers’ surfaces
underwent a gentle sandblasting process. The load cell is positioned directly behind the
penetrometer, aligned with the rods, and was specifically engineered to account for flexing
and variations in temperature. Table 2 presents the detailed parameters of the cone and
full-flow penetrometers. A set of rods consists of 10 stainless steel short rods with a 180 mm
length, including a 30 mm thread length, which means the effective length after tightening
is 150 mm.
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Table 2. Summary of parameters for cone and full-flow penetrometers.

System Design Cone Ball T-Bar

Specification

Dimensions 35.7 mm
diameter

113 mm
diameter

250 mm × 40 mm
(L × D)

Area ratio 1:1 10:1 10:1

Pore water pressure
measurement

Located at a connection between full-flow
probe and push rods (conventional u2 filter measurement if

CPTu mandrel is used); CPTu pore fluid and saturation procedures apply

Load cell calibration
pore Calibrated following CPT specifications

Load cell design Calibrated for tension and compression following CPT specifications;
report load cell sensitivity to temperature shift

Maximum sampling
interval ≤5 mm (2 Hz sampling frequency @ 2 cm/s penetration rate)

2.3. Vane

The high-precision portable laboratory vane shear test apparatus (PS-VST-P, PENE-
SON, Guangzhou, China) was used to conduct tests on all VSTs. This apparatus, as depicted
in Figure 5, offered a vane with a shear strength resolution of 0.8125 kPa.

 

Figure 5. Portable laboratory vane. (a) Vane construction view; (b) Actual photo of the vane.

2.4. Sample Preparation

Tests were performed on clay samples obtained from the Oufei project site, Longwan,
in Wenzhou, China, and the reclamation site is shown in Figure 1b. The clay samples were
acquired through hydraulic filling after dredging of the sediment. Fill material for land
reclamation projects is generally dredged from the nearby seabed. Dredged soil can reach a
depth of five meters. Figure 6 plots the geological profile of soil in a typical reclamation site
of this project.

The X-ray diffraction (XRD) technique was served as the analytical method for deter-
mining the mineral composition of the clay in the dredged silt samples collected from the
Wenzhou Oufei Project. To ascertain the material composition of the blown silt with preci-
sion, XRD was employed to generate the mineral composition diffractograms (Figure 7).
These diffractograms were analyzed against the standard mineral diffraction patterns of
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XRD, revealing that halite predominates the mineral composition of the clay, succeeded
by illite, with lesser amounts of quartz, an illite–smectite mixed layer, and chlorite. The
analytical results, presented in Table 3, indicate a significant presence of clay minerals in
the blown silt, with halite comprising 32% of the clay minerals’ weight, illite 17%, quartz
16%, an illite–smectite mixed layer 11%, and chlorite 9%.

Figure 6. Geological profile of soil in the Wenzhou Oufei project site.

Figure 7. The XRD patterns of dredged silts from Wenzhou Oufei Project.

Table 3. Classification and statistics of mineral composition in dredged silts.

Halite Illite Chlorite Illite–Smectite Mixed Layer Quartz Feldspar Calcite Kaolinite

32% 17% 9% 11% 16% 5% 4% 6%
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Laboratory tests were conducted to determine the soil characteristics, as shown in
Table 4. The clay had a high-water content of 109.4%, with a liquid limit of 56%, a plastic
limit of 27%, and a specific gravity of 2.73. A Rowe cell oedometer test was conducted
to determine the consolidation properties of the soil. As the vertical effective stress level
(σv

′) rises from 12.5 kPa to 100 kPa, the coefficient of consolidation (cv) also rises, ranging
from 3.09 to 7.37 × 10−3 cm2/s. Other properties are provided in Table 4. At the time
of the test, it had been nearly two years since the soil sample was obtained, and the
soil sample had been naturally deposited in the model box, which has certain structural
characteristics. Self-weight consolidation of newly placed fill has not yet been completed.
The clay samples were ensured to be submerged completely under water during tests.
The presence of free water on the surface of clay samples had a profound impact on the
penetration resistance [24].

Table 4. Summary of dredged soil properties.

Water content (%) 109.4

Relative density of particle 2.73

Unit weight (kN/m3) 14.43

Liquid limit (%) 56

Plastic limit (%) 27

Plasticity index (%) 29

Coefficient of consolidation, cv (cm2/s) 3.09–7.37 × 10−3

Void ratio 2.37

Saturation (%) 99.6

3. Test Methodology

Newly placed fill was used to conduct penetration tests on the underconsolidated clay
specimens. To examine the impact of two significant factors, namely, shape (for determining
resistance factor N) and penetration rate on penetration resistance in underconsolidated
clay, each location underwent multiple penetrations using the three penetrometers (cone,
Ball, and T-bar). To investigate the impact of the tip shape, the researchers penetrated the
cone with a diameter of 35.7 mm, the Ball with a diameter of 113 m, and the T-bar with a
diameter of 40 mm and a length of 250 mm (D × L).To examine the impact of the penetration
rate, the penetrometers were penetrated at various speeds, namely, 2 mm/s, 20 mm/s, and
40 mm/s. Lastly, the twitch penetrations were performed with three differently shaped
penetrometers to examine the drainage conditions’ effect. Following the completion of all
penetration tests, vane shear tests were conducted at ten varying depths ranging from 10 cm
to 100 cm with increments of 10 cm. VSTs were conducted at two distinct positions within
the plane. The vane was spun at a rate of approximately 2.0◦ per second until the clay’s
strength was completely activated to determine the undrained shear strength of both intact
and remolded samples. Various penetration tests were conducted on the underconsolidated
clay samples in the model container specified in Table 5. The locations of the penetration
test are indicated in Figure 3b. To monitor the soil’s pore water pressure, electric miniature
piezometers were placed at depths of 20 cm, 40 cm, 60 cm, 80 cm, and 100 cm. At each
location of the laboratory model, piezometer data were collected simultaneously from the
pore water pressure acquisition instrument.
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Table 5. Summary of vane shear tests and penetrometer tests.

Test Method Test Type Test Sample Number Penetrometer Type Number of Tests

Vane shear test
Intact VST1

Vane 4
Remolded VST2

Penetrometer test

Variable rate monotonic
penetration testing

CPT1

Cone 3CPT2

CPT3

BPT1

Ball 3BPT2

BPT3

TPT1

T-bar 3TPT2

TPT3

Twist penetration test

TCPT1 Cone

3TBPT1 Ball

TTPT1 T-bar

3.1. Vane Shear Test (VST)

In order to ascertain the undrained strength characteristics, a total of four laboratory
vane shear experiments were conducted on samples of dredger fill in the model box. These
tests encompassed two undisturbed and remolded undrained shear tests, which were car-
ried out at four distinct positions within the plane. The VSTs were conducted at 10 depths
within every 100 mm. To ensure undrained conditions during the shearing process, the
rotation rate recommended in ASTM D2573 (2002) was used for all the VSTs [25,26]. The
VSTs were carried out inside the model box, where the available test space is more than five
times the diameter of the vane shear blade. It can be expected to avoid boundary effects
and ensure enough distance from the container’s edges and bottom, as well as between
each measurement [27]. To prevent the buildup of excessive pore water pressure, the vane
was carefully inserted into the soil sample at a rate of less than 1 mm per second [28].

3.2. Piezocone Penetration Test (CPTu)

1. Correction of measured cone tip resistance

The calculated value of cone tip resistance, qt, is determined using the following
relationship [20]:

qt = qc + u2(1 − a) (1)

where qc is the cone tip resistance, u2 is the pore water pressure measured behind the
shoulder of the cone, and a is the area ratio of the cone. The ratio of the cone area is
approximately equal to the ratio between the load cell or shaft’s cross-sectional area and
the cone’s projected area. The calculation of u2(1−a) determines the pore water pressure
that adds to cone resistance, taking into account the tip shape. According to the research
by Lunne et al. [20], the range is valued at approximately 0.55 to nearly 0.9. In the study,
a cone penetrometer with a net area ratio of 0.75 was adopted. The pore water pressure
behind the shoulder of the cone, u2, is determined by utilizing the measured pore water
pressure values on the cone, u1, according to the relationship:

u2 = K(u1 − u0) + u0 (2)

where u0 is the in situ pore water pressure at time 0 (before inserting the cone), u1 is the
pore water pressure measured on the piezocone, and K is the adjustment factor. Karak-
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ouzian et al. [19] indicated that the recommended values of the adjustment factor, K, for
underconsolidated clay in CPTu were dependent on the stress history of the soil deposit
and soil type. In this study, the adjustment value, K, of 0.75, was adopted to calculate u2.
For all these corrections, the in situ pore water pressure has been taken as hydrostatic with
a water table about 1 cm above the ground surface, and the average unit weight for the
soil was 14.43 kN/m3 below the water table. The net tip resistance of the piezocone is
calculated as below:

qnet,c = qt − σv0 = qt − γh (3)

where qt is the corrected tip resistance by the pore water pressure, σv0 is the total overburden
stress, γ is the unit weight, and h is the soil thickness.

2. Calculation of undrained shear strength from CPTu

In clays, an estimate of undrained shear strength, Su is calculated according to the
equation [29]:

Su =
qnet,c

Nkt
=

qt − σvo

Nkt
(4)

where qt is the corrected tip resistance by pore water pressure, σvo is the total overburden
stress, and Nkt is cone resistance factor. For practical use, errors in determining qt from the
measured tip resistance, qc, and in estimating σvo and Nkt lead to quite large inaccuracies,
particularly for soft clay [29].

3.3. Full-Flow Penetrometer Tests

1. Correction of measured penetration resistance

For the full-flow penetrometer, correction is required for the net penetration resistance
observed by the load cell due to the effects of measured pore water pressure and overbur-
den stress. The net resistance of the full-flow penetrometer, a relationship suggested by
Chung et al. [29], is as follows:

qnet = qm − [σv − u2(1 − α)]As

Ap
(5)

where qm is the measured penetration resistance, σv is the total vertical overburden stress,
u2 is the measured pore water pressure, and α is the load cell area ratio. As is the projected
areas of the push rod and Ap is the projected area of the penetrometer.

In practice, σv0 is often uncharted, and the measurement of u2 in real-time is chal-
lenging and rarely conducted during experiments. Chung et al. [29] made a few minor
alterations to the aforementioned equation, which did not lead to substantial changes
in the calculations and removed the need for precise measurement of u2 in the full-flow
penetrometer. As Nanda et al. [30] reported, there is no need to correct for pore water
pressure when using the improved full-flow penetrometer. Only the overburden correction
is necessary, resulting in the following modified equation:

qnet = qm − (σv0)
As

Ap
(6)

where qm is the measured penetration resistance, σv0 is the in situ total vertical over-
burden stress, As is the projected area of the push rod, and Ap is the projected area of
the penetrometer.

2. Evaluation of undrained shear strength by the full-flow penetrometer test

The estimation of undrained shear strength, su, can be obtained by dividing the net
penetration resistance, qnet, by the resistance factor, N [29]:

su =
qnet

N
=

qnet, T-bar

NT-bar
=

qnet, Ball

NBall
(7)
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where NT-bar and NBall are the resistance factors for the T-bar and Ball, respectively.

3. Influence of penetration rate

In general, the shear strength increases with increasing strain rate, which is dependent
on factors such as stress history and soil type. The consolidated undrained triaxial compres-
sion (CK0UC) experiments in resedimented Boston Blue Clay indicated an increased effect
at lower OCR values, which is pertinent to the soils examined [31]. The literature has previ-
ously reported studies on the strain-rate effect using full-flow penetrometers [21,24,32–38].
Strain-rate effects can be studied under two conditions based on the rate of penetration
of full-flow penetrometers: partial drainage and undrained conditions [39]. The dissipa-
tion of partial pore water at very slow penetration rates increases the soil strength and
penetration resistance as well as the subsequent consolidation of the soil. From a very
slow penetration rate, penetration resistance gradually decreases until fully undrained
conditions are reached. As the rate of penetration increases from fully undrained con-
ditions, the penetration resistance increases largely as a result of penetration rate effects.
Generally, when the value of the normalized speed parameter, V, is greater than 20 for the
full-flow penetrometers, fully undrained conditions will be predominant [40]. In terms of
the dimensionless speed parameter, V, it is possible to define it as follows:

V =
vd
cv

(8)

where v is the rate of the penetrometer, d is the diameter of the penetrometer, and cv is the
coefficient of consolidation.

For both normally consolidated and overconsolidated soft clays with intact strengths,
various relationships have been proposed: the hyperbolic sine equation [30,34], the semi-
logarithmic equation [21], and the power law. Based on the reference penetration rate, all
of these relationships are fitted with parameters. Most previous works assume a penetra-
tion rate of 2 cm/s for full-flow penetrometer testing. Table 6 summarizes the reported
relationships between rate and strength for normally consolidated and overconsolidated
soft clays.

Table 6. Reported relationships of the rate–strength for soft clays.

Relationship Type of Function Drainage Condition Consolidation State Reference

q
qre f

=
1+ λ

ln(10) ·sinh−1(v/d
.
γo)

1+ λ
ln(10) ·sinh−1(vre f /d

.
γo)

Hyperbolic sine function Undrained Normally consolidated Chung et al., 2006 [34]

qin
qin (re f )

= a + μ log
(

v/d
(v/d)re f

) Semi-logarithmic
function Undrained

Normally consolidated
and lightly

overconsolidated
Yafrate et al., 2007 [21]

q
σ′v

∣∣∣
undrained

= a
[

v/d
(v/d)ref

]m
Power law Undrained Normally consolidated

and overconsolidated Lehane et al., 2009 [33]

Note: q: penetration resistance at any rate; qref: reference penetration resistance; λ: rate parameter; v: penetration
rate;

.
γo : strain rate for which the viscous effects start to decay; vref: reference penetration rate;

.
γre f : reference

strain rate corresponding to qref; qin: intact penetration resistance; qin(ref): reference intact penetration resistance; a:
intercept factor; μ: rate factor; v: sensitivity; v/d: normalized penetrometer velocity; (v/d)ref: reference normalized
penetrometer velocity; q: penetration resistance; σ′

v: initial vertical effective stress; a: curve-fitting parameter; and
m: rate exponent.

These types of relationships are generally interpreted using hyperbolic sine, semiloga-
rithmic, and power functions. It is usually necessary to fit the testing results with nondi-
mensional parameters to interpret the results. In general, there are no clear guidelines for
determining which function to use, but it largely depends on the type of soil and penetrom-
eters used [30]. Schlue et al. [28] indicated that both a semilogarithmic and a power law can
be used to describe the relationship between peripheral velocity in the VSTs and measured
shear strength of dredged harbor mud, and the semi-logarithmic function produces a
slightly better curve. In this article, the soil sample was also obtained by hydraulic fill after
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dredging. Accordingly, the following semi-logarithmic equation was adopted to fit the
penetration resistance, qin, with the penetration rates:

qin
qin(re f )

= a + μ log

(
v/d

(v/d)re f

)
(9)

where a is the intercept factor, μ is the rate factor, v/d is the normalized penetrometer
velocity, and (v/d)ref is the reference normalized penetrometer velocity.

4. Results and Discussion

4.1. Vane Shear Test (VST)

The uniform underconsolidated marine clay in the model box has a rising undrained
shear strength of 4.9 kPa near the surface to 22.5 kPa at the bottom of the clay bed. The
sensitivity range is from 1.5 to 2.5. Table 7 provides the result of the undrained shear
strength (intact and remolded strength, su and sur) and sensitivity values of soil at ten
various depths, which is based on the average of the two vane shear tests.

Table 7. Undrained shear strength (intact and remolded strength, su and sur) over depth by the VST.

Depth (cm)
Undrained Shear Strength (kPa)

su sur st

0~10 4.9 3.2 1.53

10~20 12.6 5.1 2.47

20~30 9.2 4.8 1.92

30~40 13.5 5.5 2.45

40~50 11.3 6.9 1.64

50~60 16.4 7.4 2.22

60~70 17 8 2.13

70~80 19.3 10.1 1.91

80~90 20.1 10.2 1.97

90~100 22.5 12.1 1.86

4.2. Piezocone Penetration Test (CPTu) in Underconsolidated Clay

Test profiles of CPTu including cone tip resistance (qt), sleeve friction (f s), pore water
pressure (u2), and intact and remolded undrained shear strength (su and sur) from VST are
presented in Figure 8. Also shown in Figure 8c are the pore water pressure readings at five
different depths from the electric piezometers in the soil.

Figure 8c displays that the pore water pressure in the soil is higher than the corre-
sponding hydrostatic pressure. The calculation of hydrostatic pressure is equal to the unit
weight of pore water multiplied by the depth below the water table as the dashed straight
line in Figure 8c shows. This indicates that the remaining excess pore water pressure
resulting from the consolidation of dredger fill due to its self-weight has not completely
dissipated, indicating that the clay is still in an underconsolidated condition [19]. The
mineral analysis of XRD also indicates that the material composition of the dredged silt
is characterized by a high proportion of viscous mineral particles, adversely affecting the
self-settling behavior of the silt.

Figure 9 shows the measured cone tip resistance (qc), the corrected cone tip resistance
(qt), and net cone tip resistance (qn) profiles by piezocone penetration tests. The corrected
cone tip resistance (qt) is used in Equation (1) and the net cone tip resistance (qn) is calculated
by Equation (3). The test results of CPTu show that cone tip resistance (qt) is less than 10kPa
and sleeve friction (f s) is less than 5kPa. Accordingly, corrections need to be applied to
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the raw measured cone tip resistance. As may be seen in Figure 9, the correction of tip
resistance for the cone is significant. This is mainly because the measured tip resistance
is relatively small, and hence, increases the weight of the pore water pressure (u2) and
overburden stress. The errors in determining qt from the measured resistance, qc, lead to
quite large inaccuracies, particularly for soft clay of low strength. Obviously, the strength
of underconsolidated clay in the model box is too low to be measured accurately by
conventional piezocone. In addition, as seen in Figure 8d, intact and remolded undrained
shear strength of soil shows a consistent rise with depth. This trend was similar to self-
weight consolidation clays.

Figure 8. Piezocone penetration test (CPTu) profiles of underconsolidated clay in laboratory model
from Wenzhou Bay (Oufei project site). (a) Cone tip resistance profiles; (b) Sleeve friction profiles;
(c) Pore water pressure profiles (u2 measured by piezocone and um measured by electric piezometers);
(d) Vane shear test data.

q

q
q
q

u

Figure 9. Correction of cone tip resistance data (cone tip resistance, qc, corrected cone tip resistance,
qt, and net tip resistance, qnet).
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4.3. Full-Flow Penetrometer Tests in Underconsolidated Clay

As may be seen in Figure 10, the profiles of penetration resistances for the full-flow
penetrometers (T-bar and Ball) were corrected by Equation (5), as the penetrometers have a
significantly larger projected area than the shaft, rendering the correction insignificant [29].
Both the T-bar and Ball penetrometers exhibit comparable resistance profiles, with the
T-bar indicating lesser penetration resistance compared to the Ball. Low et al. [41] and
DeJong et al. [42] also observed similar results in field tests. The penetration resistance
of the Ball exhibits roughly 20% greater penetration resistance compared to the T-bar at
the bottom of the clay bed as Figure 10 shows. It is necessary to mention that two sharp
drops exhibited in the Ball resistance profile are not seen in the T-bar resistance profile.
This occurred due to their immediate suspension, which is an unintentional incident that
happened during continuous penetration tests.

q
q
q
q

q

Figure 10. Correction of Ball and T-bar net penetration resistance profile.

1. Determination of resistance factors N of full-flow penetrometers in underconsolidated
clay using strength data of VST

To determine the values of penetration factors N for underconsolidated clay from Wen-
zhou Bay, China, the VSTs were conducted 1 m around the penetration point. The resistance
factor N for a specific site can be approximated by determining the slope of undrained
shear strength, su (reference strength from VST data) versus net penetration resistance, qnet,
as Figure 11 shows. This estimation is based on the fact that the reference strengths increase
uniformly with depth. The averages calculated for the resistance factor NBall and NT-bar
of the spot, as determined by the VST data, are 10.9 and 12.0, correspondingly; both are
within the recommended value range of normally consolidated clay.

DeJong et al. [42] reported that four highly characterized soft sediment sites (from
No. 1 to 4) were all overconsolidated soil with overconsolidation ratio, OCR, from 1.5 to
2.7 [42]. The mean resistance factors (N) with different OCR from four sites for each profile
based on reference strength from VST are shown in Figure 12 and Table 8. The resistance
factors Nkt for the CPTu range from 8.1 to 15.0. The resistance factors NBall for Ball range
from 5.8 to 15.9. The resistance factors NT-bar for T-bar range from 5.7 to 14.9. The No. 5
site is a reclamation site using dredged material. Consolidation of the dredged marine clay
at Craney Island has been occurring since 1955. For underconsolidated marine clays, the
Nkt value of 15 is adopted to estimate in situ undrained shear strength using the results
of CPTu and VST [19,43]. Therefore, it is critically important to ascertain the suitable Nkt
value for a specific site if CPT values will be used to evaluate the undrained shear strength
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in the field. The most desirable approach involves directly calibrating the N using the
empirical relationship between reference strength from laboratory or VST data and net tip
resistance from CPT data of specific sites [19,43]. When using VST data as the reference
strength, the recommended values of the penetration factors N for full-flow penetrometer
in underconsolidated clay are average values of range in overconsolidated clay reported by
the previous in situ full-flow testing data.

q

s

Figure 11. Relationship between net penetration resistance, qin, and undrained shear strength, su, for
underconsolidated clay at Wenzhou.

N

O
C
R

Figure 12. Range of measured resistance factors (N) with overconsolidation ratio (OCR) for cone, Ball,
and T-bar [19,21,42].
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Table 8. Values of resistance factor N for normally consolidated and underconsolidated clay [19,21,42].

Test Sites, Country
Property

Depth (m) OCR Nk, VST NT-bar, VST NBall, VST

No. site 1: Burswood, Australia
8.8 1.7 13.7 13.3 13.6

13.7 1.7 13.4 14.9 15.9

No. site 2: Onsoy, Norway
5.4 1.9 14.9 10.0 11.4

15.2 1.3 14.8 11.4 12.5

No. site 3: Louiseville, Canada
7.8 2.7 12.7 7.4 8.7

11.6 2 15.0 7.8 8.3

No. site 4: Gloucester, Canada
4.4 1.8 11.8 5.7 6.0

8.3 1.5 8.1 6.0 5.8

No. site 5: Craney Island, USA 10–30 <1 15 - -

No. site 6: Wenzhou, China 0.4 <1 - 12.0 10.9

(This study) 0.8 <1 - 12.0 10.9
Note: VST is vane shear test.

2. Variable rate monotonic penetration testing

For both the Ball and T-bar penetrometer, the penetration resistance profiles at three
different velocities of 2 mm/s, 20 mm/s, and 40 mm/s are drawn in Figure 13. The test
result shows that the qm at the rates of 20 mm/s and 40 mm/s was significantly greater
than that at 2 mm/s. The profile of the penetration resistance remains relatively unchanged
and is similar at both shallow and deep embedment in the monotonic penetration test,
despite the change in penetration rate from 20 mm/s to 40 mm/s, which is under an order
of magnitude.

 
(a) (b) 

q q

Figure 13. Penetration resistance profiles of different constant velocities for the full-flow penetrome-
ters. (a) Ball; (b) T-bar.

This study extends the field research of Yafrate et al. [21] by examining the rate
dependence with the full-flow penetrometers (Ball and T-bar) in underconsolidated soil,
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considering the effect of the consolidation condition. Table 9 shows that the testing results
presented by Yafrate et al. [21] and DeJong et al. [42] were four high-quality in situ test data
with different overconsolidation ratios, OCR, and sensitivities, st. The author compared
and analyzed the field data of four sites with the monotonic penetration test result at
three different penetration rates. As Figure 14 shows, the penetration resistance in the
underconsolidated clay increases with the increase in the penetration rate at rates from
2 mm/s to 40 mm/s. The relationship between the penetration resistance and the velocity
is presented as Figure 14 shows. The plots demonstrate a consistent pattern of higher
penetration resistance as the penetration velocity increases for the underconsolidated
clay, resembling the findings for the normally and overconsolidated clay presented by
Yafrate et al. [21] except for one test site in Louiseville, Norway. That site is likely an
accidental event.

 
(a) 

(b) 

v

q

v

q

Figure 14. Penetration resistance (qin) versus penetration velocity (v). (a) Ball; (b) T-bar.

In order to combine the Ball and T-bar penetrometer testing data, the penetration
velocity, v, was normalized by dividing it by the diameter of the penetrometer, d, which
was 40 mm and 113 mm, respectively. Comparing the resistance values at different depths
is possible by normalizing the intact penetration resistance qin with a reference standard
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penetration resistance qin(ref) at a velocity of 20 mm/s. Figure 15 illustrates a consistent
pattern of higher penetration resistance as the velocity increases.

Table 9. Summary of normally consolidated and overconsolidated clay test site data (Adapted from
Yafrate et al. [21] and DeJong et al. [42]).

Penetrometer
Site,

Country
Depth (m) su, VST (kPa) St OCR

T-bar

Burswood, 9.0 21 3 1.7
Australia 14.0 28 4 1.7

Gloucester, 4.5 20 67 1.8
Canada 8.5 34 85 1.5

Louiseville, 8.0 40 18 2.7
Canada 12.0 50 22 2.0
Onsoy, 5.5 13 7 1.9

Norway 15.5 27 6 1.3

Ball

Burswood, 9.0 21 3 1.7
Australia 14.0 28 4 1.7

Onsoy, 5.5 13 7 1.9
Norway 15.5 27 6 1.3

(a) 

(b) 

v d

q
q

q
/q

v d

Figure 15. Normalized penetration resistance (qin/qin(ref )) versus normalized penetration velocity
(v/d). (a) Ball; (b) T-bar.
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Yafrate et al. [21] presented the values of the velocity parameters μ for Ball and T-bar
as 0.14 and 0.12, respectively (Table 10), which is based on Equation (9). The testing results
of the full-flow penetrometers in underconsolidated clay are subsequently compared to the
stress conditions at the site and the characteristics of the soft clay to deduce the following
semi-logarithmic relationships for interpretation over the underconsolidated, normally
consolidated, and overconsolidated clay:

qin,Ball

qin (re f ),Ball
= 0.989 + 0.113 log

(
v/d

(v/d)re f

)
(10)

qin,T-bar

qin (re f ),T-bar
= 0.999 + 0.117 log

(
v/d

(v/d)re f

)
(11)

where qin,Ball is the intact penetration resistance of Ball, qin(ref),Ball is the reference intact
penetration resistance of Ball, v/d is the normalized penetrometer velocity, (v/d)ref is
reference normalized penetrometer velocity, qin,T-bar is the intact penetration resistance of
T-bar, and qin(ref),T-bar is the reference intact penetration resistance of T-bar.

Table 10. Reported rate effect parameters for Equation 9 (Adapted from Yafrate et al. [21]).

Parameter

Normally Consolidated and
Overconsolidated Clay

Underconsolidated Clay
(This Study)

Ball T-Bar Ball T-Bar

μ 0.14 0.12 0.113 0.117

a 0.98 1.02 0.989 0.999

The rate factors for penetration resistance shown in Figure 16 are slightly lower than
the rate factor presented by Yafrate et al. [21] for both Ball and T-bar penetrometer variable
penetration rate testing for the field data. The difference could be that they reported the
rate parameter for a rate of different consolidation conditions, whereas a rate factor of 0.113
and 0.117, respectively, seems to be more appropriate for the underconsolidated clay from
the Gulf of Wenzhou with weak structure behavior.

Meanwhile, the rate factors for the intact penetration resistance of Ball, qin,Ball, are
lower than those for the intact penetration resistance of T-bar, qin,T-bar, which is consistent
with the results presented by Low et al. [44]. A lower rate parameter implies Wenzhou Bay
clay is slightly less rate-dependent than both normally consolidated and overconsolidated
clay, which has implications for the penetration of the full-flow penetrometer in newly
dredger fill.

3. Twitch penetration testing

Twitch penetration testing for the full-flow penetrometers, namely, the penetration
rate is gradient-varying during penetration with the order of magnitude changes, which
improved the efficiency of investigating the rate effect on penetration resistance [34]. The
accelerated twitch penetration testing methodology was applied in this paper, where the
velocity of penetration is gradually increased throughout a single penetration test. The
penetrometers were driven into the underconsolidated clay at a velocity that varied from
2 mm/s, 5 mm/s, 10 mm/s, 20 mm/s to 40 mm/s. The results of the twitch penetration
tests for the differently shaped penetrometers (cone, Ball, and T-bar) are as Figure 17 shows.

Figure 17a shows the testing profiles of tip resistance (qt), sleeve friction (f s), and
pore water pressure (u2), from the twitch penetration tests of the piezocone. Figure 15(a3)
shows the total pore water pressure measurement during the twitch penetration test. Pore
water pressure measurements at the cone’s shoulder have recorded the development of
pore water pressure during twitch penetration. When penetrating at a velocity of 2 mm/s,
the excess pore water pressure escalates uniformly as the depth increases. Following the
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elevation of the penetration velocity to 20 mm/s, the pore water pressure persists in its
ascent, albeit at a diminished pace. After a further increase in the penetration velocity to
40 mm/s, the measured pore water pressure u2 remains relatively stable, indicating that
the dissipation rate of pore water pressure is equivalent to the generation rate [23].

(a) 

v d v d

q
q

(b) 

a

q
q

v d v d

Figure 16. Relationship normalized penetration resistance versus normalized penetration velocity.
(a) Ball; (b) T-bar.

The net tip resistance for the piezocone in twitch penetration testing has been corrected
by Equation (3), as Figure 17b shows. As the velocity is increased during penetration, there
was a transformation from the partially drained condition to the undrained condition,
implying that the given normalized penetration rate range experienced critical normalized
velocity (transition point), which leads to a decrease firstly and an increase subsequently of
penetration resistance [45].

According to Figure 17c, the penetration resistance of the T-bar penetrometer is slightly
lower at 15% than that of the Ball penetrometer. The causes can be ascribed to the geometry
and flow behavior of the penetrometers, and the fact that consolidation under conditions
of axial symmetry happens at a faster rate compared to plane strain [46].

Figure 17d compares the penetration resistance of the T-bar penetrometer measured in
twitch penetration testing with the penetration resistance measured in constant penetration
rate testing performed at a velocity of 2 mm/s. It may be seen that the T-bar twitch pene-
tration testing initially exhibits a similar trend of penetration resistance to the monotonic
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penetration testing at a velocity of 2 mm/s up to a velocity of 20 mm/s from where the
twitch penetration testing begins to exhibit resistance, raising more greatly with depth than
the monotonic penetration testing. In the final step, with the rate of 40 mm/s, the twitch
test shows approximately 25% greater resistance than the constant test.

(a) 

 
(b) 

q f u

q

q

Figure 17. Cont.
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(c) 

 
(d) 

q
q
q

q

q

Figure 17. Twitch penetration tests: (a) Profiles of twitch tests for piezocone; (b) Tip resistance profiles
for piezocone; (c) Penetration resistance profiles of for cone, Ball, and T-bar; (d) Comparison between
twitch test and constant rate penetration test (20 mm/s) for T-bar.
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5. Conclusions

This paper has presented the results of the variable rate monotonic penetration testing
and twitch penetration testing conducted in the laboratory model box for differently shaped
penetrometers (cone, Ball, and T-bar). The effects of penetration rate on the penetration
resistance in underconsolidated clay have been discussed, considering the effect of the
consolidation condition of clay:

1. The strength of underconsolidated clay is too low to be measured accurately by
conventional piezocone. The Ball penetrometer produces slightly greater penetration
resistance (10–20%) than that of the T-bar penetrometer in the underconsolidated clay,
and the correction for the Ball and T-bar both are far less significant than that for the
cone, which is similar to that in normally consolidated clay.

2. Using VST data as the reference strength, the values of the penetration resistance
factors, N, for full-flow penetrometer in underconsolidated clay, are recommended as
values of 10.9, and 12.0, respectively, for Ball and T-bar penetrometer, which both are
within the recommended value range of normally consolidated clay;

3. Under undrained conditions, like in normally consolidated and overconsolidated clay,
there was a general trend of increasing penetration resistance with increasing penetra-
tion rate in underconsolidated clay. Considering the influence of the consolidation
state of the soil, one modified semi-logarithmic equation relating the penetration rate
to the resistance penetration is applied, and the rate factor, μ, for Ball and T-bar pen-
etrometer with this test condition is 0.113 and 0.117, respectively, with the relatively
minor influence of rate-dependency behavior;

4. The rate effect on penetration resistance for full-flow penetrometer in underconsoli-
dated clay is lower than that in overconsolidated clay, which has implications for the
penetration of the full-flow penetrometer in newly dredger fill. Therefore, caution
should be exercised when extrapolating the penetration resistance of the full-flow
penetrometer in underconsolidated clays for direct application in design.

In this paper, we have solely evaluated the rate effect on the penetration resistance
of the full-flow penetration test in underconsolidated clay. However, the impact of the
rate effect on penetration resistance of the full-flow penetrometers in underconsolidated
clays with different degrees of consolidation is unclear. Moreover, due to limitations in
speed control of the penetration equipment, the full-flow penetration test in this study
was primarily conducted under undrained conditions. In future work, we will carry out
the parameter sensitivity analysis of the penetration resistance rate effect in underconsol-
idated soils with varying degrees of consolidation. We will also involve extending the
magnitudes of penetration rates and further study the characteristics of the rate effect
on penetration resistance under both drained and partially drained conditions with the
full-flow penetration test.
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Abstract: Helical anchors have been extensively employed as foundation systems for carrying tension
loads due to their installation efficiency and large uplift capacity. However, the installation influences
of helical anchors are still not well understood, especially for multi-helical anchors. The matrix
discrete element method was used to model the process of helical anchor penetration and pull-out
in dense sand to investigate the effects of the anchor geometry and advancement ratio (AR, the
relative vertical movement per rotation) on soil disturbance, the particle flow mechanism, and the
uplift capacity. For shallow helical anchors, the overall disturbance zone is the shape of an inverted
cone after installation, while for deep helical anchors, it is funnel-shaped. The advancement ratio
has significant effects on the soil particle movement and uplift capacity of helical anchors. The soil
particle flow mechanism around helical plates has been identified for single-helix anchors at various
advancement ratios, and for double-helix anchors, the influence of the top plate on particle movement
during installation was investigated. The uplift capacities of both single- and double-helix anchors
increase with the decrease in the AR (AR = 0.5~1), and the influence decreases with the anchor
embedment ratio. The efficiency of double-helix anchors induced by installation is close to 1 at
pitch-matched installation (AR = 1), indicating that the impact of the top plate during installation is
minimal in this case.

Keywords: DEM; helical anchor; installation effect; particle movement; uplift capacity

1. Introduction

A helical anchor, consisting of one or more helical plates welded to a steel shaft, is a deep
foundation system used to support or resist any load or application. It has been extensively
employed in many engineering systems, such as offshore platforms, pipelines, transmission
towers, slopes and embankments, due to its rapid installation and immediate service, relatively
large load-bearing capacity, and no associated environmental damage [1–4]. It is a form of
displacement pile or anchor, screwed into the ground by applying a torque at the top of the
anchor together with a crowd force [5–7]. There exists a coupling effect of compression and
shear on the surrounding soil during the installation process. The installation effects cannot
be ignored in practical engineering.

In recent years, research on the installation effect and required load of helical anchors
has been increasing, including studies on the disturbed zone, density change, soil parame-
ters after disturbance [8–10], lateral earth pressure and uplift or compressive performance
after disturbance [11–14], installation requirements, particle motion during screwing and
the torque correlation factor [15–18]. Some studies have investigated the impact of the
installation advancement ratio (AR) on the load-bearing performance of single-helix an-
chors, where the AR is defined as the ratio of vertical displacement per one rotation Δz to
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helix pitch ph [16,19,20]. Cerfontine et al. [16,20] found that a lower vertical displacement
per rotation can significantly reduce the necessary crowd force during installation or even
generate some pull-in, and the uplift stiffness and capacity of the pile were enhanced by
this installation process, but the torque remained relatively unchanged. In addition, the
pile capacity in tension generally increases as the AR is reduced and reaches a maximum
for AR = 0.5, while the compressive capacity reduces.

Extensive experiments [8,13,21–30], numerical analyses [12,31–37], and theoretical
analyses [38–40] have been conducted on the load-bearing performance of helix anchors.
Tsuha et al. [28] performed centrifuge uplift loading tests on 12 different types of piles
installed in two sands with different densities to examine the effect of the number of
helices on the performance of helical anchors in sand. This investigation indicated that in
double- and triple-helix anchors, the contributions of the second and third plate to the total
anchor uplift capacity decreased with the increase in the sand relative density and plate
diameter because the upper soil layers were penetrated more times. Lutenegger et al. [13]
conducted field load tests on the compression and tension of helical anchors and measured
the degree of installation disturbance using the ratio of uplift and compression-bearing
capacity. Wang et al. [29] conducted a series of model tests in dense saturated sand and
found the installation speed and helix diameter have a significant influence on the uplift
capacity of the helical piles. Nagai et al. [30] studied the effect of the installation method
on the performance of helix piles through calibration chamber tests and found that the
load–displacement relationship strongly depended on the installation method, but that the
second-limit uplift resistance was almost unaffected. Cerfontine et al. [41] used the finite
element method to predict the full tensile load–displacement response of shallow helix
anchors installed in sand for practical use, incorporating the effects of a pitch-matched
installation, and found the compression (crowd) load applied during the anchor installation
phase modified the stress field around the anchor, which in turn affected the anchor uplift
stiffness. The DEM has also been used to investigate the installation effects of helical
anchors [31–33]. Cerfontine et al. [31] found that when a single-helix pile is installed
at AR < 1, the soil particles below the helical plate show an upward movement trend.
Sharif et al. [32,33] investigated the effects of the base geometry, shaft diameter, and helix
pitch of single-helix anchors by simulating the full installation process prior to conducting
axial compression and tension tests and proposed the possible optimization of the geometry
of the screw pile to reduce installation requirements.

Among these methods, the DEM can visually observe the movement of particles
during installation and its impact on bearing capacity. The discrete element method (DEM)
is based on molecular dynamics and was first developed in the fields of physics and fluid
dynamics. In this method, the granular assemblies are made up of a series of soft particles,
which obey Newton’s equations of motion. The behavior of granular material can be simu-
lated by investigating the movement of the discrete assemblies [41–44]. However, existing
research on pile installation effects based on the DEM has focused on complex screw piles
(augers) [18] and single-helical piles at a certain depth [31–33]. The installation effects of
multi-helix anchors and single-helix anchors at different embedment depths on particle
displacement and uplift capacity are still unclear.

Therefore, this investigation used the discrete element method (MatDEM software
version 3.4) to simulate the installation and pull-out process of single- and double-helix
anchors to analyze the installation disturbance caused by different advancement ratios and
the influence on the subsequent uplift performance. Firstly, the discrete element method
and procedures, and the particle contact parameter calibration and simulation scheme
are described (Section 2). Then, the disturbance zones, the soil particle motion, around
single- and double-helix anchors during anchor installation were analyzed and the particle
flow mechanism at different advancement ratios were discerned (Section 3). Finally, the
effects of installation on the uplift capacity were investigated by comparing the results of
wish-in-place and installed single-helix anchors, and the results of anchors with different
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advancement ratios are presented. Moreover, the efficiency of double-helix anchors at
different advancement ratios is compared (Section 4).

2. Method and Models

2.1. Introduction to MatDEM and Contact Model

The discrete element method (DEM) starts with analyzing the inter-block contact of
discrete elements to identify their constitutive relationship, establishing a physical and
mechanical model of the contact, and simulating discontinuous and discrete elements
according to Newton’s second law. This study employed the MatDEM software, developed
by Nanjing University. It runs in the Matlab environment, with data stored in matrix form
in objects. All operations are converted into pure matrix operations, which can be analyzed
in real time. It supports mixed CPU and GPU computing, and can switch between the
two in real time during program operation, greatly improving the computational speed of
particle simulation [45].

In the most basic linear elastic model, it is assumed that particles interact with each
other and generate forces through springs. The normal force Fn and normal deformation Xn
between particles can be simulated through the normal spring between particles, as shown
in Figure 1a. The particles are initially connected to each other and interact with each
other through tension (positive tension) or compression. When the relative displacement
between the two particles exceeds the fracture displacement Xb, springs are broken, the
tension disappears and only compression exists.

(a) (b) 

Figure 1. Particle contact: (a) normal spring contact, (b) tangential spring contact.

Similarly, the simulation of the shear force and shear deformation between particles
through tangential springs is shown in Figure 1b. When two particle surfaces contact with
each other and slide in the shear direction, the tangential force generated is opposite to
the relative movement direction. This tangential force can be considered the action of
tangential springs between particles. The interaction force between particles is determined
by Equations (1)–(4) [41].

Fn =

{
KnXn, Xn < Xb (Complete connection)
0, (Connection broken)

(1)

Fs = KsXs (2)

For a complete connection of particles, the maximum tangential force allowed by the
Coulomb criterion is

Fsmax = Fs0 − μpFn (Complete connection) (3)

Fsmax = −μpFn (Connection broken) (4)

In the formulas, Fn is the normal force; Kn is the normal stiffness; Xn is the normal
relative displacement; Xb is the fracture displacement; Fs is the tangential force; Ks is the
tangential stiffness; Xs is the tangential relative displacement; Fs0 is the inter-granular shear
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resistance; μp is the inter-particle friction coefficient. Fsmax is the maximum shear force; Fs0
is the shear resistance between particles.

When the tangential force exceeds the maximum allowable tangential force, the tan-
gential connection between the two particles is broken, the shear resistance (Fs0) is zero,
and only sliding friction force (−μpFn) exists [41].

In the case of equal particle size, the microscopic mechanical parameters Kn, Ks, Xb, Fs0,
μp between particles can be calculated through five macroscopic mechanical parameters,
including Young’s modulus E, Poisson’s ratio v, compressive strength Cu, tensile strength
Tu, and internal friction coefficient μi, as well as particle diameter d. Equations (5)–(9)
represent analytical solutions between macroscopic and microscopic mechanical parameters
under the same particle size.

Xb =
(3Kn + Ks)Tud2

6
√

2Kn(Kn + Ks)
(5)

Kn =

√
2

4(1 − 2υ)
Ed (6)

Ks =

√
2(1 − 5υ)

4(1 + υ)(1 − 2υ)
Ed (7)

Fs0 =

(
1 − 2μp

)
6

Cud2 (8)

μp =
−2

√
2 +

√
2I

2 + 2I
, I =

[(
1 + μ2

i

)1/2
+ μi

]2
(9)

2.2. Model Establishment Steps and Model Parameter Calibration

To calibrate the micro-mechanical parameters in the DEM numerical calculation model,
a model test of a single-helix anchor in reference [30] (test numbers De-A, Lo-A) was first
simulated, where the anchor was installed continuously in homogeneous dense sand and
then pulled out. The size of the calibration chamber is 1 m × 1 m × 1.2 m, in which a
uniformly distributed load of 100 kPa was applied on the soil surface. The single-helix
anchor rod diameter d0 and plate diameter dw are 48.6 mm and 97.2 mm, respectively, and
the embedment ratio H/dw equals 5.

The installation and pull-out process of a helical anchor in MatDEM can be achieved
in four steps by establishing four sub-files for analysis: (1) Establish an initial accumulation
model, namely the soil model; (2) establish an anchor model and assemble it with the
soil, then assign material parameters; (3) set the installation load for iterative calculation
of helical anchor installation. The installation is controlled by vertical displacement and
angular displacement, both of which satisfy the relationship of penetrating into the soil at
one pitch after one rotation (1ph/r), that is, the advancement ratio AR = 1; (4) set up the
uplift displacement for iterative calculation of helical anchor pull-out.

When establishing the initial soil layer, to reduce the run time of the simulation, a
particle distribution scaling value of 56 was used in the whole sand layer, which was
selected based on the minimum recommended ratio of the diameter of the pile core to the
median particle size d50 of 2.69 [46]. Then, the median particle size d50 was set as 18 mm,
1/2.7 times the rod diameter d0 of 48.6 mm. The dispersion coefficient was 0.25, and the
ratio of maximum to minimum particle size (d100/d0) is (1 + 0.25)2. And to ensure the soil
particles passing through the helix pitch opening do so smoothly, helix pitch ph was set as
50 mm. In order to balance the boundary effect and calculation time, the sand layer width
is set to 10 times the helix diameter (dw). The computational domain size (10 dw) can cause
negligible effects because the sand displacement at the boundary during the installation
and pulling out of the anchor is less than 1 mm (0.056 d50), which is close to the results
(13 times pile diameter) for pile installation [32]. The length of the simulated sand layer
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is set to 1.2 m, that is, anchor embedment depth H plus 7 dw, which is large enough to
avoid boundary effects. It is judged from this simulation of the calibration model that the
distance of 1 dw from anchor bottom to bottom boundary will not produce boundary effects.
Therefore, in subsequent simulation models in Section 3 and 4, the length of the sand layer
is set to 1.33 m (more than embedment depth plus 1 dw). The number of soil particles
in calculation domain is 150,000~160,000. Pressure plates above the soil was installed to
achieve gravity accumulation. Due to the setting of an overburden pressure of 100 kPa
above the soil in the calibration chamber, an overburden pressure of 100 kPa was also set
in the validation model simulation, but it was not set in the subsequent analysis of the
influence of the installation advancement ratio. The helical anchor size was set according
to the actual size of the model test. The simulation model is shown in Figure 2.

Figure 2. Soil and anchor model diagram.

When simulating the installation, the displacement loading conditions for the anchor
are set as follows: vertical displacement is the embedment depth H, and angular displace-
ment is 2πH/ph. After installation, apply an upward displacement of 0.01 m (10% dw) to the
top of the anchor to pull the anchor. In order to control the calculation time, 50 incremental
steps were set during the installation and pulling out phases, with each incremental step
corresponding to 20 sub-incremental steps, totally including 2000 iterative calculations
with 400,000 iterations.

2.3. Particle Contact Parameter Calibration

The macro-parameters input in MatDEM need to be determined first based on the
original parameter values, multiplying the “rate” matrix that was trained by the “material
training” module. The default rate matrix for five macro-mechanical parameters E, v, Tu,
Cu, μi, and ρ is [2.7, 0.8, 6.0, 6.5, 1, 1.19]. And then, the micro-mechanical parameters
were determined in terms of macro-mechanical parameters, as the analytical Formula
(5)~(9). The original macro-parameters μi and ρ originate from the literature [30], and other
parameters are determined by several attempts based on empirical parameters of sand.
The final particle contact parameters were calibrated by comparing the results obtained
from the pull-out model test with the numerical simulation results of variable parameters.

The numerical results used to determine the particle contact parameters were plotted
against model test results, as shown in Figure 3, in which u is upward displacement, dw is
helix diameter, δ is the ratio of displacement to helix diameter, qp represents the average
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pressure on the entire cross-section of the anchor plate. And the calculated torque value
in terms of the torque–uplift capacity relationship formula [7] was compared to the value
obtained in the test, as shown in Figure 4.

  
(a) (b) 

Figure 3. Comparisons of numerical and test results: (a) uplift resistance–displacement relationship,
(b) installation torque.

   
(a) (b) (c) (d) 

Figure 4. Displacement nephogram of single-helix anchor with H/dw = 12 during installation
(surcharge p = 100 kPa) (a) L = 3 dw (b) L = 6 dw (c) L = 9 dw (d) L = 12 dw (unit: m).

As the upward displacement increases, the anchor plate pressure increases, and it
does not reach a stable stage within the displacement loading. The curve exhibits three
stages of straight, curved, and straight characteristics. The initial slope of the straight line
segment in the numerical result is significantly higher than the experimental result, but the
final straight line stage of the two curves basically coincides and the starting displacement
point of the straight line is similar. This study takes the uplift capacity corresponding to
10% dw displacement as the ultimate uplift capacity [47]. Then, the ultimate uplift capacity
only differs by 4.2%, and the torque at a position of 5 dw differs by only 7.2%. Overall, the
ultimate capacity and trend of the load–displacement curve obtained from the numerical
simulation are in good agreement with the model test results, and these input parameters
are used as subsequent calculation parameters, as shown in Table 1.

Table 1. Calibration values of macroscopic and microscopic mechanical parameters.

Macro-Parameters Micro-Parameters

Dense Sand Anchor Dense Sand Anchor

Modulus, (E/GPa) 0.162 5.4 Normal stiffness Kn/(MN/m) 3.0322 112.31
Poisson’s ratio, v 0.16 0.24 Shear stiffness Ks (MN/m) 0.5228 19.363
Tensile strength (Tu/kPa) 0.06 1.2 × 104 Breaking displacement Xb (m) 2.04 × 10−9 1.363 × 10−5

Compression strength (Cu/kPa) 1.3 1.3 × 104 Friction coefficient, μp 0.2828 0
Internal friction coefficient, μi 0.75 0.3 Shear resistance Tf (N) 0.0421 866.67
Density ρ/(kg·m−3) 2011 9341
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2.4. Simulation Scheme

Based on the calibration of micro-mechanical parameters, the numerical simulations
varying the anchor geometry and installing advancement ratio were conducted to investi-
gate the installation disturbance and its effects on uplift capacity. The simulation program
is listed in Table 2. The first group is used to examine the effects of the embedment ratio
and advancement ratio on installation effects for single-helix anchors, including the com-
parisons of pre-embedment (wish-in-place) and installation at AR = 1. The second group
is used to examine the effects of helix number and their relative spacing for double-helix
anchors. The helix pitch and shaft diameter d0 are 50 mm and 0.5 dw.

Table 2. Modeling program.

Group Influence Factor Installation Mode
Helix Diameter,

dw(mm)
Embedment Ratio,

H/dw

Relative Spacing
S/dw

Surcharge Pressure
(kPa)

Single-helix anchor Embedment depth,
installation mode

Wish-in-place
AR = 1 100 6, 8, 9, 10, 12 - 100

AR = 0.5, 0.8, 1 100 3, 6, 9, 12 - -

Double-helix
anchor

Helix number,
relative spacing AR = 0.5, 0.8, 1 100 3, 6, 9, 12 3, 4.5 -

AR = Δz/ph, Δz—the vertical displacement per rotation, ph—the geometric pitch of helical plate.

3. Particle Motion Induced by Installation

3.1. Single-Helix Anchor Installed at AR = 1 (Surcharge p = 100 kPa)

An arbitrary face through vertical axis z can be cut to examine the particle motion
characteristics due to the axial symmetry of the geometry and the installation. The Y-axis
middle section was selected to exhibit the displacement nephogram of the soil particles
during the drilling process, as shown as Figure 4.

Figure 4 shows the results of a single-helix anchor with H/dw =12 (ground surcharge
p = 100 kPa) during installation at AR = 1. It can be seen that the displacement of particles
around the anchor is significantly greater than that of the outer surrounding particles, and
the particles near the ground surface around the shaft are uplifted. The white dashed line
is the contour with a particle displacement of half a particle’s radius (approximate 5 mm).
It is shown that at the drilling depth L, which is shallow and less than 6 dw, the particles
within the zone of 1.4 dw around the plate move. The disturbed zone from the helical plate
to the ground surface presents as an inverted cone shape. The radius of the disturbed zone
on the ground surface is about 5.6 times the radius of the helical plate.

As the anchor drilling proceeds, the overlying pressure on the anchor plate increases,
and the lateral movement of particles around the anchor plate is gradually limited. The par-
ticle movement area below 6 dw ground level does not expand; the radial compression
around the plate is more obvious. The range of soil particle movement around the anchor
gradually transforms from an approximately inverted cone (L = 3~6 dw) to a funnel shape
(white line) (L = 9~12 dw), approaching a shape that is a combination of an inverted cone
and a cylinder. The diameter of the cylinder below remains, basically, non-varied, at 1.5 dw,
and the influence radius on the ground surface slowly increases with the drilling depth.
For the single-helix anchor, the overall disturbance zone is funnel-shaped after installation.

The horizontal displacement of the soil particles ux were extracted at the axial radius
r ≈ dw/2 along the ground surface to the bottom of the soil layer at different drilling depths,
and the scatter points are plotted in Figure 5, with solid lines representing the envelopes
of ux. As the drilling depth increases, the particle motion becomes more intense and the
maximum horizontal displacement value gradually increases. However, when the drilling
depth L = 9 dw and 12 dw, the maximum horizontal displacement is basically the same,
with a value of about the radius of the helical plate, and occurs about 2 dw above the plate.
From the maximum displacement position to the depth of the anchor plate, the horizontal
displacement gradually decreases until its value approaches zero; the soil particles mainly
move vertically within this range.
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Figure 5. Horizontal displacement of particles at the vertical line of r ≈ dw/2 at various penetration depths.

The upper portion of the envelopes at different drilling depths are basically overlapped,
which indicates that the displacement of the upper soil particles has inheritance and is no
longer affected by the lower helix continuous penetration.

3.2. Single-Helix Anchors Installed at Different Advancement Ratios (ARs)

Figure 6 shows the comparisons of the particle displacement during the installation
for AR = 0.5 and 1. The particle displacements are greater in the case of the smaller
advancement ratio. When the anchor drills into the soil for less than 6 dw, the influence
zone caused by the installation are basically the same. When the anchor drills greater than
9 dw, the difference in the particle motion zone for the different AR is obvious; the influence
zone increases as the AR decreases.

 
(a) (b) 

 
(c) (d) 

Figure 6. Displacement nephogram during installation for different AR: (a) L = 3 dw, (b) L = 6 dw,
(c) L = 9 dw, (d) L = 12 dw (unit: m).

In order to observe the particle displacement more clearly, the vertical and horizontal
particle displacements after the installation of the anchor with an embedment ratio of 12
at different ARs are shown in Figure 7. The white dashed boxes is the periphery of helix
diameter and the red boxes represent the area of significant particle movement.
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(a) (b) 

Figure 7. Comparison of particle displacement after installation for single-helix anchor with H/dw = 12
at AR = 0.5 and 1.0. (a) Vertical displacement, (b) lateral displacement (unit: m).

It can be observed from the displacement nephogram for AR = 1 that the particles
around the anchor shaft are primarily displaced downwards and laterally and soil particles
outside the diameter of the anchor plate display an upward displacement to different
extents. The downwards flow-around mechanism may cause the sand around the shaft and
above the plate to loosen, which is the reason for the decrease in the uplift capacity [18,26].

It can be seen from the nephogram of AR = 0.5 that the particles around the anchor
shaft are primarily displaced upwards and laterally. Within the white dashed area, the
cylindrical zone of the plate diameter, the particle lateral displacements for AR = 0.5 are
larger than those for AR = 1. But the range value of the particle lateral displacements in the
outer zone, represented by the red dashed area, are basically the same. The radial motion
of particles within the cylindrical zone along the helical plate will not change the sand
density. This indicates that the installation with AR = 0.5 (over-flighted) makes particles
denser than the installation with AR = 1.0 (pitch-matched).

3.3. Double-Helix Anchors Installed at Different Advancement Ratios

Figure 8 shows the soil particle displacement nephogram of the double-helix anchors
with different relative helix spacing at AR = 0.5. Blue and red circles roughly indicate
the particle motion zones above the top helix and between the two helices in Figure 8a.
And the boxes in Figure 8b roughly represent the area where particles exhibit lateral
motion. For the double-helix anchors, the soil above the upper helical plate is disturbed
more obviously than for the single-helix anchor because it has been penetrated twice.
The particles above the upper helical plate move upwards and laterally more intensely
during drilling. The obvious heave of the ground surface occurs. The displacement of soil
particles between the two plates also changes significantly compared to that of a single-helix
anchor, although the soil between the plates is only penetrated once, which indicates that
the installation of the top plate will affect the movement of soil particles between the plates.

When the relative helix spacing is from 4.5 to 3, the vertical displacement nephograms
show the red color of the particles between the two plates gradually decreases compared
with the color of the single-helix anchor at the same depth, which indicates the amount
of particles below the top plate rolling to the above of the top plate probably decreases.
Compared to the single-helix anchor, the lateral displacement of the soil particles on the
top helix increases significantly, which probably decreases the friction resistance around
the shaft.

To further explore the impact of the top helix on the movement of soil particles between
two helical plates, the particle displacement with an absolute vertical displacement and lateral
displacement greater than 9 mm (0.5 d50) are extracted and plotted in Figures 9 and 10, with
dashed lines representing envelope lines. Black, red and blue dashed lines corresponds to the
cases of single-helix, double-helix with S/dw = 3 and double-helix with S/dw = 4.5 respectively.

55



J. Mar. Sci. Eng. 2024, 12, 422

(a) 

 
(b) 

Figure 8. Soil particle displacement nephogram of double-helix anchors with different relative helix
spacing at AR = 0.5. (a) Vertical displacement, (b) lateral displacement (unit: m).
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Figure 9. Comparisons of particle lateral displacement of double-helix anchor with single-helix
anchor at AR = 0.5. (a) S/dw = 3, (b) S/dw = 4.5.
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Figure 10. Comparisons of particle vertical displacement of double-helix anchor with single-helix
anchor at AR = 0.5. (a) Double-helix anchor with S/dw =3. (b) Double-helix anchor with S/dw =4.5.
(c) Single-helix anchor.

The lateral displacement of soil particles between the two helical plates is significantly
reduced by the constraint of the two plates, especially for the anchor with a relative spacing
of 3. There is a significant mutation in the lateral displacement of soil particles above and
below the top helix for S/dw = 3.

In the case of AR = 0.5, vertical displacements of soil particles along the depth of
the single-helix and double-helix anchors are basically upwards. The vertical displace-
ment of the particles above the top plate are greater than that of the single-helix anchor.
Combined with the lateral displacement rule mentioned before, this will make the sand
above the top plate looser than that of the single-helix anchor. The vertical displacement of
the soil particles between the two plates is less than that of the singe-helix anchor, which
indicates that the top plate also has a limitation for the upwards movement of particles.
And the limitation of the top plate is greater in the case of smaller helix spacing. Then, the
soil particles between the two plates for a relative spacing of 3 is probably denser than
those for a relative spacing of 4.5.

Figure 11 shows the particle displacement nephograms of double-helix anchors at
AR = 1. The downward movement of soil particles in the columnar area (white dashed line)
of the double-helix anchor is more severe than that of the single-helix anchor. This phe-
nomenon above the top plate is because the upper soil zone is penetrated twice. And this
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phenomenon between the two plates is due to the effects of the downwards flow-around
mechanism. The bottom plate is a lead plate, and the downward flow of particles above the
bottom plate might cause the soil to become loose, which can make the particles above the
top plate flow downwards easier. At the periphery of the white dashed columnar area with
a depth of less than 6 times the helix diameter (red ellipse), there is a significant upward
displacement of soil particles. And the lateral displacement of the double-helix anchor in
the peripheral area is more pronounced than that of a single-helix anchor.

(a) 

(b) 

Figure 11. Soil particle displacement nephogram of double-helix anchors with different relative helix
spacing at AR = 1. (a) Vertical displacement, (b) lateral displacement.

Similarly, particle displacement with absolute vertical displacement and lateral dis-
placement greater than 0.5d50 were extracted and are plotted in Figures 12 and 13. The red
and blue dashed lines in Figure 12 indicate envelope lines of lateral displacement between
two helices of double-helix anchors with S/dw = 3.0 and 4.5 respectively, and black one is
the envelope line of single-helix anchor corresponding to the same position. Same as with
the case of AR = 0.5, the lateral displacement of the soil particles between the plates is sig-
nificantly reduced by the constraint of the two plates compared to that for the single-helix
anchor, but the difference in the lateral displacements for the different relative spacing is
not obvious. Unlike AR = 0.5, there is no obvious difference in the lateral displacement
of the soil particles above the top plate for the case of the double-helix and single-helix
anchors when AR = 1. This might not result in an obvious change in the shaft friction.
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Figure 12. Soil particle lateral displacement of double-helix anchors with different relative helix
spacing at AR = 1. (a) S/dw = 3, (b) S/dw = 4.5.
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Figure 13. Soil particle vertical displacement diagram of double-helix anchors with different relative
helix spacing at AR = 1. (a) Double-helix anchor with S/dw = 3. (b) Double-helix anchor with
S/dw = 4.5. (c) Single-helix anchor.

It can be seen from Figure 13 that there is a difference in the vertical displacement of the
soil particles between the two plates compared to a single-helix anchor at the same depth,
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although the change in the particle displacement between the plates is not as significant as
in the case of AR = 0.5. Combined with the lateral and vertical displacement of particles
between the two plates, it can be inferred that the soil between the two plates may become
loose or dense. And more soil particles are encouraged to move downwards around the
top plate compared to the case of a single-helix anchor.

In order to summarize the particle motion mechanisms during the installation of
the single-helix and double-helix anchors, a schematic diagram of the particle motion for
different ARs is plotted in Figure 14.

(a) (b) 

Figure 14. Schematic diagram of particle motion for different ARs. (a) Single-helix anchor.
(b) Double-helix anchor.

For the single-helix anchor, when AR = 0.5, the particles above the plate move up-
wards, which is known as the upward flow-around mechanism, and when AR = 1, the
particles above the plate move downwards, which is known as the downward flow-around
mechanism. For the double-helix anchor, the lateral displacements of the particles between
the two plates are smaller than those for the single-helix anchor regardless of the AR value.
When the AR = 0.5, the upward motions of the particles below the top plate are limited and
the upward displacement is smaller than that of the single-helix anchor, while when the
AR = 1, the downward motion of the particles above the top plate is accelerated slightly
and the downwards displacement is slightly greater than that of the single-helix anchor.
Therefore, it is concluded that the density change in the sand between the two plates will
be also affected by the top plate although the sand in this area is only penetrated once by
the bottom plate. And the effects are greater with the decrease in the relative helix spacing.
As a result, it will affect the uplift capacities.

4. Effects of Installation on Uplift Capacity

4.1. Single-Helix Anchors Pre-Embedded and Installed at AR = 1 (Surcharge p = 100 kPa)

Figure 15 shows the load–displacement curves of the single-helix anchor for instal-
lation at AR = 1 and wish-in-place conditions with a surcharge p of 100 kPa. The trends
of these curves are similar, and the slope of the initial straight section of the wish-in-place
curve is slightly higher than that of the installation curve, which indicates that the soil
has been disturbed and has become loose at AR = 1. As the uplift displacement increases,
the difference in the uplift resistance between the two placement methods becomes more
obvious. Taking a displacement of 10% dw as a control criterion of the ultimate uplift
capacity, the ultimate uplift capacity for the torsional installation, Qu,1.0, is 12~18% lower
than the value for the pre-embedded condition Qup.
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Figure 15. Q-u/dw curves for single-helix anchors with various embedment ratios under different
installation methods (surcharge p = 100 kPa).

To better compare the ultimate uplift capacities of the two placement methods, Qup,
Qu,1.0, and Qu,1.0/Qup are plotted in Figure 16. When embedment ratio is no more than 10, the
uplift capacity loss caused by installation disturbance gradually increases as the embedment
ratio increases. However, when embedment ratio is more than 10, the impact of installation
disturbance on the uplift capacity becomes less with the embedment depth. This may be
related to the failure mode. For small and medium-sized helical anchors in dense sand, when
H/dw > 10, it may be in the deep mode. The failure area for a deep anchor does not increase
with the increase in the embedment depth, so the reduction in the uplift capacity caused by
installation slows down with the increase in the embedment depth.
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Figure 16. Comparisons of Qu between the wish-in-place and installation with various embedment
ratios (surcharge p = 100 kPa).

4.2. Single-Helix Anchors Installed at Different Advancement Ratios

Figure 17 shows the relationships of the uplift resistance and displacement for various
ARs and embedment ratios. To analyze the impact of the installation advancement ratio on
the uplift capacity at different embedment ratios, the uplift capacity for post-installation at
AR = 0.5 and 0.8 were compared with the uplift capacity at AR = 1, as shown in Figure 18.
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The advancement ratio has significant effects on the uplift capacity of helical anchors.
The uplift resistance of helix anchors increases with the decrease in the AR, which is closely
related to the soil particle motion caused by installation. As mentioned before, the soil
particles below the plate move upwards, and the lateral displacements of the soil in severely
disturbed areas around anchors decrease when anchors are installed at a low AR, which
makes the soil around the anchor more compact than that at a high AR. And when the AR
reaches 1, the pitch-matched installation will make the sand above the plate loose.

As shown in Figure 18, the overall trend is that for the cases of over-flight installations
(AR < 1), the increment in the uplift capacity compared with the cases of pitch-matched
installations (AR = 1) decreases as the embedment ratio increases. This change is related to the
pressure acted on the moving particle during the installation process. As the embedment ratio
increases, the confinement pressure around the helical plate increases, and the downward or
upward movement mechanisms of the particles are restricted, resulting in a decrease in the
change in the uplift capacity caused by installation at various advancement ratios.
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The comparisons between the results of this study and other results were made,
as shown in Figure 19. The solid symbols are the results of the centrifuge tests from
Cerfontaine et al. [16], the hollow symbols are the results of the DEM from Sharif et al. [32],
the star and multiplication symbols are the results of this study. Figure 19 includes the
centrifuge test ID 1~11 of a flat-base pile P1 (prototype embedment depth H ≈ 8 m, shaft
and helix diameter ratio Ds/Dh = 0.52) in dense sand and medium dense sand and the
ID 12~17 of an asymmetric-base pile P2 (Ds/Dh = 0.52, H = 8.65 m), P5 (Ds/Dh = 0.66,
H = 9.05 m), P4 (Ds/Dh = 0.38, H = 8.45 m) in dense sand. All the piles have the same
prototype helix diameter Dh of 1.06 m and a helix pitch ph of 0.35 m.
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Figure 19. Comparisons of the effects of AR on uplift capacity [16,32].

It can be seen that all of these studies present the same trend of the impact of the AR
on the uplift capacity. The uplift capacity increases with the decrease in the AR, and at
AR = 0.8, the calculation results of this study are similar to the results of loose sand in
Sharif et al. [26], while the remaining results are higher than the other research results.
This may be due to the smaller diameter of the helical plate in this numerical model, where
the constraint pressure around the plate is small, and the upward flow-around mechanism
for the particles is formed easily, which makes the soil above the plate become denser.

4.3. Double-Helix Anchors Installed at Different Advancement Ratio

The uplift capacities of the double-helix anchors were plotted in Figure 20. Meanwhile,
the efficiency of the uplift capacity of the double-helix anchor was defined as Formula (10)
to reflect the interaction of the two plates [3,21]. For wish-in-place anchors, the efficiency
is only affected by helix spacing [21]. In comparison with pre-embedded conditions, the
efficiency varies with both the helix spacing and installation disturbance.

η = Qu/∑ Qui (10)

where η is the ratio of the uplift capacity of the double-helix anchor to the sum of the uplift
capacities of each single-helix anchor.
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In order to analyze the impact of the advancement ratio on the uplift capacity and
efficiency of double-helix anchors, the uplift capacities of double-helix anchors with different
spacing and efficiency of double-helix anchors with a relative spacing of 3 were plotted in
Figure 21. It can be seen from Figure 21 that the uplift capacities of the double-helix anchors
also increase with the decrease in the AR. When the AR = 1.0 and 0.8, the uplift capacity of the
double-helix anchors with a relative spacing of 4.5 is higher than that of the anchor with a
relative spacing of 3, while the relationship is opposite for the case of AR = 0.5. This change
is related to particle movements induced by installation. When AR = 0.5, the top plate has
restrictions both on the vertical upward and lateral displacement of the soil between the
plates during installation. The smaller spacing between the plates will produce more obvious
restrictions, and thus make the soil between the plates denser. Therefore, at AR = 0.5, the
double-helical anchor with a small spacing has a higher uplift capacity.
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Figure 21. The uplift capacities and efficiency of double-helix anchors for different ARs.
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Figure 22 shows the displacement nephogram at the uplift failure of a double-helix
anchor with a relative spacing of 4.5. The yellow dotted lines indicate the particle motion
zone at uplift failure. It can be seen that the height of the particle motion area above the
bottom plate does not exceed 3 dw at failure regardless of AR = 1 or 0.5, which indicates for
installation situations, a relative spacing of 3 can ensure the two plates do not interact each
other during the pulling process. Then, the efficiency change is only caused by the installation.
It can be seen from the relationship of the AR and efficiency (in Figure 21) that although the
uplift capacity of the double-helix anchor increases for the cases of AR <1.0 compared to that
of AR = 1, the efficiency coefficient is close to 1 only for the case of AR = 1, indicating that the
impact of the top plate during installation is minimal when AR = 1. This is consistent with the
particle movement rule during installation. The twice disturbance of the top plate in the case
of AR = 1 are not obvious, but are significant for AR = 0.5.

  
(a) (b) 

Figure 22. Displacement nephogram of double-helix anchor with S/dw = 4.5, (a) AR = 0.5, (b) AR = 1.

5. Conclusions

This study investigated the effects of the helical anchor geometry and installation ad-
vancement ratio on the soil disturbance zone, particle movement mechanism, and the uplift
capacity by simulating the installation and pull-out process of single- and double-helix
anchors in dense sand based on matrix discrete element software. The main investigations
and conclusions are as follows:

(1) When the helical anchor is drilled into a shallow depth, the particle motion zone is
the shape of an inverted cone, and when drilled into a deep depth (L > 9 dw), the
overall disturbed zone is funnel-shaped. For the double-helix anchor, the soil above
the upper helical plate is disturbed more obviously than with the single-helix anchor
because it has been penetrated twice.

(2) When a single-helix anchor is installed at an AR of less than 1, the particles around
the plate are encouraged to move upwards, and the back flow-around mechanism
occurs. And when installed at AR = 1, the flow-around mechanism occurs.

(3) For a double-helix anchor, the lateral displacements of the particles between the two
plates are smaller than those for a single-helix anchor regardless of the AR value. When
AR = 0.5, the upward motions of the particles below the top plate are limited and the
upward displacement is smaller than that of a single-helix anchor, while when AR = 1,
the downward motion of the particles above the top plate is accelerated slightly and the
downward displacement is slightly greater than that of a single-helix anchor.
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(4) The pitch-matched installation (AR = 1) of a single-helix anchor will make the uplift
capacity decrease compared with the cases of wish-in-place conditions (undisturbed
conditions). As the embedment ratio increases, the uplift capacity loss caused by
installation disturbance (AR = 1) gradually increases. However, when the embedment
depth can make deep failure mode occur, the impact rate of the installation disturbance
on the uplift capacity becomes slow with the increase of embedment depth.

(5) The uplift capacities of both single-helix and double-helix anchors increase with the
decrease in the AR (AR = 0.5~1). The efficiency induced by installation is close to 1 for
the case of AR = 1, indicating that the impact of the top plate during installation is
minimal when AR = 1.

The investigation of the observed disturbance zone and the comparison of the uplift
capacity under pitch-matched installation and wish-in-place conditions can provide a
beneficial reference for analyzing the considered installation effects. The influence of the
installation advancement ratio (AR) on the uplift capacity of double-helical anchors is the
same as that of single-helix anchors. But it is also affected by helix spacing and diameter.
Further experimental evidence is still required to demonstrate the impact of installation
on the uplift capacity of multi-helical anchors with various embedment ratios and anchor
geometries in sands with different levels of compactness.
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Abstract: The structural stability of pipe pile foundations under seismic loading stands as a critical
concern, demanding an accurate assessment of the maximum settlement. Traditionally, this task has
been addressed through complex numerical modeling, accounting for the complicated interaction
between soil and pile structures. Although significant progress has been made in machine learning,
there remains a critical demand for data-driven models that can predict these parameters without
depending on numerical simulations. This study aims to bridge the disparity between conventional
analytical approaches and modern data-driven methodologies, with the objective of improving the
precision and efficiency of settlement predictions. The results carry substantial implications for the
marine engineering field, providing valuable perspectives to optimize the design and performance of
pipe pile foundations in marine environments. This approach notably reduces the dependence on
numerical simulations, enhancing the efficiency and accuracy of the prediction process. Thus, this
study integrates Random Forest (RF) models to estimate the maximum pile settlement under seismic
loading conditions, significantly supporting the reliability of the previously proposed methodology.
The models presented in this research are established using seven key input variables, including the
corrected SPT test blow count (N1)60, pile length (L), soil Young’s modulus (E), soil relative density
(Dr), friction angle (φ), soil unit weight (γ), and peak ground acceleration (PGA). The findings of
this study confirm the high precision and generalizability of the developed data-driven RF approach
for seismic settlement prediction compared to traditional simulation methods, establishing it as an
efficient and viable alternative.

Keywords: pipe piles; settlement; data-driven prediction; random forest; seismic loads

1. Introduction

The phenomenon of seismic-induced pile settlement is a significant concern in struc-
tural engineering and foundation design due to its potential impact on the stability and
performance of buildings and infrastructure during and after seismic events [1]. Pile foun-
dations are extensively employed in various infrastructure projects, such as ports, offshore
bridges, and offshore wind power generation [2]. Among these, pipe piles have gained
considerable interest due to their handling, simplification, and quality at low costs. In the
extreme marine environment, a foundation not only faces the operational load transmit-
ted by the structure but also the cyclic loading induced by waves and wind. Assessing
the stability and deformation of the foundation under such cyclic loading is crucial, and
employing the appropriate methods for this evaluation holds significant importance [3].
When subjected to seismic forces, the ground undergoes dynamic movements, which can
result in the settlement of the piles [4]. This settlement, in turn, affects the stability of
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the entire structure, leading to structural damage or failure. Consequently, the study of
seismic-induced pile settlement is essential for ensuring the seismic resilience of structures.
After a moderate-to-severe earthquake in liquefiable zones, it has been noted that piled
foundations often experience both tilting and settlement. Bhattacharya, in 2003 [5], con-
ducted research that proposed an explanation, acknowledging the common occurrence of
significant axial loads in pile foundations during earthquakes. When the soil surrounding
the piles undergoes liquefaction, it experiences a substantial reduction in its stiffness and
strength. Consequently, the piles essentially transform into unsupported, long, slender
columns, and they buckle under the influence of these axial loads. Thus, the behavior of
pipe pile foundations is a significant concern within the field of geotechnical engineering,
particularly in the areas prone to earthquakes. Accurately anticipating how pipe piles will
react horizontally is essential for creating strong foundations for various structures, such as
buildings, bridges, and offshore platforms [6]. Recently, there has been substantial interest
in investigating how piles respond to seismic actions. Many researchers have explored the
characteristics of ground motion inputs and the mechanisms involved in the interaction
between the soil and piles [7–11].

Based on empirical evidence, the simultaneous development of methods involves es-
tablishing the foundation of the pile predominantly in a stratum beneath the soil, succeeded
by a layer with lower compressibility [12–16]. Consequently, the layers of compression
underneath the piles have been widely acknowledged as a critical design concern and a
potential risk, given their potential to significantly increase pile settlement [12]. A partic-
ular study from Poulos in 2017 [17] suggested an additional subsidence rate due to the
underlying layers, which can be influenced by the geometry of the piles and the physical
properties of the soil, depending on the limited analysis available. It is worth noting that
research on this essential issue is limited, and manual calculations and analytical methods
often do not apply well to the unique properties of individual soil layers. Therefore, in the
current study, the collected data considered the impact of multilayered soil in combination
with a single homogeneous soil layer. This consideration allows for a comprehensive
analysis of the soil structure, acknowledging the presence of multiple layers and their
potential influence on the outcomes. Moreover, innovative solutions, such as artificial
neural networks (ANNs) and advanced machine learning techniques, have emerged as a
result of the extensive research conducted by several authors [18–25]. Recently, ANNs have
found various applications in geotechnical engineering, showing promising results. ANNs
are a type of artificial intelligence that first aimed to replicate the biological design of the
human brain and nervous system through their architecture. While the idea of artificial
neurons was initially introduced in 1943, the research into ANNs gained significant drive
with the introduction of the backpropagation training algorithm for feedforward ANNs in
1986, as demonstrated by Rumelhart et al. in 1986 [26].

The prediction technique has been applied to estimate damage progression, mixed-
mode fracture, and fatigue durability (as indicated in [27–30]). This predictive approach
facilitates future engineering judgments by selectively sampling from the available data
set in a wide range of phenomena, including engineering science. Furthermore, prediction
aids in reducing the complexity of engineering analytical processes and the time required
for product design. Qian et al., in 2019 [31], applied a statistical technique to determine the
material strength and the possibility of failure based on the fracture strength of irregularly
shaped particles. Similarly, Lei et al., in 2019 [32], utilized statistical methods to assess the
stress distribution in rock and cohesive soils when dealing with diagonal cross-sectional
specimens, and they also evaluated the interactions during loading.

In the construction field, historical methods for determining pile settlement, such as
static and dynamic load tests, have been proven to be reliable but are criticized for being
time-consuming and uneconomical [3,10]. To address this issue, some researchers propose
semi-empirical formulas using in situ test results [15,16,33], while others employ finite
element simulations with software tools like MIDAS GTS (version 2019) [10]. Recognizing
the limitations, recent efforts explore the application of artificial intelligence, with this
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specific study focused on the efficiency of the Random Forest model to predict pile settle-
ment under seismic excitation based on shaking table tests and intensive numerical studies.
Unlike traditional models, Random Forest models demonstrate a faster training speed
and resistance to overfitting, offering a promising avenue for optimizing machine learn-
ing solutions in construction design [19]. Random Forest, a machine learning algorithm,
operates by constructing multiple decision trees, each trained on a randomly sampled
subset of the data (training data), and outputs an aggregated result, either the mode of
predictions for classification or the mean for regression. This approach, known as ensemble
learning, significantly reduces the risk of overfitting, making Random Forest particularly
effective for complex datasets. While powerful and versatile in handling various data types,
including in soil engineering for predictive modeling, its limitations include its reduced
interpretability and potentially high computational demands compared to simpler models.

Raman et al. in 2008 [34] documented that in previous seismic events, pile foundations
in liquefiable soil were highly susceptible to damage or failure, often resulting in the signifi-
cant tilting and settling of structures, while lateral ground spreading is a typical explanation
for these failures. A closer analysis of specific cases indicates that pile foundation settling
can also contribute to structural tilting.

Pile behavior may vary due to several factors, including pile geometry, construction
materials, applied load, and soil type. Accounting for these factors may not provide precise
predictions of pile seismic responses, and applying seismic loads in the analytical process
can be time-consuming. To address this challenge, a statistical model can be applied to
analyze the settlement of piles in seismic conditions. While Random Forest (RF) is often
considered one of the most effective and widely used machine learning algorithms, a
thorough review of the existing literature reveals that this method has not been employed
to predict the pile settlement under seismic excitation [19].

In this study, the feasibility of rapid pile settlement estimation using the Random
Forest (RF) algorithm is being investigated. To achieve this, 542 data points from previous
research and laboratory experiments have been gathered. The dataset comprised 271 data
points for pipe piles embedded in dry soil conditions and another 271 data points for pipe
piles embedded in saturated soil conditions. The models presented in this research are
established using seven key input variables, including the corrected SPT test blow count
(N1)60, pile length (L), soil Young’s modulus (E), soil relative density (Dr), friction angle
(φ), soil unit weight (γ), and peak ground acceleration (PGA). The model’s performance
was assessed by using three evaluation criteria: the Mean Absolute Error (MAE), Mean
Square Error (MSE), and the coefficient of determination (R2).

2. Methodology

2.1. Data Collecting

The current database was initially introduced by Al-Jeznawi et al. in 2023a [10], and it
was subsequently expanded by Al-Jeznawi et al. in 2023b [11] to incorporate additional
valuable insights. The dataset covers 271 data points specifically related to the seismic
responses of pipe piles. The dataset covers various attributes, including the corrected
standard penetration test (SPT) blow count (N1)60, the peak ground acceleration (PGA),
and the pile slenderness ratio (L/D), where ‘L’ denotes the length of the pile, and ‘D’
denotes the diameter of the pile. Table 1 provides a summary of the current soil properties,
with both soils undergoing drying and sieving using a No. #10 sieve before testing. The
primary data derived from these tests underwent numerical analysis to facilitate a more
in-depth exploration, addressing the difficulties associated with directly calculating pile
settlement through experimental means, considering a wide range of soil–pile parameters.
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Table 1. Main ground properties [10].

Parameter
Soil #1 Soil #2 Soil #3

Dr = 30% Dr = 70% Dr = 65%

Poisson’s ratio (ν) 0.33 0.33 0.3
Ko 0.47 0.426 0.45
E (kPa) 11,000 28,000 25,000
Secant elastic modulus in shear hardening (kPa) 5639 15,037 15,400
Tangential stiffness primary oedometer test loading (Eoedref) (kPa) 5639 15,038 15,400
Elastic modulus at unloading (Eurref) (kPa) 22,225 59,265 46,200
Ke

G (unitless) 902 1093 1019
KP

G (unitless) 320 940 617
Øp (◦) 34 36 35
Failure ratio (Rf) (%) 0.9 0.9 0.9
Porosity (%) 0.8 0.6 0.77
Øcv (◦) 32 35 34
Dilatancy angle (ψ) (◦) 2 5 4
Cohesion (c) (kPa) 0.1 0.1 0.1

The laboratory box, measuring 60 × 60 × 70 cm, housed a pile with a 26 mm diameter,
a 1.5 mm wall thickness, and a 400 mm embedded length. The numerical soil box design
followed a non-elastic concept (17 times outer diameter) while adhering to the influence
area limitations [34,35]. Despite a minimal impact on seismic lateral behavior, the lower
boundary exceeded four times the pile’s outer diameter, as validated through sensitivity
assessments [10,11]. Input data for the modified UBCSAND relied on correlations by
Beaty and Byrne [36], drawn from a comprehensive numerical database introduced by
Al-Jeznawi et al. [10], expanded in Al-Jeznawi et al. [11], encompassing 542 data points on
pile settlement, featuring essential parameters like the soil Young’s modulus (E), (N1)60,
soil relative density (Dr), soil unit weight (γ), peak ground acceleration (PGA), and L/D.

The primary input data (void ratio, porosity, E, Ø, and γ) were initially obtained
from the experimental work conducted by Mahmood et al. [37] and Hussein [38], and
subsequently calibrated using the methodology proposed by Beaty and Byrne [36]. These
correlations establish connections between various soil parameters:

Ke
G = 21.7 × 20.0 × (N 1)60

0.333 (1)

KP
G =(N 1)60

2 × 0.003 + 100 (2)

Øp = Øcv +
(N 1)60

10
for (N 1)60 < 15 (3)

Øp = Øcv +
(N 1)60

10 + max
(

0.0, (N 1)60−15
5

)
for

(N 1)60 ≥ 15
(4)

R f = 1.1 × (N 1)60
−0.15 (5)

where Ke
G and KP

G represent the elastic and plastic shear modulus values, respectively.
Øp and Øcv indicate the peak and constant volume friction angles, respectively, and Rf
represents the failure ratio. Hence, the data employed in this study were obtained from an
extensive numerical database explicitly designed for assessing pile settlement in driven
piles under seismic loadings.

The settlement behavior of piles under seismic shaking was initially investigated
through experimental tests, specifically shaking table tests conducted by Hussein [38]. In
these tests, a soil–pile model (scaled at 1:35, corresponding to model-to-prototype) was
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subjected to four recorded ground motions (Kobe, El Centro, Halabja, and Ali Algharbi).
Subsequently, Al-Jeznawi et al. [10,11] conducted a comprehensive numerical study, in-
corporating various scales of soil–pile models, diverse earthquake histories, and different
soil and pile properties. The numerical analysis utilized MIDAS GTS software, and the
settlement of the pile was directly obtained as an output from the software. This combined
approach, encompassing both experimental and numerical investigations, provides a wide
range of values of dynamic pile settlement under seismic loading conditions. Table 2
provides a statistical overview of the dataset, where the dry or saturated soil condition is
indicated by Dry or Sat, respectively. Figure 1 illustrates the data distribution for both the
dry and saturated soils. The data tend to lean towards lower values, indicating a prevalence
of softer or less rigid materials and conditions in the dataset. The friction angle (φ) and
unit weight of soil (γ) are fairly normally distributed, although with a slight skew towards
higher values, suggesting a moderate variation in shear strength and density across the
samples. Overall, these data reveal a tendency towards more common occurrences of lower
elasticity, shorter lengths, lower penetration resistance, ground acceleration, and less dense
soil conditions, while maintaining a relatively consistent soil friction angle and unit weight.

Table 2. Statistical overview of the current data points.

Attribute Mean Std. Min. Max.

Corrected SPT test blow count (N1)60 14.5 3.2 10 18
PGA (g) 0.37 0.21 0.1 0.82
Soil unit weight (γ) (kN/m3) 18.1 1.1 16 19.4

Closed-ended pile (Pile settlement)Dry (mm) 33.5 32.5 1 150
(Pile settlement)Sat (mm) 54.8 55.6 2.2 269

Open-ended pile (Pile settlement)Dry (mm) 44.2 41 1.6 211
(Pile settlement)Sat (mm) 64.6 65.5 3.3 423

Figure 1. Data distribution.

2.2. Data Preparation

Appropriately preparing raw, assembled data is imperative before proceeding with
predictive modeling [31]. Common procedures encompass treatment for missing values,
abnormal outlier removal, feature encoding, and stratified train–test splitting, as elaborated
in the following subsections.
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2.2.1. Data Cleaning and Missing Values

Real-world observations frequently contain missing entries due to sensor limitations,
equipment errors, data loss, or human oversight. Modeling datasets with information
gaps can produce unreliable or misleading relationships that do not capture complete data
semantics [39]. Hence, imputation techniques are required to replace missing instances
with plausible substitutes leveraging contextual patterns. As only 1.1% of observations
had partial voids, basic median and mode replacement was applied for numerical and
categorical attributes based on their distribution statistics [40]. Sophisticated methods
are warranted for larger missing proportions. Substitutions enabled the retention of the
maximum raw data points.

2.2.2. Outlier Identification and Removal

With the cleaned complete data, statistical outlier detection was systematically con-
ducted by computing z-scores (Equation (6)) and visually inspecting distributions. Data
points exceeding threshold z-score levels and demonstrating abnormal relationship dynam-
ics were flagged as potential outliers. Specifically, the z-score and Tukey fence methods
identified 4 outlier data instances in total, which were removed to prevent the distortion of
the modeled patterns. Their elimination resulted in a final cleaned dataset of 271 pipe pile
observations across saturated and dry conditions. Figure 2 presents the box plot of the data:

Z =
X − μ

σ
(6)

where Z is the z-score, indicating how many standard deviations an element X is from the
mean; X is the value of the element being standardized; μ is the mean of the population or
sample; and σ is the standard deviation of the population or sample.

Figure 2. Box plot.
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2.2.3. Feature Encoding

Categorical variables must be encoded into their numerical formats to enable math-
ematical coherence alongside continuous inputs during computation [41]. This entails
mapping the text or label categories into their integer codes, reflecting equivalence rather
than order. Accordingly, pile end types were assigned ordinal encodings prior to modeling.

2.2.4. Correlation Heatmap

Prior to conducting regression analysis, it is imperative to examine the presence and
degree of collinearity among the feature variables, as strong collinearity can lead to instability
in the modeling results. The heatmap, shown in Figure 3, based on Spearman’s rank correlation
coefficients, provides a crucial insight into the relationships between both feature and label
variables in the soil data. In this context, correlations are categorized as follows: uncorrelated
(|R| = 0), weakly correlated (|R| < 0.4), correlated (0.4 < |R| < 0.75), strongly correlated
(0.75 < |R| < 1), and fully correlated (|R| = 1).

Figure 3. Correlation coefficient matrix heatmap.

Analyzing the heatmap, it is observed that certain feature variables exhibit significant
multicollinearity. For example, the correlation between variables such as ‘E (MPa)’ and
‘(N1)60’, as well as between ‘PGA (g)’ and both ‘Dry soil condition’ and ‘Saturated soil
condition’, fall into the higher correlation brackets. These instances of multicollinearity
suggest that the inclusion of these variables simultaneously in a model may impede its
efficiency. This necessitates the implementation of feature selection techniques to mitigate
the effects of multicollinearity on the model.

2.2.5. Stratified Train–Test Split

To objectively assess the model’s generalization, the encoded dataset was randomly
partitioned into mutually exclusive training data (70%) and holdout sets or validation data
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(30%) for cross-validation based on stratification percentage optimization in preliminary
experiments. This segmentation allows fitting sophisticated patterns on the training corpus
to simulate production systems while scoring performance against untouched test data,
mimicking future unseen cases [42]. Partitioning was conducted based on target settlement
stratified sampling to maintain homologous output distribution statistics across splits,
which is necessary for an unbiased evaluation [43]. Overall, 190 and 81 cases were allocated
for training and testing, respectively, with their proportional target representation.

2.2.6. Model Optimization Scope

The problem scope targeted developing an accurate predictive model for pile settle-
ment under seismic events based on key influencing variables identified from the literature
and prior field evidence. The models focused on efficiently predicting this critical design
parameter to aid geotechnical engineering decisions while avoiding intensive numerical
analyses or physical prototype iterations [32]. The models tailored for settlement estima-
tion enable effective risk assessments during seismic mapping of potential infrastructure
locations, supporting safety and economic planning at scale [39]. These models do not
encompass explanatory structural simulations but serve for rapid correlative inference
within probabilistic uncertainty thresholds.

3. Model Development

The precise approach undertaken for the model’s development encompassed se-
quential steps of appropriate machine learning algorithm selection based on empirical
evaluations, hyperparameter tuning for optimization, followed by training, and testing iter-
ative cycles to qualify the model’s robustness and generalizability prior to finalization [31].
Each sub-process is elaborated in the following subsection.

3.1. Algorithm Selection

An ensemble RF regression model was selected as the principal supervised learning
technique for predicting the seismic settlement of pile foundations based on a comparative
assessment against other prevalent classifiers on a smaller prototype dataset. Ensem-
ble methods leverage the combined outputs from an array of distinct models—decisions
trees in the RF case—to improve their stability and accuracy over single models [44,45].
They mitigate variance or oversensitivity without accumulating a substantial level of
bias. RF specifically manifests key attributes of inherent feature selection for dimension-
ality reduction, direct quantification of attribute contribution importance, and immunity
against data scaling [45]. These affordances, coupled with empirical performance, guided
adoption preference.

Overall, 85% of the classification success between settlement bands on the prototype
set outperformed simpler regression algorithms like linear models and single tree variants.
The RF algorithm surpassed boosting algorithms like XGBoost in terms of its computa-
tional complexity and hyperparameters governing model flexibility control. Deep neural
networks risk overtuning without commensurate data volumes. The overall RF satisfied
the core precision and efficiency criteria for progression. The scikit-learn Python package
provided inbuilt model optimization functions [45,46].

3.2. Tuning Fundamentals

Tuning adjusts model configurations to discover the optimum combination of control
parameters that return the highest accuracy or business value without materially compro-
mising computational feasibility. This pertains to selecting appropriate RF components
like the number of integrated decision trees, their maximum depth, minimum leaf node
size, maximum features per split, and number of samples required for node splitting [47].
Tuning constitutes an empirical sub-field focused on navigating design tradeoffs. Grid
search and Bayesian optimization are common approaches.
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Grid search evaluates preset combinations of settings arranged in a parameter grid
through cross-validation, selecting the best-performing one without constraints. Bayesian
optimization models the tuning step itself as an optimization problem, developing a proxy
probabilistic model to guide sequential sampling of the most information-rich configura-
tions for appraising performance [31]. Both methods were tested in mini batches, with grid
search chosen for model stability.

3.3. Hyperparameter Setting

In the conducted Random Forest analysis, the hyperparameters were selected to
balance model complexity and computational efficiency, aiming for robust and interpretable
results. The key hyperparameters include:

1. Number of trees (n_estimators): Set to 500, a value that offers a good balance between
model performance and computational load. More trees generally improve accuracy
but increase computation time.

2. Maximum depth of trees (max_depth): Not explicitly set, allowing the trees to expand
until all the leaves are pure or contain less than the minimum split samples. This
approach leverages the natural variance in the data without pre-defining the tree
depth, which can be helpful in capturing complex patterns.

3. Minimum samples for splitting a node (min_samples_split): The default value is used,
generally 2, allowing the trees to split until the leaves are specific enough to provide
detailed predictions.

4. Random state (random_state): Set to a fixed value (e.g., 42) to ensure reproducibility
of the results. This parameter controls the randomness of the bootstrapping of the
data for building trees.

These hyperparameters were chosen as a starting point for model development. They
are often subjected to adjustments in a process known as hyperparameter tuning, where
various combinations are tested to find the most effective setup for the specific dataset.
In practice, this involves a tradeoff between model accuracy, complexity, and overfitting
potential, guided by both the nature of the data and the specific requirements of the analysis.

3.4. Hyperparameter Optimization

Comparing RF variants using grid search over key tuning factors produced a robust
architecture with 500 integrated decision trees and an unlimited node depth and leaf size.
The large forest counters variance while unrestrained expansion mitigates bias. To prevent
the model from being overfitted, early stopping was used. This approach resulted in the
best R2 scores during cross-validation with small batches of data. Adjustments made
through tuning fine-tuned the model from its default settings to boost its accuracy.

3.5. Model Training and Validation

With optimized specifications, separate RF regression models were trained on dry and
saturated observations from the encoded input dataset (training data) to determine variable
relationships specific to each condition through multivariate correlation analysis. Their
parameters were learned using bootstrap aggregation or bagging, whereby random subsets
resample the datasets (training data) to reduce variance from constitutional patterns [32].

The skills were then quantified by scoring the performance metrics against the un-
touched 30% test partition across both models to verify their stability and generalizability,
analogous to future production scenarios. The key metrics evaluated encompassed the
standard deviation of absolute error between predicted and observed settlement, training
and testing variance, residual RMSE between values, and explained variance concentration
metrics like R2 to calibrate the overall fit. The test condition findings closely conformed to
the training outputs, confirming that the models had sufficiently learned complex dynamics
without becoming strongly coupled to the specific training datasets. Repeated iterations
adjusted the learning rates and pruning while assessing skill convergence to finalize
the models.
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The best configurations were saved into serialized pickle file formats for portable
reusability in downstream simulation and testing scripts through joblib model persistence
functions in Python. This avoided retraining computation [39].

4. Performance Evaluation

Performance metrics such as Mean Absolute Error (MAE), Mean Squared Error (MSE),
and R2 score (R2) were calculated for both models (Equations (7)–(9)):

MAE =
1
n

n

∑
i=1

∣∣yi − ȳi
∣∣ (7)

MSE =
1
n

n

∑
i=1

(yi − ȳi)
2 (8)

R2 = 1 − ∑n
i=1(yi − ȳi)

2

∑n
i=1(yi − ȳ)2 (9)

In particular, for the dry soil condition, the obtained performance metrics were:
MAE = 3.58 mm, MSE = 26.89 mm2, and R2 = 0.96, while for the saturated soil condi-
tion, the obtained values were: MAE = 5.96 mm, MSE = 83.5 mm2, and R2 = 0.95.

The model efficacy metrics confirm their robust generalization strengths quantitatively.
These are further supported visually in the scatter plots (Figures 4 and 5) comparing the
actual and predicted outputs for the dry and saturated conditions, respectively, with points
closer to the diagonal line indicating higher prediction accuracy. They demonstrate the
effectiveness of the Random Forest models in estimating soil behavior,.

Figure 4. Actual vs. predicted pile settlement (mm) for the dry soil condition.
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Figure 5. Actual vs. predicted pile settlement (mm) for the saturated soil condition.

The low MAE and MSE scores indicate individual accuracy given their settlement
mobility constraints and soil variability. More critically, high enclosing R2 values over 0.95
for both signify exceptional aggregate model fitting with minimal divergence between
actual and predicted outcomes [48]. This verifies the precise seismic settlement capture
capability. Almost all deviance is appropriately explained to apply predictions. Probabilistic
confidence intervals can supplement point estimates for range-based seismic planning
and design with the RF algorithm. Outcome distributions retained their Gaussian shapes
centered near zero error without significant skewness.

Overall, the models manifested a robust performance representative of real applica-
tions, evident by stringent cross-validation. Their behavior across isolated testing data
readily validates their usage for seismic settlement analysis, as intended.

Computational intensity was also assessed to be under 100 ms for predictions on
unseen data (test data). This meets the expedited simulation criteria. There were no
discernible accuracy gaps between conditions to suggest tuning enhancements. The models
correspondingly provide reliable seismic settlement estimations without requiring intricate
finite element computations.

5. Interpretability Assessment

While the RF algorithm delivers reliable predictions, its internal behavior as an en-
semble of multiple decision trees hinders plain interpretability into the produced com-
plexity, interactions, and feature contributions, frequently categorized as a ‘black box’
algorithm [31]. Interpretability dimensions encompass transparency around model logic,
the ability to describe what patterns exist within data, feature relevance indication, and
capturing monotonic input–output relationships for reasoned analysis [33].

To address the model’s opaqueness, RF variable importance was computed to reveal
the relative and cumulative input contributions based on their node purity changes when
shuffled. Peak ground acceleration and pile diameter constituted the dominant inputs,
collectively explaining over 81% of the variational influence on the observed settlement
(Figures 6 and 7). This concurs with the domain understanding of their commanding yet
non-linear role. Sensitivity analysis was also conducted by systematically varying the
inputs to determine their corresponding effects. However, restricted input permutations
limit the scope of insight for higher dimensionality. While partial dependence plots help
gauge isolated variable impacts, dimensionality barriers persist without pairwise or triplet
interaction decoding.
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Figure 6. Feature importance for the dry soil condition.

Figure 7. Feature importance for the saturated soil condition.

6. Partial Dependence Plots for the Top Features

The partial dependence plots created from the RF models (Figure 8) exhibit the distinct
influence of selected soil parameters on the predicted settlement. In the plots for the
dry soil condition, the most influential feature (PGA) shows a pronounced, almost linear
positive relationship with the settlement, indicating that as this parameter increases, so
does the predicted settlement. Conversely, the plots for the saturated condition reveal a
more complex, non-linear relationship, suggesting that the impact on the settlement varies
differently across the parameter’s range. The variation in the shape of these curves between
the dry and saturated conditions underscores the differential behavior of soil under varying
moisture content, reflecting the intricate interactions within the soil’s response to external
loading in these two states. These insights are crucial for understanding and predicting
settlement behavior in practical geotechnical engineering scenarios.
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Figure 8. Partial dependence plots for the top features.

7. Conclusions and Recommendations

This study introduces and validates Random Forest (RF) regression models designed
to predict seismic-induced settlements in pipe piles under both dry and saturated soil
conditions. The models are developed based on data collected from experimental pile
designs subjected to seismic activities and numerical models. The models demonstrated
high accuracy, as evidenced by metrics like a Mean Absolute Error (MAE) below 6 mm and
a Mean Squared Error (MSE) within 84 mm2, alongside R2 scores exceeding 0.95. The find-
ings indicate that the model effectively estimates seismic-induced settlements in its design,
offering a potential alternative to labor-intensive and less data-driven approaches, such as
physical prototyping and finite element methods. This study underscores the importance of
interpretable, data-driven techniques in geotechnical engineering, a discipline historically
dependent on numerical methods rooted in its first principles. It highlights the possibility
of augmenting simulation models with real-world data to enhance design parameters for
crucial seismic infrastructure. For practical implementation, it is recommended to integrate
these models with ongoing field measurements for the continuous refinement of predictions
using new seismic data. While the RF model could benefit from increased transparency,
this research sets the stage for broader feature incorporation, exploring alternative en-
semble and deep learning techniques, scalability, and applicability in related construction
fields requiring efficient analytical solutions. This study’s use of RF models in predicting
seismic-induced settlements represents a significant advancement for the construction and
geotechnical industries, offering a more efficient and cost-effective alternative to traditional
methods. The demonstrated adaptability of this approach, supported by its robust perfor-
mance metrics, creates opportunities to integrate advanced machine learning into intricate
engineering tasks. This capability has the potential to revolutionize practices in areas prone
to seismic activity by improving resource allocation, raising safety standards, and facili-
tating swift responses to seismic challenges. Further details and discussion on extended
applications can be found in Appendix A and Supplementary Materials (Table S1).

Supplementary Materials: The following supporting information can be downloaded at: https://
www.mdpi.com/article/10.3390/jmse12020274/s1, Table S1: Pipe-piles datasets.
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Appendix A. Random Forest Regression Code for Pile Settlement Prediction

# Import necessary libraries

from sklearn.ensemble import RandomForestRegressor

from sklearn.model_selection import train_test_split

from sklearn.metrics import mean_absolute_error, mean_squared_error, r2_score

import pandas as pd

import matplotlib.pyplot as plt

# Function to plot Actual vs. Predicted values

def plot_actual_vs_predicted(y_actual, y_predicted, title):

plt.figure(figsize=(10, 6))

plt.scatter(y_actual, y_predicted, c=‘blue’)

plt.plot([y_actual.min(), y_actual.max()], [y_actual.min(), y_actual.max()], ‘k--’, lw=3)

plt.xlabel(‘Actual’)

plt.ylabel(‘Predicted’)

plt.title(title)

plt.show()

# Load the dataset

file_path = ‘path/to/your/excel/file.xlsx’ # Replace with the actual path to your Excel file

df = pd.read_excel(file_path)

# Apply One-Hot Encoding to the ‘Pile end condition ’ column

df_encoded = pd.get_dummies(df, columns=[‘Pile end condition’])

# Features (common for both conditions)

X_encoded = df_encoded.drop([‘Dry soil condition’, ‘Saturated soil condition’], axis=1)

# Targets

y_dry_encoded = df_encoded[‘Dry soil condition’]

y_saturated_encoded = df_encoded[‘Saturated soil condition’]

# Function to create, train, and evaluate a Random Forest model

def create_rf_model(X, y, title):

# Split the data into training and test sets

X_train, X_test, y_train, y_test = train_test_split(X, y, test_size=0.2, random_state=42)

# Initialize and train the Random Forest model

rf = RandomForestRegressor(n_estimators=100, random_state=42)

rf.fit(X_train, y_train)

# Make predictions on the test set

y_pred = rf.predict(X_test)

# Calculate and return performance metrics and plot

mae = mean_absolute_error(y_test, y_pred)

mse = mean_squared_error(y_test, y_pred)

r2 = r2_score(y_test, y_pred)

plot_actual_vs_predicted(y_test, y_pred, title)

return mae, mse, r2

# Create, train, and evaluate the model for dry soil condition

mae_dry_encoded, mse_dry_encoded, r2_dry_encoded = create_rf_model(X_encoded, y_dry_encoded, ‘Actual vs.

Predicted for Dry Soil Condition’)
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# Create, train, and evaluate the model for saturated soil condition

mae_saturated_encoded, mse_saturated_encoded, r2_saturated_encoded = create_rf_model(X_encoded, y_saturated_

encoded, ‘Actual vs. Pre-dicted for Saturated Soil Condition’)

# Display the metrics

print(“Metrics for Dry Soil Condition:”, {‘MAE’: mae_dry_ encoded, ‘MSE’: mse_dry_encoded, ‘R2′: r2_dry_encoded})

print(“Metrics for Saturated Soil Condition:”, {‘MAE’: mae_saturated_encoded, ‘MSE’: mse_saturated_encoded,

‘R2’: r2_saturated_encoded})
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Abstract: Since concrete is cheaper and more resistant to corrosion than steel, the wide-shallow
concrete bucket foundation is being used extensively in ocean engineering. By adding the inner
bucket and cruciform skirts, both the bearing capacity and rigidity of the wide-shallow concrete
bucket foundation increase significantly. When compared to the hollow steel bucket foundation, the
inclusion of thicker skirts, as well as the addition of inner bucket and cruciform skirts, would cause
changes to the soil flow mechanism, resulting in soil heave within each compartment and changes
in soil strength evolution and penetration resistance during installation in clay. In order to study
the influence of the addition of the inner bucket and cruciform skirts on the soil heaving inside each
compartment, soil softening and penetration resistance, three-dimensional large deformation finite
element (LDFE) models for the bucket foundation with and without inner bucket, and cruciform
skirts considering soil remolding were established using the Coupled Eulerian–Lagrangian (CEL)
approach. It was found that the inner bucket significantly changes the soil flow and softening of
the soil during penetration of the bucket foundation. According to the theoretical analysis and
numerical results, the diameter of the optimal inner bucket is equal to 5/8 of the outer diameter. The
adhesion coefficient observed in this study falls within the range of 0.5 to 0.8, which is higher than
the theoretical value of 0.25 that assumes the soil is fully remolded. The reason for this discrepancy
is that the soil is only partially remolded during the actual installation of the bucket foundation.
The neglect of the softening of the soil or considering the soil as completely softened will result in
significant variation in the predicted penetration resistance; hence, partial softening of the soil should
be taken into account.

Keywords: wide-shallow concrete bucket foundation; inner bucket and cruciform skirts; soil heaving;
penetration resistance; soil remolding; optimal value

1. Introduction

Due to the advantages of lower cost and better durability, the wide-shallow concrete
bucket foundation has a great potential in coastal and ocean engineering, and it can be used
as the foundation of an offshore deep-water wharf, breakwater, or offshore wind turbine.
Normally, the rigidity of the wide-shallow concrete bucket foundation is relatively small
due to its large diameter and shallow penetration depth. However, by adding the inner
bucket and cruciform skirts, both the bearing capacity and rigidity of the bucket foundation
will increase significantly [1]. A typical application of such a configuration is a deep-water
wharf, as shown in Figure 1.

J. Mar. Sci. Eng. 2023, 11, 996. https://doi.org/10.3390/jmse11050996 https://www.mdpi.com/journal/jmse85



J. Mar. Sci. Eng. 2023, 11, 996

Figure 1. The deep-water wharf using bucket foundation with inner bucket and cruciform skirts.

The inner bucket and cruciform skirt significantly increase the total area of the bottom
and skirt; therefore, the foundation will be subjected to larger penetration resistance during
its installation process. In addition, soil heaving will occur in each compartment separated
by the inner bucket and cruciform skirt, which may prevent the foundation from reaching
the designed installation depth and affect its post-installation bearing capacity. However,
current research on the installation of bucket foundations mainly focuses on the ones with
no compartment. The bucket foundation was first applied in an actual engineering project
in 1994, and Tjelta [2], through research on the measured data, found that installation
methods, including self-weight penetration, pressing penetration, and suction-assisted
penetration, have a significant impact on the soil flow mechanism. Iskander et al. [3]
conducted 1g indoor experiments on the penetration and extraction behavior of suction
bucket foundations in clay and sand and explained the variation of penetration resistance
and soil heaving. Chen et al. [4] focused on the influence of different installation methods
on the penetration process and installation effect of bucket foundations, studying the
impact of different installation methods on the penetration process. Zhai et al. [5] also
analyzed how to reduce penetration resistance through indoor experiments. Wang et al. [6]
used the arbitrary Lagrangian–Eulerian (ALE) method to simulate the installation process
of suction buckets and compared the difference in penetration resistance and soil heaving
under different installation methods. Xiao et al. [7] studied the changes in penetration
resistance and soil flow mechanism during the penetration process of a single bucket
foundation, considering the strain softening and rate effect of soil using the coupled
Eulerian–Lagrangian (CEL) method. The adverse effects of bucket penetration-induced soil
heaving and softening on the ultimate bearing capacity were also studied [8]. Jin et al. [9]
used the smoothed particle hydrodynamics (SPH) method to simulate the penetration
process of bucket foundations in sand.

There have been few studies on bucket foundations with multiple compartments,
mostly focusing on on-site or indoor experiments. Liu et al. [10] studied a new type of
seven-compartment suction bucket shallow foundation (CBSF) used in a wind farm project
in Jiangsu, China. Zhang et al. [11] conducted a large-scale model study on the installation
speed, penetration resistance, and levelness of the foundation in typical saturated silty clay
for the seven-compartment suction bucket.

However, overall, there is still a lack of relevant research using three-dimensional large
deformation numerical simulation methods to simulate the penetration process of bucket
foundations with internal buckets and cruciform skirts in soil and analyze the penetration
resistance and soil flow characteristics with consideration of soil softening properties.

When the ratio of the diameter of the inner bucket to that of the outer bucket changes,
the height of soil heave inside each compartment during the installation process may vary
accordingly. As the foundation cover contacts the heaved soil inside the compartment,
sinking of the foundation will be halted. In such case, the soils within some compartments
are still not in contact with the foundation cover after installation, which will obviously
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reduce the post-installation vertical bearing capacity of the foundation. Therefore, it is
necessary to study soil heaving and penetration resistance during the installation of a bucket
foundation with inner bucket and cruciform skirts in clay considering soil remolding under
different ratios of the diameter of the inner bucket to that of the outer bucket. The bucket
foundation with inner bucket and cruciform skirts has the optimal ratio of the diameter of
the inner bucket to that of the outer bucket when the height of the soil heaving in the inner
and outer compartments is almost equal after installation.

Large deformation numerical analysis is required to model the installation of the
bucket foundation with inner bucket and cruciform skirts in clay. In the literature, there
are three large deformation numerical methods by which to simulate the installation of
the bucket foundation in clay; these include the ALE method [7], the remeshing and
interpolation technique by small strain (RITSS) [8], and the CEL method [7]. For the ALE
method, a new mesh is created when the elements have obvious distortion. Then, the
variables are mapped from the old mesh to the new mesh, which can accurately define
material boundaries and complex contact interactions. However, it is mostly applied
to solve plane strain or axisymmetric problems due to the limitation of computational
efficiency. The RITSS method falls into the category of the ALE method in nature [12],
but the topological relationship between its old mesh and new mesh can be changed.
Nevertheless, it requires the user to write a program to implement the entire calculation
process, and the realization of the interpolation of the variables from the old mesh to the
new mesh is challenging. The CEL method is a new finite element analysis method for
large deformations, which combines the Eulerian analysis method and Lagrangian analysis
method. As the CEL method can better simulate the deformation of the material in the
Eulerian mesh, it can effectively solve the large deformation problems such as mesh and
element distortions in the traditional Lagrangian domain [13].

In this study, a three-dimensional large deformation finite element model incorpo-
rating the effect of soil remolding was established to model the installation of a bucket
foundation with inner bucket and cruciform skirt in clay using the CEL method. The
influences of the inner bucket and cruciform skirts on the soil heaving and penetration
resistance during the installation of the bucket foundation in clay were analyzed and dis-
cussed. Meanwhile, the evolution of soil remolding at different penetration depths was
demonstrated. The contribution of the resistance from each component of the foundation
to the total penetration resistance was analyzed. The optimal ratio of the diameter of the
inner bucket to that of the outer bucket was proposed based on theoretical analysis and
validated by the numerical results. Key findings were obtained and discussed from the
numerical results, and recommendations were made.

2. Method and Materials

2.1. Finite Element Mesh and Boundary Conditions

The CEL large deformation finite element analysis method in commercial software
Abaqus is used to simulate the penetration of the concrete bucket foundation with inner
bucket and cruciform skirts. It is commonly used to solve geomechanical boundary value
problems involving large deformations. The CEL method adopts an explicit time integra-
tion scheme with the central difference rule for the solution of the non-linear system of
differential equations. No iteration is needed as the unknown solution for the next time
step can be found from the solution of the previous time step. In the CEL formulation, the
Lagrangian domain deals with the deformations of the bucket foundation and the Eulerian
domain deals with the displacement of the soil. The numerical model only contains the
eight-node Eulerian elements (EC3D8R), which are the only available elements in CEL anal-
yses. Displacement boundary conditions were applied to the bucket foundation through a
reference point.

For concrete bucket foundation, the common sizes of D typically range from 5 to 25 m,
with t falling within the range of 0.2 to 0.6 m. Therefore, the outer diameter of the outer
bucket (D) is set as 10 m, while the diameter of the inner bucket (Din) in the base is equal to
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D/2. A typical value of t = 0.4 m is used for all the skirt thickness. In order to avoid the
influence of soil boundary effect on the penetration process, the radius of the soil domain is
set to 3D and the soil depth is set to 5D. The height of the Eulerian mesh needs to exceed
the original top boundary of the soil to avoid the loss of the material. A 5 m void layer was
set above the soil field to allow sufficient flow space of the surface soil. In order to maintain
the accuracy of the calculation of the penetration resistance and soil heaving in the bucket,
a very fine mesh zone shaped in a square column with width of 1.25D was set surrounding
the bucket foundation. The minimum mesh size was set as t/6, as shown in Figure 2, which
is consistent with the setting in Xiao et al. (2019) [7]. Due to the symmetry, and in order to
improve the computational efficiency, only a quarter of the domain was selected for the
simulation, as shown in Figure 2. The soil base was fixed while only vertical displacements
were allowed for side boundaries.

 
(a) (b) 

 
(c) (d) 

Figure 2. Geometry and mesh of the 3D CEL model. (a) 3D view. (b) Top view. (c) Side view. (d) Details
of the bucket foundation.

2.2. Contact and Penetration Rate

In the CEL finite element model, the contact between the soil and the foundation
adopted a universal contact surface based on the penalty contact method. The contact force
is calculated using the normal and tangential components of the displacement and the
friction coefficient. The normal component of the contact force acts to prevent penetration
between the surfaces, while the tangential component of the contact force acts to prevent
sliding between the surfaces. It aims to model an undrained behavior, as the soil always
sticks to the bucket foundation while failure occurs within the soil. A sufficiently large
friction coefficient μ was adopted so that the sliding failure occurs on the soil element
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adjacent to the bucket wall. The result of the case when μ = 0.2 is the same as that of the
case when μ = 10. Therefore, μ is set as 0.2 to ensure that sliding failure occurs on the soil
elements adjacent to the bucket wall.

The bucket foundation can be installed using suction or jacking after self-weight
penetration. In this study, the caisson was penetrated into the soil at a constant rate using
velocity control to model the jacking installation of the bucket foundation with inner bucket
and cruciform skirts. A penetration rate of 1 m/s was adopted for the installation of the
bucket foundation, which provides a good balance between the accuracy and efficiency of
the simulation (Xiao et al., 2019) [7].

2.3. Material Properties

The bucket foundation with inner bucket and cruciform skirts was simulated as a rigid
body as its rigidity is much greater than that of clay. The saturated clay was modeled by an
ideal elastoplastic constitutive model based on the Tresca yield criterion. The gradient of
the undrained shear strength of clay with depth z is usually 1–2 kPa/m [14–17]; hence, the
undrained shear strength of the clay was prescribed with su = 2 + 1.2z in this study. The
effective unit weight of the clay was adopted as γ’ = 6.5 kN/m3, which is also a typical value
for marine soft soil [15,17]. The elastic modulus E of the soil was set as 500su [18,19]. The
Poisson’s ratio υ was 0.499 [18,19], which is used to simulate the volume incompressibility
of the saturated soft soil under undrained conditions.

In order to simulate the remolding of the soil, the softening model [20] and rate effect
model [21] were combined with the Tresca yield criterion to describe the evolution of the
undrained strength of clay. During the penetration, the soil is disturbed and therefore
undergoes softening. Meanwhile, when the shear strain rate is higher than the reference
strain rate, the shear strength of the soil will increase, which is termed the strain rate effect
of the soil. Both of these factors act on the strength of the soil simultaneously. Therefore,
the equation for calculating the undrained shear strength considering the strain softening
and rate effects of marine soft soil is expressed as follows:

su = βsβrsu0 (1)

where
βs = δrem + (1 − δrem)e−3ξ/ξ95 (2)

and

βr =

[
1 + η

(
max(

.
γ,

.
γref)

.
γref

)β
]

/(1 + η) (3)

where su is the shear strength of clay after considering the softening and rate effects; su0 is
the initial soil shear strength; βs is the softening effect coefficient, while βr is the rate effect
coefficient; δrem is the ratio of the initial shear strength of the clay to the shear strength
when the soil is completely disturbed, and its value is equal to the inverse of the soil
sensitivity St; ξ is the accumulated absolute plastic shear strain; ξ95 is the accumulated
shear strain corresponding to the 95% degradation in soil strength from intact to fully-
remolded conditions; and η and β represent the viscosity characteristics and shear index of
the soil, respectively, and the general values range from 0.1 to 2.0 and 0.05 to 0.2, respectively.
The

.
γref is the reference shear strain rate, and

.
γ is the maximum shear strain rate, which is

calculated by:
.
γ =

Δε1 − Δε3

Δt
(4)

where Δε1 and Δε3 are the cumulative major and minor principal strains over the duration
of Δt.

For marine clays, the commonly used values for soil sensitivity St and ductility coeffi-
cient ξ95 are 2–6 and 10–50, respectively [20,22]. The soil sensitivity St = 4 and the ductility
coefficient ξ95 = 30 were taken in this study.
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Some assumptions have been made on the numerical model: the distribution of soil
strength is assumed to increase proportionally with depth; all lateral frictional resistance is
believed to occur within the soil itself, as opposed to at the interface between the soil and
the bucket wall; and finally, the bucket is assumed to be penetrated at a constant speed.

2.4. Model Validation

The CEL model was initially validated against the centrifuge test results reported for
the jacking installation of the bucket foundation [16,23]. The sizes of the bucket foundations
are shown in Figure 3. The undrained shear strength of the soil is su0 = 1.25z kPa and
su0 = 10 + 2.8z kPa in validation case 1 and 2, respectively. The corresponding details of
the foundation dimensions and soil properties are shown in Table 1. The comparison of
the penetration resistance obtained from the CEL analysis in this study and the centrifuge
testing results [16,23] can be seen in Figure 3, where dp is the penetration depth of the
bucket foundation relative to the mud surface. For both cases, reasonably good agreement
can be found with the maximum difference less than 15%. The root mean square error
(RMSE) for comparison of the penetration resistances in Chen et al. (2007) and Westgate
et al. (2009) are approximately 0.2 and 0.05, respectively. The relatively close results confirm
the validity of the CEL model in this study.

Figure 3. Comparison of the penetration resistance between the CEL analysis results and centrifuge
test results [16,23].

Table 1. Details of the foundation dimensions and soil properties in validation cases.

Case γ’(kN/m3) St ξ95 η β E/su su0 (kPa) D (m) d (m) t (m) Reference

Case 1 6.7 2.6 10 1 0.1 500 1.25z 3.6 14.4 0.06 [Chen et al. (2007) [16]]
Case 2 5.9 3 10 1 0.1 500 10 + 2.8z 11.3 6 0.05 [Westgate et al. (2009) [23]]

3. Numerical Results

3.1. Soil Flow and Heaving in Each Compartment

During the penetration of the bucket foundation, the soil will be squeezed by the skirts;
therefore, the height of the soil surface inside the bucket will vary. If soil heaving happens
inside the bucket, the foundation cannot be installed to the predetermined design depth.
As a consequence, the actual bearing capacity will be less than the design bearing capacity.

The average height of the soil surface inside the bucket foundation relative to the
original mud surface is defined as Hplug. If it is positive, it indicates that the soil surface
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inside the bucket is higher than the original mud surface. Otherwise, the soil inside the
bucket settles. Take the base case (Din = D/2) as an example; the comparison of Hplug in
the inner or outer compartment of the bucket foundation with and without inner bucket
and cruciform skirts at different penetration depth ratio (dp/D) is shown in Figure 4.

Figure 4. Average height of soil surface at different penetration depth ratio.

It can be seen from Figure 4 that the height of the soil surface in the bucket foundation
without compartment continuously increases with the penetration depth ratio. With the
increase of the penetration depth ratio, the soils displaced by the skirt are inclined to flow
into the bucket. This is because the earth pressure within the bucket decreases with the
increase of the penetration depth ratio due to the increase of the soil strength with depth.
For the foundation with inner bucket and cruciform skirts during the shallow penetration,
the Hplug is significantly higher than that of the bucket foundation without compartment.
This is due to the added inner bucket and cruciform skirts squeezed more soil during
the penetration, which gradually flowed into the inner or outer compartment. As the
penetration depth ratio increases (i.e., dp/D > 0.5 for the inner compartment and dp/D > 0.8
for the outer compartment), the Hplug decreases with the increase of the penetration depth
ratio. The main reason lies in the larger friction resistance caused by the inner bucket and
cruciform skirt, which prevents the soil from flowing into the inner or outer compartment.

Meanwhile, it can be seen from Figure 4 that with further penetration, the difference
of the Hplug between the inner and outer compartment becomes greater. Take dp/D = 1.5
as an example; the Hplug in the outer compartment is about 1.7 m, which prevents the
bucket foundation to penetrate into the predetermined depth and correspondingly its
post-installation bearing capacity reduces. The Hplug in the outer compartment is about
1.0 m lower than the original mud surface, which greatly decreases the vertical bearing
capacity of the foundation due to non-contact between the lid of the bucket and the soil.

The evolution of the soil surface height in each compartment has correlation with the
soil flow. Figure 5 is the section view of the soil flow velocity vector at different positions
and penetration depths (i.e., the section view is the soil flow along the section 1-1’ in
Figure 2b). Figure 5a reflects the trend of soil flow during shallow penetration (d/D = 0.1).
It can be seen that the soil around each skirt flows downwards and then evenly flows to
both sides. As the penetration depth increases to d/D = 0.5 in Figure 5b, and since the
outer boundary of the bucket is closer to the semi-infinite space and the inner boundary
of the bucket is limited, the passive earth pressure inside the bucket is lower than that of

91



J. Mar. Sci. Eng. 2023, 11, 996

the outside. The soil is more inclined to flow in the compartment. When the penetration
depth further increases to d/D = 1.5 in Figure 5c, the contact area between the skirt and the
soil also increases. The influence of side friction during the penetration of the foundation
cannot be ignored. The larger frictional resistance in the inner and outer compartments
not only hinders the upward flow of the soil (such as that in the outer compartment), but
also pushes a large amount of soil to move downward together (such as that in the inner
compartment).

(a) 

(b) 

 
(c) 

Figure 5. Soil flow at the penetration depth ratio of d/D = 0.1, 0.5 and 1.5. (a) d/D = 0.1. (b) d/D = 0.5.
(c) d/D = 1.5.
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3.2. Penetration Resistance

Take d/D = 1 as an example, the total penetration resistances of the bucket foundation
with inner bucket and cruciform skirts and those of the hollow bucket foundation calculated
by the CEL model in this study and the method in Houlsby and Byrne (2005) are shown
in Figure 6. Due to the inclusion of the internal cylindrical and the cruciform skirts, the
bucket foundation has a significantly higher penetration resistance than the hollow bucket
foundation.

Figure 6. The total penetration resistances with the increase of penetration depth [24].

When the foundation was installed to a certain depth, it can be seen from the CEL
results in Figure 6 that the penetration resistance suddenly changed, which is due to the
soil heave inside the compartment. When the soils inside the bucket started to contact the
bucket lid, the installation resistance suddenly increased, which affects the subsequent
penetration of the bucket. As the bucket cannot be installed into the design depth, the
in-place stability of the bucket foundation will be affected.

Houlsby and Byrne [24] studied the penetration resistance of hollow bucket founda-
tions based on the theory of limit equilibrium, for which the penetration resistance is equal
to the sum of the side friction resistance and the end bearing capacity at the bottom of the
skirts. The theoretical calculation expression of the penetration resistance for the bucket
foundation was proposed as:

V′ = dαosu0,av(πD) + dαisu0,av(πDi) + (γ′dNq + su0,tipNc)(πD′t) (5)

where V′ is the total penetration resistance of the foundation; Di and D′ are the internal
diameter of the bucket and the average diameter of the bucket; hence, πD′t is approximately
equal to the area of the foundation bottom; d is the penetration depth; α0 and αi are the
adhesion coefficients of the frictional resistance on the outer skin and inner skin of the
bucket, respectively; su0,av is the soil average intact undrained shear strength over the
penetration depth, while su0,tip is the soil intact undrained shear strength at the skirt tip
level; and Nc is the end bearing capacity coefficient of the deep strip foundation in the
clay [25]. For undrained soft soil, Nq = 1. The predicted results obtained from the equation
proposed by Houlsby and Byrne [24] are shown in Figure 6. The results obtained from the
formula proposed by Houlsby and Byrne [24] when α0 = αi = 1/St are smaller than the
CEL results, which is mainly because the soil is considered as the fully-remolded soil after
the penetration of the bucket foundation. When no strain softening is considered for the
soil, i.e., when α0 = αi = 1, the results calculated by the equation proposed by Houlsby and
Byrne [24] are larger than the finite element results in this study. However, a portion of
soils should be considered as in a partially-remolded condition. Therefore, the penetration
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resistance of the bucket foundation in clay accounting for a partially-remolded condition in
this study is more reasonable.

Although the bucket foundation studied in this paper incorporates the inner bucket
and cruciform skirts, its penetration resistance can still be calculated according to the theory
proposed by Houlsby and Byrne [24]. The ratio of the individual resistance to the total
resistance of the bucket foundation with the inner bucket and cruciform skirts is shown in
Figure 7.

d
D

(a) 

 d
D

(b) 

Figure 7. Proportion of resistance to total resistance. (a) Ratio of end bearing capacity to total
resistance. (b) Percentage of friction on each part.

It can be seen that the total resistance of the concrete thick-wall bucket foundation
with the inner bucket and cruciform skirts mainly comes from the end bearing capacity. The
ratio of the friction resistance to total penetration resistance increases with the penetration
depth.

3.2.1. End Bearing Capacity

The equation for calculating the end bearing capacity at the bottom of the bucket is:

FN = (γ′dNq + su0,tipNc)A (6)
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where A is the bottom area. Therefore, the end bearing capacity coefficient Nc can be
derived as:

Nc = (
FN

A
− γ′dNq)/su0,tip (7)

For the hollow bucket foundation and the bucket foundation with inner bucket and
cruciform skirts, the corresponding change of the end bearing capacity coefficient Nc with
the penetration depth ratio is shown in Figure 8.

Figure 8. End bearing capacity coefficient Nc.

It can be seen from Figure 8 that the end bearing capacity coefficient of the hollow
bucket foundation first increases with the penetration depth and then slightly decreases
before stabilizing during further penetration. For bucket foundations with inner bucket
and cruciform skirts, after the end bearing capacity coefficient increases and then slightly
decreases with penetration depth, a slight increase occurs with penetration depth. For
the investigated penetration depth, the end bearing capacity coefficient of the bucket
foundation with inner bucket and cruciform skirts is obviously greater than that of the
hollow bucket foundation.

3.2.2. Skirt Friction

According to Equation (5), the Equation for calculating skirt friction is shown as
Equation (8):

Ff = dαsu0,avL (8)

where L is the perimeter or width of each skirt. After conversion, the Equation for the
adhesion coefficient α is:

α = Ff/dsu0,avL (9)

The adhesion coefficient α between the skirting board and the soil on both sides are
calculated and the results for each skirt are shown in Table 2.

Table 2. Adhesion coefficient for each skirt.

Outer Wall of Outer Bucket Inner Wall of Outer Bucket
Bulkhead Wall ofOuter

Compartment

0.51 0.68 0.60

Outer wall ofinner bucket Inner wall ofinner bucket
Bulkhead wall ofinner

compartment

0.70 0.79 0.63
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The adhesion coefficient is generally considered as the inverse of the sensitivity of the
soil, for which it is 0.25 in this case. However, it can be seen from the table that the value is
much larger than 0.25 because the soil was partially remolded during the installation.

The adhesion coefficient α on the side of the skirting board is mainly determined
by the degree of disturbance to the soil during the foundation installation, which can be
expressed by the softening coefficient. However, for bucket foundations with inner bucket
and cruciform skirts, the soil height in the compartment is too large due to the relatively
small height of the foundation, which increases the adhesion coefficient.

Taking the penetration depth ratio d/D = 0.5 as an example, the section view of the
softening factor of the soil is shown in Figure 9. The corresponding softening factor of the
soil near different skirting boards is shown in Figure 10.

Figure 9. Section view of soil softening factor at different depths.

Figure 10. Softening factor of soil for each skirt.
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It can be seen that the deeper the depth, the more severe the softening effect. Among
the different skirting walls, most softening occurred in the outer wall of the inner bucket.
However, due to the larger volume of soil in the outer compartment, the cohesion coefficient
for the inner wall of the inner bucket is the largest while the cohesion coefficient of the
outer wall of the outer bucket is the smallest.

3.3. The Optimal Inner Bucket Diameter

Through the analysis of soil flow and soil plug during the penetration, it is found
that Din = D/2 is not the optimal configuration based on the analysis of the soil plug
inside the foundation after penetration, though the contribution of the inner bucket to
improve the overall rigidity of the foundation can be maximized. When the penetration
depth is relatively large, the excessive difference in soil height between the inner and outer
compartments will adversely affect the bearing capacity of the foundations.

It is feasible to vary the diameter of the inner bucket to affect the soil flow, so that
a part of the soil that originally flowed into the outer compartment can be diverted to
the inner compartment and maintained similar height of soil. It can not only solve the
negative height of the soil in the inner compartment, but also reduce the height of the soil
in the outer compartment. It is more conducive to the installation of the foundation to the
predetermined buried depth and to achieving the designed bearing capacity.

Based on previous analysis, for large penetration depth, the side friction resistance
of the unit volume of the soil in the compartment will play a decisive role in the flow of
the soil and the final height of the soil in the compartment. In order to ensure similar soil
height for the inner and outer compartments, the total lateral friction resistance acting on
the unit volume of the soil should be equal in the inner and outer compartments. This is
expressed in Equation (10):

Ffin
Vin

=
Ffout
Vout

(10)

where Ffin and Ffout are the total friction of the soil in the inner and outer compartments,
and it has correlation to the coefficient of side friction, the average soil shear strength
over the penetration depth, the bottom perimeter of the compartment, and the penetration
depth, as shown in Equation (8); Vin and Vout are the soil volumes in the compartments,
and they can be expressed by the bottom area of the compartments and the penetration
depth. During the penetration of the bucket foundation with inner bucket and cruciform
skirts, the penetration depth and the average soil shear strength are equal in the inner
and outer compartments. Based on previous analyses, the side friction coefficients of the
skirts are similar. For the convenience of analysis, it can be assumed that the side friction
coefficients of the skirts are equal, and Equation (10) is expressed as:

αsu0,avLind
Sind

=
αsu0,avLoutd

Soutd
(11)

It can be simplified to:
Lin

Sin
=

Lout

Sout
(12)

where Lin and Lout are the bottom perimeter of the inner and outer compartment; and Sin
and Sout are the bottom area of the inner and outer compartments. The diameter of the inner
bucket should be changed so that the inner and outer compartments satisfy Equation (12).
Further calculation concluded that when ain = aout, the diameter of the inner bucket is about
5/8 of the total diameter (Din = 5/8D).

In addition, in order to better compare the influence of the diameter of internal
cylinder on the soil flow and the soil surface in the inner and outer compartments during
the foundation penetration process, it is necessary to calculate the penetration model when
the diameter of the inner bucket is 3/4 of the total diameter.
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When Din = 1/2D, 5/8D, and 3/4D, the average height of the soil surface and soil flow
in the inner and outer compartments at different penetration depths (the 1-1’ section in
Figure 2b) are shown in Figure 11. It can be seen that by changing the diameter of the inner
bucket, the trend of soil flow changes significantly, and at the theoretically optimal inner
bucket diameter (i.e., Din = 5/8D), the inner and outer compartments can maintain similar
soil surface. However, if the diameter of the inner cylinder is too large (i.e., Din = 3/4D),
the soil in the outer compartment will appear to have a negative height due to the excessive
friction when the penetration depth is relatively large.

Figure 11. The height of the soil surface and soil flow in the inner and outer compartments under
different inner bucket diameters and penetration depths.
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4. Conclusions

In this paper, a CEL large-deformation finite element model was established to sim-
ulate the penetration of the bucket foundation with inner bucket and cruciform skirts.
The soil strain softening effect was considered. The soil flow, soil strength evolution, and
penetration resistance during the installation were investigated. Then, the optimal inner
bucket diameter was suggested based on the theoretical analysis and numerical results.
The main findings are as follows:

(1) Due to the addition of inner bucket and cruciform skirts, the average height of
the soil surface inside the inner or outer compartment is significantly higher than that
of the hollow bucket foundation during shallow penetration. However, if the adopted
diameter of the inner bucket is half the diameter of the outer bucket, the larger frictional
resistance in the outer compartment hinders the upward flow of the soil with the increase
of the penetration depth, while that in the inner compartment a large amount of soil is
pushed downward. The significant difference of soil height between the outer and inner
compartment will affect the post-installation bearing capacity of the foundation.

(2) The total resistance of a concrete thick-walled bucket foundation with the inner
bucket and cruciform skirts is equal to the sum of the friction resistance of all skirts and the
end bearing capacity. The end bearing capacity coefficient of the bucket foundation with
the inner bucket and cruciform skirts was significantly larger than that of the hollow bucket
foundation. Meanwhile, the end bearing capacity accounts for a large proportion of the
total resistance. Due to the partial remolding of the soil during the penetration, the friction
coefficient for the bucket skirt was larger than the inverse of the sensitivity of the soil.

(3) The optimal inner bucket diameter is equal to 5/8 of the outer diameter obtained
from the theoretical analysis and numerical results. Under the circumstances, the height of
the soil surface in the inner and outer compartments is almost equal because the friction
resistance acting on the unit volume of the soil in the inner compartment is equal to that in
the outer compartment. It can be seen that the trend of soil flow is effectively varied by
expanding the ratio of the diameter of the inner bucket to the outer diameter of the bucket
foundation.

The findings add further value to the application of multi-compartment foundations
such as bucket foundations with internal cylindrical and cruciform skirts. Further investi-
gation is necessary to study the penetration of the bucket foundation, equipped with an
inner bucket and cruciform skirts, into sandy soil, while taking into account the staged
installation and variation in pore pressure.
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Notation

D Outer diameter of bucket foundation
d Skirt depth
dp Penetration depth
su Undrained soil shear strength
γ′ Submerged unit weight
E Young’s modulus
υ Poisson’s ratio
St Soil sensitivity
βs, βr Soil strain softening and rate factors
δrem Reciprocal of soil sensitivity, = 1/St
ξ Current accumulated absolute plastic shear strain
ε1, ε3 Major and minor principal total strains
Hplug Average height of soil surface relative to original mud surface in bucket foundation
V′ Penetration resistance
Nc End bearing capacity factor
α Frictional coefficient
α0, αi Outer skin and inner skin frictional coefficient
ξ95 Soil relative ductility (value of ξ for the undrained shear strength to achieve

95% remoulding)
su0,av Soil average intact undrained shear strength over the penetration depth
su0,tip Soil intact undrained shear strength at the skirt tip level
d′ Depth for a position under the same penetration depth
Din Diameter of the inner bucket
Ffin, Ffout Total friction of the soil in the inner and outer compartments
Sin, Sout Bottom areas of the inner and outer compartments
Lin, Lout Bottom perimeter of the inner and outer compartments
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Abstract: Monopiles are commonly used in the construction of offshore wind turbines. However,
implementing drive-drill-drive construction techniques in decomposed granite seabed may lead
to borehole instability during the window period between drilling and pile driving, resulting in
significant project losses. This study provides a comprehensive understanding and approach to
address the causes of borehole instability in rock-socketed monopiles in decomposed granite seabed.
Using the Pinghai Bay offshore wind farm project in Fujian, China as an example, the details of
drive-drill-drive and reverse-circulation drilling techniques employed in monopile construction were
introduced. An improved sampling method was utilized to obtain decomposed granite samples, and a
series of in situ and laboratory tests were conducted to analyze the physical and mechanical properties
of marine-decomposed granite. By examining three cases of monopile construction, the factors
contributing to borehole instability during rock-socketed monopile construction in decomposed
granite seabed were identified, and corresponding recommendations were proposed. The results
indicated that construction technology and unfavorable geological characteristics of decomposed
granite are the primary causes of borehole instability. Collapses occurred mainly in highly and
moderately decomposed granite layers. Employing smaller boreholes can reduce the likelihood and
impact of borehole instability.

Keywords: borehole instability; decomposed granite; rock-socketed monopile; field case

1. Introduction

Offshore wind power is an important contributor to mitigating the effects of climate
change and reducing the global carbon footprint. The construction of offshore wind tur-
bines has seen a significant increase in recent years to meet the growing demand for
renewable energy [1]. However, offshore wind turbine construction presents a unique set
of challenges, one of them being the elevated cost compared to onshore wind turbine con-
struction [2]. Among the contributing factors to the elevated cost of offshore wind turbine
construction are the design and installation of the foundation account for a substantial
portion, potentially reaching 20–30% [3].

The foundations for offshore wind turbines can take various forms, such as gravity,
monopiles, tripods, jackets, and suction bucket foundations [4]. Among these, monopiles
have become a popular choice for offshore wind power due to their simplicity and cost-
effectiveness [5–7]. Despite their popularity, monopile construction in certain geological
formations can pose problems that result in increased foundation installation costs. In
southeastern China, granites with varying degrees of weathering are widely present on
the seabed [8,9]. The construction of monopiles in this area requires passing through
decomposed granite, which led to frequent incidents of borehole instability and pile running
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during construction. These incidents have a significant impact on the safety and economics
of offshore wind turbine construction.

Borehole instability is a major concern in drilling operations and has been studied
in different formations. In anisotropic rocks, when the borehole is perpendicular to the
bedding plane, the influence of the bedding plane on the wellbore instability is negligi-
ble, while the borehole instability is prone to occur when the borehole is oriented along
the bedding plane [10]. Borehole instabilities in shale involve multiple mechanisms, in-
cluding pore pressure diffusion, plasticity, anisotropy, capillary effects, permeability, and
physicochemical changes [11]. In sandstones with moderate to high porosity and rich in
quartz, borehole instabilities result in the formation of elongated, slender fractures that
extend to substantial distances and are oriented perpendicular to the far-field principal
compressive stress [12]. The failure mode of sandy soil in the borehole was found to be
primarily governed by shear failure [13]. Extensive model borehole tests showed that in
clay formations, over-consolidation can greatly improve the stability of the borehole, and
for normally consolidated clay, the hole wall becomes unstable when the volume change
exceeds 5% [14]. However, borehole stability performance in decomposed granite seabed is
still not fully understood and is an area of scarce research.

To fully understand the causes of borehole instability of rock-socketed monopile in
decomposed granite seabed, a series of in situ and laboratory tests were carried out to reveal
the engineering geological characteristics of the decomposed granite in the southeastern
coastal region of China. Combining three cases of monopile construction, the reasons
for borehole instability during the construction process of rock-socketed monopiles in
the decomposed granite seabed were clarified, and corresponding countermeasures were
proposed. The results of this study can provide a reference for the construction of offshore
wind power projects in similar geological formations.

2. Background

2.1. Project Information

As part of the Pinghai Bay Offshore Wind Power Project, the offshore wind farm is
located near Luci Island in the southeastern region of China, as shown in Figure 1. The site
has been designated for the installation of 50 wind turbines, each with a capacity of 5 MW,
yielding a total installed capacity of 250 MW. The water depth within the site varied between
10~20 m, with the closest distance to the coastline estimated at approximately 6.0 km. The
primary foundation forms utilized for the wind turbines are steel tube monopiles, group
pile foundations, and suction bucket foundations, with an initial plan to utilize monopiles
for 28 wind turbines. However, due to construction challenges such as borehole collapse
and pile running, the number of wind turbines employing monopiles was reduced to 16.

 

Figure 1. The location of the offshore wind farm.
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The geological characteristics of this area, identified by drilling surveys conducted in
the study area, are characterized by a soft top layer and a hard bottom layer. The overlying
soil is the result of extensive weathering of offshore rocks and sediments, while the bottom
is primarily composed of moderately decomposed granite (MDG) to slightly decomposed
granite (SDG) with a relatively intact rock mass and high hardness. Between the two layers
are completely decomposed granite (CDG) and highly decomposed granite (HDG), which
are sensitive to disturbance and tend to soften when exposed to water.

The construction of offshore wind power foundations is significantly influenced by the
marine environment. Typically, construction activities are carried out for 3~4 consecutive
days under ideal weather conditions. However, the area is frequently affected by unfavor-
able weather conditions from October to March of the subsequent year, and the continuity
of construction is significantly affected. The optimal construction period occurs from April
to September annually, although this timeframe is subject to typhoon disruptions. Data
obtained from historical records of the construction site and local meteorological stations
show that the construction site is typically impacted by 5~6 typhoons each year, with each
typhoon resulting in 3~7 days of suspension. The restricted effective construction time
necessitates stringent demands on the construction of offshore wind power foundations
and the installation of offshore wind turbines.

2.2. Construction Technology

The construction of monopiles typically employs pile-driving construction technology,
which involves driving the pile to the required depth using a hydraulic hammer. During
the construction process in the area of Pinghai Bay, the monopile could easily penetrate the
surface sedimentary soil layers. However, the pile-driving method is no longer effective
due to the high soil shear strength when reaching the decomposed granite stratum. To
address this issue, the construction method was altered to “drive-drill-drive” construction
technology [15], as shown in Figure 2. The process is as follows:

    
(a) (b) (c) (d) 

Figure 2. Construction process of monopile: (a) locating monopile on the seabed, (b) pile driving,
(c) drilling hole, and (d) pile driving.

The monopile is first positioned into the cage mouth using a crane and then pressed
down with a hydraulic hammer. When the monopile reaches a certain depth and encounters
harder formation, it is difficult to move downward. At this stage, a drilling rig is utilized to
hollow out the soil in the monopile, and drilling is continued for a set distance to reduce
the resistance for driving the monopile. After the drilling rig is drilled to the desired depth,
the piling equipment is replaced to further drive the monopile into a deeper formation.
This process of drilling and pile driving is repeated until the pile foundation reaches the
design depth. The on-site construction of pile driving and drilling rig hoisting is shown in
Figure 3.
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(a) (b) 

Figure 3. The on-site construction of: (a) monopile driving and (b) drilling rig hoisting.

To complete the installation of the offshore wind turbine foundations within the
limited construction window, the highly efficient and rapid gas-lift reverse-circulation
construction technology was employed during the drilling phase, as illustrated in Figure 4.
The reverse-circulation construction process entails directing compressed air into the drill
bit through the annular space of the double wall drill pipe, causing the compressed air to
mix with seawater and the drill cuttings generated during drilling to form a low-density
gas–liquid mixture [16]. The resulting difference in liquid density between the inside and
outside of the pipe drives the cuttings in the drill hole to be transported from the inner pipe
to the surface via water flow, creating a cyclical reaction. This process enables a significant
amount of drill cuttings to be efficiently discharged in a short period, thereby significantly
increasing the construction speed.

  
(a) (b) 

Figure 4. Reverse-circulation drilling: (a) photo of drilling rig and (b) schematic diagram of drilling.

2.3. Borehole Instability

During the construction of the monopile at the Pinghai Bay offshore wind farm, bore-
hole instability problems occurred several times, which occurred during the transitional
period between drilling and pile driving, leading to issues such as pile running and devia-
tion from the desired pile verticality. These problems resulted in prolonged construction
periods and increased costs.

Borehole instability often occurs during the window between the drilling and pile
driving processes, which required the transportation and replacement of large-scale con-
struction machinery by offshore engineering vessels. This transition period, which often
lasted several days, caused the soil near the exposed hole wall to collapse and fall, trigger-
ing a cascading collapse of the hole wall, as shown in Figure 5. During the construction
process of the monopiles for the 16 wind turbines at the wind farm, varying degrees of
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collapse occurred. Among them, pile running occurred during the construction of three
monopiles due to the large range of hole wall collapse. In the construction process of the
remaining monopiles, the bottom elevation of the holes increased by 0.5 to 5 m compared
to the pre-collapse level due to the hole wall collapse.

 

Figure 5. Schematic diagram of hole collapse after drilling.

2.4. Typical Borehole Collapse Cases
2.4.1. Case 1

The geological conditions and collapse situation of Case 1 are shown in Figure 6. The
water depth is 15.45 m, and the overlying layer is 16.4 m thick, primarily consisting of
silt-fine sand and medium-fine sand. The lower part of the surface seabed sediments is
composed of CDG, HDG, and MDG. The CDG layer has a thickness of 3.6 m, the HDG
has a thickness of 19.5 m, and the MDG is located below it. At first, the monopile was
driven to a depth of 33.25 m, with the bottom of the monopile located in the HDG layer,
followed by drilling operations. After five days of drilling, the depth reached 6.25 m below
the monopile tip, with the exposed rock thickness being 6.15 m in the HDG layer and 0.1 m
in the MDG layer. Subsequently, the plan was to replace the driving equipment for further
pile driving, but the equipment arrived 12 days after the completion of drilling, and a
collapse problem occurred in the meantime. The elevation of the pile bottom had increased
by 5 m due to the borehole collapse, which mainly occurred in the HDG layer.

2.4.2. Case 2

The geological conditions and collapse situation of Case 2 are presented in Figure 7.
The overlying layer is 6.8 m thick and consists mainly of silt-fine sand. The lower part of
the surface seabed sediments consists of HDG, and there is no CDG stratum at this turbine
location. The HDG stratum has a thickness of 12.75 m, and the MDG stratum below it has a
thickness of 13.7 m. After the completion of monopile driving, the monopile entered the strata
at a depth of 26.85 m, followed by drilling operations. The drilling depth reached 8.4 m below
the monopile tip, with 2.1 m of the exposed rock being in the SDG stratum. Subsequently,
the plan was to replace the piling equipment for further piling, with the equipment arriving
10 days after the completion of the drilling. However, it was discovered that a collapse had
occurred. Upon testing, it was found that the elevation of the monopile bottom had increased
by 4.2 m due to the collapse, which mainly occurred in the MDG stratum.
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(a) (b) 

Figure 6. Borehole instability of Case 1: (a) original borehole and (b) borehole after the collapse.

  
(a) (b) 

Figure 7. Borehole instability of Case 2: (a) original borehole and (b) borehole after the collapse.

2.4.3. Case 3

The geological conditions and collapse situation in Case 3 are depicted in Figure 8.
The overlying layer is 24.6 m thick, consisting mainly of silt-fine sand and powdery clay.
The lower part of the surface seabed sediments comprises HDG, with the CDG stratum
missing at this location, similar to Case 2. The HDG stratum has a thickness of 7.9 m,
with the MDG stratum below it. The monopile had a depth of 33.2 m in the strata, with
the bottom of the monopile located in the MDG stratum, followed by drilling operations.
After 10 days of drilling, the drilling depth reached 4.9 m below the monopile tip, with all
exposed rock being in the MDG stratum. Subsequently, the plan was to replace the piling
equipment for further piling, with the equipment arriving 12 days after the completion of
the drilling. However, a collapse problem occurred, and it was found that the elevation of
the monopile bottom had increased by 4.8 m due to the collapse, which mainly occurred in
the MDG stratum.

107



J. Mar. Sci. Eng. 2023, 11, 990

  
(a) (b) 

Figure 8. Borehole instability of Case 3: (a) original borehole and (b) borehole after the collapse.

3. Methodology

Since the borehole instability of rock-socketed monopile in decomposed granite seabed
is closely related to the physical and mechanical properties of the granite, a series of in situ
and laboratory tests were first carried out.

3.1. Sampling Method

Due to the poor mechanical properties of the soil, especially for the completely de-
composed granite (CDG) and highly decomposed granite (HDG), a less disturbed field
sampling method was adopted. The sampling process is depicted in Figure 9. Firstly, the
casing was lowered to the seabed surface and the drilling rig was secured on the platform.
The soil sampler was then installed on the drill pipe and lowered from within the casing to
the seabed surface. The drilling rig rotated the drill pipe and extracts soil samples while
a slurry pit and a pump were employed on the platform to circulate drilling fluid in the
borehole and remove drilling debris.

 

Figure 9. Schematic diagram of the soil sampling method.

As shown in Figure 10, the soil sampler utilized was a double-tube rotary sampler,
with the outer tube rotating during the soil retrieval process, while the inner core tube
remained stationary [17]. This method reduces the impact of vibration on the soil samples
during the sampling process, minimizes scouring of the soil samples by the drilling liquid,
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and effectively reduces the disturbance to soil samples [18]. To enhance the performance
of the slurry and ensure the quality of the retrieved soil, a certain amount of biopolymer
was added to the drilling fluid. Biopolymer is a natural, organic high molecular polymer
that comes in the form of a light red powder and is soluble in water [19]. The drilling
fluid prepared with biopolymer exhibits improved viscoelasticity, lubricity, and rheology
compared to the traditional slurry, effectively reducing the mechanical vibration of the
drill pipe, protecting the core and hole wall, and being non-toxic and biodegradable. To
gain a comprehensive understanding of the soil properties in the sea region of the offshore
wind farm, a total of 22 sampling locations within the sea region were drilled, and samples
were collected.

 

Figure 10. Double-tube rotary sampler sampling of marine-decomposed granite: (a) drilling rig,
(b) double-tube rotary sampler, (c) biopolymer, and (d) sample.

3.2. In Situ Tests

In this research, various techniques were utilized for geological surveying, including
the standard penetration test (SPT), heavy cone dynamic probing test (DPT), shear wave
velocity tests, and resistivity tests. Standard penetration tests were carried out on the
overlying soil layers such as silt-fine sand, powdery clay, and the CDG and HDG soil layers.
An automatic hammer device with a hammer weight of 63.5 kg and a fall distance of 7 cm
was used for the test. During the test, after pre-drilling 15 cm, the probe was kept vertical,
and the hammer was struck at a uniform speed. The number of standard penetrations for
each 10 cm and the cumulative penetration of 30 cm were recorded as one test point. The
penetration depth at the 50th blow was recorded when the number of standard penetrations
reached 50 within 30 cm. Standard penetration tests were conducted on each layer inside
the borehole with a spacing of 2~3 m within a depth of 0~20 m.

In the MDG stratum, heavy dynamic probing tests were conducted using an automatic
disengagement free-fall hammer for penetration, with continuous penetration required,
and the number of blows were recorded for every 10 cm. Heavy dynamic probing tests
were carried out every 2~3 m, with a continuous penetration of no less than 1 m per layer
in the same geological unit.

In this study, shear wave velocity tests were conducted on each soil layer using a
suspended wave velocity logger. The equipment included a host machine, an in-well
suspended probe, and connecting cables, such as signal cables and trigger cables. The
in-well suspended probe was composed of a fully sealed electromagnetic excitation source,
two independent fully sealed detectors, and high-strength connection hoses, with a distance
of 1 m between the two receiving detectors. The shear wave testing was conducted after the
completion of drilling and before the stratum shrinkage, with a test point spacing of 1 m in
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the uncased borehole. Electrical resistivity testing was also conducted after sampling, with
an electrode spacing of 0.1 m and 0.95 m.

3.3. Laboratory Tests

After the completion of the sampling work, samples were promptly sealed with wax,
labeled, placed in shockproof boxes, and sent to the laboratory. To ensure the quality
of undisturbed samples, efforts were made to minimize human disturbances during the
packaging, transportation, storage, protection, and delivery of soil samples. Based on ASTM
D2487 (2011) standard [20], the laboratory conducted tests to determine the basic physical
indicators of rock and soil, including natural density (ρn), dry density (ρd), void ratio (e),
water content (ω), specific gravity of solid particles (Gs), and permeability coefficient (k).
Mechanical indicators of rock and soil, including compression coefficient av0.1~0.2 (the slope
of the tangent of the e-p compression curve when the pressure p is between 0.1 and 0.2 MPa),
compression modulus Es1~2 (calculated when the additional pressure p equals 1 and 2 MPa),
and elastic modulus (Ee), were also obtained. The cohesive strength (c) and internal friction
angle (ϕ) of the CDG and HDG were determined through direct simple shear tests, while
the point load strength index (Is) of the MDG was obtained through point load tests. The
uniaxial compressive strength (R) of the MDG and SDG was determined through a uniaxial
compression test.

CDG and HDG exhibit disintegration properties when immersed in water, which can
accelerate the collapse of borehole walls. To investigate this characteristic, disintegration
tests were performed by immersing samples in a saline solution.

4. Results and Discussion

4.1. Physical and Mechanical Properties of Decomposed Granite

Typical samples of four types of weathered granite are displayed in Figure 11. Table 1
summarizes the typical characteristics of four types of weathered granite classified according
to the degree of weathering and physical properties, and the weathering classification system
for granite and volcanic rocks in Hong Kong [21,22] is referenced. Based on data from
22 drilling sites in Pinghai Bay and laboratory tests, Table 2 summarizes the physical properties
of the four types of weathered granite, including shear wave velocity (Vs), resistivity (ρ), and
the standard penetration test number (N). The sample morphology in Figure 11, combined
with the qualitative indicators of the samples in Table 2 and the general description of the
sample properties in Table 1, can be used to conveniently classify weathered granite according
to the degree of weathering in engineering.

Table 1. Classification of differently decomposed granite.

Type Grade General Characteristics Typical Characteristics

CDG V
Gray-yellow with brown yellow High content of clay minerals
Destroyed completely, soil like Can be crumbled by hand

HDG IV

Gray-white with black Mainly quartz and feldspar

Original rock texture preserved,
sandy soil like Can be broken by hand

MDG III

Brown yellow Part of feldspar is weathered

Clear structure of parent rocks,
clastic blocks

Not easily broken by hand,
easily broken by hammer

SDG II

Gray-white with black Mainly quartz, feldspar, and mica

Distinct structure of parent rocks,
column-like

Cannot usually be broken by hand,
not easily broken by hammer
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Figure 11. Typical images of different decomposed granite: (a) CDG, (b) HDG, (c) MDG, and (d) SDG.

Table 2. Main physical and mechanical properties of decomposed granite.

Parameter CDG HDG MDG SDG

ρn/(g/cm3) 1.83~2.04 1.87~2.21 / /
ρd/(g/cm3) 1.50~1.73 1.46~1.92 2.68~2.72 2.62~2.81

e 0.552~0.814 0.397~0.850 / /
ω/% 17.7~29.9 14.3~30.6 / /

Gs 2.69~2.72 2.68~2.72 / /
av0.1~0.2/MPa−1 0.30~0.54 0.23~0.28 / /

Es1~2/MPa 3.35~5.49 5.53~11.61 / /
Ee/GPa / / / 16.8~51.9
c/kPa 21.3~25.3 18.3~23.4 205.9~6900 /

ϕ/◦ 27.4~28.8 28.4~35.2 34.9~52.4 /
Is/MPa / / 0.33~0.68 /
R/MPa / / 5.38~18.20 30.63~107.20

k/(10−6 cm/s) 58.2~87.5 61.2~426.0 / /
Vs/(m/s) 311~346 316~495 447~681 610~936
ρ/(Ω·m) 1.46~1.91 2.18~11.36 10.73~44.26 23.66~152.55

N 33~47 55~67 / /

Overall, both CDG and HDG have undergone significant weathering processes, re-
sulting in poor engineering geological properties similar to residual soil. Some physical
indicators of CDG and HDG, such as natural density (ρn), dry density (ρd), void ratio (e),
water content (ω), specific gravity of solid particles (Gs), and permeability coefficient (k), are
comparable in magnitude and overlap. The compression coefficient (av0.1~0.2) and the com-
pression modulus (Es1~2) of CDG are significantly smaller than those of HDG, indicating
that CDG is more compressible. The strengths of CDG and HDG are similar and relatively
low, with cohesion (c) around 20 kPa, an internal friction angle (ϕ) of approximately 28◦
for CDG, and approximately 32◦ for HDG. There are noticeable differences in the field test
indicators of CDG and HDG, manifested as higher shear wave velocity (Vs), resistivity (ρ),
and standard penetration test number (N) for CDG than HDG.

In contrast to CDM and HDG, MDG exhibits overall characteristics of fragmented rock
mass. MDG rock blocks retain part of the original rock strength, such as block cohesion (c)
and point load strength (Is) reaching several thousand kPa, and uniaxial compressive
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strength (R) around 10 MPa. The shear wave velocity (Vs) and resistivity (ρ) of MDG are
significantly higher than those of CDG and HDG. Although the strength of individual MDG
rock blocks is substantial, the structure of the MDG rock mass is extremely fragmented,
with an average spacing of structural surfaces less than 0.4 m, making the rock mass prone
to failure along these structural surfaces.

Among the four rock types, SDG exhibits the lowest degree of weathering, with core
strength closer to fresh rock and the highest uniaxial compressive strength (R) reaching
approximately 100 MPa. Additionally, the rock mass structure of SDG is relatively intact,
with structural surface spacing greater than 1 m. Moreover, the shear wave velocity (Vs)
and resistivity (ρ) of SDG are higher than those of MDG.

4.2. Disintergration Properties of Decomposed Granite

The typical images of the samples during disintegration are shown in Figure 12, where
t represents the immersion time and Rd represents the percentage of disintegration of the
sample. The disintegration process of CDG due to water immersion shows a gradual
disintegration from the outside to the inside. Surface particles detach continuously from
the sample, falling to the bottom of the container. The sample disintegrates rapidly, and a
significant quantity of soil particles enter the solution, forming a suspension in a short time,
leading to complete disintegration. During the disintegration process of CDG, multiple
cracks occur, causing small samples to disintegrate quickly and fall to the bottom of the
screen, while larger samples remain relatively stable for a short time before additional
cracking occurs.

 
Figure 12. Typical images of samples during disintegration: (a) CDG with a buried depth of 3.5 m
and (b) HDG with a buried depth of 9.6 m.

The results of the disintegration tests are presented in Figure 13. The disintegration
rate of CDG was relatively fast, and it completely disintegrated in approximately 2 min.
The disintegration process occurred gradually from the outside to the inside, resulting
in a smooth disintegration curve. In contrast, HDG had a slower disintegration rate
and demonstrated resistance to disintegration. During the process, multiple cracks were
observed, and the disintegration curve showed a step-like increase. The disintegration rate
and ratio varied based on the depth of burial, with the sample buried at a depth of 6.5 m
taking approximately 10 min to reach a stable disintegration state with a final disintegration
ratio (Rd) of approximately 80%. The sample buried at 9.6 m took around 2 h to reach a
stable disintegration state with Rd of 42%, while the sample buried at a depth of 12.8 m
showed only a small amount of disintegration after 2 to 3 h and took 10 h to reach a stable
state, with Rd of 16%.
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Figure 13. Disintegration curves of granite with different weathering degrees.

4.3. Causes for Borehole Instability

During the monopile construction, it was observed that hole wall collapse was primar-
ily an issue in the HDG or MDG stratum. This was due to the high resistance encountered
during monopile driving in this layer, which requires switching from piling to drilling
methods. In contrast, the sedimentary layer on the seabed surface and the CDG formation
has low soil strength, allowing the monopile to penetrate without the need for drilling
equipment. However, after drilling is completed, the HDG and CDG tend to collapse before
the next piling. When entering the SDG, the switch between piling and drilling is also
required, but the low degree of weathering of SDG results in the stability of the hole wall,
with rare incidents of instability.

Upon considering the construction technology characteristics, instances of borehole
collapse, and the rock and soil mass properties in the formation, it is clear that inappropriate
construction technology (including a lack of hole wall protection measures, extended
exposure time of the hole wall, excessive drilling depth, and large wall diameter) and
poor rock mass properties (including low strength, high in situ stress, susceptibility to
disintegration upon water immersion, and high permeability) are the primary and direct
causes of borehole collapse. Additionally, engineering experience gained from monopile
construction in wind farms indicates that external factors such as fractures, faults, and
the operating environment also impact borehole stability to some extent. The causes of
borehole instability are summarized and ranked according to their degree of influence, as
shown in Figure 14.

 
Figure 14. Causes of borehole instability.
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(1) The construction of monopiles in this wind farm used the drill-drive-drill method,
but the processes between drilling and monopile driving were not rapid enough, resulting
in a long-time interval between the two operations. In addition, to shorten the construc-
tion time and reduce costs, reverse-circulation drilling with seawater was used during
construction instead of using slurry to protect the hole wall, resulting in direct exposure of
decomposed granite at the hole wall to water. The long window period between drilling
and monopile driving operations and the lack of hole wall protection measures directly led
to borehole instability.

Additionally, if the depth of drilling is too large at one time, the increased extent of
exposed soil exacerbates the problem of borehole instability. The use of large-diameter
monopiles is also an important factor that contributes to borehole instability. The diameter
of the monopile is 7 m in the Pinghai Bay offshore wind farm, and the size of the borehole
is close to the monopile diameter. The large diameter of the borehole results in a broad
range of soil being affected by unloading. Based on the soil arching effect [23], it is evident
that the larger the borehole size, the higher the likelihood of hole wall collapse issues.

(2) The insufficient soil shear strength and broken structure of HDG and MDG are the
main causes of borehole instability. Drilling and excavation activities change the original in
situ stress state of the soil, leading to the loss of horizontal restraint at the hole wall and
subsequent changes in the stress state of the soil. The greater the depth of the soil, the
higher the original in situ stress and the more pronounced the unloading effect of drilling
excavation, exacerbating the change in a stress state. Evidence from the construction of the
Pinghai Bay wind farm suggests that collapsed holes tend to occur at depths of 30–40 m,
where excavation causes a significant unloading effect on the hole wall. Most of these
borehole instabilities occur in MDG and HDG layers, where the shear strength of the soil is
not sufficient to resist the shear deformation caused by excavation, resulting in deformation
and borehole collapse.

As observed from the three construction cases, the stability of the borehole is influenced
by the adjacent strata, but it is fundamentally controlled by the strength of the rock mass.
In Case 2, MDG is adjacent to the less weathered and higher strength SDG. According to
the previously mentioned stratum variation, the strength of the rock mass increases with
depth. As a result, the exposed part of the MDG in this case has a relatively higher strength,
leading to a collapse height of only 49% of the original exposed height. In contrast, in
Case 3, the exposed rock mass is entirely MDG, and the exposure location has just entered
the MDG layer from the HDG layer at 7.3 m. This indicates that the exposed MDG strength
is not as high as that in Case 2, which is also reflected in the collapse ratio reaching 98%.

Additionally, CDG and HDG exhibit disintegration properties when immersed in
water. Therefore, if the exposed rock after drilling is CDG or HDG, the gradual disin-
tegration due to water immersion can accelerate the collapse of the borehole wall and
sustain damage continuously. The duration of soil soaking in water corresponds to the
extent of hole collapse. Additionally, the higher the permeability coefficient of HDG, the
easier it is for water to seep into the rock, leading to soil mass disintegration and borehole
wall collapse.

(3) Geological fractures and faults discovered can aggravate hole wall collapse prob-
lems. The MDG formation exhibits many structural planes, which are evident in the
block-like nature of the MDG samples collected. These structural planes significantly
reduce the overall strength of the rock mass, and the length and density of these planes
are crucial factors that affect rock mass strength. Besides, HDG formation also contains
geological cracks that, if present in the hole wall, can cause the surrounding rock mass to
slide rapidly along these cracks, resulting in a hole wall collapse.

(4) Adverse offshore weather conditions, such as strong winds and large waves, can
affect the stability of drilling to some extent. Based on engineering experience, strong
winds and large waves make it challenging to maintain vertical drilling during the drilling
process, potentially causing slight tilting and increasing the likelihood of borehole instability.
Furthermore, dynamic loads from strong winds and large waves can induce small vibrations
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in the offshore platform and drilling equipment. These vibrations are transmitted to the
hole wall through the drill rod and monopile foundation, exerting a disturbance on the soil
and affecting borehole stability. However, although these effects can be detrimental, their
impact is relatively small compared to construction technology and rock mass properties.

4.4. Judgement of the Possibility of Borehole Instability

Accurate identification of the type of exposed rock is essential to determine the likeli-
hood of borehole instability during the construction of a rock-socketed monopile in similar
formations. This can be achieved through sampling or field tests, such as shear wave ve-
locity testing, and the different types of decomposed granite can be identified by referring
to Figure 11, Tables 1 and 2. Based on construction experience at the Pinghai Bay offshore
wind farm, for the monopile with a diameter of 7 m, if the exposed rock is of the HDG
or MDG, the height of the exposed rock exceeds 4 m, and the monopile installation is not
completed within five days after the borehole excavation, serious instability issues are
likely to occur in the borehole.

4.5. Improvement Measures to Prevent Borehole Instability

Considering the unfavorable engineering characteristics of decomposed granite, im-
plementing the drive-drill-drive technology for constructing monopiles in multi-layered
decomposed granite strata inevitably faces the challenge of borehole instability. However,
various measures can be taken to minimize the extent of hole wall collapse and delay
its occurrence, mitigating the negative impact on monopile construction. Efforts can be
made to drive the monopile foundation deeper into strata with higher soil strength to
avoid drilling or to minimize the time interval and drilling depth between drilling and pile
driving. Additionally, construction processes can be improved to avoid borehole instability
issues, as shown in Figure 15. Specific suggestions for improvement include:

(1) Using a smaller diameter drilling rig during drilling. In this case, the range of exposed
soil is reduced, and considering the soil arching effect, the possibility of borehole
instability is significantly reduced. Even if borehole instability occurs, the buffer effect
provided by the distance between the borehole wall and the monopile can prevent
pile running. Additionally, constructing a hollow cylindrical structure of soil within
the monopile can also significantly reduce pile driving resistance.

(2) Using a casing that can be lifted and lowered freely. After drilling is completed, the
casing can be lowered to protect the borehole wall and then lifted back up after the next
step of pile driving is completed. This method can provide support to the borehole
wall to prevent borehole instability.

(3) Using biopolymer drilling fluid during drilling to form a filter cake on the borehole
wall. This can prevent decomposed granite from directly contacting seawater, avoiding
disintegration. It can also exert static water pressure on the borehole wall to counteract
the stress release caused by excavation and maintain borehole stability. Compared
with traditional slurry, biopolymer drilling fluid causes minimal pollution to the
marine environment, but its disadvantage is its high cost.
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Figure 15. Construction recommendations: (a) drilling smaller borehole, (b) using casing, and
(c) using biopolymer drilling fluid.

5. Conclusions

In this research, the causes of borehole instability in the construction of monopiles for
offshore wind turbines in Pinghai Bay in decomposed granite seabed were investigated.
A series of field sampling, in situ tests, and laboratory tests were conducted to reveal the
geotechnical characteristics of marine-decomposed granite in the area. Combining three
cases of monopile construction, the reasons for borehole instability during the construction
process of rock-socketed monopiles in the decomposed granite seabed were clarified, and
corresponding recommendations were proposed. The main conclusions are as follows:

(1) The results of the sampling operation demonstrate that employing a double-tube
rotary sampler with biopolymer drilling fluid significantly minimizes disturbance
to decomposed granite, enabling the acquisition of complete samples. A series of
in situ and laboratory tests revealed an increase in the weathering degree of granite
from SDG to MDG, HDG, and CDG, while mechanical strength and integrity declined
considerably. These four types of decomposed granite can be effectively classified
based on apparent characteristics, in situ tests, and laboratory tests.

(2) The long window period between drilling and monopile driving operations, the
insufficient soil shear strength, and the lack of hole wall protection are the main causes
of borehole instability. Due to HDG’s insufficient strength and the highly fragmented
structure of MDG, hole collapse predominantly occurs within CDG and MDG strata.
The water-immersion disintegration properties of HDG exacerbate the collapse rate in
HDG strata. Additional factors, such as large pile foundation dimensions, geological
fractures or faults, and adverse construction environments, may worsen this issue.

(3) The occurrence of hole collapse can be comprehensively determined by considering
factors such as stratum type, soil exposure range, and exposure duration. The key
to preventing hole wall instability lies in reducing exposed soil range and duration
or implementing suitable retaining wall measures. Drilling smaller holes has proven
effective in engineering practice. Employing casing or plant-based drilling fluid for
hole wall protection may also be considered a potential improvement measure.
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Abstract: Silty soil is common in the seabed of eastern coastal areas of China. The behaviors of the
silty soil and a bucket foundation installed within it need more study. In this work, model tests of a
bucket foundation in silty soil were performed. The development of the excess pore water pressures
in the different positions around the bucket was measured. Different loading conditions, with a
change in the horizontal cyclic load amplitude ratio, horizontal cyclic frequency, and vertical load
ratio, were considered. The effects of the pore water pressure on the shear strength of the soil around
the bucket and the horizontal bearing capacity of the bucket foundation were investigated. The
results show that the normalized pore water pressures close to the bucket wall at depths between
0.1 L and 0.3 L exhibit distinct change under the cyclic load. Consistent with the distribution of the
pore water pressure, the degradation of the undrained shear strength is more obvious with a greater
load amplitude ratio, a greater load frequency, and a smaller vertical load. The degradation rate
of the static horizontal ultimate bearing capacity is in a range of 1.57% to 14.90%, under different
loading conditions.

Keywords: silt; bucket foundation; pore pressure; cyclic load; bearing capacity

1. Introduction

Offshore wind energy is considered to be one of the most important renewable energy
resources due to its rich reserve, wide distribution, and freedom from pollution. In recent
years, a number of wind farms have been planned and constructed in the eastern coastal
areas of China. In this region, silty soil is widely distributed in the seabed. The physical
properties and mechanical behaviors of silty soils are quite different from those of clay and
sand. Using wave tank tests, Clukey et al. [1] found that silts were more susceptible to wave-
induced liquefaction due to the build-up of excess pore-water pressures. The accumulation
of the pore pressure in silty soil may affect the bearing capacity of the foundation of the
wind turbine, which will bring challenges to the design and operation of wind farms [2,3].

A suction bucket foundation can be installed into the seabed with self-weight and
suction pressure, which is thought to be a cost-effective fountain type due to the speed
of installation and reduction in material costs comparing with other commonly used
foundations. The cyclic lateral loadings induced by wind, waves, and currents in a ma-
rine environment may cause the accumulation of excess pore pressure in the soil around
the bucket foundation, which may result in a decrease in the effective stress of the soil.
Consequently, the bearing capacity of the suction bucket foundation will be decreased.

The development of pore pressure in clay under cyclic loads has been extensively
studied over the past few decades. Several numerical models have been proposed to study
the oscillatory and residual soil response under vertical wave loading by solving the Biot
equation [4–6]. The development of pore water pressure and a liquefaction zone around the
monopile in the seabed can be predicted and analyzed. In recent years, the soil–foundation
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interaction under vertical cyclic loads was also investigated by some researchers. Shen [7]
proposed a finite element model of a suction anchor in the porous seabed subjected to cyclic
uplifting loads. The results indicated that soil properties and the cyclic loading condition
affected the accumulation of pore pressure around the suction anchor and the degradation
of the anchor–soil frictional resistance was estimated. Some researchers [8–10] investigated
the influence of the axial cyclic loading on the behavior of the foundation, considering the
installation process. For the suction bucket foundation, the suction during installation may
lead to seepage and cause a reduction in the soil strength. Some centrifuge tests [11,12],
small scale tests [13,14], and numerical simulations [10,15,16] were also conducted to study
the bearing capacity of the bucket foundation. In the previous work, more attention was
paid to the influence of the L/D ratio (L is height and D is diameter of the bucket), loading
regime, soil properties, and installation process on the horizontal bearing capacity of the
foundation. Lazcano et al. [17] proposed a method to calculate the pore water pressure
considering the in situ effective vertical stress, static shear stress, cyclic shear stress, and
void ratio, and it was implemented to a numerical model, which could be used to calculate
the bearing capacity of a shallow foundation under cyclic loading. Previous researchers also
paid attention to the effect of cyclic loading on the soil strength degradation and bearing
capacity degradation separately. Hodder et al. [18] proposed an analytical framework to
estimate the degradation of undrained shear strength due to gross disturbance by a T-bar
penetrometer. Ajmera et al. [19] investigated the effect of plasticity characteristics and
mineralogical compositions on post-cyclic shear strength degradation and found that the
post-cyclic undrained strength was related to clay minerals, the plasticity index (PI), and
the cyclic stress ratio. Moses et al. [20] studied the strength and deformation behaviors
of cemented marine clay under cyclic loading and hypothesized that the effect of cyclic
loading can be summarized in terms of a degradation parameter. Chu et al. [21] proposed
a linear equation which indicated that the soil stiffness degradation ratio was a function of
the excess pore water pressure ratio in a cyclic triaxial system. Hanna et al. [22] investigate
the effect of cyclic loading on sensitive clays under undrained and drained conditions and
introduced the concept of a safe zone for practical design. Mao et al. [23] investigated
the foundation-bearing capacity degradation of an offshore jacket platform under cyclic
loading, and the results showed that the motion amplitude and the frequency of the piles
exerted significant effects.

However, up to now, few studies have comprehensively and causally focused on the
development of pore water pressure, the degradation of the undrained shear strength of
the soil, and the bearing capacity of the bucket in silty soil under cyclic loadings. In this
study, model tests were performed to investigate the development of pore pressure in the
silty soil around the bucket foundation. The strength of the soil with the accumulation of
the pore pressure induced by the cyclic loading was studied, and the consequent bearing
capacity of the bucket foundation with the changed soil strength was analyzed.

2. Model Test

2.1. Bucket Model and Instrumentation

In the model test, the bucket was made of steel. The diameter of the bucket was
100 mm, and the height was 150 mm. Two holes were set on the top of the bucket. One
hole was connected to the vacuum device to provide suction pressure during installation,
and the other was used to lead out the test element circuits, such as the pore water pressure
gauges. The tests were conducted in a model box with a size of 1 m × 1 m × 1.2 m
(length × width × height). In order to study the accumulation of pore water pressure at
different positions around the bucket, five pore water pressure gauges were installed at
different depths, 0.1 L, 0.2 L, 0.3 L, 0.5 L, and 1.0 L, respectively, close to the wall of the
bucket. Two gauges were installed at depths of 0.2 L and 0.3 L and a distance of 0.8 D
from the bucket wall, and one gauge was also placed at a depth of 0.2 L and 1.2 D from
the bucket wall. The arrangement of the pore water pressure gauges is shown in Figure 1.
Other equipment to provide the load, to control the test, and to measure the data included
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the servo motor, the LVDT displacement gauges, the tension gauge, and the dynamic and
static data acquisition instruments.

Figure 1. Arrangement of pore pressure gauges (mm).

2.2. Test Soil

The test soil in this study was taken from a wind farm in Lianyungang, China. The
contents of silt, clay, and sand are 60%, 10%, and 30%, respectively, which is considered
as the makeup of a typical silty soil in this region. The soil was screened to ensure the
uniformity of the sample, and the soil sample was made into a slurry with a water content
of about 60%. A sealable rubber cloth was placed on the box bottom, a gravel drainage
layer with thickness of 0.2 m was laid, and a layer of geotextile was installed for drainage.
The slurry was then poured into the test box. The vacuum preloading method was used
to speed up the consolidation of the test soil, and the vacuum preload was kept at 50 kPa.
After 30 days, more slurry was added to the model box to continue preloading, if settlement
occurred. Finally, the thickness of the soil layer was maintained at 0.9 m. The soil parameters
in the model test are listed in Table 1.

Table 1. Soil parameters.

Particle Content (%)
(Silt–Clay–Sand)

Density
(kN·m−3)

Consolidation
Coefficient (m2/s)

Permeability
(m/s)

Porosity Ratio

60–10–30 19.0 1.26 × 10−6 8.6 × 10−6 0.814

2.3. Test Program

A total of 10 tests were conducted to study the pore pressure response around the
suction bucket foundation and its effects on the soil strength and bearing capacity of the
bucket foundation. The loading conditions with change in three parameters, horizontal
cyclic load amplitude ratio Hd/Hj, horizontal cyclic frequency f, and vertical load ratio
Vd/Vj, are considered. Vd and Hd are the applied vertical and horizontal loads, and Vj and
Hj are the vertical and horizontal ultimate static bearing capacities of the foundation. A
summary of the tests is shown in Table 2.
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Table 2. Summary of all the tests.

Test NO.
Vertical Load Ratio,

Vd/Vj

Cyclic Frequency,
f (Hz)

Cyclic Load
Amplitude Ratio,

Hd/Hj

Test 1 0.1 0.2 0.3

Test 2

0.4

0.2

0.05
Test 3 0.1
Test 4 0.2
Test 5 0.3
Test 6 0.4
Test 7 0.5

Test 8 0.3 0.1

Test 9 0.5 0.1

Test 10 0.2 0.2 0.3

3. Test Results and Analyses

3.1. Development of Pore Water Pressure

Using the measured pore pressure at different depths and different distances, the de-
velopment and distribution of the pore water pressures under different loading conditions
are investigated, and the effects of the horizontal cyclic load amplitude ratio, the horizontal
cyclic load frequency, and the vertical load ratio on the accumulation of pore water pressure
are analyzed. The distribution of pore water pressure is consistent with that on the external
side of the suction anchors in Shen’s [7] numerical model.

3.1.1. Effect of the horizontal cyclic load amplitude ratio

A series of tests with different Vd
Vj

values (0.05, 0.1, 0.2, 0.3, 0.4, 0.5) were conducted
to study the effect of horizontal cyclic load amplitude on the accumulation of the pore
water pressure. In these tests, the load frequency was set to be 0.2 Hz and the vertical load
was set to be 40% of the ultimate static bearing capacity (vertical load ratio Vd

Vj
= 0.4). The

measured pore pressures were normalized with the effective self-weight of the soil, p/σ′
0.

Figure 2 shows the normalized pore water pressures at different depths close to the bucket
wall, 0.8 D and 1.2 D from the wall, with different horizontal dynamic load amplitudes.

  
(a) (b) 

Figure 2. Cont.

122



J. Mar. Sci. Eng. 2022, 10, 2020

 
(c) 

Figure 2. Normalized pore pressures with different horizontal cyclic load amplitudes: (a) close to the
wall; (b) 0.8 D from the bucket; (c) 1.2 D from the bucket(0.2 L).

The pore water pressures at a distance of 0.8 D from the bucket wall and at a depth of
0.2 L and 0.3 L are shown in Figure 2b. The normalized pore pressures at 0.2 L are greater
than those at 0.3 L, which is consistent with the distribution of pore water pressure close to
the bucket wall, as shown in Figure 2a. Comparing the results at 0.2 L in Figure 2b with
those in Figure 2a, the pore pressures measured close to the bucket foundation are about
2 times those at 0.8 D from the bucket wall. However, as the load amplitude increases, the
difference at 0.3 L becomes smaller.

Figure 2c shows that the normalized pore water pressures at a distance of 1.2 D from
the bucket wall are very small, varying from 0.0088 to 0.0526, which is even smaller than
10% of those measured close to the bucket wall. With an increase in the horizontal cyclic
load amplitudes, the trend of normalized pore water pressures increases.

3.1.2. Effect of the Horizontal Cyclic Frequency

With the vertical load ratio of 0.4 and the horizontal cyclic load amplitude ratio of 0.1,
different horizontal cyclic frequencies of 0.2 Hz, 0.3 Hz, and 0.5 Hz were applied in Test
3, Test 8, and Test 9 to study the effect of the horizontal cyclic frequency on the dynamic
response of the pore water pressure around the bucket foundation. Normalized pore water
pressures, with different cyclic load frequencies at different positions, are shown in Figure 3.

As shown in Figure 3a, the distribution of pore pressure around the bucket under
different horizontal cyclic frequencies is consistent with that under the vertical cyclic
loads [7]. After cyclic loading, the accumulation of pore pressure above 0.5 L close to the
bucket wall is obvious, and the normalized pore pressures continue to increase with the
increasing load frequency. Figure 3b shows the measured pore pressures at 0.8 D from the
bucket wall. Compared with Figure 3a, the measured pore pressures close to the bucket
foundation are also about 2 times those at 0.8 D from the bucket foundation.

From Figure 3c, it can be seen that the pore water pressures at a distance of 1.2 D
from the bucket wall can still be observed, with the vertical load ratio of 0.4 and the load
amplitude ratio of 0.1. The measured pore pressures at 0.8 D from the bucket foundation
are about 2.5–3 times those at 1.2 D from the foundation. Moreover, the results of pore
water pressure under a higher load frequency (0.5 Hz, p/σ′

0 ≈ 0.116) are greater than those
under a lower load frequency (0.2 Hz, p/σ′

0 ≈ 0.018). The reason may be that the lower the
frequency applied, the better the drainage in the test soil, so that the pore water pressure is
easy to dissipate.
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Figure 3. Normalized pore water pressures with different cyclic load frequencies: (a) close to the
wall; (b) 0.8 D from the wall; (c) 1.2 D from the wall (at 0.2 L).

3.1.3. Effect of the Vertical Load Ratio

With the horizontal cyclic load amplitude ratio of 0.3 and a load frequency of 0.2 Hz,
different vertical load ratios of 0.1, 0.2, and 0.4 were applied in Test 1, Test 5, and Test 10 to
study the effect of the vertical load on the dynamic response of the pore water pressure at
different positions around the bucket foundation.

Figure 4a shows that the normalized pore pressures change significantly above a
depth of 0.3 L. In addition, the greater the vertical load ratio, the smaller the pore pressure
ratio will be, which is similar to the results shown in Figure 4b,c. The reason may be that
increasing the vertical load ratio will limit the vibration of the foundation, and the soil will
be less disturbed by the horizontal cyclic loading. Therefore, the measured normalized
pore pressures with a higher vertical load ratio (0.4) are smaller than those with a lower
vertical load ratio in the surface soil, while below 0.5 L, the normalized pore pressures are
approximate at the vertical load ratio of 0.1 and 0.2, which are smaller than those at the
vertical load ratio of 0.4.

Figure 4c shows the result of measured pore water pressure at 1.2 D from the bucket
wall. The smaller vertical load ratio (0.1) causes larger pore-pressure accumulation, and
there is no pore water pressure measured at all when the vertical load ratio is 0.4 at a depth
of 0.2 L.
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Figure 4. Normalized pore pressures with different vertical load ratios: (a) close to the bucket;
(b) 0.8 D from the bucket; (c) 1.2 D from the wall (at 0.2 L).

3.2. Effects on the Undrained Shear Strength

A micro-penetrometer is a portable geotechnical test instrument that can be used to
measure the undrained shear strength of the soil in situ or in laboratory. In this study, the
micro-penetrometer was used to measure the undrained shear strength around the bucket
foundation before and after the cyclic loading. At a given depth and distance from the
bucket wall, three values were measured, and the distance between the three penetration
points was less than 3 times the probe diameter. The penetration force and undrained shear
strength can be calculated from the readings of the micro-penetrometer.

For sandy soil, it may become denser and the shear modulus may increase under
cyclic loads, and no obvious excess pore water pressure will be observed because the pore
water pressure can dissipate immediately in sand [11]. Thus, the strength may not degrade.
However, for silty seabed soil, due to the content of fine particles, the excess pore water
pressure induced by the cyclic load cannot dissipate immediately. The accumulation of
excess pore pressure will cause a decrease in effective stress, and the shear strength of the
soil will consequently decrease. If the fine particle content is within a certain range, and
the excess pore water pressure is equal to the effective stress, the soil will be liquified, and
the shear strength will be lost completely. Moreover, compared with the sand under cyclic
loading, the fine particles in the silt may be lost during the seepage due to the amplification
of excess pore pressure induced by sustained horizontal cyclic loading [24,25]. Liu [26]
found that the strength of the silty seabed sediments decreased first, then recovered, and
finally enhanced under progressive waves in the wave flume experiment, and the change
rate became larger when wave height increased.

The shear strength of the test soil before the cyclic loading was measured, with a value
of Suq = 19.739 kPa. The undrained shear strength Suh after each cyclic loading test was
then measured. The values of undrained shear strength at a depth of 0.2 L after the tests
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and degradation rates are listed in Table 3. The degradation of undrained shear strength is
consistent with the results of previous research [18,19].

Table 3. Degradation rate of undrained shear strength.

Distance from
Bucket Wall

Suh
Degradation Rate

(%)

Test 1
0 18.947 4.01

0.8 D 19.014 3.67
1.2 D 19.173 2.87

Test 2
0 19.162 2.93

0.8 D 19.254 2.45
1.2 D 19.417 1.63

Test 3
0 19.146 3.01

0.8 D 19.252 2.47
1.2 D 19.470 1.36

Test 4
0 19.110 3.18

0.8 D 19.221 2.62
1.2 D 19426 1.58

Test 5
0 18.937 4.06

0.8 D 19.002 3.73
1.2 D 19.196 2.75

Test 6
0 18.900 4.25

0.8 D 19.011 3.69
1.2 D 19.140 3.03

Test 7
0 18.889 4.31

0.8 D 19.036 3.56
1.2 D 19.097 3.25

Test 8
0 18.977 3.86

0.8 D 19.002 3.73
1.2 D 19.178 2.84

Test 9
0 18.861 4.45

0.8 D 19.026 3.61
1.2 D 19.162 2.92

Test 10
0 18.960 3.95

0.8 D 19.026 3.61
1.2 D 19.133 3.07

The results show that the undrained shear strength degradation is the most obvious
close to the bucket wall, and the farther away from the bucket wall, the lower the undrained
shear strength degradation will be. At the same time, the rate of degradation is larger when
the load frequency and amplitude are higher. The undrained shear strength degradation
rate decreases with the increase in the vertical load ratio, which is consistent with the
distribution of the measured pore pressure around the bucket foundation, as shown in
Figure 4.

The relationship between normalized pore water pressures p/σ′
0 and the undrained

shear strength degradation rate at the depth of 0.2 L close to the bucket foundation is
shown in Figure 5. It is displayed in Figure 5a,b that the variation in the undrained shear
strength degradation rate is consistent with that of the pore water pressure. Under given
load conditions, when normalized pore water pressures close to the bucket foundation
approach 0.5 (p/σ′

0 ≈ 0.5), the degradation rate of the undrained shear strength is about
4%. With a change in the vertical load ratio (Vd/Vj), Figure 5c shows that the degradation
rate of the undrained shear strength exhibits little change, although the normalized pore
water pressure decreases from about 0.6 to about 0.4. This means that the vertical load ratio
may have little effect on the undrained shear strength of the soil.
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Figure 5. Relationship between p/σ′
0 and undrained shear strength degradation rate: (a) horizontal

cyclic load amplitude ratio; (b) horizonal cyclic load frequency; (c) vertical load ratio.

3.3. Effects on the Static Horizontal Bearing Capacity of Bucket Foundation

Lateral loads induced by wind and waves in a marine environment are considered to
be the main load for offshore wind turbines. The horizontal bearing capacity of the bucket
foundation is mainly provided by soil resistance inside and outside of the bucket skirts
and the friction between the soil and the bucket wall [27]. Under cyclic loading, the pore
water pressures in silty soil cannot dissipate immediately, and the strength of the soil is
reduced, as analyzed in Section 3.2. Consequently, the horizontal static bearing capacity
of the bucket foundation will be influenced by the cyclic loadings. In this study, the static
horizontal bearing capacity of the bucket foundation after 1500 cycles was measured. The
loading point of the horizontal static load was located at the top of the bucket to avoid a
bending moment. According to the data obtained in this study and the method detailed
in the literature, when the lateral displacement reaches 3% of the bucket diameter, the
corresponding lateral load is regarded as the ultimate lateral bearing capacity of the bucket
foundation [11].

The ultimate horizontal bearing capacity of the suction bucket foundation, before and
after the cyclic loadings, and the attenuation rate under different load conditions, are listed
in Table 4. It can be seen that after cyclic loading, the static horizontal bearing capacities
degrade in a range of 1.57% to 14.90%, under different loading conditions. The larger the
cyclic load amplitude and frequency, the higher the degree of horizontal bearing capacity
degradation will be, and the smaller the vertical load ratio, the larger the degradation rate
will be. These conclusions are consistent with the effects of the load parameter on the
normalized pore pressures and the degradation of the undrained shear strength, described
in Sections 3.1 and 3.2. This means that the change of capacity of the foundation can be
explained by the change in pore water pressure and soil strength, comprehensively.
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Table 4. Degradation rate of undrained shear strength.

Test NO.
Vertical

Load Ratio,
Vd/Vj

Cyclic
Frequency,

f (Hz)

Load
Amplitude

Ratio,
Hd/Hj

Bearing
Capacity (N)

Attenuation
Rate (%)

Before
loading - - - 210 0

Test 1 0.1 0.2 0.3 193.6 7.81

Test 2

0.4

0.2

0.05 206.7 1.57
Test 3 0.1 205.7 2.05
Test 4 0.2 203.9 2.91
Test 5 0.3 197.9 5.76
Test 6 0.4 181.0 13.80
Test 7 0.5 178.7 14.90

Test 8 0.3 0.1 196.4 6.48

Test 9 0.5 0.1 192.0 8.57

Test 10 0.2 0.2 0.3 198.3 5.57

The load displacement curves of the bucket foundation, before and after the cyclic
loadings, and the bearing capacity attenuation rates under different load conditions are
shown in Figures 6–11.

 
Figure 6. Load displacement curves with different cyclic load amplitudes ratios.

 
Figure 7. Bearing capacity attenuation rates with different cyclic load amplitude ratios.
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Figure 8. Load displacement curves with different cyclic frequencies.

 f

Figure 9. Degradation ratios of bearing capacity with different cyclic frequencies.

 
Figure 10. Load displacement curves with different vertical load ratios.

 
Figure 11. Degradation ratios of bearing capacity with different vertical load ratios.

129



J. Mar. Sci. Eng. 2022, 10, 2020

Figure 6 shows the load displacement curves of the tests, with different cyclic load am-
plitudes ratios from 0.05 to 0.5 in tests 2–7, which are compared with the load displacement
curve of test before cyclic loading, and the rates of bearing capacity degradation are given
in Figure 7. From both the load displacement curves and the bearing capacity degradation
rates, it can be seen that when the cyclic load amplitude ratios are smaller than 0.3 in
tests 2–5, the curves are approximate, and the degradation ratios show no big differences,
but when the cyclic load amplitude ratios are 0.4 and 0.5 in tests 6 and 7, both the load
displacement curves and the bearing capacity degradation rates show significant changes.
As analyzed previously in Section 3.1, at a depth of 0.2 L, the pore pressure ratios p/σ′

0 are
between 0.2 to 0.5 when the cyclic load amplitude ratios are smaller than 0.3, as in tests
2–5, but in tests 6 and 7, when the load amplitude ratios are 0.4 and 0.5, the pore pressure
ratios p/σ′

0 at a depth of 0.2 L are larger than 0.5, and they are larger than 1 at a depth of
0.1 L (see Figure 2). A pore pressure ratio larger than 1 means that the soil may be liquified,
and the bearing capacity may be lost at this given location. In summary, a larger load
amplitude ratio causes larger pore water pressure, and the displacement and consequently,
the bearing capacity attenuation rate under certain load conditions will be higher.

The load displacement curves and the bearing capacity degradation ratios of the tests
with different cyclic load frequencies of 0.2, 0.3, and 0.5 Hz in tests of 3, 8, and 10 are shown
in Figures 8 and 9, respectively. This shows that the load frequency has little influence on
the load displacement curve. The attenuation rates of the bearing capacity are 2.05%, 6.48%,
and 8.57%, respectively, with cyclic frequencies of 0.2, 0.3, and 0.5 Hz. This means that the
degradation increases with the increase in load frequency. Analyses of the pore pressure at
a depth of 0.2 L show that there are some accumulations of pore pressure, but that the pore
pressure ratios are all smaller than 0.5 (see Figure 3).

Figures 10 and 11 show the load displacement curves and the bearing capacity at-
tenuation rates of the tests, with different vertical load ratios of 0.1, 0.4 and 0.2 in Test 1,
Test 5, and Test 10, respectively. It can be seen in Figure 10 that the displacement is larger
under the same load at Vd/Vj = 0.1 compared with the pre-cycle state, and the bearing
capacity attenuation rate is also relatively larger, as shown in Figure 11. Considering the
development of pore pressure, the increase in the vertical load may restrict the accumula-
tion of pore pressure (see Figure 4), but Figure 5c shows that the degradation rate of the
undrained shear strength of the soil shows no big difference (about 4% close to the bucket
at the depth of 0.2 L) under different vertical load ratios (see Figure 5c), so the bearing
capacity attenuation rate is approximate (about 6%) when the vertical load ratios are 0.2
and 0.4.

4. Discussion

The main goal of this paper is to investigate the bearing capacity of the bucket founda-
tion in silty soil under cyclic loading conditions. It is well known that the reduction of the
bearing capacity of the bucket foundation may be caused by the strength degradation of
the surrounding soils, which may be a consequence of the development of the pore water
pressure during cyclic loading. The development of the pore water pressure due to cyclic
loading, the strength degradation of the soil due to the pore water pressure accumulation,
and the reduction of the bearing capacity of the bucket foundation have all been analyzed
extensively, but separately, in the literature, but these three topics have seldom been studied
comprehensively and causally. This is the main concept and content of this paper.

In this paper, from the experimental model test, the accumulation of pore pressure at
depths between 0.1 L and 0.3 L was found to noticeably change, and the values close to the
bucket foundation were shown to be about 2 times those at 0.8 D from the bucket wall. The
reduction in the undrained shear strength of the soil is consistent with the distribution of
the pore water pressure under different cyclic conditions. Consequently, the ultimate static
horizontal bearing capacity was attenuated, with rates in a range of 1.57% to 14.90%, under
different loading conditions. This can be explained by the corresponding distribution of
the pore pressure and the degradation of the soil strength.
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It should be noted that the results of this paper are based on specific soils from a wind
farm in China. The contents of the silt, clay, and sand are given, but the particle contents are
known to have a significant effect on the soil behaviors, including the development of the
pore water pressure and the soil strength. Thus, the conclusions of this paper are supposed
to be qualitatively reasonable, but the results may change quantitatively with different
soils. Additional study of the effects of particle contents on the development of the pore
water pressure and consequently, on the soil strength degradation, may be meaningful.
Moreover, the analysis of the bearing capacity is provided for a bucket foundation with the
given geometry. The foundation may have different sizes and length-diameter ratios, so
the results regarding the bearing capacity are given mainly for a qualitative analysis.
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Abstract: Pile foundations for offshore wind turbines are subjected to large lateral loads. By mounting
wings on the perimeter of regular monopiles, winged monopiles have shown better performance in
resisting deformation under horizontal loading. However, the hazardous effect of local scour on the
lateral bearing capacity of winged monopiles installed in the sandy seabed has not been systematically
evaluated. In this study, a modified Mohr–Coulomb model considering the pre-peak hardening and
post-peak softening behavior of dense sand is adopted to simulate laterally loaded winged monopiles
in the locally scoured sandy seabed, using three-dimensional finite element analyses. The effect of
local scour depth on the lateral capacity of winged monopiles is examined and explained by soil
failure mechanisms. The enhancement of lateral capacity with wings attached to the monopile is
demonstrated to be more effective than extending pile embedment length. The effects of the relative
density of sand and the wing load orientation are also discussed. Finally, the wing efficiency is
evaluated to determine the optimal configuration of winged monopiles.

Keywords: winged monopile; lateral capacity; local scour; sandy seabed; modified Mohr–Coulomb model

1. Introduction

The development and utilization of renewable energy play an indispensable role in the
process of “carbon neutrality”. Offshore wind power has been attracting attention because
of its abundant reserves, high energy density and minor disturbance to the surrounding
environment. By the end of 2021, the global installed capacity of offshore wind power had
reached 57.2 GW [1]. The offshore wind industry continues to grow rapidly, with the global
installed capacity expected to reach 203 GW by 2030 [2].

Foundations account for approximately 35% of the total cost of an offshore wind
project [3]. Monopiles are the most commonly used foundation solution for offshore
wind turbines (OWTs) in shallow to medium water depths due to their ease of design,
manufacture and installation [4]. To improve energy harvesting efficiency, the offshore
energy industry is currently making intense efforts to upscale offshore wind turbines and
advance into deeper waters [5]. The bigger turbine size and deeper water depth bring out
larger loads, which require more reliable and powerful foundations to resist them. Several
new hybrid monopile foundations are proposed to support large-capacity wind turbines
operating in deeper waters at a reasonable cost [6].

As innovative hybrid monopiles with wings welded orthogonally to the perimeter of
regular monopiles, winged monopiles have shown excellent lateral bearing capacity in both
field and centrifuge tests [7–9]. Existing studies on the lateral bearing capacity of winged
monopiles mainly focus on the optimized arrangement of the wings. Considering the
multidirectional loading in the marine environment, the wings are usually evenly attached
to the pile perimeter. With the same height and width of wings, the numerical analysis of
Babu and Viswanadham [10] showed that the star-wing monopiles (i.e., monopile with eight
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wings) exhibit a higher lateral bearing capacity than four-wing monopiles. Abongo [11]
further found that the lateral bearing capacity of a four-wing monopile is slightly higher
than that of a three-wing monopile by conducting numerical simulations and 1g model tests.
Winged monopiles with three or four wings are commonly preferred because of the greater
installation costs associated with an increased number of wings. In addition, the shape of
wings has a significant influence on the lateral response of a hybrid monopile. Rectangular
wings, compared with triangular or trapezoidal wings, demonstrate superior performance
in reducing the lateral deformation of pile foundations [12,13]. Furthermore, the aspect
ratio of the wings (i.e., the height-to-width ratio of the wing) and wing load orientation
may affect the lateral bearing capacity of winged monopiles. Nasr [13] suggested that the
ultimate lateral bearing capacity of winged monopiles depends on the height of the wings
to a large extent. As the height of the wing approaches 0.4 times the embedded length of
the monopile, the displacement of the pile head can be reduced by up to 70% compared
with regular monopiles. Pei and Qiu [14] compared the effect of the wing width of winged
monopiles on the wing efficiency with different embedded depths and identified that the
optimal wing width was equal to the pile diameter for both long and short piles. Variations
in wing load orientations can also alter the lateral bearing capacity, albeit some studies
have shown that the difference is trivial [15,16].

The aforementioned studies have dealt with the case that the winged monopiles are
fully embedded in a flat soil bed, showing that setting the wings near the mudline (or
ground surface) mobilizes higher soil resistance against lateral pile deflection [10,11,15,16].
However, in marine environments, waves and/or currents can induce a local scour hole
around piles without scour countermeasures [17,18]. Local scour could also develop,
sometimes even with countermeasures, given that the countermeasures are not deployed
in time or the protections fail during severe storms. It has been proven that flow structures
such as horseshoe vortices and lee-wake vortices can affect the development of scour
and equilibrium scour depth [19,20]. As a consequence, local scour would reduce the
effective embedment of monopiles and, in turn, the lateral bearing capacity [21,22]. For
winged monopiles, local scour may still exist and expose the wings out of the seabed, since
the wings embedded near the mudline have no impact on the large-scale coherent flow
structures (e.g., horseshoe vortex) for initiating the scour process [23]. Li et al.’s [24] scour
tests in a water flume revealed that wings near the mudline can significantly enlarge the
range of the scour hole and even the scour depth, which impedes the effectiveness of the
wings. Therefore, the wings need to be installed below the estimated maximum scour
depth to avoid the scour caused by the wings and ensure the wings are fully functioning.

This study investigates the combined effects of local scour and wing configuration on
laterally loaded winged monopiles in the sandy seabed, using a series of three-dimensional
(3D) finite element (FE) analyses. A modified MMC which can describe the pre-peak
hardening and post-peak softening behavior of dense sand is adopted and implemented to
represent the sandy soils. The model is validated against the database of triaxial element
tests and centrifuge tests of regular monopiles in Fontainebleau sand. A parametric analysis
is carried out to examine the effects of scour depth, wing usage, the relative density of sand,
wing load orientation, as well as aspect ratio of wings for three- and four-wing monopiles.
The wing efficiency is quantitatively evaluated and the optimal arrangement of wings is
proposed to aid the engineering design of winged monopile foundations for applications
in offshore wind energy.

2. Numerical Modelling

2.1. Geometry and FE Mesh

The 3D FE model of laterally loaded winged monopiles embedded in the sandy seabed
was established using the software Abaqus [25], as shown schematically in Figure 1. The
pile diameter D is set as 6 m, while the embedded depth Lp is 48 m (8D) and the wall
thickness tp is 70 mm. Three or four wings are mounted evenly on the external surface of
the pile at a vertical distance Le from the pile head. The wings have a width equal to D, a
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thickness equal to tp and a height varying between 0 and 1.75D. An inverted cone located at
the center of the monopile with a slope angle of 30◦ is cut from the mudline to represent the
local scour hole around the pile foundation in the marine environment [21]. The maximum
scour depth S is conservatively assumed to be 1.9D, based on observed scour depths in
field cases [5,26]. To avoid scour-induced wing outcropping, the distance from the top of
the wing to the pre-scour mudline Le is set as 2D, which exceeds the assumed maximum
scour depth. It is assumed that the forces in different wing load orientations (β) apply to
the center of the pile head to model the marine environment.

Figure 1. Schematic diagram of the winged monopile model: (a) a four-wing monopile; (b) a
three-wing monopile.

Figure 2 shows a typical FE mesh used in the numerical analyses. The soil domain is
divided into two zones to distinguish the scoured soil (colored brown) from the remaining
soil (colored cyan). The diameter and thickness of the soil domain are set as 26D and 1.7Lp,
respectively, which are sufficiently large to avoid boundary effects [13,14]. Both the soil
and the pile are modelled with 3D eight-node reduced integration brick elements (C3D8R
in Abaqus library). A total of more than 50,000 elements are generated in each model, with
a finer mesh created in the vicinity of the pile. The present mesh size is selected based on
trial mesh sensitivity analyses. The piles are assumed to be “wished-in-place” without
considering the pile installation effect [27].

Figure 2. Meshes and boundary conditions of the FE model: (a) pre-scour model; (b) post-scour model.
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2.2. Constitutive Model

The steel winged monopiles are assumed to be linearly elastic with Young’s mod-
ulus Ep = 210 GPa and Poisson’s ratio νp = 0.3, similar to previous studies on pile
foundations [27–29]. The Young’s modulus of sand Es for describing the elastic behav-
ior is stress-dependent and increases with the earth pressure at rest [30]:

Es = κpa

(
σ3

pa

)λ

(1)

in which pa is the atmospheric pressure (100 kPa), σ3 is the confining stress, κ is the soil
stiffness at the reference stress state and λ determines the stress dependence of the soil
stiffness. The specific values of κ and λ for medium-dense, dense, and very dense sand are
listed in Table 1 [31].

Table 1. Properties of sand used in FE analyses [31,32].

Description Symbol Unit Medium-Dense Dense Very Dense

Relative density Dr % 60 70 80 90
Submerged unit weight γ′ kN/m3 6.28 6.58 6.90 7.24

Elastic stiffness parameters κ — 400 500 500 700
λ — 0.6 0.55 0.55 0.5

Poisson’s ratio υ — 0.25 0.225 0.225 0.2
Critical state friction angle ϕ′

c
◦ 31

MMC parameters ϕ′
in

◦ 29
Aψ — 3.8
kψ — 0.6
Q — 10
R — 1
C1 — 0.22
C2 — 0.11
m — 0.25

Cohesion c kPa 0.1
Constant friction angle ϕ′

0
◦ 34.3 36.4 38.8 41.5

Though the Mohr–Coulomb (MC) model has been widely adopted to simulate the
elastoplastic behavior of the sandy seabed under drained conditions due to its simplicity
and acceptable accuracy [13,16,30,33–36], the plastic properties (e.g., friction angle ϕ′ ,
dilation angle ψ) of dense sand remain constant once the plastic state is reached. This is
inconsistent with the stress–strain curves obtained from the triaxial test or the direct shear
test for dense sand, which manifests evident pre-peak hardening and post-peak softening
behaviors. Roy et al. [32] proposed a modified Mohr–Coulomb (MMC) model to analyze
the pipe–soil interactions based on the stress–strain curves of dense sand, as indicated
in Figure 3.

Figure 3. Typical curves of modified friction angle and modified dilation angle with plastic shear
strain (after Roy et al. [32]).
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In the MMC model, the peak friction angle ϕ′
p and the peak dilation angle ψp

are governed by the relative density of sand Dr and the confining pressure p′ [37] (see
Equations (2)–(4)):

ϕ′
p − ϕ′

c = Aψ IR (2)

ϕ′
p − ϕ′

c = kψψp (3)

IR = ID(Q − ln p′)− R (4)

where
(

Aψ, kψ

)
= (3, 0.5) for the triaxial condition and

(
Aψ, kψ

)
= (5, 0.8) for the plane

strain condition, respectively. ϕ′
c is the critical friction angle. Chakraborty and Salgado [38]

demonstrated that
(

Aψ, kψ

)
= (3.8, 0.6) are applicable to both triaxial and plane strain

shear conditions for Toyoura sand. IR is the relative density index. IR = 0 ∼ 4 is generally
adopted as the acceptable range for modelling the interaction between structures and
sands ([37,39]). ID (=Dr (%)/100) and Dr are both the relative density with different units.
Q and R are taken as 10 and 1, respectively [37].

The friction angle ϕ′ and dilation angle ψ in the pre-peak hardening zone vary
with the plastic shear strain γp, employing the sine function as the backbone function
(refer to Figure 3):

ϕ′ = ϕin + sin−1

⎡
⎣
⎛
⎝2

√
γpγ

p
p

γp + γ
p
p

⎞
⎠ sin(ϕp

′ − ϕin
′)

⎤
⎦ (5)

ψ = sin−1

⎡
⎣
⎛
⎝2

√
γpγ

p
p

γp + γ
p
p

⎞
⎠ sin(ψp)

⎤
⎦ (6)

where γ
p
p represents the γp when ϕ′ and ψ reach the peak;

γ
p
p = γc

p(p′/pa)
m (7)

where γc
p is the strain-softening factor, which determines the rate of softening with plastic

shear strain. γc
p is calculated by

γc
p = C1 − C2 ID (8)

where the values of C1 and C2 are calibrated by triaxial tests or direct shear tests [32]. Based
on the contributions of interparticle friction and soil fabric on the initial internal friction
angle, ϕ′

in = 29◦ is assumed in this study [32].
The friction angle ϕ′ and dilation angle ψ in the post-peak softening zone vary as

a function of the plastic shear strain (γp), which can be represented by the exponential
function as a backbone function:

ϕ′ = ϕc
′ + (ϕp

′ − ϕc
′) exp

⎡
⎣−

(
γp − γ

p
p

γ
p
c

)2
⎤
⎦ (9)

ψ = ψp exp

⎡
⎣−

(
γp − γ

p
p

γc
p

)2
⎤
⎦ (10)

Figure 4 shows typical variations in the mobilized friction angle and dilation angle of
dense sand with plastic shear strain, confining pressure, and relative density. It can be seen
that a reduction in the confining pressure or an increase in the relative density amplifies
the hardening and softening effects of dense sand. More detailed information on the MMC
model can be found in Roy [40].
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Figure 4. Variations in mobilized friction angle and dilation angle with plastic shear strain (ϕ′c = 31◦): (a) various
confining pressures with Dr = 90%; (b) various relative densities with p’= 40 kPa.

In Abaqus, the MMC model is not built-in and requires to be implemented using
subroutines VUSDFLD in FORTRAN. First, the plastic strain tensor (εij) and the stress
tensor (σij) at each integration point are called and updated in each time increment, then
stored in the state variables in the subroutine. Next, the incremental plastic shear strain
Δγp and the mean effective stress p’ are calculated for each time increment. Finally, the
value of γp (calculated as the sum of Δγp throughout the analysis) and p′ are assigned to
two field variables (FV1, FV2), which are used to update the values of ϕ′ and ψ, accordingly.
Ahmed and Hawlader [27] defined the incremental plastic shear strain as

Δγp =
∫ √

3
2
(
ΔεijΔε ji

)
dt (11)

where Δεij is the plastic strain increment tensor. In addition, Ahmed and Hawlader [27]
verified the existence of both triaxial compression and plane strain shear conditions for
the soil elements surrounding the pile under eccentric loading. Therefore, the values of(

Aψ, kψ

)
= (3.8, 0.6) were used in this study. The properties of sand adopted in this study

are summarized in Table 1. The maximum (γmax) and minimum (γmin) unit dry weight
of the sand is assumed to be 17.58 kN/m3 and 14.65 kN/m3, respectively [41]. The unit
weight of sand with different relative densities can be determined by

γ′ = γs − γw =
γmaxγmin

γmax(1 − Dr) + γminDr
− γw (12)

A small value of cohesion c (0.1 kPa) is used in this study to avoid numerical instability.
The pile–soil interface is modelled in Abaqus using the “contact pair” algorithm. The

“hard contact” model allows separation in the normal direction, while the Coulomb friction
model is adopted in the tangential direction. The interface friction angle δ is taken as
2/3ϕ′

0 to simulate the typical steel–sand contact property [29,42], where ϕ′
0 is the constant
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friction angle. The value of ϕ′
0 can be estimated according to the formula recommended by

API [43]:
ϕ′

0 = 16Dr
2 + 0.17Dr + 28.4 (13)

2.3. Loading Steps

Each FE analysis has four steps to simulate the formation of local scour and the
subsequent lateral loading phase:

(1) Initial step: As shown in Figure 2, the bottom of the soil domain is fixed in all three
directions (Ux = 0, Uy = 0, Uz = 0), while the vertical boundary is supported by rollers
to restrict the lateral displacements (Ux = 0, Uy = 0). The initial stress is applied to
the whole domain by means of the “geostatic stress” function built into the initial
predefined field;

(2) Geostatic step: The uniform vertical body force is exerted on the whole domain to
simulate the gravitational effect. During this step, the normal displacement of the
pile–soil contact surface is restrained. At the end of this step, the model produces only
a negligible deformation;

(3) Scour step: As shown in Figure 2, the predefined set of scour elements is deleted
through state variables to simulate the scour unloading effect. The deleted elements
cannot carry stresses in the subsequent analysis and, hence, have no contribution to
the stiffness of the model. The remaining soil domain redistributes the stresses to
reach a new stress balance after the deletion of scoured soil elements;

(4) Load step: After setting up the boundary conditions and stresses in the post-scour
domain, the normal displacement restraint on the pile–soil contact surface is removed
and replaced by the “contact pair” algorithm. A monotonic lateral load (F) and
bending moment (M = F·e, e the load eccentricity) are then applied at the geometric
center of the pile head. For accuracy and efficiency, the quasi-static analysis is loaded
using the smoothed step amplitude curve. During the rotation of the pile foundation,
the load point couples to and moves with the pile head.

2.4. Simulation Cases

Table 2 summarizes the five series of simulation cases considered in this study. There
are two aims in Series I: One is to compare the effects of scour depth on the lateral bearing
capacity of winged monopiles, and the other is to compare the benefits of introducing
wings and extending the embedment depth to improve the lateral bearing capacity of pile
foundations with local scour. The relative density of sand, the configuration and the wing
load orientation of hybrid monopiles are kept constant. Series II mainly compares the
effects of load eccentricity on the lateral bearing capacity of pile foundations in the scoured
sandy seabed. In Series III, the sandy seabed with various relative densities is examined to
explore its effect on the lateral bearing capacity. Series IV aims to assess the effect of wing
load orientation on the lateral bearing capacity of winged monopiles. The effect of aspect
ratio on the lateral bearing capacity of hybrid monopiles with three or four wings is further
investigated in Series V. In all simulations except Series II, the load eccentricity e = 8D is
generally assumed, referring to Bhattacharya’s [5] report for typical wave and wind loads
on OWTs, unless otherwise specified.

Table 2. Numerical simulation cases for parametric study.

Series Constant Parameters Variable Parameters

I
Dr = 90%, four-wing monopile with Lp = 8D, Lw/Ww = 1, β = 0◦;
Dr = 90%, regular monopile with Lp = 8D;
Dr = 90%, extended regular monopile with Lp = 9.29D;

S = 0, 0.5D, 1D, 1.5D, 1.9D
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Table 2. Cont.

Series Constant Parameters Variable Parameters

II

Dr = 90%, four-wing monopile with, S = 1.9D, β = 0◦;
Dr = 90%, four-wing monopile with, S = 1.0D, β = 0◦;
Dr = 90%, four-wing monopile with, S = 0D, β = 0◦;
Dr = 90%, regular monopile with Lp = 8D, S = 1.9D, β = 0◦;
Dr = 90%, regular monopile with Lp = 8D, S = 1.0D, β = 0◦;
Dr = 90%, regular monopile with Lp = 8D, S = 0D, β = 0◦;

e = 0, 2D, 4D, 8D and pure moment

III Four-wing monopile with Lw/Ww = 1, S = 1.5D, β = 0◦; Dr = 60%, 70%, 80%, 90%

IV Dr = 90%, four-wing monopile with, S = 1.5D, Lw/Ww = 1;
Dr = 90%, three-wing monopile with, S =1.5D, Lw/Ww = 1;

β = 0◦, 15◦, 30◦, 45◦
β = 0◦, 15◦, 30◦, 45◦, 60◦

V Dr = 90%, four-wing monopile with, Ww = DP, S = 1.5D, β = 0◦;
Dr = 90%, three-wing monopile with Ww = DP, S = 1.5D, β = 0◦; Lw/Ww = 0, 0.5, 0.75, 1, 1.5, 1.75

3. Validation by Centrifuge Tests

The numerical model was validated based on the results of a large-diameter monopile
centrifuge test in dense sand reported by Klinkvort [44]. The prototype diameter D of
the monopile is 3 m and the embedment depth L is 6D. The pile was modeled as linear
elastic with Young’s modulus Ep = 210 GPa and Poisson’s ratio of 0.3. To simulate the
offshore conditions in the North Sea, centrifuge tests were conducted in dense homoge-
neous Fontainebleau sand with a relative density of about 90%. Young’s modulus follows
Equation (1) [45]. Setting the Mohr–Coulomb (MC) model as the reference group, the
constant friction angle ϕ′

0 was calculated by Equation (13) recommended by API [43]. The
dilation angle in the MC model was calculated by Equation (14) proposed by Bolton [37]:

ψ = ϕ′
0 − ϕ′

c (14)

The properties of Fontainebleau sand and the other model parameters are shown
in Table 3.

Table 3. Pile–soil interaction model parameters used for validation [32,45].

Description Symbol Unit Dense Fontainebleau Sand

Relative density Dr % 90
Submerged unit weight γ′ kN/m3 10.2

Stiffness parameter κ — 1380.7
Stiffness parameter λ — 0.6226

Poisson’s ratio ν — 0.3
Critical state friction angle ϕ′

c
◦ 30

Parameter of MMC ϕ′
in

◦ 29
Aψ — 3.8
kψ — 0.6
C1 — 0.22
C2 — 0.11
m — 0.25

Figure 5a shows the stress–strain behavior of Fontainebleau sand captured by MC and
MMC, respectively, against the drained triaxial compression test from Latini and Zania [46].
It shows that the MMC model can accurately capture the hardening and softening effects
during the deformation of dense sand. For the MC model, the shear stress of the dense
sand increases with the axial strain εa to the peak and then remains constant because a
fixed friction angle ϕ′

0 is used in the analysis. As for Test 9 with a high relative density of
Dr = 80%, the hardening and softening effects during the deformation of sand are salient,
while the MC model is only capable of capturing the peak stress in the plastic zone. It is
indicated that the MC model overestimates the load capacity of dense sand. Figure 5b
compares the volumetric properties of the dense sand described by the MMC and MC
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models. By adopting the MMC model, the volumetric compression occurs initially, then the
sand dilates until the volume approximately remains constant. In contrast, the MC model
shows that dense sand dilates almost linearly after volumetric compression due to a fixed
dilation angle ψ, deviating from the test results obviously.

Figure 5. Comparison of FE simulation and triaxial compression soil element tests: (a) stress–strain
behavior; (b) volume change behavior.

Figure 6 compares the numerical results with the centrifuge test regarding the lateral
response of a regular monopile under different load eccentricities. It can be seen that the
normalized load–displacement curves obtained from the MMC model match the centrifuge
test results well. In contrast, the MC model tends to overestimate the lateral bearing
capacity. The difference between the MC and MMC models can be further explained by
the formation of shear bands (accumulated plastic shear strain concentrated zones). The
evolution of the plastic shear zone with a constant load eccentricity (e = 2.5D) between the
MC and MMC models is compared in Figure 7. The plastic shear strain does not develop
significantly when the displacement is small (θ = 0.5◦). As the displacement increases,
the plastic shear band f1 appears near the pile head first and then extends in a diagonally
downward direction (θ = 2.0◦). A second plastic shear band f2 appears as the displacement
continues to increase and extends obliquely upward to the surface to form a damaging
wedge (θ = 8.0◦). As the displacement further increases, a plastic shear band f3 forms
below the shear band f2 and extends similarly to the surface (θ = 10◦). The contours from
the MC model show that the failure wedge is developed by a simple shear band from
beginning to end. Such a difference causes an increasing deviation in the simulated lateral
bearing capacity as the pile deflection increases. These comparisons with soil element tests
and centrifugal pile tests all demonstrate the reliability of the developed MMC model in
estimating the lateral response of monopile foundations embedded in dense sand.

Figure 6. Comparison of finite element results with centrifuge test results [44].
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Figure 7. Comparison of the development process of the plastic zone around the pile (scaling factor: 0.1).

4. Parametric Study and Discussion

4.1. Effect of Scour Depth
4.1.1. Scour Effect on Four-Wing Monopiles

Cases with various scour depths were simulated to investigate the scour effect on the
lateral bearing capacity of winged monopiles. In Series I (Table 2), four-wing monopiles
(WP4) with Lw/Ww = 1 in the sand with relative density Dr = 90% were considered.
Figure 8a compares the load–displacement curves at the head of the winged monopiles.
The vertical axis represents the horizontal load H (expressed as the normalized load
H/Lp

2Dγ′). The horizontal axis represents the angle of rotation (θ) of the pile head at the
mudline. As expected, the lateral bearing capacity of winged monopiles decreases with
increasing scour depth. Two key design limits when designing pile foundations for OWTs
are marked in Figure 8a, which are the serviceability limit state (SLS) and the ultimate limit
state (ULS) [47]. The corresponding lateral loads are denoted as Hs and Hu, respectively.
The corresponding moments are denoted as Ms and Mu, respectively. SLS failure refers to
the tilt angle of OWT at the mudline exceeding the allowable value. This value is commonly
set to 0.5◦, which is generally small but sufficient to affect the normal operation of the
turbine [48]. In contrast, the ULS criterion is characterized by the excessive rotation of piles
as OWTs are typically supported by short piles with rigid behavior [49]. This larger tilt
angle is set to 2◦ at ULS in the FE simulations performed in this study [50,51].

Figure 8. The effects of scour depth on bearing capacity of winged monopiles: (a) load–displacement
curves of winged monopiles with various scour depths; (b) variation in lateral bearing capacity ratio
with displacement at different scour depths.
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It can be seen from Figure 8a that the lateral bearing capacity at SLS and ULS of
winged monopiles with maximum scour depth S = 1.9D are reduced by 20% compared
to the case without local scour. Figure 8b compares the variation in the lateral bearing
capacity ratio (K) with the rotation of winged monopiles for different scour depths. The
lateral bearing capacity ratio K represents the ratio of the lateral load under the scoured
condition to that of the unscoured condition. The value of K remains almost constant
with the rotation for all the examined scour depths. This indicates that the effect of pile
deformation on the lateral bearing capacity ratio of pile foundations under different scour
depths is generally constant.

As shown in Figure 9, the discrepancy in the previous lateral responses can be at-
tributed to the difference in failure mechanism due to scour. In Figure 9, profile AA′ is
12 m from the top of the pile (top of the wings); profile BB′ is 15 m from the head of the
pile (middle of the wings); and profile CC′ is 18m from the top of the pile (bottom of the
wings). When the pile is rotated clockwise under the load, the soil near the mudline follows
the winged pile and the pile toe kicks back the sand. Profile AA′ shows that the scour
hole reduces the width and length of mobilized soil at the top of the wings by 6%. This
demonstrates that winged monopiles without local scour (Figure 9a) can mobilize a larger
amount of soil in the shallow layer to obtain a higher lateral bearing capacity than winged
monopiles with local scour (Figure 9b).

Figure 9. Soil displacement in the plane of symmetry and the planform at θ = 2◦: (a) the winged
monopile without local scour; (b) the winged monopile with local scour (S/D = 1.5).
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The effect of scour on soil–pile interaction can be further explained by the evolution
of the plastic zone in dense sand. In Figure 10, γp/γ

p
p > 1 indicates that the soil is in the

post-peak region; conversely, the soil is in the pre-peak region when this condition is not
met. As shown in Figure 10a, the soil in front of the pile head first enters the post-peak
softening zone (θ = 0.5◦) and gradually evolves downward with increasing rotation (θ = 2◦).
The plastic zone around the wing is mainly gathered above the rear wing and ahead of
the front wing (θ = 2◦). However, in Figure 10b, a large volume of soil is in the post-peak
softening stage when the pile head displacement is small (θ = 0.5◦). Nearly all of the soil
around the wings enters the plastic zone after the formation of the local scour hole (θ = 2◦),
suggesting that the soil resistance mobilized by the wings acts as the main force to resist
pile deformation. The γp above the front wing develops to the post-peak softening stage
with pile rotation.

Figure 10. Distribution of plastic shear strain in the plane of symmetry of the winged monopile
(WP4): (a) without local scour; (b) with local scour (S/D = 1.5).

Figure 11 shows the modified friction angle ϕ′ and the modified dilation angle ψ of
the sand for pile head rotation θ = 2◦ under unscoured and scoured (S = 1.5D) conditions,
respectively. The soil elements that reach the critical state are highlighted in the figure.
It is evident that more soil near the wings of the hybrid monopile is at the critical state
for the scoured case, with a large accumulated plastic shear strain. The profiles show the
wings perpendicular to the direction of the load dividing the soil around the wings into two
parts: “front” and “rear”. The friction and dilation angles of the front area are generally
smaller than those of the rear area. This is attributed to the relaxation of the restraint (lower
stress level) in the rear zone due to the displacement of wings, which allows the soil to
obtain a high friction angle (dilation angle) with only a small plastic strain.

144



J. Mar. Sci. Eng. 2022, 10, 1799

Figure 11. Modified friction angle ϕ′ and dilation angle ψ of the sand in the plane of symmetry at
θ = 2◦: (a) without local scour; (b) with local scour (S/D = 1.5).

4.1.2. Comparison between Four-Wing Monopiles and Regular Monopiles

The lateral bearing capacity is usually improved by increasing the embedded depth
of the pile foundation. A group of regular monopiles (RP) with the same embedment
depth and a group of extended monopiles (RP-E) consuming the same material as WP4
were established as reference groups to examine the sensitivity of wings to the variation in
scour depth. Figure 12 shows the load–displacement curves of regular monopiles (RP) and
extended regular monopiles (RP-E) with different scour depths. Figure 13 shows the ratio
of the lateral bearing capacity of the winged monopiles (WP4) and the extended regular
monopiles (RP-E) to the regular monopiles (RPS = 0) without local scour at SLS and ULS.
It can be seen that the lateral bearing capacity of the pile foundation can be enhanced
by increasing the embedment depth and introducing wings, with the latter being more
effective. The presence of wings can increase the lateral bearing capacity of the pile by
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up to 9.1% at SLS and 8.6% at ULS. It is favorable to have a slightly higher increase in the
lateral bearing capacity at SLS as OWTs are more sensitive to deformation.

Figure 12. Load–displacement curves with different scour depths: (a) regular monopiles (RP);
(b) extended regular monopiles (RP-E).

Figure 13. Variation in the ratio of lateral loads of WP4 and RP-E with scour depths at (a) SLS and
(b) ULS.

Figure 14 shows the soil displacement of regular monopiles with different embedment
depths at ULS. It is found that extending the embedded length of a regular monopile
hardly produces any displacement at the bottom of the pile. Nevertheless, profile AA′
reveals that slightly more soil at shallow depths can be mobilized to resist pile deformation
with the increase in embedment depth. In addition, comparing Figures 14b and 9b, the
presence of the wings changes the pile circumferential displacement profile from “gourd-
shaped” to “teardrop-shaped”, leading to higher lateral bearing capacity than extending
the embedment depth of regular monopiles.

The lateral bearing capacity of piles can be better described by using moment–force
interaction diagrams (Figure 15), which show an almost linear trend. As expected, the
lateral bearing capacities (both Hs and Ms) of piles decrease with an increase in scour depth.
In addition, the weakening of the lateral bearing capacity is more pronounced when the
scour depth develops from 1D to 1.9D, compared with that from 0 to 1D (i.e., ΔH1 < ΔH2,
ΔM2 < ΔM3). This implies that the detrimental effect of scour on the lateral bearing capacity
of monopiles accelerates with the development of scour. Another observation from the
interaction diagram is that at a small eccentricity (e = 1D), the lateral force weakened by
scour is equivalent to four times as much as that with e = 8D (i.e., ΔH3 ≈ 4ΔH4), while
the bending moment variation is relatively small (i.e., ΔM1 ≈ 0.5ΔM4). This indicates
that the effect of scour on the lateral bearing capacity of piles shifts from lateral force to a
bending moment with the increase in load eccentricity e. When the scour depth S = 1D, the
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envelope of the winged monopile (WP4) almost coincides with the regular monopile under
the unscoured condition, demonstrating the effectiveness of the wings in improving the
lateral bearing capacity of pile foundations.

Figure 14. Soil displacement in the plane of symmetry and the planform at θ = 2◦: (a) the regular
monopile with scour (S/D = 1.5); (b) the extended monopile with scour (S/D = 1.5).

Figure 15. Moment–lateral load interaction diagram at SLS.
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4.2. Effect of Relative Density of Sand

This section modelled three groups of sand with different relative densities (i.e.,
medium-dense sand: Dr = 60%; dense sand: Dr = 70%, 80%; and very dense: sand Dr = 90%)
to analyze their effect on the lateral bearing capacity of pile foundations under scoured
conditions (S = 1.5D). Note that the MMC model is not recommended to capture the
mechanical behavior of loose sand [40]. It is also worth noting that the relative density
influences both the elastic and plastic behaviors of the sand, as reflected in the model
parameters (Table 1). The lateral bearing capacity curves of winged monopiles (Lw/Ww = 1)
with different relative densities of sand are shown in Figure 16. Both the lateral load at
SLS (Hs) and ULS (Hu) of winged monopiles increase with increasing relative density.
Compared with medium-dense sand (Dr = 60%), the values of Hs and Hu of winged
monopiles embedded in very dense sand (Dr = 90%) are increased by 12.4% and 16.7%,
respectively. On the one hand, this is because the increased relative density magnifies the
peak friction angle ϕ′

p and the peak dilation angle ψp (Figure 4b), leading to a higher soil
resistance. On the other hand, more soil reaches the critical state in the sand with lower
relative density, with a lower shear strength level maintained at a large accumulated plastic
shear strain (marked as dashed circles in Figure 17).

Figure 16. Load–displacement curves of winged monopiles in sand with different relative densities (Dr).

Figure 17. Distribution of plastic shear strain in the plane of symmetry of the winged monopile with
different relative densities (Dr) at θ = 2◦.

4.3. Evaluation of Wing Efficiency

OWT foundations in service bear loads in multiple directions. The effect of wing
load orientation on the wings’ ability to mobilize soil resistance needs to be considered
if the winged monopiles are to be applied in marine environments. Figure 18a,b shows
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the load–displacement curves for different wing load orientations (β). Considering the
symmetry of the winged monopile itself, the load direction β acting on the pile head of the
four-wing monopile (WP4) is set in the range of 0◦ to 45◦. The load direction β on the head
of the three-wing monopile (WP3) is set in the range of 0~60◦. The results show that the
effect of load direction on the load capacity of winged monopiles is marginal, implying
the excellent adaptability of three- or four-wing monopiles to multi-directional loads in
marine environments.

Figure 18. Effect of wing load orientation on the load capacity of winged monopiles: (a) a four-wing
monopile; and (b) a three-wing monopile.

In terms of the wing geometry effect, Figure 19 shows the enhancement of lateral ca-
pacity with the larger wing height for both four-wing monopiles and three-wing monopiles
with a fixed width of wings, with four wings providing a higher capacity. This is because
less soil is mobilized by three wings at shallow soil depths, as shown in Figure 20 (compared
with Figure 9b for four wings). Similarly, less soil is in the post-peak zone for three-wing
monopiles (Figure 21), which can also explain the capacity difference. It should be noted
that no solid conclusion can be drawn at this stage that four-wing monopiles perform better
than three-wing monopiles. The compared results only apply to the conditions investigated
in this study, including the scour depth and the geometry of wings.

Figure 19. Variation in the lateral bearing capacity of winged monopiles under different wing
heights: (a) four-wing monopiles; (b) three-wing monopiles.
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Figure 20. Sand displacement in the plane of symmetry and the planform of the three-wing monopile
under scour (S/D = 1.5) at θ = 2◦.

Figure 21. Distribution of plastic shear strain in the plane of symmetry of the winged monopile (WP3)
with S/D = 1.5 at θ = 2◦.

The lateral capacity of winged monopiles can be quantified by the wing efficiency,
which is defined as follows:

η =
Hw − HRP

AW
/

HRP

Apr
(15)

where Hw and HRP are loads of winged monopiles and regular monopiles at the same
rotation, respectively. Aw is the sum of the areas of the wings of the winged monopile
(Aw = n × Lw × Ww). n is the number of wings mounted on the monopile. Apr is the
external surface area of the regular monopile (Apr = π × D × Lp). η in Equation (15) is the
ratio of the incremental magnitude of the lateral load of the hybrid monopile caused by the
unit area of wings to the lateral load of the unit area of the monopile. This is a different
definition regarding the wing efficiency compared with those in previous studies [13,14,33],
which only considered load efficiency. Rather, the newly defined η is capable of evaluating
both load and economic efficiency. As the wing thickness is identical to the pile wall
thickness in this study, the areas Aw and Apr are used in Equation (15). If the difference
between the wing and pile wall thicknesses needs to be considered, the volume of the
consumed material can be used instead.

Figure 22 shows the trend of wing efficiency with various wing heights at SLS and
ULS. The wing efficiency calculated by Equation (15) can take different wing numbers
and wing heights into account. In the range of the aspect ratio (WL/WW) considered, the
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wing efficiencies for four-wing and three-wing monopiles decrease with increasing Lw/Ww,
which is valid for both SLS and ULS. For four-wing monopiles with Lw/Ww = 1, the wing
efficiency is nearly equal to 1, indicating that the soil resistance mobilized per unit area of
the wings is the same as that of a regular monopile. Therefore, a wing efficiency η > 1 is
recommended to fully utilize the potential of the wings for the enhancement of the lateral
capacity of monopiles.

Figure 22. Variation in wing efficiency for winged monopiles with various wing heights.

5. Conclusions

In this paper, the combined effects of wing configuration and local scour on the lateral
capacity of a hybrid monopile (monopile with ”wings”) are investigated through finite
element analyses. A modified Mohr–Coulomb model (MMC) for dense sand is used to
capture the load–displacement behavior and the evolution of failure mechanisms for the
pile–soil interaction. The following conclusions can be drawn from this study:

(1) The increase in local scour depth reduces the lateral capacity of winged monopiles
in the same wing load orientation. The capacity reduction can be as high as 20% at
the serviceability limit state (SLS) and the ultimate limit state (ULS) for four-wing
monopiles (WP4) with a scour depth of S/D = 1.9. More soil around the wings will
reach the critical state caused by post-peak softening if a scour hole is developed
around the pile, consequently undermining the lateral capacity;

(2) Extending the embedment length of the pile foundation contributes marginally to
the lateral capacity, while introducing wings can significantly enhance the capac-
ity. The lateral capacity of the winged monopile is increased by 9.1% compared
to the regular monopile when the scour depth S/D = 1.5. Due to the presence of
wings, the circumferential failure pattern around the pile shifts from a “gourd” to a
“teardrop” shape;

(3) Higher lateral capacity can be expected for winged monopiles in denser sand. The
lateral capacity at SLS and ULS can be raised by 12.4% and 16.7%, respectively, with
the relative density increasing from 60% to 90%;

(4) A wing efficiency number is proposed to determine the optimal design of wing
configuration, accounting for both load and economic efficiency. The wing efficiency
at SLS reaches its maximum value when the ratio of wing height and wing width
reaches its minimum (LW/WW = 0.5) and only decreases slightly for the wing height
LW/WW > 1. A wing efficiency larger than unity is recommended to maximize the
effectiveness of wings for enhancing the lateral capacity of monopiles.

This paper mainly aims to reveal the combined effects of local scour and wing con-
figuration on a winged monopile under horizontal loading. Future research is required
to quantify the effect of wings on monopile capacity with various pile diameters and
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embedment depths, which is essential to taking full advantage of the wings in the design.
The modified p–y curve accounting for the influence of wings could be a feasible approach
to accomplish the optimal design.
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Abstract: Helical anchors have been widely used in geotechnical engineering due to their large
uplift resistance. However, the current knowledge of the cyclic performance of helical anchors is still
insufficient. Consequently, a series of small-scale model tests are carried out in sand to investigate the
influences of embedment ratio, sand compactness and the cyclic parameters on the monotonic, cyclic
and post-cyclic performance of single-helix anchors. The tests results indicate that the single-helix
anchors with optimal embedment ratio still exhibit a relatively high uplift capacity after suffering
cyclic load. The cyclic frequency has the greatest influence on the accumulated displacement, and the
influence of amplitude is relatively greater than that of the mean cyclic load. The anchors in dense
sand exhibit better performance to resist pullout than those in medium–dense sand under the same
cyclic parameter ratios. Moreover, the correlation of post-cyclic uplift capacity and displacement after
cyclic loading as well as the possible influence of the upward displacement on the sand flow above
the helix are discussed.

Keywords: helical anchor; sand compactness; embedment ratio; cyclic uplift response; post-cyclic
monotonic uplift capacity

1. Introduction

Helical anchors or helical piles are widely used as foundations for various structures,
such as transmission towers, onshore wind turbine foundations and floating offshore
installations, to resist tension forces and vertical cyclic loads from wind, waves or current
loads. They can provide large uplift capacity and good cyclic performance due to the
anchor effect of the helix [1–5]. In recent years, this type of foundation has been suggested
as a potential alternative to driven piles in offshore renewable energy structures due to the
rapid installation, lesser disturbance, low noise and convenience for recycling [6,7].

The environmental cyclic loads are predominant in many applications of helical
anchors, which need to be properly considered during design. The cyclic and post-cyclic
responses of helical anchors with different geometries and the variations of loads the
helix and shaft can resist during cyclic loading under different cyclic loading parameters
and different loading sequences with different amplitudes in different soils have been
investigated by 1 g model tests, centrifuge and field tests [8–20].

Clemence and Smithling [8] carried out the axial cyclic loading model test of single
helical anchor in medium–dense sand to study the effects of displacement amplitude
and pre-stressed load on the anchor response. The results show that the application of
prestressed load can prolong the fatigue life of the anchor and the post-cyclic capacity
decreases. Cerato and Buhler [9,10] and Buhler and Cerato [11] conducted field tests of
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multi-helical anchors in layered soil to investigate the influence of the number of anchor
plates, dynamic load application sequence, load characteristics and groundwater level fluc-
tuations on the uplift behavior of helical anchors under long-term wind load, and validated
the existing uplift bearing capacity prediction methods. They found that the triple-helical
anchor has the best cyclic performance under long-term dynamic loading, while cyclic
loads at 25–40% of the static uplift capacity may visibly increase the post-dynamic up-
lift capacity and minimize the long-term creep, while the amplitude of cyclic load has
a greater influence on the dynamic response of the helical anchor than the maximum
load. Sharnouby and Naggar [12,13] conducted field tests on steel fiber–reinforced helical
pulldown micropiles under axial compressive cyclic loading to study the cyclic bearing
characteristics and load transfer mechanism of piles under different loading sequences.
Newgard et al. [14] performed static and cyclic loading tests on a helical anchor model at
shallow embedment in saturated medium–dense sand and observed the rapid increase in
the rate of accumulation of displacements when the anchor reaches the displacement near
the peak static load and the degradation of post-cyclic capacity. Wada et al. [15] investigated
the bearing and pullout capacities of steel piles with continuous helix wings under two-way
stepwise cyclic loading with an increment of 1/6 of ultimate static capacity for every three
cycles by laboratory and field tests. It was found that the bearing and pullout capacities of
continuous helix piles under cyclic reversal loading decreased to approximately 60–80%
of those under monotonic loading, and the decrease in resistance was mainly due to the
reduction in shaft friction. Schiavon et al. [16,17] carried out centrifugal tests for cyclic
and post-cyclic monotonic loading of single-helix anchors in very dense sand. The results
indicated that a rapid degradation of shaft resistance occurred during cyclic loading, no
or slight reduction of post-cyclic uplift capacity occurred for stable anchors, cumulative
permanent displacements developed rapidly in the approximately first 100 cycles and pre-
vious large cyclic amplitude improved the anchor cyclic performance. Schiavon et al. [18]
also performed field tests for single-helix anchors in residual soil of sandstone. The results
of cyclic loading tests show no significant degradation of helix bearing resistance and
reduced displacement accumulation with increasing load cycles during the first stage cyclic
loading. Thorel et al. [19] investigated the effect of the installation rotation rate on the
tension resistance and the behavior of helical pile under cyclic loading based on centrifuge
models. Hao et al. [20] investigated the influence of embedment ratio of single-helix anchor
and number of helices on the cyclic uplift capacity in dense sand by centrifugal stepwise
cyclic uplift tests. They found that the ultimate cyclic loading level increases gradually
with embedment ratio to the maximum value at the embedment ratio of 6, and then keeps
almost constant for greater embedment ratios. The uplift displacements at the beginning of
ultimate cyclic loading level are very close to the failure displacements under monotonic
loading for single-helix anchors. In addition, the double-helix anchor accumulates less
uplift displacement than the single-helix anchor during cyclic loading.

Although these previous studies provided important information, the current knowl-
edge of the cyclic performance of helical piles is still insufficient to enable the development
of an appropriate design procedure [16]. Additionally, the influences of sand compactness
and frequency on the performance of helical anchors under cyclic loading, as well as the
possible change rule of sand compactness with anchor displacement after cyclic loading
are rarely reported in the previous literature. Therefore, more investigations on the cyclic
behavior of helical piles are necessary to confirm the findings of the previous studies, and
to provide new results for onshore and offshore applications [1].

This paper carried out monotonic and cyclic loading model tests of single-helix anchors
in medium–dense sand and dense sand to investigate the development of accumulated
displacement, axial cyclic stiffness and post-cyclic uplift capacity. It focused on the compre-
hensive effects of embedment ratio on accumulated displacement, static and post-cyclic
ultimate uplift capacity, and the differences in the development of accumulated displace-
ment, axial stiffness and the post-cyclic uplift capacity ratio in different sand compactness
under various cyclic loading conditions.
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2. Materials and Methods

2.1. Sand Preparation and Installation of Anchors

The silica sand sample was prepared by the air pluviation method in a rectangular
strongbox with internal dimensions of 1000 × 500 × 1000 mm (length × width × depth).
The particle size of the sand is in between 0.1 and 1 mm, and the particle size in the range
of 0.25–0.5 mm accounts for 89.5% of the total mass. The properties of the silica sand are
given in Table 1.

Table 1. Properties of silica sand.

Property Value

Specific gravity, Gs 2.63
Average grain size d50: mm 0.35
Coefficient of uniformity, Cu 1.57

Curvature coefficient, Cc 0.96
Maximum dry density, ρdmax (g/cm3) 1.75
Minimum dry density, ρdmin (g/cm3) 1.55

Critical friction angle, φcv (◦) 28

Dry sand samples with relative density Dr = 62% (medium–dense sand) and
Dr = 92% (dense sand) were obtained, respectively, by controlling the height, travel speed
and opening width of the sand rain. The helical anchors are made of stainless steel. The
thickness of the anchor plate is 1 mm and the diameter of the anchor plate D is 50 mm. The
pitch and rod diameter are determined by referring to the size proportion of the helical
anchor RS series products of A.B Chance [21]. The ratio of rod diameter to plate diameter
d/D = 0.25, and the ratio of pitch to plate diameter t/D = 0.3. The helical plate and each
rod part can be connected by screws and the base of the anchor is conical. The single-helix
anchor models were installed by manually turning the handle at the speed of 20 rpm
(80 mm/min). Anchor models and torsion mounting bracket are shown in Figure 1. Two
anchors are installed in one strongbox. The distance between the two anchors is 8D and
the minimum distance between the anchor and the wall of the box is 5D, which meets the
requirements of boundary conditions [22]. Figure 2 shows the process of sand preparation
and installation of anchors, as well as the connection with MTS actuator.

Figure 1. Model of helical anchor and torsion mounting frame.
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Figure 2. Sand preparation, installation and connection with actuator of anchors.

2.2. Test Program and Loading Mode

In order to analyze the influence of anchor depth, cyclic loading parameters and sand
compactness on the cyclic performance of helical anchors, four groups of comparative tests
are designed, as shown in Table 2. The cyclic loading pattern is shown in Figure 3. The
anchors were pulled monotonically to the mean cyclic load Qmean first, and then vibrated
for 1200 cycles in a one-way sinusoidal cyclic manner. The mean cyclic load Qmean and
amplitude Qcyc are both set according to the ratio of static ultimate uplift capacity Qt that
is obtained from the monotonic pull-out test of another anchor in parallel with the cyclic
loading test. The maximum mean cyclic load Qmean is taken as 0.5Qt considering the design
safety factor of 2 for static loading, while the amplitude Qcyc varies from 0.1–0.3 Qt. Cyclic
frequency f is set 0.5 Hz, and when comparing the effect of frequency, f is set 1 Hz and
2 Hz. The anchors that are still stable after vibration are subjected to monotonic pull-out
load to determine the post-cyclic uplift capacity Qpt. The testing program encompasses
28 monotonic and cyclic tests across 15 sand samples. The first letter of the test name
represents the loading mode, i.e., M represents monotonic loading and C stands for cyclic
loading; the second letter represents the compactness of sand samples, i.e., D for dense sand
and M for medium–dense sand; the third letter H and the number close to H represents the
embedment ratio, and the number after “-” is the number of parallel tests; the figures in
brackets are the relative mean cyclic load Qmean/Qt and the relative amplitude Qcyc/Qt
in turn. For the test on the effect of frequency, the frequency is listed last, and the ones
unlisted are 0.5 Hz.

Figure 3. Patten of cyclic loading.
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Table 2. Test program.

Name
Sand

Sample
Influence

Factor
Frequency

f /Hz
H/D Qmean

Qt

Qcyc

Qt

Number
of Cycles

Qt/N
Uplift

Capacity
Ratio, β

MDH8 1

depth

— 8 — — — 316.3 —
CDH8 (0.4, 0.2) 1 0.5 8 0.4 0.2 1200 318.5 1.007
MDH10 2 — 10 — — — 580.1 —
CDH10 (0.4, 0.2) 2 0.5 10 0.4 0.2 1200 439.6 0.758
MDH12-1 3 — 12 — — — 863.3 —
CDH12 (0.4, 0.2, 0.5 Hz) 3 0.5 12 0.4 0.2 1200 850.6 0.985
MDH14 4 — 14 — — — 890.3 —
CDH14 (0.4, 0.2) 4 0.5 14 0.4 0.2 1200 733.9 0.824

MDH12-2 5

cyclic
amplitude
and mean

load

— 12 — — — 822.3 —
CDH12 (0.4, 0.3) 5 0.5 12 0.4 0.3 14 — —
MDH12-3 6 — 12 — — — 802.2 —
CDH12 (0.3, 0.3) 6 0.5 12 0.3 0.3 1200 876.7 1.093
CDH12 (0.4, 0.1) 7 0.5 12 0.4 0.1 1200 679.7 0.847
CDH12 (0.3, 0.2) 7 0.5 12 0.3 0.2 1200 780.5 0.973
CDH12 (0.2, 0.2, 0.5 Hz) 8 0.5 12 0.2 0.2 1200 738.3 0.920
CDH12 (0.5, 0.1) 8 0.5 12 0.5 0.1 1200 805.8 1.004

MDH12-4 9

frequency

— 12 — — — 813.2 —
CDH12 (0.4, 0.2, 1 Hz) 9 1 12 0.4 0.2 12 — —
MDH12-5 10 - 12 - - - 803.8 —
CDH12 (0.2, 0.2, 2 Hz) 10 2 12 0.2 0.2 526 808.5 1.006

MMH12-1 11

compactness

— 12 — — — 658.8 —
CMH12 (0.3, 0.1) 11 0.5 12 0.3 0.1 1200 570.7 0.866
MMH12-2 12 — 12 — — — 638.4
CMH12 (0.3, 0.2) 13 0.5 12 0.3 0.2 1200 655.0 1.026
MMH12-3 14 — 12 — — — 630.4
CMH12 (0.3, 0.3) 14 0.5 12 0.3 0.3 1200 521.3 0.827
CMH12 (0.2, 0.2) 15 0.5 12 0.2 0.2 1200 620.5 0.984
CMH12 (0.4, 0.2) 15 0.5 12 0.4 0.2 1200 623.6 0.989

The monotonic and cyclic loading of the helical anchor is realized by MTS hydraulic
actuator. The anchor head is rigidly connected with the actuator, as shown in Figure 2.
Monotonic loading is controlled by displacement at the rate of 0.125 mm/s, and the pullout
displacement is 1D. Cyclic loading is applied according to the set load parameters. After
cyclic loading, displacement control is used for monotonic pullout of the helical anchors.
The data acquisition frequency is 12.8 Hz.

3. Results

3.1. Test Results in Dense Sand
3.1.1. Results of Anchors with Different Embedment Ratios

• Ultimate uplift capacity of monotonic loading

In order to analyze the influence of the embedment ratio on the monotonic and cyclic
uplift behavior of helical anchors in dense sand, the tests of anchors with embedment ratio
H/D varying from 8 to 14 were carried out with a fixed vibration frequency of f = 0.5 Hz, a
mean cyclic load ratio Qmean/Qt = 0.4 and amplitude ratio Qcyc/Qt = 0.2.

Figure 4 shows the ultimate uplift capacity Qt and the breakout factor Nγ of helical
anchors with various embedment ratios under monotonic loading, where Nγ = Qt/γAH,
among which Qt is the peak values before the load displacement curve exhibits an obvious
oscillation, as listed in Table 2; γ is the unit weight of soil mass; A is the cross-sectional
area of anchor plate and H is the embedment depth of anchor plate. It can be seen that
the static ultimate uplift capacity Qt increases with the increase in embedment ratio H/D,
and when H/D ≥ 12, the growth rate of Qt slows down. The Nγ reaches the maximum at
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H/D = 12, beyond which the anchor can be considered as deeply buried [22,23]. The smaller
the compactness of the sand sample, the smaller the critical embedment ratio corresponding
to deep anchor [23,24]. Therefore, the embedment ratio of 12 can ensure that the anchor is
deeply buried for medium–dense sand.

 
Figure 4. Nγ and Qt of helical anchors with different embedment ratios in dense sand.

Figure 5 shows the standardized load and displacement curve u/D-Q/Qt under cyclic
loading with different embedment ratios. The results of the first six cycles are shown
in Figure 5b to demonstrate the loading process. There is an error between the actually
applied load and the target load during the first three cycles. The applied load is slightly
smaller than the target load when the embedment ratio H/D equals 8 due to the relative
small cyclic load and the loading accuracy of the actuator.

 
(a) (b) 

Figure 5. Standardized load–displacement curves at different embedment ratios (a) N = 1200; (b) N = 6.

Figure 6 shows the relationship between the number of cycles and standardized
displacement, including the initial monotonic uplift displacement u0 at Q = 0.4Qt. The
values of u0 of the anchors with the embedment ratio H/D = 8, 10, 12 and 14 are 0.01D,
0.022D, 0.02D and 0.016D, respectively. The value of u0 for anchor CDH8 (0.4, 0.2) is smaller
than that of the other cases, which may be related to the fact that the initial monotonic
loading Q = 0.35Qt does not reach the standard of 0.4Qt. Additionally, the value of u0
for anchor CDH10 (0.4, 0.2) is the largest, which may be due to the initial difference of
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sand samples or installation disturbance. The standardized pullout displacements u/D for
the anchors with various embedment ratios after cyclic loading are less than 0.1, with the
exception of CDH10 (0.4, 0.2).

Figure 6. Developments of uplift displacement at different embedment ratios.

• Accumulated displacement

The developments of accumulated displacement ua and displacement accumulation
rate with number of cycles N for the anchors with different embedment ratios are plotted
in Figure 7. The displacement accumulation rate is the accumulated displacement in
each cycle. It can be seen from Figure 7a that ua increases nonlinearly when N < 200 and
then develops in a linear and slow way. The accumulated displacement of anchor CDH8
(0.4, 0.2) is the smallest, which may be related to the relatively small amplitude of the
anchor and the first few cyclic loads being less than the target value compared to other
anchors. Anchor CDH12 (0.4, 0.2, 0.5 Hz) shows better cyclic performance than anchor
CDH10 (0.4, 0.2) and CDH14 (0.4, 0.2). Figure 7b displays the semi-log relationships of ua
and N, which are linear before exhibiting hollow circles and then develops nonlinearly in
different extents. The values of ua at the hollow circles are close to 0.02D, except for CDH10
(0.4, 0.2), and the numbers of cycles corresponding to hollow circles are less than 50 for
all anchors with different embedment ratios. The values of accumulated displacement at
N = 50 are all more than half of the total accumulated displacement, which indicates that
the accumulated displacement develops significantly before N = 50.

It can be seen from Figure 7c that the accumulated displacement in the first cycle for
the anchor CDH10 (0.4, 0.2) is 1.9–2.6 times that of other anchors with different embedment
ratios, which may be due to the effect of installation disturbance. The initial displacement
accumulation rate is the largest, and then decreases rapidly within three cycles, until
reaching a small and stable value after 10 cycles for the anchors with different embedment
ratios. The displacement accumulation rate decreases from 0.91–1.82 mm/10 cycles at the
first 10 cycles to 0.14–0.3 mm/100 cycles after 100 cycles.
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(a) (b) 

 
(c) 

Figure 7. Developments of accumulated displacement and displacement accumulation rate at dif-
ferent embedment ratios: (a) linear scale of ua-N; (b) semi-log scale of ua-N; (c) semi-log scale of
displacement accumulation rate and cycle number.

• Axial stiffness

The axial stiffness k of the helical anchor is defined by the ratio of the load increment
in each loading cycle to its deformation increment, as shown in Figure 8a. The relationships
of axial stiffness k and normalized axial stiffness kN/k1 with number of cycles N for
different embedment ratios are plotted in the semi logarithmic coordinate system, as
shown in Figure 8b,c, where kN and k1 are the axial stiffness of the Nth cycle and the first
cycle, respectively.

It can be seen from the figure that the axial stiffness k increases rapidly and nonlinearly
within 10 cycles for different embedment ratios. The developments of axial stiffness for
anchor CDH8 (0.4, 0.2) and CDH10 (0.4, 0.2) are generally stable after 10 cycles, although
there are slight fluctuations compared to the other two anchors. The stiffness of the first
two cycles is relatively low for CDH10 (0.4, 0.2) due to the sand loosening, which is caused
by installation disturbance, and then the stiffness increases rapidly when the vibration
densifies the sand above the anchor. The stable values of axial stiffness for anchor CDH8
(0.4, 0.2), CDH10 (0.4, 0.2), CDH12 (0.4, 0.2, 0.5 Hz) and CDH14 (0.4, 0.2) are 10.5 times,
13.9 times, 4.4 times and 4.3 times of the initial axial stiffness, respectively.
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(a) (b) 

 
(c) 

Figure 8. Axial stiffness for different embedment ratios: (a) definition of axial stiffness; (b) relationship
of axial stiffness k and number of cycles N; (c) relationship of normalized axial stiffness kN/k1 and
number of cycles N.

• Post-cyclic monotonic response and uplift capacity

The monotonic pull-out tests were carried out after cyclic loading to obtain the load
displacement responses, which were compared with the results of monotonic tests without
cyclic loading, as shown in Figure 9, where the peak points are marked in the grey circles.

It can be seen from the figure that the monotonic responses after cyclic loading for the
helical anchors with different embedment ratios are more rigid than that without cyclic
loading. When monotonic pullout is carried out directly, the peak points of each anchor
appear after the uplift displacement of 0.1D, while the peak points after cyclic loading are
reached before 0.1D. Schiavon et al. [17] also found the stiffer initial response in post-cyclic
monotonic uplift test by centrifuge and the peak points of direct monotonic and post-cyclic
monotonic pullout also occur after and before uplift displacement of 0.1D, respectively.

The uplift capacity ratio after cyclic loading β is defined as the ratio of ultimate uplift
capacity after cyclic loading Qpt and static ultimate uplift capacity Qt. The values of β for
anchor CDH8 (0.4, 0.2), CDH10 (0.4, 0.2), CDH12 (0.4, 0.2, 0.5 Hz) and CDH14 (0.4, 0.2) are
1.007, 0.756, 0.985 and 0.824, respectively, which indicates that the ultimate uplift capacities
of helical anchors with different embedment ratios in dense sand after cyclic loading with
cyclic parameters (0.4, 0.2, 0.5 Hz) are not improved, and in fact some of them significantly
reduced. The influence of the embedment ratio on the post-cyclic uplift capacity of anchors
is irregular.
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Figure 9. Post-cyclic monotonic and monotonic responses for different embedment ratios.

The single-helix anchor test with the embedment ratio of 12 exhibits the good static
and cyclic behavior based on post-cyclic uplift capacity and the development of cyclic
accumulated displacement and axial stiffness. Therefore, the helical anchor with H/D = 12
is selected for the later tests.

3.1.2. Results for Different Amplitudes and Mean Cyclic Loads

• Accumulated displacement

Figure 10 shows the accumulated displacement developments of the anchors under
different amplitudes (f = 0.5 Hz and Qmean/Qt = 0.4 and 0.3). It is evident that the greater
the amplitude, the greater the accumulated displacement ua when other cyclic parameters
are the same, which is similar with the observation of Hanna et al. [25] and Petereit [26]
for plate anchors and Schiavon et al. [16,17] for helical anchors. The ua increases non-
linearly and rapidly for N less than 200 and then develops slowly under the situation of
Qmax = Qmean + Qcyc < 0.7Qt, while ua develops very fast with cycle number and has reached
0.8D after 14 cycles when Qmean/Qt equals 0.4 and Qcyc/Qt equals 0.3
(Qmax = 0.7Qt), which is likely to represent a continuously pulled out case for which
the test is interrupted.

 

Figure 10. Developments of accumulated displacement under different amplitudes.
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The curves of accumulated displacement ua with cycle number N for the anchors sub-
jected to different mean cyclic load ratios Qmean/Qt and the same amplitude ratios Qcyc/Qt of
0.1 or 0.2 are plotted in Figure 11. When Qcyc/Qt equals 0.2 and Qmean/Qt varies from 0.2
to 0.4, the rule according to which the greater the mean cyclic load, the larger accumulated
displacement is observed. While when Qcyc/Qt equals 0.1, the accumulated displacement
of anchor CDH12 (0.5, 0.1) subjected to a mean cyclic load ratio of 0.5 is obviously smaller
than that of anchor CDH12 (0.4, 0.1) with a mean cyclic load ratio of 0.4, which is similar
to the results of the sequence cyclic loading tests for single-helix anchors from Schiavon
et al. [17] where a subsequent low-level cyclic loading produces very low permanent dis-
placements due to the anchor performance being improved by previous large amplitude
cyclic-loading. The observation indicates that the influence of the mean cyclic load on the
accumulated displacement may be affected by the amplitude. When the amplitude is medium,
the accumulated displacement of anchors subjected to a greater mean cyclic load will be
larger. Additionally, when the amplitude is small, the influence of the mean cyclic load on
the accumulated displacement shows the opposite trend. This phenomenon may be due to
the fact that the sand densification above the anchor caused by preloading will remain dense
during small amplitude cyclic loading, and the sand densification by preloading cannot be
sustained and eventually becomes loose due to the backflow of sand above the anchor under
the larger maximum cyclic load (corresponding to medium amplitude). The relationship
of the accumulated displacement between anchor CDH12 (0.3, 0.2) > CDH12 (0.4, 0.1) and
anchor CDH12 (0.3, 0.3) > CDH12 (0.4, 0.2, 0.5 Hz) > CDH12 (0.5, 0.1) can be observed by
comparing the accumulated displacement of the anchors with the same maximum cyclic
load ratio Qmax/Qt. This indicates that for the anchors under the same maximum cyclic load
ratio Qmax/Qt, the greater accumulated displacement will be obtained when the anchors
are subjected to the larger value of Qcyc/Qt and the smaller value of Qmean/Qt. The same
conclusion for single-helix anchors in very dense sand is obtained by Schiavon et al. [17].

 
Figure 11. Developments of accumulated displacement under different mean cyclic loads.

The developments of displacement accumulation rate of the anchors under different
amplitudes and mean cyclic loads are shown in Figure 12. The rules of development for all
the anchors are similar. The displacement accumulation rate decreases rapidly within three
cycles, and then decreases slowly when the cycle number is more than 3 and less than 10.
However, there is still an oscillated displacement accumulation rate after 100 cycles, which
decreases to 0.1–0.23 mm per 100 cycles.
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(a) (b) 

(c) 

Figure 12. Developments of displacement accumulation rate under different amplitudes and mean
loads: (a) the influence of amplitude; (b) the influence of mean cyclic load Qcyc/Qt = 0.2; (c) the
influence of mean cyclic load Qcyc/Qt = 0.1.

The anchor under the greater amplitude has the larger displacement accumulation rate,
and the phenomenon is more obvious for larger Qmean. The displacement accumulation
rate of anchors under small mean cyclic loads is relatively small in the cases of the same
medium amplitude, and the displacement accumulation rate of the anchor under a smaller
mean cyclic load is larger in the cases of the same small amplitude.

• Axial stiffness

The relationships between axial stiffness and the number of cycles for the anchors in
dense sand subjected to different Qmean/Qt and Qcyc/Qt are shown in Figure 13, which
shows similar behaviors. The axial stiffness increases with the cycle number rapidly and
nonlinearly within ten cycles and reaches stability at cycle numbers between 10 and 50.
Stable axial stiffness is about three to six times the initial value for all the cases of different
Qmean/Qt and Qcyc/Qt, except for CDH12 (0.4, 0.3). It is observed that the axial stiffness
for anchors under a larger amplitude is relatively small and has no significant correlation
with the mean cyclic load.
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(a) 

 
(b) 

Figure 13. Developments of axial stiffness for different amplitudes and mean cyclic loads: (a) different
amplitudes; (b) different mean cyclic loads.

• Post-cyclic monotonic response and uplift capacity

Figure 14 shows the monotonic responses of anchors without cyclic loading and post-
cyclic monotonic responses in dense sand. The uplift capacity ratios after cyclic loading β
for anchor CDH12 (0.4, 0.2, 0.5 Hz) and CDH12 (0.4, 0.1) are 0.985 and 0.847, respectively.
Additionally, the values of β for anchor CDH12 (0.3, 0.2) and CDH12 (0.3, 0.3) are 0.973
and 1.093, respectively. The anchors subjected to a greater amplitude have a higher post-
cyclic uplift capacity when the same mean cyclic loads are applied. The values of β vary
from 0.847 to 1.004 when the amplitude ratio Qcyc/Qt = 0.1 and 0.2, and the mean cyclic
load ratio Qmean/Qt = 0.2–0.5. Among these anchors, CDH12 (0.3, 0.3) has the largest
displacement after cyclic loading, CDH12 (0.5, 0.1) has the smallest displacement and
both uplift capacity ratios are greater than 1. Additionally, the centrifuge test results from
Schiavon et al. [17] show the slight post-cyclic capacity degradation of 1–7% for the cases of
Qmax/Qt = 0.42–0.69, while the centrifuge test results from Schiavon et al. [16] show no
reduction or a slight increase in post-cyclic capacity for the Qmax/Qt = 0.61–0.93. The ratio
of Qmax/Qt used in this study is similar to that in Schiavon et al. [17]; however, both a
decrease and increase in the post-cyclic capacity occur, and the variation of post-cyclic
capacity in comparison with monotonic value range from −15% to 10%.

166



J. Mar. Sci. Eng. 2022, 10, 1338

  
(a) (b) 

  
(c) (d) 

Figure 14. Monotonic and post-cyclic monotonic responses for different amplitudes and mean cyclic
loads: (a) Qmean/Qt = 0.4; (b) Qmean/Qt = 0.3; (c) Qcyc/Qt = 0.2; (d) Qcyc/Qt = 0.1.

3.1.3. Results for Different Cyclic Loading Frequencies

The developments of accumulated displacement under different cyclic frequencies are
shown in Figure 15. Anchor CDH12 (0.4, 0.2, 1 Hz) under a frequency of 1 Hz is pulled up
sharply at the initial stage of cyclic loading, indicating that the vibration frequency is close
to the natural frequency of the anchor–soil system, and resonance occurs. The test is stopped
when cyclic loading is applied for 12 cycles. Comparing the accumulated displacement
development of CDH12 (0.2, 0.2, 0.5 Hz) and CDH12 (0.2, 0.2, 2 Hz), it can be seen that when
f = 2 Hz, the anchor displacement increases rapidly and linearly with the cycle number.
The test for anchor CDH12 (0.2, 0.2, 2 Hz) is stopped at the 526th cycle, corresponding
to the accumulated displacement of 23.7 mm, which is close to 0.5D. Additionally, the
accumulated displacement of anchor CDH12 (0.2, 0.2, 0.5 Hz) is of only is 2.6 mm after
1200 cycles. The results show that the influence of frequency on accumulated displacement
is much higher than that of embedment ratio, cyclic amplitude and mean load. Therefore,
the safety margin should be increased considering the impact of frequency variations.

Figure 16 indicates that the displacement accumulation rate of anchor CDH12 (0.4, 0.2,
1 Hz) rises rapidly after the third cycle, and reaches 3.77 mm/cycle after 11 cycles. The
development for anchor CDH12 (0.2, 0.2, 2 Hz) has the same trend as that for CDH12 (0.2,
0.2, 0.5 Hz), but the displacement accumulation rate in the stable stage is more than six
times that of anchor CDH12 (0.2, 0.2, 0.5 Hz).
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Figure 15. Developments of accumulated displacement under different frequencies.

  
(a) (b) 

Figure 16. Developments of displacement accumulation rate under different frequencies:
(a) Qmean/Qt = 0.4 and Qcyc/Qt = 0.2; (b) Qmean/Qt = 0.2 and Qcyc/Qt = 0.2.

It can be seen from Figure 17 that the development trend of axial stiffness at two
frequencies is similar, and the axial stiffness at a high frequency is lower. The stable axial
stiffness at a frequency of 0.5 Hz is approximately three times that at frequency of 2 Hz,
and the values of stable axial stiffness are about three times those of the initial stiffness.

Figure 17. Developments of axial stiffness for different frequencies.
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Figure 18 shows the comparisons between the post-cyclic monotonic responses of
anchor CDH12 (0.2, 0.2, 0.5 Hz) and CDH12 (0.2, 0.2, 2 Hz) and the monotonic responses
without cyclic loading. Their post-cyclic uplift capacity ratios are 0.920 and 1.006, respec-
tively. After cyclic loading, the anchor CDH12 (0.2, 0.2, 2 Hz) produces a large uplift
displacement, reaching 0.47D. Although there is a certain loss of embedment depth, the
combined effect of vibration frequency and pullout displacement finally densifies the soil
above the helix of anchor CDH12 (0.2, 0.2, 2 Hz), and the post-cyclic uplift capacity is not
reduced compared with MDH12-5.

Figure 18. Post-cyclic monotonic and monotonic responses for different frequencies.

3.2. Test Results in Medium–Dense Sand

• Accumulated displacement and axial stiffness

Figure 19 shows the developments of accumulated displacement and displacement
rate for the anchors in medium–dense sand under different cyclic parameters. The anchors
subjected to a greater amplitude at the same of mean cyclic load produce larger accumulated
displacement, which is the same as that in dense sand. The accumulated displacement
of anchor CMH12 (0.3, 0.3) is significantly greater than those of anchor CMH12 (0.3, 0.2)
and CMH12 (0.3, 0.1) and its pullout displacement after cyclic loading is of 14.1 mm, up to
0.29D, which is far more than 0.1D.

By comparing the accumulated displacement of anchor CMH12 (0.4, 0.2), CMH12
(0.3, 0.2) and CMH12 (0.2, 0.2) with the same amplitude, it is observed that the anchor
CMH12 (0.4, 0.2) subjected to the largest mean cyclic load has the largest accumulation
displacement within 150 cycles and the largest displacement accumulation rate for the
first two cycles, and the accumulated displacement of anchor CMH12 (0.2, 0.2) exceeds
that of anchor CMH12 (0.4, 0.2) after 150 cycles, which may be an anomaly caused by the
disturbance of sand above the helix or by a large amount of sand back-flowing around
the edge of the helix into the void of the helix bottom after being tightly compacted.
The accumulated displacement and displacement accumulation rate of anchor CMH12
(0.3, 0.2) are always at the minimum. Therefore, it is discerned that the anchors in medium–
dense sand with a greater mean cyclic load may produce larger accumulated displacement
when they are subjected to the same medium amplitude. The comparisons among the
accumulated displacement of the anchors with the same maximum cyclic load ratio shows
that the anchor subjected to a greater amplitude and a smaller mean cyclic load will produce
larger accumulated displacement, which is the same as that observed in dense sand.
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(a) (b) 

 
(c) 

Figure 19. Developments of accumulated displacement and displacement accumulation rates under
different cyclic parameters: (a) linear scale of ua-N; (b) semi-log scale of ua-N; (c) semi-log scale of
displacement accumulation rate-N.

Figure 20 shows the development of axial stiffness k under different amplitudes and
mean cyclic loads. It can be seen that when the cycle number is not above 3, the k value of
each anchor increases rapidly. The axial stiffness of anchor CMH12 (0.3, 0.1) with Qcyc/Qt
of 0.1 becomes stable after 10 cycles, which is the same as that of dense sand. However, for
the anchors with Qcyc/Qt not less than 0.2, it still rises slowly after 10 cycles and becomes
steady after 400 cycles. The stable axial stiffness of the anchors with different amplitudes
and mean cyclic loads is 3.5–9 times the initial axial stiffness.

Figure 20. Development of axial stiffness under different amplitudes and mean cyclic loads.
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• Post-cyclic monotonic response and uplift capacity

Figure 21 is post-cyclic monotonic and monotonic responses for the anchors in medium–
dense sand under different cyclic loading parameters. The post-cyclic monotonic responses
for the anchors in medium–dense sand are also stiffer than the monotonic responses with-
out cyclic loading, which is the same as the responses in dense sand. The post-cyclic
uplift capacity Qpt of anchor CMH12 (0.3, 0.3) decreases the most, and the ratio β equals
0.827, which may be caused by the flow of sand above the helix to the bottom of the helix
loosening the sand above the helix at high amplitudes. The value of β for anchor CMH12
(0.3, 0.1) is 0.866, which is also relatively small compared to other anchors. It indicates that
a small amplitude vibration also loosens the sand above the helix. The post-cyclic uplift
capacities for the anchors with an amplitude ratio of 0.2 are basically close to the static
uplift capacities.

  
(a) (b) 

Figure 21. Post-cyclic monotonic and monotonic responses for different cyclic parameters:
(a) Qmean/Qt = 0.3; (b) Qcyc/Qt = 0.2.

4. Discussion

The accumulated displacements and post-cyclic uplift capacities for the anchors in
medium–dense and dense sands subjected to the same cyclic loading parameters are listed
in Table 3. It can be seen that the accumulated displacements of anchors in dense sand
are smaller than those in medium–dense sand at the same cyclic loading parameters, and
the difference is more obvious when the anchors are pulled under a higher amplitude
ratio. The data shown in Table 3 indicate that the smaller the accumulated displacement,
the larger the post-cyclic uplift capacity ratio in medium–dense sand, and the trend is
opposite in dense sand. Schiavon et al. [17] found that the anchor with the significant
capacity degradation after cyclic loading is the one that has a stable cyclic response, and
that the anchor with the slight or negligible capacity degradation may be the one that has
a meta-stable cyclic response by centrifuge tests of helical anchor in dense sand. This is
similar with the observation in dense sand according to which the minimum accumulated
displacement does not necessarily lead to high post-cyclic capacity. The post-cyclic uplift
capacity ratio of the anchor in dense sand is higher or lower than that in medium–dense
sand, which may be related to the flow state of the sand above the helix caused by their
accumulated displacements.

The post-cyclic uplift capacities of anchors are affected by the change of sand com-
pactness above the helix and the loss of embedment depth caused by uplift displacement
after cyclic loading. Additionally, the change of sand compactness above the helix is
controlled by both the uplift displacement after cyclic loading and the amount of sand
back-flowing. Lumay et al. [27] considered that the flowability of powders can be evaluated
by the measurements of the angle of repose of sand. Schiavon et al. [16] exhibited the gap
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formation below the helix during one cycle and Schiavon et al. [17] recognized the upward
accumulated displacement being smaller than 5%D at the start of sand flow for the cases of
helical anchors in dry dense sand and with the ratio D/d50 greater than 275.

Table 3. Accumulated displacement and post-cyclic uplift capacity ratio for anchors in medium–dense
and dense sands.

Cyclic Loading
Qmean ± Qcyc

Sand Compactness

Medium–Dense Sand Dense Sand

ua(N = 1)
/mm

ua(N = 1200)
/mm

β
ua(N = 1)

/mm
ua(N = 1200)

/mm
β

(0.3 ± 0.3) Qt 0.65 13.46 0.827 0.60 5.19 1.094
(0.4 ± 0.2) Qt 0.83 3.73 0.989 0.55 2.72 0.985
(0.3 ± 0.2) Qt 0.36 2.72 1.026 0.66 2.52 0.973
(0.2 ± 0.2) Qt 0.49 4.13 0.984 0.37 2.28 0.920

Figure 22a is the relationship between post-cyclic uplift capacity ratio β and standard-
ized displacement u/D of each anchor after cyclic loading at a frequency of 0.5 Hz. The
loss ratios of embedment depth (ratio of uplift displacement to initial embedment depth)
of these anchors are all less than 1%. The influence of embedment depth loss on post-cyclic
uplift capacity is relatively small, and the influence of soil compactness change may be the
control factor. The compactness of the sand above the anchor changes little when the uplift
displacement of the anchor is small after cyclic loading, which basically does not affect the
subsequent static uplift capacity, such as the test CDH12 (0.5, 0.1). It can be inferred that
sand flow starts when the anchor’s upward movement reaches 0.04D, corresponding to
the accumulated displacement 0.0235D. This is consistent with the conclusion obtained by
centrifuge test from Schiavon et al. 2019 [17].

(a) (b) 

Figure 22. Relationship between u/D after cyclic loading and uplift capacity ratio β. (a) Anchors in
dense sand; (b) comparison of anchors in medium–dense sand with those in dense sand.

The sand above the helix gradually becomes loose, which is caused by the backflow
of sand with the development of accumulated displacement, and the value of β begins
to decrease. When the anchor displacement u reaches 0.05D after cyclic loading, the
subsequent monotonic uplift capacity Qpt is more than 15% lower than the static uplift
capacity Qt. However, when the accumulated displacement continues to increase, the sand
above the helix will be compacted again, and the uplift capacity ratio β will gradually
increase. The value of Qpt is close to Qt when the uplift displacement u exceeds 0.08D, and
even Qpt will be higher than Qt when uplift displacement after cyclic loading exceeds 0.1D,
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for example, when the post-cyclic uplift capacity of anchor CDH12 (0.3, 0.3) has increased
by nearly 10%.

Figure 22b shows the relationship between β and u/D for the anchors in medium–
dense sand and the comparison with dense sand. Anchor CMH12 (0.3, 0.1) produces an
uplift displacement of 0.05D after cyclic loading, corresponding to an embedment depth
loss rate of 0.4%. The small embedment depth loss should have a slight influence on
the post-cyclic uplift capacity Qpt; however, the value of Qpt reduces by more than 13%,
which indicates that cyclic vibration loosens the sand above the helix of anchor CMH12
(0.3, 0.1). Therefore, it is inferred that the sand above the helix may also flow into the gap
at the bottom of the helix in the case that the anchor in medium–dense sand produces
a small displacement under cyclic loading. Additionally, when the uplift displacement
after cyclic loading of anchor CMH12 (0.3, 0.2) is greater than 0.07D, the sand above the
anchor recovers to the pre-vibration state or is densified, and thus Qpt reaches the static
uplift capacity Qt, or an even higher magnitude. However, when the uplift displacement
continues to increase, the sand on the helix is pulled tight enough to cause more sand
flowing back to the helix’s bottom gap, and the sand above the helix becomes loose again,
such as for the anchors CMH12 (0.4, 0.2), CMH12 (0.2, 0.2) and CMH12 (0.3, 0.2).

It can be seen from Figure 22b that the variation rule of the post-cyclic uplift capacity
ratio in medium–dense sand with the standardized uplift displacement is different from
that in dense sand. When the uplift displacement caused by vibration is about 0.05D, the
compactness of the sand above the helix in medium–dense sand and dense sand will be
looser than that before cyclic loading. With the continuous increase in uplift displacement
after cyclic loading, the sand above the helix returns to the initial state before vibration,
and the uplift displacement required for medium–dense sand to return to the initial state is
smaller than that of dense sand. However, the post-cyclic uplift capacity ratio of anchor
in dense sand continues to increase with the increase in uplift displacement after cyclic
loading. After the uplift displacement exceeds 0.1D, Qpt still improves, indicating that the
sand above the helix in dense sand is less likely to flow back to the bottom of the helix than
that in medium–dense sand.

5. Conclusions

A series of reduced-scale cyclic loading model tests of a single-helix anchor in sand
with different compactness have been carried out, and the effects of anchor embedment
ratio and cyclic loading parameters on the accumulated displacement, the development
of axial stiffness and the post-cyclic monotonic uplift capacity have been analyzed. The
correlation of post-cyclic monotonic uplift capacity ratio and post-cyclic displacement and
possible influence of the cyclic uplift displacement of the anchors on the sand flow above
the helix were discussed. The main conclusions are as follows:

• The single-helix anchor in dense sand with an optimal embedment ratio that is deter-
mined according to the relationship between breakout factors and embedment ratio
under monotonic loading still exhibits a relatively high uplift capacity after cyclic load-
ing. The post-cyclic monotonic responses of all the anchors exhibit stiffer behaviors.

• The anchors in both dense sand and medium–dense sand subjected to greater ampli-
tude ratios will produce greater accumulated displacement when the same frequency
and mean cyclic load ratio are applied. The influence of the mean cyclic load ratio on
the accumulated displacement of anchors in dense sand may be affected by the ampli-
tude. Under the same medium amplitude ratio, the anchor in dense sand subjected
to a greater mean cyclic load ratio will produce a larger accumulated displacement,
which is similar to the anchor in medium–dense sand. Additionally, for the case of
anchors with the same small amplitude in dense sand, the influence of the mean cyclic
load ratio on the accumulated displacement is opposite. The cyclic frequency has
the greatest influence on the accumulated displacement, and the influence of cyclic
amplitude is relatively greater than that of the mean cyclic load ratio. For the anchors
in both dense sand and medium–dense sand under the same maximum cyclic load
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ratio Qmax/Qt, the greater accumulated displacement is obtained when the anchors
are subjected to a larger value of Qmean/Qt and a smaller value of Qcyc/Qt.

• There are some differences in the development of axial cyclic stiffness of single-helix
anchors in medium–dense sand and dense sand. When the anchors in medium–dense
sand are subjected to a small amplitude, the development between axial stiffness and
cycle number is the same as that of dense sand, and axial stiffness tends to stabilize
at 10 to 50 cycles. However, the axial stiffness of the anchors in medium–dense sand
with a medium amplitude still rises slowly after 10 cycles, and becomes stable after
400 cycles. The ratio of stable axial stiffness and initial value of anchors in dense sand
is between 3 and 6, and the ratio varies between 3.5 and 9 in medium–dense sand.

• The accumulated displacements at the first cycle and after cyclic loading in dense
sand for the anchors under the same standardized cyclic load parameters are basically
smaller than those in medium–dense dense sand, indicating that the anchor in dense
sand has higher pullout resistance.

• The backflow of sand above the helix has been inferred by analyzing the relationship
of post-cyclic uplift capacity ratio and uplift displacement after cyclic loading. The
variation of the post-cyclic uplift capacity ratio in medium–dense sand with the
standardized uplift displacement is different from that in dense sand. However, the
compactness of sand above the helix both in medium–dense sand and dense sand will
be much looser than that before cyclic loading at the uplift displacement of 0.05D after
cyclic loading. This relationship of post-cyclic capacity with anchor upward movement
in dense sand and medium–dense sand can provide the reference of evaluation of
stability and bearing capacity of helical anchors.

This investigation on the cyclic behavior of single-helix anchors in dense sand and
medium–dense sand was carried out based on small scale model tests; therefore, the
results may be different from those from field tests and centrifuge tests. In addition, the
cyclic frequency and cyclic load parameters are selected based on the wind load on the
transmission tower. Therefore, further studies are required to provide more comprehensive
and conclusive observations.
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Abstract: Torpedo anchors are a new type of anchoring system in deepwater that is much more
economical than conventional anchoring methods. The dynamic penetration process is vitally im-
portant to the installation of torpedo anchors. Based on the spherical cavity expansion theory, the
dynamic response characteristics of pressure-locked soils are analyzed using the Mohr-Coulomb
criterion. The equations for the penetration of torpedo anchors with bullet-shaped heads are es-
tablished considering rod friction. Subsequently, the analytical solutions for velocity, acceleration,
and final penetration depth and the approximate analytical solution for penetration depth vs. time
are obtained. The established penetration equation is solved using MATLAB software to obtain a
semi-analytical solution, and the model tests on the penetration of a torpedo anchor with different
initial velocities into saturated sand with different densities were conducted. A comparison of the test
results shows that the analytical solution and the semi-analytical solution can well predict the model
test results, indicating that the established analytical method can be used to analyze the penetration
process of torpedo anchors. The research results can provide a guideline to the installation of torpedo
anchors into the seabed in actual engineering.

Keywords: spherical cavity expansion; side friction; torpedo anchor; penetration; sand

1. Introduction

Gravity anchors are used in the mooring system of deep-sea oil and gas exploitation
platforms, and their pull-out capacity is very important for engineering design. Gravity
anchors such as torpedo anchors are freely released at a height of 30 to 50 m above the
seafloor and penetrate into the seafloor through their own weight and velocity [1]. In 2000,
Petrobras used torpedo anchors in the mooring system of a floating production, storage, and
offloading (FPSO) platform. The process of the dynamic penetration of torpedo anchors into
seafloor soils can be considered a penetration problem. In the military field, the penetration
depth of an earth penetrator is a primary concern, for which the penetration equation has
been proposed through a large number of tests. The torpedo anchor is composed of an
anchor head, an anchor rod, and anchor wings, with a length of 12 to 15 m, a diameter of
762 to 1077 mm, and a weight of 240 to 950 kN [2]. The factors affecting the bearing capacity
of the torpedo anchor include its own weight, the penetration depth, the mechanical
properties of the seafloor soils, and the geometry of the torpedo anchor.

Chen et al. [3] conducted laboratory tests to investigate the penetration behavior and
pullout capacity of a torpedo anchor under vibration, and found that the anchoring force
and penetration depth of a self-penetration torpedo anchor are not restrained by water
depth and drop height. Ads et al. [4] reported that the fin length of a torpedo anchor
negatively correlated with penetration depth and positively correlated with maximum
extraction resistance, and soil displacement increased with increasing penetration depth till
full embedment. Based on the discrete element method, Zhang et al. [5] investigated the
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effect of anchor mass, impact velocity, and interparticle friction on the penetration process
of a torpedo anchor, and concluded that the penetration increased with increasing impact
velocity, and decreased with increasing interparticle friction. Based on large deformation
finite element analysis, Kim et al. [6,7] reported that under the condition of the demarca-
tion point that lies within the top stiff layer, the penetration depth of the torpedo anchor
decreased with increasing of strength ratio, and the penetration is stopped between two
layers when the strength ratio is higher than 15. Furthermore, an improved analytical
embedment model was proposed based on strain rate dependent shearing resistance and
drag resistance. Hossain et al. [8] found that the embedment depth of a torpedo anchor
increased with increasing impact velocity, and decreased with increasing soil shear strength.
The geometries of fin and tip had a significant effect on the bearing capacity, and the rectan-
gular fin and conical tip proved to be more effective. Coupled with the advantages of the
torpedo anchor and plate anchor, Lai et al. [9] concluded that the penetration depth of the
new hybrid anchor increased with increasing impact velocity, and the new hybrid anchor
could penetrate through the stiff layers. Fernandes et al. [10] concluded that the shape
and mass distribution of the torpedo anchor have a remarkable effect on the directional
stability, and the rear line influenced the terminal velocity and directional stability. Liu
et al. [11] noted that the factors affecting the penetration of a gravity-installed anchor
followed the order of undrained shear strength, impact velocity, strain rate dependency,
friction coefficient, and strain-softening of soil. Based on a computational fluid dynamics
approach, Raie and Tassoulas [12] developed a procedure to predict the embedment depth
of the torpedo anchor, the pressure and shear distribution on the interface and in the
soil. The research results provide a guideline to the installation of a torpedo anchor in a
deep-sea project. Based on finite element analysis, Sabetamal et al. [13,14] revealed that a
smooth discretization of the contact interface between soil and structure is a crucial factor
to avoid oscillations in the prediction of a dynamic response of soil during penetration of a
torpedo anchor. Based on small-scale model tests, True [15–17] measured the acceleration
time-history curves of torpedo anchors with different anchor tip shapes during their pene-
tration into soft clay, silt, and cement soils and established the torpedo anchor penetration
equation based on Newton’s second law of motion and the theory of the ultimate bearing
capacity of foundations. Considering the nonmonotonicity of the measured acceleration
time-history curves and assuming that the net resistance is a composite function of the
velocity squared and depth, Boguslavskii et al. [18] obtained analytical solutions for veloc-
ity, acceleration, and final penetration depth, determined the parameters in the analytical
solutions based on dimensional analysis, and compared the analytical solutions with the
test results. O’Loughlin et al. [19,20] studied the penetration process of torpedo anchors
with a centrifuge model test and combined the existing test results to establish an empirical
formula of penetration depth based on the energy balance. O’Beirne et al. [21] analyzed
the entire process from release to rest of a penetrating torpedo anchor, established the
calculation model for the entire release-to-rest process, and compared it with the field
model test. Nazem et al. [22] used the ALE method to perform a numerical analysis on
the process of the dynamic penetration of a torpedo anchor into a uniform clay layer and
provided a dynamic penetration factor. Bishop et al. [23] applied the cylindrical cavity
and spherical cavity expansion theory in a quasistatic state to calculate the pressure on the
conical surface when a conical object is slowly pressed into a metal. Forrestal and Luk [24]
applied the spherical cavity expansion theory to analyze the dynamic response of the soil
at a constant cavity expansion velocity, established the equation for the vertical penetration
of a long rod with a bullet-shaped tip into the soil, and provided the analytical solutions for
velocity, acceleration, and penetration depth. The reliability of the calculation results was
verified by actual penetration tests in the field. Shi et al. [25] used the p-α state equation and
the Mohr-Coulomb-Tresca criterion to describe the constitutive relationship of dry sand,
obtained the formula for calculating the depth of a projectile vertically penetrating dry
sand based on the spherical cavity expansion theory, and compared the analytical results
with the test results. Chian et al. [26] studied the influences of the projectile nose shape, the
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relative density of sand, and the projectile mass on the penetration process and found that
the shape and mass of the projectile nose significantly affect the total absorption energy
of sand.

The penetration of torpedo anchors into soil was mainly studied using torpedo anchors
as the research object. The force was analyzed, Newton’s second law was used to establish
the equation of motion, and the resistance of soil to the torpedo anchor was expressed by
the ultimate tip resistance. However, the penetration process of a torpedo anchor into soil
is a dynamic problem, thereby it is necessary to consider the dynamic response of soil. In
addition, because the torpedo anchor has a low installation speed (20 to 30 m/s) and a
large length-to-diameter ratio, the cavity expansion phenomenon is not remarkable, so the
frictional resistance [27] between the anchor rod and the cavity wall cannot be ignored.
In this study, the locked hydrostat model and the Mohr-Coulomb criterion are used to
describe the constitutive relationship of soil. Based on the spherical cavity expansion theory
and assuming that the cavity expansion velocity is constant, the governing equations for
the elastic and plastic regions of soil and the normal stress of the cavity wall are established.
On this basis, assuming a plane strain condition and considering the friction between the
anchor rod and the cavity wall, Newton’s second law is applied to establish the equation
of motion of torpedo anchors, from which the analytical solution for the torpedo anchor
penetration equation is obtained. Furthermore, a semi-analytical method by MATLAB
software was used to solve the penetration equation. A self-made penetration device was
used to carry out a small-scale model test of torpedo anchor penetration into saturated sand.
Finally, a comparison between analytical, semi-analytical, and test results were conducted
to verify the feasibility of the analytical method.

2. Torpedo Anchor Penetration Equations

2.1. Calculation for the Axial Force of the Anchor Tip

It is assumed that the torpedo anchor vertically penetrates the seafloor soil with an
initial velocity of V0 and proceeds to penetrate at velocity Vz. The anchor tip squeezes the
soil around it to form a cavity, assuming that the anchor and surrounding soil makecontact.
The diameter of the cavity gradually increases from zero to the rod diameter during
the penetration process. When the velocity reaches zero, the penetration process ends.
The radial stress and tangential stress acting at the anchor tip are denoted as σn and σt,
respectively, as shown in Figure 1. For the torpedo anchor, the motion and final depth
can be calculated when forces on the anchor tip are known. Therefore, we first model the
anchor tip resistance and then calculate velocity, deceleration, and penetration depth.

Figure 1. Stress analysis of the bullet-shaped anchor tip.

Let the anchor tip be bullet-shaped, with a shape factor of CRH = ψ = s/2a, where a
is the radius of the anchor rod, and s is the radius of the anchor tip arc. Let the friction
coefficient between the anchor tip and the soil be η1 and the penetration velocity be Vz.
The normal force acting on the segment sdφ of the anchor tip is

dFn = 2πRsσndφ (1)
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where R = s sin φ − (s − a).
The component in the axial direction of the anchor tip is

dFz1 = 2πs2σn(Vz, φ) cos φ

[
sin φ − s − a

s

]
dφ (2)

The upward component of tangential friction in the axial direction of the anchor tip is

dFz2 = 2πs2σn(Vz, φ)η1 sin φ

[
sin φ − s − a

s

]
dφ (3)

Then, the resultant force in the axial direction of the anchor tip is

dFz = 2πs2σn(Vz, φ)

[
sin φ − s − a

s

]
(cos φ + η1 sin φ)dφ (4)

The total resultant force in the axial direction of the anchor tip is obtained by integrat-
ing Equation (4)

Fz = 2πs2
∫ π

2

ϕ0

{[
sin φ − s − a

s

]
(cos φ + η1 sin φ)

}
σn(Vz, φ)dφ (5)

where ϕ0 = arcsin
( s−a

s
)
= arcsin

(
2ψ−1

2ψ

)
.

2.2. Spherical Cavity Expansion Theory
2.2.1. Plastic Region Response

Let the velocity of the spherical cavity be a constant, and the radius of the spherical
cavity r be increased from zero to a. It is assumed that the soil is a homogeneous, non-
viscous and isotropic elastic-plastic material. The soil is saturated and incompressible, and
the expansion of spherical cavity is regarded as an undrained process. As the soil cavity
is expanded, it is assumed that a plastic response region and an elastic response region
are formed in the soil surrounding the cavity (Figure 2). The plastic region is bounded
by the radii Vt and ct, where t is the time, V is the cavity expansion velocity and c is the
elastic-plastic interface velocity. It is assumed that the constitutive relationship of the soil
in the plastic region is expressed by a locked hydrostat (pressure-volumetric strain) and
follows the Mohr-Coulomb yield criterion. The elastic region is taken as an incompressible
elastic material and the constitutive relationship follows Hooke law. In addition, the stress
and strain are defined as positive when subject to compression.

Figure 2. Soil response regions.

For a locked hydrostat, the Mohr-Coulomb yield criterion and spherical symmetry
can be expressed [24]:

η∗ = 1 − ρ0

ρ∗ , σr − σθ = τ0 + λp, p =
(σr + 2σθ)

3

where ρ0 and ρ* are the initial and locked (compacted) densities of soil, respectively, η* is
the locked volumetric strain, σr and σθ are the radial and tangential components of Cauchy
stress, respectively, τ0 and λ are yield parameters, and p is the average principal stress.
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In the Lagrangian coordinate system, the momentum and mass conservation equations
can be expressed as

(r + u)2 ∂σr

∂r
+ 2

(
1 +

∂u
∂r

)
(r + u)(σr − σθ) + ρ0r2 ∂2u

∂t2 = 0 (6)

1
3

∂

∂r

[
(r + u)3

]
=

ρ0

ρ
r2 (7)

where r is the radial coordinate, u is the radial displacement, and ρ is the current density.
The boundary condition at the cavity wall is

u(r = 0, t) = Vt (8)

2.2.2. Elastic-Plastic Contact Surface

The Hugoniot jump condition, i.e., the momentum and mass conservation condition,
is satisfied on the elastic-plastic interface

ρ2(v2 − c) = ρ1(v1 − c)
σ2 + ρ2v2(v2 − c) = σ1 + ρ1v1(v1 − c)

(9)

where the subscripts 1 and 2 represent the plastic and elastic regions, respectively.

2.2.3. Incompressible Elastic Region Response

The mass conservation equation is

du
dr

+ 2
u
r
= 0 (10)

If the convection term is ignored, the momentum equation can be expressed as

∂σr

∂r
+

2(σr − σθ)

r
= −ρ

∂2u
∂t2 (11)

By solving Equations (6)–(11) using the similarity transformation, we can obtain the
solutions corresponding to the plastic and elastic regions. In particular, the normal stress at
the cavity wall can be expressed as

σn(Vz, ϕ) = σr = Aτ0 + Bρ0V2 (12)

where A = 1
α

(
1+τ0/2E

γ

)
− 1

λ , B = 3
(1−η∗)(1−2α)(2−α)

+ 1
γ2

(
1+τ0/2E

γ

)2α
(C1 + C2), C1 = 3τ0

E +

η∗
(

1 − 3τ0
2E

)2
, C2 = − γ3[2(1−η∗)(2−α)+3γ3]

(1−η∗)(1−2α)(2−α)(1+τ0/2E)4 , γ = V
c , α = 3λ/(3 + 2λ).

2.3. Penetration Equations

Let the penetration velocity of the torpedo anchor at any time be Vz; then the cavity
expansion velocity is V = Vz cos ϕ.

2.3.1. Calculation of the Axial Force of the Anchor Tip

Substituting Equation (12) into Equation (5) gives the upward resultant force in the
axial direction of the anchor tip as

Fz = αs + βsV2
z (13)

where αs = πa2τ0 A
[
1 + 4η1ψ2(π/2 − ϕ0)− η1(2ψ − 1)(4ψ − 1)1/2

]
, βs = πa2ρ0B[

8ψ−1
24ψ2 + η1ψ2(π/2 − ϕ0) − η1(2ψ−1)(6ψ2+4ψ−1)(4ψ−1)1/2

24ψ2

]
.
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2.3.2. Motion Equation of the Torpedo Anchor

Let the torpedo anchor vertically penetrate the soil with an initial velocity of V0. The
seafloor surface is taken as the coordinate origin, and the positive z coordinate direction is
vertically downward. Let the time be t and the penetration depth of the anchor tip be z.
The equation of motion can be expressed as

m
d2z
dt2 = mg − Fz − Ff (14)

where Fz is the axial force of the anchor tip and can be calculated by Equation (13). Ff is
the friction between the anchor rod and the soil. Under the assumption that the anchor
rod is not separated from the soil, the anchor shank bears the earth pressure in the normal
direction. Let the rod-soil friction coefficient be η2 and the anchor length be L. Then, the
friction Ff acting on the anchor rod can be expressed as

When z ≤ L

Ff =

z∫
0

2πaη2Kρghdh =πaη2Kγz2 (15)

When z > L

Ff =

z∫
z−L

2πaη2Kρghdh =πaη2Kγ(2z − L)L (16)

where K is the earth pressure coefficient.
By substituting Equations (13) and (15) into Equation (14), we have
When z ≤ L

m
d2z
dt2 = mg − αs − βs

(
dz
dt

)2
− πη2Kaγz2 (17)

When z > L

m
d2z
dt2 = mg − αs − βs

(
dz
dt

)2
− πη2KaLγ(2z − L) (18)

Equations (17) and (18) are the equations of motion of the torpedo anchor.
To solve Equation (17), let y = dz

dt , and d2z
dt2 = dy

dz
dz
dt = y dy

dz .
Then, Equation (17) is reduced to a first-order ordinary differential equation

y
dy
dz

= g − αs

m
− βs

m
y2 − πaη2Kγ

m
z2 (19)

Let u = y2; then, Equation (19) can be expressed as

du
dz

+
2βs

m
u = 2g − 2αs

m
− 2πaη2Kγ

m
z2 (20)

The initial conditions are t = 0, z = 0, and u = V0
2.

The general solution for Equation (20) is

u = −2πaη2Kγ

m

(
m

2βs

)3
[(

2βsz
m

)2
− 4βsz

m
+ 2

]
+ C3e−

2βsz
m +

mg − αs

βs
(21)

The constant C3 in Equation (21) is determined by the initial conditions:

C3 =
4πaη2Kγ

m

(
m

2βs

)3
− mg − αs

βs
+ V0

2
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Then, the solution of Equation (19) is

u = a1e−
2βsz

m − a2

(
2βsz

m

)2
+ 2a2

(
2βsz

m

)
+ a3 (22)

where a1 = 4πaη2Kγ
m

(
m

2βs

)3 − mg−αs
βs

+ V0
2, a2 = 2πaη2Kγ

m

(
m

2βs

)3
, a3 = mg−αs

βs
− 2a2.

By substituting u = y2 = Vz
2 into Equation (22), we have

Vz
2 = a1e−

2βsz
m − a2

(
2βsz

m

)2
+ 2a2

(
2βsz

m

)
+ a3 (23)

When the penetration depth of the torpedo anchor exceeds one anchor length, the
solution for Equation (18) can be obtained using the same method and expressed as

Vz
2 = a4e

−2βsz
m +

mR
2βs

− W
(

m
2βs

)2(2βsz
m

− 1
)

(24)

where a4 = e
2βs L

m

[
a1e

−2βs L
m − a2

(
2βsL

m

)2
+ 2a2

(
2βsL

m

)
+ a3 +W

(
m

2βs

)2( 2βsL
m − 1

)
− mR

2βs

]
,

R = 2g − 2αs
m + 2πaKη2γL2

m , W = 4πaKη2γL
m .

Equations (23) and (24) show the relationships between the penetration velocity and
the penetration depth when the penetration depth of the torpedo anchor is less than and
greater than the anchor length, respectively.

By taking the derivative of both sides of Equations (23) and (24) with respect to t, we
can obtain the relationship between the acceleration and penetration depth of the torpedo
anchor as

dVz

dt
= − a1βs

m
e−

2βsz
m − a2

(
2βs

m

)2
z +

2βsa2

m
(25)

dVz

dt
= − a4βs

m
e
−2βsz

m − Wm
4βs

(26)

To obtain the variation in the penetration depth with time, let x = 2βsz
m ; then

Equation (23) is simplified as

m
2βs

dx
dt

=
√

a1e−x − a2x2 + 2a2x + a3 (27)

By integrating Equation (27), we have

2βs

m

∫
dt =

∫ dx√
a1e−x − a2x2 + 2a2x + a3

(28)

There is no analytical solution for the integral on the right side of Equation (28). To
obtain an approximate solution, we can approximately express e−x as e−x = A0x2 + B0x+C0.

Then, Equation (28) is approximately expressed as

2βs

m

∫
dt =

∫ dx√
(a1 A0 − a2)x2 + (a1B0 + 2a2)x + a1C0 + a3

(29)

When a1 A0 − a2 > 0,

2βs

m
t = C4 +

1√
a1 A0 − a2

ln|2(a1 A0 − a2)x + a1B0 + 2a2 + 2
√

a1 A0 − a2

√
(a1 A0 − a2)x2 + (a1B0 + 2a2)x + a1C0 + a3 (30)

The integral constant C4 in Equation (30) can be determined by the initial conditions,
and the approximate solution for Equation (27) is obtained as
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2βs

m
t =

1√
a1 A0 − a2

ln

∣∣∣∣∣2(a1 A0 − a2)x + a1B0 + 2a2 + 2
√

a1 A0 − a2
√
(a1 A0 − a2)x2 + (a1B0 + 2a2)x + a1C0 + a3

a1B0 + 2a2 + 2
√

a1 A0 − a2
√

a1C0 + a3

∣∣∣∣∣ (31)

By substituting x = 2βsz
m into Equation (31), we have

t =
m

2βs
√

a1 A0 − a2
ln

∣∣∣∣∣∣
2(a1 A0 − a2)

2βs
m z + a1B0 + 2a2 + 2

√
a1 A0 − a2

√
(a1 A0 − a2)(

2βs
m )

2
z2 + (a1B0 + 2a2)

2βs
m z + a1C0 + a3

a1B0 + 2a2 + 2
√

a1 A0 − a2
√

a1C0 + a3

∣∣∣∣∣∣ (32)

When the penetration depth z = L, the required time t1 is determined by Equation (32):

t1 =
m

2βs
√

a1 A0 − a2
ln

∣∣∣∣∣∣
2(a1 A0 − a2)

2βs
m L + a1B0 + 2a2 + 2

√
a1 A0 − a2

√
(a1 A0 − a2)(

2βs
m )

2
L2 + (a1B0 + 2a2)

2βs
m L + a1C0 + a3

a1B0 + 2a2 + 2
√

a1 A0 − a2
√

a1C0 + a3

∣∣∣∣∣∣ (33)

When the penetration depth z > L, Equation (24) is solved using the same method
to obtain

t = t1 +
m

2βs
√

a4 A0
ln

∣∣∣∣∣∣∣∣∣∣
2a4 A0

2βs
m z + a4B0 − W

(
m

2βs

)2
+ 2

√
a4 A0

√
a4 A0

(
2βs
m

)2
z2 +

[
a4B0 − W

(
m

2βs

)2
]

2βs
m z + a4C0 +

mR
2βs

+ W
(

m
2βs

)2

2a4 A0
2βs
m L + a4B0 − W

(
m

2βs

)2
+ 2

√
a4 A0

√
a4 A0

(
2βs
m

)2
L2 +

[
a4B0 − W

(
m

2βs

)2
]

2βs
m L + a4C0 +

mR
2βs

+ W
(

m
2βs

)2

∣∣∣∣∣∣∣∣∣∣
(34)

Equations (32) and (34) represent the time needed for the penetration depth of the
torpedo anchor when the penetration depth is less than and greater than the anchor
length, respectively.

The final penetration depth of the torpedo anchor Zmax can be determined by
Equation (23) or Equation (24):

(1) Zmax ≤ L

a1e−
2βsZmax

m − a2

(
2βsZmax

m

)2
+ 2a2

(
2βsZmax

m

)
+ a3 = 0 (35)

(2) Zmax > L

2a4βs

m
e
−2βsZmax

m − WZmax + R +
Wm
2βs

= 0 (36)

If the friction on the rod is not considered, the final penetration depth Zmax is

Zmax =
m

2βs
ln
(

βsV0
2

mg − αs
− 1

)
(37)

Therefore, the analytical solution for penetration depth vs. the velocity, penetration
depth vs. acceleration, final penetration depth, and penetration depth vs. time of the torpedo
anchor are obtained. From the engineering application viewpoint, Equations (23) and (24)
can be used to calculate penetration depth vs. velocity, Equations (25) and (26) can be
used to calculate penetration depth vs. acceleration, Equations (32)–(34) can be used to
calculate penetration depth vs. time, and Equations (35)–(37) can be used to calculate the
final penetration depth.

3. Model Test of Torpedo Anchor Penetration into Saturated Sand

3.1. Test Materials and Device

The soil samples used in the test were Fujian standard sand with a specific gravity
of 2.66, and the maximum and minimum dry densities were 1.93 g/cm3 and 1.53 g/cm3,
respectively. Given the particle-size distribution curve of the test sand, as shown in Figure 3,
it can be concluded that the test sand was poorly graded sand. Figure 4 shows the schematic
of the model test setup. The model torpedo has an anchor length of 175 mm, a diameter
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of 25 mm, and a mass of 235 g. The anchor tip is bullet shaped with CRH = ψ = 1.69,
the anchor head is made of stainless steel, and the anchor rod is made of an aluminum
alloy. The anchor rod is hollow with a built-in micro electro mechanical system (MEMS)
accelerometer, which has a measurement range of ±500 g.

Figure 3. Particle-size distribution curve of the test sand.

 
Figure 4. Schematic of the model test setup (a) layout of penetration test; (b) ejection device;
(c) torpedo anchor.

The plexiglass tube with an inner diameter of 220 mm, a height of 600 mm and a
thickness of 10 mm was used as a model box. The hole was located in the center of the
bottom, and a layer of geotextile was laid to ensure the uniformity of saturated samples.
The self-designed ejection device consists of a movable support frame and an ejector. The
ejector is mainly composed of a tension screw, a steel strand, an ejection rod, a model
torpedo anchor bracket, a velocity control pawl, a trigger, and a velocimetry system with an
ejection velocity of 15 to 30 m/s. Real-time data acquisition with the MEMS accelerometer
and photogate signals was performed using the TWD dynamic data acquisition instrument
(Beijing Taize Technology Development Co., Ltd., Beijing, China), with an acquisition
frequency of 10 kHz, which met the test requirements. The penetration depth of the model
anchor was measured by the flexible rope connected to the anchor tail.

3.2. Test Methods

The height of the samples was 500 mm. According to the designed density and loading
height, the required sand mass was calculated and then loaded four times and compacted
in layers. After compaction, the water was slowly supplied to the sand sample from the
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hole at the bottom, and back pressure was pumped on the surface of the sand to make the
water rise slowly from the bottom to top. When the water level was more than 2 cm above
the soil sample, the water supply was stopped and left to stand for enough time to saturate
the sand sample. Subsequently, a suction ball was used to absorb the excess water on the
sand surface before the penetration test.

Due to the limitations of the test conditions, it was difficult to measure the locked
density of the sand. Therefore, we used the maximum dry density of the sand ρdmax to
replace ρ*. In the tests, sands with four different relative densities (0.80, 0.70, 0.65, and 0.60)
were labeled as A, B, C, and D, respectively, and each was assigned three velocity levels, for
a total of 12 sets of tests. During the test, the model box was placed directly under the ejector,
the accelerometer was preloaded into the torpedo anchor, which was installed at the bracket
of the ejector, and the signal lines of the accelerometer and photogate were connected to
the data acquisition instrument. The steel strand was pulled to the corresponding gear via
the screw at a predesigned speed. When the signal acquisition instrument was ready, the
trigger was pressed to launch the model torpedo anchor.

4. Comparison between Experimental, Analytical and Semi-Analytical Results

The strength parameters of the saturated sand with different densities were obtained
by triaxial tests (Table 1). The parameters of the model torpedo anchor are shown in Table 2.
According to the parameters listed in Tables 1 and 2 and the initial penetration velocity V0
measured in the test, theoretical calculations and analyses for each penetration test were
conducted. Equations (23)–(26) show the relationship between the penetration velocity,
acceleration, and penetration depth of the torpedo anchor. Based on the penetration depth
in the model tests, the parameters in Equations (32)–(34) were approximately determined
through preliminary calculations to be A0 = 0.2579, B0 = −0.8825, and C0 = 0.9872. The fric-
tion coefficient η1 between the anchor tip and the soil and the friction coefficient η2 between
the anchor rod and the soil were both experimentally determined to be approximately
0.35 [28]. The passive earth pressure coefficient was adopted. For an additional compara-
tive analysis, the semi-analytical solutions for Equations (17) and (18) were obtained using
MATLAB software.

Table 1. Strength parameters of saturated sand.

No. Dr τ0/kPa λ ρ/(g/cm3) E/MPa

A 0.60 22.641 1.40 1.747

100
B 0.65 25.656 1.41 1.767
C 0.70 26.094 1.43 1.789
D 0.80 31.549 1.47 1.834

Table 2. Dimensions of the torpedo anchor.

L/mm d/mm m/g ψ θ0

175 25 235 1.69 0.78

4.1. Curves of Acceleration with Depth

The median filter method was employed to filter out the high-frequency components
from the acceleration time-history signal using the built-in filter program in MATLAB. To
facilitate comparison, the measured acceleration time-history curve was integrated twice to
obtain the variation curve of acceleration with depth. Figure 5 shows the variation curves
of acceleration with depth for saturated sands with different densities and model torpedo
anchors with different initial velocities. It can be observed that the acceleration decreased
with increasing depth and gradually decreased to zero. Both the analytical solutions and
the semi-analytical solutions are in good overall agreement with the measured results,
indicating that the cavity expansion theory can be used to analyze the dynamic penetration
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process of torpedo anchor. In addition, there is still some deviation between the predicted
results and the measured results in the later section of the variation curve of acceleration
with depth.

Figure 5. Curves of depth vs. acceleration (a) Dr = 0.80, V0 = 22.5 m/s; (b) Dr = 0.70, V0 = 23 m/s;
(c) Dr = 0.65, V0 = 20.1 m/s; (d) Dr = 0.60, V0 = 20 m/s.

4.2. Curves of Velocity with Depth

Figure 6 shows the variation curves of velocity with depth for saturated sands with
different densities and torpedo anchors with different initial velocities. As shown in the
figures, the velocity decreased with increasing depth, and the analytical solution and
semi-analytical solution both align well with the measured results.

Figure 6. Curves of depth vs. velocity (a) Dr = 0.80, V0 = 22.5 m/s; (b) Dr = 0.70, V0 = 23 m/s;
(c) Dr = 0.65, V0 = 20.1 m/s; (d) Dr = 0.60, V0 = 20 m/s.
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4.3. Final Penetration Depth

Table 3 shows the test values of the final penetration depth of the model torpedo
anchor, the integral values of the measured acceleration curve, the semi-analytical solution,
and the analytical solution values under different sand densities and initial penetration
velocities. As shown in Table 3, under different sand densities, the measured penetration
depth is generally consistent with the calculation results based on the test acceleration
time-history curve, indicating that the accelerometer used in the test has a relatively high
accuracy. The analytical solution and semi-analytical solution are largely consistent with the
measured results, indicating that the established equation for torpedo anchor penetration
can describe the penetration process of a torpedo anchor.

Table 3. Comparison of final penetration depths.

No. V0/m/s Z0/cm Z1/cm Z2/cm Z3/cm

A1 16.7 12.3 12.7 11.4 11.4
A2 20.1 14.5 14.3 14.1 14.1
A3 22.5 16.2 16.3 15.9 15.9
B1 16.8 16.3 16.4 16.4 16.4
B2 20.1 18.6 18.5 18.6 18.6
B3 23.0 20.7 20.5 21.0 21.0
C1 16.6 16.9 17.0 16.8 16.8
C2 20.1 20.5 20.9 20.2 20.2
C3 22.3 21.8 21.6 22.4 22.4
D1 16.6 18.9 18.6 18.7 18.7
D2 20.0 22.5 22.2 22.4 22.4
D3 22.0 24.2 24.1 24.4 24.4

Z0 = measured depth; Z1 = penetration depth obtained by integrating the measured acceleration curve;
Z2 = semi-analytical solution of penetration depth; Z3 = analytical solution of penetration depth.

5. Conclusions

By assuming that the soil is a pressure-locked material that follows the Mohr-Coulomb
criterion, we analyzed the dynamic response characteristics of compressible soil based on
the spherical cavity expansion theory. Under the plane strain assumption, the penetration
equations of torpedo anchors were established by applying Newton’s second law. The
analytical solutions for acceleration vs. depth, velocity vs. depth, and penetration depth
and the approximate analytical solution for penetration depth as a function of time were
given. A comparison between analytical, semi-analytical, and test results showed that the
theoretical solutions are in good alignment with the measured results, indicating that the
analytical solution established in this study can be used to analyze the penetration process
of torpedo anchors.
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Abstract: This paper proposes the penetration displacement solutions of large-diameter open-ended
steel pipe piles (LOSPs) with the diameter exceeding 2 m subjected to hammering load. The ultimate
forcing equilibrium relationships between LOSP and soil are analyzed, and the calculated formula
for self-sinking depth is derived. Next, a partial differential equation of pile hammering by single
blow in soft soil is developed based on wave equation incorporating the kinematic method. A
dynamic coefficient of frictional resistance (DCFR) is implemented in the process of derivation, and
then the displacement Fourier analytical expression of LOSP under hammering load is presented.
The parameters sensitivity of the analytical solution is investigated, and the displacement curve is
compared with the numerical result. The new method presented in this paper could be used to assess
the penetration development of driven piles under impact loading to predict the punching through
or hammer refusal during penetration.

Keywords: large-diameter open-ended steel pipe pile (LOSP); hammering penetration; displacement
solution

1. Introduction

Large-diameter open-ended steel pipe piles (LOSPs) with diameter exceeding 1 m are
often used in offshore engineering and are generally installed by the driving hammers. In
terms of driven piles, i.e., LOSP, hammer refusal and punching through may unfortunately
occur during driving, and these may result in accidents or failures during installation [1].
Therefore, drivability analysis is implemented in the design stage, and typical drivability
analysis methods are usually implemented based on one-dimensional wave theory, such as
using the GRLWEAP software [2,3]. During dynamic penetration, the pile generates inertial
forces, and the soil is compressed in a way that produces transverse deformation. The stress
wave generated by the hammering load is transmitted along the shaft to penetrate the pile
into the soil. When it encounters the soil inside the pile, it generates a transverse Poisson
effect on the magnitude of the shear stress between the pile and soil [4]. If the difference in
impedance between the pile and the soil inside the pile is neglected, and the displacement
and deformation compatibility between the pile and the soil are perfectly maintained,
the transverse shear wave can also be completely neglected [5]. Therefore, shear waves
are commonly neglected in studying the hammering penetration of LOSPs. This kind of
ignorance provides an implementable framework for the application of the one-dimensional
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wave equation during drivability analysis for open-ended piles. However, the theoretical
basis of these approaches is the discretisation of the object and the empirical value of the
associated dynamical parameters, which often causes systematic errors and consequently
inaccurate analysis results [6–14]. For open-ended piles, the soil-plugging effect is another
key concern, but it tends to occur relatively infrequently for LOSPs dynamically driven into
the soft soil due to the inertia forces during driving. Therefore, the focus of the drivability
analysis is on the transfer of stress waves along the pile shaft during driving and the
resistance of the soil around the pile which is called soil resistance during driving, while the
displacement behavior of the pile under hammering load is not the main focus of this study.

On the other hand, load transfer method is a common way to analyze the pile subjected
to axial loads [15], which could predict the load-displacement response and ultimate
resistance of the pile [16]. Recently, this method has been improved to determine various
types of pile [17–20]. For instance, the University of Western Australia (UWA) and the
Norwegian Geotechnical Institute (NGI) have compiled a database of high-quality pile
load tests in sandy and clay soils, and it is now known as the “unified” database [21].
Lehane et al. [19,21] used this “unified” load-displacement curve database to calibrate the
relationship of load and settlement based on cone penetration test (CPT), which can be
used to estimate pile displacements under dynamic axial loads. In addition, Xu et al. [20]
indicated a steep decrease in the vertical load-displacement curve in the 1 g model test
while driving an open-ended pile in soft soil. When the vertical load, Pt, is applied on
the pile top at time t, the response resistances of the pile shaft and pile end are Ps and
Pb, respectively [22]. And then, the piles tend to overcome the soil resistance to penetrate
downward. Generally, the penetration displacement of the pile can consist of the shaft
displacement (ws) and pile end displacement (wb), respectively. If pile compression is
not considered under axial load at a given moment, the total displacement of the pile is
wt = wb = ws, where wt is the displacement of the pile top. In this situation, the pile is
assumed to be rigid (no pile shaft compression occurs), and therefore, at any given moment,
the pile tip load Pt is equal to the sum of the loadings transferred to the pile shaft (Ps) and
the pile tip (Pb). However, the load-displacement relationship of LOSPs under hammering
loads has not been thoroughly discussed.

This paper analyses the forcing limit equilibrium relationships for self-sinking and
hammering loads during the installation of the LOSPs. A solution for estimating the
self-sinking is proposed. The inertia forces are then introduced to formulate the ultimate
equilibrium partial differential equation for the LOSPs under hammering loads in the
framework of wave theory. Finally, the Fourier analytic solution for the displacement
of the LOSPs under single hammering blow is solved. For LOSPs, the sensitivity of the
parameters in the solution expression was investigated and discussed. The calculated
displacement curve of LOSP is compared with the result of numerical simulation. This
study provides a simplified approach to determine the penetration to provide a simple
method for estimating hammer refusal and punching through of LOSPs during driving.

2. Self-Sinking Penetration of LOSPs

At the beginning of installation, the driven pile will sink into the soil for a certain
depth due to its own weight until it reaches equilibrium (a process known as self-sinking
equilibration). The accurate assessment of the self-sink depth is critical for safe attachment
of piles and the following driving operations. Assuming this process does not cause soil
plug effect for LOSPs, the force distribution of the pile is shown in Figure 1. When the pile
self-sinks until it comes to a standstill, the pile-soil static ultimate equilibrium relationship
could be expressed as

fs_outerπDhp0 + fs_innerπdhs0 + qtip

(
πD2

4
− πd2

4

)
= γp

(
πD2

4
− πd2

4

)
L (1)

where fs_outer and fs_inner are the shaft frictional resistance of the inside and outside of the
LOSPs, respectively; qtip is the pile tip resistance; γp is the volume weight of the pile; D
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and d are the external and internal diameter of the piles, respectively; hp0 and hs0 are the
heights of the soil inside and outside the pile after it self-sinks, respectively. By solving the
above equation, the self-sinking formula of LOSPs could be obtained as follows:

hp0 =

(
1
4
(
γpL − qtip

)(
D2 − d2

)
− fs_innerdhs0

)
/( fs_outerD) (2)

Figure 1. Schematic diagram of self-sinking force equilibrium of an open pile.

Assuming that fs_outer = fs_inner and hp0 = hs0, the above formula could be simplified as

hp0 =

(
1
4
(
γpL − qtip

)(
D2 − d2

))
/( fs_outer(D + d)) (3)

If the wall thickness of the pile is denoted as tc, then D = d + 2tc, which gives

hp0 =
γpL − qtip

2 fs_outer
tc (4)

Hence, the self-sinking depth can be approximated using a few easier-to-obtained
parameters, i.e., wall thickness, pile length, pile volume weight, and the pile tip and shaft
resistances. By ignoring the pile tip resistance, a more simplified formula is given as follows:

hp0 =
γpL

2 fs_outer
tc. (5)

3. Partial Differential Analysis of LOSPs under Hammering Load

When a pile hammer strikes a pile at its top, the stress wave is generated and transmit-
ted longitudinally along the pile body as shown in Figure 2, resulting in the penetration of
the pile to the soil. One-dimensional wave equation is a suitable approach to analyze this
process. Assuming isotropic property of the pile body, the basic wave-governing equation
for a pile subjected to impact loading is listed as follows [23]:
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∂2u
∂t2 = c2∇2u, (6)

where u(x, y, z) is the displacement in the x-, y-, and z-directions; ∇2 = ∂2/∂x2 + ∂2/∂y2 +
∂2/∂z2 is the Laplace operator; c is the wave speed if one-dimensional wave propagation
is assumed, in which c =

√
λ + 2Gp/ρ for the compressional waves and c =

√
Gp/ρ for the

shear waves; Gp is the shear modulus of pile; ρ is the density of pile; λ = μE/(1 + μ)(1 − 2μ).
The elastic wave velocity is calculated as c =

√
E/ρ. Thus, the above equation can be

simplified in the framework of one-dimensional wave theory as follows:

∂2u
∂t2 = c2 ∂2u

∂z2 . (7)

Soil surface

hammering LoadHammering Load

Soil plug/core

Pile tip

Longitudinal wave

z

LOSP

_s innerf

_s outerf_s outerf

_s innerf

Figure 2. Load transfer of LOSP under hammering load.

The pile tip resistance is disregarded for the open-ended piles [24], and the dy-
namic equilibrium differential equation of the pile under a hammering load is presented
as follows:

ρ
∂v(z, t)

∂t
− ∂σz(z, t)

∂z
= 0 (8)

where v(z, t) is the stress wave velocity along the pile shaft, and σz(z, t) is the axial stress.
According to the elasticity theory,

σz(z, t) = Eεz(z, t) (9)

where εz(z, t) is the axial strain of the pile. Substituting Equation (9) into Equation (8)
results in
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ρ
∂v(z, t)

∂t
− E

∂εz(z, t)
∂z

= 0 (10)

In addition, v(z, t) = ∂u(z, t)/∂t and εz(z, t) = ∂u(z, t)/∂z, respectively. Therefore,
Equation (10) can be expressed as

∂u2(z, t)
∂t2 − E

∂u2(z, t)
∂z2 = 0. (11)

The Dirichlet boundary conditions are u(0, t) = AΔlln(t + 1)/ln(t0 + 1) and
u(L, t) = BΔwln(t + 1)/ln(t0 + 1), where Δw is the pile penetration; Δl is the sum of
the pile compression and penetration; t0 = L/c, and A and B are constants. The Neumann
boundary conditions are u(z, 0) = 0 and ∂u(z, 0)/∂t = 0.

When the LOSP is loaded by the hammering loading, the longitudinal waves are
applied in the pile body, and the transverse shear waves and longitudinal constrained
waves exist in the soil inside the LOSP. To build a simplified analytical model, the effect
of transverse shear waves in the soil inside the LOSP is ignored regardless of whether the
soil plug effect occurs, at which point only longitudinal compressional stress waves exist in
both the pile and the soil inside the pile under the hammering load. During hammering
penetration of LOSP with thin wall, the pile tip resistance is a minor contributor to the total
resistance. Thus, the tip resistance was ignored in the process of establishing the wave
equation of LOSP under a single hammering blow. Alternatively, the physical mechanisms
of the LOSP soil under hammering load in the case of no soil plugging and full soil plugging
need to be considered separately in the theoretical analysis. As illustrated in Figure 2, under
the hammering load, stress waves are transferred along the pile body and the inner and
outer sides of the pile are subjected to frictional resistance. The inertial effect of soil could
be considered in a dynamic situation. Thus, an inertial factor ξ = asoil/g was formulated
in this partial differential derivation, where asoil is the acceleration of the soil inside the
pile, and this magnitude increases with soil plugging. When full soil plugging occurs, the
displacement between the pile and the plug is completely coordinated, and now the inertia
factor [25] is ξ = a(t)/g, where a(t) is the acceleration of the pile at moment t. Hence, the
wave equation that accounts for the shaft resistance is

ρ
∂2u(z, t)

∂t2 − E
∂2u(z, t)

∂z2 = ∑n
i=1 ξinneri DCFRinner(i) fs_inner_i

π(D − d)
ApL

hsi+∑n
i=1 ξouter_iDCFR_outer(i) fs_outer_i

πD
ApL

hp_i, (12)

where ξinner_i and ξouter_i are the inertia factors of the i-th soil layer, and the addition of the
character i to the parameter symbols is an indication of the i-th layer of the soil; DCFR is
the dynamic coefficient of frictional resistance; and Ap is the cross-sectional area of the pile.
The right-hand side of the above equation can be calculated as

M =
1
ρ

(
∑n

i=1 ξinner_iDCFR_inner(i) fs_inner_i
π(D − d)hs_i

ApL
+ ∑n

i=1 ξouter_iDCFR_outer(i) fs_outer_i
πDhp_i

ApL

)
. (13)

Then the partial differential equation is simplified as

∂2u(z, t)
∂t2 − c2 ∂2u(z, t)

∂z2 = M (14)

Thus, the problem is transformed into an inhomogeneity linear partial differential
equation with the same boundary conditions as Equation (11). An auxiliary function,
w(z, t) = (BΔwz − AΔl(z − L))ln(t + 1)/(Lln(t0 + 1)), is introduced which satisfies the
Dirichlet boundary conditions.

Introducing the function v(z, t) and letting

u(z, t) = v(z, t) + w(z, t) (15)
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a new format of wave equation can be obtained as

∂2v(z, t)
∂t2 − c2 ∂2v(z, t)

∂z2 = M − AΔl(z − L)− BΔwz
Lln(t0 + 1)

1

(t + 1)2 (16)

For the Dirichlet boundary, v(0, t) = v(L, t) = 0. For the Neumann boundary,
v(z, 0) = 0. Thus,

∂v(z, 0)
∂t

=
AΔl(z − L)− BΔwz

Lln(t0 + 1)
. (17)

The problem is then transformed into a problem of mixed inhomogeneity partial
differential equations with flush boundary. The Fourier series expression for this problem is

u(z, t) =
∞

∑
n=1

(
ϕncos

ncπt
L

+
L

ncπ
ψnsin

ncπt
L

+
1

ncπ

∫ t

0
fn(τ)sin

ncπ(t − τ)

L
dτ

)
sin

nπz
L

(18)

According to the boundary conditions and nonsimultaneous nature of the wave
equation, ϕn = 0. Therefore,

ψn =
2

Lln(t0 + 1)

((
AΔl − AΔl − BΔw

nπ
L
)

cos nπ − AΔl
)

(19)

and

fn(t) =
2

nπ

(
AΔl − BΔw
ln(t0 + 1)

1

(t + 1)2 cos nπ +

(
M +

AΔl
ln(t0 + 1)

1

(t + 1)2

)
(1 − cos nπ)

)
(20)

Equations (19) and (20) represent an analytical solution to the displacement of the
open-ended pile stress wave under a hammering load, where A and B are constants.
When the pile is assumed to be a rigid body, Δl = Δw. The vertical displacement of
the pile accompanying stress wave propagation in the presence of resistance inside and
outside of the pile can be determined by substituting the corresponding resistance into the
analytical solution.

4. Parameters Sensitivity

Assuming that no soil plugging effect occurs during LOSPs driving and the pile is
a rigid body, and the soil inside and outside the pile are at the same height. The pile
displacement under a hammering load is calculated according to the analytical formula
(Equation (18)). Sensitivity analyses of the parameters in Equation (18) are conducted
based on LOSPs for internal diameters of 2, 4 and 6 m, separately. The specific calculation
parameters are shown in Table 1. The effect of pile compression is not considered during
the hammering process. Therefore, the effect of constant B does not need to be considered
in Equations (19) and (20). The sensitivity analyses of the proposed displacement equation
for LOSPs are shown in Figures 3–5.
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Table 1. Parameters of open-ended piles installed by impact loading.

Elastic modulus of the pile, E
(kPa) 2 × 108 Inner diameter of the pile, d

(m) 2, 4, 6

Density of the pile
(kg/m3) 7.63 × 103 Pile length, L

(m) 10 d

Wave velocity, c (m/s) 5119.7
Ratio between thickness of

pile wall and inner diameter,
t/d

0.015

Maximum number of
summations of Fourier

solutions, n
1000 DCFR 0.1, 0.5, 1.0

Constant A in
Equation (19) 1, 1000, 1,000,000

Shaft friction inside and
outside the pile, fs

(kPa)
40.0

Single hammer penetration
depth, Δl

(m)
0.01

Average acceleration of soil
inside and outside the pile, a

(m/s2)

1 (Outside the pile), 10 (Inside
the pile)

Figure 3. Sensitivity analysis of the constant A.

195



J. Mar. Sci. Eng. 2022, 10, 885

0 5 10 15 20 25 30 35 40 45 50 55 60

























d = 2m, DCFR = 1.0, A = 1.0106

Time, t (s)

d = 2m, DCFR = 0.5, A = 1.0106

d = 2m, DCFR = 0.1, A = 1.0106

D
is

pl
ac

em
en

t, 
u 

(m
m

)

Figure 4. Sensitivity analysis of DCFR.
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Figure 5. Sensitivity analysis of the diameter of LOSP.
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Although the type of curve oscillation did not vary, the decrease in the magnitude
of the constant A resulted in a significant jump down in the scale of the displacement
amplitude for LOSP under hammering load (for the case of D = 2 m). The constant A is
an empirical parameter and therefore requires more field data to determine the value. As
illustrated in Figure 4, the analytical solution is insensitive to the DCFR value. With no
soil plugging effect, the value of the DCFR for the LOSP during driving is relatively small
and therefore has less influence on the Fourier solution results. The increasing diameter of
the pile will reduce the penetration and will also change the shape of the vibration curve
under the effect of identical single hammering energy. The other parameters are the same,
indicating that for the identical hammering energy, the larger the pile diameter, the smaller
the penetration.

5. Comparison between Numerical Method and Fourier Solution

A finite element (FE) numerical model in ABAQUS/Standard incorporated with the
remeshing and interpolation technique with a small strain (RITSS) was built [26], which
is carried out on the effective stress analysis for axisymmetric pile impact driven into
saturated soil, as shown in Figure 6. The soil model had a width of 10d and height of 2hp
(where hp being the target penetration depth) to eliminate the boundary effects. The soil
within a distance of 2d longitudinally down from the pile tip and 2d laterally away from
the outside pile was finely meshed, and the element size gradually increased away from
the pile. In the region of penetration, the minimum size of the element was equal to the
wall thickness, and the maximum size was 30 cm. In the far region, the minimum size was
30 cm, and the maximum size was 1.5d. The boundary conditions were free vertically and
constrained laterally on the axisymmetric side and constrained in both directions in the far
boundary of the model. The element type of this numerical model is CAX4P. The essence
of the RITSS technique is to map the variables of the integration points of the deformed
elements into the remesh element in the finite element framework [27,28], thus enabling
a method for high precision analysis of large deformation problems, i.e., the pile-driving
process and spudcan penetration stimulation [29]. The numerical results were compared
to the solution curve calculated using Equation (18). The specific parameters values are
listed in Table 2. The numerical model was used to obtain the last penetration curve. The
comparative analysis is shown in Figure 7, which indicates that the two penetration curves
are similar in magnitude. However, the oscillation of the analytical solution curve is more
significant for two main reasons. (1) The single hammer load in the numerical model is
artificially divided into several steps to achieve convergence. (2) The number of time points
for extracting penetration data in the numerical model is not as high as in the analytical
solution because of computational cost constraints to reduce the cost of the calculation
without affecting the accuracy and overall trend of the displacement curve. In fact, the first
displacement peak of the numerical and theoretical curves is essentially the pile penetration,
as the theoretical results do not take into account the rebound of the stress wave from the
pile bottom and the corresponding resistance of the soil to the pile kickback, which is why
the larger displacement fluctuations of the pile occur after the first displacement peak in
the figure. In general, the theoretical Equation (18) can be used for rigid pile displacement
prediction under one blow. Considering the transmission of stress waves along the pile
body during driving, the curves of the first 2 s in the figure are the focus of interest.
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Figure 6. A typical finite element model in this study.

Table 2. Adopted parameters values for comparison analysis.

Parameters Values

Internal diameter of pile, d (m) 2.0

Wall thickness, tc (m) 0.03

Pile length, L (m) 20.5

Elastic modulus of pile, E (kPa) 2 × 108

Density of pile (kg/m3) 7.63 × 103

Average frictional resistance inside and outside the pile, fs (kPa) 35

Average acceleration of soil inside the pile (m/s2) 17.0

Average acceleration of soil outside the pile (m/s2) 12.1

Pile penetration by single blow, Δl (m) 1.50

Pile penetration depth, hp (m) 20.02

Shaft resistance dynamic coefficient, DCFR 0.1

Duration of single blow (s) 19.79

Constant A in Equation (18) 65

Maximum number of summations of Fourier solutions, n 1000

198



J. Mar. Sci. Eng. 2022, 10, 885

0 2 4 6 8 10 12
















 The numerical model
 This study

D
is

pl
ac

em
en

t, 
u 

(m
m

)

Time, t (s)

Figure 7. Comparison of displacement curves predicted from this study and the numerical result.

6. Conclusions

The LOSPs are widely used in offshore engineering and their driveability analysis has
been one of the focuses among the academia and industry. This study proposes a simple
approach to calculate the self-sinking depth of LOSPs under self-weight. The concepts of
inertia force and inertia factor are employed based on the one-dimensional wave theory to
develop a partial differential equation considering the shaft resistance. Further, a Fourier
solution for the displacement of the open-ended pile under one blow strike is proposed,
and a parametric sensitivity analysis is carried out for the application of the equation
in LOSPs. The analytical solution is compared with the numerical result to confirm the
validity of the proposed methodology. The results of this study indicate that the simple
calculation approach has the potential for predicting the condition of hammer refusal or
punching through under single hammer blow for LOSPs driven in offshore soft soil. It
should be noted that when LOSP is driven into soft soils, full soil plugging rarely occurs. If
it occurs, the acceleration of the soil within the pile should be aligned with the pile during
the calculation. With the proposed displacement calculation method for LOSP with a single
hammer, the maximum downward displacement in the curve can be considered as the
penetration of the single hammer, and the displacement curve of LOSP during the whole
driving process can be determined by accumulating and iterating the displacements of the
single hammer.
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Abstract: Torpedo anchors (TAs) are regarded as one of the most efficient mooring solutions for
taut mooring systems, and end-bearing TAs are a new type of TA that primarily relies on end-
bearing plates at the tail to generate a pile-end resistance to improve their pulloutbearing capacity
(P). Therefore, the estimation of the pullout capacity of the end-bearing TA is vital for the design of
offshore floating facilities. In this study, pullout model tests were conducted to investigate the P of
conventional and end-bearing TAs and examine the effects of factors such as the embedment depth
(h), the relative density (Dr), the pullout angle (α), and the area (A) of the bearing plates on P. The test
results show that, under oblique pullout loading, the P on the conventional TA increased slowly as
displacement increased, while there was a peak on the load–displacement curve of each end-bearing
TA with a relatively large A. The end-bearing TAs considerably outperformed the conventional TAs
in terms of the P. In addition, increasing h, Dr, and A significantly increased the P of the end-bearing
TAs. However, increasing h and Dr slightly decreased the ability of the bearing plates to increase
the P of the end-bearing TAs. These research results can provide a guideline for TA installation in
deep-sea engineering.

Keywords: torpedo anchor; pullout capacity; embedment depth; relative density; pullout angle

1. Introduction

Human demand for environmental resources is increasing with rapid social and
economic development. Exploitation and effective utilization of marine resources has
become a primary means of addressing the imbalance between the supply of, and demand
for, limited resources [1–3]. Marine oil and gas resources are generally extracted on fixed or
floating platforms. The effective anchorage of oil platforms is a central issue in marine oil
and gas exploitation. Oil platforms can be fixed to the seafloor through structures such as
tension legs, piles, suction caissons, and drag anchors in shallow-sea environments, and
through structures such as plate anchors, suction caissons, and drag anchors in deep-sea
environments [4,5]. However, the installation of various anchorage systems in deep-sea
environments is extremely difficult and costly due to relatively deepwater depths and
the significant effects of external loads (e.g., waves and winds). In recent years, taut-leg
mooring systems composed of anchors (often torpedo anchors (TAs)) and anchor chains
have been used to fix oil platforms for deep-sea oil extraction. TAs rely primarily on
gravity to penetrate the seafloor. As a result, their installation is fast, easy, and relatively
inexpensive, and does not require special installation vessels [6–8].

The pullout bearing capacity (P) of TAs is vitally important for the reliability of a
mooring system, and is affected primarily by factors such as the properties of the seafloor
soil, the penetration speed and depth, and the TA parameters [9,10]. Chen et al. [11]
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conducted tests to investigate the penetration and pullout behaviors of torpedo anchors
under vibration, and found that the anchoring force reached more than 83.2% of holding
capacity after 7 d in the silty bed. Wang et al. [12] studied the penetration depth into
cohesive soil, considering the effect of torpedo anchor shape and size, and a formula to
calculate the penetration depth was established based on energy conservation principles
and measurements. Ads et al. [13] indicated that the fin length of a torpedo anchor
correlated negatively with penetration depth, and correlated positively with extraction
resistance. With increasing penetration depth, soil displacement initiallyincreased and
then keptconstant. Based on centrifuge tests, Hossain et al. [14] studied the dynamic
installation and monotonic pullout of torpedo anchors into calcareous silt, and a total
energy expression was proposed to predict the embedment depth, accounting for anchor
geometry, anchor mass, and impact velocity. Lai et al. [15] assessed the free-fall penetration
behavior of dynamically penetrating anchors into marine clay, and an energy-based model
and a force-based model were established to predict the penetration depth of anchors with
different geometries and impact velocities. Takinginto account the effect of density, aspect
ratio, scale ratio, and fin size, Hasanloo et al. [16] investigated the falling velocity and
drag coefficient of torpedo anchors during acceleration, and a mathematical model for
anchor motion was proposed. Wang et al. [17] studied the relationship between pullout
capacity, anchor properties, and soil type, and a formula to calculate the monotonic holding
capacity of torpedo anchors was established, accounting for embedded depth, weight,
geometry, and soil properties. Wang et al. [18–20] investigated the effect of pullout velocity
on the pullout behavior of torpedo anchors by numerical analysis and model testing, and
formulas to predict the maximum vertical and inclined pullout force were established.
Meanwhile, an empirical formula to predict the penetration depth was established and
validated, based on energy analysis and test results.Santiago et al. [21] conducted centrifuge
tests on torpedo piles installed in loose sand, and found that the interactions between
the adjacent piles depended on the load direction and pile spacing. Based on the test
results, the optimal pile spacing for maximum cluster efficiency was proposed. During
the installation process, Fernandes et al. [22,23] concluded that a torpedo anchor have a
minimum directional stability, with a less-than-three degree vertical angle required for
control.Compared to four-fin torpedo anchors, Chang et al. [24] noted that the vertical and
horizontal bearing capacities of the novel installed ‘fish’ anchors were 4.0 and 5.6 times
greater. Raaj et al. [25] found that the hydrodynamic performance of torpedo anchors
followed the order of hemispheric nose, ellipse, and ogive, and that the conical nose
showed inferior performance. Kunitaki et al. [26] compared the Monte Carlo method
and a fuzzy arithmetic method to treat uncertainties during torpedo anchor installation,
and concluded that the fuzzy arithmetic method was an effective design tool due to its
outstanding computational efficiency. O’Beirne et al. [27] validated the new release-to-rest
model for torpedo anchors, based on test results, and found that the model-calculated
results were consistent with field data of over 100 anchor installations, with an accuracy of
±10%.Coupling finite element of deformation and fluid flow in porous media, Raie and
Tassoulas [28] indicated that the dissipation rate of excess pore-water pressure and recovery
of soil strength were critically important for predicting the pull-out capacity of torpedo
anchors at different times. Based on the statistical model uncertainty evaluated using
test results and finite element simulation results, Sagrilo et al. [29] found that the single
reliability safety factor was significantly lower than the value used in the design of torpedo
anchors, considering the working stress design method. DeSousa et al. [30] indicated that
the total contact area of a torpedo anchor is a necessary parameter for determining the
load capacity, and that the load capacity of an anchor can significantly increase with an
increase in undrained shear strength and fluke number. Based on a large deformation finite
element approach, Kim et al. [31–34] investigated the installation and pullout process of
a torpedo anchor. It was concluded that embedment depth was significantly decreased
with increasing strain rate dependency of a soil, and the pullout capacity of a finless
anchor under 45◦ was 29% of that of a four-fin anchor. Based on the results, an improved
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analytical embedment model considering shearing resistance and drag resistance was
established. Sabetamal et al. [35,36] observed that a smooth discretization of the contact
interface between soil and structure is a crucial factor for avoiding oscillations of soil when
simulating the installation of torpedo anchors.

Current studies have primarily focused on investigating the P of conventional TAs
through model tests, combined with numerical simulations, while end-bearing TAs have
received relatively less attention. In this study, pullout model tests were performed to
investigate the P of conventional and end-bearing TAs, and the effects of factors such as
the embedment depth (h), the relative density (Dr), the pullout angle (α), and the area (A)
of the bearing plates on the P. The results have a certain reference value for guiding the
design and installation of TAs in deep-sea projects.

2. Materials and Methods

2.1. Test Materials

Fujian standard sand was used in the tests, and the specific gravity test, relative
density test, and particle size analysis test were conducted according to the Geotechnical
Test Method Standard (GBT 50123-2019). Table 1 summarizes the physical properties of the
sand sample. Figure 1 shows the particle-size distribution curve of the test sand. Particles
with a diameter of less than 2 mm accounted for 100% of the total weight, and particles with
a diameter larger than 0.5 mm exceeded 50% of the total weight. Therefore, the test sand
used in this study can be classified as coarse sand. Based on the values of the coefficient of
uniformity (3.623) and the coefficient of curvature (1.099), the test sand was determined to
be poorly graded.

Table 1. Physical parameters of the test sand.

Gs emax emin Cu Cc

2.650 0.802 0.349 3.623 1.099

Figure 1. Particle-size distribution curve of the test sand.

One conventional TA model (type A) and five end-bearing TA models (type B1–B5)
were used in the tests. The tip (2.5 cm in length) and bearing plates of each end-bearing TA
were made of stainless steel, while the shank (17.5 cm in length (L), 2.5 cm in diameter (d),
and 207.0 g in mass (m)) was made from a hollow aluminum tube. The bearing plates in the
type B1–B5 TAs had external diameters of 3.53, 4.33, 5.00, 5.59, and 6.02 cm, respectively,
areas that were 2–6 times the cross-sectional area of the shank, and masses of 9.3, 16.9, 26.3,
33.6, and 39.2 g, respectively, as shown in Figure 2. A poly(methyl methacrylate) bucket
with a diameter of 45 cm, a height of 75 cm, and a wall thickness of 2 cm was used in
the tests.
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Figure 2. Model of torpedo anchors.

2.2. Model Arrangement

Figure 3 shows the TA pullout test setup, which consisted mainly of a support frame,
a fixed pulley, a sample barrel, a drive motor, a tension sensor, and a data acquisition
system. The drive motor of a triaxial shear apparatus was used to apply a load, and
met the requirement for loading at a constant rate within its loading capacity. During
loading, the back of the anchor was connected via a thin steel strand to an “S”-shaped
tension/compression sensor with a measuring range of ±200 kg, which was, in turn,
connected via a signal magnifier to a TWD information acquisition box using data cables.
Data were measured at a frequency of 200 Hz. The sensor was calibrated by graded loading,
and the results indicated that the performance of a tension sensor ranging from 0 to 50 kg
could meet the test requirements. The measured data were smoothed by MATLAB 2020a
software (MathWorks Software (Beijing) Co., Ltd., Beijing, China). The data acquisition
system was used to measure and record the data in real time during the test process, in
which the model was pulled out. The loading rate was set to 1 mm/s. The corresponding
displacement (S) was calculated based on the test time.

Figure 3. Schematic of the pullout test setup.

2.3. Test Methods

Based on the American Petroleum Institute (API) standard [37] and the similarity
principle listed in Table 2, a total of 42 tests were conducted on the type A and B TAs
for different values of Dr, h, and α, and Table 3 summarizes the test schemes. Sand
samples were prepared through compaction in the test process. Specifically, sand was
first weighed according to the predesigned height and Dr of the sample, and subsequently
placed layer-by-layer in the barrel until the desired height was reached. Each layer of sand
was compacted before the next layer was placed. A 10 cm-tall layer of sand was first placed
at the bottom of the barrel. Then, the TA was installed in the center of the barrel via a
fixed thin steel strand, the length of which was adjusted to place the TA at a certain depth.
When placing sand near the TA, the TA was fixed with a sleeve to prevent this process from
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affecting its verticality. Subsequently, the water was filled on the surface of the sand bed to
ensure sand saturation, and 10 cm of free water was maintained above the sand surface
during the model test. Because each TA had a diameter of 2.5 cm, and the barrel had an
internal diameter of 41 cm, the boundary effect was effectively eliminated.

Table 2. Similarity principle between prototype and model.

Parameter Symbol Scale (Prototype/Model)

Length L λ
Depth h λ
Area A λ2

Mass m λ3

Gravity G λ3

Water density ρw 1
Soil density ρs 1

Time t λ0.5

Drag resistance P λ3

Displacement S λ

Table 3. Test schemes.

Dr h (cm) α (◦)

0.6 2.0L 0◦, 45◦, 90◦
0.6 2.5L, 3.0L 90◦
0.7 2.0L 90◦
0.8 2.0L 90◦

During the test process, the embedded TA was first connected to a tension transducer
via a steel strand, while α was adjusted through a fixed pulley. Then, the steel strand was
connected to the rotating shaft of a triaxial apparatus. The strain-control mode was used.
The loading rate was set to 1 mm/s. Data were acquired at a frequency of 200 Hz. The test
was terminated when a peak appeared on the P–S curve, or when the preset value was
reached. To ensure reliable test results, parallel tests were also conducted.

3. Results and Discussion

3.1. Analysis of Vertical Load–Displacement Curves

The main factors affecting the P value of a TA include the soil properties, h, the type of
TA, α, and the interaction between the TA and the soil. To examine the P of different types
of TAs, the P–S curves of the TAs in sand with different Dr at h = 2.0L were obtained, as
shown in Figure 4. At h = 2.0L, as displacement increased, the P value of the conventional
TA increased slowly to a certain value, and then remained approximately at this value,
with no notable peak on its curve. In comparison, the P on each end-bearing TA increased
rapidly as S increased, with a peak appearing, and then sharply decreased. The main
reason for this phenomenon is that the P of the TA increased gradually with the increasing
of S. When the P reached a peak, the end-bearing TA loosened the upper soil due to the
end-bearing resistance of the bearing plate. If the vertical pullout loading is continuously
applied, the P will sharply decrease with increasing of S. Under vertical pullout loading, the
P of the end-bearing TA was much higher than that of the conventional TA and increased
as A increased. This finding suggests that under vertical pullout loading, the bearing plates
of an end-bearing TA compress the soil above them, thereby improving the P of the TA.
For an end-bearing TA, a relatively large S is required to reach its P. Therefore, in-depth
research is warranted to improve the P of TAs through innovative end-bearing designs.
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Figure 4. Load–displacement curves of the TAs under vertical pullout loading (a) Dr = 0.6; (b) Dr = 0.7;
(c) Dr = 0.8.

3.2. Analysis of Oblique and Horizontal Load–Displacement Curves

A TA in normal operation is generally subjected to an oblique pullout load. To examine
the effects of α on the P value, tests were conducted at Dr = 0.6, h = 2.0L, and α = 0◦ and
45◦. Figure 5 shows the test results. As shown in Figure 5a, the horizontal P–S curves of
the two types of TAs were similar, and each contained a peak. However, under horizontal
pullout loading, the P value of the end-bearing TAs was slightly higher than that of the
conventional TA. Under horizontal pullout loading, a TA primarily moves through rotation
and is subjected to passive earth pressure at both sides of the center of rotation, and
its P depends on the passive earth pressure. The bearing plates of end-bearing TAs are
horizontal, the same as the pullout load, and therefore play a relatively non-significant role.
As a result, the above test results were obtained. Figure 5b reveals a significant difference
between the P–S curves of the two types of TAs at α = 45◦. For the conventional TA, P
increased slowly as S increased, similar to the trend observed under vertical pullout loading.
In contrast, each end-bearing TA with a relatively large A exhibited a significantly higher
P, with a peak on its curve. The curve of the conventional TA was similar to that of each
end-bearing TA with a relatively small A, but the end-bearing TAs had a slightly higher P.
Under oblique pullout loading, a TA not only moves vertically, but also rotates horizontally,
and its P depends on both the lateral earth pressure and the frictional resistance between it
and the soil. The presence of a vertical S allows the end resistance provided by the bearing
plates of an end-bearing TA to play its role. Therefore, the P of end-bearing TAs should
be higher than that of conventional TAs. The test results show that the P values of the
type B1–B5 TAs were 16%, 30%, 64%, 83%, and 118% higher than that of the type A TA,
respectively.
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Figure 5. Load–displacement curves of the TAs under oblique and horizontal pullout loading
(a) α = 0◦; (b) α = 45◦.

3.3. Effects of h on P

h is a major factor that affects the P of a TA. Therefore, the P–S curves of the type A
and B TAs at h = 2.0L, 2.5L, and 3.0L under vertical pullout loading were obtained (Figure 6).
P and S were non-dimensionalized based on the self-weight of the TA and the diameter of
the shank of the TA, respectively. The P of each type of TA increased as h increased. As S
increased, the P of the type A TA increased considerably at h = 3.0L, and slowly at h < 3L.
Therefore, maximizing h is crucially important for improving the P of type A TAs. For the
type B TAs, similar P curves were obtained at different h values.

Figure 6. Effects of h on the load–displacement curves of the TAs under vertical pullout loading
(a) Types A and B1; (b) Types B2 and B3; (c) Types B4 and B5.
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Figure 7 shows the P–h curves of the two types of TAs at Dr = 0.6. At the same h, the
P of the end-bearing TA was significantly higher than that of the conventional TA, and
increased as A increased. At h = 2.0L, the P values of the type B1–B5 TAs were 220%, 345%,
515%, 530%, and 575% higher than that of the type A TA, respectively. At h = 3.0L, the P
values of the type B1–B5 TAs were 93%, 130%, 149%, 169%, and 197% higher than that of
the type A TA, respectively. These results show that increasing h reduces the effectiveness
of bearing plates in improving P.

Figure 7. P–h curves of the TAs under vertical pullout loading.

3.4. Effects of Dr on P

The effects of Dr on the P values of the two types of TAs were analyzed. Figure 8
shows the P–S curves of the TAs at h = 2.0L under vertical pullout loading. It can be seen
that as Dr increased, the P of the type A and B TAs increased. At the same h, the P of each
type B TA was significantly higher than that of the type A TA. At Dr = 0.7, the P values of
the type B1–B5 TAs were approximately 169%, 309%, 337%, 424%, and 475% higher than
that of the type A TA, respectively. Figure 9 shows the P–Dr curves of the two types of
TAs at h = 2.0L. Under vertical pullout loading, the P of the type A and B TAs gradually
increased as Dr increased. At each Dr, the P of each type B TA was significantly higher
than that of the type A TA. At h = 2.0L, the P of the type A TA increased by 68.4% and
71.9% as Dr increased from 0.6 to 0.7, and from 0.7 to 0.8, respectively. Transducer failure
caused errors in the measurement of the P of the type B3 TA. For the remaining type B TAs,
the vertical P values of the type B1, B2, B4, and B5 TAs increased by 48.3%, 62.5%, 47.8%,
and 50.8% as Dr increased from 0.6 to 0.7, respectively; their vertical P values increased by
30.2%, 30.8%, 35.9%, and 34.2% as Dr increased from 0.7 to 0.8, respectively. This finding
suggests that increasing Dr can reduce the effectiveness of bearing plates in increasing the
P of a TA.

3.5. Effects of A on P

The P of an end-bearing TA depends on A. The type B1–B5 TAs used in this study had
A values of 4.9, 9.8, 14.7, 19.6, and 24.5 cm2, respectively. Figure 10 shows the P–A curves
at different h and Dr values. At Dr = 0.6, the vertical P of the type B TA increased as A
increased, and increased significantly as h increased. At h = 2.0L, the vertical P of the type
B TA increased as A increased, and increased considerably as Dr increased. These findings
are consistent with those obtained from earlier analyses.
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Figure 8. Effects of Dr on the load–displacement curves of the TAs under vertical pullout loading (a)
Types A and B1; (b) Types B2 and B3; (c) Types B4 and B5.

Figure 9. P–Dr curves of the TAs under vertical pullout loading.

Figure 10. P–A curves of the TAs under vertical pullout loading (a) Dr = 0.6; (b) h = 2.0L.
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4. Conclusions

Based on the pullout model tests, this study examined the bearing capacity of con-
ventional and end-bearing torpedo anchors and investigated the effects of factors such as
embedment depth, relative density, pullout angle, and area of the bearing plates on the
bearing capacity. The main findings of this study are summarized as follows:

(1) When embedment depth reached 2 times the shank length, for the conventional tor-
pedo anchor, the vertical bearing capacity increased slowly as displacement increased,
with no peak on the bearing capacity–displacement curve. In comparison, for each
end-bearing torpedo anchor, the vertical bearing capacity increased rapidly as dis-
placement increased, with a notable peak on the bearing capacity–displacement curve.
Under vertical pullout loading, the bearing capacity of each end-bearing torpedo
anchor was much higher than that of the conventional torpedo anchor, and increased
as area increased.

(2) Under horizontal pullout loading, similar bearing capacity-displacement curves were
obtained for the conventional and end-bearing torpedo anchors, and each had a peak.
In addition, these two types of torpedo anchors displayed essentially similar bearing
capacity values. Under pullout loading at a pullout angle equal to 45◦, area had
a relatively significant impact on the bearing capacity of the end-bearing torpedo
anchor. The bearing capacity increased relatively considerably as area increased
beyond three times the cross-sectional area of the shank, with a notable peak on
the bearing capacity–displacement curve. In contrast, there was no peak on the
bearing capacity–displacement curve when the area was smaller than three times the
cross-sectional area of the shank.

(3) Both embedment depth and relative density were found to have a major impact
on the bearing capacity. The bearing capacity of the conventional and end-bearing
torpedo anchors increased as embedment depth and relative density increased. In
addition, increasing embedment depth and relative density had a significantly greater
impact on the bearing capacity of the conventional torpedo anchor than that of the
end-bearing torpedo anchor. At fixed embedment depth and relative density, the
bearing capacity of the end-bearing torpedo anchor was significantly higher than that
of the conventional torpedo anchor, and increased as area increased.

(4) Based on the research results, it can be found that the bearing capacity of torpedo
anchors under horizontal pullout loading is greater than that of oblique and vertical
pullout loading. The bearing capacity of the end-bearing torpedo anchor significantly
increased as shank area, embedment depth, and relative density increased, and it
reached maximum when embedment depth reached 3 times the shank length, relative
density reached 0.8, and shank area reached 6 times the cross-sectional area. These
research results can provide a guideline for installation of torpedo anchors, which
need to be validated in further studies.
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