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Performance Assessment of Wood-Based Composite Materials Subjected to High Temperatures
Reprinted from: Buildings 2024, 14, 3177, https://doi.org/10.3390/buildings14103177 . . . . . . 240

Atsushi Suzuki, Susumu Ohno and Yoshihiro Kimura

Risk Assessment of Overturning of Freestanding Non-Structural Building Contents in
Buckling-Restrained Braced Frames
Reprinted from: Buildings 2024, 14, 3195, https://doi.org/10.3390/buildings14103195 . . . . . . 254
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Preface

The mechanical and structural performance of constructions is essential for ensuring the safety

and well-being of society. Throughout their service lives, materials and structures are subjected to

various demands, including dynamic loads such as earthquakes, wind, water, and soil pressure, as

well as exposure to extreme conditions such as freeze–thaw cycles, corrosion, and heat. While these

challenges vary by region, researchers and engineers worldwide continually strive to address the

complex demands imposed by society.

Recent advancements in construction engineering have significantly matured within specialized

fields. However, alongside these developments, new challenges have emerged. The construction

industry continues to face numerous unresolved issues that require innovative solutions. To encourage

progress in this field, an integrated approach that combines various aspects of engineering and materials

science is essential. With this vision, this current Special Issue focuses on uniting achievements in both

structural and material engineering as a foundational step toward further advancements.

This Special Issue showcases exceptional efforts aimed at addressing the aforementioned

challenges. It includes 15 papers on topics spanning from materials science to structural engineering,

covering a wide range of construction materials such as wood, concrete, and steel. The collective

insights presented in this compilation provide valuable perspectives that can inspire future

advancements for researchers and engineers worldwide.

Finally, the Guest Editors extend their heartfelt appreciation to all contributors for their invaluable

work in shaping this Special Issue. Special thanks are due to the Managing Editor, Ms. Nina Tang,

for her unwavering support throughout this process. Additionally, this Special Issue serves as part

of a tribute project marking the remarkable career of Prof. Dr. Dinil Pushpalal at Tohoku University.

I, Dr. Atsushi Suzuki, personally dedicate this Special Issue to him in gratitude for his guidance and

cooperation as my supervisor for over a decade.

Atsushi Suzuki and Dinil Pushpalal

Guest Editors
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Editorial

Guest Editorial on Advances in Structural and Mechanical
Performances of Structures and Materials

Atsushi Suzuki 1,* and Dinil Pushpalal 2

1 Graduate School of Engineering, Tohoku University, Sendai 980-8579, Japan
2 School of Civil Engineering and Architecture, Mongolian University of Science and Technology,

Ulaanbaatar 14191, Mongolia; dinil.pushpalal.b4@tohoku.ac.jp
* Correspondence: atsushi.suzuki.c2@tohoku.ac.jp; Tel.: +81-22-795-7876

1. Introduction

The mechanical and structural performance of structures is essential to ensuring the
safety and well-being of society. Materials and structures are subjected to various demands
throughout their service lives, including dynamic loads such as earthquakes, wind, water,
and soil pressure and exposure to extreme conditions like freeze–thaw cycles, corrosion, and
heat. While these challenges differ among regions, researchers and engineers worldwide
continually strive to address the complex demands imposed by society.

Recent advancements in construction engineering have led to significant progress
within specialized fields. However, alongside these developments, new challenges continue
to emerge. The construction industry faces numerous unresolved issues that require inno-
vative solutions. To advance this field further, an integrated approach combining various
aspects of engineering and materials science is vital. In line with this vision, the current
Special Issue aims to bring together structural and material engineering achievements as a
foundational step toward new advancements.

This Special Issue highlights exceptional efforts to address the aforementioned chal-
lenges. It features 15 papers covering topics ranging from materials science to structural
engineering, with a focus on a diverse array of construction materials, including wood,
concrete, and steel. The authors who contributed to this issue are affiliated with countries
across a large geographical distribution, including America, China, Cyprus, France, Ger-
many, Greece, Japan, Poland, Romania, and Turkey. The insights compiled in this edition
provide valuable perspectives that will inspire researchers and engineers worldwide to
pursue future innovations.

2. Overview of Contributions

Suzuki et al. explored the application of piezoelectric sensors for structural damage
detection [1]. The piezoelectric sensors were first used in cyclic loading tests by applying
them to a component model of composite beam and frame subassemblies with a folded roof
plate. The prospective positions of concrete cracking and buckling were predicted based
on a robust finite element simulation. During the cyclic loading test, crack propagation in
concrete and buckling of the roof plate were detected multiple times by the piezoelectric
sensors. Hence, it was concluded that piezoelectric sensors can detect the structural
damage of building components, demonstrating their potential use in inexpensive and
stable monitoring systems.

Bellos and Konstantinidis introduced a robust approach to determining the yield
and failure curvatures of reinforced concrete (RC) cross-sections while accounting for

Buildings 2025, 15, 3 https://doi.org/10.3390/buildings15010003
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cracking effects [2]. Their proposed methodology also facilitates the calculation of required
reinforcement or resistance moments at the yield and failure limits. This approach enables
systematic strain calculations for various concrete and steel grades, accommodating both
standard and non-standard cross-sections, thereby enhancing practical applications.

Ni and Aboutaha conducted a comprehensive finite element analysis (FEA) of the
flexural strength of an AASHTO Type III girder-deck system strengthened to address
debonding-damaged strands [3]. The proposed FEA model was validated using relevant
experimental data. A parametric study was performed to investigate influential factors,
and a total of 156 girder-deck systems were analyzed, considering variables such as the
debonding level, span-to-depth ratio, strengthening type, and amount of reinforcing mate-
rial. Finally, the study employed regression analysis to evaluate the relationship between
ultimate strength and the amount of strengthening material.

Wang et al. conducted bending tests on simply supported frame-unit bamboo culm
structures [4]. They developed a calculation model for the structure, introducing formulae
to describe the stiffness balance between the joints and the overall structure. Furthermore,
they proposed a simulation method to convert the actual structure into a beam element
model, leveraging insights from their study. The predicted displacements obtained using
the proposed method showed strong agreement with the experimentally observed results,
demonstrating the adequacy and validity of the model.

Tanaka et al. applied an innovative non-destructive testing method utilizing sub-
terahertz waves to evaluate the water content in concrete [5]. The study demonstrated that
the reflectance of the applied frequencies increases with higher unit volume water content.
Additionally, the data scatter was significantly reduced when higher frequency ranges
were employed. Ultimately, an empirical equation was developed to classify the risk of
reinforcement corrosion based on water content, paving the way for practical applications
in diagnosing building integrity related to rebar corrosion.

Yoshino and Kimura explored the application of non-structural members as lateral
supports for I-beams prone to lateral buckling [6]. Torsional tests were conducted on
roof-folded plates to quantify their rotational stiffness and capacity with various connection
methods between the plate and the beam. The experimental findings clarified the resistance
mechanism of the roof plates, confirming their effectiveness as continuous bracing elements.
Finally, the lateral buckling strength of the I-beam was evaluated based on Japanese and
European design codes, incorporating the joint stiffness determined from the experiments.

Chen et al. addressed the challenges of track wear, fatigue cracks, and impact damage
to the welded joints of azimuth tracks, a critical component of radio telescope wheel–
rail systems [7]. This study included tensile tests using digital image correlation (DIC)
technology and Vickers hardness tests on the base metal (BM), heat-affected zone (HAZ),
modified layer, and weld zone (WZ). An FEA model was developed using a constitutive
model to simulate rolling mechanical performance. The stress distribution under various
pre-designed loads was analyzed, identifying the locations most susceptible to damage
during regular operation, braking, and start-up conditions.

Based on experimental and database results, Kimura proposed equations for evalu-
ating the ultimate strength ratio, rotational capacity, and energy dissipation capacity [8].
Cyclic loading tests were conducted on 11 specimens using different loading protocols,
and an extensive database was constructed from prior studies. Using parameters such as
the width-to-thickness ratio, shear span-to-depth ratio, and loading protocol, the proposed
equations were validated against 65 specimens, demonstrating their accuracy in assessing
structural performance.

Cavuslu and Dagli studied the time-dependent creep and earthquake performance
of the historical Plaka stone bridge [9]. Two distinct 3D finite-difference models were

2



Buildings 2025, 15, 3

developed for Khorasan mortar with varying additives, including egg white and eggshell,
at mixture percentages ranging from 25% to 100%. Time-dependent creep analyses and
simulations of seismic events in the region revealed that using a 50% eggshell-mixed
Khorasan mortar positively influenced the creep and seismic behavior of restored and
yet-to-be-restored bridges.

Narantogtokh et al. proposed a novel pin penetration test for determining the early-
age compressive strength of concrete before demolding [10]. It is important to determine
the early-age compressive strength at the actual construction site when concrete work
is executed in cold weather conditions to prevent early-age frost damage. Most of the
international norms and guidelines for cold weather concreting recommend obtaining
at least 5 MPa strength before exposing concrete to early-age freezing. However, there
are no suitable methods available for the measurement of low-strength concrete at a very
early age, particularly before demolding at the construction site. The proposed non-
destructive method was validated with penetration depth benchmarks of 8.0 mm and
6.7 mm, corresponding to compressive strengths of 5 N/mm2 and 10 N/mm2, respectively.
The results provide practical guidance for determining demolding and initial curing timing.

Chen et al. investigated the bond-slip behavior between steel reinforcement and epoxy
resin concrete through experimental research and FEA [11]. A total of 18 center-pullout tests
and 14 FEA simulations revealed that the bond strength of epoxy resin concrete significantly
exceeds that of ordinary concrete, being approximately 3.23 times higher for equivalent
material strength levels. The study also highlighted post-peak behavior considerations for
the practical application of epoxy resin concrete.

Erbasu et al. explored the mechanical behavior of wood-based composite materials at
high temperatures, approaching those used in pyrolytic decomposition [12]. Experiments
were conducted on glued laminated timber (glulam) elements, and the results were used to
calibrate material models for numerical analysis. These findings enable future evaluations
of various materials and combinations for constructing such composites.

Suzuki et al. examined the risk of overturning freestanding non-structural building
contents in buckling-restrained braced frames (BRBFs) as part of business continuity plan-
ning (BCP) [13]. Various BRBFs were designed using different criteria, and incremental
dynamic analyses (IDAs) were performed with artificially generated seismic waves. The
results showed that peak floor accelerations could exceed thresholds in existing fragility
curves, increasing the risk of overturning depending on regional hazard combinations.

Tapusi et al. developed a tool for generating topologically optimized geometries of
glulam structural elements [14]. A neural network was trained to avoid overfitting, with
parameters related to wood properties (type, density, modulus of elasticity) and model
discretization. Future iterations will aim to improve the neural network’s architecture for
size and activation function, contributing to AI-driven optimal design of glulam members.

Pushpalal and Kashima conducted compressive strength tests on concrete incorpo-
rating five types of fly ash with high CaO and SO3 levels [15]. Fly ash replacement of up
to 70% of the total cementitious content of concrete was investigated in this study. This
research aimed to clarify the influence of the naturally occurring anhydrite phase in fly ash
on the compressive strength of concrete. X-ray diffraction Rietveld analysis determined
the mineral composition and glass phase of the fly ash samples. The authors found when
the CaO content in ash is high, the insoluble residue is low, showing the high cementitious
properties of fly ash. Compressive strength results were compared between concrete with
and without anhydrite in fly ash. The optimal amount of anhydrite was found to be
2 ± 0.5 kg/m3 of concrete, defining the applicable range for anhydrite-rich fly ash.

3
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3. Conclusions

This Special Issue features 15 groundbreaking research studies on advancements in the
structural and mechanical performance of materials and structures. The insights presented
are expected to drive further progress and inspire future research in the fields of structural
and materials engineering.
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Abstract: With demand for the long-term continued use of existing building facilities, structural
health monitoring and damage detection are attracting interest from society. Sensors of various types
have been practically applied in the industry to satisfy this need. Among the sensors, piezoelectric
sensors are an extremely promising technology by virtue of their cost advantages and durability.
Although they have been used in aerospace and civil engineering, their application for building
engineering remains limited. Remarkably, recent catastrophic seismic events have further reinforced
the necessity of rapid damage detection and quick judgment about the safe use of facilities. Faced
with these circumstances, this study was conducted to assess the applicability of piezoelectric
sensors to detect damage to building components stemming from concrete cracks and local buckling.
Specifically, this study emphasizes structural damage caused by earthquakes. After first applying
them to cyclic loading tests to composite beam component specimens and steel frame subassemblies
with a folded roof plate, the prospective damage positions were also found using finite element
analysis. Crack propagation and buckling locations were predicted adequately. The piezoelectric
sensors provided output when the concrete slab showed tensile cracks or when the folded roof plate
experienced local buckling. Furthermore, damage expansion and progression were detected multiple
times during loading tests. Results showed that the piezoelectric sensors can detect the structural
damage of building components, demonstrating their potential for use in inexpensive and stable
monitoring systems.

Keywords: concrete slab; damage detection; folded roof plate; piezoelectric sensor; structural
health monitoring

1. Introduction

In recent times, powerful earthquakes have struck cities worldwide, one after another.
Since establishing the Sendai framework at the UN World Conference on Disaster Risk
Reduction in 2015, the demand for resilience strengthening of structures is further attracting
international researchers’ interest. This situation certainly includes buildings of various
types. Structural health monitoring fulfills an important role in the peri-disaster and post-
disaster phases during and after disasters, respectively. Building collapse must be prevented
even after an earthquake. A recent catastrophic event, the 2015 Gorka earthquake, caused
the complete collapse of 500,000 buildings and the partial collapse of 250,000 buildings,
according to the Japan International Cooperation Agency (JICA) [1]. Another recent
seismic event, the 2023 Turkey–Syria earthquake, caused more than 164,000 buildings
to be destroyed or severely damaged, as reported by the Turkish Ministry. Such damage
derives from a lack of proper assessment of structural capacity and a lack of rapid seismic

Buildings 2023, 13, 2368. https://doi.org/10.3390/buildings13092368 https://www.mdpi.com/journal/buildings5
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strengthening. Findings indicate that continuous efforts at damage prevention must be
pursued locally and globally.

Most buildings in countries with strict seismic design criteria, such as those in Japan,
can withstand strong ground motions. Nevertheless, several buildings have been reportedly
unable to maintain their functions because of damage to secondary building components [2].
Eventually, some buildings became unsafe for use as evacuation shelters during post-
disaster phases of recovery [3]. In addition, the durations required for emergent inspections
have been raised as a primary concern. In spite of enormous efforts by engineers and
public servants, damage inspections after the 2016 Kumamoto earthquake took 57 days
to complete [4]. One reason underlying this long period is that there were few engineers
able to complete on-site inspections at the municipality level. However, in contrast to
restrictions on human resources, demands from society for the continuity of building use
are skyrocketing.

Faced with these needs, structural health monitoring and damage detection are at-
tracting interest among researchers and engineers. Generally, they are classifiable as global
and local approaches [5]. It is noteworthy that global structural health monitoring uses the
following representative methods: (1) natural frequency-based methods, (2) mode shape-
based methods, (3) dynamically measured flexibility matrix-based methods, (4) neural
network methods, and (5) generic algorithm methods [6]. Ji et al. [7] conducted full-scale
shaking table tests as well as monitoring of building vibration. The results obtained by
analyzing the shift of natural frequencies of building structures demonstrated the effec-
tiveness of vibration-based damage diagnosis. Okada et al. reported the application of a
three-dimensional structural monitoring system for a full-scale six-story RC building [8]. In
addition, a cost-efficient method was established to interpolate responses from the limited
recorded data. Moreover, Gislason et al. [9] proposed an automated structural health
monitoring system based on time history analysis. Through rigorous numerical modeling,
it was demonstrated that damage can be identified with story-level precision. The degree
of damage can be quantified and accurately based on floor accelerations caused by ambient
wind forces. In addition, Alampalli et al. [10] classically investigated the sensitivity of
modal characteristics to damage in a laboratory-scaled bridge span. Through the com-
prehensive investigation, Alampalli et al. [10] concluded that the local damage does not
necessarily change mode shapes more significantly at the damage location or near damage
locations than in other areas.

Structural health monitoring and damage detection at the local level are also continu-
ing their evolution internationally. For this purpose, sensors of various kinds, such as strain
gauges, accelerometers, fiber optical sensors, displacement sensors, piezoelectric sensors,
and Doppler vibrometers, have been developed to realize structural health monitoring [11].
The classical technique to detect local damage uses strain gauges. Recently, they have
become widely available on the market. However, they are fragile and unsuitable for long-
term monitoring. Consequently, they are commonly used for laboratory experiments. The
recent development of image sensing has realized damage detection using digital images.
Earlier achievements by Chida and Takahashi [4] enabled the detection and evaluation of
quantitative damage at the ground level of timber houses using pre-post morphological
processing combined with semantic segmentation by deep learning. From a simplified
perspective, Kishiki et al. [12] attempted to visualize the residual strength of buckled steel
members. The magnitude of buckling deformation was measured during cyclic loading
tests. The strength and deformation magnitude were correlated. Ultimately, an evaluation
equation was proposed for instant strength evaluation. The recent articles [13,14] revealed
that the member performance was degraded by the environmental impact, proving the
necessity of long-term monitoring to secure the safety of structures.

Recent efforts at structural health monitoring are being aimed at sensors of novel types,
specifically piezoelectric sensors. Such sensors detect the applied force or displacement
and then generate a voltage. Compared with other monitoring sensors and techniques,
piezoelectric sensors provide numerous benefits such as small size, light weight, low cost,
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high sensitivity, and availability in various formats [11]. According to previous research [15],
the system consisting of the microtremor, computer, and data logger requires 15,000 to
25,000 US dollars per measurement unit. In addition, another system comprised of the laser
Doppler velocity meter, computer, and digital displacement gauge costs 45,000 to 60,000 US
dollars per unit. The proposed method requires only piezoelectric sensors, computers, and
circuits, resulting in less than 1000 US dollars. Therefore, the system established here has a
cost advantage. By virtue of these benefits, piezoelectric sensors are applied practically for
aerospace and civil engineering structures [16]. Earlier, Harada et al. [17] used piezoelectric
sensors to detect crack propagation in steel specimens and RC beams. Conversions of the
output voltage and strain are interrelated experimentally and theoretically. Furthermore,
Harada et al. [17] reported that a charge amplifier with low energy consumption took
stable measurements in a static condition. Therefore, Harada et al. [17] concluded that
the piezoelectric sensor is effective, particularly for local and severe damage such as that
associated with concrete crack expansion.

In terms of building applications, one of the authors enthusiastically investigated the
application of piezoelectric sensors for building components. Earlier, the applicability of
the sensor was studied for welded connections between a beam and column [18] because
they are prone to being damaged in strong earthquakes. The result demonstrated that
the piezoelectric sensor adequately detects structural damage in the inelastic phase. The
piezoelectric sensors can resist a greater deformation than the strain gauges. Therefore, the
sensors are reusable without replacement, even after a giant earthquake. The piezoelectric
sensors, therefore, embrace the advantage of long-term structural health monitoring. There-
fore, it was concluded that this sensor is promising for use in an inexpensive and durable
health monitoring system.

Generally, buildings comprise main structural components (columns, beams, etc.) and
secondary components (concrete slabs, folded roof plates, etc.). Earlier reports revealed that
the secondary components function as a restraint on the primary structural members. Their
restraint performance is generally represented as the spring stiffness or strength [19–25].
Steel beams are assembled with a concrete slab through shear connectors in an ordinary
building with several floors (Figure 1a). It is widely recognized that a concrete slab
demonstrates restraint performance along the in-plane direction and out-of-plane direction.
Although cracks in the concrete slab originate during cyclically applied stress from the
earthquake, enhancement of the buckling strength was confirmed by experimentation [26].

 
(a) (b) 

Figure 1. Installation of secondary structural components: (a) concrete slab; (b) folded roof plate.

By contrast, single-story buildings (gymnasiums, warehouses, etc.) on the top floor
of multiple-story buildings can only have folded roof plates (Figure 1b). According to
an earlier experiment, the folded roof plate demonstrates high restraint performance,
but its rigidity is much lower than that of a concrete slab. Their buckling strength was
derived theoretically and analytically in an earlier study [27]. In addition, the mechanical
performance of the folded roof plate was evaluated at the component level [28]. As
evaluation methods are becoming more sophisticated, as introduced above, the necessity
of securing the designed restraint performance is being raised as an important concern.
However, structural health monitoring and damage detection technology are usually
intended for the global frame or for the primary structural components. Considering that
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the bracings are generally damaged before member buckling and subsequent strength
deterioration, damage detection of secondary structural components is rather important.

Based on the discussion presented above, this study was conducted to detect concrete
slabs and folded roof plate damage using inexpensive yet consistent and reliable measures.
Specifically, this study applies piezoelectric sensors. For this purpose, this study applied
cyclic loading tests to a component model of composite beam and steel frame subassembly
with folded roof plates. Because the prospective damage position must be analyzed in
advance, finite element analysis (FEA) is demonstrated for these assessments. The sensor
output and the damage state were compared to investigate their adaptability to the damage
detection of secondary building components.

The outcome of this research builds the foundation of the novel structural health
monitoring system using the piezoelectric sensor. Specifically, this research focuses on
the non-structural components more prone to deformation than the primary structural
members. Therefore, the structural engineers and building owners can make a proper and
prompt decision regarding the continuous use of the facilities.

2. Structural Damage Detection of a Concrete Slab Using Piezoelectric Sensors

2.1. Outline of Experiment
2.1.1. Specimen Configuration

Currently, headed stud shear connectors prevail as the shear connector, and the
evaluation equations are available in the design provisions [29–31]. Their behavior had
been investigated based on push-out specimens [32–34] and composite beams [35–37].
On the other hand, to demonstrate superior strength and stiffness, novel types of shear
connectors are developed as alternatives: perfobond shear connectors [38–40], Y-type
perfobond rib shear connectors [41–43], bar-ring shear connectors [44–46], puzzle-shaped
shear connectors [47–49], and clothoid-shaped shear connectors [50–52]. Furthermore,
recent research has revealed the innovative shear connectors’ cyclic and fatigue behavior [53–57]
and their mechanical performance with damaged concrete [58]. This research examines the
clothoid-shaped shear connectors as a representative case of the novel shear connectors
mentioned above.

Figure 2 portrays the configuration of the composite beam component model. The spec-
imen was designed for earlier experiments [19–25]. The specimen comprised two concrete
slabs, longitudinal and transversal reinforcements, four clothoid-shaped shear connectors,
and two H-section steels. The specimen configuration was designed as symmetric relative
to the z-axis to eliminate eccentricity. The clothoid-shaped shear connector thickness was
16 mm. The longitudinal diameter and transversal rebar were 10 mm.

 
(a) (b) (c) 
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Figure 2. A component model of the composite beam (unit: mm): (a) side view; (b) front view;
(c) cross-section view.
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The casting orientation is widely acknowledged as influencing the mechanical perfor-
mance of the shear connection. Therefore, the Japan Society of Steel Construction (JSSC)
recommends replication of the structure concerned when engineers manufacture the shear
connection component model [59]. For this study, we therefore poured concrete along the x-
axis to model the composite beam. Two specimen parts were assembled using high-strength
bolts and splice plates before loading tests.

Figure 3 presents an illustration of the loading frame. The specimen was placed
widthwise on the footing beam. The single side of H-section steel was connected to the
reaction member by high-strength bolts. Then, the imposed shear force was transferred to
the reaction floor. The shear force was carried cyclically by a 1000 kN capacity hydraulic jack.

 

Figure 3. Loading frame.

2.1.2. Loading Protocols

For the loading test, the amplitude was controlled based on the relative displacement
of two shear connectors (designated as connector relative displacement, d). The loading
protocol was fully reversed loading. Compressive and tensile stresses were applied for the
concrete slab in positive and negative side loading.

2.1.3. Material Properties

Table 1 shows the mix design of the concrete. The water/cement ratio (W/C) was
53.0%. The maximum aggregate size was 20 mm. Tables 2–4 present the material test results.
The material tests of the concrete and steel members were conducted in accordance with JIS
A 1108 [60] for the compressive strength test of the concrete, JIS A 1113 [61] for the splitting
tensile strength of the concrete, and JIS Z 2241 [62] for the tensile strength test of the steel.
The cylinder specimens were used for the material tests on concrete. The compressive
and tensile strengths were, respectively, 26.4 N/mm2 and 2.1 N/mm2 (Table 2). The yield
and ultimate strength of the shear connector, web, and flange plates were distributed,
respectively, as 257–293 and 436–458 N/mm2 (Table 3). The yield strength and the ultimate
strength of the reinforcement were, respectively, 378 N/mm2 and 509 N/mm2 (Table 4).

Table 1. Mix proportions.

W/C
[%]

s/a
[%]

Unit Materials Content [kg/m3]

Water Cement Sand Gravel Admixture

53.0 47.5 178 336 829 933 4.36

Table 2. Material properties (concrete).

Compressive Strength
[N/mm2]

Tensile Strength
[N/mm2]

Modulus of Elasticity
[N/mm2]

26.4 2.1 22,836
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Table 3. Material properties (steel plate).

Part
Thickness

[mm]
Yield Strength

[N/mm2]
Ultimate Strength

[N/mm2]
Elongation

[%]

Connector 16 285 436 46
Web 8 293 458 37

Flange 12 257 440 43

Table 4. Material properties (steel bar).

Diameter [mm] Yield Strength [N/mm2] Ultimate Strength [N/mm2] Elongation [%]

10 378 509 28

2.1.4. Curing Conditions

Specimens were demolded on the seventh day after concrete casting. They were
air-cured up to the day of the loading test. The concrete specimens for the material tests
were cured in the same room to give all of them an identical temperature history.

2.2. Outline of Finite Element Analysis
2.2.1. Configuration of Finite Element Analysis

An FEA model was demonstrated to determine the piezoelectric sensor positions.
Figure 4 exhibits the FEA model configuration. Using the symmetricity of the specimen
configuration, a quarter part of the specimen was extracted for the analysis. ABAQUS
(ver. 2021) was used for this simulation. Embracing the advantage of the convergence, an
explicit module was used to analyze the composite beam component model.

Figure 4. Finite element analysis model.

As exhibited in Figure 4, the H-section steel, shear connector, and concrete slab were
built with the solid element. The reinforcements were modeled by the truss elements. The
reinforcements were settled to resist the axial force only. Therefore, the analysis intended
that the rebar yielded by means of the axial force, not by the combined stress of axial
force and bending moment. Hence, the truss elements were adopted in the FEA. Also,
the slippage was not observed in the preliminary analysis, justifying disregarding the
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bond fracture in the simulation. Separation through a tensile crack was represented by
the 0.1-mm-thick cohesion element. The element was placed on the interface between the
concrete block and the concrete between the shear connectors. The respective sides of the
cohesion element were tied to the concrete block and the remaining concrete parts. When
the deformation was imposed on the shear connector, the cohesion element deformed and
carried the reaction force. According to the constitutive law described later, the cohesion
element depleted its strength gradually and vanished in the ultimate state. The concrete
blocks were therefore discretized after vanishing. The fine mesh was built near the shear
connectors, where the stress transfer occurs prominently. Meanwhile, the mesh became
coarse around the edge of the concrete slab to save computation time. The preliminary
analysis was carried out, and the convergence was observed in the sensitivity study.

The clamped end constraint was given at the bottom of the H-section steel. The
boundary condition to satisfy the symmetricity was provided to the web plate and concrete
slab center. Loading was imposed at the top of the H-section steel.

The contact pair was defined between the shear connector-to-concrete and concrete-to-
H-section steel. The friction and initial adhesion were not given because the shear connector
surfaces were greased for the experiment. Furthermore, the embedded constraint was
given to the reinforcements related to the concrete slab.

2.2.2. Constitutive Law of Concrete and Slab Separation

Figure 5a–c respectively presents the constitutive law of concrete under compressive,
tensile, and cyclic stresses. The elastic limit was 40% of the maximum strength, as required
by Eurocode-2 [63]. The parabolic function from the elastic limit to the maximum strength
is presented in Equation (1). In addition, the strain at the peak strength can be computed
using Equation (2) as follows:

σc =

(
k(εc/εcm)− (εc/εcm)

2

1 + (k − 2)(εc/εcm)

)
σcm (1)

εcm = 0.07σcm
0.31 ≤ 0.28 [%] (2)

where σcm denotes the compressive strength of concrete and εcm represents the strain at
peak strength. An earlier study [64] showed that the strength dropped linearly to 85% of
the ultimate strength at the ultimate strain σcu = 0.01.

The stress–strain relation in the tension side was defined by Equation (3) in accordance
with an earlier study [65]. The tensile strength was computed using Equation (4) [66].
The fracture energy was calibrated using Equation (5) [67]. In the following equations,
the Newton and millimeters are used to compute the respective physical quantities. One
should note that the unit of output in Equation (5) is N/m, requiring the unit conversion to
substitute Equation (3).

σt = σctm

(
1 + 0.5

σctm

GF
wt

)−3
(3)

σctm = 0.291 × σcm
0.637 (4)

GF = 10 × dmax
1/3 × σcm

1/3 (5)

In those equations, σt stands for the tensile strength of concrete, wt expresses the crack
width, σctm denotes the ultimate tensile strength, GF symbolizes the fracture energy, and
dmax signifies the maximum size of the aggregate.

Figure 5c depicts the stiffness recovery of the unloading and reloading phases. The
degree of stiffness degradation was determined by damage factors dc and dt. An earlier
study [68] used the following equations for considering the constraint by the steel members.
The present study therefore applies the identical equation.

dt = 1.24
kt

σctm
wt (≤ 0.99) (6)
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dc =

{ kciεc

[1+(εc/ε0)
n]

n (εc ≤ 0.0184)

0.3485 (εc > 0.0184)
(7)

  
(a) (b) 
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Figure 5. Constitutive law of concrete and separation: (a) compression; (b) tension; (c) cyclic;
(d) separation.

In these equations, the constants kci, ε0, n, and kt are given, respectively, as 155, 0.0035,
1.08, and 386 N/mm2/m in accordance with an earlier report [68].

2.2.3. Constitutive Law of Cohesion Element

Figure 5d presents the constitutive law of the cohesion element. The shear stress–strain
relation was constructed based on earlier experimentally obtained results [69]. The shear
stiffness G was calibrated using Equation (8). The damage function D governing strength
deterioration was computed using Equation (9). The ultimate shear strength τmax was
calculated using Equation (10).

G = 43.0 × (ω/ωr)× (σcm/σcm,r)
1/3 (8)

D =
γ − γ0

γ f − γ0
(9)

τmax =
σcm√

3
(10)

Therein, ω represents the concrete weight in unit volume, ωr denotes the concrete weight
in a unit volume of reference case (=24 kN/m3), σcm,r expresses the concrete strength
of reference case (=25.9 N/mm2), γ stands for the shear displacement, γ0 signifies the
effective displacement at damage initiation, and γf symbolizes the effective displacement
at complete failure.
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2.2.4. Constitutive Law of Shear Connector and Rebar

The stress–strain relation of the shear connector is determined by the combined
hardening law with the three backstresses. The hardening parameters were set as identical
to those reported from earlier research [70–75] because the same type of steel was used for
this study.

2.2.5. Finite Element Analysis Results and Piezoelectric Sensor Positions

Figure 6 presents an illustration of the load–displacement relation and crack propaga-
tion. In Figure 6, the shear force once dropped around the connector relative displacement
d of 1.9 mm. This reduction is derived from crack initiation at the embedded position of the
shear connector. The plastic tensile strain distribution is presented in Figure 6b,d. The crack
propagated toward the transversal direction. The most significant tensile stress concentrates
near the shear connectors; hence, the critical position appears at the embedded place in the
steel-concrete composite structure. However, the shear force recovered gradually using the
stress transfer to the reinforcement. The damage spread with the increase in the loading
amplitude (Figure 6c), after which the damage further propagated diagonally (Figure 6d).
The observation presented in Figure 6 confirms that the damage should be detected aside
from the embedded positions of the shear connectors.

Figure 6. Distribution of tensile cracks: (a) load-displacement relation; (b) d = 2.1 mm; (c) d = 5.0 mm;
(d) d = 10.0 mm.

Based on the observations presented above, this study determined the piezoelectric
sensor installation position, as presented in Figure 7. The six piezoelectric sensors were
attached to capture the tensile cracks. The piezoelectric sensor was expected to output
the voltage through the movement by means of crack propagation. In addition, for crack
width measurement, the PI gauges were set beside the piezoelectric sensors to ascertain the
damage detection sensitivity. For the installation, the concrete slab surface was ground; the
sensor was glued rigidly. During loading tests, the sensor was not peeled up to the final
loading cycle.

2.3. Results of Experiments and Damage Detection

Figure 8 presents an illustration of the experimentally obtained result. Although the
hysteresis was stable on the compression (positive) side, the strength deterioration and
rapid displacement enlargement occurred several times. The first crack initiation was
detected at d = −1.4 mm (point A). Figure 9 displays the fracture process. Although it is
noticeable in the load–displacement relation, the cracks are not visible in Figure 9a. This
finding corroborates that visual inspection alone presents some difficulty in identifying
the concrete damage. The peak strength was performed at d = −6.0 mm (point B). The
strength degraded gradually during subsequent loading cycles. The transversal damage
at this stage is visible in Figure 9b. Furthermore, rapid strength degradation occurred at
around d = −10.0 mm (point C) and d = −13.5 mm (point D).
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Figure 7. Positions of piezoelectric sensors.
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Figure 8. Cyclic behavior of the specimen.

 
(a) (b) (c) (d) 

Figure 9. Fracture process: (a) d = −2.0 mm; (b) d = −6.0 mm; (c) d = −10.0 mm; (d) d = −14.0 mm.

Figure 10 shows the crack width wc transition and the piezoelectric sensor output Vp.
The horizontal axis is the absolute value of the loading amplitude. The skeleton part of the
hysteresis curve on the negative side is extracted. In addition, Figure 10b demonstrates
that the sensor position appropriately captures the tensile crack, thereby penetrating the
sensor transversally. The piezoelectric sensor output is significant at |d| = 1.6 mm (point
A), 10.0 mm (point C), and 14.5 mm (point D). In Figure 10, the crack width suddenly
increases at point A and hits its peak near the ultimate shear strength (point B). During the
subsequent loading cycle, the damage concentrates on the corresponding part. At point
D, the position concerned becomes the origin of further damage. Consequently, the crack
expands again, developing the prominent sensor output.

To deepen our understanding of piezoelectric sensor behavior, the relation between
crack width and sensor output is presented directly for comparison in Figure 11. In
Figure 11a, the reaction of the piezoelectric sensor was arranged by the crack width. As
one might expect, the apparent relation is not visible in the figure. The noise around
the origin was issued from the vibration during the unloading phase. Consequently, the
piezoelectric sensor does not provide data related to the degree of concrete damage in the
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current measurement system. Instead, if the sensor output is arranged by the rate of crack
expansion, the relation becomes much more apparent. This outcome corroborates that
the piezoelectric sensor is helpful for detecting the damage origin. In future research, the
method to convert the sensor output into the crack width will be calibrated, referring to an
earlier investigation [8]. Therefore, this is a promising method of replacing the ordinary
measurement scheme using strain or PI gauges.

 
(a) (b) 

Figure 10. Transition of crack width and piezoelectric sensor output: (a) transition of crack width
and sensor output; (b) crack and sensor positions.

(a) (b) 

Vp

Δw

Vp

w

Figure 11. Relation between slab damage and piezoelectric sensor output: (a) crack width; (b) crack
width velocity.

3. Damage Detection of a Folded Roof Plate Using Piezoelectric Sensor

3.1. Test Setup of Cyclic Loading Test on an I-Shaped Beam with a Folded Roof Plate

Figure 12 depicts the loading frame and specimen setup. The apparatus was designed
in reference to earlier experimentation [76]. The force was imposed on the loading beam
through the hydraulic jack. The specimen part, consisting of an I-shaped beam and the
folded roof plate, was settled inside the frame. Consequently, the specimen was subjected
to non-symmetric bending. In addition, both sides of the folded roof plate were pin-
constrained with the slider (Figure 12b). Therefore, the folded roof plate does not carry the
axial force.

The two specimens had different beam lengths. The beam heights were 250 mm and
200 mm for specimens No. 1 and No. 2. The respective beam widths were 80 mm and
100 mm. The beam lengths were 3675 mm and 3700 mm, with slenderness ratios of 222 and
166. The connection detail between the folded roof plate and the tight frame is presented
in Figure 12c. In conformity with the actual buildings, the folded roof plate was bolted
to the tight frame. The tight frame was fillet welded to the flange face. The tight frame
had a width of 30 mm and a thickness of 3.2 mm. The material test results are presented in
Table 5.
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Figure 12. Loading frame: (a) floor plan; (b) slider detail; (c) A-A’ section view; (d) 1-1’ section view.

Table 5. Material test results.

Part Specimen Thickness [mm]
Yield Strength

[N/mm2]
Ultimate Strength

[N/mm2]

Flange No. 1 6 313.9 465.9
No. 2 6 294.8 443.5

Web No. 1 9 368.3 475.1
No. 2 8 334.1 456.2

Folded roof plate No. 1 0.5 347.4 393.1
No. 2 0.5 341.7 389.9

The loading amplitude was controlled by the column rotation. The amplitude was
standardized by the full plastic rotation angle θp, which serves the beam to reach the
full plastic moment Mp,b. The full plastic rotation angle θp is calculable as shown in
Equation (11).

θp =
Mp,bL
6Eb Ib

(
1 +

IbH
2IcL

)
. (11)

In this equation, Eb stands for the elastic modulus of steel, Ib represents the moment of
inertia of beam along the strong axis, Ic denotes the moment of inertial of H-section column,
and H stands for the column length. The loading protocol was the gradually increased
loading. The target amplitude was enlarged to ±0.5θp, ±1.0θp, ±2.0θp, ±3.0θp, ±4.0θp,
±5.0θp, and ±6.0θp.

3.2. Preliminary Analysis of Folded Roof Plates and Piezoelectric Sensor Installation

This section describes the preliminary analysis of the folded roof plate that was
conducted to ascertain the piezoelectric sensor position. A portion of the folded roof
plate was extracted and subjected to the three-point bending test. The loading point was
the middle part of the roof plate. The center part of the specimen was coupled with the
reference point. The concentration force was given to the reference point. The loading
modeled the flexural moment carried by beam rotation. Then, the force was applied
monotonically downward.

Figure 13a shows the FEA model of a segment of the folded roof plate. The boundary
conditions are also presented in Figure 13a. The analysis used ABAQUS (ver. 2021) with
the standard solver package. The loading was force-controlled until strength deterioration,
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employing the originated local buckling. The finer mesh was built around the center
part, where the most significant bending moment was carried, to reproduce the buckling
behavior accurately. The constitutive law of the material was a simple bilinear model
connecting the lower yield point and the ultimate strength of the material test result. The
simulation did not consider fracture because the experiment did not observe it.

(a) (b) 

Figure 13. FEA model and buckling deformation: (a) FEA model; (b) buckling deformation.

Figure 13b presents the local buckling deformation. The buckling deformation oc-
curred around the center part, issuing from the bolt hole. When lateral–torsional buckling
originates in the I-shaped beam, the folded roof plate is subjected to the rotational moment
transferred through the bolt. Ultimately, the folded roof plate starts to buckle. Furthermore,
the magnitude of deformation is increased beside the hole. Based on these observations,
the sensor location was determined as 100 mm distant from the bolt hole (Figure 12a).

3.3. Results of Cyclic Loading Tests and Piezoelectric Sensor Output

Figure 14a,b shows the cyclic loading test results. The horizontal axis is the column
rotation. The vertical axis is the applied bending moment. The specimen demonstrates
stable spindle-shaped hysteresis. However, with increasing loading amplitude, the beam
failed because of lateral buckling, causing gradual strength deterioration. However, it is
noteworthy that the structural performance is enhanced considerably compared to that of a
bare steel beam. The superior structural performance stems from the rotational restraint
provided by the folded roof plate. This trend reinforces the inference that the restraint from
the folded roof plate improves the structural performance of beams that fail because of
lateral buckling.

(a) (b) 

M 

θ 
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θ 

Figure 14. Cyclic behavior of an I-shaped beam assembled with a folded roof plate: (a) No. 1; (b) No. 2.

For a better understanding of sensor output, the cyclic hysteresis curve is converted to
a skeleton curve. Figure 15 presents the procedure used to draw the skeleton curve. This
procedure is identical to that used for earlier research [77]. Figure 15a portrays the hysteresis
curve, Figure 15b is the cumulative hysteresis curve, and Figure 15c is the skeleton curve.
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The hysteresis loop of a steel member can be decomposed into the skeleton part (drawn
with bold lines), the Bauschinger part (drawn with dashed lines), and the elastic unloading
part (drawn with dotted line). The skeleton part is defined as a part in which the steel
member experiences stress for the first time. The Bauschinger parts are areas other than the
elastic unloading part.
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Figure 15. The procedure used to draw the skeleton curve: (a) hysteresis curve; (b) cumulative
hysteresis curve; (c) skeleton curve.

Figure 16 presents the ultimate state of the folded steel plate attached to the specimen.
As expected from the preliminary analysis, the buckling deformation became especially
pronounced at the connection part. Therefore, the piezoelectric sensor captured the buckling
deformation, as presented in Figure 16b.

 
(a) (b) 

Figure 16. Ultimate state of the folded steel plate: (a) deformation on the whole part; (b) zoomed
image of the sensor.

Figure 17 exhibits the skeleton curve and the sensor output at the respective measure-
ment steps. In the initial phase, the significant sensor output was not visible because the
out-of-plane deformation did not increase in the small loading amplitude. Instead, the
piezoelectric sensor began to present a spike when the beam reached the ultimate state. It
seems reasonable that the deformation of the folded steel plate increases after the sidesway
of the beam. Therefore, damage detection of the piezoelectric sensor is primarily effective
for verifying the possibility of buckling origination and the degradation of the restraint
performance of folded roof plates.

3.4. Practical Applications and Future Research

The outcomes of this research emphasize the applicability of piezoelectric sensors
for structural damage detection. Piezoelectric sensors are placed on the non-structural
components, and the users can prepare a PC to detect the output voltage. In case the
voltage exceeds the threshold, the alerting emails can be distributed to the building owners
and users.
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Figure 17. Skeleton curve and output of the piezoelectric sensor: (a) positive (No. 1); (b) negative
(No. 1); (c) positive (No. 2); (d) negative (No. 2).

The configurations concerned in this research are limited to rectangular concrete slabs
and thin steel plates. In contrast, the behavior of piezoelectric sensors attached to thick
steel plates or circular rods has remained unclear. Further experimental study is necessary
to broaden the application of this sensor.

All the loading tests reported in this paper were carried out statically. Therefore, a
proper understanding of behavior under dynamic conditions is inevitable. Based on shak-
ing table tests, a simplified system to monitor and alert building damage will be reported
and verified for future research. Furthermore, the minimum degree of damage initiation
will be quantified by comparing the measured physical quantities and voltage output.

4. Conclusions

This study was conducted to elucidate the applicability of a piezoelectric sensor for
damage detection in secondary building components. The first half of the paper presented
findings for a concrete slab, exhibiting rapid crack origination and expansion. The latter
half described results for a folded roof plate, with bracing against torsional deformation of
the I-shaped beam. A cyclic loading test and preliminary analysis were described for both
components to elucidate the piezoelectric sensor behavior. A summary of the findings is
presented below.

(1) The optimal sensor location for the concrete slab was determined to be beside the
embedded position of the shear connector. That position in the case of the folded roof
plate was found to be around the bolt connection.

(2) The piezoelectric sensor produced a prominent output when the concrete crack
penetrated the sensor. Unlike standard strain gauges, the piezoelectric sensor can
detect damage occurrence several times, which is a preferable characteristic for
long-term monitoring.

(3) The piezoelectric sensor detected the forced deformation of a folded roof plate by
beam torsion, thereby demonstrating the applicability of monitoring lateral buckling
origination during the cyclical application of stress.

The application of piezoelectric sensors on the non-structural components possesses
the potential to realize a novel scheme of structural health monitoring. The sensor output
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during the seismic event needs to be checked from the dynamic perspective through
the experiment.
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Abstract: This paper examines and provides a robust solution to the problem of yield and failure
curvatures of reinforced concrete (RC) cross-sections, taking into account cracking. At the same
time, it calculates the corresponding necessary reinforcement or the moment of resistance in both
yield and failure limit states. Computationally, the problem of determining the actual curvatures is
reduced to the bending design problem of the cross-section in the yield and failure limit states. This
study shows the researcher and the designer how to systematically calculate the strains for different
concrete and steel grades and for standard or random cross-sections. This complex process is quite
necessary to determine the respective curvatures. The main concept is presented with an emphasis
on the “solution regions” as well as the critical cases of the “asymptotic regions”, both in yield and
failure limit states. Our wide-ranging research on RC element design under biaxial bending with
axial force for both yield and failure limit states has been completed and validated via sophisticated
algorithms and is available for publication.

Keywords: curvature; ductility; yield; failure; moment of resistance; reinforcement; bending; design

1. Introduction

The yield and failure curvatures, as well as the respective stiffnesses, depend on
cross-section geometry, the amount and distribution of reinforcement, the reinforcement
material properties, the concrete material properties, and the axial forces. The large relative
displacements of the column heads in relation to their bases, and therefore those displace-
ments of the associated diaphragms, significantly increase the characteristic periods of the
building, thus resulting in low seismic accelerations. This fact is very important for the
structural robustness of the building, especially when checking the resistance of an existing
building structure to an earthquake.

Many researchers dealt with the specific problem in the past. Chen and Hsu [1] developed
a semi-empirical formula for the curvature ductility of doubly reinforced beam sections, which,
via performance-based design, takes into account the effect of reinforcement ratios as well as
the reinforcement and concrete strengths. Hernández-Montes et al. [2] related the curvature
ductility capacity of cross-sections designed with optimal reinforcement to those with symmetric
reinforcement, for both unconfined and confined concrete cases, under varying axial loads,
gross section area, and concrete strength. Chandrasekaran et al. [3] developed a closed form
solution to estimate the curvature ductility of RC elements under service loads, considering
the nonlinear characteristics of constitutive materials and the reinforcement ratios as required
by Eurocodes. Arslan and Cihanli [4] produced a formula predicting the curvature ductility of
reinforced high-strength concrete beams based on the parametric study of experimental results
to evaluate the effects of various structural parameters. Lee [5] provided a prediction formula
for the curvature ductility factor of doubly reinforced beam sections, taking into account the
concrete strength, the tensile yield strength of steel, and the compressive ultimate strength of
steel. Laterza et al. [6] performed an efficiency study of codal detailing rules for reinforcement

Buildings 2024, 14, 826. https://doi.org/10.3390/buildings14030826 https://www.mdpi.com/journal/buildings24
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design of primary columns and beams within the critical regions by comparing the codal design
results to the measured curvature ductility. By examining the effects of spectral acceleration and
a strong column factor, Zhou et al. [7] provided an empirical model in the form of a quantitative
relationship between the curvature ductility demands of columns and the global displacement
ductility demands of frame structures. Baji and Ronagh [8] developed a probabilistic method
used to calculate curvature ductility by means of the central limit theorem, considering the
specific behavior of the moment redistribution factor with respect to curvature ductility and
plastic hinge length. Research on biaxial bending by Breccolotti et al. [9] produced a formula
for the curvature ductility of reinforced short columns of varying section geometry, neutral
axis direction, reinforcement ratios, and axial forces. Kollerathu [10] proposed an equation to
evaluate and compare the curvature ductilities of reinforced masonry and RC walls, as a result
of diagrams of flexural strength versus curvature. Recently, Foroughi and Yuksel [11] developed
a predictive formula for the curvature ductility of doubly-reinforced beams by performing a
numerical parametric study.

Finding the actual curvatures, both in yield and failure states, requires the calculation
of concrete strain and steel strain under axial force and bending moment (or equivalently,
reinforcement), an extremely complex computational problem with a wide range of so-
lutions. Calculation tables were also used in the past, but they were available in failure
states only and usually for specific materials. Nowadays, due to the variety of available
materials and the demand for checking the actual strength and possibly retrofitting existing
buildings, the design in limit states also becomes imperative. This is the reason for our
extensive research to find a robust theoretical solution to the bending design problem, both
in yield and failure limit states, a part of which is presented in this article.

2. Column Limit States

2.1. Column in Yield Limit State

Figure 1 presents an exaggerated model of a column in the yield limit state. Flexural cracks
are perpendicular to the axis of the bar, while shear cracks have an inclination of 45◦ to 60◦ to
the axis of the bar. Here, δ1 is the displacement due to shear, which is linear and does not affect
the curvature, and δ2 is the displacement due to crack causing bending at the yield limit state.

Figure 1. Column in yield limit state (not to scale).
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Considering a differential length ds of the column at the side of its cross-section, the
inner fiber compresses and shortens by ds·εc, while the outer fiber stretches and expands
by ds·εs1. Then, the resulted differential central angle dθ is as follows:

dθ = ds·(εc + εs1)/d and dθ = ds/R (1)

Equation (1) yields the following:

ds/R = ds·(εc + εs1)/d → ϕy = 1/R = (εc + εs1)/d (2)

where ϕy represents the actual yield curvature [12].
Note that in the yield state, it must be εc ≤ εc2 and εs1 ≤ εyd, where the yield strain for

at least one of the two materials, either εc of the concrete or εs1 of the steel, has been reached.

2.2. Column in the Failure Limit State

The physical behavior of a column functioning in a failure limit state is represented
in Figure 2 through the only possible observational method, which is the experimental
one. The experiment, which was part of the “Anti-Seismic Thoraces” tests, took place
in 1998 in the NTUA’s Reinforced Concrete Laboratory under the auspices of Professor
Theodosios Tassios. It is evident that the column failure takes place in relatively small
regions at the ends, while the rest of the column is in a yield state (marginal yielding with
cracking) [12,13].

Figure 2. The way to create a plastic joint at the two ends of a node due to strong alternating tension
(Tests of “Anti-Seismic Thoraces”—Reinforced Concrete Laboratory, NTUA).

Figure 3 presents an exaggerated model of a column in the failure limit state. Flexural
and shear cracks are apparent at the critical end regions of the column, while along the rest
of the body, they remain similar to the yield limit state case.
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Figure 3. Column in the failure limit state with plastic joints at both ends (not to scale).

The failure curvatures ϕu are calculated in exactly the same way as the yield limit
state, as follows:

ϕu,j = 1/Rj = (εc + εs1)/d, j = 1, 2 (1 = head, 2 = base) (3)

When the reinforcement of the head and base is the same, as is generally the case,
then ϕu,1 = ϕu,2 = ϕu. Note again that in the failure state, it must be εc ≤ εcu2 and εs1 ≤ εud,
where the failure strain of at least one of the two materials, either εc of the concrete or εs1 of
the steel, has been reached.

2.3. Example: Calculation of Limit State Curvatures

Let us consider a fixed–fixed support column of height h = 3.0 m under axial force
Nd = −800 kN (see Figure 1). The cross-section is 400 mm × 400 mm, fck = 30 MPa, γc = 1.50,
fyk = 500 MPa, γs = 1.15, εsu = 20‰, and K = 1.0 with d1 = d2 = 50 mm. The applied
reinforcement is 4Φ20 + 4Φ14 (=1860 mm2, ρ = 1.16%). It is considered that 50% of the total
reinforcements are placed at the corners, while the rest are distributed along the sides (see
Figure 4).

Figure 4. Column cross-section with its reinforcement and corresponding model for bending design.
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Required: the yield curvatures ϕ = 1/R and the moments of resistance MRd at the
limit state:

(1) Yield limit y.
(2) Failure limit u.

2.3.1. Calculation of Yield Curvature

The uniaxial bending design of the cross-section yields x = 187.5 mm, MRd,y = 185 kN·m,
εc = 2.0‰, and εs1 = 1.734‰. Hence, Equation (2) provides the yield curvature as follows:

ϕy = (2.0 + 1.734)× 10−3/(0.40 − 0.05) = 10.67 × 10−3/m → Ry = 94 m

The respective elastic curvature (without cracks) at the base of the column is provided
by the relation as follows:

ϕe = 1/R = MRd,y/(E·I)
According to Eurocode 2 [14], §3.1.2(3), it is fcm = fck + 8 = 38 MPa and E = 22 ×

(fcm/10)0.3 × 103 = 32.8 GPa, so E·I = 32.8 × (0.4 × 0.43/12) = 70.0 × 103 kN·m2. Substituting,
we get:

ϕe = 185/
(

70.0 × 103
)
= 2.64 × 10−3/m → Re = 379 m

Therefore, it is:

ϕy/ϕe = 10.67 × 10−3/2.64 × 10−3 =4.04,

which is very important for determining the effective stiffness of a column according to
Eurocode 8 [15], §4.3.1(6, 7).

2.3.2. Calculation of Failure Curvature

The uniaxial bending design of the cross-section yields x = 156.1 mm, MRd,u = 219 kN·m,
εc = 3.5‰, and εs1 = 4.35‰. Hence, from Equation (3), the failure curvature is as follows:

ϕu = (3.5 + 4.35)× 10−3/(0.40 − 0.05) = 22.42 × 10−3/m → Ru = 45 m

Similarly to the yield state case, the elastic curvature is as follows:

ϕe = 219/
(

70.0 × 103
)
= 3.13 × 10−3/m → Re = 320 m

Therefore, it is:

ϕu/ϕy = 22.42 × 10−3/10.67 × 10−3 = 2.10 and ϕu/ϕe = 22.42 × 10−3/3.13 × 10−3 = 7.16.

3. Equilibrium of Internal and External Forces

The following relations are derived from Figure 5:

x = d·εc/(εc + εs), εc = εs·x/(d − x), εs = εc·(d − x)/x, εs2 = εc·(x − d2)/x (4)

kF = αcc· fcd·b, Fc = kF·x·α, zc = x·κ (5)

Fs1 = As1·σs1, Fs2 = As2·σs2 (6)

There are two basic equations balancing the internal forces with the external forces of
a cross-section under uniaxial bending with axial force (see Figure 5):

(a) Equilibrium equation of the forces Fs1, Fc, and Fs2 with the axial force Nd

Fs1 − Fc − Fs2 = Nd (7)
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(b) Equilibrium equation of the moments of the forces Fc and Fs2 with the bending
moment Md in the cross-section center and the moment of axial force Nd

Md − Nd·zs1 = Fc·(d − zc) + Fs2·(d − d2) (8)

Figure 5. External and internal forces in a cross-section under uniaxial bending with axial force.

Using the Relations (4)–(6), Equations (7) and (8) transform into:

As1·σs1 = As2·σs2 + Fc + Nd (9)

Md = Fc·(d − zc) + As2·σs2·(d − d2) + Nd·zs1 (10)

If ρ1 = As1/Ac and ρ2 = As2/Ac, so ρ2/ρ1 = As2/As1 and As2 = As1·ρ2/ρ1, then
Equations (9) and (10) can be written as follows:

As1 = (Fc + Nd)/
(

σs1 − ρ2

ρ1
·σs2

)
(11)

Md = Fc·(d − zc) + As1·ρ2

ρ1
·σs2·(d − d2) + Nd·zs1 (12)

It is emphasized that the axial force Nd always has a given value, independent of the
above relations.

The system of Equations (11) and (12) has three unknown variables in the correspond-
ing problem, that is, εc, εs, and As1 or Md. Therefore, the system solution requires additional
conditions to be set, as follows:

• First condition: the reinforcement ratio ρ2/ρ1 is provided.
• Second condition: either εc or εs should be in the limit state.

These two conditions, under certain assumptions, can replace the third equation.
Nevertheless, the solution is rather difficult, especially in the failure state, due to numerous
and complex combinations. The difficulty could be removed by using the trial solution
method. However, this process would require the determination of the solution boundaries,
which is also a quite complex problem.

4. Solution Regions in the Yield Limit State

The regions comprising possible solutions in the yield limit state are presented in
Figure 6.

Let ρ2/ρ1 be the ratio of the compressive to the tensile reinforcement. For any given
value of the ratio ρ2/ρ1, there is a characteristic case having compression zone depth x01
(see Figure 6), where the denominator of Equation (11) becomes zero. That is
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σs1 − ρ2

ρ1
·σs2 = 0 →

σs1︷ ︸︸ ︷
Es·εs1 − ρ2

ρ1
·

σs2︷ ︸︸ ︷
Es·εs2 = 0 → εs1 =

ρ2

ρ1
·εs2

Taking into account Equation (4), the above relation can be written as

εs1︷ ︸︸ ︷
εc·(d − x01)/x01 =

ρ2

ρ1
·

εs2︷ ︸︸ ︷
εc·(x01 − d2)/x01 → x01 =

(
d +

ρ2

ρ1
·d2

)
/
(

1 +
ρ2

ρ1

)
(13)

Thus, at location 01, corresponding to compression zone depth x01 provided by
Equation (13), both tensile reinforcement As1 and bending moment Md will be infinite
(see Equations (11) and (12)). Let us name this location existing in the yield limit state
“Asymptotic Location”.

Figure 6. Permissible strain distributions in the yield limit state.

5. Solution Regions in the Failure Limit State

The regions comprising possible solutions in the failure limit state are presented in
Figure 7. Region 1, where the steel reaches its failure limit [A], and region 2, where the
concrete reaches its failure limit [B], are divided to subregions 1a, 1b and 2a, 2b respectively.
Along the boundaries 2′′A and 1′′B, both Md and As1 tend to infinite values.

Figure 7. Permissible strain distributions in the failure limit state.

For ρ2/ρ1 = 1, the denominator of Equation (11) is written as dσ = σs1 − σs2.
By observing the strain distributions in Figure 7, the following conclusions can

be drawn:
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(1) The boundary 1′′B of the subregions 2a and 2b, has εs1 = εyd → σs1 = fyd and εc = εcu2.
Since it is usually εs2 ≥ εyd → σs2 = fyd, we have dσ = σs1 − σs2 = fyd − fyd = 0.

(2) To the left of location 1′′B will continue to be dσ = 0 until the specific location 01 with
εs1 = εs2.

From the last of Equations (4), for εs2 = εyd and εc = εcu2, the compression zone depth
at location 01 is as follows:

εyd = εcu2·(x01 − d2)/x01 → x01 = d2·εcu2/
(
εcu2 − εyd

)
(14)

Thus, for the subregion extended between locations 1′′B and 01, corresponding to
compression zone depths x01 provided by Equation (14), both the bending moment Md and
the tensile reinforcement As1 will be infinite (see Equations (11) and (12)). Let us name this
region existing in the failure limit state for ρ2/ρ1 = 1 “Asymptotic Region”. Notice that this
asymptotic region is independent of the concrete class.

6. Application: The “Typical Rectangular Section” in Limit States

Consider a structural element made of C30/37 concrete and B500 steel with a 300 mm
× 550 mm rectangular cross-section, as shown in Figure 8.

Figure 8. A typical rectangular section.

Provided:
b = 300 mm, h = 550 mm, d2 = 50 mm, d1 = 50 mm,

fck = 30 MPa, γc = 1.50, acc = 0.85, εc2 = 2.0‰, εcu2 = 3.5‰,

fyk = 500 MPa, γs= 1.15, Es = 200 GPa (for steel grades B500a,b,c)

Derived:
d = h − d1 = 500 mm, zs1 = h/2 − d1 = 0.225 m

fcd = fck/γc = 20.0 MPa, kF = acc·b·fcd = 0.85·0.30·20.0·103 = 5100 kN/m,

fyd = fyk/γs = 500/1.15 = 434.78 MPa, εyd = fyd/Es=434.78/(200 × 103) = 2.174‰

For εc = εc2 = 2‰, it is α = 0.6667 and κ = 0.375, while for εc = εcu2 = 3.5‰, it is α = 0.8095
and κ = 0.416.

For B500c steel grade, εud = 20‰ with K = 1.0 is used in the simplified stress–strain
diagram, while εud = 67.5‰ is used with K = 1.15 in the exact stress–strain diagram.
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6.1. Yield Limit State

Using the regions for the yield limit state presented in Figure 6, we form Figure 9
for the “typical rectangular cross-section”, where the strain-based region boundaries and
the corresponding compression zones are clearly illustrated. We define the origin of the
compression zone as the outermost upper fiber of the cross-section, while xij represents
the compression zone depth corresponding to the location ‘ij’. For practical representation
reasons, we consider the cross-section to lie horizontally.

Figure 9. Strain-based region boundaries and corresponding compression zones in the yield limit
state for the “typical rectangular section”.

6.1.1. Strain and Curvature Diagrams in the Yield Limit State

The diagrams of strain εc, εs and the corresponding yield curvatures ϕy are shown in
Figure 10. These values are independent of the axial force Nd and the reinforcement ratio
ρ2/ρ1.

Figure 10. Strain diagrams and corresponding yield curvatures for the “typical rectangular section”.
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The compression zone depth is presented on the diagrams in millimeters up to a depth
of h = 550 mm, and thereafter in meters on a logarithmic scale. In practice, the values of As1
and Md are required in each characteristic case of the cross-section with respect to x. These
values, as obtained from Equations (11) and (12), depend on both the reinforcement ratio
ρ2/ρ1 and the axial force Nd.

6.1.2. Asymptotic Location in Yield Limit State for ρ2/ρ1 = 1

For ρ2/ρ1 = 1, Equation (13) yields:

x01 = (500 + 1 × 50)/(1 + 1) = 275 mm and (d − x01)/x01 = 0.818.

Since the concrete reaches its critical value in this case (i.e., εc = εc2 = 2.0‰), Equation (4)
yield a tensile strain value for steel εs1 = 2.0‰ × 0.818 = 1.636‰. On the other hand,
for εc = εc2 = 2‰, it is α = 0.6667 and κ = 0.375 (see Section 6). Consequently, from
Equation (5) the compressive force Fc received by the concrete is Fc = kF·x01·α = 5100 ×
0.275 × 0.6667 = 935.0 kN.

6.1.3. Solution Nomogram in Yield Limit State for ρ2/ρ1 = 1

The method of reinforcement with As2 = As1 (i.e., ρ2/ρ1 = 1) is used in cases where
significant axial forces are exerted mainly on columns and/or in cases of beams with special
anti-seismic requirements that entail high plasticity requirements [16].

Figure 11 presents a solution nomogram in the yield limit state for ρ2/ρ1 = 1, in the
form of paired diagrams (Md, As1) corresponding to different compression zone depths x
and axial forces Nd. The asymptotic location here stands for x01 = 275.0 mm, and therefore,
region II is divided into two subregions (see Figure 9). For this case, it is εc = 2.0‰ and
Fc = 935.0 kN (see results in Section 6.1.2).

Figure 11. Paired diagrams (Md, As1) corresponding to compression zone depths x and axial forces
Nd in yield limit state for the “typical rectangular section” and ρ2/ρ1 = 1.
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At each position x, there is a specific pair (As1, Md) calculated from Equations (11) and (12).
For example, for bending moment Md = 200 kN·m and axial force Nd = 0 kN, the steel
reaches the yield state first, so the required tensile reinforcement is As1 = 1028 mm2 (see
Figure 11). The respective compression zone depth is found to be x = 153.0 mm, resulting
in strains εc = 0.958‰ and εs = 2.174‰, clearly indicating that the steel has reached its yield
point (see Figure 10). Then, Equation (2) provides the yield curvature (also presented in
Figure 10).

ϕy = (0.958 + 2.174)× 10−3/(0.55 − 0.05) = 6.26 × 10−3/m.

6.2. Failure Limit State

Using the regions for the failure limit state presented in Figure 7, we form Figure 12
for the “typical rectangular cross-section” where the strain-based region boundaries and
the corresponding compression zones are illustrated. In any algorithmic process adopted,
the region boundaries should be first determined, because the upper and lower bounds of
x and the corresponding values of the non-critical strain of the steel or concrete are needed.
In the case of an accurate stress–strain diagram of the steel, for example, for εud = 67.5‰
and K = 1.15, the region boundaries A2” and AB change significantly, but the calculation
process remains the same. Furthermore, such differences in reinforcement design values
are trivial in practice.

Figure 12. Strain-based region boundaries and corresponding compression zones in the failure limit
state for the “typical rectangular section”.

6.2.1. Strain and Curvature Diagrams in the Failure Limit State

The diagrams of strain εc, εs and the corresponding failure curvatures ϕu state are
presented in Figure 13. For comparison reasons, the corresponding yield curvatures ϕy
are also shown. Notice that all values are independent of the axial force Nd and the
reinforcement ratio ρ2/ρ1. The compression zone depth x is given in millimeters up to the
total depth of h = 550 mm, and from there on, in meters on a logarithmic scale. In practice,
the values of As1 and Md are required at each characteristic location of the cross-section
with respect to x. These values, obtained from Equations (11) and (12), depend on both the
reinforcement ratio ρ2/ρ1 and the axial force Nd.
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Figure 13. Strain diagrams and corresponding curvatures in the failure limit state for the “typical
rectangular section”.

6.2.2. Asymptotic Region in Failure Limit State for ρ2/ρ1 = 1

Equation (14) gives x01 = 50 × 3.5/(3.50 − 2.174) = 132.0 mm, while Equation (5) give
the force Fc = 5100 × 0.132 × 0.8095 = 544.9 kN received by the concrete at the location 01.

Equation (4) give x1′′B = 500 × 3.5/(3.5 + 2.174) = 308.4 mm, while Equation (5) give the
force Fc = 5100 × 0.3084 × 0.8095 = 1273.2 kN received by the concrete at the location 1′′B.

Thus, Equation (11) maintains a zero denominator throughout the interval between
x01 = 132.0 mm and x1′′B = 308.4 mm.

6.2.3. Solution Nomogram in Failure Limit State for ρ2/ρ1 = 1

Figure 14 presents a solution nomogram for ρ2/ρ1 = 1, in the form of paired diagrams
(Md, As1) corresponding to different compression zone depths x and axial forces Nd. At each
position x, there is a specific pair (As1, Msd) calculated from Equations (11) and (12). The
diagram comprises the areas of dominant bending on the left and the areas of dominant
compression on the far right. A multiple solution area is also apparent in the middle,
theoretically extending to infinity. It should be pointed out that in our case, with ρ2/ρ1 = 1,
there are two asymptotic boundary locations (in the sense of zeroing the denominator of
Equation (11)), that is, 01 and 1′′B, as determined in Section 6.2.2. Consequently, region 2a
is divided into two subregions (AB, 01) and (01, 1′′B) (see Figures 7 and 12).
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Figure 14. Paired diagrams (Md, As1) corresponding to compression zones x and axial forces Nd in
the failure limits state for the “typical rectangular section” and ρ2/ρ1 = 1.

6.2.4. Indeterminacy or Multiple Solution Region in Failure Limit State

This region extends between the two asymptotic locations 01 and 1′′B, corresponding
to compression zone depths x01 = 132 mm and x1′′B = 308.4 mm, respectively (see Figure 14).

By relating those to the respective forces, we can say that a cross-section is in the
indeterminacy region when stressed by axial forces of 544.9 kN ≤ Nd ≤ 1273.2 kN (see
results in Section 6.2.2).

In this region, it is σs1 = σs2. Thus, Equation (11) gives indeterminacy As1 = ∞ for
Fc �= −Nd and an infinite number of solutions for Fc = −Nd. For each Nd in the region,
there is a certain x that gives Fc = −Nd. This location has x = Fc/αcc· fcd·b·α, and the force
Fc is exerted at the position zc = x·κ (where α = 0.8095 and κ = 0.416 because εc = εcu2 =
3.5‰—see values in Section 6). Furthermore, the tensile strain is εs1 = εc·(d − x)/x, while
the force is Fs2 = As2·σs2 = As1· fyd.

Since Fc = −Nd, ρ2/ρ1 = 1, and σs2 = σs1 = fyd, Equation (12) yields:

Md = As1· fyd·(d − d2)−Nd·(d − zc − zs1) (15)

Notice that Equation (15) directly relates As1 to Md. So, when Md is given in a problem,
As1 is uniquely calculated, while when As1 is given, Md is uniquely calculated.

Remark: In the multiple solution region, all pairs (Md, As1) having the same Nd
correspond to the same x, implying the same strains εs1 and εc and, hence, constant failure
curvatures ϕu.

6.2.5. Application in Failure Limit State for ρ2/ρ1 = 1 and Nd = −1000 kN

It is x = 1000/(0.85 × 20 × 103 × 0.30 × 0.8095) = 0.2422 m, zc = 0.2422 × 0.416 = 0.101 m, εs1
= 3.5 × (0.50 − 0.2422)/0.2422 = 3.73‰, εc = 3.5‰, and ϕu = (3.5 + 3.73)/0.50 = 14.46‰/m.
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For As1 = As2 = 0 (when reinforcement is barely required), Equation (15) yields Md = 0
+ 1000 × (0.50 − 0.101 − 0.225) = 174 kN·m. That is, for axial force Nd = −1000 kN and
moment Md ≤ 174 kN·m, no reinforcement is required.

For As1 = As2 = 7000 mm2 (selection of maximum reinforcement value As1 in Figure 14),
Equation (15) yields Md = 7000 × 10−6 × 434.78 × 103 × (0.50 − 0.05) + 1000 × (0.50 −
0.101 − 0.225) = 1544 kN·m.

For Md = 800 kN·m, inverted Equation (15) yields As1 = [800–1000 × (0.50 − 0.101 −
0.225)]/[434.78 × 103 × (0.50 − 0.05)] = 3.200 × 10−3 m2 = 3200 mm2. Hence, the solution
is determined as a pair (800, 3200) from the infinite number of pairs of specific solutions on
the line Nd = −1000 kN.

7. Conclusions

• The influence of cracking on the curvature of RC elements is significant in relation to
the corresponding elastic curvature, even in the yield state, so the corresponding yield
stiffness is significantly smaller than the elastic stiffness.

• For specific flexural reinforcement, the yield curvature is much smaller than the failure
curvature, while the yield moment of resistance is of the same order of magnitude as
the failure moment of resistance.

• During the bending design of a cross-section in the failure limit state, there is an
extended region of compressive axial forces where the curvature is practically constant
regardless of the acting moment. Then, for any given axial force, the necessary flexural
reinforcement is derived from the acting moment based on a first-order equation.

• It is proposed that the design process should take place in the following order:

(a) Calculate reinforcement in the failure state.
(b) Choose and apply reinforcement.
(c) Calculate failure curvatures ϕu, yield curvatures ϕy, and elastic curvatures ϕe.
(d) Estimate curvature ductilities from the ratios ϕu/ϕy and/or ϕu/ϕe.
(e) Determine effective stiffness and resolve.
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Nomenclature

The following symbols are employed in this paper:

As total reinforcement
As1 tensile reinforcement
As2 compressive reinforcement
αcc long-term effects factor
b beam width
c ratio of compressive reinforcement to tensile reinforcement
d beam effective depth
d1 tensile reinforcement cover
d2 compressive reinforcement cover
E concrete modulus of elasticity
Es steel modulus of elasticity
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Fc concrete compressive force
Fs1 tensile reinforcement force
Fs2 compressive reinforcement force
fck concrete compressive strength
fcm concrete mean compressive strength
fyk steel yield strength
fcd concrete design strength
fyd steel design strength
h beam height
I cross-section moment of inertia
K strain hardening coefficient (ductility property)
kF concrete compressive force coefficient
Md bending moment acting in the cross-section center
Msd bending moment acting in the tensile reinforcement position
Nd axial force acting in the cross-section center
Re radius of elastic curvature
Ry radius of yield curvature
Ru radius of failure curvature
x compressive zone depth distance of the outermost upper fiber from the neutral axis
xij compressive zone depth corresponding to the “ij” location
x01 compressive zone depth corresponding to the asymptotic location
zc distance of the outermost upper fiber from the concrete compression center
zs1 distance of the tensile reinforcement position from the cross-section center
α distribution factor of concrete compressive force
γc concrete safety factor
γs steel safety factor
δ1 yield state displacement due to shear
δ2 yield state displacement due to bending
εc concrete strain
εc2 concrete yield strain
εcu2 concrete ultimate strain
εs steel strain
εs1 tensile reinforcement strain
εs2 compressive reinforcement strain
εsu steel ultimate strain
εud steel design ultimate strain
κ position factor of concrete compressive force
ρ1 tensile reinforcement percentage
ρ2 compressive reinforcement percentage
σs1 tensile reinforcement stress
σs2 compressive reinforcement stress
ϕe elastic curvature
ϕy yield curvature
ϕu failure curvature
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Abstract: This research describes an in-depth analysis of the flexural strength of a strengthened
AASHTO Type III girder-deck system with debonding-damaged strands based on the finite element
software ABAQUS 6.17. To investigate the stand-debonding impact and retrofit, two strengthening
techniques by the separate use of carbon fiber-reinforced polymer (CFRP) and steel plate (SP) were
proposed. A detailed finite element analysis (FEA) model considering strand debonding, material
deterioration, and retrofitting systems was developed and verified against relevant experimental data
obtained by other researchers. The proposed FEA model and the experimental data were in good
agreement. The sensitivity of the numerical model to the mesh size, element type, dilation angle
and coefficient of friction was also investigated. Based on the verified FEA model, 156 girder-deck
systems were studied, considering the following variables: (1) debonding level, (2) span-to-depth
ratio (L/d), (3) strengthening type, and (4) strengthening material amount. The results indicated that
the debonding level and span-to-depth ratio had a major effect on both load–deflection behaviors
and the ultimate strength. The relationships between the enhancement of the ultimate strength and
the thickness of the strengthening material were obtained through regression equations with respect
to the CFRP- and SP-strengthened specimens. The coefficient of determination (R2) was 0.9928 for
the CFRP group and 0.9968 for the SP group.
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1. Introduction

Prestressed concrete (PC) superstructures have been constructed in large numbers
over the past several decades in the United States, particularly in the field of highway
bridge girders with long spans. However, many existing highway bridges, particularly
those near industrial facilities, experience large deflection issues caused by overloaded
trucks or an increase in traffic density. Owing to the accumulative damage, large girder
deflections and cracks result in bond reduction in the presence of an adequately large
mechanical force. Over time, under frequent overloads, the bond between the strands and
the surrounding concrete at critical bending sections deteriorates, which eventually results
in debonding across the span section. Harries et al. [1] summarized the sources and types
of observed damage for prestressed concrete girders. Almost all the cases were related to
strand bonds. Strand bonds are unique interactions between prestressed steels and the
surrounding concrete. Poor strand bonds cannot ensure that the strand and surrounding
concrete function as a composite material with external loading [2]. FRP materials have
many advantages over traditional repair materials in terms of their superior mechanical
and chemical properties and easy constructability [3]. Additionally, it has been proven
that bonded-steel plate strengthening is faster than other reinforcement methods and has
a higher modulus of elasticity and ductility. Therefore, steel plates are considered as an
effective strengthening technique.

For PC structures, many researchers [4–8] have developed bond-slip models based
on the typical bond-slip relationship provided by the CEB-FIP Model Code [9]. Wang [8]
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explained that the mechanism of bond failure is such that the bond strength and stiffness
are the result of the adhesive force only under self-weight after strand release. When
a PC member experiences an overload, the adhesive force gradually disappears. The
surrounding concrete subsequently induces a friction force and mechanical interlocking
force at the strand–concrete interaction. With an increase in the external overload, local
crushing occurs, and the bond stress gradually decreases until strand bond slip occurs.
Mohandoss et al. [10] described the bond failure mechanism by the force equilibrium at
the strand–concrete interface. Researchers [11,12] demonstrated that the cracking number,
width, and propagation in PC girders are affected by the debonding length and position.
Girders with different bond conditions show a similar load–deflection behavior before the
cracking load. Insufficient bonding results in ductility reduction. The strand debonding
level also affects the cracking load and prestressing loss.

In recent decades, FEA has become a reliable tool for the nonlinear analysis of com-
plex structures. Compared with conventional laboratory tests, FEA can save significant
money on materials and labor. FEA modeling considers both geometrical and material
nonlinearity, which ensures that FEA can handle complex geometries and materials and
provide accurate and detailed solutions. Based on the available literature, many studies in
the field of structural engineering have been conducted using FEA software. Garg et al. [13]
numerically simulated the model of epoxy using cohesive elements at the concrete–CFRP
interface. It was demonstrated that the proposed cohesive element was capable of captur-
ing delamination failure. Qapo et al. [14] presented a 3D nonlinear FEM for PC girders
strengthened with externally bonded CFRP. For the CFRP-to-concrete interface, the bond
zone between the concrete and CFRP was modeled using eight-node plane quadrilateral in-
terface elements, and the bond-slip model developed by Sato and Vecchio [15] was adopted
for modeling the CFRP-to-concrete interface. Arab et al. [16] employed the extrusion
technique to simulate the interface between strands and concrete and was modeled based
on the friction surface-to-surface contact model in the software. Two friction coefficients
(0.7 and 1.4) were used in the study, and the authors discussed their effects on model-
ing results. Kang et al. [17] numerically investigated the mechanical responses of fully
bonded and unbonded post-tensioned concrete members considering the tension stiffening
effect. The unbonded interface was described by frictionless tangential behavior; that is,
node–surface contact. Kang and Huang [18] performed an FEA of post-tensioned concrete
girders with both bonded and unbonded tendons. Three modeling methods were adopted
to model the unbonded and bonded strand conditions: (1) a contact technique that reflects
the actual physical strand conditions in the concrete; (2) a multiple-spring system; (3) a
surface-to-surface contact formulation.

Based on the existing literature, both extrusion and embedment techniques are appli-
cable to simulate the interface between the bonded strands and the surrounding concrete.
The extrusion technique provides more details between the strand and the surrounding
concrete, whereas the embedment technique is efficient in terms of the computational
time. Three techniques can be employed for the contact between the unbonded strands
and concrete. These are contact techniques that reflect actual physical interactions, spring
systems that are more flexible in solving convergence problems, and surface-to-surface
contacts with tangential and normal responses. Surface-to-surface contact is the most
efficient method in terms of the computational cost.

In summary, numerical studies on strengthened PC members with debonding strands
are very limited. Therefore, it is important to develop a reliable FEA model for debonding
prestressed AASHTO Type III girder-deck systems using various strengthening techniques.
This research contributes to structural engineering by providing an in-depth understanding
of the partially debonding prestressed concrete girder-deck system with retrofitting, FEA
models, sensitivity study, and parametric evaluation.
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2. Cross-Section and Strengthening Systems

The prestressed girder-deck systems were designed according to the AASHTO LRFD
Bridge Design Specifications [19]. The girder cross-sectional geometry followed the AASHTO
Type III dimensions provided in the PCI Bridge Design Manual [20].
A 203 mm (8 in) × 1829 mm (72 in) rectangular concrete deck was casted on top of the
girder. Figure 1a shows a CFRP-strengthened section. All the simply supported girder-deck
systems were prestressed with a straight-strand profile. The maximum shear reinforcement
was designed in this system to prevent shear failure before flexural failure.

 
(a) (b) 

Figure 1. Details of specimens: (a) cross-sectional information; (b) strengthening systems.

Each of the girder-deck systems was reinforced with 16 Grade 270 seven-wire low-
relaxation prestressing strands in the bottom flange. Each strand had a diameter of
15.2 mm (0.6 in). An effective prestressing force of 1206 Mpa (175 ksi) after prestress losses
was applied to each strand. The ultimate strength of the strands adopted in the simulations
was 1862 Mpa (270 ksi), the yield strength was 1675 Mpa (243 ksi), the modulus of elasticity
was 198,569 Mpa (28,800 ksi), and Poisson’s ratio was 0.3. In addition, US #4 Grade 60 steel
was used for the non-prestressed reinforcement of both the girder and deck. Four rebars
were placed on the top flange of the girder, and 16 rebars were located at both the top and
bottom of the deck in the longitudinal direction. In the transverse direction of the deck, the
US #4 rebars were spaced 203.2 mm (8 in) apart. To prevent shear failure before flexural
failure, the maximum shear reinforcement in this system was designed with US #5 steel
with a spacing of 152 mm (6 in).

Two strengthening techniques were designed to repair girder-deck systems using
CFRP laminates and steel plates. For the CFRP-strengthened system, a CFRP laminate with
U-shaped anchorages at both ends was externally bonded to the bottom of the concrete. The
CFRP layout is shown in Figure 1b. The CFRP laminate was assumed to be perfectly bonded
to the anchorage regions. A U-shaped CFRP was wrapped around the entire bottom flange
with a width of 305 mm (12 in) located. Epoxy-reinforced composites with the carbon fiber
volume content of 68%, a product of Sika® CarboDur® S, were employed in this study.
The properties of the CFRP laminate, including the elastic behavior and the initiation and
evolution criteria of damage, are described in Section 3.3. For the steel-plate-strengthened
system, Grade 60 steel with the same width as that of the CFRP laminate was attached
to the bottom of the concrete. Steel plates were anchored to both ends. To simplify the
FEA model, the steel plate was considered to be perfectly bonded to the concrete in the
anchored regions. The product Sikadur®-30, whose properties are presented in Section 3.4,
was employed as epoxy resin which was used for attaching strengthening materials to the
concrete. The adhesive layer thickness was 1 mm (0.04 in).

42



Buildings 2024, 14, 902

3. Material Modeling

3.1. Concrete

Concrete in compression is described as an elastic-plastic material with strain softening.
The stress–strain model of concrete in compression proposed by Yang et al. [21] was
employed to describe the compressive behavior of concrete, as shown in Figure 2a. Concrete
stress is assumed to be elastically linear up to 0.4fc′, where fc′ is the ultimate concrete
compressive strength. The modulus of elasticity Ec is a power law of fc′, as expressed in
Equation (1).

Ec = A1
(

f ′c
)a(wc

w0

)b
(1)

where A1 = 8470, a = 1/3, and b = 1.17. wc = 2400 kg/m3 (150 lb/ft3) is the concrete density
and w0 = 2300 kg/m3 (144 lb/ft3) is the reference value proposed by Yang et al. [21].

 
(a) (b) (c) 

Figure 2. Constitutive relationships: (a) concrete in compression and tension [21]; (b) prestressing
strand; (c) non-prestressing steel.

Above 0.4fc′, concrete is considered to be in a plastic stage. The calculation of the
inelastic strain is shown in Equation (2). The plastic behavior of concrete consists of
ascending and descending branches, given by Equation (3). In this equation, β1 determines
the slopes of the nonlinear branch. β1 can be calculated using Equation (4) for both the
ascending and descending segments.

εin = εc − fc

Ec
(2)

fc =

⎡
⎢⎣ (β1 + 1)

(
εc
ε0

)
(

εc
ε0

)β1+1
+ β1

⎤
⎥⎦ f ′c (3)

β1 =

{
0.2e0.73ξ f or εc ≤ εo
0.41e0.77ξ f or εc > εo

(4)

ξ =

(
f ′c
f0

)0.67 (w0

wc

)1.17
(5)

ε0 = 0.0016e240( f ′c
Ec ) (6)

εin is inelastic strain; εc and fc are the strain and stress variables; and ξ is given by
Equation (5) and used to simplify the β1 equations. Yang et al. (2014) set f 0 and w0 to
10 MPa (1.5 ksi) and 2300 kg/m3 (144 lb/ft3). ε0, expressed in Equation (6), is the strain at
concrete maximum strength.
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The tensile stress–strain relationship of concrete was identified using a bilinear model
including the pre-cracking and post-cracking stages, as shown in Figure 2a. The first
segment starts at the origin and ends at the maximum tensile strength, corresponding to
the cracking strain. The second segment is characterized by a simplified linear softening
branch. According to the AASHTO Bridge Design Specifications, for most regular concrete,
the tensile strength can be estimated using Equation (7).

ft = 0.23
√

f ′c (7)

In this study, 10 and 20 times the cracking strain were adopted as the total strain
increments in the post-cracking region for the debonding-damaged and fully bonded PC
girders, respectively. The Poisson’s ratio was taken as 0.2.

3.2. Prestressing Strand and Mild Steel

A 3D solid model was constructed for the strands in ABAQUS. The strands were
meshed using a 6-node wedge element (C3D6). To be compatible with the points of the
surrounding concrete, the cross-section of the strand was partitioned into 16 small triangles.
An effective prestressing stress of 1206 MPa (175 ksi) was applied to the strands by defining
a “predefined field” under a load module. The stress–strain behavior is shown in Figure 2b.
Based on the PCI Design Handbook, this curve can be approximated using Equations (8)
and (9). A yield strength of 1675 MPa (243 ksi) was measured at an elongation of 1%, and
the approximate strain at rupture was 0.07 [20].

εps ≤ 0.0085 : fps = Epsεps (8)

εps > 0.0085 : fps = fpu − 0.04
εps − 0.007

(9)

where εps and fps are the strain and stress in strands, respectively; Eps is the modulus of
elasticity of strand, 198,569 MPa (28,800 ksi); and fpu is the ultimate strength of the strand,
1862 MPa (270 ksi).

For mild reinforcement, the steel rebars were modeled using 2-node truss element
(T3D2). A simplified bilinear elastoplastic model with a yield strength of 413 MPa (60 ksi)
was employed to describe the stress–strain relationship, as shown in Figure 2c. The elastic
behavior of mild steel is defined by its modulus of elasticity, Es. Based on the ABAQUS
User’s Manual [22], ABAQUS approximates the smooth stress–strain behavior of a material
with straight lines. Therefore, it is possible to use a straight line, which is a very close
approximation of the actual material behavior, as the post-yield behavior of non-prestressed
steel. The expressions for the bilinear model are given in Equations (10) and (11).

εs ≤ 0.002 : fs = Esεs (10)

εs ≤ 0.002 : fs = fy (11)

where εs and fs are the strain and stress, respectively; Es is the modulus of elasticity,
200,000 MPa (29,000 ksi); and fy is yield strength, 413 MPa (60 ksi).

3.3. Constitutive Models for Undamaged and Damaged CFRP Laminate

Prior to damage, the CFRP laminate was modeled as a linear elastic orthotropic
material with the constitutive behavior expressed in Equation (12).
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⎡
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where, the nine undamaged elastic constants are defined by Equations (12)–(22).

C0
11 = E1(1 − υ23υ32)Δ (13)

C0
22 = E2(1 − υ13υ31)Δ (14)

C0
33 = E3(1 − υ12υ21)Δ (15)

C0
12 = E1(υ21 + υ31υ23)Δ (16)

C0
23 = E2(υ32 + υ12υ31)Δ (17)

C0
13 = E1(υ31 + υ21υ32)Δ (18)

C0
44 = G12 (19)

C0
55 = G23 (20)

C0
66 = G13 (21)

Δ = 1/(1 − υ12υ21 − υ23υ32 − υ13υ31 − 2υ21υ32υ13) (22)

Epoxy-reinforced composites with a carbon fiber volume content of 68%, the product
of Sika® CarboDur® S, were employed in this study. The main elastic parameters of CFRP
followed the product data sheet of Sika® CarboDur® S, as listed in Table 1.

Table 1. Elastic properties of CFRP laminate.

E1 E2 (E3) G12 (G13) G23 υ12 (υ13) υ23

165 GPa
(23,900 ksi)

11 GPa
(1595 ksi)

5.3 GPa
(769 ksi)

3.9 GPa
(566 ksi) 0.26 0.5

Damage initiation, which is defined as the onset of material degradation at a point,
is modeled on Hashin’s 3D failure criterion. The damage initiation criteria consider the
following four damage initiation mechanisms: fiber tension, fiber compression, matrix
tension, and matrix compression, given by Equations (23)–(26).

Tensile fiber mode σ11 ≥ 0:(
σ11

XT

)2
+

σ2
12 + σ2

13
S2

12
=

{≥ 1 f ailure
< 1 no f ailure

(23)

Compressive fiber mode σ11 < 0:
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(
σ11

XC

)2
=

{≥ 1 f ailure
< 1 no f ailure

(24)

Tensile matrix mode σ22 + σ23 ≥ 0:

(σ22 + σ33)
2

Y2
T

+
σ2

23 − σ22σ23

S2
23

+
σ2

12 + σ2
13

S2
12

=

{≥ 1 f ailure
< 1 no f ailure

(25)

Compressive matrix mode σ22 + σ23 < 0:[(
YC

2S23

)2
− 1

](
σ22 + σ33

YC

)
+

(σ22 + σ33)
2

4S2
23

+
σ2

23 − σ22σ23

S2
23

+
σ2

12 + σ2
13

S2
12

=

{≥ 1 f ailure
< 1no f ailure

(26)

where XT and XC are the tensile and compressive failure strengths in the fiber direction,
respectively; YT and YC are the tensile and compressive failure strengths in the y-direction
(transverse to the fiber direction); and Sij is the shear failure strength in the i-j plane.

The input parameters required for the Hashin damage model in ABAQUS are pre-
sented in Table 2. The CFRP laminate was meshed using an 8-node continuum shell element
(SC8R) with reduced integration, hourglass control, and a finite membrane.

Table 2. Parameters of the Hashin damage model.

XT XC YT YC S12 S23

2800 MPa 1654 MPa 110 MPa 240 MPa 115 MPa 40 MPa
(406 ksi) (240 ksi) (16 ksi) (35 ksi) (16.6 ksi) (5.8 ksi)

3.4. Epoxy Resin

The cohesive element COH3D8, which is widely used in modeling adhesives or
bonded interfaces [23,24], was adopted to model the CFRP–concrete interface. The me-
chanical constitutive response of the cohesive element is defined in terms of the traction–
separation law (model). The traction–separation model in ABAQUS consists of a linear
elastic response followed by the initiation and evolution of damage, as seen in Figure 3.
The elastic behavior in the pre-damage stage can be expressed by Equation (27), in terms of
nominal stress and nominal strain.

t =

⎡
⎣tn

ts
tt

⎤
⎦ =

⎡
⎣Knn 0 0

0 Kss 0
0 0 Ktt

⎤
⎦
⎡
⎣εn

εs
εt

⎤
⎦ = Kε (27)

t and ε are the nominal traction stress vector and nominal strain vector, respectively; K is
the stiffness matrix. If the cohesive layer has thickness Tc, and the stiffness and density of
the adhesive material are Ec and ρc, respectively, the stiffness and density of the interface is
given by Kc = (Ec/Tc) and ρc = ρc Tc, respectively. This is because the default constitutive
thickness for modeling the response in terms of traction versus separation is 1.0, rather
than the actual thickness of the cohesive layer. Therefore, in ABAQUS, Kc and ρc should be
input as the material stiffness and density, respectively.

The damage to the cohesive layer is assumed to be initiated if a quadratic interaction
function involving the nominal stress ratios, as expressed in Equation (28), reaches unity.
Once the damage initiation criterion is fulfilled, the stiffness of the cohesive material
degrades according to the damage evolution law. In this study, the damage evolution was
defined based on the energy conjunction with linear softening, as shown in Figure 3. The
Benzeggagh–Kenane fracture criterion (Equation (29)) was used.

{ 〈tn〉
to
n

}2
+

{ 〈ts〉
to
s

}2
+

{ 〈tt〉
to
t

}2
= 1 (28)
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GC
n +
(

GC
s − GC

n

)(GS
GT

)η

= GC (29)

tn, ts, and tt, respectively, are the normal and shear stresses of the cohesive material; t0
n,

t0
s , and t0

t are the peak value of the corresponding normal and shear stresses; GC
n and GC

s
are the critical fracture energies required to induce failure in normal and shear directions,
respectively; GS = Gs + Gt; GT = Gn + GS; and η is the material parameter set to 1.5.

Figure 3. Typical traction–separation response [22].

The values of the main cohesive layer parameters, summarized in Table 3, were
obtained from the product data sheet of Sikadur®-30, which is a high modulus, high
strength, structural epoxy paste adhesive.

Table 3. Properties of cohesive material.

Elastic Properties Damage Initiation Damage Evolution

En
(GPa)

Es
(GPa)

Et
(GPa)

Tc
(m)

ρc
(kg/m3)

to
n

(MPa)
to
s

(MPa)
to
t

(MPa)
GC

n
(J/m2)

GC
s

(J/m2)
GC

t
(J/m2)

4.5 11.7 11.7 10−3 1650 24.8 16 16 355 280 280

4. Finite Element Modeling

4.1. Element Type, Interaction, Boundary Conditions

C3D8R was adopted considering the computational cost and shear locking. It has
eight nodes and one integration point located at the center of the hexahedral brick element.
A sensitivity study on the effects of different element types (C3D8, C3D8R, C3D20R)
was performed, and discussed in the Sensitivity Study section. A 3D solid model was
constructed for the strands in ABAQUS. The strands were meshed using a 6-node wedge
element (C3D6). For mild reinforcement, the steel rebars were modeled using a 2-node truss
element (T3D2). The CFRP laminate was meshed using an 8-node continuum shell element
(SC8R) with reduced integration, hourglass control. The cohesive element COH3D8, which
is widely used in modeling adhesives or bonded interfaces, was adopted to model the
CFRP–concrete interface. The element types are summarized in Table 4.

Table 4. Summary in element type.

Part Element Type Description

Concrete, Steel Plate,
rigid plate C3D8R • 8-node linear brick, reduced integration

Strands C3D6 • 6-node linear triangular prism
Steel bars T3D2 • 2-node linear displacement

CFRP SC8R • 8-node quadrilateral reduced integration
Epoxy COH3D8 • 8-node cohesive element
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The contact surface between the strands and concrete was simulated using a friction-
governed model that included tangential and normal behaviors. As the transmission
of shear and normal forces occurs across the contact interface, a frictional relationship
exists between the contacting bodies. ABAQUS provides the classical isotropic Coulomb
friction model, as shown in Figure 4, for modeling the tangential forces between the contact
surfaces. The Coulomb friction model links the allowable frictional stress at the interface
to the contact pressure between contacting bodies. According to the basic concept of the
Coulomb friction model, the interface of two contacting bodies can carry shear stresses
of a certain magnitude until they slide relative to each other, which is known as sticking.
The critical transition point from sticking to sliding is determined by the coefficient of
friction μ. Two methods are available in ABAQUS for defining the Coulomb friction model.
The first method involves setting static and kinetic friction coefficients directly under the
assumption that the friction coefficient decreases exponentially from the static status to
the kinetic status. In the second method adopted in this study, the friction coefficient is
defined as a function of the equivalent slip rate and contact pressure. Thus, the friction
coefficient can be set to a non-negative value. Based on the research conducted by Arab
et al. [16], a friction coefficient of 1.4 is suitable for simulating the interaction between
fully bonded strands and surrounding concrete. For the debonding-damaged strands, the
friction coefficient was set to zero, which meant that the strands could slide freely in the
debonding region.

Figure 4. Basic Coulomb friction model [22].

Normal behavior was also defined to prevent strands from penetrating into surround-
ing concrete under overloads. The “hard” contact pressure–overclosure relationships,
which can minimize the penetration of the slave surface into the master surface, were
employed. In this case, the surfaces of the strands and concrete were identified as slave
and master surfaces, respectively.

Owing to the doubly symmetric characteristics of the model, only a quarter of the
girder-deck system was modeled considering the running time reduction, as shown in
Figure 5. Using the z-direction symmetry, the girder-deck system was divided into two
parts, with a plane parallel to the x-y plane. The displacement in the z-direction and
rotation around the x- and y-directions were constrained by a roller support (U3 = UR1
= UR2 = 0). Similarly, using x-direction symmetry, the girder-deck system was cut in a
plane parallel to the y-z plane. The displacement in the x-direction and the rotation around
the y- and z-directions were constrained by a roller support (U1 = UR2 = UR3 = 0). In
addition, the girder-deck system had a roller support that constrained the displacement in
the y-direction (U2 = 0) at the end.

48



Buildings 2024, 14, 902

Figure 5. A quarter of a girder-deck system with BCs.

4.2. Verification of FEA Model

To validate the accuracy of the proposed FEA model, five experimental tests conducted
by other researchers [25–27] were verified. These five tests included two fully bonded
prestressed concrete beams, two prestressed concrete beams with debonding strands, and
one CFRP-strengthened prestressed concrete beam.

EISafty et al. [25] studied prestressed concrete girders that were laterally damaged by
overheight vehicle collisions. The tested half-scale prestressed concrete girder was 20 ft
long with a 4-inch-thick deck on top. Five low-relaxation-grade 270 seven-wire prestressing
strands and three non-prestressed steel bars were used to reinforce the girder. The girder
was loaded with four-point static loading. Ductile flexural failure was observed. The
FEA model was verified using two T-section beams with debonding strands, as tested
by Ozkul et al. [26]. Specimens 10 and 14 were selected for the ABAQUS model. Grade
270 (1862 MPa) seven-wire strands with a yield strength of 1689 MPa (245 ksi) were
used as prestressing reinforcements. Both beams failed with concrete crushing. The
two specimens tested by Meski and Harajli [27] were verified using the proposed FEA
model. Beam UB2-H was used as a control beam. The other beam, UB2-H-F1 with fully
debonding strands, was externally strengthened using a CFRP laminate. The thickness,
modulus of elasticity, ultimate strength, and ultimate strain of the dry fibers were 0.37 mm,
230,000 MPa, 3800 MPa, and 1.7%, respectively. The corresponding values for the fiber–
epoxy composites were 1.0 mm, 95,800 MPa, 986 MPa, and 1.0%. The dimensions of the
CFRP laminates were 150 mm × 1.0 mm. The compressive strengths of UB2-H and UB2-H-
F1 were 42 MPa (6.1 ksi) and 36 MPa (5.2 ksi), respectively. Both beams were prestressed
with Grade 270 seven-wire strands. The failure mode of Specimen UB2-H was identified
by concrete crushing, and the Specimen UB2-H-F1 failed with a combination of CFRP
rupture and debonding.

The experimental data were compared with FEA results, and the results showed good
agreement. The details of the experimental tests and the comparisons of load–deflection
curves between experimental test and FEA can be found in the authors’ other paper [28].
Table 5 and Figure 6 summarize the results of the comparison between the FEA and
experimental tests. It was demonstrated that the FEA model could reasonably predict
the flexural response of a CFRP/steel plate-strengthened prestressed concrete girder-deck
system subjected to strand-debonding damage. Based on the correlation analysis in Figure 6,
the root mean squared error (RMSE) is 2.46 kips.

Table 5. Comparison between exp. and FEA data.

Scholar Test Label Pcr-FEA/Pcr-Exp Pu-FEA/Pu-Exp

EISafty et al. (2012) [25] --- 1.14 1.05

Ozkul et al. (2008) [26]
No.10 1.04 1.1
No.14 1.08 1.08

Meski and Harajli (2013) [27] UB1-H 1 1.1
UB1-H-F1 1.08 1.04
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Figure 6. Comparison of the results obtained from exp. and FEA [25–27].

4.3. Sensitivity Study

The sensitivity of the numerical model was investigated regarding concrete parameters
such as mesh size, element type, and dilation angle. The sensitivity of the model to the
coefficient of friction between the strands and the surrounding concrete was also evaluated.
The girder-deck system tested by EISafty et al. [25] was selected as the control specimen
for the sensitivity analysis. The load–deflection curve, stiffness, and ultimate strength
obtained from the FEA using different values of the above-mentioned parameters were
compared with the data obtained from the experimental test. Figure 7 shows the results of
the sensitivity study.

  
(a) (b) 

  
(c) (d) 

Figure 7. Sensitivity results: (a) mesh size; (b) element type; (c) friction coefficient; (d) dilation angle.
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As shown in Figure 7a, a smaller mesh size produced a load–deflection curve closer to
that of the experimental test. For various mesh sizes, slight differences were observed in the
peak loads and deflections. The range of the differences was within the expected margin
of error for numerical simulations. However, modeling with 25.4 mm (1 in) and 50.8 mm
(2 in) mesh required more computational time, compared to modeling with 101.6 mm (4 in)
and 203.2 mm (8 in) mesh. Therefore, considering the time consumption and numerical
accuracy, a mesh size of 101.6 mm (4 in) for concrete was employed in this study.

To investigate the effect of the element type on the simulation results, the concrete was
meshed individually using four element types: standard 8-node brick element with full
integration (C3D8), 8-node brick element with reduced integration (C3D8R), 20-node brick
element with full integration (C3D20), and 20-node brick element with reduced integration
(C3D20R). As shown in Figure 7b, the fully integrated elements (C3D8 and C3D20) were
stiffer to bend compared with elements with reduced integration (C3D8R and C3D20R).
This phenomenon is produced by shear locking, which occurs when shear strain develops
owing to the inability of the element edges to bend. Consequently, the elements are too stiff
to be used in bending-dominant problems. However, elements C3D8R and C3D20R are
not sensitive to shear locking because they have fewer Gaussian integration points, and
these points are closer to the element’s boundaries. The load–deflection curve of C3D20R
was closer to the experimental curve than that of C3D8R. This is the result of the quadratic
interpolation of C3D20R. Although a quadratic interpolation element such as C3D20R can
prevent shear locking and provide a more accurate bending behavior, it induces a much
higher computational cost. Therefore, C3D8R was the best choice for the concrete elements
in this study.

The tangential behavior at the contact surface between the bonded strands and concrete
was identified by the friction coefficient. In previous studies [29,30], the friction coefficient
was set to 0.4. Arab et al. [16] revealed that the friction coefficient ranges from 0.7 to 1.4
for prestressed concrete members. To study the sensitivity to the friction coefficient, FEA
modeling was performed with the friction coefficient values of 0.4, 0.7, 1.0, and 1.4. As
shown in Figure 7c, the friction coefficient has a negligible impact on the elastic behavior of
the PC girder. The results obtained from the models with friction coefficients of 1 and 1.4
show a good match with the experimental data. For the models with friction coefficients of
0.4 and 0.7, the numerical results indicate a lower ultimate strength than the experimental
values. With more simulations and verifications against other experimental data, a value of
1.4 was adopted as the friction coefficient in this study.

The dilation angle, which refers to the deviation of a concrete element subjected to
shear stress, was used to determine the failure surface. One of the input parameters in
ABAQUS is to define the plastic flow potential and how it governs the volumetric strain
in the plastic deformation stage. The dilation angle should be greater than zero and less
than 56◦. Many researchers [16,30,31] used dilation angles ranging from 25◦–50◦, whereas
Chen and Graybeal [32] set the dilation angle to 15◦. To investigate the sensitivity of the
dilation angle to the flexural behavior of a concrete beam, a series of FEA were performed
for ten values of the dilation angle: 10◦, 15◦, 20◦, 25◦, 30◦, 35◦, 40◦, 45◦, 50◦, and 55◦. As
shown in Figure 7d, the dilation angle did not affect the flexural response during the elastic
stage. However, the variation in the dilation angle significantly affected the post-cracking
behavior. In the ultimate state, the effect of the dilation angle must be considered when it is
greater than 35◦. An increase in the dilation angle above 35◦ resulted in a higher ultimate
load and corresponding deflection (Figure 8), while the computational cost decreased. No
significant change in the flexural response was observed when the dilation angle was less
than 35◦. This variation in the effects occurs because the plastic flow potential is governed
by the dilation angle and eccentricity [33]. Thus, considering the accuracy and computing
time, the dilation angle was set to 30◦ in this study.
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Figure 8. Effect of variation of dilation angle on ultimate load and deflection.

5. Parametric Study

5.1. Variables

Based on the FEA models presented in the previous sections, a parametric study was
performed to investigate the effects of different parameters on the flexural strength of girder-
deck systems. Four parameters were studied: span-to-depth ratio (10, 15, 20), debonding
level (0, 20% L, 40% L, 60% L), type of strengthening material (CFRP laminate and steel
plate), and amount of strengthening material (tCFRP = 0, 1, 2, 3, 4, 5 mm for CFRP; tSP = 0, 1,
2, 3, 6, 8, 12 mm for steel plate). The variables are summarized in Figure 9. The effects were
divided into two categories: (1) un-strengthened specimens and (2) strengthened specimens.
Additionally, the flexural capacity of each specimen (Mdb) was compared with that of a fully
bonded specimen (Mn) obtained from the AASHTO LRFD Bridge Design Specifications.

Figure 9. All cases studied by FEA model.
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5.2. Modeling Process

The process to model the strengthened girder-deck system with bonded and/or
debonding strands is as follows:

(1) Building the parts containing AASHTO Type III girder, concrete deck, strands,
CFRP laminate, cohesive layer, steel plate, rigid support and rigid plate. (2) Applying
the prestress to each strand in longitudinal direction before casting concrete by defining
“PREDEFINED FIELD”. In this step, the bond properties were invalid. (3) Casting the
AASHTO Type III girder and releasing the strands by applying the bond properties between
the fully bonded strands and concrete. The prestressing force was transferred from the
strands to the concrete using the defined bond model, and the elastic shortening was
considered using ABAQUS. In this stage, only the self-weight of the girder was applied.
(4) Casting the concrete deck on top of girder by activating the elements of the concrete deck
in the option of “MODEL CHANGE, REACTIVATE”. (5) Applying the interface properties
in the debonding region by switching the bond properties to debonding properties through
the options of “CHANGE FRICTION” and “FIELD VARIABLE”. (6) Attaching the cohesive
layer and strengthening materials (CFRP or steel plate). (7) Applying the overloads until
failure, which was identified by concrete crushing, strand rupture, and CFRP failure. The
above steps are shown in the flowchart in Figure 10.

Figure 10. Modeling process.

6. Results and Discussion

6.1. Girder-Deck Systems without Strengthening
6.1.1. Effect of Debonding Level

The effects of the debonding level (λ) of un-strengthened girder-deck systems on
flexural responses, including load–deflection behaviors and moment capacities, were
investigated and evaluated. Figure 11 shows the load–deflection curves obtained by
numerical simulations under different span-to-depth ratios (L/d = 10, 15, and 20). Under
the same span-to-depth ratio, the specimen with a relatively longer debonding length
exhibited a lower ultimate load and higher ductility. The degree of impact of the ultimate
load decreased when the span-to-depth ratio increased from 10 to 20. For both span-to-
depth ratios of 10 and 15, the debonding length resulted in higher ductility than that
of the control specimen with fully bonded strands. However, when the span-to-depth
ratio reached 20, the ductility achieved by debonding the specimens did not exceed the
ductility obtained by the control specimen. Furthermore, the stiffness was not affected by
the debonding level under the same span-to-depth ratio.
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(a) (b) (c) 

Figure 11. Load–deflection curves under the different span-to-depth ratios: (a) L/d = 10; (b) L/d = 15;
(c) L/d = 20.

In addition to the load–deflection behaviors, the ultimate moment of the un-strengthened
specimens was also evaluated. Figure 12 describes the effects of the debonding level on the
ratio of Mdb to Mn. A higher debonding level induced a lower value of Mdb/Mn. When
the debonding level changed from 20% to 40%, the ultimate moment decreased by only
1%. However, when the debonding level increased from 40% to 60%, the ultimate moment
decreased by 4.5%.

Figure 12. Effect of debonding level on Mdb/Mn.

6.1.2. Effect of Span-to-Depth Ratio (L/d)

The effects of the span-to-depth ratio (L/d) on the load–deflection behaviors and
the ultimate moment of the un-strengthened specimens with debonding strands were
investigated. The debonding level of the studied specimens was 40% L and the prestressing
reinforcement ratio (%) was 0.106. The load–deflection curves, shown in Figure 13a, indicate
that a higher span-to-depth ratio induces a lower ultimate load and stiffness, whereas the
ductility increases with an increase in the span-to-depth ratio. Figure 13b presents the
influence on the ultimate moment of the un-strengthened girder deck systems with various
debonding levels. The results revealed that the ultimate moment decreased with increasing
span-to-depth ratio. At the same debonding level, the maximum reduction in Mdb/Mn
was 2.3% when the span-to-depth ratio increased from 10 to 20. The maximum reduction
occurs at a debonding level of 20%. It is also noted that, with an increase in the debonding
level, the effect of the span-to-depth ratio on the ultimate moment reduction slightly
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increases. At a debonding level of 60%, the reduction in the ultimate moment was as low
as 1.2%. Therefore, the effect of the span-to-depth ratio on the ultimate moment of the
un-strengthened girder-deck system was negligible and can be ignored.

 
(a) (b) 

Figure 13. Effects of L/d for un-strengthened specimens: (a) on load–deflection; (b) on ultimate
flexural capacity.

6.2. Girder-Deck Systems with Strengthening
6.2.1. Effect of Debonding Level

The effects of the debonding level on load–deflection behavior and the ultimate
moment capacity of strengthened girder-deck systems with debonding strands were studied
using two strengthening materials: CFRP laminate and SP.

Figure 14 presents the load-deflection curves of the debonding specimens strengthened
using a 3 mm (0.12 in) thick CFRP laminate and SP, as an example. The specimens had a
span-to-depth ratio of 15. Although the strengthening materials were different, the effect of
the debonding level on the load-deflection behaviors of the strengthened specimens was
similar. This indicates that a higher debonding level leads to a reduction in the ultimate
load. The ultimate load decreased by approximately 5% for every 20% increment in the
debonding level. The ductility increased slightly with the increase in the debonding level.
The stiffness of the strengthened specimens was not affected by the debonding level, which
was similar to the un-strengthened specimens.

Figure 15 shows the impact of the debonding level on the values of Mdb/Mn for
specimens with different strengthening materials: CFRP laminate and SP, respectively. The
specimens had a span-to-depth ratio of 15, and were strengthened separately using CFRP
laminate and SP. The thicknesses of the CFRP laminate and SP varied from 1 mm (0.04 in)
to 5 mm (0.20 in), and from 1 mm (0.04 in) to 12 mm (0.48 in), respectively.

The CFRP-strengthened group, as shown in Figure 15a, indicates that the debonding
level affected the ultimate moment capacity. As the debonding level increased, the ultimate
moment capacity decreased considerably. However, the magnitude of this effect decreased
when the debonding level increased. When the debonding level was less than 20% L, the
value of Mdb/Mn was reduced by up to 12%. When the debonding level exceeded 40% L,
the maximum reduction was only 1.3%. For the specimens with thinner CFRP laminates,
the debonding level significantly affected the ultimate moment capacity.
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(a) (b) 

Figure 14. Load–deflection curves with various debonding levels: (a) obtained from CFRP-
strengthened specimens; (b) obtained from SP-strengthened specimens.

 
(a) (b) 

Figure 15. Effects of the debonding level on the ultimate flexural capacity: (a) for CFRP-strengthened
specimens; (b) for SP-strengthened specimens.

In the SP-strengthened group, shown in Figure 15b, a higher debonding level resulted
in a lower ultimate moment capacity. The percentage reduction ranged from 5.3% to 6.2%
when the debonding level increased from 0 to 40%. When the debonding level exceeded
40%, the ultimate moment capacity was only slightly affected; the effect at this stage was
less than 1% and can be neglected. SP thickness did not affect the degree of reduction when
the debonding level increased.

6.2.2. Effect of Span-to-Depth Ratio (L/d)

The influence of the span-to-depth ratio of strengthened girder-deck systems with
debonding strands on load-deflection behavior and ultimate moment capacity was studied.
Specimens with a debonding level of 40% L were investigated for studying the load–
deflection behavior. The specimens were separately strengthened using a 3 mm (0.12 in)
CFRP laminate and SP. Figure 16a presents the load-deflection curves of the strengthened
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specimens with different span-to-depth ratios (L/d = 10, 15, and 20). A higher span-to-
depth ratio can lower the stiffness and ultimate load for the same type and amount of
strengthening material, whereas the ductility can be improved slightly.

  

(a) (b) 

Figure 16. Effects of L/d for strengthened specimens: (a) on load–deflection; (b) on ultimate
flexural capacity.

Figure 16b shows the effect of the span-to-depth ratio on the value of Mdb/Mn, which
is the ratio of the ultimate moment of the debonding specimen to that of the fully bonded
(no debonding) specimen. Girder-deck systems with different debonding levels (0, 20% L,
40% L, and 60% L) and span-to-depth ratios (L/d = 10, 15, and 20) were strengthened using
a 3 mm (0.12 in) CFRP laminate or SP. Compared to the CFRP-strengthened specimens,
the span-to-depth ratio had a relatively larger effect on the ultimate moment of the SP-
strengthened specimens when the span-to-depth ratio varied from 10 to 20. In particular,
the maximum reduction in the ultimate moment at the same debonding level was 3%
in the SP-strengthened group when the span-to-depth ratio increased from 10 to 20. In
contrast, the ultimate moment of the CFRP-strengthened specimens decreased by only 1%.
Although the span-to-depth ratio had a larger effect on the SP-strengthened specimens
than on the CFRP-strengthened specimens, the 3% reduction was considered negligible.
In addition, the effect of the span-to-depth ratio on the ultimate moment increased with a
higher debonding level. For instance, the effect of the span-to-depth ratio on the ultimate
moment of the specimens with a debonding level of less than 20% L was very small. With
an increase in the debonding level, the span-to-depth ratio effect increased.

6.2.3. Effect of the Type of Strengthening Material

The effects of the type of strengthening material (CFRP laminate and SP) were in-
vestigated. Figure 17 shows the enhancements in the ultimate moment of the specimens
with different debonding levels (0, 20% L, 40% L, and 60% L). Half of the specimens were
strengthened using a CFRP laminate with a thickness of 1 mm (0.04 in), 2 mm (0.08 in),
and 3 mm (0.12 in). For comparison, the other half of the specimens was strengthened
using an equal amount of SP. The CFRP- and SP-strengthened systems had the same
width of 457.2 mm (18 in). For the same amount of strengthening material, the specimens
strengthened using CFRP laminate can achieve much higher enhancement percentages in
the ultimate moment capacity than those strengthened using SP at a certain debonding
level. For instance, the ultimate moment capacity of the specimens with a 60% L debonding
level improved from 15.7% to 82.5% when the thickness of the CFRP laminate varied from
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1 mm (0.04 in) to 3 mm (0.12 in). However, the specimens strengthened by SP achieved an
enhancement of only up to 10%. SP has a relatively lower enhancement of the ultimate mo-
ment capacity with respect to the CFRP laminate. Therefore, in this study, SP with thicker
dimensions, such as 6 mm (0.24 in), 8 mm (0.24 in), and 12 mm (0.24 in), was selected.
Additionally, as shown in Figure 17, the enhancement percentage increased linearly with
every 1 mm (0.04 in) increment in thickness for both the CFRP laminate and SP.

Figure 17. Enhancements on ultimate moment.

6.2.4. Effect of Amount of Strengthening Material

The effects of CFRP and/or SP amount on the ultimate load and moment capacity of
the strengthened girder-deck systems with debonding strands was evaluated. Figure 18
shows the load–deflection curves of separately strengthened specimens with the span-to-
depth ratio of 15 and debonding level of 60% L, and span-to-depth of 20 and deboning level
of 40%, as an example in our case study. These specimens were strengthened using CFRP
with thicknesses of 1 mm (0.04 in), 2 mm (0.08 in), 3 mm (0.12 in), 4 mm (0.16 in), and 5 mm
(0.20 in) and using SP with thicknesses of 1 mm (0.04 in), 2 mm (0.08 in), 3 mm (0.12 in),
6 mm (0.16 in), 8 mm (0.20 in), and 12 mm (0.48 in). The specimens with higher amounts
of CFRP and SP achieved a higher ultimate load than the reference specimen without any
strengthening. The ultimate loads of the CFRP- and SP-strengthened specimens increased
by approximately 15% and 10%, respectively. Ductility was affected by the strengthening
amount. The higher the strengthening amount, the lower the ductility. The stiffness was
not affected by the amount of strengthening.

The relationship between the enhancement of the ultimate moment capacity and
the thickness of the strengthening material, shown in Figure 19, can be expressed using
linear regression equations with respect to CFRP- and SP-strengthened specimens. The
coefficients of determination (R2) were 0.9928 and 0.9893 for the CFRP group, 0.9968 and
0.9941 for the SP group.
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(a) (b) 

Figure 18. Load–deflection curves with various strengthening amounts: (a) obtained from CFRP-
strengthened specimens; (b) obtained from SP-strengthened specimens.

  
(a) (b) 

Figure 19. Relationships between ultimate moment enhancement and strengthening material thick-
ness: (a) L/d = 15, D.L. = 60%; (b) L/d = 20, D.L. = 40%.

7. Summary and Conclusions

This paper presented an in-depth investigation of the flexural behaviors of CFRP- or
SP-strengthened AASHTO Type III girder-deck systems with partially debonding strands
based on the numerical method. A detailed FE model was proposed to predict the flexural
responses of a PC member. The FE model was validated against the data from available
experimental tests. The FE results were in good agreement with the experimental data by
others. The FEA model was utilized to evaluate 156 strengthened and/or un-strengthened
girder-deck systems with partially debonding strands. The 156 specimens included the
following parameters: span-to-depth ratio, debonding level, type of strengthening material,
and amount of strengthening material. A parametric study was conducted to investigate
the effects of these parameters on the flexural response of girder-deck systems.

Based on the parametric study, the following conclusions could be drawn:

• Girder-deck systems without strengthening

(1) For the same span-to-depth ratio, the specimen with a longer debonding length
achieved a lower ultimate load and higher ductility.
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(2) A higher debonding level induced a lower value of Mdb/Mn. When the debond-
ing level increased from 40% L to 60% L, the ultimate moment decreased
by 4.5%.

(3) A higher span-to-depth ratio lowered the ultimate load and stiffness, whereas
the ductility increased.

(4) The ultimate moment decreased with an increasing span-to-depth ratio. With
an increase in the debonding level, the effect of the span-to-depth ratio on the
ultimate moment reduction increased slightly.

• Girder-deck systems with strengthening

(1) A higher debonding level led to a reduction in the ultimate load of the strength-
ened specimens. The ductility increased slightly with an increase in the debond-
ing level. The stiffness of the strengthened specimens was not affected by the
debonding level.

(2) With an increase in the debonding level, the ultimate moment capacity of
the CFRP-strengthened specimens decreased considerably. The degree of this
effect reduces when the debonding level increases. For specimens with thin-
ner CFRP laminates, the debonding level significantly affected the ultimate
moment capacity.

(3) A higher debonding level resulted in a lower ultimate moment capacity of
the SP-strengthened specimens. The percentage reduction ranged from 5.3%
to 6.2% when the debonding level increased from 0 to 40%. Above 40%, the
ultimate moment capacity was affected at a negligible 1% level.

(4) A higher span-to-depth ratio lowered the stiffness and ultimate load under
the same type and amount of strengthening material, whereas the ductility
improved slightly.

(5) Compared with the CFRP-strengthened specimens, the span-to-depth ratio
had a larger effect on the ultimate moment of the SP-strengthened specimens
when the span-to-depth ratio varied from 10 to 20. In addition, the effect
of the span-to-depth ratio on the ultimate moment increased with a higher
debonding level.

(6) For the same amount of strengthening material, the specimens strengthened by
the CFRP laminate achieved a much higher increase in the ultimate moment
capacity than those strengthened by SP at a certain debonding level.

(7) The specimens with higher amounts of CFRP or SP achieved a higher ultimate
load than the reference specimen without any strengthening. The ultimate
loads of the CFRP- and SP-strengthened specimens increased by approximately
15% and 10%, respectively. The higher the strengthening amount, the lower
the ductility.

(8) The relationship between the enhancement of the ultimate moment capacity
and the thickness of the strengthening material can be expressed using linear
regression equations with respect to the CFRP- and SP-strengthened specimens.
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Nomenclature

The symbols used in this paper are as follows:
A1 constant parameter
C undamaged elastic constant
d depth from extreme top fiber of concrete to the centroid of strands
Ec modulus of elasticity of concrete
Eps modulus of elasticity of strand
Es modulus of elasticity of mild steel
fc concrete stress
f ′c release concrete strength
f0 reference value
fps stress in strand
fpu ultimate stress of strand
fs stress in mild steel
f ′t tensile strength of concrete
fy yield strength of mild steel
GC

n critical fracture energy required to induce failure in normal
GC

s critical fracture energies required to induce failure in shear directions
K stiffness matrix
Kc invariant stress ratio
L Total span of specimen
Mn flexural capacity of specimens
Mdb flexural capacity of specimens with debonding strands
Pcr−Exp cracking load from experimental test
Pcr−FEA cracking load from FEA model
Pu−Exp ultimate load from experimental test
Pu−FEA ultimate load from FEA model
tCFRP the thickness of CFRP
tn normal stress of the cohesive material
to
n peak value of the normal stresses

tsp the thickness of steel plate
tt shear stresses of the cohesive material
to
t peak value of the shear stresses

wc the density of concrete
w0 reference density of concrete
XC compressive failure strength in fiber direction
XT tensile failure strength in fiber direction
YT tensile failure strength in direction Y (transverse to fiber direction)
YC compressive failure strength in direction Y (transverse to fiber direction)
η viscosity parameter representing the relaxation time of the viscoplastic system
μ friction coefficient
σ reinforcement stress
σc stress of concrete
λ debonding level
εc concrete strain
εin inelastic strain
εps the strain in strand
εs strain in mild steel

β1
a key parameter that determines slopes of nonlinear
branches of concrete constitutive model

ξ a parameter which is used to simplify Equation (4)
ψ dilation angle
Sij shear failure strength in i-j plane
ρc density of adhesive material
Δ a parameter which used to simplify the equation of C
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Abstract: The frame-unit bamboo culm structure system offers a novel approach to bamboo structure,
combining advantages like reduced construction times and simplified joint designs. Despite its
benefits, there is limited research on its mechanical properties and computational methodologies.
This study conducted bending performance tests on simply supported frame-unit bamboo culm
structures, revealing that the bending stiffness of the structure increases with the number of bolts
in the edge joints, though with diminishing efficiency. Based on the experimental observations, a
calculation model for this type of structure was established, proposing formulas to describe the
stiffness relationships between the corner joints, edge joint, and the overall structure. Numerical
simulations calculated the stiffness of the edge joint as a function of the number and placement
of bolts, indicating that positioning bolts closer to the outer side enhances edge joint stiffness. By
inputting the various rotational stiffness values of corner joints into the simulations and stiffness
formulas, consistent total stiffness values were obtained, validating the proposed stiffness relationship
formulas. The average stiffness values of the corner joints were derived from these formulas and
experimental data, and the rotational stiffness of other types of corner points can also be obtained
using this method. Furthermore, a finite element computational method tailored for this structural
system was introduced, converting the actual structure into a beam element model for calculation.
The equivalent joint forces can be distributed to various components of the actual structure, resulting
in the internal force distribution of bamboo culms and bolts in the actual structure, thus achieving
the design of the components. The calculated displacement values obtained from this method are
close to the displacement values in the experiment, proving the feasibility of this method.

Keywords: frame-unit prefabricated bamboo culm structure; semi-rigid joint; mechanical property;
numerical simulation methods; design method

1. Introduction

The production process of building materials such as steel bars and cement generates
a large amount of carbon and harmful gas emissions [1], exacerbating global climate issues
such as climate change and environmental pollution. Promoting natural building materials
can help alleviate these problems. Bamboo and wood are two common natural building
materials that have been widely used in construction projects, where bamboo has higher
carbon sequestration efficiency [1] and better mechanical properties than wood [2,3]. A
series of studies and engineering examples have proved the feasibility of bamboo as a
building material [4,5]. Compared with engineered bamboo, raw bamboo culms do not
require the use of adhesives and are more environmentally friendly as a building material.

The different cross-sectional geometries of natural bamboo culms, the anisotropy of
bamboo materials, the different mechanical properties of different types of bamboo [6,7],
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the different mechanical properties of different parts of the same bamboo culm [8], and the
different orientations of different joints connecting different bamboo tubes in the bamboo
tube structure constrain the standardization of the design of the bamboo tube structures
and bring difficulties to the promotion of the bamboo tube structure. Amede et al. [9] found
that current standards for bamboo structures are inadequate for its full use as a structural
material, indicating a need for a universally applicable design and construction specification
to overcome design and construction challenges of bamboo structures. Ma et al. [10]
proposed a method for grading based on the minimum outer diameter of bamboo. They
measured and analyzed the geometric, physical, and mechanical properties of multiple
bamboo culms, and graded the bamboo culms with different processing techniques based
on the measurement data. This study contributes to the standardization design of bamboo
tube structures.

Joint design is an important part of bamboo tube structure design. Hong et al. [11]
divided the common bamboo tube connection joints into two categories of traditional joints
and modern joints, where the traditional joints include tied connections and mortise and
tenon connections, and the modern joints include types such as bolts, steel components,
and fillers. In the German–Chinese House at the Shanghai World Expo 2010 [12], the joints
are made of prefabricated steel parts with grouting, and the prefabricated steel components
are capable of connecting bamboo tubes in different directions. Huang et al. [13] proposed a
bamboo tube joint using grouting and built-in steel sheet connection, and the tests showed
that this type of joint has high load-bearing capacity. These improved grouted joints showed
better mechanical properties, but the grouting significantly increased the self-weight of the
structure and could not take advantage of the light weight of the bamboo tube structure.
Richard et al. [14] proposed a new type of joint, connecting bamboo tubes with steel rings
and pieces, and the stiffness and strength of this type of joint were proved to be more
than that of the traditional grouted bamboo tube joint through tests. Benoit et al. [15]
proposed a bamboo tube joint using a combination of wood plugs and metal clamps, and
demonstrated through experiments and numerical simulations that the joint could be used
for the longitudinal extension of bamboo tubes with good strength, providing a new idea
for lightweight joints of bamboo tube structures.

Bolt connection is one of the most practical metal connectors, which has the advantages
of simple construction and low cost. It is widely used for connecting round bamboo joints
and specimens. Bolts can be used to assemble scattered bamboo tubes into a bamboo
tube bundle column with a strong axial compression ability. For instance, in the studies
by Nie [16] and Yang [17], long bolts were used to laterally connect multiple parallel
bamboo tubes into a bamboo tube column specimen, which demonstrated a strong axial
compression performance in tests. Bolts can also be used as embedded parts to form bolted-
mortar infill connections (BMIs). Correal et al. [18] proposed a new model to calculate this
type of joint, and this model has been validated through experimentation. This research
has contributed to the improvement of design procedures and national regulations for BMI
connections in Guadua Angustifolia Kunth and other bamboo species.

In this paper, a lightweight joint for the cross-connection of bamboo tubes is proposed,
as shown in Figure 1a, where wood plugs are embedded in each of the two sides of the
bamboo tubes, and each screw is screwed from the outside of one side of the bamboo tube
into the wood plug inside the other side of the bamboo tube, and the bamboo tube and the
wood plugs are cut at the same angle in the joint part. The joint has the advantages of being
of light weight, easy production, and low cost.

The existing bamboo tube space structures can be divided into two types: [19,20]
bamboo tube arch structure and bamboo tube lattice structure. Bending and connecting
one or more long bamboo tubes forms a large-span bamboo tube arch structure, the
disadvantage being that the bending process uses manual labor which makes it difficult
to control processing accuracy. The bamboo tube lattice structure uses straight bamboo
tubes, which are easy to process and low in cost, but the processing difficulty of multi-
directional joints and the customization cost is high. Zhuo et al. [21,22] proposed a framed
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bamboo culm grid structure system (a frame-unit prefabricated bamboo culm structure),
the formation principle of which is shown in Figure 1c,d. Straight bamboo culms are
assembled into bamboo culm frame units, which can be in polygonal geometries such as
triangles, rectangles, trapezoids, hexagons, and other polygonal geometries; the joints of
neighboring culms are called corner joints, which can be connected by a combination of
grouting, screws, and wood plugs (Figure 1a), and the joints between neighboring bamboo
culm frames are called edge joints, which use bolts as connectors (Figure 1b).

 

Figure 1. Structural forming principles and two types of joints. (a) corner joint. (b) edge joint.
(c) formation of the structure. (d) the positions of the corner joint and edge joint.

After all the bamboo culm frame units are connected, the overall structure can be
formed. This paper employs experimental, numerical simulation and theoretical analysis
to investigate the flexural performance of frame-unit bamboo culm joints. The focus is
on studying the semi-rigid bearing mechanism and calculation method for joints when
materials are in the elastic phase at edge and corner joints. The research process of this
paper is illustrated in Figure 2.

 
Figure 2. Research process.
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2. Bamboo Culm Frame Specimen Bending Performance Test

2.1. Overview of the Test

Moso bamboo is one of the most widely distributed bamboo species in China, mainly
found in the southern regions of China. It is extensively used in bamboo architectural
structures [23].

The bamboo used for the experiment is Moso bamboo grown in the southern moun-
tainous areas of China. It has a growth age of about 4 years, with internode spacing between
20–40 cm and a wall thickness between 7.5–8.5 mm. The outer diameter of the bamboo
culm was measured using a vernier caliper and ranged from 75 mm to 95 mm.

The specimen in this study is composed of two adjacent rectangular bamboo culm
frames (Figure 3a). Each bamboo culm frame is handmade, and wooden plugs are inserted
into the ends of the bamboo culms. Screws with a diameter of 4 mm are driven into the
exterior wall of one side of the bamboo culm, penetrating through to the wooden plug
located within the bamboo culm on the opposite side; a single corner joint is formed
using four screws (Figure 3b). The experiment was conducted in an environment with a
temperature of 25 ◦C and an air humidity of about 45%. Place two bamboo culm frames
side by side. After drilling, use long bolts to connect the adjacent bamboo culms placed in
parallel to form a test specimen. (The diameter of the holes in the bamboo culms and the
diameter of the long bolts are the same, at 10 mm. The long bolts are made of Q235 steel,
with a length of approximately 200 mm.)

 

Figure 3. Corner joint and edge joint. (a) edge joint. (b) corner joint.

The specimens were rested in a simply supported manner on the bull legs of the steel
frame test rig (shown in Figure 4).

The positions of bolt holes are marked as A, B, C, B’, and A’, respectively. The
dimensions of the assembled specimens are shown in Figure 5. The loading position is in
the middle of the specimen (Figure 4). Loading is performed by stacking sandbags, with
each sandbag weighing 10 kg (±0.5 kg). When the sixth sandbag was placed, the structure
experienced significant displacement and could no longer continue to accommodate more
sandbags. For safety reasons, the load at this point is considered the maximum load.
Loading tests were conducted on specimens with 2, 3, and 5 bolts connected to the edge
joints; the experimental parameters for each model are shown in Table 1. The specimen
number “Sn” indicates that the number of bolts in the edge joint is n.
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Figure 4. Loading device (mm).

 
Figure 5. Dimensions of specimens (mm).
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Table 1. Test variables.

Specimen Numbers S2test S3test S5test

Bolt positions A, A’ A, C, A’ A, B, C, B’, A’
Maximum load applied (N) 620.3 620.3 620.3

2.2. Experimental Process and Result Analysis

The two bamboo culm frames of the specimen are in the same plane when unloaded.
Vertical displacement occurs at the edge joint positions of the specimen, gradually increas-
ing with the number of sandbags (Figure 6a), and there is a gap between the two bamboo
culms at the corner joint (Figure 6b). The measuring point for vertical displacement is
at the midpoint of the lower edge of the edge joint bamboo culm (Figure 4), measured
using a laser distance detector with an accuracy of 0.1 mm. During loading, sandbags are
placed one by one, and data from the displacement detector are read only after the vertical
displacement stabilizes after placing a sandbag (and the unloading stage is similar). The
deflection of the measuring point under each stage of loading is:

ui = wi − w0 (1)

where wi is the reading at stage i, and w0 is the reading without load. The data recorded at
each loading step are used to create the load–displacement relationship shown in Figure 7.

Before loading, due to the presence of bamboo nodes, it is impossible to achieve a
complete fit between the outer walls of adjacent bamboo culms. In addition, it is also
impossible to achieve a complete fit between the bamboo culm bolt hole wall and the bolt
thread, so the deformation during the loading process includes measurement errors caused
by these factors. In contrast, the unloading process has achieved close contact between
different materials, and the corresponding load–displacement relationship can better reflect
the true mechanical properties of the specimens.

 

Figure 6. Deformation of test specimen joints after loading. (a) deformation of the edge joint. (b) a
gap has occurred in the corner joint.

The total bending linear stiffness Kl (hereafter referred to as total linear stiffness) of
the bamboo culm frame in the elastic phase is defined as the ratio of the out-of-plane load
at the edge joints to the vertical displacement occurring in the direction of action:

Kl =
ΔF
Δd

(2)

where ΔF and Δd are the incremental load and the displacement of the measuring point.
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Figure 7. Experimental data and fitted values.

The test data from the unloading stage were selected for linear fitting (using the
polyfit function in MATLAB.R2020b) to obtain the fitted values of total linear stiffness Kl,fit
(Figure 7). This shows that the total bending linear stiffness is positively correlated with
the number of bolts. However, as the number of bolts increases, the efficiency of stiffness
increases decreases gradually.

2.3. Synergistic Relationship between Corner Joints and Edge Joints

During the loading process, no visible bending occurred in each bamboo culm, while
vertical displacement occurred at the edge joints. At the same time, the gap at the corner
joints gradually widened with the increase of the load (Figure 6b), indicating that the
corner joints and edge joints are not completely rigid (semi-rigid). Define ksa and kca as the
rotational stiffness of the edge joints and corner joints, respectively:

ksa
def
=

ΔMs

Δθs
(3)

kca
def
=

ΔMc

Δθc
(4)

where Ms, θs are the bending moments and turning angles of the edge joints, Mc, θc are
the bending moments and turning angles of the corner joints, and the units of bending
moments and turning angles are N·mm, Rad, respectively.

To convert the relationship between force and displacement into the relationship
between bending moment and rotation, the various bamboo culms are simplified into rigid
members, and a simplified diagram for the internal force calculation of the frame-unit
bamboo culm members shown in Figure 8 is established.
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Figure 8. Schematic diagram for structural deformation calculation.

In Figure 8, F is the vertical force acting on the upper surface of the edge joint bamboo
culms, b is the distance between the axis of the edge joint bamboo culm and the support
bamboo culm (hereinafter referred to as the shear span). Under the action of F, both the
edge joint and the corner joints produce vertical displacement.

When the corner joints are completely rigid, define the edge joint linear stiffness
as follows:

ksl
def
=

ΔF
Δw

(5)

When the edge joint is completely rigid, define the corner joint linear stiffness as follows:

kcl
def
=

ΔF
Δw

(6)

According to Figure 8: {
Ms = 0.5Fb

θs = 2θ
(7)

{
Mc = 0.25Fb

θc = θ
(8)

When the structural deformation is small:

θ ∼ tanθ =
w
b

(9)

The numerator and denominator in Equation (3) are represented by ΔF and Δw,
respectively, and the relationship between the edge joint linear stiffness and its rotational
stiffness can be obtained:

ksa =
0.5ΔFb

2Δθ
=

0.5ΔFb
2 Δw

b
=

b2

4
ksl (10)

Similarly, the relationship between the corner joint linear stiffness and its rotational
stiffness can be obtained from Equation (4).

kca =
b2

4
kcl (11)
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The unit of edge and corner joint linear stiffness is N/mm. From Equations (5) and (6),
the linear stiffness is not a property of the joint itself, and its value is related to structural
parameters such as rotational stiffness and span.

In structural mechanics, the shear distribution method is solved by analyzing the
series–parallel relationship and stiffness relationship of the members [24]. In the structure
shown in Figure 8, the two corner joints in a bamboo culm single-sided frame structure are
in a parallel relationship, and the relationship between the corner joints and the edge joint
constitutes a series relationship; the series and parallel relationships of the assembled joints
are shown in Figure 9.

 

Figure 9. Series and parallel relationships between the joints.

According to Figure 9, establish the relationship between the overall rotational stiffness
and that of the edge and corner joints.

1
Ka

=
1

2kca
+

1
ksa

+
1

2kca
=

1
kca

+
1

ksa
(12)

Similarly, the relationship between total linear stiffness and the linear stiffness of the
edge and corner joints can be established.

1
Kl

=
1

kcl
+

1
ksl

(13)

3. Numerical Simulation

3.1. Overview
3.1.1. Setting of Numerical Simulation

1. The finite element software Abaqus2021 is used for modelling and the calculation of
numerical simulation. Since the two neighboring bamboo culm frames have symmetry,
in order to improve the computational efficiency, only a single bamboo culm frame is
established, and symmetrical constraints are applied to the mid-span cross-sections of
truncated bolts;

2. The influence of bamboo nodes is not taken into account;
3. The actual bamboo culm wall has a different elastic modulus along the axial, lateral,

and radial directions, which is simplified by setting up bamboo culms as orthotropy
material in both axial and lateral directions and ignoring the difference in the mechan-
ical parameters of the bamboo culms along the radial direction;

4. The diameter of the opening of the bamboo culm is the same as the diameter of the
bolt, which is taken as 10 mm, ignoring the effect of the thread on the bamboo culm;

5. The loading plate for applying load is set to simulate the sandbag load in the test.

3.1.2. Material Properties

According to the test data of García et al. [25], the mechanical properties of bamboo
are shown in Table 2, where direction two is the bamboo culm axis (fiber) direction, and
directions one and three are perpendicular to the axis direction (the bamboo culm material
property setting direction is the local coordinate system of the bamboo culm). Emn, vmn, and
Gmn are the elastic modulus, Poisson’s ratio, and shear modulus. The yield strength of the
bolt is 235 MPa, the elastic modulus is 206 GPa, and the Poisson’s ratio v is 0.3. According
to the axial compression test conducted by Zhang et al. [26,27], the axial compressive yield
strength is 50.3 Mpa, and the shear yield strength is 25 Mpa. The compressive strength σc
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of the bamboo culm groove is calculated according to the formula proposed by Peng Hui
et al. [28]:

Fs = 0.8σ1dt (14)

where Fs is the yield load of the bearing compression of the bolt hole, σ1 is the compressive
strength of bamboo culm with grain, d is the diameter of the hole, and t is the thickness of
the bamboo culm. Rewriting Equation (14) can obtain the compressive strength of bamboo
culm at the location of the bolt hole wall:

σc =
Fs

dt
= 0.8σ1 = 40.2 MPa (15)

Table 2. Properties of bamboo materials.

E1 E2 E3 v23 v13 v12 G23 G13 G12

398 14700 398 0.3 0.14 0.008 581 175 581

3.1.3. Calculation Model

The friction coefficient between the bolt and the bamboo culm wall is set to 0.3. The
loading plate is used solely for loading and is not a component of the structure, so the
coefficient of friction between it and the bamboo culm surface is 0. Only compressive
forces are transmitted in the normal direction between the loading plate, bolt, and bamboo
culm. The locations of the bolts in each model are the same as those in the experimental
specimens (Table 1). The components established include bamboo culms and bolts, and the
outer diameter and wall thickness of the bamboo culms are 80 mm and 8 mm, respectively.
The dimensions of the bamboo culm frames are shown in Figure 5, and the diameter of
the bolts is 10 mm. The displacement in the y-direction and z-direction of the lower edge
of the support bamboo culm, and the x-direction displacement at various points on the
cross-section of each bolt is restrained, forming a semi-span simple supported structure.
The mesh consisted of the eight-node hexahedral elements. The loading position on the
edge joint bamboo culm does not include the angled region at the ends of the bamboo culm.
A linearly increasing concentrated force is applied at the center position of the loading plate
(the load remains consistent with the experiment direction: -y, maximum value: 620.3 N).

The assembled structure is shown in Figure 10.

 

Figure 10. Loading surface and boundary conditions.
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3.2. Semi-Rigid Corner Joint

The spatial relationship between the various materials at corner joint positions is
complex, making it difficult to accurately model according to the actual situation. To
obtain the average rotational stiffness value of the corner joints of the test specimens, the
calculations are first performed assuming the corner joints are completely rigid, to obtain
the stiffness values at the edge joint. Then, the corner joints are considered semi-rigid to
determine the overall stiffness of the structure. The obtained values are compared with the
calculated values obtained from the stiffness relationship formula to validate the accuracy
of the formula. Finally, based on the experimental data and the stiffness relationship
formula, the average rotational stiffness value of the corner joints of the test specimens
is determined.

3.2.1. Set the Corner Joints as Rigid

The points at the ends of both bamboo culms are set as coupling constraints, with the
highest point of the side bamboo culm serving as the control point. This ensures that there
is no relative displacement between the points at the ends of the bamboo culms, thereby
forming a rigid connection (Figure 11).

In the Visualization module, view the step time and corresponding load when the bolt
yields (yield load). The three models with two, three, and five bolts, respectively, have yield
load values of 245 N, 330 N, and 460 N. When the bolt yields, the Mises stress distribution
and the shape of the bending moment for the bolt are shown in Figure 12; the shape of the
bending moment diagram is the same for each bolt, but the values differ. The distribution
ratios of bolt moments for each model are presented in Table 3.

 
Figure 11. Fully rigid corner joints.

The displacement measurement point is located at the midpoint of the lower edge
of the edge joint bamboo culm, consistent with the experimental setup. The total linear
stiffness value Kl,sim, shown in Table 4, is calculated using Equation (16). Here, w50 and
w100 represent the vertical displacements at the measurement point under loads of 50 N
and 100 N, respectively. Comparing Kl,sim with Kl,fit (Figure 7) reveals that the total
stiffness values calculated, assuming fully rigid corner joints, significantly deviate from
the experimental results, underscoring the importance of accounting for the semi-rigidity
characteristics of the corner joints.

Kl,sim = 2
ΔP
Δw

=
100

w100 − w50
(16)
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Figure 12. Stress distribution and bending moment diagram of a bolt.

Table 3. Bending moment ratio of each bolt.

Bolt Position n = 2 n = 3 n = 5

A 0.5 0.366 0.258
B / / 0.169
C / 0.268 0.146

Table 4. Linear stiffness values of edge joints obtained by numerical simulation. (N/mm).

n 2 3 5

Kl,sim 51.8 66.0 84.3
Kl,fit 22.6 28.6 33.9

According to Equation (13), the total linear stiffness is the edge joint linear stiffness
when the corner joint stiffness is infinite:

lim
kcl→∞

1
Kl

=
1

ksl
(17)

3.2.2. Set the Corner Joints as Semi-Rigid

The steps to modify the corner joints to be semi-rigid are as follows (Figure 13):

1. Delete the rigidity constraint from the corner joints.
2. Set coupling constraints between various points at the end of each bamboo culm and

its respective highest point (control point). Wire feature was established between
control points of adjacent bamboo culms.

3. Create a hinge-type connector and assign different rotational stiffness values.
4. This connector was applied to the wire features, forming a semi-rigid joint.
5. Move the bamboo culm to the starting position.
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Figure 13. Set the corner joints to be semi-rigid.

By incorporating the rotational stiffness values of different corner joints into numerical
simulations, combined with Equation (16), the total stiffness value of the structure can be
obtained (simulated values Kl,sim).

These varying rotational stiffness values of corner joints were then converted into
linear stiffness values, which were substituted into Equation (13) (the stiffness values of
the edge joints are Kl,sim, shown in Table 4) to derive a series of total linear stiffness values
(theoretical values Kl,equ).

By comparing the values of Kl,sim and Kl,equ, it was found that the total linear stiffness
values calculated by the two methods are close (Table 5), proving the accuracy of the
proposed stiffness relationship formula.

Table 5. Comparison between the simulated and theoretical values of total stiffness obtained by
substituting different corner joint stiffness (the units of kca and Kl are 104 N·mm/Rad and N/mm,
respectively).

n = 2 n = 3 n = 5

kca Kl,sim Kl,equ kca Kl,sim Kl,equ kca Kl,sim Kl,equ

100 15.6 15.8 100 16.7 16.9 100 17.7 17.9
200 24.0 24.2 200 26.7 26.9 200 29.3 29.5
300 29.3 29.4 300 33.4 33.5 300 37.5 37.6
400 32.9 33.0 400 38.1 38.2 400 43.5 43.7

The values of linear stiffness kcl for the considered semi-rigid corner joints can be
obtained by bringing the first and second rows of Table 4 into Equation (13) as ksl and Kl,
respectively. The value of kcl, after substituting into Equation (11), is transformed into the
value of kca, as shown in Table 6. This value is the average rotational stiffness of the four
corner joints connecting the edge joints in Figure 7, not the rotational stiffness of the corner
joints in a specific certain position.

Table 6. The average rotational stiffness values of the corner joints obtained by substituting the total
stiffness from the experiment into the stiffness relationship formula (104 N·mm/Rad).

n 2 3 5

kca 176.8 222.6 250.1
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3.3. Semi-Rigid Edge Joint

To analyze the effect of positions on the stiffness of the edge joint when the number of
bolts remains the same, s is defined as the distance from the outermost bolt to the axis of the
side bamboo culm (defined as “side distance”, Figure 14), and ksl(s) is the linear stiffness
of the edge joint as a function of s, the bolts arranged at equal distances. Through the
numerical simulation method established in this paper, the ksl corresponding to different
values of s can be obtained, as shown in Table 7. The linear regression equations of ksl and
s are established as follows:

ksl(s) = As + B (18)

where A and B are coefficients to be determined.

Figure 14. Side distance s.

Table 7. Linear stiffness values of edge joints obtained by numerical simulation.

n 2 3 5

s(mm) 90 180 270 90 180 270 90 180 270
ksl(N/mm) 51.8 42.4 36.3 66.0 54.0 45.3 84.3 67.8 56.0

Matlab.R2020b was used to linearly fit the (s,ksl) points of Table 7, according to
Equation (18); the ksl − s relationship can be obtained for different numbers of bolts
(Figure 15). The stiffness values calculated from the fitted relationship equation have an er-
ror of less than 3% compared to the stiffness values obtained from the numerical simulation,
which indicates that the regression effect is good. It was also found that, under the condition
of the same number of bolts, ksl increases linearly with the decrease of s, which indicates
that the outer bolt closer to the corner joint is more beneficial for stiffness improvement.

Figure 15. K-s relationship for different number of bolts.
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By substituting the fitting equation in Figure 15 and b = 420 mm into Equation (10),
the calculation formula for the rotational stiffness of the edge joint can be obtained when
the diameter of the bolts in the edge joint is set to 10 mm.

ksa(s) =

⎧⎨
⎩
−3797.5s + 260.2 × 104, n = 2
−5071.5s + 334.3 × 104, n = 3
−6933.5s + 430.7 × 104, n = 5

(19)

From Equations (3) and (4), the rotational stiffness of the joint is the relative angle of
rotation produced under the action of unit bending moment, which is a property of the joint
itself. Therefore, Equation (19) is a general formula for the rotational stiffness of the corner
joint when the diameters of the bolts of the edge joint are 10 mm. Similarly, the rotational
stiffness values kca, in Table 6, are generic values for corner joints in a specific configuration
(using four screws combined with wooden plugs). These values and formulas derived
from experimental data, numerical simulations, and theoretical derivations provide a basis
for the setting of joint semi-stiffness in structural finite element analyses.

4. Finite Element Analysis of Structures and Design Methods for Components

The finite element analysis method of the structure models the components according
to the axes and, since the calculation formulas and parameters obtained in Section 3 of
this paper are based on solid modelling, a practical method for the finite element analysis
and component design of the bamboo culm and frame-unit bamboo culm structure will be
presented in this chapter. The equivalent joint forces and joint deformations in the structure
are first analyzed according to the computational model in Figure 8, and then the internal
forces of the bamboo culm and bolts are calculated in combination with the computational
model. Then the allowable stresses and deformations of each component are verified.

Taking the model shown in Figure 5 as an example, the material, size, and num-
ber of bolts of the two bamboo culm frame units are the same as those of the S5test
in the test, i.e., the outer diameter D of the bamboo culm is 80 mm, the thickness of
the bamboo wall t is 8 mm, and the size of the outer frame of the bamboo culm frame:
L × H = 800 mm × 500 mm (axial figure: a = 720 mm, b = 420 mm). The edge joint is con-
nected by five bolts with d = 10 mm, the side distance s is 90 mm, and the rest of the bolts
are arranged at an equal distance from each other. The corner joints are connected by four
screws and wooden plugs. The support bamboo culm is used as the simply supported side.
The top of the edge joint bamboo culm is subjected to a uniform load, and the total force F
is consistent with the experimental value in Figure 7, which is taken as 413 N.

4.1. Structural Finite Element Analysis Methods
4.1.1. Structural Modelling

The equivalent computational model of each member is shown in Figure 16:

1. Select the axis of each bamboo culm as the position of the equivalent members;
2. An equivalent bolt is set at the midpoint of the edge joint bamboo culm, and the

connection between the equivalent bolt and the edge joint bamboo culm is a rigid
connection. The middle position of the equivalent bolt is disconnected, and the
disconnection is set as a semi-rigid connection;

3. All corner joints are set to semi-rigid connections;
4. The two ends of the support bamboo culms are set as hinged.
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Figure 16. Equivalent beam element model.

4.1.2. Parameter Settings

Since the corner and edge joint stiffnesses studied in this paper already include the
deformation of the material itself, to avoid repeated calculations, the members should
be set as rigid bodies during the finite element analysis of the structure, i.e., the stiffness
and elastic modulus of various materials are set to infinity. The semi-rigid joints are set
as follows.

From Table 6, the rotational stiffness of the corner joints is:

kca = 250.1 × 104 N·mm/Rad

From Equation (19), the edge joint rotational stiffness is:

ksa = −6933.5 × 90 + 430.7 × 104 = 368.3 × 104 N·mm/Rad

Taking the test data at n = 5 in Figure 7 when the load is 413 N, the uniform load on
the edge joint bamboo culms is:

q =
F

2(L − 2D)
=

413
2 × (800 − 2 × 80)

= 0.32 N/mm

4.1.3. Calculation Result

The maximum deflection obtained by using Abaqus2021 is 12.2 mm, while the mea-
sured value of the test in Figure 7 is 13.0 mm, which indicates that the calculation method
in this paper has a good calculation accuracy.

4.2. Design Methods for Components
4.2.1. Internal Force Distribution

The software calculates the maximum bending moment on the equivalent edge joint
bolt to be 8.68 × 104 N·mm, which is the value of the combined cross-sectional internal
force in the mid-span of each bolt in the actual structure. So, this equivalent joint force
needs to be assigned to each bolt.
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The bending moment at the equivalent edge joint was distributed to each bolt accord-
ing to the distribution ratio coefficients in Table 3, and the values of bending moments on
the five bolts were obtained as 2.24, 1.47, 1.27, 1.47, and 2.24 (10 4 N·mm), respectively.
Substituting these values into the torque calculation sketch in Figure 17a gives the torque
on each section of the bamboo culm at the edge joints (Figure 17b).

 
Figure 17. Torque calculation of edge joint bamboo culm. (a) simplified diagram of torque calculation
of bamboo culm with edge joints. (b) torque diagram for edge joint bamboo culm.

4.2.2. Strength Calculation of Components

Figure 18 shows the force sketch of the bolt in bending. Due to the thin wall of the
bamboo culm, the constraint of the bamboo culm wall on the bolt can be considered as
simple support, and the force between the outermost bolt and the walls of the bamboo
culm are as follows:

0.5P =
M
D

=
2.24 × 104

80
= 280 N

 
Figure 18. Bolt calculation diagram.
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Calculate the bearing compression stress at the location of the bamboo culm hole wall:

σxc =
0.5P

dt = 280
10 × 8 = 3.5 MPa < 40.2 MPa

Calculate the bending strength of the outermost bolt:

σmax =
M
W

=
2.24 × 104

π × 103

32

= 228.2 MPa < 235 MPa

Calculate the torsional strength of the bamboo culm by taking the maximum torque of
the bamboo culm:

τmax =
T

Wp
=

4.34 × 104

π
16 × 80 (804 − 724)

= 1.3 MPa < 25 MPa

5. Conclusions

This study combined experimental and numerical simulation methods to conduct
a comprehensive analysis of the two main types of joints in this structural system, and
has successfully established corresponding calculation models. Furthermore, a new finite
element calculation method for this structure has been proposed.

Experiments on specimens with bolt diameters of 10 mm and bolt counts of two, three,
and five have been conducted, recording the vertical deformation and load relationship
curves. Linear fitting of the unloading phase data was performed to obtain the total
stiffness. The results indicate that an increase in the number of bolts leads to an increase in
total stiffness, but with diminishing efficiency. Observations from the experiments reveal
that, despite no visible deformation in the bamboo culms during the loading process,
both the corner and edge joints connecting the bamboo culms underwent varying degrees
of deformation, indicating that these joints are not completely rigid. Based on these
observations, a calculation model for the frame-unit bamboo culm considering the semi-
rigidity of the joints has been further proposed. This study has derived formulas for
converting linear stiffness to rotational stiffness for both corner and edge joints, as well as a
universal stiffness relationship formula between joints.

This study also explores a numerical simulation method for frame-unit bamboo culm
structure. By setting the corner joints as fully rigid for numerical simulation, the calculation
formulas for edge joints under different bolt configurations were obtained, showing that
the placement of outer bolts closer to the corner joints significantly increases the stiffness
of the edge joints. By treating corner joints as semi-rigid and incorporating different
values of rotational stiffness for corner joints into both numerical simulations and the
stiffness relationship formula, the consistency in the total stiffness values obtained from
both methods confirms the accuracy of the proposed stiffness relationship formula. By
applying the proposed stiffness relationship formula, this study has calculated the average
rotational stiffness values for the corner joints of the experimental specimens. This provides
a new method for determining the rotational stiffness values of corner joints in various
construction forms.

Lastly, based on the calculation model of the frame-unit bamboo culm structure
established in this paper, a finite element analysis method for this type of structure based
on semi-rigid joints is proposed. This method converts all members into rigid beam
elements, and remodels accordingly. Following the principle of equal stiffness, establish
equivalent semi-rigid corner and edge joints to connect beam elements. After calculation,
the equivalent joint internal force and joint deformation can be obtained. The equivalent
joint internal force can be distributed to obtain the distribution of the internal force of the
bamboo culms and bolts in the actual structure. The equivalence of the joint deformation
values to the experimental values demonstrates the feasibility of this method.

81



Buildings 2024, 14, 991

Author Contributions: Conceptualization, G.W. and X.Z.; methodology, G.W. and X.Z.; software,
S.Z.; validation, J.W. and S.Z.; experiment, J.W. and S.Z.; formal analysis, G.W.; resources, J.W. and
S.Z.; data curation, J.W.; writing—original draft preparation, G.W.; writing—review and editing, G.W.
and X.Z.; supervision, X.Z.; project administration, X.Z.; funding acquisition, X.Z. All authors have
read and agreed to the published version of the manuscript.

Funding: This research was funded by the National Key Research and Development Program of
China, Grant No. 2017YFC0703500.

Data Availability Statement: Data will be made available on request.

Conflicts of Interest: Authors Xin Zhuo, Shenbin Zhang and Jie Wu was employed by the company
Architectural Design & Research Institute of Zhejiang University Co., Ltd. The remaining authors
declare that the research was conducted in the absence of any commercial or financial relationships
that could be construed as a potential conflict of interest.

References

1. Lorenzo, R.; Mimendi, L. Digitisation of bamboo culms for structural applications. Build. Eng. 2020, 29, 101193. [CrossRef]
2. Escamilla, E.Z.; Habert, G. Environmental impacts of bamboo-based construction materials representing global production

diversity. J. Clean. Prod. 2014, 69, 117–127. [CrossRef]
3. Anokye, R.; Bakar, S.E.; Ratnansingam, J.; Awang, B.K. Bamboo properties and suitability as a replacement for wood. Pertanika J.

Sch. Res. Rev. 2016, 2, 63–79. [CrossRef]
4. Chung, K.F.; Yu, W.K. Mechanical properties of structural bamboo for bamboo scaffoldings. Eng. Struct. 2002, 24, 429–442.

[CrossRef]
5. Adier, M.F.V.; Sevilla, M.E.P.; Valerio, D.N.R.; Ongpeng, J.M.C. Bamboo as Sustainable Building Materials: A Systematic Review

of Properties, Treatment Methods, and Standards. Buildings 2023, 13, 2449. [CrossRef]
6. Liu, P.; Zhou, Q.; Fu, F.; Li, W. Effect of bamboo nodes on the mechanical properties of p. Edulis (Phyllostachys edulis) bamboo.

Forests 2021, 12, 1309. [CrossRef]
7. Chen, M.; Ye, L.; Li, H.; Wang, G.; Chen, Q.; Fang, C.; Dai, C.; Fei, B. Flexural strength and ductility of moso bamboo. Constr.

Build. Mater. 2020, 246, 118418. [CrossRef]
8. Li, R.R.; He, C.J.; Peng, B.; Wang, C.G. Differences in fiber morphology and partial physical properties in different parts of

Phyllostachys edulis. J. Zhejiang AF Univ. 2021, 38, 854–860. (In Chinese) [CrossRef]
9. Amede, E.A.; Hailemariama, E.K.; Hailemariam, L.M.; Nuramo, D.A. A Review of Codes and Standards for Bamboo Structural

Design. Adv. Mater. Sci. Eng. 2021, 2021, 4788381. [CrossRef]
10. Ma, R.; Chen, Z.; Du, Y.; Jiao, L. Structural Grading and Characteristic Value of the Moso Bamboo Culm Based on Its Minimum

External Diameter. Sustainability 2023, 15, 11647. [CrossRef]
11. Hong, C.K.; Li, H.T.; Lorenzo, R.; Wu, G.; Corbi, I.; Corbi, O.; Xiong, Z.H.; Yang, D.; Zhang, H.Z. Review on connections for

original bamboo structures. J. Renew. Mater. 2019, 7, 713–730. [CrossRef]
12. Dai, P.Q.; Luo, Z.Y.; He, M.J. Structural design and analysis for shanghai expo special project DuC. Struct. Eng. 2011, 27, 6–11.

(In Chinese) [CrossRef]
13. Huang, T.; Zhuo, X. Experimental Study on the Bending Properties of Grouting Butt Joints Reinforced by Steel Plate Embedded in

Bamboo Tube. J. Renew. Mater. 2022, 10, 993–1005. [CrossRef]
14. Moran, R.; García, J.J. Bamboo joints with steel clamps capable of transmitting moment. Constr. Build. Mater. 2019, 216, 249–260.

[CrossRef]
15. Lefevre, B.; West, R.; O’Reilly, P.; Taylor, D. A new method for joining bamboo culms. Eng. Struct. 2019, 190, 1–8. [CrossRef]
16. Nie, S.D.; Yu, P.; Huang, Y.Z.; Luo, Y.; Wang, J.L.; Liu, M.; Elchalakani, M. Experimental study on compressive performance of the

multiple-culm bamboo columns connected by bolts. Eng. Struct. 2024, 303, 117525. [CrossRef]
17. Yang, C.C.; Zhuo, X. Research on the Axial Compressive Experiment of Single Tube and Four-tube Bundle of Moso Bamboo. Chin.

Overseas Archit. 2020, 10, 200–203. (In Chinese) [CrossRef]
18. Correal, J.F.; Prada, E.; Suárez, A.; Moreno, D. Bearing capacity of bolted-mortar infill connections in bamboo and yield model

formulation. Constr. Build. Mater. 2021, 305, 124597. [CrossRef]
19. Minke, G. Building with Bamboo; Birkhäuser: Basel, Switzerland, 2012; pp. 47–66.
20. Liu, K.W.; Xu, Q.F.; Wang, G.; Chen, F.M.; Leng, Y.B.; Yang, J.; Harries, K.A. Contemporary Bamboo Architecture in China; TsingHua

University Press: Beijing, China, 2022; pp. 31–55.
21. Zhuo, X.; Dong, S.L. Bamboo tube bundle spatial lattice structure system and construction technology. Spat. Struct. 2021, 27, 3–8.

(In Chinese) [CrossRef]
22. Zhuo, X.; Dong, S.L. Frame-unit prefabricated bamboo culm lattice structure system and engineering practices. J. Build. Struct.

2024, 45, 43–51. (In Chinese) [CrossRef]
23. Yu, L.; Wei, J.; Li, D.; Zhong, Y.; Zhang, Z. Explaining Landscape Levels and Drivers of Chinese Moso Bamboo Forests Based on

the Plus Model. Forests 2023, 14, 397. [CrossRef]

82



Buildings 2024, 14, 991

24. Zhu, C.M.; Zhang, W.P. Structural Mechanics; Higher Education Press: Beijing, China, 2016; Volume 2, pp. 51–54. (In Chinese)
25. García, J.; Rangel, C.; Ghavami, K. Experiments with rings to determine the anisotropic elastic constants of bamboo. Constr. Build.

Mater. 2010, 31, 52–57. [CrossRef]
26. Zhang, X.X.; Yu, Z.X.; Yu, Y.; Wang, H.K.; Li, J.H. Axial compressive behavior of Moso Bamboo and its components with respect

to fiber-reinforced composite structure. J. For. Res. 2019, 30, 2371–2377. [CrossRef]
27. Walter Liese; Michael Köhl. Bamboo the Plant and Its Use; Springer International Publishing: Cham, Switzerland, 2015; pp. 251–253.
28. Peng, H.; Zhuo, X. Research on Mechanical Behavior of the Screwed Connection at the End of Bamboo Strip; Zhejiang University:

Hangzhou, China, 2022. (In Chinese) [CrossRef]

Disclaimer/Publisher’s Note: The statements, opinions and data contained in all publications are solely those of the individual
author(s) and contributor(s) and not of MDPI and/or the editor(s). MDPI and/or the editor(s) disclaim responsibility for any injury to
people or property resulting from any ideas, methods, instructions or products referred to in the content.

83



Citation: Tanaka, A.; Arita, K.;

Kobayashi, C.; Nishiwaki, T.; Tanabe,

T.; Fujii, S. Fundamental Properties of

Sub-THz Reflected Waves for Water

Content Estimation of Reinforced

Concrete Structures. Buildings 2024,

14, 1076. https://doi.org/10.3390/

buildings14041076

Academic Editors: Eva

O.L. Lantsoght and Mizan Ahmed

Received: 7 March 2024

Revised: 3 April 2024

Accepted: 10 April 2024

Published: 12 April 2024

Copyright: © 2024 by the authors.

Licensee MDPI, Basel, Switzerland.

This article is an open access article

distributed under the terms and

conditions of the Creative Commons

Attribution (CC BY) license (https://

creativecommons.org/licenses/by/

4.0/).

buildings

Article

Fundamental Properties of Sub-THz Reflected Waves for Water
Content Estimation of Reinforced Concrete Structures

Akio Tanaka 1,*, Koji Arita 2, Chihiro Kobayashi 3, Tomoya Nishiwaki 3, Tadao Tanabe 4 and Sho Fujii 5

1 Department of Architecture, Nippon Institute of Technology, Saitama 345-8501, Japan
2 Constec Engi,Co., Tokyo 143-0006, Japan; arita-koji@cons-hd.co.jp
3 Graduate School of Engineering, Tohoku University, Sendai 980-8577, Japan;

chihiro.kobayashi.t7@dc.tohoku.ac.jp (C.K.); tomoya.nishiwaki.e8@tohoku.ac.jp (T.N.)
4 College of Engineering and Design, Shibaura Institute of Technology, Tokyo 135-8548, Japan;

tanabet@shibaura-it.ac.jp
5 Faculty of Science, Yamagata University, Yamagata 990-0021, Japan; sfujii@sci.kj.yamagata-u.ac.jp
* Correspondence: tanaka.akio@nit.ac.jp

Abstract: Water plays a significant role in the deterioration of reinforced concrete buildings; therefore,
it is essential to evaluate the water content of the cover concrete. This study explores a novel non-
destructive method for assessing the water content using sub-terahertz (sub-THz) waves. Among the
four frequencies selected to evaluate the water content, an increase in reflectance was observed as
the unit volume water content increased, and smaller data scatter was confirmed as the frequency
increased. The derived empirical equation can classify the corrosion risk of the rebar environment
based on the water content obtained using reflectance measurements. In other words, it can contribute
to the diagnosis of the building integrity associated with rebar corrosion.

Keywords: sub-THz waves; reflection resistivity; measurement angle; volume water content; rebar
corrosion

1. Introduction

Reinforced concrete structures, recognized for their exceptional durability and eco-
nomic efficiency, began to be put to practical use in the world in the 20th century. In Japan,
the extensive adoption of reinforced concrete structures was catalyzed by the Great Kanto
Earthquake in 1923, the period of rapid economic growth beginning in 1955, and the Tokyo
Olympics in 1964. Nowadays, many buildings constructed during these backgrounds have
reached the end of their service life due to deterioration.

The critical condition of reinforced concrete structures is defined by losing their
alkaline atmosphere due to the carbonation of the cover concrete, and this carbonation
reaches the location of the steel bars [1]. Rebar corrosion depends on the environmental
conditions of the building and is strongly observed in areas subject to repetitive dry and
wet conditions [2]. In addition, many buildings have been damaged or deteriorated due to
natural disasters that have occurred frequently in recent years. Damaged buildings may not
be structurally safe enough to be surveyed from a close distance. Therefore, an inspection
method is needed to capture the damaged state of the interior of building materials by
non-destructive inspections from a long distance.

Traditional measurement methods for detecting the internal deterioration of reinforced
concrete structures, such as hammering methods [3], percussion acoustic methods repre-
sented by ASTM C1383-15 (2022) [4–6], ultrasonic methods [7,8], and ground penetrating
radar (GPR) methods [9–13], require direct contact or close proximity to the target object
and are constrained by the nature of the target. Infrared thermography is widely used
in non-contact diagnoses of the external surfaces of buildings [14–16]. However, solar
radiation is a necessary condition for the survey. For this method, it is imperative to
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consider the variations in height, time, and measurement angle relative to the temperature
fluctuations of the target building, and the survey timing is limited due to the influence
of climatic conditions and the surrounding environment. In addition, the thermography
technique makes it difficult to detect delamination as the thickness of the concrete increases.
It is impossible to detect cracks or evaluate the environment for accelerated deterioration
based on the water content. X-ray methods are promising alternatives with non-contact
procedures to inspect the interior of concrete with high resolution [17–19]. On the other
hand, this method uses high energy that is dangerous to the human body and is not easy to
handle in the field.

In this study, measurements were made using low-frequency sub-terahertz (hereafter,
sub-THz) waves (8.5 to 12.5 GHz) with a millimeter wave spectrum, which are used
in electromagnetic radar techniques for rebar detection and meteorological radar. The
sub-THz wave is minimal and safe energy, yet it can penetrate the concrete interior. The
high absorption characteristics of the sub-THz wave by water may offer the potential to
measure the interior water content of concrete, which has a significant impact on rebar
corrosion. To evaluate the water content of concrete, the sub-THz measurement system
was developed and applied. This study scrutinized the influence of the measurement
conditions of the optical system equipment through a three-step experimental process: first,
the measurement distance, area, and angle are determined (STEP1); then, the water content
of concrete is determined (SETP2); finally, the condition of the steel bars in reinforced
concrete is determined (STEP3). Through this process, we aim to examine the evaluation of
water content using sub-THz waves.

2. Outline of Sub-THz Waves

2.1. Definition of Sub-THz Wave

Terahertz (THz) waves are electromagnetic waves characterized by frequencies and
wavelengths in the range of 0.3 to 10 THz and 30 μm to 1 mm in a vacuum, respectively.
They exhibit high penetration capabilities through non-polar materials, while demonstrat-
ing significant absorption characteristics when interacting with polar materials like water.
Sub-terahertz waves, with frequencies and wavelengths spanning from 0.03 to 0.3 THz
and 1 to 10 mm in a vacuum, respectively, share similar attributes to THz waves but offer
superior transmission properties. The frequencies employed in our study, 8.5 to 12.5 GHz,
fall slightly below the conventional sub-THz range of 0.1 to 1 THz. However, our research
group has been investigating the application potential across a broad frequency spectrum
from approximately 0.01 to 10 THz, encompassing frequencies higher than those discussed
in this paper [20–25]. Based on this foundation, we have classified this spectrum as the
“sub-THz” range.

2.2. Sub-THz Wave Optical System

Figure 1 shows schematic diagrams of the (a) transmission and (b) reflection methods
in the sub-THz wave optical system. There are two measurement methods for sub-THz
wave optics: the transmission method [20] and the reflection method [21]. The transmission
method requires the oscillator and detector to be placed in a straight line, which is difficult
to align in measurements on real structures. Therefore, in this experiment, the reflection
method with a half-mirror was mainly employed.

In the reflection method, as shown in Figure 1b, sub-THz waves emitted from the
oscillator with the horn antenna pass through a Teflon lens and a half-mirror. The target
object reflects the wave with a specific intensity of reflectance ratio corresponding to the
conditions. The detector receives the propagated wave through the half-mirror and Teflon
lens. Teflon lenses convert sub-THz waves into collimated beams. The half-mirror plays
the role of straight transmitting the incident wave and reflecting to change the angle of the
reflected wave from the target specimen. Table 1 shows the specifications of the sub-THz
wave optical system used in this study.
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Figure 1. Sub-THz wave optical system. (a) Transmission method. (b) Reflection method.

Table 1. Specification of the sub-THz wave optical system.

Device Specification

Oscillator Frequency range: 7.5 to 15.0 GHz

AMP 0 to 31.5 dBm at 0.5 dBm, Max 1 W,
Frequency range 5 to 20 GHz

Hone Antenna Frequency range: 8.2 to 12.4 GHz
VSWR: 1:15:1 Typ

Teflon Lens φ76.2 mm

Half Mirror Silicon wafer, Type: Non-dope,
Resistivity: over 1000 ohm.cm

Detector Frequency range:10 to 18.5 GHz
Voltage Sensitivity: 450 mV/mW

Wave Absorber Supported frequency bands: C, A, B, X, Ku, K

Here, reflectivity is defined in terms of Equation (1) below. The numerator is the abso-
lute value of the reflection intensity as measured with an oscilloscope. The denominator is
the absolute value of the reflection intensity as measured with an aluminum plate, which is
considered to have 100% reflection or low electromagnetic wave loss. In general, reflectivity
is the ratio of reflected energy to incident energy when the incident is perpendicular to an
object. However, the sub-THz waves used in this study include several unclear aspects
such as the amount of the incidence, reflection, and scattering. Therefore, the reflectivity
was calculated using Equation (1).

Reflectivity(%) =
Detection intensity of specimens (mV)

Detection intensity of aluminum plate (mV)
(1)

3. Experimental Outlines

3.1. Influence of Measurement Conditions of Optical System Equipment (STEP1)
3.1.1. Attenuation Effects by Measurement Distance

In general, electromagnetic waves are attenuated by atmospheric moisture and air
density. Therefore, the farther the distance to the target object, the lower the measured
intensity. In addition, the energy required depends on the depth of the defect to be detected.
Thus, it is necessary to determine an appropriate emitting intensity according to the
distance. In order to understand the electromagnetic characteristics of sub-THz waves, the
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attenuation effect of sub-THz waves with distance was measured with the transmission and
reflection methods. The employed measurement frequencies ranged from 8.5 to 12.5 GHz
at 0.5 GHz intervals. For the transmission method, the measurement distance was 610 to
3000 mm at 10 mm intervals. For the reflection method, the measurement distance was 420
to 650 mm at 5 mm spacing, 650 to 1000 mm at 10 mm spacing, and 1000 to 3000 mm at
500 mm spacing.

The measurable strength limit of the sensor used in the detector is approximately
2000 mV. In addition, there is a risk that a higher intensity can exceed the intensity limit due
to interference and other effects. Therefore, sub-THz waves were oscillated with an output
of 18.5 dBm to obtain an intensity of 1000 mV at a measurement distance of 420 mm for both
the transmission and reflection methods. Since electromagnetic waves generally diffuse
with distance, evaluation on a logarithmic axis is desirable. Therefore, we substituted the
obtained intensity (mV) into Equation (2) to obtain and evaluate the radio wave intensity.

Css = 20log(r f )− 20log(230) (2)

where, Css is the converted intensity (dBm), and r f is the measured intensity (mV).

3.1.2. Irradiation Range

In general, electromagnetic waves diffuse with distance even when polarized into
a collimated beam using the Teflon lens. Therefore, the irradiation range according to
distance was experimentally investigated. Figure 2 shows a schematic diagram of the
irradiation range measurement. The measurement distance is from 600 to 2400 mm, with
the interval of 600 mm. The frequency range was 8.5 to 12.5 GHz. The measurement target
to be measured was a 300 × 300 mm plate made of an aluminum alloy (A5052 according
to JIS H 4000:2022 “Aluminium and aluminium alloy sheets, strips and plates” of Japan
Industrial Standards [26], corresponding to AlMg2.5 of ISO 209 [27]) with a high reflectance
and thickness accuracy of ±0.05 mm or less. The blue and green areas shown in Figure 2
represent electromagnetic wave absorbers based on urethane foam, possessing absorption
performance for frequencies ranging from 0.6 to 50 GHz. The purpose of the blue absorber
was to eliminate the influence on the measurement results caused by the divergence of
electromagnetic waves reflected by the surrounding environment. The green absorber was
placed in front of the 300 × 300 mm aluminum plate to examine the irradiation range. The
green absorber was enlarged by 20 mm each time to investigate the irradiation range based
on the attenuation of intensity. The minimum visible size of the target aluminum plate was
set to 100 × 100 mm. The reflectivity Rir was calculated using Equation (3).

Rir(%) =
Intensity with the absorbers (mV)

Intensity without any absorbers (mV)
(3)

Figure 2. Schematic diagram of the irradiation range measurement.

3.1.3. Measurement Angle

When measuring actual building structures, the measurement environment, including
the location conditions of the target structures, often precludes the possibility of conducting
measurements directly from the front. Therefore, this section aims to experimentally
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verify the influence of the measurement angle. Measurements were conducted using an
aluminum plate to simulate the target object. Figure 3 shows a schematic diagram of the
measurement to assess the effect of angles. The aluminum plate was rotated by 1 degrees
in each direction, with clockwise rotation as positive and counterclockwise rotation as
negative. The measurement distance ranged from 1200 to 2400 mm, with measurements
taken at 600 mm intervals. The reflectivity Ran was calculated using Equation (4).

Ran(%) =
Intensity with the inclined angle (mV)

Intensity with the angle of 0 degrees (mV)
(4)

Figure 3. Schematic diagram of the effect of measurement angle.

3.2. Determine Water Content of Concrete (STEP2)
Outlines of Concrete Specimen

In this step of the process, concrete specimens were prepared to measure their water
content. Table 2 shows the mix proportion of the concrete specimens. Tap water was used
as mixing water (W). Ordinary Portland cement (density: 3.16 g/cm3) was used for cement
(C). The fine aggregate (S) was land sand (density: 2.58 g/cm3), and the coarse aggregate
(G) was crushed hard sandstone with a size from 5 to 20 mm (density: 2.65 g/cm3). In
Japan, concrete buildings typically employ concrete with a compressive strength ranging
from 18 to 45 N/mm2. The average water–cement ratio corresponding to these compressive
strengths is approximately 50 to 58%; our study utilized concrete with a W/C ratio of 50
to 58%.

Table 2. Mix proportion of concrete.

W/C
(%)

s/a
(%)

Unit Amount (kg/m3) Geometry
(mm)W C S G

50 49 172 344 851 912 100 × 100 × 100

53 49 172 287 875 936 200 × 200 × 200

55 47.4 162 295 870 965 780 × 780 × 150

58 44 176 303 780 1012 780 × 780 × 150

The geometries of the specimens were cube types of 100 × 100 × 100 and 200 × 200 ×
200 mm, and wall types of 780 × 780 × 150 mm. The specimens were demolded at 7 days
from casting and cured in water until 28 days of age. The 200 mm cube specimens were
then cut into plate specimens with a thickness of 30 and 50 mm using a concrete saw. All
specimens were dried at 105 ◦C for 2 weeks to define the absolute dried condition. For the
air-dried condition, the specimens after drying were maintained in a thermostatic chamber
at 20 ◦C and 60% humidity. Moreover, for the wet condition, the specimens after drying
were allowed to absorb moisture in a desiccator at 20 ◦C and 100% humidity.

The 100 mm cube specimens were subjected to three levels of water content: dry
(0.4% water content), air-dry (2.0% water content), and wet (4.3% water content). The
water content of the actual structure tends to increase from the surface towards the interior.
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Therefore, the 200 × 200 × 30 and 200 × 200 × 50 mm specimens were allowed to absorb
water from the cut surfaces to simulate the water content trend of the actual structure.

Here, measurements were conducted using frequencies of 9.4, 10.9, 11.5, and 12.3 GHz,
where a preliminary investigation confirmed a trend of increasing the reflectance with the
higher water content [28]. Measurements were carried out at a 900 mm distance.

In case of the wall specimens, the risk of corrosion in the reinforcing rebars inside
concrete increases with the high water content surrounding them. To simulate the corrosive
environments at any given point within the concrete specimens, we adopted the water
injection method to control the water content. The water content can be adjusted by holes
which are 20 mm in diameter and 100 mm deep; these holes were drilled at 100 mm
intervals from the center of the specimen. Water was injected to an area of approximately
300 × 300 mm from the side opposite to the measurement surface of the specimen to
partially change the water content. Aluminum tape was attached to the left edge of the
specimen to serve as the reflectivity reference.

3.3. Effect of Rebar in Reinforced Concrete Members (STEP3)
3.3.1. Outlines of Reinforce Concrete Specimen

In this step of the process, reinforced concrete specimens were used to investigate the
effect of rebar within concrete on the measurement results. The specimens were made of
concrete with a water–cement ratio of 58% (shown in Table 2). Figure 4 shows an overview
of the reinforced concrete member. In this study, the influence of the reinforcement condi-
tion on the water content estimation has been considered as an experimental parameter.
Therefore, the over-dense to sparse arrangement was employed. The geometry of the wall
specimen was 780 × 780 × 150 mm with D13 deformed bars embedded at a cover depth of
30 mm and spacing of 40, 125, 200, and 250 mm to ensure non-uniform reinforcement. The
longitudinal rebars were placed at a cover thickness of 30 mm.

Figure 4. Overview of the reinforced concrete member.

3.3.2. Experimental Procedures

The measurement distance was 900 mm, and the frequency was 12.3 GHz, which is
considered optimal for determining the water content of concrete surfaces as described
below. The measurement angle was set at 90 degrees from the front of the specimen,
which is directly in front of the specimen. The angle of the optical system was changed by
5 degrees to 15 degrees (the measurement angles: 90, 85, 80, and 75 degrees, as shown in
Figure 5). The optical system was moved at 100 mm intervals in the vertical and horizontal
directions to measure each area of the wall specimen, and a total of 42 points were measured
(6 rows (A to F) in the vertical direction and 7 (1 to 7) columns in the horizontal direction)
to evaluate the water content of the entire concrete wall.
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Figure 5. Measuring situation of wall specimens.

The water content of the specimens was measured using a contact-type electrical
resistance water content meter, which can be easily used for measurements by pressing
it against the concrete surface. The objective of the employed device was to qualitatively
measure the water content. The specimen was dried up to the same measured values of the
controlled specimen with the water content of 3.5%.

4. Experimental Results and Discussion

4.1. Influence of Measurement Conditions of Optical System Equipment (STEP1)
4.1.1. Attenuation Effects by Measurement Distance

Figures 6 and 7 show the results of distance attenuation by using the transmission
and reflection methods, respectively. For both the transmission and reflection methods, it
was confirmed that the intensity attenuates as the measurement distance increases. In the
reflection method, the detected intensity attenuates with significant amplitude fluctuations
compared to the transmission method. This is due to interference between the incident
and reflected waves. In the reflection method, detection intensities higher than the output
of 18.5 dBm were obtained at 10, 0.5, and 11.5 GHz up to a measurement distance of
approximately 600 mm. This is presumably due to the interference between the incident
and reflected waves, and also because the detection sensitivity of the detector increases
with the high frequency.

Figure 6. Distance attenuation (transmission method).
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Figure 7. Distance attenuation (reflection method).

4.1.2. Relationship between the Measurement Distance and Irradiation Area

Figure 8 shows the irradiation range according to the measurement distance. The
scale bar of reflectivity Rir was calculated using Equation (3). A high Rir indicates a red
color, and a large red area indicates the diffusion of the sub-THz waves. In contrast, green
indicates a low Rir, and a large green area means high directivity. In the case where the
measurement distance was 600 mm, a high reflectivity was obtained in the 100 × 100 mm
range, confirming that the Teflon lenses were able to provide generally parallel beams.
When the measurement distance is more than 1200 mm, the electromagnetic wave diffuses
down to about 200 mm in diameter, and the irradiation area is expanded.

Figure 8. Relationship distance and radiation range.

When this method is practically used on-site, a greater distance to the target structure
building might be needed. Therefore, it is essential to examine the dispersion of the
sub-THz wave at further measurement distances.

4.1.3. Relationship between the Measurement Distance and Measurement Angle

Figure 9 shows the effect of the measurement angle. The positive and negative rotation
angles produced a reflectivity Ran that was symmetrical with respect to 0 degrees. Within
an angle range of ±2 degrees, Ran shows approximately more than 80%. Furthermore,
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within an angle range of ±5 degrees, a linear decreasing trend of Ran is observed. Beyond
these angles, fluctuations in Ran due to the interference of sub-THz waves can be confirmed.

Figure 9. Effect of the measurement angle.

It is therefore predicted that the oblique incidence of sub-THz waves at different
measurement angles will reduce the accuracy of detection. Therefore, the decrease in
reflectance due to a 1 degrees deviation in measurement angle must be fully considered,
and further studies on the allowable range of measurement angles and correction methods
are needed.

4.2. Study to Determine Water Content of Concrete (STEP2)
4.2.1. Relationship between Unit Volume Water Content and Reflectance

The results of the measurements of concrete with different water contents suggest that
in the transmission method, the strength decreases as the water content increases, while in
the reflection method, as the water content increases, the reflected strength also tends to
increase [28].

Figure 10 shows the relationship between the unit volume water content and reflec-
tivity calculated using Equation (1). The result of 9.4 GHz shows a linear trend between
the unit volume water content and reflectivity when the three specimens are evaluated
individually. However, the relationship includes a large variation. The reflectivity tended
to increase as the unit volume water content increased, regardless of the test specimen.
Within the range of this experiment, the variation in the reflectivity tended to decrease as
the frequency increased, with the smallest variation at 12.3 GHz. It can be inferred from this
that the measurement at 12.3 GHz is the most suitable among the employed frequencies for
determining the water content at the cover concrete.
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Figure 10. Relationship between the unit volume water content and reflectance.

4.2.2. Estimation of Water Content Distribution at the Water Inlet Location

The results suggest that it may be possible to identify the location of the water injection
and the location of the dry state in the transmission method [20]. The same results are
expected to be obtained in the present study; however, they do not necessarily coincide
with those obtained for a specimen simulating a real structure. Therefore, experiments
were conducted under conditions in which the moisture content and reflected intensity
could be determined, and the intensity obtained from the reflection method was used to
stockpile basic data for the water content evaluation as follows.

Figure 11 shows the estimated distribution of water content at the locations of the
water injections. The yellow framed areas indicate the locations where water was injected
from the backside of the specimen. The color scale of this figure shows that the reflectivity
increases in the order of red, white, and blue.

At the measurement results with 9.4 GHz, high reflectivity was observed at the right
end of the specimens and low reflectivity was observed at the left side of the specimens; at
10.9 GHz, no high reflectivity was observed at the water injection point and high reflectivity
was observed at the center and bottom of the specimens; at 11.5 and 12.3 GHz, high
reflectivity was observed near the water injection point, suggesting that water was detected.
These results suggest that differences in the understanding of water distribution were
obtained due to the relationship between the penetration depth of the injected water and
the wavelength of the frequency, as well as differences in the transmittance of the frequency.
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Figure 11. Estimated distribution of water content at the water inlet locations.

4.3. Effect of Measurement Angle on Reinforced Concrete Members (STEP3)

Figure 12 shows the intensity distribution of the measured angles of the non-uniformly
reinforced concrete specimen measured using the frequency of 12.3 GHz. The color scale
in the figure indicates the ascending order of the detection intensity from green to white
to red.

Figure 12. Reflected intensity as a function of measurement angle for reinforced concrete members.

The highest detection intensity was obtained at a measurement angle of 85 degrees,
beyond which the detection intensity diminished with a decreasing measurement angle.
The distribution of detection intensity at a 90 degrees angle was similar to the distribution of
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water content. However, no correlation between the detection intensity and water content
distribution was noted at the other measurement angles.

At measurement angles of 85, 80, and 75 degrees, detection intensities resembling
vertical stripes were observed, predominantly at the locations corresponding to the rebar,
indicating its detection. Although 12.3 GHz has no significant penetrating performance
through concrete, Figure 13 suggests that the reflected sub-THz waves from the concrete
surface follow a different propagation path compared to the incident waves, leading to the
reduced detected intensity. However, the sub-THz waves that penetrated the concrete were
reflected by the rebar and traced the same path as the incident wave, which is assumed to
have resulted in a clear difference in detection intensity.

Figure 13. Propagation path conceptual diagram.

5. Conclusions

The following findings were obtained regarding the selection of frequencies and the
applicability of the selected frequencies for the purpose of determining the water content
of concrete from a distance using sub-THz waves:

(1) The effects of the measurement angle were systematically investigated: when the
angle between the object and the measurement device was established at 90 degrees as
the reference, variations of ±2 degrees resulted in a reduction of up to 80% in reflection
intensity. This phenomenon exhibited a linear trend up to a deviation of ±5 degrees;
beyond a deviation of ±10 degrees, an accurate assessment of the object’s condition
might be compromised due to the effects of secondary reflections and electromagnetic
wave scattering. These findings suggest that, for the purpose of evaluating the
condition of the concrete based on the reflectivity data, the measurement angle should
ideally be maintained within a range of ±5 degrees from the 90-degree reference.

(2) The irradiation range of the sub-THz wave differs depending on the measurement
distance. The farther the measurement distance, the larger the irradiation range, and
a more diffuse electromagnetic wave was observed. However, it was confirmed that
the light was generally focused at about 200 × 200 mm.

(3) In the estimation of the water content of concrete using the reflection method, the trend
of increasing reflectance with increasing water content was confirmed by selecting
frequencies (9.4, 10.3, 11.5, and 12.3 GHz). The results indicate that when moisture
content distribution is generated in concrete wall members, the selected frequencies
may be used to identify locations with high water content.

(4) Upon conducting measurements of the reinforced concrete wall specimens from
varying angles, it was discerned that the relative impact of the concrete surface layer
as opposed to that of the reinforcing bars exhibited variance at a measurement angle
of approximately 90 ± 10 degrees, contingent upon the specific angle of measurement
employed. This variance is ostensibly attributed to the propagation pathways of the
reflected waves. Consequently, the findings indicate that, for the purpose of assessing

95



Buildings 2024, 14, 1076

the moisture content within the concrete surface layer, the measurement angle ought
to be meticulously maintained within a range of 90 ± 5 degrees.

In this paper, the potential of using sub-THz waves for estimating the water content of
concrete surface layers from a distance was demonstrated. The use of sub-THz waves is
not limited to estimating water content but is also applicable for identifying cracks inside
concrete caused by reinforcing bar corrosion, fire loading, and so on. However, since
studying cracks requires measuring defects smaller than the wavelength of the frequency
used, it is crucial to understand electromagnetic wave characteristics, including interference,
scattering, and absorption by the rebar and propagation paths.

Therefore, as a direction for future research, to precisely obtain information on the
interior of concrete, especially targeting cracks, it is essential to comprehend the electromag-
netic wave characteristics, construct a measurement system that can disregard the effects of
interference, and process information using AI.
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Abstract: The azimuth track is an important component of the radio telescope wheel–rail system.
During operation, the azimuth track is inevitably subject to phenomena such as track wear, track
fatigue cracks, and impact damage to welded joints, which can affect observation accuracy. The 110 m
QiTai radio telescope (QTT) studied in this paper is the world’s largest fully steerable radio telescope
at present, and its track will bear the largest load ever. Since the welded joint of an azimuth track is
the weakest part, an innovative welding method (multi-layer and multi-pass weld) is adopted for the
thick welding section. Therefore, it is necessary to study the contact mechanical properties between
the wheel and the azimuth track in this welded joint. In this study, tensile tests based on digital
image correlation technology (DIC) and Vickers hardness tests are carried out in the metal zone (BM),
heat-affected zone (HAZ), modified layer, and weld zone (WZ) of the welded joint, and the measured
data are used to fit the elastic–plastic constitutive model for the different zones of the welded joint
in the azimuth track. Based on the constitutive model established, a nonlinear finite element model
is built and used to simulate the rolling mechanical performance between the wheel and azimuth
track. Through the analysis of simulated data, we obtained the stress distribution of the track under
different pre-designed loads and identified the locations most susceptible to damage during ordinary
working conditions, braking conditions, and start-up conditions. The result can provide a significant
theoretical basis for future research and for the monitoring of large track damage.

Keywords: azimuth track; welded joint; multi-layer and multi-pass; wheel–rail contact; mechanical
property; finite element model

1. Introduction

During the operation of radio telescopes, a series of problems affecting the pointing
accuracy of the azimuth tracks [1], such as track wear, fatigue cracks, and impact damage
to track welded joints, occur in the wheel–rail contact system. A lot of design optimizations
and improvements to tracks have already been conducted [2–4]. For the QiTai radio
telescope (QTT) studied in this paper, the joints of the azimuth track are all welded. Since
the welded joint is the weakest part of the entire track, most of the damage occurs in this
zone. The welded joint of the azimuth track adopts an innovative multi-pass welding
method of multi-layer and multi-pass due to the thick track. Therefore, it is significant to
study the contact mechanical characteristics in the welded joint.

In the research of welded joints, there are four methods commonly used to obtain
the local mechanical properties. The first method is based on hardness testing, charac-
terizing the local constitutive behavior of the welded joint by the correlation between
hardness values and strength, but the empirical hardness–strength relationship proposed
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by different researchers is only valid for the materials studied and lacks universality. The
second method is to obtain the stress–strain constitutive relationship by cutting microscopic
specimens and conducting tensile, shear, and impact tests. This method can provide a
relatively accurate stress–strain constitutive relationship as long as the material in the
specimen is uniform. However, it is difficult to ensure the uniformity of the material in
the joint due to the presence of welding heat, especially in the heat-affected zone where
material property gradients exist. The third method is to simulate the welding process
through thermodynamic finite element analysis, but it is difficult to accurately reproduce
the temperature history of the welded joint. The fourth method is the DIC technology
approach. This method has made good progress. According to these methods, many schol-
ars have conducted all kinds of experiments. Microscopically, Kumar et al. [5] conducted
micro-hardness, tensile, and impact tests on the welded joints and analyzed the microstruc-
tural properties of the multi-pass welded joints. Han [6] explained the evolution of the
microstructure and mechanical properties of welded joints. These studies focused on the
microstructure of materials and achieved good results. Macroscopically, Saranath et al. [7]
conducted research on the welded joints by cutting microscopic samples and subjecting
them to tension, shear, and impact tests, but it is difficult to ensure the uniformity of the
materials due to the influence of thermal processes in the welded joint. Zhang et al. [8]
studied the welded joints by simulating the weld process through thermodynamic finite
element analysis, but it is difficult to accurately reproduce the temperature history of the
welded joint. However, with the widespread application of digital image correlation (DIC)
technology, the aforementioned problems have been solved. Zhang et al. [9] used DIC
technology to analyze the strain field of the welded joint, which can effectively obtain the
local constitutive relation of the nonuniform welded joint, but it also has a drawback in
that it cannot obtain the complete stress–strain curve of the nonfracture position.

In the research on wheel–rail contact, there are already a sufficient theoretical founda-
tion and technical methods for determining the wheel–rail contact of track vehicles. For the
mechanical analysis and damage analysis of wheel–rail contact, the mainstream methods
currently are finite element simulation analysis and numerical simulation analysis. Tan
and Shi [10] used numerical simulation to solve wheel–rail fatigue damage. Moreover,
they [11] also used the multi-finite-element coupling method and the multi-time-step solu-
tion method to solve the dynamics of wheel–rail contact. Many wheel–rail contact methods
have been applied in azimuth tracks such as the finite element method. Arslan [12] and
Twllsikivi [13] found that the track is more prone to significant plastic deformation during
wheel–rail contact. Kuminek and Aniolek [14] investigated the influence of computational
accuracy. Tian et al. [15] analyzed the deformation patterns during wheel–rail contact.
Fu et al. [16] obtained the maximum contact stress and contact width of the wheel–rail
based on the Hertz elastic contact theory. Yang et al. [17] discussed wheel–rail frictional
rolling contact using the explicit finite element analysis method. However, these methods
lack an experimental basis for material parameters, material properties, and track divi-
sion. Moreover, the models established above are finite element models of the form “base
metal–welded joint–base metal”. Although this method saves a lot of computation time, it
ignores the influence of the heat-affected zone of the welded joint, leading to significant
discrepancies between the simulation results and the actual test results.

In this paper, we conducted experiments at a macro level. We combined and improved
existing methods to analyze the welded joint of the azimuth track by conducting tensile
tests and Vickers hardness measurements based on digital image technology. Then, we
fitted constitutive models of the welded joint by comparing and analyzing the experimental
data, and a real finite element model of the azimuth track was established. Based on these,
the Mises stress of welded joints during smooth operation under different loads and the
distribution of stress on the welded joint surface during start-up and braking conditions
were obtained by simulation.
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2. Experiment

2.1. Tensile Experiment Based on DIC

The test material was selected from the 110 m radio telescope overall track weld sample
provided by 39th Research Institute of China Electronics Technology Group Corporation.
The track material is 42CrMo steel and adopts a method of multi-pass, single-groove
welding for the track. The welding process first implements the welding of the modified
layer, followed by the welding of the filling layer, and finally implements the welding of
the surface overlay layer. Figure 1 shows the overall track weld sample and joint form of
the 110 m radio telescope.

Figure 1. A 110 m radio telescope overall azimuth track weld sample and joint form.

According to the tensile test method for metallic materials in ISO 6892-1:2019 [18], a
quasi-static tensile specimen was cut and designed at the welded joint of the 110 m radio
azimuth track using wire electrical discharge machining. Considering the use of a layered
weld process for the azimuth track welded joint, a cut was carried out along the depth
direction of the welded joint based on the weld morphology. There were two types of
test specimens, namely specimen 1 and specimen 2. They both consisted of the metal
zone (BM), the heat-affected zone (HAZ), the modified layer, and the weld zone (WZ), but
the difference between them was that they use different weld methods for the WZ. The
dumbbell specimen was sampled longitudinally along the track. The sampling position
and the physical object are shown in Figure 2.

Figure 2. Schematic diagram of specimen sampling location.

The uniaxial tensile test was conducted on an INSTRON 5982 composite material
testing machine and a VIC-3D measurement system, as shown in Figure 3a. The stretching
experiment machine uses displacement control. The VIC-3D strain measurement system in-
cludes two highly integrated high-speed cameras that can track the displacement and strain
of each pixel within the field of view. They were placed at an angle of 30◦ approximately
in front of the specimen to capture the speckle changes on the surface of the specimen
during the stretching process. DIC technology can obtain the strain of any point on the
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predetermined path at any time. The optical measurement points mainly serve as virtual
extensometers to measure the strain distribution at the ROI zone of the welded joint. The
optical measurement path combined with the stretching sample is shown in Figure 3b, with
an optical measurement range of 160 mm, including the BM, HAZ, and WZ.

  
(a) (b) 

Figure 3. Tensile test with DIC. (a) Test measurement equipment; (b) schematic diagram of the location
of optical measurement points.

2.2. Hardness Experiment

According to standard ISO 6507-1:2005 [19], the Vickers hardness test was conducted
on the welded joint, as shown in Figure 4a. In this test, a small force was applied perpen-
dicular to the test surface for Vickers hardness, with a maximum loading time of 8 s and a
head descent speed not exceeding 0.3 mm/s. The lengths of the two diagonal lines of the
indentation were measured, and the Vickers hardness value was calculated according to the
relevant standard. As shown in Figure 4b, the hardness measurement was centered on the
welded joint, spanning four zones from position A to B, namely the WZ, the modified layer,
the HAZ, and the BM. The total length of AB was approximately 75 mm, with a spacing
of 5 mm, and a total of 16 hardness points were tested. The test force was 0.98 N, with a
duration of 8 s. To improve the accuracy of the hardness test and eliminate anomalies, the
welded joint underwent three hardness tests, and the average value was taken as the final
result of the Vickers hardness test for that welded joint.

 
 

(a) (b) 

Figure 4. Hardness test. (a) Instrument for Vickers hardness test; (b) schematic diagram of the location
of Vickers hardness measurement points.

2.3. Experimental Results and Data Analysis

Figure 5 shows the strain contours of the welded joint DIC at different times. It can
be seen that the strain distribution on both sides of the WZ remained symmetrical. In
specimen 1, the strain was mainly concentrated in the HAZ, with smaller strain values in
the BM and WZ. As the load increased, necking occurred in the HAZ. In specimen 2, the
strain was also concentrated in the zone close to the welded joint, namely the HAZ and the
modified layer zone, while the strain in the BM and WZ remained relatively stable. With
the increase in load, a fracture occurred in the HAZ position.
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(a) (b)  

Figure 5. The strain contours of specimens. (a) Specimen 1; (b) specimen 2.

From Figure 6, it can be seen that only the HAZ and the modified layer exhibited
relatively complete stress–strain curves, indicating that, the weaker the mechanical perfor-
mance of the stress–strain parameters, the more prone the weld is to fracture. Additionally,
the weld material showed significant heterogeneity, with noticeable differences in the
mechanical performance of the BM, HAZ, overlay layer, modified layer, and filler layer.

Figure 6. Stress–strain curve of welded joints.

The characteristic points were extracted from the BM, HAZ, overlay layer, modified
layer, and filler layer. The strain–time curves of each zone’s characteristic points were
plotted on the same graph, as shown in Figure 7. It can be seen that the strain rate of the
HAZ and the modified layer was significantly higher than that of the overlay and the BM.
As the time increased, the changes in strain in the HAZ were most evident.
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Figure 7. Strain–time variation curve.

Figure 8 shows the distribution curve of strain on the surface of the welded joint
under different tensile loads. It can be observed that, as the tensile load increased, the
strain distribution on the surface of the welded joint exhibited approximately symmetrical
characteristics with respect to the WZ. In addition, the strain variation in the BM and WZ
was relatively small, while it was more significant in the HAZ.

Figure 8. Changes in strain of welded joints under different loads.

From Figure 9, it can be seen that the distribution pattern of the elastic modulus in
the welded joint showed a W-shaped distribution. The elastic modulus of the BM was the
highest, followed by the WZ, and the HAZ and the modified layer had the lowest elastic
modulus. This can explain the reason why plastic deformation first occurred at the HAZ
and modified layer in the DIC strain contour. Figure 10 shows the distribution pattern
of yield strength in the welded joint: The order of magnitude for the yield strength and
tensile strength of specimen 1 was BM > WZ-Overlay > modified layer > HAZ. The yield
strength of specimen 2 was in the following order: BM >WZ-Filler> modified layer > HAZ.
Although the HAZ and the modified layer were more prone to plastic deformation, their
elongation after fracture was higher than that for the BM and WZ.

Figure 11 shows that the hardness of the WZ-Overlay of specimen 1 fluctuated within
the range of 310 HV to 340 HV, while the hardness of the BM fluctuated in the range
325 HV~375 HV; the minimum hardness of the welded joint was located at the HAZ. As
the distance from the center of the welded joint increased, the hardness of the welded joint
gradually decreased. At a distance of 35 mm from the center of the welded joint, there was
a low hardness point, with hardness values fluctuating in the range of 200 HV~225 HV. The
hardness of the WZ-Filler in specimen 2 fluctuated in the range of 300 HV~337 HV, and the
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hardness of the BM fluctuated in the range of 325 HV~375 HV. The minimum hardness of
the welded joint was located at the HAZ.

 
(a) (b) 

Figure 9. Elastic modulus contours of specimens.(a) Sample 1; (b) Sample 2.

 
(a) (b) 

Figure 10. The yield stress contours of specimens. (a) Sample 1; (b) Sample 2.

 
(a) (b) 

Figure 11. The Vickers hardness contours of specimens. (a) Sample 1; (b) Sample 2.

The hardness values of WZ and BM changed relatively little, while the hardness of
HAZ fluctuated greatly. This is because the HAZ undergoes heating and cooling cycles,
which cause changes in its microstructure and properties. The most severe change is grain
growth, which leads to the most significant softening and affects the hardness value. As the
distance from the center of the welded joint increases, the influence of heat input weakens,
and the hardness gradually recovers to the BM, which determines that the weakest zone of
the welded joint is located at the HAZ.
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Figure 12 compares the distribution of Vickers hardness and yield strength in the
welded joint, it was found that there was a certain correlation between them. Similarly, the
hardness value fluctuated significantly at the HAZ.

 
(a) (b) 

Figure 12. Yield stress and Vickers hardness contours of specimens. (a) Sample 1; (b) Sample 2.

3. Model

3.1. Elastic–Plastic Constitutive Model

From the mechanical curves, it is known that there are differences in the mechanical
properties of the BM, HAZ, and WZ, and their strain relationships all exhibited significant
nonlinear characteristics. Therefore, the use of linear elastic models or bilinear constitutive
models cannot accurately describe the hardening of the welded joint.

The Ramberg–Osgood model [20], as an excellent method for fitting material charac-
teristic curves considering strain hardening effects, is widely used to establish and describe
the elastic–plastic and the stress–strain relationships of metal materials. This model was
initially proposed by C. G. Ramberg and W. R. Osgood in 1943. The basic form of the model
is as follows:

ε =
σ

E
+ ε0

(
σ

σε0

)n
(1)

where E is the elastic modulus,σε0 is the conventional elastic limit, ε is the residual strain
corresponding to σε0 , and n is the strain hardening parameter.

As shown in Figure 6, it can be seen from the experimental curve that both the base
material and the weld material did not have a clear yield. Therefore, the constitutive
parameters of the R-O constitutive relationship fitting model were chosen. The stress at
0.2% plastic strain was taken as the conventional elastic limit.

σε0 = σ0.2 (2)

Correspondingly, if σε0 = 0.002, the equation can be transformed into the following:

ε =
σ

E
+ 0.002

(
σ

σ0.2

)n
(3)

Equation (3) represents the stress–strain constitutive equation of the track welded
joint under uniaxial tensile load. By conducting uniaxial tensile tests, the nominal stress–
strain curves of each zone’s optical measurement points were obtained. After converting
them into true stress–strain curves, we can obtain the elastic modulus and yield limit
of the material. Further fitting the experimental data using the R-O constitutive model
yields the strain hardening exponent, thus completing the determination of the material’s
R-O constitutive parameters. The constitutive parameters are shown in Table 1 and the
comparison between the experiment and the fitting model is given in Figure 13. It shows
that the R-O fitting model was a good fit.
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Table 1. Constitutive parameters of welded joint material for azimuth track.

Zone E/GPa σ0.2/MPa n

BM 221 623.7 10.55
HAZ 205 530.6 9.469

WZ-Modified 207 542.2 9.672
WZ-Overlay 215 594.6 10.16

WZ-Filler 212 574.8 10.245

Figure 13. Experimental stress–strain curve and fitting.

3.2. Finite Element Model
3.2.1. Structure and Mesh

A simulation model of the track welded joint was built with five parts: BM, HAZ,
WZ-Modified layer, WZ-Overlay, and WZ-Filler. Figure 14a shows the different material
properties assigned to the five parts for subsequent simulation analysis. Based on the
results of the mechanical experiment, the width of the welded joint on the track surface
was 50 mm, with a depth of 80 mm. The ends of the welded joint were closely attached to
the BM, with a transition layer width of 5 mm. The width of the overlay layer on the top of
the welded joint was 15 mm, with the center part being the filler layer, and the width of the
HAZ was 20 mm. The material properties were set as 42CrMo for the track and wheel base
material, H08Mn2Si for the modified layer, D507 for the surfacing layer, and J607Ni for the
filling layer, with specific plastic parameters obtained from the experiments.

  
(a) (b) 

Figure 14. Wheel-track model. (a) Solid model, (b) Finite element model.

To ensure calculation accuracy, hexahedral elements were used for discretization of
the antenna track, wheel, and welding area in the model, and C3D8R elements suitable
for contact calculation were selected. Compared to regular fully integrated elements, one
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integration point was reduced in each direction. Linear reduced integration elements have
only one integration point at the center of the element, making it easy to view the analysis
results at the integration point. Figure 14b shows the local mesh refinement in the welding
seam area and the wheel–rail contact area.

3.2.2. Boundary Conditions

To simulate fixed boundary conditions, all degrees of freedom of the bottom nodes of
the track were constrained. The contact properties between the wheel and the track can be
divided into normal action and tangential action. For normal action, the system defaulted
to using a “hard contact” model, where the contact pressure between contact surfaces can
reach infinity, and the gap can be a negative value. As for tangential action, the system used
the Coulomb friction model to describe the friction characteristics between contact surfaces,
where the friction coefficient is used to measure the resistance of the contact surfaces in the
tangential direction.

3.2.3. Stress Initialization

There were three steps for the analysis. The purpose of the first analysis step was to
move the wheel downwards to make it come into contact with the track with an interference
fit, thus establishing a stable contact between the track and the wheel. The purpose of the
second analysis step was to release gravity to allow the wheel track to naturally establish
steady contact. The purpose of the third analysis step was to establish steady rolling of the
wheel. Figure 15 shows the cross distribution of contact stress on the track surface after
steady rolling.

Figure 15. Contact stress distribution on the surface of track.

The purpose of the second analysis step was to apply gravity to make the wheel
press down and rebound on the track, ultimately establishing a stable natural contact state
between the wheel and the track. This process is to gradually reduce the gap between the
wheel and the track, achieving a tighter wheel–rail contact effect. As shown in Figure 16, it
can be seen that as the incremental step increased, the contact stress fluctuated violently
before 0.4 s, repeatedly pressing down and rebounding. The stress will increase when
pressed down and decrease when rebounding. Finally, after 0.4 s, the contact stress of the
track gradually tended to a constant value, indicating that a steady contact state between
the wheel and track was established at this time.
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Figure 16. Curve of contact stress with analysis step time.

4. Simulation and Discussion

4.1. The Mises Stress of Welded Joints during Ordinary Working Condition under Different Loads

The overall weight of the QTT is about 6000–7000 tons. It is supported by approxi-
mately 30 or more bearing wheels, with each wheel bearing a load of about 200–240 tons.
In order to study the influence of the self-weight of the structure on the mechanical charac-
teristics of the azimuth wheel–rail rolling contact, a simulation study for ordinary working
condition was conducted to examine the variation in contact stress under five different
loads: 200 t, 210 t, 220 t, 230 t, and 240 t.

Figure 17a–c shows the contour of Mises stress under partial loads at different depths
of the azimuth track in the BM, HAZ, and WZ. Extracting the Mises stress along the depth
direction, the trend of the Mises stress in the BM, HAZ, and WZ with different loads can be
obtained in Figure 17d–f. It can be seen that the Mises stress showed a trend of increasing
first and then decreasing with the change in the contact surface depth, and the values of
the Mises stress all reached the maximum at a subsurface depth of about 6 mm on the
contact surface. For example, the Mises contour under 210 t at 6 mm depth in the HAZ was
375.2 MPa, and it was obviously higher than that at other depths in the same conditions.

Figure 18a shows a stress contour example of the Mises stress distribution in the BM
under 200 t. Figure 18b shows the situation of the maximum Mises stress in the different
zones under different loads. It can be observed that the Mises stress on the wheel–rail
gradually increased with the increase in load. Meanwhile, it also showed a trend of the
stress field with “HAZ > WZ > BM”; it was fully and completely consistent with the
distribution pattern of yield strength in the experiment. Figure 19 shows the vertical
deformation distribution of the azimuth track welding joints under different loads, with
the vertical deformation of the HAZ being the largest, followed by the WZ, and that of the
BM being the smallest.

Through simulation analysis in this part, we first predicted the overall stress field
distribution of the QTT under the ordinary working condition with different pre-loads,
and this verified the correctness of the experiment by the distribution of the stress in each
zone. Secondly, the zone with the highest stress was located at 25–27 mm on both sides
of the center of the weld in the track welding area, while the areas with lower stress were
at 0–24 mm on both sides and 50 mm away. Thirdly, it was found that the most perilous
points for the future operation of the QTT were 22 mm inward from both sides of the cross
track and 6 mm vertically from the track. Finally, it was concluded that the maximum
vertical deformation occurred in the HAZ zone when the design axle load was 230 t.
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(a) (b) 

 
 

(c) (d) 

  
(e)  (f)  

 

Figure 17. Mises stress distribution in the weld zone at different depths. (a) Mises contour under
200 t at different depths in the BM; (b) Mises contour under 210 t at different depths in the HAZ;
(c) Mises contour under 240 t at different depths in the WZ; (d) Mises contour under different loads
at different depths in the BM; (e) Mises contour under different loads at different depths in the HAZ;
(f) Mises contour under different loads at different depths in the WZ.

 
(a) (b) 

Figure 18. Mises stress distribution in the weld zone under different loads. (a) Mises stress dis-
tribution in the BM under 200 t. (b) Mises stress distribution in the welded joint under different
loads.

132



Buildings 2024, 14, 1300

Figure 19. Vertical deformation distribution of weld zone under different loads.

4.2. Formatting of Mathematical Components

This section conducts finite element simulations of the start-up and rapid braking of
the large radio telescope to better understand the force conditions on the track. Based on
the results, appropriate measures can be taken, such as limiting acceleration and velocity,
to reduce damage to the track and ensure its safety and reliability.

4.2.1. Start-Up Working Condition

Simulation analysis of the mechanical response of the welded joint at various zones
during the telescope start-up process under a 200 t load. The start-up speed is defined using
the smooth step amplitude curve provided in ABAQUS, with an acceleration to 1 rad/s
within 1 s. The start-up speed loading method is shown in Figure 20a.

 
(a) (b) 

Figure 20. Start-up condition. (a) Speed loading method; (b) distribution of contact stress on the
surface of the welded joint.

Figure 20b depicts the contact stress distribution on the surface of the welded joint
under start-up conditions. It can be observed that the BM, HAZ, and WZ exhibited
significant differences in contact stress, and there was also considerable fluctuation in the
distribution of contact stress values within the same zone. However, the stress in each zone
fluctuated within a fixed range. From a global perspective, under the operating conditions,
the distribution of contact stress on the surface of the welded joint showed a W-like pattern.

Therefore, it can be seen that the contact stress amplification in the HAZ was the
highest among the three different zones. This indicates that the start-up condition has the
greatest impact on the contact stress of the HAZ, which may have a significant effect on the
durability of the joint.

4.2.2. Braking Condition

To test the braking condition, we simulated the mechanical response of the welded
joint in different zones under a 200 t load during the rapid braking process. In the rapid
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braking condition, the smooth step amplitude curve provided by ABAQUS was used to
define the braking process, as shown in Figure 21a, and it was set to decelerate to 0 rad/s
within 1 s.

 
(a) (b)  

Figure 21. Braking condition. (a) Speed loading method; (b) distribution of contact stress on welded
joint surface.

According to Figure 21b, the contact stress distribution on the surface of the welded
joint under braking conditions also showed a W-shaped distribution.

Under the start-up condition, the average contact stress at both ends of the BM contact
area was approximately 750 MPa, while the average contact stress in the middle of the
contact area was approximately 460 MPa; the average contact stress at both ends of the
HAZ contact area was approximately 630 MPa, with the average stress in the middle of
the contact area at approximately 430 MPa; the average contact stress at both ends of the
WZ contact area was approximately 720 MPa, with the average stress in the middle of the
contact area at approximately 450 MPa. A comparison with the mechanical parameters of
the joint under steady conditions in the previous section revealed that the contact stress in
the rail joint area under the start-up conditions was significantly higher than that under
stable contact conditions. Specifically, in the HAZ contact area, the contact stress at both
ends and in the middle increased by 161 MPa and 102 MPa. It can be seen that, among
the three different areas, the HAZ contact area experienced the greatest increase in contact
stress. This indicates that the start-up has the greatest impact on the contact stress of the
HAZ, which may have a significant impact on the durability of the joint. Therefore, greater
attention should be paid to the health of the HAZ. Meanwhile, compared to the distribution
of contact stress on the surface of the welded joint in the start-up condition, the braking
condition had a similar trend, and its HAZ was also weak.

5. Conclusions

This article experimentally investigated the position distribution and mechanical
properties of the BM, HAZ, modified layer, overlay layer, and filling layer in the welded
joint of a large azimuth track for the first time through the combination of image recognition
with tensile and Vickers hardness tests macroscopically and explored the stress–strain
relationship in each region.

By obtaining the tensile curve, image recognition strain field, Vickers hardness curve,
and distribution of yield strength and tensile strength from the experiments, a constitutive
equation for the elastic–plastic nonlinearity of the welded joint was fitted with the Ramberg–
Osgood equation.

By combining experimental data and welding properties, a finite element model of the
wheel–rail contact in the welded joint of the large azimuth track was established. The global
stress field distribution under different design loads was obtained through simulation, and
the weak points under the ordinary working condition, start-up conditions, and braking
conditions were determined, providing a theoretical basis for the health monitoring of the
track and research on wear and damage.

134



Buildings 2024, 14, 1300

Author Contributions: Conceptualization, X.C., H.L. and Q.X.; methodology, X.C.; software, R.Y.;
validation, X.C., R.Y. and Z.Y.; formal analysis, Z.Y.; investigation, X.C.; resources, H.L.; data curation,
Z.Y.; writing—original draft preparation, R.Y.; writing—review and editing, H.L.; visualization, R.Y.;
supervision, Q.X.; project administration, H.L. and Q.X.; funding acquisition, H.L. and Q.X. All
authors have read and agreed to the published version of the manuscript.

Funding: This research was funded by the National Key Research and Development Program of
China, grant number 2021YFC2203600.

Data Availability Statement: The data presented in this study are available on request from the
corresponding author. The data is not publicly available.

Acknowledgments: We thank the 39th Research Institute of China Electronics Technology Group
Corporation for providing the weldment.

Conflicts of Interest: The authors declare that they have no conflicting financial interests.

References

1. Antebi, J.; Kan, F.W. Precision continuous high-strength azimuth track for large telescopes. In Future Giant Telescopes; SPIE:
Avenue de l’Entreprise, France, 2002; pp. 612–623.

2. Anderson, R.; Symmes, A.; Egan, D. Replacement of the Green Bank Telescope Azimuth Track; International Society for Optics and
Photonics: San Francisco, CA, USA, 2008; p. 784807.

3. Symmes, A.; Robert, A.; Dennis, E. Improving the service life of the 100-meter green bank telescope azimuth track. In Ground-Based
and Airborne Telescopes II; SPIE: Avenue de l’Entreprise, France, 2008; p. 701238.

4. Juneja, G.; Kan, F.W.; Antebi, J. Update on slip and wear in multi-layer azimuth track systems. In Optomechanical Technologies for
Astronomy; SPIE: Avenue de l’Entreprise, France, 2006; p. 627318.

5. Kumar, N.; Arora, N.; Goel, S.K. Weld joint properties of nitrogen-alloyed austenitic stainless steel using multi-pass GMA weld.
Archiv. Civ. Mech. 2020, 20, 82. [CrossRef]

6. Han, P.; Wang, K.; Wang, W.; Ni, L.; Lin, J.; Xiang, Y.; Liu, Q.; Qiao, K.; Qiang, F.; Cai, J. Microstructure evolution and mechanical
properties of Ti-15-3 alloy joint fabricated by submerged friction stir weld. Archiv. Civ. Mech. 2024, 54, 1–15.

7. Saranath, K.M.; Ramji, M. Local zone wise elastic and plastic properties of electron beam welded Ti-6Al-4V alloy using digital image
correlation technique. a comparative study between uniform stress and virtual fields method. Opt. Lasers Eng. 2015, 68, 222–234. [CrossRef]

8. Zhang, Z.; Pan, B.; Grédiac, M.; Song, W. Accuracy-enhanced constitutive parameter identification using virtual fields method
and special stereo-digital image correlation. Opt. Lasers Eng. 2018, 103, 55–64. [CrossRef]

9. Zhang, L.; Min, J.; Wang, B.; Lin, J.; Li, F.; Liu, J. Constitutive model of friction stir weld with consideration of its inhomogeneous
mechanical properties. Chin. J. Mech. Eng. 2016, 29, 357–364. [CrossRef]

10. Tan, Y.; Shi, J.; Liu, P.; Tao, J.; Zhao, Y. Research on the Mechanical Performance of a Mountainous Long-Span Steel Truss Arch
Bridge with High and Low Arch Seats. Buildings 2023, 13, 3037. [CrossRef]

11. Xu, L.; Li, Z.; Zhao, Y.; Yu, Z.; Wang, K. Modelling of vehicle-track related dynamics: A development of multi-finite-element
coupling method and multi-time-step solution method. Veh. Syst. Dyn. 2022, 60, 1097–1124. [CrossRef]

12. Arslan, M.A.; Kayabasi, O. 3-D Rail–Wheel contact analysis using FEA. Adv. Eng. Softw. 2012, 45, 325–331. [CrossRef]
13. Tellikivi, T.; Olofsson, U. Contact mechanics analysis of measured wheel-rail profiles using the finite element method. Proc. Inst.

Mech. Engineers. Part F J. Rail Rapid Transit 2001, 215, 65–72. [CrossRef]
14. Kuminek, T.; Anioek, K. Methodology and verification of calculations for contact stresses in a wheel-rail system. Veh. Syst. Dyn.

2014, 52, 111–124. [CrossRef]
15. Tian, J.H.; Jing, G.Q.; Lu, X.X.; Xiao, K.; Zhang, H.R. The rolling contact research of three dimensional wheel-rail based on finite

element analysis. Mater. Sci. Eng. 2019, 657, 012072. [CrossRef]
16. Fu, L.; Qian, H.L.; Fan, F.; Zhong, J.; Liu, G.X. Analysis on Wheel-Rail Contact of 65-m Radio Telescope. In Proceedings of the 2011

International Conference on Electric Technology and Civil Engineering (ICETCE), Lushan, China, 22–24 April 2011; pp. 107–110.
17. Yang, Z.; Deng, X.; Li, Z. Numerical modeling of dynamic frictional rolling contact with an explicit finite element method. Tribol.

Int. 2019, 129, 214–231. [CrossRef]
18. ISO 6892-1:2019; Metallic Materials—Tensile Tests—Part 1: Test Method at Room Temperature. International Organization for

Standardization: Geneva, Switzerland, 2019.
19. ISO 6507-1:2005; Metallic Materials-Vickers Hardness test—Part1: Test Method. International Organization for Standardization:

Geneva, Switzerland, 2015.
20. Ramberg, W. Description of Stress-Strain Curves by Three Parameters; National Advisory Committee for Aeronautics: Washington,

DC, USA, 1943.

Disclaimer/Publisher’s Note: The statements, opinions and data contained in all publications are solely those of the individual
author(s) and contributor(s) and not of MDPI and/or the editor(s). MDPI and/or the editor(s) disclaim responsibility for any injury to
people or property resulting from any ideas, methods, instructions or products referred to in the content.

135



Citation: Kimura, Y. Evaluation of

Rotation Capacity and Bauschinger

Effect Coefficient of I-Shaped Beams

Considering Loading Protocol

Influences. Buildings 2024, 14, 1376.

https://doi.org/10.3390/

buildings14051376

Academic Editor: Hugo Rodrigues

Received: 28 March 2024

Revised: 30 April 2024

Accepted: 9 May 2024

Published: 11 May 2024

Copyright: © 2024 by the author.

Licensee MDPI, Basel, Switzerland.

This article is an open access article

distributed under the terms and

conditions of the Creative Commons

Attribution (CC BY) license (https://

creativecommons.org/licenses/by/

4.0/).

buildings

Article

Evaluation of Rotation Capacity and Bauschinger Effect
Coefficient of I-Shaped Beams Considering Loading
Protocol Influences

Yoshihiro Kimura

Graduate School of Engineering, Tohoku University, Sendai 980-8579, Japan; kimura@tohoku.ac.jp;
Tel.: +81-22-795-7865

Abstract: Recent catastrophic earthquake events have reinforced the necessity of evaluating the
seismic performance of buildings. Notably, the buildings can go into the plastic phase during a
striking earthquake disaster. Under this condition, the current design codes assume seismic response
reduction by virtue of the energy dissipation capacity of the structural members. In the strong-
column–weak-beam design, which involves I-shaped beams and boxed columns, the mechanism is
defined as a standard design scheme to prevent the building from collapsing. Therefore, energy dissi-
pation relies highly on the I-shaped beam performance. However, the I-shaped beam performance
can differ depending on the loading history experienced, whereas this effect is untouched in the
prevailing evaluation equation. Hence, this study first performs cyclic loading tests of 11 specimens
using different loading protocols. The experimental results clarify the fluctuation in the structural
performance of I-shaped beams depending on the applied loading hysteresis, proving the necessity
of considering the stress history for proper assessment. Furthermore, the database of experimental
results is constructed based on the previous experimental studies. Ultimately, the novel evaluation
equation is proposed to reflect the influences of the loading protocol. This equation is demonstrated to
effectively assess the member performance retrieved from the experiment of 65 specimens, compris-
ing 11 specimens from this investigation and 54 specimens from the database. The width–thickness
ratio, shear span-to-depth ratio, and loading protocols are utilized as the evaluation parameters.
Moreover, the prediction equation of the Bauschinger effect coefficient is newly established to convert
the energy dissipation capacity under monotonically applied force into hysteretic energy dissipation
under the cyclic forces.

Keywords: I-beam; rotation capacity; energy dissipation capacity; Bauschinger effect coefficient;
loading protocol

1. Introduction

I-shaped steel beams (I-beams) are widely utilized in steel moment-resisting frames
(MRFs) due to their high in-plane bending stiffness and strength against applied bending
moments. However, in addition to dead and live loads, seismic loads increase the bending
moment, leading to instability phenomena such as lateral buckling and local buckling.
The research on I-beams initiated by elucidating these buckling phenomena through
classical theory [1,2] and then expanded to evaluate lateral buckling resistance and rotation
capacity [3–25]. Since main girders in frames are typically connected to restraining beams
or concrete slabs, studies on buckling stiffening and stress transfer mechanisms between
these components [26–33] have improved the performance evaluation of beams in frames.
Additionally, numerous analytical and experimental studies have assessed the width–
thickness ratio, ultimate bending strength, and rotation capacity to avoid plate buckling of
the flange and web. Through these efforts, the beam can exhibit sufficient plastic rotation
during a major earthquake by limiting the width-to-thickness ratio [34–52]. Regarding
the width–thickness ratio, the prevailing design codes [53,54] specify their values for the
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member classifications. Even though recent provisions by AIJ [55] included the index
with the web–flange interactions, the loading protocol influence was not reflected in the
evaluation equation.

The mechanical performance of I-beams has been extensively studied in previous
experimental research, such as the work by Kato et al. and Lignos, D. G. et al. [56–61].
Furthermore, the loading protocol and slenderness ratio influences are addressed in previ-
ous studies [62,63], whereas the evaluation scheme has not been established in an explicit
manner. The evaluation criteria typically involve the rotation capacity for unidirectional
loading (monotonic loading) and the energy dissipation capacity for cyclic loading. Pa-
rameters such as the width–thickness ratio of the member, shear span-to-depth ratio, or
loading conditions are considered. The energy dissipation capacity refers to the dimension-
less load–displacement relationship (skeleton curve) obtained by connecting the skeleton
curves of each loop when the member is subjected to cyclic loading. It has been considered
equivalent to the rotation capacity of the member under monotonic loading. Therefore, it
is used as an index for evaluating the performance of members in the static incremental
analysis (pushover analysis) of steel frame structures subjected to static seismic forces [64].

Conversely, in time–history response analyses, the energy dissipation of the hinge
parts of columns and beams in the structure is used as an evaluation criterion [65].
The relationship between the energy dissipation capacity under monotonic loading and
hysteretic energy dissipation is evaluated using the Bausinger effect coefficient, and
different methods for assessing the performance of other members are used in seismic
design analysis methods. The Bausinger effect coefficient is the ratio of the energy
absorption in the softening zone during cyclic loading, which is not evaluated in the
skeleton curve, to the energy absorption in the skeleton curve of the load–deformation
history curve of the member subjected to cyclic loading. In the case of beams, a coefficient
of 2.0 is set according to the recommendation of the Architectural Institute of Japan (AIJ).
However, since the Bausinger effect varies with the loading amplitude and number of
cycles [66,67], it is necessary to clarify the relationship between the energy dissipation
capacity obtained from the skeleton curve and the hysteretic energy dissipation of the
entire loading history. Otherwise, differences in mechanical performance may occur for
the same member when different analysis methods are used. Therefore, it is necessary to
ascertain the rotation and energy dissipation capacity of members constituting the main
structure and clarify their relationship.

On the other hand, although experimental and analytical data on I-beams subjected
to monotonic loading and cyclic loading have been collected in previous studies [68–77],
the influence of the loading history on the rotation capacity, energy dissipation capacity,
hysteretic energy dissipation, and Bausinger effect coefficient has not been clarified yet.

This paper aims to establish primary data on the history characteristics of I-beams
subjected to monotonic loading and cyclic incremental loading by conducting loading
experiments on I-beams with different loading histories, using the parameters of the flange
width–thickness ratio and shear span-to-depth ratio. It collects experimental data on the
structural performances at the maximum flexural strength time and stores the experimen-
tal results in a database. Then, based on the data extracted from earlier experimental
studies [78–97], where the load–deformation relationship can be extracted as a cantilever
beam type, the experimental results of I-beams which failed due to local buckling under
monotonic loading and cyclic incremental loading are collected, and the data are databased.
Differences in the width–thickness ratio, shear span-to-depth ratio, loading history, etc., are
examined to clarify their effects on the ultimate strength ratio and energy dissipation capac-
ity. Furthermore, for cyclic incremental loading, an evaluation equation for the Bausinger
effect coefficient with the loading amplitude and number of loadings as parameters is
proposed, and a performance evaluation method considering differences in loading history
characteristics is presented.

The novel evaluation equation proposed and validated in this study realizes the proper
reflection of the impact of various loading protocols (monotonic loading, repeated loading,
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number of cycles) on the Bauschinger effect coefficient, even for beams with identical cross-
sections and lengths. This enables the specification of the behavior of beams within an MRF,
reaching their ultimate flexural strength contingent upon the stress history encountered
during earthquakes.

2. Cyclic Loading Tests on I-Shaped Steel Beams with Different Flange
Width-to-Thickness Ratios, Shear Span Ratios, and Loading Histories

2.1. Outline of Experiment on I-Beams

Figure 1 shows the test specimen for the loading experiment. A 2000 kN universal
testing machine was used for the experiment, employing a three-point bending method. As
shown in the figure, the left side of the loading point is reinforced with cover plates welded
to the upper and lower flanges, and the loading beam is designed to maintain elasticity
even when the test specimen reaches its maximum load. Table 1 lists the test specimens. In
their designation, the first letter stands for the loading protocols (A: monotonic, B: cyclic,
one loading cycle with a specific displacement, and C: cyclic, three loading cycles with
a specific displacement), the second number denotes the flange width–thickness ratio
(1: b/tf = 6.25, 2: b/tf = 4.17, and 3: b/tf = 8.33), and the third number indicates the shear
span-to-depth ratio (1: L/H = 5, L/H = 4, and L/H = 6).
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Figure 1. Outline of experiment and specimen: (a) testing apparatus; (b) measurements; (c) loading
protocol (cyclic, one loading cycle with a specific displacement).

There are a total of 11 specimens, and SN400 steel was used for the specimens. The
cross-section of the specimens has a web depth of 200 mm, a web thickness of 8 mm, and a
flange thickness of 12 mm, with varying flange width-to-thickness ratios and shear span-
to-depth ratios. This experiment selected beams with a small web depth-to-thickness
ratio, for which there are few existing experimental results. The loading methods include
monotonic and cyclic incremental loading, with the cyclic loading program designed
based on the assumption of beams subjected to seismic forces. During an earthquake,
when horizontal forces act on a moment-resisting frame, bending moments resulting
from shear forces acting on the columns are transmitted to the beams. Given that the
entire beam experiences an unsymmetric bending moment, the loading condition for half
of the beams in the moment-resisting frame was adopted for this experiment. Figure 1c
depicts the loading protocol for the cyclic loading experiments. The deformation δp
corresponding to the full plastic bending moment Mp of the test specimen divided by the

138



Buildings 2024, 14, 1376

beam length L was set as the criterion for cyclic loading, and one cycle of loading was
repeated at each step of ±δp, ±2δp, ±4δp, and ±6δp of the incremental loading, except
for specimen C-1-1. In contrast, for specimen C-1-1, three loading cycles were applied
at each step. The Mp was calculated using the measured values shown in Table 2. As
shown in Figure 1, one displacement transducer was installed at the position 100 mm
from the center of the beam on both sides, and one displacement transducer was installed
at each end support of the test specimen. The controlled displacement δ was calculated
as a cantilever beam based on the displacement δ0 at the position of the transducer and
the rotation angle ϕ of the transducer.

δ = δ0 + ϕL = (δ3 + δ4)
100
200

− (δ1 + δ2)
L

2L + 200
+

(
δ3 − δ4

200
− δ1 − δ2

2L + 200

)
L (1)

Table 1. Test configurations.

Designation L [mm] b/tf [mm] d/tw [mm] L/H [-]
Slenderness

Ratio [-]
Protocol No. of Cycles

A-1-1

1000

6.25

22

4.95

24.55

Monotonic -

B-1-1 4.95 Cyclic 1

C-1-1 4.98 Cyclic 3

A-2-1
4.17

4.98
37.88

Monotonic 1

B-2-1 4.95 Cyclic 1

A-3-1
8.33

4.98
18.15

Monotonic 1

B-3-1 4.95 Cyclic 1

A-1-2
800

6.25
3.96 19.64

Monotonic 1

B-1-2 Cyclic 1

A-1-3
1200 5.97 29.46

Monotonic 1

B-1-3 Cyclic 1

Table 2. Measurement of section dimensions.

Specimen H [mm] B [mm] tf [mm] tw [mm]

A-1-1 202 150 11.9 8.20
B-1-1 202 150 12.1 8.10
C-1-1 201 150 12.0 8.25
A-2-1 201 101 12.0 8.25
B-2-1 202 100 12.1 8.25
A-3-1 201 200 11.8 8.20
B-3-1 202 201 11.8 8.20
A-1-2 202 150 12.0 8.25
B-1-2 202 150 11.9 8.25
A-1-3 201 150 11.9 8.35
B-1-3 201 151 12.0 8.25

Here, δ1 to δ4 represent the vertical displacements of displacement transducers num-
bered (1) to (4) in Figure 1. Additionally, δp is calculated from the following equation as the
sum of the displacements δmp due to bending deformation and δsp due to shear deformation
as referenced in the previous literature [69]:

δp = δmp + δsp, δmp =
PpL3

3EI
, δsp =

κPpL
GA

(2)
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Here, δmp represents the displacement of the simply supported beam due to bending
deformation when the plastic moment is reached at the loaded side beam end, and δsp
represents the displacement of the simply supported beam due to shear deformation.
Additionally, E is Young’s modulus, I is the moment of inertia, A is the cross-sectional area,
G is the shear modulus, and κ is the shape factor.

The test specimens were made of SN400B steel in Japan. Two specimens were extracted
from a 12 mm thick flange and an 8 mm thick web for tensile testing. Stress–strain curves
are illustrated in Figure 2, and Table 3 presents the characteristics of the tensile test results.
It is noted that the yield stress level of the 12 mm thick plate is lower than that of the 8 mm
thick plate, while their tensile strengths are nearly equal. The material test of the steel was
conducted in accordance with JIS Z 2241 [98].

σ 

ε

Figure 2. Stress–strain curves.

Table 3. Material test results.

Thickness [mm] E [N/mm2] σy [N/mm2] σu [N/mm2] Y.R. Elongation [%]

Flange 8 1.99 × 106 323 444 0.727 21
Web 12 2.00 × 106 283 428 0.661 24

2.2. Plastic Deformation Characteristics of I-Beam with Different Loading Protocols

Figure 3a shows the load–displacement relationship of specimen C-1-1 subjected to
cyclic loading. C-1-1 is a specimen subjected to loading three times with the same amplitude.
The vertical axis represents the shear force acting on the beam P normalized by the ultimate
plastic load Pp (=Mp/L), and the horizontal axis represents the displacement δ of the beam
normalized by the displacement δp at the ultimate plastic strength.
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Figure 3. Procedure used to draw skeleton curve (C-1-1): (a) hysteresis curve; (b) cumulative
hysteresis curve; (c) skeleton curve.
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The cyclic load–displacement curve is divided into the skeleton curve, the Bauschinger
effect region, and the elastic unloading region. The skeleton curve part is represented by
thick solid lines corresponding to the load level experienced by the member for the first
time. The Bauschinger effect region is defined by dashed lines corresponding to load levels
previously experienced by the member. The elastic unloading region is represented by thin
solid lines corresponding to the load level during unloading. The  in the figure indicates
the point of maximum strength.

Figure 3b shows the cumulative hysteresis curve of specimen C-1-1. The cumulative
hysteresis curve decomposes the loading history curve into each loop. It connects the
final displacement at the unloading of the previous loop and the initial displacement at
the beginning of the next loop at P/Pp = 0 for each positive and negative loop. αBηmax is
the value obtained by subtracting the elastic deformation part from the total area up to
the maximum strength in the cumulative history curve. It represents the dimensionless
accumulated hysteretic energy dissipation.

Figure 3c shows the skeleton curve of specimen C-1-1. The skeleton curve connects
only the skeleton curve part indicated by thick solid lines in the hysteresis curve of Figure 3a.
In this paper, the value obtained by subtracting the elastic deformation part from δmax/δp
at the maximum strength is defined as the rotation capacity μmax in the skeleton curve. The
energy dissipation capacity ηmax at the maximum strength in the skeleton curve is obtained
by subtracting the elastic deformation part from the total area up to the maximum load
and represents the dimensionless cumulative energy dissipation.

Here, αB is the ratio of the energy dissipation capacity of the skeleton curve in Figure 3b
to the hysteretic energy dissipation of the cumulative hysteresis curve in Figure 3c, which
is the Bauschinger effect coefficient. The Bauschinger effect coefficient αB is always greater
than 1.

Figure 4 illustrates the load–displacement relationship for I-beams with equal cross-
sections and lengths but different loading histories. Figure 4a shows the results of the
cyclic loading tests, while Figure 4b shows the skeleton curves and results of the monotonic
loading tests from Figure 4a. For the monotonic loading test A-1-1, the same history curve
is drawn for both positive and negative sides. Even for specimens with the same shape,
the skeleton curve of cyclic loading has a higher maximum strength and a smaller rotation
capacity at the maximum strength compared to the load–displacement relationship of
monotonic loading. This indicates that the skeleton curve obtained from cyclic loading is
not necessarily equivalent to the load–displacement relationship of monotonic loading.

 
(a) (b) 

P/Pp

δ/δp

P/Pp

δ/δp

Figure 4. Comparison of test results of behavior under monotonic and cyclic loading: (a) hysteresis
curve; (b) skeleton curve.

Figure 5 illustrates the strain distribution in the beam flange and web of specimen
C-1-1 for the first, second, and third loading cycles with a loading amplitude δ/δp = 3.
Figure 5a shows the strain distribution in the flange, with the upper side representing
the compressive side and the lower side representing the tensile side. Figure 5b,c show
the strain distribution in the web, with Figure 5b indicating the position 100 mm from
the load point side of the specimen end and Figure 5c indicating the position 200 mm
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from the load point side. At δ/δp = 3, local flange buckling has already occurred near the
beam end during the first loading cycle, with some variation in strain values between the
compressive and tensile flanges, but overall, they are nearly matched. As the loading cycles
increase for the second and third cycles, the strain values increase in the plasticized region
within 400 mm (2H) from the beam end. In other words, even at the same dimensionless
displacement level, as the number of loading cycles increase, the strain values increase,
and due to strain hardening, the stress also increases. Therefore, as shown in Figure 4,
before local buckling occurs, the load on the skeleton curve of cyclic loading is higher at the
same displacement compared to the load–displacement relationship of monotonic loading,
and with more loading cycles, the load at the same displacement is slightly higher on the
positive side.
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Figure 5. Strain distribution: (a) flange; (b) web (100 mm apart from fixed end); (c) web (200 mm
apart from fixed end).

2.3. Influence of Loading Protocols on Cyclic Behavior of I-Beams

Table 4 presents a summary of the experimental results for all specimens. It includes
the failure mechanism, the number of cycles at which local buckling occurred based on
strain data, the rotation capacity μmax in the skeleton curve, the energy dissipation capacity
ηmax in the skeleton curve, and the Bauschinger effect αB. In cases where the flange width
is narrow, such as specimens A-2-1 subjected to monotonic loading and B-2-1 subjected to
cyclic loading, combined buckling occurred shortly after local buckling, leading to rapid
strength degradation. Specimen B-3-1 experienced fracture due to welding defects at the
welded joint between the longitudinal stiffener near the load point side and the tension
flange after local buckling. On the other hand, in cases where the shear span-to-depth
ratio is small, specimen A-1-2 reached its maximum strength due to local buckling, while
specimen B-1-2 subjected to cyclic loading experienced flange local buckling due to bending
moments, showing more prominent shear deformation compared to other specimens. Even
for the specimens of the same section and length, different loading histories can result in
different failure mechanisms.
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Table 4. Summary of experimental results.

Specimen Failure Modes Cycle at Failure μmax ηmax αb

A-1-1 Local buckling 13.27 15.96

B-1-1 Local buckling +2δp 12.65 16.16 2.06

C-1-1 Local buckling +2δp (1st) 8.17 9.45 2.48

A-2-1 Combined buckling
(local and lateral buckling) 8.34 7.96

B-2-1 Combined buckling
(local and lateral buckling) −4δp 8.64 13.84 1.63

A-3-1 Local buckling 11.86 13.33

B-3-1 Local buckling
and flange failure +2δp 5.46 10.41 1.61

A-1-2 Local buckling 20.90 26.59

B-1-2 Combined buckling
(local and shear buckling) +6δp 8.88 17.10 2.02

A-1-3 Local buckling 12.84 15.47

B-1-3 Local buckling +2δp 7.85 14.09 1.82

Figure 6 illustrates the relationship between rotation capacity and energy dissipation
capacity for I-beams with different flange width-to-thickness ratios and shear span ratios.
Figure 6a,b depict the relationship between rotation capacity, energy dissipation capacity,
and flange width-to-thickness ratio for monotonic and cyclic loading, while Figure 6c,d
show the relationship between rotation capacity, energy dissipation capacity, and shear
span-to-depth ratio. In Figure 6a,b, specimens with smaller width-to-thickness ratios (A-2-1
and B-2-1) experienced lateral buckling shortly after local buckling, resulting in a lower
rotation capacity and energy dissipation capacity compared to specimens with larger width-
to-thickness ratios (A-1-1 and B-1-1). However, for other specimens, the rotation capacity
and energy dissipation capacity decreased as the width-to-thickness ratio increased. In
Figure 6c,d, for specimens subjected to cyclic loading, specimen B-1-2 exhibited a lower
rotation capacity due to significant shear deformation along with flange local buckling.
However, for other specimens, the rotation capacity and energy dissipation capacity de-
creased as the shear span-to-depth ratio increased. Different buckling mechanisms between
monotonic and cyclic loading indicate that cyclic loading induces local buckling in both
flanges, leading to more advanced section deformation at the same loading displacement
compared to monotonic loading, making it more susceptible to other buckling modes.

(a) (b) (c) (d) 

μ

b tf

η

b tf

μ

L H

η

L H

Figure 6. Relation between section dimensions and rotation capacity and energy dissipation capacity:
(a) μmax vs. b/tf; (b) ηmax vs. b/tf; (c) μmax vs. L/H; (d) ηmax vs. L/H.

Figure 7 compares the experimental results of monotonic and cyclic loading for spec-
imens with the same cross-section and length. Figure 7a–c show the ultimate strength
ratio, rotation capacity, and energy dissipation capacity, respectively. Although the ultimate
strength ratio is higher for cyclic loading in all specimens, the rotation capacity and energy
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dissipation capacity are higher for monotonic loading, except for specimens A-2-1 and B-2-1,
where the buckling mode was combined with lateral buckling. In the case of monotonic
loading, local buckling occurs in the flanges subjected to compressive stress, while the
flanges subjected to tensile stress experience plasticization and stretching. Under cyclic
loading, the flange initially undergoes local buckling under compressive stress, followed
by tension, resulting in extended local buckling deformation. Flanges subjected to tensile
stress undergo plasticization and stretching, followed by local buckling under compressive
stress. As a result, the stress state changes within the same loading amplitude, leading to
pinching due to the alternating expansion and contraction of deformations. Consequently,
even with the same displacement, cyclic loading causes a reduction in bearing capacity in a
smaller deformation.

 
(a) (b) (c) 

μ
max

μ
max

η
max

η
max

τ max

τ 
max

A-1-1, B-1-1
A-1-1, C-1-1

A-2-1, B-2-1
A-3-1, B-3-1

A-1-2, B-1-2
A-1-3, B-1-3

Figure 7. Comparison of experimental results under monotonic and cyclic loading: (a) τmax; (b) μmax;
(c) ηmax.

3. Rotation Capacity and Energy Dissipation Capacity of I-Beams That Failed Due to
Local Buckling under Different Loading Protocols

3.1. Parameters of Experiment

Figure 8 illustrates the relationship between the width-to-thickness ratio of the test
specimens from previous experiments [78–97] and the width-to-thickness ratio classifi-
cation according to AISC, EC8-1, and AIJ codes [53,55,99,100]. The symbol � represents
specimens from monotonic loading experiments, while • represents specimens from the
cyclic loading experiments. The test specimens are made of ordinary steel equivalent to
either the 400 N/mm2 class or the 490 N/mm2 class. The figure shows 41 specimens from
cyclic loading experiments for which history curves could be extracted, represented as
•, from previous articles [78–92] and 38 specimens from monotonic loading experiments,
shown as �, from earlier reports [93–97]. The relationship between each classification and
rotation capacity is shown in Figure 8b. Additionally, the test specimens from this paper
are denoted with a plus sign (+) for monotonic loading and a cross (×) for cyclic loading.
Specimens where the maximum strength was reached due to lateral buckling (A-2-1 and
B-2-1) and those fractured at welded joints (B-3-1) are excluded.

For instance, when comparing the width-to-thickness ratio of each beam with the
Eurocode, both the flanges and webs display a broad spectrum of width-to-thickness ratios,
spanning from Class 1 to Class 3, with the majority falling into Class 1. The web width-to-
thickness ratios range approximately from 20 to 85, while the flange width-to-thickness
ratios range from about 5 to 15. Notably, there was only one specimen for cyclic loading
and two specimens for monotonic loading in the Class 4 equivalent rank.
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(a) (c) 

EC AIJ AISC 

Class 
Rotation ca-
pacity μmax 

Class 
Rotation ca-
pacity μmax 

Class 
Rotation ca-
pacity μmax 

Class 1 8 (7) P-I-1 5 (4) Compact 4 (3) 
Class 2 3 (2) P-I-2 3 (2) Non-compact 1 (0) 
Class 3 1 (0) P-II 1 (0) Slender – 
Class 4 – P-III –   

 

(b) 

wλ −

fλ −

B/H

L/H

Figure 8. Distribution of specimen configuration: (a) width–thickness ratio; (b) rotation capacities
depending on cross-section class; (c) section aspect ratio and shear span-to-depth ratio.

According to AISC [54], cross-sections classified as compact members must possess
an inelastic rotation capacity (μmax) equal to or greater than 3 (thus, a rotation capacity μ
greater than 4). In contrast, EC 8-1 [99] mandates that cross-sections fall into Class 1, 2, or 3
for seismic design. Each class is associated with a specific behavior factor (q), with Class
1 requiring q > 4, Class 2 needing q > 2, and Class 3 stipulating q > 1.5. Conversely, EC
8-3 [100] specifies rotation capacity values of μmax > 8 for Class 1 and μmax > 3 for Class
2. Among the design codes, only the Japanese classification system outlined in AIJ [53]
accounts for segment interaction. It comprises four classes (P-I-1, P-I-2, P-II, and P-III), with
the required μmax defined as follows: μmax ≥ 4 for P-I-1, μmax ≥ 2 for P-I-2, μmax ≥ 0 for P-II,
and μmax < 0 for P-III.

Figure 8c illustrates the relationship between the sectional aspect ratio and the shear
span-to-depth ratio of I-beams. Here, the sectional aspect ratio refers to the ratio of beam
width to height (B/H), and the shear span-to-depth ratio refers to the ratio of beam length to
height (L/H). For hot-rolled members, these two indices can generally capture the section
performance of I-beams and are used as indicators for section selection during design.
Therefore, the figure shows the distribution of both indices. The sectional aspect ratio
ranges from approximately 0.4 to 1.2, while the shear span-to-depth ratio ranges from about
2.5 to 10, within the range of hot-rolled I-beams used in actual structures.

3.2. Rotation Capacity, Ultimate Strength Ratio, and Energy Dissipation Capacity of I-Beams with
Different Loading Protocols

Figure 9 organizes the experimental results of I-beams in terms of equivalent width-
to-thickness ratio. The legend is the same as in Figure 8. Figure 9a illustrates the ultimate
strength ratio, denoted as τmax (τmax = Pmax/Pp), while Figure 9b shows the rotation capacity,
denoted as μmax. The equivalent width-to-thickness ratio of I-beams is defined in Kadono
et al. [101] by the following equation:

(
b
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Figure 9. Width–thickness ratio and structural performance of I-beams; (a) ultimate strength ratio;
(b) rotation capacity.

Here, σyf and σyw are the yield stresses of the flange and web, respectively, E is Young’s
modulus, and b/tf and d/tw are the flange width-to-thickness ratio and web width-to-
thickness ratio, respectively.

Figure 9a,b show that as the equivalent width-to-thickness ratio decreases, the ultimate
strength ratio τmax and rotation capacity μmax tend to increase. However, even for equal
width-to-thickness ratios, the ultimate strength ratio is higher in the case of cyclic load
experiments compared to monotonic load experiments, and the rotation capacity shows
variability in the range from (b/tf)eq= 0.3 to 0.6.

Here are the experimental equations shown in a previous study [52], presented as
Equations (4)–(6):

τmax = 1.46 −
[

0.63
b
t f

+ 0.053
d
tw

+ 0.02
(
λy − 50

)]√
εy (4)

μmax =
(τmax − 1)

0.03
(5)

ηmax =
(τmax + 1)(μmax + 1 − τmax)

2
(6)

This paper considers the parameters of previous experimental equations and uses the
least squares method to create experimental equations based on the results of 65 specimens
from this experiment and the database outlined in Appendix A. Furthermore, considering
the differences in loading methods, the number of repetitions and the repetition amplitude
are added as parameters. The experimental equations proposed in this paper are shown in
Equations (7)–(9):

τmax =

[
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(
b/t f

)
eq
− 0.010L/H

](
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∑ μxi

)
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μmax =

⎡
⎢⎣−7.2 +

4.5(
b/t f
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+
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⎤
⎥⎦(0.55 + 0.08 ∑ μxi

N

)
− 1 (8)

ηmax =
(τmax + 1)(μmax + 1 − τmax)

2
(9)
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In this context, N denotes the cumulative number of loading cycles until the attainment of
the maximum load, where each loading cycle, whether positive or negative, contributes a
value of 1. However, for instances of monotonic loading, N is stipulated to be 1. The symbol
μxi represents the dimensionless amplitude of loading displacement in the i-th cycle.

In Equation (4), the flange-to-web thickness ratio, web thickness ratio, and yield strain
are evaluated using the equivalent thickness ratio in Equation (7), with the aspect ratio
being considered the shear span ratio.

Equation (5) previously comprised only the ultimate strength and axial force ratios
(assumed as 0 here) to determine the plastic strain amplification. However, recognizing that
rotation capacity is influenced not only by the thickness ratio but also by the proportion
of the plasticization region [102], Equation (8) accounts for the effects of the equivalent
thickness ratio and shear span-to-depth ratio. The rationale behind employing the shear
span-to-depth ratio as an indicator of moment gradient lies in the disparity in the bending
moments experienced by the flanges, even under equivalent moments. In cases of localized
buckling failure, the local buckling of the flanges can impact the structural performance of
the beam.

Figure 10 illustrates the correspondence between the experimental results from pre-
vious studies [78–97], the experimental results presented in this paper, as well as the
experimental equations from both the earlier studies and the proposed equations in this
paper. In Figure 10a, the comparison between the experimental results and the empirical
equation (Equation (4)) from Kato’s research [52] regarding the ultimate strength ratio is
demonstrated. This paper aims to evaluate the mechanical performance of I-beams under
cyclic loading by comparing them with the results of monotonic loading experiments and
considering factors such as the number of cycles and load amplitudes, thereby enabling a
consistent evaluation regardless of the loading conditions. It is noteworthy that compared
to the experimental equations from previous studies, the experimental results generally
exhibit larger values, particularly noticeable in the case of cyclic loading experiments. This
discrepancy can be attributed to the fact that the experimental equations from previous
studies do not consider the parameters of the cyclic loading history, thus not necessarily
aligning well with the cyclic loading experimental results collected in this paper.
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Figure 10. Comparison of ultimate strength ratio: (a) previous evaluation equation; (b) proposed
evaluation equation.

Figure 10b presents a comparison between the experimental results of the ultimate
strength ratio and the modified experimental equation (Equation (7)). Compared to the ex-
perimental equations from previous studies, the modified experimental equation proposed
in this paper demonstrates better correspondence with the experimental results.
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The error rates for the experimental equations from previous studies are 10.7% (12.6%)
for Figure 10a and 6.1% (5.7%) for Figure 10b, while those for the modified experimental
equations proposed in this paper are 6.1% (5.7%) and 6.1% (5.7%), respectively. This indi-
cates a relatively good approximation of the experimental results for both monotonic and
cyclic loading conditions. It is worth noting that the error rate is calculated by summing the
differences between the experimental values and the values obtained from the experimental
equations, divided by the total number of experimental data points, and expressed as a
percentage. The first number in the error rate represents the case where both monotonic and
cyclic loading experimental results are combined. In contrast, the number in parentheses
represents the case where only cyclic loading experimental results are considered.

Figure 11 compares the experimental results of the rotation capacity, μmax, with the
experimental equations. Figure 11a utilizes the experimental equation (Equation (5))
from a previous study [52], while Figure 11b employs Equation (8). The shaded areas
in the figures indicate the range of a 30% error for reference. Although there are no
significant disparities between the experimental equations and the experimental results,
the values of the experimental results vary widely around μmax = 8 for the experimental
equation (Equation (8)). On the other hand, Equation (8) demonstrates a generally good
correspondence with the experimental results. The error rates for the experimental equation
(Equation (5)) and Equation (8) are 31.3% (28.9%) and 23.1% (25.8%), respectively, indicating
that using the experimental equations based on the equivalent thickness ratio and aspect
ratio proposed in this paper can reduce the variability.
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Figure 11. Comparison of rotation capacity: (a) previous evaluation equation; (b) proposed
evaluation equation.

Figure 12 compares the experimental results of the energy dissipation capacity,
ηmax, with the experimental equations. Figure 12a,b employ the experimental equation
(Equation (6)) from Kato’s research [52] and Equation (9), respectively. The shaded areas
in the figures indicate a 30% error range, similar to that in Figure 12. Meanwhile, the
experimental equations from previous studies represent the gradient up to the maximum
load, with a linear approximation. However, they may not correspond well with the
experimental results obtained from Equations (4) and (5). Hence, several data points for
ηmax exceed the range of a 30% error, resulting in an error rate of 35.5% (36.1%). In contrast,
the modified experimental equation proposed in this paper, Equation (9), demonstrates a
better fit with many experimental results, falling within the 30% error range, resulting in
an error rate of 25.2% (27.0%).
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Figure 12. Comparison of energy dissipation capacity: (a) previous evaluation equation; (b) proposed
evaluation equation.

In summary, by proposing experimental equations that consider parameters such
as the equivalent thickness ratio, shear span-to-depth ratio, number of cycles up to the
maximum load, and cumulative normalized displacement based on the parameters of
previous experimental equations, this paper demonstrates that the experimental results
can be more accurately represented.

3.3. Influence of Bauschinger Effect Coefficient of I-Beams That Failed Due to Local Buckling under
Cyclic Loading

Figure 13 illustrates the relationship between the Bauschinger effect coefficient, the
number of loading cycles, and the loading amplitude. The crosses represent the results
of the cyclic loading experiments in this paper. Figure 13a depicts the relationship with
the number of loading cycles N. In contrast, Figure 13b shows the relationship between
the total dimensionless loading displacement amplitude ∑μxi and the Bauschinger effect
coefficient αB. The Bauschinger effect coefficient αB is defined as the ratio of cumulative
hysteretic energy dissipation in the cumulative hysteresis curve to the energy dissipation
capacity in the skeleton curve, as described in earlier research [64], which is set to 2.0 for
beams. While αB shows an almost linear relationship with N and correlates with ∑μxi, some
variability is observed. Therefore, Figure 14 illustrates the relationship between both of the
coefficients N and ∑μxi and the Bauschinger effect coefficient. The vertical axis represents
the Bauschinger effect coefficient αB, while the horizontal axis represents the variable used
in the second term on the right-hand side of the equation.

αb = 1 + 0.5(N − 1)log
√

∑i=1 μxi (10)

However, in the case of N ≤ 1 (monotonic loading), N is set to 1. When the loading
history remains within the elastic range during cyclic loading, only the first occurrence
is counted.

From this paper and previous experimental results, it has been shown that this en-
hancement ratio depends on both the number of loading cycles and their amplitudes.
Therefore, using both indicators in this paper, the evaluation equation is set as αb = 1 for
monotonic loading and the above equation is formed through a trial-and-error method.
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The plots in the figure represent the experimental results, while the dashed line
corresponds to Equation (10). There is a tendency for the Bauschinger effect coefficient to
increase with higher values of the total number of loading cycles and loading displacement
amplitudes, and the experimental results generally agree with Equation (10).
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Figure 13. Relationship between Bauschinger effect coefficient and loading histories: (a) number of
cycles; (b) cumulative plastic deformation.
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Figure 14. Evaluation of Bauschinger effect coefficient.

Thus, the hysteretic energy dissipation of an I-beam subjected to cyclic loading can be
obtained by multiplying ηmax obtained from Equation (9) by Equation (10).

In the field of structural engineering, numerous studies have focused on evaluating
the performance of composite beams, where steel beams are attached to concrete slabs as
composite members [27–33]. However, this paper focuses on the failure mechanism of steel
beams, explicitly targeting the phenomenon of local buckling, and aims to evaluate the
inherent performance of steel beams that failed due to local buckling. The performance
evaluation of the composite beam will be clarified in a future study.

4. Conclusion

This paper elucidated the differences in the hysteresis curves and buckling mech-
anisms of locally buckling I-beams through monotonic and cyclic loading experiments.
Subsequently, a simplified and accurate experimental equation was proposed based on the
previous experimental equation as a unified evaluation method independent of loading
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history differences. It is noteworthy that Table A1 comprises several specimens sharing
identical cross-sectional shapes and lengths, yet lacks variation in loading protocols as a
parameter. Therefore, concluding remarks (1) and (2) stem from the findings retrieved from
the experiment in this study. The conclusions obtained are as follows:

(1) When subjected to cyclic loading at the same amplitude in the plastic region where
local buckling occurs in I-beams, it was confirmed that the strain values increase
and plasticization progresses as the number of cycles increase. When subjected to
cyclic loading, the rotation capacity and energy dissipation capacity obtained from
the experimental results decrease with increasing cycles at the same amplitude in the
skeleton curve.

(2) For specimens of the same cross-section and length subjected to monotonic and
cyclic loading, the rotation capacity and energy dissipation capacity are higher under
monotonic loading if local buckling occurs.

(3) In the previous experimental equation, particularly in the case of cyclic loading, there
are significant errors in the maximum load, rotation capacity, and energy dissipation
capacity. On the other hand, the experimental equations proposed in this paper
(Equations (7)–(9)) can generally evaluate the ultimate strength ratio, rotation capacity,
and energy dissipation capacity regardless of the loading type.

(4) The Bauschinger effect coefficient increases with a more significant number of load-
ing cycles and larger loading amplitudes, and its value can be evaluated using
Equation (10). Moreover, hysteretic energy dissipation under cyclic loading can be
assessed using Equations (9) and (10).

It should be noted that the application range of the experimental equations in this
paper covers web-to-thickness ratios from 20 to 85, flange-to-thickness ratios from 5 to 15,
section shape ratios from 0.4 to 1.2, and shear span-to-depth ratios from 2.5 to 10, based on
the previous literature and the specimens tested in this paper.

This paper only targets the incremental amplitude type, and evaluating the performance
of I-beams under decremental amplitude or random amplitude types is a future task.
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Appendix A

The summary of the database obtained from previous articles is listed below. The
hysteresis curves and residual deformation of all 11 specimens are presented below. All
specimens except for A-2-1 and B-2-1 failed due to local buckling, while specimens A-2-1
and B-2-1 experienced coupled buckling induced by lateral buckling after local buckling,
leading to ultimate failure. Specimen B-1-2 exhibited significant shear deformation in
addition to bending deformation.
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Table A1. Summary of database.

Section L b/tf d/tw L/H τmax μmax ηmax N Σμxi Refs.

H-330 × 150 × 4.5 × 9 1260 8.3 69.3 3.8 1.29 3.21 2.24 11 39.07 [78]
H-330 × 150 × 4.5 × 9 1266 8.3 69.3 3.8 1.05 1.76 0.68 5.5 13.34 [78]
H-250 × 150 × 4.5 × 9 1496 8.3 51.6 6.0 1.25 3.5 2.33 9.5 30.49 [80]

H-250 × 150 × 4.5 × 12 1492 6.3 50.2 6.0 1.28 3.83 2.89 9 28.53 [80]
H-250 × 150 × 4.5 × 9 1497 8.3 51.6 6.0 1.3 3.13 2.22 8.5 25.91 [80]
H-250 × 150 × 4.5 × 9 1499 8.3 51.6 6.0 1.08 2.2 1.11 4.5 9.76 [80]
H-200 × 150 × 6 × 9 900 8.3 30.3 4.5 1.35 7.16 7.12 7 49.89 [81]
H-200 × 150 × 6 × 9 900 8.3 30.3 4.5 1.34 11.17 11.62 11.5 113.84 [81]
H-200 × 150 × 6 × 9 900 8.3 30.3 4.5 1.51 8.58 9.18 5.5 38.24 [81]
H-200 × 150 × 6 × 9 900 8.3 30.3 4.5 1.39 8.17 8.4 5.5 35.4 [81]

H-500 × 200 × 9 × 19 2400 5.3 51.3 4.8 1.23 5.6 4.23 27 130.71 [82]
H-450 × 200 × 9 × 12 1850 8.3 47.3 4.1 1.37 5.63 4.87 7.5 40.66 [83]
H-450 × 200 × 9 × 12 1850 8.3 47.3 4.1 1.35 9.82 9.78 12 99.8 [83]
H-450 × 200 × 9 × 12 1850 8.3 47.3 4.1 1.33 7.31 6.3 10 75.72 [83]

H-506 × 201 × 11 × 19 1800 5.3 42.5 3.6 1.35 7.77 7.05 4 29.42 [84]
H-300 × 130 × 6 × 12 1200 5.4 46.0 4.0 1.45 12.03 12.35 4 37.78 [85]
H-300 × 130 × 6 × 12 1200 5.4 46.0 4.0 1.45 11.54 12.15 4.5 47.62 [85]
H-300 × 130 × 6 × 12 1200 5.4 46.0 4.0 1.39 9.5 9.69 3.5 33.05 [85]
H-300 × 130 × 6 × 12 1200 5.4 46.0 4.0 1.46 11.69 11.66 4 39.85 [85]
H-300 × 100 × 9 × 9 1200 5.6 31.3 4.0 1.41 8.52 9.24 7 38.84 [86]
H-300 × 100 × 6 × 6 1200 8.3 48.0 4.0 1.44 4.2 3.9 4.5 14.18 [86]

H-488 × 300 × 11 × 18 2150 8.3 41.1 4.4 1.56 6.26 5.41 10 63.67 [87]
H-600 × 300 × 12 × 22 3125 6.8 46.3 5.2 1.36 7.18 6.48 5 25.28 [88]
H-600 × 300 × 12 × 22 3125 6.8 46.3 5.2 1.37 7.12 6.64 4 22.16 [88]
H-450 × 150 × 9 × 12 1425 6.3 47.3 3.2 1.35 8.06 6.08 6 32.4 [89]
H-250 × 125 × 6 × 9 1375 6.9 38.7 5.5 1.48 9.82 10.76 6 35.5 [90]

H-500 × 200 × 10 × 16 2168 6.3 46.8 4.3 1.34 10.85 11.59 7.5 53.87 [91]
H-500 × 200 × 10 × 16 3150 6.3 46.8 6.3 1.3 10.59 10.15 5 33.56 [92]
H-500 × 200 × 10 × 16 3150 6.3 46.8 6.3 1.26 8.9 8.15 5 31.85 [92]
H-500 × 200 × 10 × 16 3150 6.3 46.8 6.3 1.15 6.24 10.57 4 18.45 [92]
H-500 × 200 × 10 × 16 3175 6.3 46.8 6.4 1.37 8.7 8.44 4 25.51 [93]
H-500 × 200 × 10 × 16 3175 6.3 46.8 6.4 1.23 8.92 8.28 4.5 27.27 [93]
H-500 × 200 × 10 × 16 3175 6.3 46.8 6.4 1.27 8.65 8.3 4 19.91 [93]
H-500 × 200 × 10 × 16 3175 6.3 46.8 6.4 1.27 7.56 6.96 4 20.38 [93]
H-300 × 125 × 4.5 × 9 1200 6.9 62.7 4.0 1.29 6.65 6.3 - - [94]
H-300 × 125 × 9 × 9 1200 6.9 31.3 4.0 1.3 9.69 9.94 - - [94]
H-300 × 125 × 6 × 9 900 6.9 47 3.0 1.4 11.21 12.45 - - [94]
H-300 × 125 × 6 × 9 1200 6.9 47 4.0 1.27 8.55 8.33 - - [94]
H-180 × 144 × 6 × 9 1040 8.0 27 5.8 1.18 10.56 10.31 - - [95]
H-180 × 180 × 6 × 9 1300 10.0 27 7.2 1.11 5.81 5.11 - - [95]
H-180 × 216 × 6 × 9 1570 12.0 27 8.7 1.06 4.96 4.07 - - [95]
H-180 × 144 × 6 × 9 1040 8.0 27 5.8 1.13 8.46 7.98 - - [95]
H-300 × 180 × 6 × 9 1300 10.0 47 4.3 1.1 5.59 4.69 - - [95]
H-420 × 144 × 6 × 9 1040 8.0 67 2.5 1.07 6.03 5.23 - - [95]
H-420 × 144 × 6 × 9 1040 8.0 67 2.5 1.13 3.93 3.15 - - [95]
H-300 × 144 × 6 × 9 1040 8.0 47 3.5 1.03 2.6 1.77 - - [95]

H-270.5 × 108.5 × 4.23 × 5.57 1200 9.7 61.3 4.4 1.18 2.56 1.53 - - [96]
H-269.6 × 144.3 × 4.23 × 5.57 1500 13.0 61.1 5.6 1.09 1.86 0.81 - - [96]
H-314.4 × 108.3 × 4.23 × 5.57 1450 9.7 71.7 4.6 1.15 1.93 0.96 - - [96]
H-315.5 × 143.8 × 4.23 × 5.57 1750 12.9 72.0 5.5 1.03 1.69 0.66 - - [96]
H-359.7 × 108.8 × 4.23 × 5.57 1700 9.8 82.4 4.7 1.14 2.26 1.13 - - [96]
H-359.5 × 144.8 × 4.23 × 5.57 2050 13.0 82.4 5.7 1.03 1.78 0.68 - - [96]

H-250 × 125 × 5.8 × 8.5 1250 7.4 40.2 5.0 1.23 6.62 6.2 - - [97]
H-450 × 200 × 9 × 14 1350 7.1 46.9 3.0 1.18 7.62 7.22 - - [98]
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Figure A1. Load–displacement relationship and ultimate deformation state.

The list of symbols is presented below.
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Table A2. List of symbols.

b/tf Flange width–thickness ratio
L/H Shear span-to-depth ratio
L Beam length
d/tw Web width-to-thickness ratio
H Hight of beam
B Width of beam
tf Flange thickness
tw Web thickness
δp Displacement corresponding to full plastic bending moment
Mp Full plastic bending moment
δ Controlled displacement
δ0 Displacement at position of transducer
ϕ Rotation angle measured by the transducers
δmp Displacements due to bending deformation of beam
δsp Displacements due to shear deformation of beam
E Young’s modulus
I Moment of inertia
A Cross-sectional area
G Shear modulus
κ Shape factor
σy Yield stress
σu Tensile strength
Y.R. Yield ratio (σy /σu)
P Shear force acting on beam
Pp Shear force imposing full plastic bending moment of beam
αBηmax Hysteretic energy dissipation up to ultimate strength
αB Bauschinger effect coefficient
μmax Rotation capacity
ηmax Energy dissipation capacity
b
t f

√
235
σy f

Generalized flange width-to-thickness ratio

d
tw

√
235
σyw

Generalized web width-to-thickness ratio

B/H Section aspect ratio
τmax Ultimate strength ratio
σyf Yield stress of flange plate
σyw Yield stress of web plate
N Cumulative number of loading cycles until attainment of maximum load
μxi Dimensionless amplitude of loading displacement in i-th cycle
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Egg White and Eggshell Mortar Reinforcing a Masonry Stone
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Abstract: In this study, experimental and numerical investigations were conducted to examine the
time-dependent creep and earthquake performance of the historical Plaka stone bridge, which was
constructed in 1866 in Arta, Greece. During the original construction of the bridge in 1866, Khorasan
mortar with an egg white additive was used between the stone elements. Furthermore, when the
bridge underwent restoration in 2015, Khorasan mortar with an eggshell additive was employed
between the stone elements. Consequently, two distinct 3D finite-difference models were developed
for this study. In the first bridge model, egg white was used in the Khorasan mortar, replacing water
at various proportions of 0%, 25%, 50%, 75%, and 100%. In contrast, for the second model, eggshell
was incorporated into the Khorasan mixture at percentages of 25%, 50%, 75%, and 100%, relative to
the lime amount. Subsequently, the mortars were subjected to curing periods of 1 day, 7 days, and
28 days, and their mechanical properties were determined through unconfined compression strength
experiments. Taking into account the determined strengths of the mortars, the kn and ks stiffness
values of the interface elements between the stone elements and Khorasan mortar were calculated. In
the 3D model, each stone element was individually represented, resulting in a total of 1,849,274 stone
elements being utilized. Non-reflecting boundary conditions were applied to the edge boundaries of
the bridge model, and the Burger creep and Mohr–Coulomb material models was employed for time-
dependent creep and seismic analyses, respectively. Subsequently, time-dependent creep analyses
were conducted on the bridge, and seismic events that occurred in the region where the bridge was
located were simulated to assess their impact. Based on the results of the time-dependent creep and
seismic analyses, we observed that the use of 50% eggshell-mixed Khorasan mortar between the
stone elements had a positive influence on the earthquake and creep behaviors of both restored and
yet-to-be-restored historical bridges.

Keywords: eggshell; egg white; finite-difference method; interface element; Khorasan mortar;
masonry bridge; seismic damage

1. Introduction

Historical structures play a crucial role in shedding light on the history of mankind.
Preserving and transmitting these structures to future generations holds immense signifi-
cance. Therefore, safeguarding historical buildings under significant external loads such as
earthquakes and floods, and implementing earthquake retrofitting measures, are of vital
importance. Historical structures were shaped according to the needs of their inhabitants,
with each possessing unique architectural characteristics. One of the most important of
these structures that shed light on our day is the historical stone arch bridges. These bridges
were constructed in regions where communities relied on river transportation. They were
frequently used by the local population during the Ottoman Empire and have managed to
endure until the present day. Typically, these structures were built using stone elements
that were compatible with the geological makeup of the construction area. The length
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of the stone elements was generally similar, and special mortars were applied between
each stone to enable interaction. The Ottoman Empire utilized a specific type of mortar
known as Khorasan mortar to facilitate interaction between the stone elements. This mortar,
composed of special materials, provided substantial bonding between the stone elements.

Investigating the composition of this mortar and its utilization in the restoration and
reinforcement of historical bridges today is of utmost importance. Recently, studies on
historical buildings have increased. However, there is not much information and study
in the literature about Khorasan mortar, which is used among the stone elements in his-
torical buildings. Bouzas et al. [1] examined the impact of variations in the thickness
dimensions of arches on the assessment of a masonry bridge’s load-carrying capacity. The
study began with an experimental campaign utilizing geomatic techniques to characterize
the bridge’s geometry. Subsequently, a limit analysis model was developed based on the
outer dimensions of the arches. The study highlighted the importance of considering
both the outer and inner dimensions of the arches in the probabilistic model, as relying
solely on the outer dimensions can lead to an overestimation of the load capacity. Majtan
et al. [2] examined the structural behavior of masonry arch bridges under extreme flood
flows and impact forces from flood-borne debris. The study employed a validated numer-
ical modeling approach, utilizing the smoothed particle hydrodynamics (SPH) method
to simulate fluid behavior and determine pressure distributions on a single-span arch
bridge. The findings demonstrated that debris impact significantly increased stress lev-
els, particularly when the abutment was fully submerged and the debris had a side-on
orientation. Silva et al. [3] introduced two nonlinear finite element modeling approaches
for the assessment of damaged masonry arch bridges. These strategies were applied to
the Leça railway bridge, serving as a case study, considering different damage scenarios
and railway traffic loading. The proposed numerical strategies demonstrated potential in
representing localized damage, particularly longitudinal cracks in various opening condi-
tions, in masonry bridges. Furthermore, these calibrated numerical strategies proved to be
computationally efficient for nonlinear dynamic analysis under service loading. Ozakgul
et al. [4] focused on assessing the structural behavior of a 94-year-old reinforced concrete
open-spandrel arch bridge. Dynamic tests, including acceleration measurements, were
performed to understand the bridge’s in situ behavior. A 3D finite element model was
created based on the original constructional drawings and updated using the Response
Surface Method. Structural assessment and evaluation were conducted under UIC-71 live
loading, obtaining rating factors and reliability indices for each bridge member using the
Load and Resistance Factor Rating approach. The results indicated that the deck of the
bridge was the most critical member, suggesting potential strengthening and retrofitting
requirements for higher live loads. Chen et al. [5] determined the damage on a historical
bridge using different methods. Sonar techniques were used to detect underwater foun-
dation damage in Gongchen Bridge. The results showed that NDT technology improved
work efficiency and accurately identified the damage situation of the foundation. Then, it
was recommended to reinforce the foundation, seal exposed wooden piles, and remove
underwater obstacles for the bridge’s stability. Gönen and Soyöz [6] performed a seismic
assessment of masonry arch bridges and highlighted the importance of considering their
nonlinear behavior. Initial testing was conducted to gather information on the bridge’s
geometry and material properties, and dynamic identification using ambient vibrations
was performed to enhance the accuracy of the finite element model. Nonlinear static (NSA),
nonlinear dynamic (NDA), and incremental dynamic analyses (IDA) were carried out to
assess the bridge’s seismic response. NSA provided conservative displacement results
but fell short in capturing the behavior and damage mechanisms associated with higher
vibration modes. Moreover, NDA yielded more reliable results but required significant
computational resources. Saygılı and Lemos [7] investigated the seismic behavior of two
historical stone masonry bridges in Turkey using finite- and discrete-element approaches.
The Kazan Bridge exhibited the capacity to withstand seismic excitations, although some
damage was predicted due to excessive stresses. Moderate damages, such as slight open-
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ings, were observed at the mid-span of the arch. On the other hand, the Şenyuva Bridge
was found to be significantly vulnerable and prone to strong damage or collapse during
earthquakes with a long return period. It was seen that bridge geometry, including arch
span and deck width, influenced the seismic response, with longer spans increasing vulner-
ability. Papa et al. [8] investigated the arch-backfill interaction problem in masonry bridges
using an adaptive NURBS-based limit analysis approach. Comparisons with experimental
results and other analysis approaches demonstrated the significance of direct modeling
in accurately representing the failure response of the bridge. Zani et al. [9] investigated
the response of the Azzone Visconti bridge, a historical masonry arch bridge in northern
Italy, to vertical static loads. A detailed 3D nonlinear finite element model was created to
assess the effect of soil–structure interaction (SSI) on the bridge’s mechanical behavior. The
results showed that the model with SSI and soil nonlinearity accurately reproduces the
bridge’s vertical settlements under load tests. Chen et al. [10] examined the weathering
of stone ashlars used in the construction of Guyue Bridge in Yiwu, Zhejiang. It was con-
cluded that stone weathering in historic structures is primarily influenced by atmospheric
conditions and internal stress caused by loading. Sánchez-Aparicio et al. [11] proposed a
non-destructive multidisciplinary approach for the structural diagnosis of masonry arch
bridges. The proposed methodology was validated on a case study of a Roman bridge in
Spain, showing promising results. Simos et al. [12] focused on earthquake-induced damage
on a stone arch bridge (Konitsa Bridge) in an earthquake-prone zone. The bridge, located
on an active fault, survived a near-field earthquake in 1996 with no damage. Field studies
and laboratory tests were conducted to establish the bridge’s dynamic characteristics and
material properties. The study compared the damage caused by near-field and far-field
earthquakes and far-field earthquakes were found to be more destructive. Aydin and
Özkaya [13] focused on non-linear analyses of arched structures, examining their behavior
and the occurrence of cracks and fractures under different loads. It was seen that the load
distribution before collapse exhibited a decreasing tendency near the L/2 section, while
variations after the L/4 section towards the left and right ends differed, albeit slightly, from
the filler and side walls. Conde et al. [14] proposed a multidisciplinary approach to analyze
masonry arch bridges, with the Vilanova Bridge in Allariz, Spain, serving as a case study.
The results indicated that the cohesion of fill materials and the non-linear properties of
masonry significantly influenced the bridge’s structural behavior. Based on numerous nu-
merical simulations, the Vilanova Bridge demonstrated an acceptable safety level, but lower
service loads were recommended for preserving the structure’s life expectancy. Karaton
et al. [15] investigated the nonlinear seismic responses of the Malabadi Bridge, an Artuqid
structure constructed in 1147 on the Batman River in Turkey. Seismic acceleration data were
generated for three different levels (D1, D2, and D3) based on the seismic characteristics of
the region where the bridge is located. Under D1 and D2 earthquake loadings, no damage
was observed in the arches and spandrel walls of the Malabadi Bridge. However, plastic
deformations were observed in the backfill material under D2 earthquake loadings. Conde
et al. [16] focused on the structural analysis of a masonry arch bridge situated in Galicia,
Spain. The bridge’s geometric characterization was conducted using terrestrial laser scan-
ning, providing an accurate and detailed description of the arches. The results indicated
that without precise data, caution must be exercised when making idealizations about the
geometry of stone arches for numerical calculations, as it often leads to an overestimation of
the predicted collapse load. Costa et al. [17] presented an overview of numerical strategies
employed to assess the load-carrying capacity of stone masonry arch bridges. Detailed
numerical models were developed using the finite element method (FEM), discrete element
method (DEM), and rigid block analysis. The results demonstrated a strong correlation
between the numerical response of the bridge models and the maximum load, as well
as the corresponding hinge mechanism. Bayraktar et al. [18] focused on the operational
modal analysis of eight historical masonry arch bridges in Turkey, namely the Aspendos,
Pehlivanlı, Mikron, Osmanlı, Şenyuva, Şahruh, Osmanbaba, and Torul bridges. Ambient
vibration data were utilized to determine the experimental frequencies, damping ratios,
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and mode shapes of these bridges. It was seen that the first and second mode shapes of
the bridges exhibit bending behavior, while the third mode shape predominantly shows
a vertical form. Moreover, the first, second, and third frequencies range between 4–8 Hz,
6–10 Hz, and 8–12 Hz, respectively. Ozmen and Sayin [19] observed the effect of soil
structure interaction (SSI) on the seismic behavior of masonry bridges and found significant
differences when comparing the model of fixed base and SSI. Shabani and Kioumarsi [20]
investigated the effect of three different strengthening models on the bridge. Two methods
include using polyparaphenylene benzobisoxazole and carbon fiber-reinforced concrete
mortar layers to cover the pier of the bridge and the other one is improving all mechanical
properties of indefensible part of the bridges. Effects of the usage of different additives
(egg white and eggshell) on Khorasan mortar were not examined in those studies [19,20].
Vuoto et al. [21] explored digital twin concepts for the conservation of cultural heritage
buildings. Their study highlights the transformative potential of the digital twin paradigm
in preserving Built Cultural Heritage (BCH) assets. Addressing the fragmented nature of
current conservation efforts, the utilization of digital twin technology offers a means to
enhance management processes through precise asset modeling and advanced analytics.
Furthermore, the study emphasizes the importance of collaborative research and inter-
disciplinary cooperation to fully realize the benefits of this paradigm. Supported by EU
and global policies advocating for sustainable BCH utilization, digital twin technology
emerges as a crucial tool in safeguarding cultural heritage for future generations. Fer-
retti and Pascale [22] analyzed the strengthening technics for masonry buildings. The
CAM system improved the seismic performance of masonry buildings. Hafner et al. [23]
compared the methods for strengthening masonry walls and piers. Angiolilli et al. [24]
utilized a reinforced cementitious matrix for strengthening brick and stone masonry walls,
reporting a remarkable 420% increase in shear strength. Ferretti et al. [25] examined the
combined effect of fiber-reinforced cementitious matrix composite reinforced mortar on
structural strength, yielding an average increase of 53.61% in strength. Triantafillou [26]
conducted analyses on the impact of textile-reinforced mortar, demonstrating its ability to
enhance the strength of unreinforced masonry walls. Kouris and Triantafillou [27] proposed
a design methodology for strengthening textile-reinforced mortar, validating it through
experiments and establishing a good correlation for masonry structures. Carozzi and
Poggi [28] employed fabric-reinforced cementitious matrix to strengthen masonry struc-
tures, with polyparaphenylene benzobisoxazole fiber exhibiting the highest strength and
increase in performance among the fibers studied. Grande and Milani [29] investigated the
fiber-reinforced cementitious matrix strengthening system’s impact on the tensile strength
of masonry, proposing a model and validating it through experimental tests. Lemos [30]
explored the discrete element method on various masonry structures, affirming its suit-
ability for determining the dynamic behavior of masonry monuments. Gobbin et al. [31]
introduced new algorithms to define the seismic behavior of masonry structures using
the discrete element method, finding the rigid body method suitable for simple problems.
Masi et al. [32] developed a model for testing masonry structures through experiments,
with the discrete element model proving successful in modeling the dynamic response of
the structures.

As can be seen from the studies in the literature, there is no study on the use of
Khorasan mortar with egg white and eggshell to examine the structural damage behavior
of historical buildings. For this reason, this study adds new information to the literature
about the structural behavior of historical bridges and the use of Khorasan mortar in
historical bridges.

2. General Information about the Content of the Study

The name “Khorasan” is known as a district located in Iran. It is also used instead of
concrete in Saudi Arabia. In this study, we evaluated the effects of using Khorasan mortar
with different additives as an interface element between the discrete stone elements in his-
torical bridges on time-dependent creep and seismic behavior. The bridge was constructed
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in 1866 and later destroyed during the 2015 flood. During its original construction in 1866,
Khorasan mortar with egg white was employed to ensure the interaction between the stone
elements. Therefore, in the initial phase of the study, Khorasan mortars with egg white
additives were prepared in the laboratory, and the strengths of the 1-, 7-, and 28-day Kho-
rasan mortars were comprehensively assessed. The mechanical properties obtained from
these experiments were used to calculate the properties of the interface elements between
the discrete stone elements in the 3D finite-difference model of the bridge. The Burger
creep material model was applied to the stone elements and foundation while modeling the
bridge, and non-reflecting boundary conditions were defined for the bridge’s boundaries.
Each stone element of the bridge was individually modeled. Since the bridge experienced
a total of 5 flood disasters, the water level was taken into account, matching the bridge’s
height during these flood events. Furthermore, excluding floods, the water level was
considered to be 1/6 of the bridge’s height. Taking these water levels into consideration, it
was investigated the time-dependent creep behavior of the bridge from 1866 to 2015. As a
result of the creep analyses, significant failures were observed around the auxiliary arch
parts of the bridge. In the subsequent phase of the study, it was examined the long-term
creep and seismic behaviors of the bridge, which was reconstructed following its collapse
in the 2015 flood, after using Khorasan mortar with eggshell additives between the stone
elements. Khorasan mortars with eggshell additives were prepared in the laboratory, and 1,
7, and 28-day Khorasan mortars were subjected to unconfined compression strength tests.
The experiments allowed us to determine the mechanical properties of the eggshell-added
Khorasan mortar, which were then employed for the mechanical properties of the interface
elements, namely kn and ks stiffness elements, between the discrete stone elements in the
bridge model. Subsequently, the bridge model was subjected to the 2023 Kahramanmaraş
earthquakes. The seismic analyses revealed that there was no significant seismic damage
observed during the earthquake in the historical bridges using Khorasan mortar with
eggshell additives between discrete stone elements. Additionally, it was concluded that
the use of Khorasan mortar with eggshell additives between stone elements during the
reconstruction or restoration of historical bridges provides significant positive contributions
to the seismic behavior of the bridge.

3. Burger Creep Material Model

The Burger creep model is a viscoelastic material model that combines elastic and
viscous behavior to simulate the time-dependent deformation of materials. It is based on
the assumption that materials exhibit both instantaneous elastic strains and time-dependent
creep strains when subjected to stress. The model assumes non-linear elasticity, meaning
that the stress–strain relationship follows Hooke’s Law [33]. Burger’s model consists of a
series connection of a Kelvin model and a Maxwell model.

According to Hooke’s Law, the stress (σ) in a material is proportional to the strain
(ε) it experiences, with the proportionality constant being the elastic modulus (E) of the
material. The elastic modulus represents the stiffness of the material and determines how
it deforms under load. In addition to the instantaneous elastic strain, the Burger creep
model incorporates creep, which refers to the time-dependent deformation that occurs
in materials under constant stress [33]. The creep strain in the model is described by a
creep law, which relates the applied stress to the resulting creep strain over time. The
creep behavior is typically characterized by a creep compliance function, which defines
the relationship between stress and strain rate. The creep compliance function can take
different forms depending on the specific material and its behavior. It can be defined using
experimental data or mathematical models that represent the creep behavior of the material
accurately. When using the Burger creep model in FLAC3D, the material properties such
as Young’s modulus (E) and Poisson’s ratio (ν) are specified to define the elastic behavior
of the material [33]. These properties determine the material’s response to instantaneous
loading. To capture the time-dependent creep behavior, the parameters provided are related
to the creep compliance function. These parameters can include the initial creep strain,
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the characteristic time constant, and the shape of the creep compliance function. These
values are typically determined through laboratory tests or obtained from material property
databases. The Burger creep model in FLAC3D allows researchers to simulate the long-term
behavior of materials subjected to sustained loading or changing stress conditions over
time. It is particularly useful in geotechnical engineering applications, such as analyzing
the settlement of soil under a structure or the behavior of rock masses in underground
excavations. It is important to note that the specific details and implementation of the
Burger creep model may vary depending on the version of FLAC3D and the specific
requirements of the analysis to be performed [33]. The Burger creep material model is vital
for analyzing historical structures because it accurately simulates how these structures
deform over time due to various loads. It helps engineers predict long-term performance
issues and plan maintenance accordingly, ensuring the preservation of these valuable assets.
This model also assists in assessing risks related to time-dependent effects, enabling the
development of strategies to safeguard historical structures.

4. Free-Field and Quiet Non-Reflecting Boundary Conditions

In FLAC3D, non-reflective boundary conditions are employed to model boundaries
that allow waves or stresses passing through them to be fully absorbed without reflecting
into the model domain. These boundary conditions are particularly crucial when dealing
with semi-infinite or unbounded domains, where minimizing the influence of boundary
reflections on the results is essential. Non-reflective boundary conditions are commonly
used in wave propagation analyses and other dynamic simulations. They are implemented
as absorbing boundaries, effectively dissipating incident waves to prevent reflections back
into the model domain [33]. These boundaries are especially valuable in modeling wave
propagation phenomena, such as seismic waves or acoustic waves, as they ensure a more
accurate representation of wave behavior within the model. Two significant non-reflective
boundary conditions in FLAC3D are the free-field (FF) boundary condition and the quiet
boundary condition. The free-field boundary condition is a fundamental feature in FLAC3D,
a powerful numerical modeling tool designed for simulating geo-mechanical problems
in three-dimensional space. It represents the behavior of the model’s exterior domain,
assuming that the displacements and stresses exerted by the surrounding free-field are
negligible. In this approach, the analysis domain is represented with a finite element mesh,
and the free-field boundary condition defines the behavior beyond this mesh, assuming
uniform and known material properties and displacements [33]. This assumption holds
when the model’s boundaries are positioned far enough from the area of interest, ensuring
minimal influence on the region of interest. Users specify the external boundaries where the
free-field boundary condition is imposed, typically selecting specific nodes or elements at
the outer limits of the mesh and designating them as free-field boundary nodes/elements.
Material properties of these nodes/elements are set to represent the properties of the
surrounding free-field medium, often with zero displacements (both translational and
rotational) to reflect the assumption of negligible external influence [33]. The lateral
boundaries of the main grid are connected to the free-field grid through the use of viscous
dashpots, creating a simulation of a quiet boundary (Figure 1). The unbalanced forces
originating from the free-field grid are then imposed on the main-grid boundary. These
conditions are mathematically described by the following three equations, which apply
to the free-field boundary along one side of the boundary plane, with its normal aligned
in the x-axis direction. Similar formulations can be derived for the other side and for the
corner boundaries (Equations (1)–(3)) [33]. The density of the material along the vertical
model boundary is denoted by the symbol ρ. The P-wave speed at the side boundary is
represented by the variable Cp. The S-wave speed at the side boundary is given by the
parameter Cs. The area of influence of the free-field grid-point is defined as A. The velocity
of the grid-point in the main grid at the side boundary in the x-direction is designated as
Vm

x . Vm
y signifies the velocity of the grid-point in the main grid at the side boundary in

the y-direction. Vm
z corresponds to the velocity of the grid-point in the main grid at the
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side boundary in the z-direction. V f f
x stands for the velocity of the grid-point in the side

free field in the x-direction. Similarly, V f f
y represents the velocity of the gridpoint in the

side free field in the y-direction. Lastly, V f f
z denotes the velocity of the gridpoint in the

side free field in the z-direction. The free-field grid-point force with contributions from the
stresses of the free-field zones around the grid-point in the x-direction is expressed by the
variable F f f

x . Likewise, the free-field grid-point force with contributions from the stresses
of the free-field zones around the grid-point in the y-direction is denoted by F f f

y . Lastly,

F f f
z stands for the free-field grid-point force with contributions from the stresses of the

free-field zones around the grid-point in the z-direction [33].

Fx = −ρCp

(
Vm

x − V f f
x

)
A + F f f

x (1)

Fy = −ρCs

(
Vm

y − V f f
y

)
A + F f f

y (2)

Fz = −ρCs

(
Vm

z − V f f
z

)
A + F f f

z (3)

Figure 1. View of non-reflective boundary conditions [33].

The quiet boundary condition, on the other hand, is a specialized feature in FLAC3D,
designed to simulate boundaries where waves and stresses passing through are entirely
absorbed without reflection. It is particularly useful when dealing with semi-infinite or un-
bounded domains, ensuring that unwanted boundary reflections do not affect the accuracy
of the simulation results. Like the free-field boundary condition, it is strategically applied
to specific regions on the model’s exterior boundaries, absorbing waves, stress waves, and
displacements entirely, to simulate an infinitely distant boundary [33]. Its implementation
is crucial for accurately simulating wave propagation and dynamic problems, effectively
minimizing artificial reflections that could compromise the accuracy and stability of the
simulation. Moreover, the quiet boundary condition excels in accurately analyzing wave
propagation, making it particularly valuable in simulations involving seismic waves or
similar dynamic phenomena, where precise representation without boundary reflections is
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essential [33]. Additionally, eliminating reflections significantly contributes to maintaining
numerical stability in dynamic simulations, reducing artificial oscillations, and ensuring
more reliable and consistent results. A notable advantage of the quiet boundary condition
is its ability to simulate unbounded or semi-infinite domains without the need to explic-
itly model the entire surrounding space, resulting in substantial computational resource
savings [33].

5. General Information about Plaka Masonry Bridge

The Plaka Stone Bridge, located in the city of Arta, Greece, is an iconic historical
structure with significant cultural and architectural value. Originally constructed during
the Ottoman Empire in 1866, this bridge served as a vital transportation link for the
local community, facilitating river crossings and trade routes. Over the years, the Plaka
Stone Bridge faced numerous challenges, including natural disasters and the test of time.
In 2015, a devastating flood caused the collapse of the bridge, necessitating extensive
reconstruction and restoration efforts. From the mechanical point of view, the size effect
is the reason why the masonry bridge collapses or is heavily damaged during floods [34].
Recognizing the importance of preserving this remarkable piece of history, a comprehensive
renovation project was initiated to revive the bridge and ensure its continued existence for
future generations. The reconstruction process involved meticulous planning, advanced
engineering techniques, and the use of traditional construction methods to retain the
bridge’s original character and architectural integrity. Skilled craftsmen and engineers
collaborated to painstakingly replicate the intricate stonework and structural elements that
defined the bridge’s unique charm. In addition to physical restoration, comprehensive
studies and assessments were conducted to enhance the bridge’s resilience and ability
to withstand external forces, such as earthquakes and heavy rainfall [35]. The renovated
Plaka Stone Bridge stands as a testament to the harmonious blend of historical preservation
and modern engineering. It not only re-establishes the vital transportation link it once
provided but also symbolizes the cultural heritage and resilience of the local community.
The restored bridge serves as a captivating landmark, attracting visitors from around the
world, while also honoring the legacy of those who originally built and traversed this
remarkable structure. In conclusion, the Plaka Stone Bridge in Arta, Greece, stands as a
remarkable example of historical architecture and engineering prowess. The meticulous
reconstruction and incorporation of innovative materials ensure its longevity and continued
significance as a cherished historical monument. The mechanical properties of the stone
elements of the bridge are shown in Table 1. Szabo et al. [36] delineated six distinct patterns
for masonry buildings, and the Plaka bridge was characterized as Type D (regular masonry
from soft stones) in this study. Furthermore, Szabo et al. [36] classified typologies into
two groups: Class 1 and Class 2, with the subject bridge falling under Class 2, denoting
“good quality masonry”. Additionally, the construction technique of the Plaka Bridge was
meticulously detailed in the study conducted by Giannelos et al. [37]. The examination
revealed that the central arch of the bridge, initially perceived as semi-circular, exhibits a
more intricate geometry upon closer inspection. A topographic survey unveiled a dual
curvature within the arch structure: from its base to a 60◦ angle, it conforms to an incircle
with a radius (R1) of 20.05 m, while transitioning to a smaller incircle with a radius (R2)
of 17.41 m towards its apex [37]. The center of the smaller incircle is situated 3.18 m
above that of the larger one, resulting in a 0.53-meter elevation of the apex. This curvature
variation significantly influences the distribution of structural stress, as elaborated in
Section 6. Furthermore, the examination of collapsed fragments and failure surfaces
facilitated the identification of construction typology across various bridge segments [37].
The western and eastern approaches feature solid masonry, with approximately 0.40-meter-
thick spandrel walls filled with rubble stone masonry and mortar. Conversely, the central
60◦ segment comprises exclusively arches, while the area between the solid approaches
and the central arch segment employs a distinct filling material: tufa stones combined with
mortar. This deliberate selection aims to reduce the bridge’s self-weight and alleviate lateral
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pressure on the spandrel walls [37]. Furthermore, Khorasan mortar has been employed
amidst the discrete stones of the Plaka Bridge. The term “Khorasan” was initially coined
during the Sassanid era, signifying “the land of the sun” [38]. Throughout the periods of
the Ottoman and Roman Empires, mortars composed of tile, lime, and brick were referred
to as Khorasan mortar [39]. This study extensively investigated Khorasan mortar and its
effects on the seismic behavior of the bridge’s mortar.

Table 1. Material properties of the stone.

Item
Density
(kg/m3)

Modulus of
Elasticity (Pa)

Poisson Ratio Cohesion (kPa)
Friction Angle

(Degree)
Dilatancy

Angle (Degree)

The Lowest
Main Arch 2628 7.05 × 107 0.28 3970 47.1 46.2

The Middle
Main Arch 2583 6.52 × 107 0.26 3842 47.0 46.1

Supporter Arch
(Right) 2280 5.86 × 107 0.21 3370 47.5 47.3

Supporter Arch
(Left) 2152 5.24 × 107 0.19 2975 42.6 41.6

Rock Material 2300 4.75 × 107 0.25 1750 36.5 36.2

Foundation 3120 9.00 × 107 0.38 4817 49.6 48.5

6. Experimental Background

In this section of the study, we present detailed information about the experiments
and test results. Khorasan mortar was prepared by using a mixture of brick powder,
hydrated lime, standard sand, eggshell, and egg white to examine the structural failure
behavior of historical bridges with more realistic data. The utilization of egg white and
eggshell in the production of Khorasan mortar during the Ottoman and Roman Empires
was widespread. However, there are no published works documenting the use of eggshell
and egg white specifically for producing Khorasan mortar in bridge construction. It is
worth noting that the cementing effect of eggshell and egg white surpasses that of fiber,
which is why they were chosen for this study. The egg white used in the study was sourced
from commercially purchased white eggs. The standard sand was prepared following the
TS EN 196-1 [40] standard. Hydrated lime and brick were obtained from a private company.
Figure 2 illustrates all the materials used in the experiments. To achieve the maximum
Khorasan mortar mixture, egg white and eggshell were used separately as additives, in
varying proportions. Nine different mixtures were formulated, including a control sample
without any egg white or eggshell. The mixtures containing egg white had ratios of 4:4:3:9
for “water + egg white”, lime, standard sand, and brick powder, respectively. Mixtures
prepared with eggshell had the same ratio (4:4:3:9) of materials; only “water + egg white”
was replaced by eggshell. While the proportions of water and egg white were altered in
these mixtures, the other components remained constant. Specifically, the ratios of “water
+ egg white” were selected as 0%, 25%, 50%, 75%, and 100%, in the mixtures. The total
combined weight of egg white and water was set at 36 g, and the percentage of “water + egg
white” in each mixture was determined. A 0% egg white additive ratio means that there is
0 g of egg white and 36 g of water, while a 100% additive is defined as 0 g of water and 36 g
of egg white in the mixture. Eggshell additive ratios were used as 25%, 50%, 75%, and 100%
of the lime amount. The amount of eggshell was increased while keeping the amounts
of water and other materials constant for mixtures involving eggshell. Additionally, the
effect of curing time was investigated using different periods (1, 7, and 28 days). The
prepared mixtures were assigned codes for easy identification. For instance, AC1 denoted
the control sample, C represented curing, and 1 indicated a curing period of 1 day. Similarly,
EW25W75C7 stood for a mixture containing egg white (EW) with a 25% percentage, water
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(W) with a 75% percentage, and subjected to curing (C) for 7 days. Furthermore, mixture
ES25C1 was labeled as such, with ES referring to eggshell, 25 representing the eggshell
percentage, C indicating curing, and 1 representing the curing time. Table 2 provides
comprehensive details regarding the composition of each mixture.

 

Figure 2. Materials used for Khorasan mortar preparation.

Table 2. Mixture ratios and curing time.

Mixture
Code

Water
(g)

Egg White
(g)

Eggshell (g)
Lime

(g)
Standard
Sand (g)

Brick
Powder (g)

Curing Time
(Day)

AC1 36 0 0 36 27 81 1
AC7 36 0 0 36 27 81 7

AC28 36 0 0 36 27 81 28
EW25W75C1 27 9 0 36 27 81 1
EW25W75C7 27 9 0 36 27 81 7
EW25W75C28 27 9 0 36 27 81 28
EW50W50C1 18 18 0 36 27 81 1
EW50W50C7 18 18 0 36 27 81 7
EW50W50C28 18 18 0 36 27 81 28
EW75W25C1 9 27 0 36 27 81 1
EW75W25C7 9 27 0 36 27 81 7
EW75W25C28 9 27 0 36 27 81 28
EW100W0C1 0 27 0 36 27 81 1
EW100W0C7 0 36 0 36 27 81 7
EW100W0C28 0 36 0 36 27 81 28

ES25C1 36 0 9 36 27 81 1
ES25C7 36 0 9 36 27 81 7

ES25C28 36 0 9 36 27 81 28
ES50C1 36 0 18 36 27 81 1
ES50C7 36 0 18 36 27 81 7

ES50C28 36 0 18 36 27 81 7
ES75C1 36 0 27 36 27 81 1
ES75C7 36 0 27 36 27 81 7

ES75C28 36 0 27 36 27 81 28
ES100C1 36 0 36 36 27 81 1
ES100C7 36 0 36 36 27 81 7
ES100C28 36 0 36 36 27 81 28

6.1. Preparation of Mortar Samples

Before the mixtures were prepared, the brick ballast was pulverized through 1900 cy-
cles in the Los Angeles abrasion device to obtain brick powder, as illustrated in Figure 3.
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The Los Angeles abrasion instrument is constructed from steel and has a spacious interior
for sample placement. It uses balls to break down the material into finer dimensions. Each
full turn of the device is considered one cycle during the experiment. Subsequently, the egg
white was vigorously whisked in a porcelain bowl. All the materials were gathered in a
container and thoroughly mixed until a uniform blend was achieved. The resulting mixture
was then compacted using the Harvard mini compactor mold to create a cylindrical test
sample, as shown in Figure 4. The compaction process consisted of 5 layers, with each
layer subjected to 10 strokes. An equal amount of the sample was evenly distributed on
each layer. Afterward, the samples were carefully removed from the mold using a sample
extractor. The diameters and heights of the extracted samples were measured using a
caliper, resulting in mean diameter and height values of 33 mm and 71 mm, respectively.
To ensure proper preservation, the measured samples were meticulously wrapped with
stretch film. Following this, identifying labels were attached, and the samples were placed
inside a desiccator, as depicted in Figure 5. The desiccators were stored in a dark and cool
environment, away from direct sunlight. The primary goal of using desiccators was to
prevent any loss of water content from the samples. Consequently, the samples were kept
within the desiccator for the designated curing periods (1, 7, and 28 days).

 
Figure 3. Powdering of brick with a Los Angeles abrasion test device.

 
Figure 4. Specimen preparation with Harvard miniature compaction equipment.
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Figure 5. Wrapping the sample with stretch film and placing it in the desiccator.

6.2. Test Setup

The experiments were conducted following the ASTM D2166/D2166M-16 [41] stan-
dard. The prepared samples for the test were placed on the bottom table of the automatic
triaxial strength test device, as shown in Figure 6. Subsequently, relevant data concerning
the sample, such as the mixing code, sample diameter, and height, were input into the
program. The test specimens were set at a height of 71 mm, and the test speed was applied
at a 10% strain rate (0.71 mm/min) over 10 min. The data recording rate was selected at
1 data point per second during the test. Before starting the experiment, the lower platform
was raised to ensure that the sample was adequately loaded. Once the sample made contact
with the upper platform and the load value exhibited a change, the load and deformation
values were reset in the program, and the test was initiated. Throughout the experiments,
real-time monitoring was conducted for both the graphical representation and the physical
sample. Upon completion of the experiment, the stress–strain graph was generated. In this
graphical representation, the maximum stress value provides the unconfined compression
strength of the sample, while half of this value corresponds to the cohesion of the sample.

 

Figure 6. Triaxial strength test device and placing the sample on the device.

7. Experimental Results

7.1. UCS Results for Control Mortars

In this section of the study, the results of the unconfined compression strength test
of the control sample (mortar) are presented in detail. Stress–strain graphs for the 1-day
cured control sample (AC1) are provided in Figure 7a. According to the test results of
the AC1 sample, the actual fracture pattern indicated a brittle fracture. When examining
the stress (σ)–axial strain (ε) graph obtained from the program, it can be observed that
the unconfined compression strength (UCS) of the AC1 sample was 143.22 kPa, and the
sample reached the maximum stress value when the strain reached 3.03%. The stress–strain
graph of the AC7 sample is presented in Figure 7b. The actual fracture pattern indicated
ductile fracture, unlike the AC1 sample. The unconfined compression strength of the AC7
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sample was 210.24 kPa. The axial strain value obtained at maximum stress was 2.95% and
very close to the ε value of the AC1 sample. The unconfined compression strength value
of the AC7 sample was 46.80% larger than AC1, demonstrating the strength-enhancing
effect of the lime during the 7-day reaction period. The σ–ε graph for the AC28 sample is
provided in Figure 7c. The fracture pattern was similar to AC7 but different from the AC1
sample. The unconfined compression strength of the sample was 338.79 kPa. The ε value
obtained at this strength was 4.22%, slightly larger than the ε values of the AC1 and AC7
samples. The unconfined compression strength of the AC28 sample increased by 136.55%
compared to the AC1, indicating that the chemical bond between lime and other materials
strengthened as a result of the 28-day curing period.

Figure 7. Stress–strain curves for control sample: (a) 1 day of curing (b) 7 days of curing (c) 28 days
of curing.

7.2. UCS Results for Mortars Containing Egg White and Eggshell Stabilized Samples

Unconfined compression strength results of the egg white and eggshell stabilized
samples are presented in this section. The effect of the test on the failure type of the samples
and the σ–ε graphs of stabilized samples for different curing times (1 day, 7 days, and
28 days) are provided. EW25W75C1 showed the worst strength performance compared to
all mixtures for all curing times even though its strength was 28.58% larger than the AC1,
as shown in Figure 8a. Axial strain for reaching maximum stress (unconfined compression
strength) for egg white-stabilized samples cured for 1 day tended to decrease when egg
white in the mixture increased, as shown in Figure 8c,e,g. The maximum value for uncon-
fined compression strength (UCS) of the egg white mixture stabilized and cured for 1 day
was EW50W50C1 and the strength of it was 195.76% higher than the AC1. The eggshell
stabilized mixtures show a similar stress–strain behavior to that of the egg white stabilized
mixtures, for a curing time of 1 day, according to Figure 8b,d,f,h. Although the UCS value
of ES25C1 is less than other eggshell stabilized mixtures, it is still 95.93% higher than the
AC1. A maximum increase in unconfined compression strength was obtained at ES50C1
when compared to all mixtures cured for 1 day, and it is 282.62%.
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Figure 8. Experimental results of egg white/eggshell added to Khorasan mortars at the end of 1 day.

The stress–strain graph of mixtures cured for 7 days is shown in Figure 9. UCS values
of all mixtures increased significantly. EW25W75C7 was the mixture having the lowest
UCS value when compared to all samples cured for 7 days, as presented in Figure 9a.
The behavior of the stress–strain indicates that increasing the egg white content causes a
sharp reduction in the axial strain value at the point of maximum stress occurring. This
value decreased suddenly after adding egg white, by more than 50%, and it is seen in
Figure 9c,e,g. However, increasing egg shell content in stabilized samples caused almost
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no change in the axial stress value reached at maximum stress after 50%, as shown in
Figure 9b,d,f,h. ES50C7 was the mixture having the highest UCS value when compared
to all mixtures cured for 7 days and the increase in strength was 571.45%, according to
the AC1.

Figure 9. Experimental results of egg white/eggshell added Khorasan mortars at the end of 7 days.

Egg white stabilized samples cured for 28 days behave a little bit differently compared
to other curing times, since the addition of egg white after 50% has no significant change at
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axial strain value occurred at maximum stress as observed in Figure 10a,c,e,g. EW25W75C28
is again the worst mixture compared to other mixtures cured for 28 days just as 1 and 7 days.
The unconfined compression strength value of ES50C28 is the highest one compared to
all mixtures and curing times since it is 1056.44% higher than AC1. Egg shell stabilized
samples cured for 28 days behave more brittle compared to other curing times as shown in
Figure 10b,d,f,h. Stress-strain behavior of ES50C28 and ES75C28 are similar when compared
with lime-stabilized samples as presented in Figure 10f,h. Those results are strong evidence
that as the curing time increased, the chemical reaction became stronger, and a lime-like
behavior emerged as the amount of CaO in the sample increased.

Figure 10. Experimental results of egg white/eggshell added to Khorasan mortars at the end of 28 days.
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Figure 11 illustrates the unconfined compression strength (UCS) of all mixtures, in-
cluding the control sample. The UCS performance of the control sample for all curing
times has been depicted on the diagrams to facilitate comparison with the results of all
mixtures. In Figure 11a, curing times of 1 day for all mixtures are displayed. The uncon-
fined compression strengths of the EW50WC1, EW75WC1, ES50C1, ES75C1, and ES100C1
samples surpass those of the AC1, AC7, and AC28 samples, even though they were cured
for just 1 day. Results for samples cured for 7 days are presented in Figure 11b. With the
exception of EW25W75C7, all samples exhibit UCS values higher than the control sample.
In Figure 11c, the UCS values of egg white-treated samples after 28 days of curing are
compared. The lowest UCS among these samples is 3.45 times, 2.35 times, and 1.46 times
that of AC1, AC7, and AC28, respectively, as inferred from the figure.
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Figure 11. UCS results of all mixtures including control sample: (a) 1 day of curing (b) 7 days of
curing (c) 28 days of curing.
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While creating mortar, slump tests are performed and the consistency of mortar is
determined based on these slump tests [42]. Figure 12 illustrates the slump values of both
the control sample and the mixtures utilized in the analyses. The slump value serves as a
reliable indicator of workability. A notable decrease in slump was observed when a mixture
with a 50% addition of eggshell was used as an additive, followed by an increase with
higher ratios. A similar trend was observed in mixtures containing egg white + water. The
best workability was achieved with the EW50W50 and ES50 mixtures, compared to the
control sample.
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Figure 12. Slump results of all mixtures including control sample.

8. Three-Dimensional Modeling of Plaka Bridge

The finite-difference modeling technique offers a range of advantages that make it
a valuable tool in various fields. One of its key strengths is its versatility, as it can be
applied to a wide array of problems, including differential equations and partial differential
equations [33]. Additionally, it is known for its simplicity, making it relatively easy to
understand and implement compared to other numerical methods. Despite its simplic-
ity, finite-difference modeling can yield accurate results when properly utilized, enabling
fine-grained resolution and the capture of intricate details within the modeled system [33].
Furthermore, the method is efficient and can be deployed on modern computing architec-
tures, resulting in high-performance simulations and reduced computational time. In this
study, the FLAC3D program was employed, which is based on the finite-difference method,
to develop the bridge model timeline. Each stone element was individually modeled using
a separate FLAC3D code, with brick or wedge elements utilized for each stone. Essen-
tially, our approach utilized the finite-difference method instead of the discrete-element
method or finite-element method. This choice was made because the FLAC3D program
and the finite-difference method offer a crucial alternative for revealing the time-dependent
creep and seismic behavior of stone elements. The Plaka bridge had been destroyed and
subsequently rebuilt after a flood disaster in Greece in 2015. Two distinct bridge models
were developed. The first model considered the Plaka bridge, which had endured from
1866 to 2015, and utilized Khorasan mortar with egg white additives between the stone
elements. On the other hand, the second model accounted for the use of eggshell-added
Khorasan mortar between the discrete stone elements. In the creation of both models, each
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stone element was individually represented. Brick and wedge elements were employed
for modeling the stone elements. Brick elements, also known as hexahedral elements, are
three-dimensional elements with six faces, eight nodes, and twelve edges. They are widely
used in FLAC3D to discretize the geotechnical domain and represent solid materials, such
as soil, rock, or concrete [33]. In addition, wedge elements, specialized three-dimensional
elements available in FLAC3D, are particularly useful for modeling geological features such
as faults, joints, or stratigraphic interfaces. These elements possess a triangular base and
taper to a point, resembling the shape of a wedge. Wedge elements are advantageous when
modeling inclined or irregular surfaces, as they can conform well to complex geological
geometries. Brick and wedge elements used in the bridge modeling process are illustrated
in Figure 13.
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P0 
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P1 
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Figure 13. Modeling of discrete stone elements: (a) brick element (b) wedge element [33].

Khorasan mortar was simulated between the discrete stone elements by considering
specialized interface elements. Utilizing the mechanical properties of Khorasan mortar
(Figures 7–11), the mechanical characteristics (kn and ks stiffness) of the interface elements
between Khorasan mortar and stone elements were computed (Equation (4)) [33]. Subse-
quently, the calculated kn and ks stiffness values, representing Khorasan mortar between
the stone elements in the bridge model, were defined to realistically model the interaction
between the stones. The most straightforward approach to modeling Khorasan mortar
within a three-dimensional model is to introduce interface elements into the bridge model
instead of Khorasan mortar. The mechanical properties of the stiffness elements established
between the stone elements instead of Khorasan mortar were entirely determined by con-
sidering Equation (4). Therefore, in this study, interface elements, as depicted in Figure 14,
were defined between distinct surfaces in place of Khorasan mortar. One interface element
was computed between two different stones with identical mechanical properties. However,
during the bridge modeling process, it was necessary to define interface elements between
stones with varying mechanical properties in certain sections of the bridge. As illustrated
in Figure 14, two distinct interface elements were computed between stones with different
mechanical properties, and the larger interface element between two dissimilar stones with
varying mechanical properties was considered in the analyses.
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Figure 14. Khorasan mortar and interface elements in the model.

The mechanical properties of the stone elements and Khorasan mortar were utilized in
the calculation of interface elements. The ‘Interface’ functionality in FLAC3D is employed
to establish and simulate interactions between two distinct sub-grids within a geotechni-
cal model. It represents the boundary or contact surface between different materials or
regions. By specifying properties such as bulk and shear moduli, the interface facilitates
the transfer of forces and displacements between the interconnected sub-grids, allowing for
the modeling of intricate geotechnical phenomena such as soil–structure interaction and
fault behavior. The interface feature in FLAC3D offers a versatile approach to simulating
the interaction of separate regions, contributing to the comprehension and prediction of
the system’s behavior. In this study, the kn (normal) and ks (shear) stiffness coefficients
of the interface elements, defined in place of Khorasan mortar between the discrete stone
elements, were determined using the following formulation [33].

kn and ks =
Kaverage+4/3Gaverage

Zaverage
(4)

In Equation (4) [33], K and G represent the bulk modulus and shear modulus, respec-
tively. Additionally, the symbol Z corresponds to the mesh lengths of the stone element and
Khorasan mortar. Mesh size plays a crucial role in finite-difference analysis, significantly
impacting the results of structural analyses. In this study, the mesh size was determined
based on the creep analysis of the bridge. Specifically, 10 different mesh ranges (0.1 m, 0.2 m,
0.3 m, 0.4 m, 0.5 m, 0.6 m, 0.7 m, 0.8 m, 0.9 m, and 1 m) were selected for displacements and
stresses and it was observed that no significant changes occurred in the range from 0.1 m to
0.3 m mesh size. Consequently, a mesh interval of 0.3 m was chosen for the bridge model.
It is important to note that the mesh intervals in this study were not arbitrarily selected
but were based on the results of the creep analysis. For this study, the mesh lengths of
the stone elements and Khorasan mortars were set to 0.4 m and 0.03 m, respectively. The
mechanical properties of mortars and stones are shown in Table 3. When computing the kn
and ks values for the interface elements, the averages of the K and G values of the stone
elements and Khorasan mortar are considered, as depicted in Table 4, to obtain the kn and
ks interface coefficients. The calculated kn and ks values are presented in Table 4. The
variable “K” denotes the bulk modulus, while “kn” and “ks” represent stiffness values in
the normal and shear directions, respectively. In the context provided, “EW50W50C28” sig-
nifies that the mixture contains a 50% ratio of egg white to water and was cured for 28 days.
When referencing “between the lowest main arch and EW50W50C28”, this indicates that
Khorasan mortar with the composition EW50W50C28 was utilized in the Lowest Main
Arch section of the bridge.
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Table 3. Mechanical properties of mortars and stones.

Mixture Code E (Pa) Poisson Ratio G (Pa) K (Pa)

EW50W50C28 (Mortar) 3.47 × 107 0.34 1.29 × 107 3.61 × 107

ES50C28 (Mortar) 6.01 × 107 0.28 2.35 × 107 4.55 × 107

The Lowest Main Arch 7.05 × 107 0.28 2.75 × 107 5.34 × 107

The Middle Main Arch 6.52 × 107 0.26 2.59 × 107 4.53 × 107

Supporter Arch Right 5.86 × 107 0.21 2.42 × 107 3.37 × 107

Supporter Arch Left 5.24 × 107 0.19 2.20 × 107 2.82 × 107

Rock Material 4.75 × 107 0.25 1.90 × 107 3.17 × 107

Foundation 9.00 × 107 0.38 3.26 × 107 1.25 × 108

Table 4. Stiffness parameters between the discrete surfaces.

Location of Interface Element G (Average) (Pa) K (Average) (Pa)
kn and ks Stiffness
(Pa/mm)

Between The Lowest Main Arch and EW50W50C28 2.02 × 107 4.48 × 107 4.35 × 105

Between The Middle Main Arch and EW50W50C28 1.94 × 107 4.07 × 107 4.03 × 105

Between Supporter Arch Right and EW50W50C28 1.86 × 107 3.49 × 107 3.62 × 105

Between Supporter Arch Left and EW50W50C28 1.75 × 107 3.22 × 107 3.37 × 105

Between Rock Material and EW50W50C28 1.60 × 107 3.39 × 107 3.35 × 105

Between Foundation and EW50W50C28 2.28 × 107 8.06 × 107 6.73 × 105

Between The Lowest Main Arch and ES50C28 2.55 × 107 4.95 × 107 5.06 × 105

Between The Middle Main Arch and ES50C28 2.47 × 107 4.54 × 107 4.75 × 105

Between Supporter Arch Right and ES50C28 2.39 × 107 3.96 × 107 4.33 × 105

Between Supporter Arch Left and ES50C28 2.28 × 107 3.69 × 107 4.08 × 105

Between Rock Material and ES50C28 2.13 × 107 3.86 × 107 4.06 × 105

Between Foundation and ES50C28 2.81 × 107 8.53 × 107 7.44 × 105

While examining historical bridges in the literature, the influence of Khorasan mor-
tars is often disregarded. However, it is crucial to accurately model Khorasan mortars
within the bridge model to yield more realistic results. Therefore, these values contribute
significantly to the literature regarding the modeling of historical stone arch bridges. Sub-
sequently, the Burger creep material model was employed for the bridge’s rockfill, arch,
and foundation materials. This material model allowed for an accurate representation
of the time-dependent failure behavior of the bridge material. When using this material
model, the following material properties were incorporated: shear modulus, bulk modu-
lus, density, cohesion, friction angle, and dilatancy angle values. The bridge model was
constructed with a non-linear approach, employing the Burger model to characterize the
non-linear behavior of materials. Additionally, free-field and quiet-boundary conditions
were applied to the lateral boundaries of the three-dimensional bridge model. These bound-
ary conditions serve to minimize the reflection of earthquake waves within the model.
Furthermore, a reflecting boundary condition was specified for the base boundaries of the
bridge model. The bridge model comprised a total of 1,849,274 individual brick elements.
Each brick element was individually modeled within the overall structure. An overview
of the three-dimensional bridge model is presented in detail in Figure 15. The height of
the primary arch of the bridge was modeled as 18.7 m. Subsequently, two auxiliary arches
were created, measuring 7.8 m and 8.9 m, respectively. The thickness of the primary arch
section in the model was established at 0.57 m. To incorporate structure–soil interaction
into the analysis of significant structures like bridges, soil was modeled beneath the bridge.
Furthermore, soil was included in the bridge model to simulate a more realistic effect of
earthquake waves on the bridge. Additionally, the foundation section extended downward
by four times the height of the bridge (Figure 15).
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Figure 15. Three-dimensional view of the bridge model.

9. Three-Dimensional Numerical Analysis Results

9.1. Long-Term Creep Analysis Results beween 1866 and 2015 for Bridge Using Khorasan Mortar
with Egg White Additive

Historical bridges represent one of the most significant ways of illuminating our
history. These bridges provide insights into the lifestyles of people who resided in the
past. Therefore, it is essential to scrutinize the prospects of these bridges, considering
the genuine structural behavior of historical bridges that have managed to endure to this
day. Restoration efforts should be carried out without compromising the historical fabric.
This section of the study gives a comprehensive examination of the time-dependent creep
analyses of the Plaka bridge. This bridge, constructed in 1866, has withstood a total of five
floods over its history. The specific dates of these flood disasters are detailed in Table 5.
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Table 5. Dates of the flood disasters.

Symbol Date of Flood Disaster Explanation

FD1 1919 53 years after the bridge was built

FD2 1930 64 years after the bridge was built

FD3 1948 82 years after the bridge was built

FD4 1975 109 years after the bridge was built

FD5 2015 149 years after the bridge was built

The water level at the bridge was simulated using hydrostatic water forces and a water
table. During the examination of the time-dependent creep analyses, it was considered that
Khorasan mortar mixed with egg white should be used between the stone elements. The
primary reason for this choice is that when the bridge was constructed in 1866, Khorasan
mortar with an egg white additive was employed to bond the discrete stone elements
together. As egg white-mixed Khorasan mortar enhances the interaction between these
stone elements, the stiffness values (kn and ks) of the interface elements were calculated,
taking into account the mechanical properties of Khorasan mortar with egg white additive.
The computed kn and ks values are provided in detail in Table 3. Stiffness values were
established between individual stone elements, and the bridge was prepared for realistic
creep analyses. In the execution of time-dependent creep analyses, specific time intervals
were defined within the FLAC3D program. The definition of precise time steps is crucial
for conducting more realistic analyses. To carry out the time-dependent creep analyses, we
initially commenced with 1-second analyses. After each 1-second creep analysis, all stresses
and displacements on the bridge were reset. Subsequently, the next 1-second analysis was
conducted, and this analysis cycle was repeated 4,698,864,000 times, covering 149 years of
creep analyses. The stages of analysis for the creep analyses are comprehensively presented
in Figure 16.

Start

) was defined to the program as 1 second 
and 1 second creep analysis was obtained.

All stresses and displacements on the bridge were reset and the 
bridge is ready for a new analysis.

This process was
performed 

4698864000 times.

This process was
performed 

4698864000 times.

Finish

Figure 16. Analysis stages of the creep analyses.

Since the bridge was subjected to five flood disasters in 149 years, the water level of
the bridge fluctuated during these flood events. Under normal conditions, except for flood
disasters, the water level at the bridge was considered to be one-sixth of the bridge’s height.
However, during flood events, the water level at the bridge was assumed to be at the same
level as the bridge height. Following the analyses, an evaluation was made regarding the
principal stress values that occurred on the bridge over 149 years. The flood events that
the bridge encountered during this period are indicated on the graphs with the symbol
FD (Flood Disaster). Following the results of the time-dependent creep analysis, the time-
dependent principal stress values at Point 1, Point 2, and Point 3 are elaborated upon in
Figure 17. When examining the time-dependent principal stress values at Point 1, it becomes
evident that there were minimal principal stresses during the initial 53 years. After the first
flood disaster (FD1), an increase in principal stresses at Point 1 was observed. This rise
can be attributed to the water level reaching Point 1, subjecting it to significant hydrostatic
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forces. During the bridge’s second flood disaster (FD2), there was an approximate 0.2 MPa
increase in principal stresses at Point 1 (Figure 17a). Notably, significant stress increases
occurred at Point 1 between the second and third flood disasters. Furthermore, after the
third flood disaster, stress values at Point 1 increased by approximately 0.3 MPa. This result
demonstrated the fact that flood disasters profoundly alter the principal stress behavior
of historical bridges. The maximum principal stress value observed at Point 1 during the
fourth flood disaster was 4.11 MPa. In this study, the maximum capacity value for Point 1
was determined as 6.3 MPa. In Figure 17b, the principal stress values that evolve at Point 2
are detailed. Significant principal stress values were not observed at Point 2 until the first
flood disaster. However, the principal stress change at Point 2 after the first flood disaster
was 0.23 MPa, significantly altering the time-dependent failure behavior of Point 2. No
significant principal stress changes were detected at Point 2 between the first and second
flood disasters. The principal stress value just before the second flood disaster at Point
2 was 0.76 MPa. The principal stress value after the second flood disaster at Point 2 was
1.38 MPa. It is evident that the second flood disaster also led to substantial principal stress
changes at Point 2. The third flood disaster caused more significant principal stress changes
at Point 2 compared to the first and second flood disasters. After the third flood disaster, an
approximate principal stress change of 0.24 MPa was observed at Point 2. Similar to other
flood disasters, the fourth flood disaster significantly increased the principal stress values
at Point 2. It was concluded that the maximum capacity value for Point 2 was 4.8 MPa.
In Figure 17c, detailed time-dependent principal stress values occurring at Point 3 over
149 years are presented. It was found that no significant principal stress values occurred at
Point 3 during the first 53 years. However, 53 years later, after the first flood, significant
changes were observed in the principal stress values at Point 3. Following the first flood
disaster, principal stress increased by approximately 0.39 MPa at Point 3. Furthermore, the
flood disaster accelerated the rate of principal stress increase at Point 3. This result provides
valuable insights into how flood disasters alter the structural behavior of historical stone
bridges. After the second flood disaster, there was an approximate 0.17 MPa increase in
principal stress at Point 3. Significant principal stress changes were observed at Point 3
between the second and third flood disasters. Following the third flood disaster, critical
increases in principal stress values were noted at Point 3, and it was concluded that the
maximum principal stress value at Point 3 was 3.98 MPa between the third and fourth
floods. Substantial increases in principal stress values at Point 3 were observed between
the third and fourth flood disasters. This outcome suggests that the bridge experienced
structural fatigue after the third flood. The rate of principal stress increase at Point 3
accelerated significantly after the fourth flood disaster. After the fifth flood, it was observed
that structural damage occurred at Point 3 when the maximum principal stress value
reached 5.4 MPa.

In Figure 18, the stress-displacement behavior of the historical bridge is presented in
detail. According to Figure 18, it was concluded that the displacement values over time
at Point 1 were significantly greater than those at Point 2 and Point 3. Additionally, when
comparing these three different points, it was observed that the smallest displacement
values occurred at Point 2. The largest displacement value recorded at Point 1 over 149 years
was approximately 29.7 mm. Furthermore, the largest displacement values observed over
149 years at Point 2 and Point 3 were 15.8 mm and 19.7 mm, respectively. Point 1, Point 2,
and Point 3 reached their maximum displacement values at 6.3 MPa, 4.8 MPa, and 5.4 MPa,
respectively. This result indicates that the maximum principal stress value for the structural
behavior of Point 1, Point 2, and Point 3 on historical stone bridges is 6.3 MPa, 4.8 MPa,
and 5.4 MPa, respectively.
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Figure 17. Long-term (1866–2015) principal stress behavior of the bridge containing egg white-added
Khorasan mortar: (a) Point 1 (b) Point 2 (c) Point 3.
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Figure 18. Stress-displacement behavior of the bridge containing egg white-added Khorasan mortar.
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9.2. Long-Term Creep Analysis Results between 2015 and 2164 for Bridge Using Khorasan Mortar
with Eggshell Additive

In this section of the study, a comprehensive examination of the time-dependent
creep behavior of the bridge following its restoration was conducted. During the 2015
restoration of the bridge, Khorasan mortar with eggshell additives was employed between
the individual stone elements. The mechanical properties of these mortars are extensively
detailed in Table 2. Furthermore, when eggshell-added Khorasan mortar was used between
separate stone elements, the calculated kn and ks stiffness parameters between the stones
were calculated, and are presented in Table 3. Once the calculated kn and ks stiffness
values were defined for the individual stone elements, the bridge underwent static analysis
from 2015 to 2164. These analyses took into consideration the flood disasters the bridge
had previously experienced. In essence, time-dependent creep analyses were conducted,
assuming that the bridge would encounter floods in 2068, 2079, 2097, 2124, and 2164
(Table 6). This approach allowed us to compare how Khorasan mortar with egg white
additive and Khorasan mortar with eggshell additive influenced the time-dependent creep
behavior of the bridge. During flood disasters, it was assumed that the water level would
rise to match the height of the bridge, and the water level was modeled using water
loads and a water table. These analyses provided us with detailed insights into the future
structural behavior of the restored Plaka bridge. The time-dependent creep behavior of the
bridge from 2015 to 2164 is comprehensively presented in Figure 19, with the ‘FD’ symbol
denoting flood disasters. Based on the principal stress values evolving at Point 1, Point 2,
and Point 3, it was observed that the largest principal stress values occurred at Point 1, while
the smallest principal stress values were recorded at Point 2. According to the analyses
conducted between 1866 and 2015, it was deduced that the optimum capacity values for
Point 1, Point 2, and Point 3 were 6.3 MPa, 4.8 MPa, and 5.4 MPa, respectively. However, as
per the results of the creep analysis conducted from 2015 to 2164, the maximum principal
stress values at Point 1, Point 2, and Point 3 were determined to be 1.92 MPa, 0.91 MPa, and
1.48 MPa, respectively (Figure 19). These findings suggest that Point 1, Point 2, and Point 3
would not experience any structural damage in the event of five flood disasters occurring
between 2015 and 2164. Moreover, they indicate that the historical bridge constructed
with Khorasan mortar containing eggshells exhibited greater durability than the bridge
constructed using egg white, displaying enhanced resistance to floods without collapsing.
Consequently, this study strongly recommends the use of eggshell-containing Khorasan
mortar between individual stone elements in the restoration of historical bridges.

Table 6. General information about flood disasters that are assumed to occur in the future.

Symbol Year of Flood Disaster Explanation

FD1 2068 It is thought that a flood disaster would
occur 53 years after the bridge was restored.

FD2 2079 It is thought that a flood disaster would
occur 64 years after the bridge was restored.

FD3 2097 It is thought that a flood disaster would
occur 82 years after the bridge was restored.

FD4 2124 It is thought that a flood disaster will occur
109 years after the bridge was restored.

FD5 2164 It is thought that a flood disaster would
occur 149 years after the bridge was restored.

184



Buildings 2024, 14, 1672

Figure 19. Long-term (2015–2164) principal stress behavior of the bridge containing eggshell-added
Khorasan mortar: (a) Point 1 (b) Point 2 (c) Point 3.

9.3. Modal and Seismic Analysis Results for Bridge Using Khorasan Mortar with Eggshell
Additive

In this section of the study, detailed modal and seismic analysis results for the bridge
that has been restored using Khorasan mortar containing eggshells are presented in detail.
In this study, while the Burger creep material model was used for creep analyses, the
material model was changed for seismic analyses. Specifically, the Mohr–Coulomb material
model was used for the seismic analyses. The material parameters for the Mohr–Coulomb
model were obtained from the literature (Table 1) [28]. All assumptions of this material
model are included in the FLAC3D program [33]. Figure 20 illustrates the modal behavior
of the restored Plaka bridge. According to Figure 20, the first mode of the restored bridge
has a frequency of 12.071 Hz. Additionally, the second and third modes of the bridge have
frequencies of 14.623 Hz and 21.136 Hz, respectively. The first mode (with a frequency
of 12.071 Hz) is characterized by ‘bending’ deformation dominance, while the second
mode (with a frequency of 14.623 Hz) is dominated by ‘axial’ deformation. These findings
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offer valuable insights into the modal behavior of historical bridges that have undergone
restoration with Khorasan mortar containing eggshells.

Figure 20. Natural frequencies of three vibration modes for the restored bridge.

In Figures 21–24, the seismic response of the restored bridge to 10 different earthquakes
is investigated in detail. When conducting seismic analyses of the bridge, non-reflective
boundary conditions were implemented. For lateral boundaries, free-field and quiet-
boundary conditions were considered to minimize wave reflection within the model.
Hysteresis damping was incorporated into the earthquake analyses, and G/Gmax values
of the materials were utilized for calculating the dampings. Earthquake accelerations
were defined in the program using the acceleration-time format. Although the seismic
events used in these analyses had durations exceeding 40 s, only the most critical 40
s of each earthquake were considered due to the computational length of the analyses.
Detailed mechanical properties of the earthquakes employed in these analyses are provided
in Table 7.

Table 7. Earthquake characteristics [43].

Symbol Earthquake Mw
Distance

(km)
PGA

(cm2/s)
PGV

(cm/s)
PGD

(s)

EQ1 Pazarcık (Kahramanmaraş) 5.5 6.87 49.84 2.84 0.55
EQ2 İslahiye (Gaziantep) 5.7 10.46 363.52 13.85 1.02
EQ3 Ekinözü (Kahramanmaraş) 5.5 10.93 79.35 4.26 0.42
EQ4 Pazarcık (Kahramanmaraş) 7.6 8.6 1966.74 186.78 661.9
EQ5 Elbistan (Kahramanmaraş) 7.6 7 635.45 170.79 614.52
EQ6 Yeşilyurt (Malatya) 5.6 6.15 25.23 2.36 12.77
EQ7 Nurdağı (Gaziantep) 6.6 6.2 445.29 40.49 9.27
EQ8 Doğanşehir (Malatya) 5.6 10.23 47.28 2.90 0.40
EQ9 Nurdağı (Gaziantep) 5.6 6.98 44.15 2.91 0.73

EQ10 Defne (Hatay) 6.4 21.7 445.38 75.78 44.90
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Figure 21. Principal stress behavior of Plaka bridge under EQ 1, EQ 2, EQ 3, EQ 4, and EQ 5 earthquakes.
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Figure 22. Principal stress behavior of Plaka bridge under EQ 6, EQ 7, EQ 8, EQ 9, and EQ 10 earthquakes.
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Figure 23. Displacement behavior of Plaka bridge under EQ 1, EQ 2, EQ 3, EQ 4, and EQ 5 earthquakes.

189



Buildings 2024, 14, 1672

Figure 24. Displacement behavior of Plaka bridge under EQ 6, EQ 7, EQ 8, EQ 9, and EQ 10 earthquakes.

The seismic analyses in this study are based on important ground motions that oc-
curred in Turkey in 2023, resulting in the loss of thousands of lives. Given the proximity
of the Plaka bridge to Turkey, utilizing these earthquakes in three-dimensional seismic
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analyses holds significant importance for assessing the bridge’s earthquake response. In
Figure 21, the principal stress behavior of the Plaka bridge was investigated under five
different earthquakes. During the EQ 1 earthquake, substantial principal stresses were
observed in the middle of the main arch section of the bridge and at the foot parts of the
auxiliary arches (Figure 21a). At Point 1 on the main arch, a maximum principal stress
value of 5.4 MPa was recorded during the EQ 1 earthquake. During the EQ 2 earthquake,
significant principal stress values manifested in the middle and along the edges of the main
arch of the Plaka bridge. Furthermore, substantial principal stress values were evident at
the peripheries of the auxiliary arches (Figure 21b). Under the EQ 4 earthquake, significant
principal stress values emerged at the edges of the main arch of the bridge and in the lower
sections of the secondary arches. Additionally, substantial principal stresses were observed
in the lower regions of the main arch. Nevertheless, no critical principal stress values were
noted in the upper portions of the auxiliary arches. The maximum principal stress value
recorded at Point 4 during the EQ 4 earthquake was 4.5 MPa (Figure 21d). In Figure 22, the
principal stress behavior of the Plaka bridge was analyzed under five distinct earthquakes.
The highest principal stress values on the bridge during the EQ 6 earthquake manifested in
the upper segments of the main arch (Figure 22a). Furthermore, substantial principal stress
values were observed in the lower sections of the auxiliary arches. Conversely, minimal
stress values were detected at the far-right and -left extremities of the bridge. The maximum
principal stress value recorded at Point 6 during the EQ 6 earthquake was 5.05 MPa. In
Figure 22b, the seismic behavior of the Plaka bridge during the EQ 7 earthquake is com-
prehensively presented. As a result of the earthquake analysis, significant principal stress
values were observed in the auxiliary arch segments of the bridge (Figure 22b). During the
EQ 9 earthquake, the highest principal stress values manifested in the upper segments of
the main arch section of the Plaka bridge. Additionally, notable stress values were evident
in the base sections of the auxiliary arches. The maximum principal stress value recorded
at Point 9 during the EQ 9 earthquake was 4.7 MPa (Figure 22d). These findings indicate
that the principal stress values in the body of the Plaka bridge, restored using Horasan
mortar mixed with eggshell, are lower compared to those restored using Horasan mortar
mixed with egg white. This suggests that such mortars significantly enhance the seismic
resilience of the Plaka bridge.

Figure 23 illustrates the displacement patterns of the Plaka Bridge in response to
five different earthquakes. During the EQ 1 earthquake, the most extensive horizontal
displacement values were recorded in the main arch section of the Plaka bridge. The
maximum horizontal displacement value recorded at Point 1 during the EQ 1 earthquake
was 17.8 mm. Additionally, the maximum horizontal displacement in the auxiliary arches
was approximately 11 mm (Figure 23a). In Figure 23b, the displacement behavior of the
Plaka bridge was assessed during the EQ 2 earthquake. Following the EQ 2 earthquake, the
most significant displacements occurred in the central section of the main arch. Conversely,
the smallest displacements were observed at the bridge’s base. The maximum horizontal
displacement recorded at Point 2 during the EQ 2 earthquake was 15.1 mm (Figure 23b).
The EQ 3 earthquake resulted in maximum horizontal displacement values within the
central regions of the main arch. Additionally, substantial displacements occurred in the
lower segments of the secondary arches, while minimal displacements were observed
in the upper sections of the auxiliary arches. The maximum horizontal displacement
recorded at Point 3 during the EQ 3 earthquake was 16.2 mm (Figure 23c). These findings
underscore the criticality of the main arch sections in historical bridges. In Figure 24, the
detailed horizontal displacement behavior of the bridge during five different earthquakes
is examined. The most significant horizontal displacements observed on the bridge when
considering the EQ 6 earthquake analysis were at the edges of the main arch section.
During the earthquake, minimal displacement values were registered at the base of the
auxiliary arches. Furthermore, the upper parts of the auxiliary arches exhibited maximum
displacement values of approximately 10 mm. The largest recorded displacement value
at Point 6 during the earthquake was 15.4 mm (Figure 24a). Under the EQ 8 earthquake,
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maximum displacements were observed at the edges of the main arch section of the bridge.
Significant displacements also occurred at the edges of the auxiliary arch components. This
finding underscores the primary importance of the main arches in the seismic behavior
of masonry arch bridges (Figure 24c). Therefore, when constructing or restoring masonry
arch bridges, careful consideration should be given to the middle of the main arch sections.
Under the EQ 10 earthquake, significant horizontal displacements occurred both in the
middle and at the edges of the main arch section of the Plaka bridge. The maximum
displacement value recorded during the earthquake analysis at Point 10 was 13.3 mm.
These results highlight the crucial role played by both the main arch and auxiliary arch
sections in the seismic behavior of masonry arch bridges. Moreover, it was observed that the
incorporation of eggshell-containing Khorasan mortar in masonry arch bridges positively
contributes to their seismic displacement behavior. In light of these analysis results, it is
recommended to use eggshell-containing Khorasan mortar between the stone elements
during the reconstruction and restoration processes of historical bridges.

10. Conclusions

In this study, the long-term creep and seismic behaviors of a historical bridge were
investigated using Khorasan mortar with additives of both egg white and eggshell. The
mechanical properties of Khorasan mortar were derived from experiments, and the stiff-
ness parameters between the stone elements were computed based on these mechanical
properties. Subsequently, three-dimensional creep and seismic analyses of the bridge were
conducted to assess how the behavior of the bridge is influenced when either egg white- or
eggshell-added Khorasan mortar is used between the stone elements. In the first part of
the study, experiments were carried out to obtain the mechanical properties of Khorasan
mortar. Based on the experimental findings, it was observed that the unconfined compres-
sion strength of the control soil and all other mixtures increased with longer curing times.
Notably, the maximum mixture was found to contain 50% additives of either egg white
or eggshell. To optimize the use of egg white, water content was reduced, contributing
to efficient water usage, a critical global resource. This reduction in water content led to
increased unconfined compression strength in the samples. Furthermore, the eggshell addi-
tive exhibited superior performance compared to egg white, due to its stronger and faster
chemical reaction, attributed to its lime content. Importantly, even the weakest strength
value obtained with additives remained higher than that of the control sample, affirming
the positive impact of adding Khorasan mortar with these additives. However, it was
determined that exceeding a 50% additive ratio reduced the strength compared to samples
stabilized at this percentage. Nevertheless, the strength values remained significantly
higher than those of the control soil. In the second part of the study, three-dimensional
numerical analyses were performed. Historically, during the construction of the bridge
in 1866, Khorasan mortar with egg white additives was used between the stone elements.
Static analysis of the bridge from 1866 to 2015 (149 years) revealed that significant principal
stresses were concentrated in the main-arch and auxiliary-arch sections following five
different flood disasters. This analysis suggested that one of the primary causes of the
bridge’s collapse during the 2015 flood was the use of Khorasan mortar with egg white
additives in these critical sections. Analyzing the bridge constructed with Khorasan mor-
tar containing egg white additives from 1866 to 2015 revealed maximum principal stress
values of 6.3 MPa, 4.8 MPa, and 5.4 MPa at Point 1, Point 2, and Point 3, respectively.
When the bridge was being restored in 2015, Khorasan mortar with eggshell additives was
employed between the stone elements. For this reason, the bridge was statically analyzed
from 2015 to 2164 considering Khorasan mortar with eggshell additives between stone
elements. The results indicated that no structural damage would occur in any part of
the bridge, even when subjected to five different hypothetical flood disasters. For the
bridge constructed with eggshell-added Khorasan mortar from 2015 to 2164, maximum
principal stress values of 1.92 MPa, 0.92 MPa, and 1.48 MPa were observed at Point 1, Point
2, and Point 3, respectively. These results demonstrated that the use of eggshell-mixed
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Khorasan mortar between stone elements provided more favorable contributions to the
long-term creep behavior of the bridge. Moreover, according to modal analysis results of
the bridge using eggshell-added Khorasan mortar, the natural frequencies of Mode 1, Mode
2, and Mode 3 are 12.071 Hz, 14.623 Hz, and 21.136 Hz, respectively. Additionally, the
maximum horizontal displacement value observed in the bridge body during these seismic
analyses was 17.8 mm. The seismic principal-stress and displacement values obtained
from the seismic analyses are very similar to those found in the literature. This result
validates the accuracy of the seismic analyses of the Plaka bridge and demonstrates the
reliability of using Khorasan mortar for assessing the seismic behavior of masonry bridges.
Considering these comprehensive results, it is highly recommended to use eggshell-mixed
Khorasan mortar, rather than egg white-mixed Khorasan mortar, for restoring or rebuilding
historical bridges.
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Abstract: Non-destructive testing has many advantages, such as the ability to obtain a large number
of data without destroying existing structures. However, the reliability of the estimation accuracy and
the limited range of applicable targets remain an issue. This study proposes a novel pin penetration
test method to determine the early-age compressive strength of concrete before demolding. The
timing of demolding and initial curing is determined according to the strength development of
concrete. Therefore, it is important to determine the compressive strength at an early age before
demolding at the actual construction site. The applicability of this strength estimation methodology
at actual construction is investigated. Small test holes (12 mm in diameter) are prepared on the mold
surface in real construction sites and mock-up specimens in advance. The pin is penetrated into
these test holes to obtain the relationship between the compressive strength and the penetration
depth. As a result, it is confirmed that the pin penetration test method is suitable for measuring the
early-age compressive strength at the actual construction site. This allows the benchmark values for
compressive strength, necessary to avoid early frost damage, to be directly verified on the concrete
structural members at the construction site. For instance, the compressive strengths of greater than
5 MPa and 10 MPa can be confirmed by the penetration depths benchmark values of 8.0 mm and
6.7 mm or less, respectively.

Keywords: compressive strength estimation; pin penetration test; non-destructive test; on-site test;
demolding; early-age compressive strength; cold weather concreting

1. Introduction

It is important to determine the early-age compressive strength at the actual construc-
tion site when concrete work is executed in cold weather conditions to prevent early-age
frost damage. Most of the international norms and guidelines for cold weather concreting
are recommending to obtain at least 5 MPa strength before exposing concrete to early-age
freezing. However, there are no suitable methods available for the measurement of low-
strength concrete at a very early age, in particular before demolding at the construction
site. As well known, cement hydration is quite sensitive to temperature, and strength
development would be delayed at low temperatures [1]. The mold provides an important
protection function against low temperatures for early-age concrete. Therefore, it is de-
sirable to extend the period during which the concrete mold remains in place as much as
possible to ensure sufficient initial curing. Japanese Architectural Standard Specification
for Reinforced Concrete Works, JASS 5 [2], provided by the Architectural Institute of Japan,
specifies that the period where the mold remains in place shall be controlled by strength.
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JASS 5 requires the removal of the mold after confirming that the compressive strength of
the structural concrete attains specific criteria depending on the planned service life. In the
case of the ‘short-term’ and ‘standard’ service life level, the compressive strength should
be 5 N/mm2 or more for demolding. In the case of the ‘long-term’ and ‘extra-long-term’
service life level, the compressive strength should be 10 N/mm2 or more. In the case of cold
weather concreting, the recommendation for the practice of cold weather concreting [3,4]
and its commentary also require initial curing until the compressive strength exceeds
5 N/mm2 in order to avoid initial frost damage.

As mentioned above, the timing of demolding and initial curing is determined ac-
cording to the strength development of concrete. However, because compressive strength
is obtained by compressive strength tests using test pieces, it undergoes different curing
conditions from the structural concrete placed in the mold. To obtain the compressive
strength of the actual structural concrete, it is desirable to take cores from the hardened
structure and test them, which is destructive. However, it is challenging to take cores
from unmatured concrete members before demolding. In addition, conducting a com-
pression test is not easy to do at the construction site, and it is unavoidably costly in
terms of time and economics, such as transportation to the testing location and the testing
procedure itself.

There are various non-destructive testing (NDT) methods available for the assessment
of the in situ concrete strength. Non-destructive and micro-destructive testing methods for
estimating the compressive strength of concrete have been studied extensively, and many
methods have been put into practical use and standardized. The most commonly used
NDT methods are a rebound hammer test [5–8] and ultrasonic pulse velocity [9–15]. A
combination of those methods [16–18] is also widely used to evaluate the existing concrete
structures. However, most of them have been applied to the concrete surface to estimate
the internal mechanical properties (compressive strength). Any of those methods are
only applicable for the existing or hardened concrete structures but not applicable to the
unmatured concrete structures before demolding. The target concrete of these NDTs is
post-cured concrete or structures that have deteriorated over time, and there are not enough
tests available for young concrete, especially before demolding.

Non-destructive testing has many advantages, such as the ability to obtain a large
number of data without destroying existing structures on a large scale [19]. However, the
reliability of the estimation accuracy remains an issue. For example, the rebound hammer
test is an extremely simple test method and has been standardized in Japan as JIS A 1155 [20],
which is modified from ISO 1920-7 [21]. However, the method of estimating strength from
the degree of rebound is not included in these standards due to a unified calculation method
for estimating strength from the degree of rebound has not been obtained [22–25].

There are several studies that investigated the NDT methods to use for alternative
assessment of in situ concrete strength. Gunes et al. [26] have studied the drilling-based test
methodology for non-destructive estimation of in situ concrete strength and carried out to
develop a relationship between the drilling resistance parameter and compressive strength.
However, they concluded that the most accurate estimations for strength are obtained when
the drilling resistance measurements are combined with rebound hammer or ultrasonic
pulse velocity measurements as additional NDT data. Al-Sabah et al. [27] investigated the
post-installed screw pull-out test for the assessment of the compressive strength of in situ
concrete, and they found that the correlation between the compressive strength of mortar
and the peak load was significant. In addition, one of our previous studies [28] investigated
the screening method to evaluate the low-strength concrete using the combination of two
low-energy non-destructive testing devices, a type L rebound hammer and a scratching
test. As a result, a concrete classification chart is proposed based on the boundary values of
two NDT methods, and it provides a concrete strength range via a classification chart and a
conservative estimate of the compressive strength. Nguyen et al. [29] studied the simple
non-destructive method for evaluating the cover concrete quality, and they concluded that
the water intentional spray test method could sensitively detect the poor-quality concrete
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caused by a high water–cement ratio and short curing time. However, all NDT methods
mentioned here were performed on the surface of concrete; it is difficult to apply it directly
to concrete before demolding when the surface has not yet been exposed.

The mold plays a role in protecting the concrete from external stimuli and ensuring
its quality, and it is undesirable to remove even a part of the mold for the purpose of
confirming the strength of young-aged concrete. A proposal to estimate the strength of the
concrete with mold has been considered. In the BOSS (Broken Off Specimens by Splitting)
specimen method [30] shown in Figure 1, which has been standardized in Japan as JIS A
1163 [31], concrete is poured into the mold with the mold for the BOSS specimen installed in
advance to obtain a specimen that has hardened in the same environment as the structural
concrete. By performing a compressive test on this BOSS specimen, strength estimation can
be performed with high accuracy. However, there are some problems with the simplicity of
the test, such as the fact that the compressive test cannot be performed at the construction
site, the need for repair after demolding, and the limited number of specimens.

  

Figure 1. Non-destructive testing method. BOSS specimen [30].

The strength of concrete generally depends on the strength of the hardened cement.
Therefore, a non-destructive testing method called the penetration resistance method has
been proposed [32–35], in which pins or needles are inserted into the mortar portion of
concrete, and the strength is estimated from the penetration depth. Maliha et al. also used
the same pin penetration device used in this study; they obtained a correlation between the
penetration depth and compressive strength but confirmed that it was affected by coarse
aggregate [34]. Conversely, if the influence of coarse aggregate can be eliminated, strength
estimation can be performed with higher accuracy. For example, the accuracy of strength
estimation for mortar without coarse aggregate is high, and there are also standardized
methods for strength estimation, such as shotcrete [35].

In addition, a method called ‘smart sensor mold’, in which a mold is equipped with
a sensor that can measure the surface temperature history of concrete, etc., has been
proposed to confirm the development of standard strength at demolding [36,37]. However,
this method cannot be applied to conventional mold easily because it requires the use of a
mold with special devices.

Based on the above backgrounds, this study proposes to use the pin penetration
test method to determine the early-age compressive strength before demolding. There
are two main advantages of this method that is reason to use in this study. First, the
proposed pin penetration test is applicable to use before demolding. Second, this method
is suitable to use for low-strength concrete. However, the previous studies [37] have
only shown the effectiveness of this method on laboratory-sized specimens and have not
examined it on full-size concrete specimens, which may include different conditions, e.g.,
compaction conditions and uncontrolled temperature. In this study, the applicability of
this strength estimation method at actual construction is investigated. Small test holes
(12 mm in diameter) are prepared on the mold surface in real construction sites and mock-up
specimens in advance. The pin is penetrated into these test holes to obtain the relationship
between the compressive strength and the penetration depth.

197



Buildings 2024, 14, 2099

2. Testing Method and Materials

2.1. Pin Penetration Testing Device

The pin penetration testing device used in this study is shown in Figure 2, and its
specifications are in Table 1. In this device, a metal pin of 2.5 mm in diameter and 60 mm
in length is ejected with constant energy (6 Nm) from an internally compressed spring,
pushing the pin at the tip up to a predetermined height, and the penetration depth is
then measured. The measured penetration depth is digitally displayed on a control unit
connected to the main unit of the tester. The measuring principle is similar to that of
conventional pin penetration testers [32,33] used for concrete. This device was originally
developed to estimate the degree of decay or deterioration of wood based on the penetration
depth. In previous studies [34,35], this device was employed to determine the compressive
strength of concrete on the cubic mold on a laboratory scale. No result has been verified on
full-size mock-up specimens and/or actual construction sites. This study investigated the
applicability of this method in actual construction sites to determine the early compressive
strength. Two types of pipes with different materials were used to compare the effect of
material type on penetration depth, as shown in Figure 2.

control unit 

pin 

Main 
body 

Flat pin 

Figure 2. Pin penetration tester.

Table 1. Pin penetration device specifications.

Device Specification Value Range

Measuring range 0~35 mm
Measurement accuracy 0.1 mm
Dimensions of device 50 × 70 × 335 mm
Weight ~2 kg
Energy 6 J (Nm)

2.2. Technique of Measuring Strength before Demolding

Figure 3 shows the pin penetration test of the mock-up specimen. As shown in this
photo, the specimens were not demolded. The pin penetration testing device is compact
and lightweight, does not require an external power source other than the built-in dry cell
batteries, and can be brought to the construction site easily. The pin penetration tests were
performed on mortar filled in the holes, as shown in Figure 4. The measurement results
were obtained from each hole.
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Figure 3. Pin penetration test of the mock-up mold before demolding.

Aluminium pipe (Al) 

Acrylic pipe (Ac) 

Figure 4. Test hole before inserting the pipe.

Figures 4–6 show the experimental procedure for preparing the test holes on the mold.
The pre-assembled test piece consists of an aluminum (Al) or acrylic (Ac) pipe, a plastic
cover, and a needle, as shown in Figure 4. The holes in the mold have the same diameter as
those used for ordinary separators of the mold, and the test can be conducted simply by
placing an aluminum pipe with a coarse aggregate penetration prevention needle and a
plastic cap with holes on the side facing the outside of the mold. At first, test holes with
a diameter of 12 mm were drilled in the mold before inserting the test piece, as shown in
Figure 4. The space between holes was not less than 40 mm. After that, the pre-assembled
test pieces were inserted into drilled holes, as shown in Figure 5. The concrete was poured
into the mold after finishing the preparation of the mold. The internal and surface vibrators
were used to compact the concrete until cement paste leaked from the plastic cap, as shown
in Figure 6.
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Figure 5. Test piece after inserting the pipe.

Figure 6. Test hole after concrete casting.

2.3. Pin Penetration Test at Construction Site and Mock-Up Mold

Figure 7 shows the outline of experimental work for the pin penetration test. The pin
penetration test was performed at both the laboratory and the actual construction site to
investigate the applicability of this method. Also, mock-up specimens were prepared to
conduct pin penetration tests to simulate the actual construction site. Cylindrical specimens
with a size of 100 × 200 mm were prepared to determine the compressive strength of
concrete. Concrete temperatures and ambient temperatures were measured for each type
of specimen and on the construction site using the digital thermometer. The temperature
measurement interval was 5 min.

Figure 7. Outline of experimental work.
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In the scope of this study, penetration tests were conducted with 30 holes with both
Al and Ac pipes. For each series, pin penetration tests were conducted according to the
schedule shown in Table 2. At the same accumulated temperature, the compressive strength
tests were also conducted to obtain the corresponding compressive strength.

Table 2. Testing schedule.

Determination
Curing Time

15 h 18 h 21 h 24 h 27 h 48 h

Mock-up mold
Al pipe � � � � � �
Ac pipe � � � � � �

Construction site
Al pipe � � � �
Ac pipe � � � �

Figure 8 shows the schematic diagram of the mock-up mold. The size of the mock-up
mold was 1800 × 900 × 200 mm each in length, height and thickness. In the case of the
mock-up mold, the pin penetration test was performed once 15 h after casting and then
repeated every 3 h. Therefore, testing times were 15, 18, 21, 24, 27, and 48 h. The core
drilled specimens were taken from mock-up mold at a time interval of 21, 24, 27, and
48 h. The core drilling was conducted with the mold in place, as opposed to the usual
situation. Temperatures were measured from the surface of the mock-up mold using the
digital thermometer.

Figure 8. Design of mock-up mold.

On the construction site, it was impossible to perform the test at the construction
site before 8 a.m. in the morning and after 5 p.m. in the evening due to the limitation of
working time at the construction site. Therefore, pin penetration tests were performed
at 18, 21, 24, and 48 h at the construction site. The temperature was also measured from
the concrete surface. Figure 9 shows the prepared test holes at the construction site and
mock-up mold before conducting the pin penetration test.
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(a) (b) 

Figure 9. Test holes at mold (a) mock-up mold (b) construction site.

2.4. Concrete Used in the Experiment

The concrete for the specimens was supplied by a ready-mixed concrete plant near
Sendai City, Japan. Table 3 shows its specifications, and Table 4 shows its mix proportions.
As shown in these tables, tests were conducted on the different concretes with different
nominal strength, slump, and curing conditions also were different. Two different fine ag-
gregates were used for adjustment of particle size distribution. After casting, the cylindrical
specimens were sealed and cured at the construction site until testing.

Table 3. Used concrete specifications.

Series Testing Condition
Nominal Strength

[MPa]
Slump

[cm]

CS-1 Construction site
(at ambient air temperature)

36 21
CS-2 36 21

MS-1 Mock-up specimens
(at ambient air temperature)

24 18
MS-2 30 18

Table 4. Mix proportions (kg/m3).

Series
W/C
[%]

Cement Water Fine Aggregate * Coarse Aggregate Admixture

CS-1 41.0 427 175 598, 158 969 6.41
CS-2 41.0 427 175 598, 158 969 6.41
MS-1 54.0 324 175 659, 165 990 3.24
MS-2 46.5 376 175 626, 157 990 3.76

* The fine aggregate contains a combination of two different sources.

2.5. Compressive Strength Test

Compressive strength tests were conducted in accordance with JIS A 1108. For each
series of tests, three cylindrical specimens were used for compressive strength tests to
confirm the strength. The testing time was determined by temperature measurement,
which was reached when the cured specimens obtained the same accumulated temperature
as the site concrete. The accumulated temperatures were calculated using Equation (1) [3].

M = ∑ (10 + T)Δt (1)

where
M: accumulated temperature (ºD·D);
T: temperature at Δt;
Δt: time.
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Both ends of the cylindrical specimens were polished. For the young specimens that
were not strong enough to withstand polishing, unbonded capping devices with soft rubber
were used. A 1000 kN universal testing machine was used for loading.

3. Results and Discussion

3.1. Temperature Difference between Site Concrete and Specimens

Figures 10–13 show the temperature histories of the construction site and mock-up
specimens. The temperature measured from the site or mock-up specimen concrete gives
the highest temperature profiles, and their temperatures slightly decreased to ambient air
temperature. The cylindrical specimens were cured at the same ambient air temperature as
mock-up molds and construction sites. However, the highest temperature profile occurred
within the first 8 h and then decreased to ambient air temperature. In general, cylindrical
specimens’ temperatures depend on the ambient air temperature. Therefore, it is confirmed
that even if the ambient air temperature is the same, the actual construction site concrete
temperature is higher than the temperature of site-cured specimens.

Figure 10. Temperature history of construction site (CS-1).

Figure 11. Temperature history of construction site (CS-2).

Figure 12. Temperature history of mock-up specimens (MS-1).
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Figure 13. Temperature history of mock-up specimens (MS-2).

3.2. Accumulated Temperature and Strength Delaying Time

As defined by [38], the concrete of the same mix at the same maturity has approxi-
mately the same strength, whatever combination of temperature and time that leads to
maturity. Therefore, the strength delaying time was determined based on the time to
reach the same accumulated temperature for all series. For instance, Figure 14 shows
the accumulated temperature and curing time for MS-1. As shown in this figure, the
accumulated temperature of the mock-up specimens (MS-1) is 27.5 ◦D·D, 43.5 ◦D·D, and
81.2 ◦D·D after 15 h, 24 h, and 48 h, respectively. However, cylindrical specimens ob-
tained the same accumulated temperature after 17 h 45 min, 29 h 26 min, and 56 h
40 min. Therefore, the strength delaying time is 2 h 45 min, 5 h 26 min, and 8 h
40 min for the cylindrical specimens. It confirms that the on-site cured specimens are
not suitable to evaluate the actual compressive strength of concrete at the construction
site, and the direct measurement method is important to determine the pre-curing time,
especially in cold weather conditions.

Figure 14. Accumulated temperature and curing time (MS-1).

3.3. Relationship between Compressive Strength and Penetration Depth

The relationship between the penetration depth d and compressive strength is shown
in Figure 15. In the case of Al pipe (Figure 15a), the same depth of penetration is measured
even when the strength is increased. Al pipes are stronger than Ac pipes, which are difficult
to expand when the pin penetrates into the cement mortar filled in Al pipes. This is the
reason why Al pipe gives the same penetration depth even when the strength is different.
Therefore, it is not suitable to use strong materials for pipe because concrete-filled steel
pipe structures have high bearing capacity and strong deformation ability [39,40]. In the
case of Ac pipe (Figure 15b), the depth of penetration tends to decrease exponentially as
the compressive strength increases. When the compressive strength is less than 5 MPa,
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the depth of penetration shows significant variation. However, the obtained result was
different from the previous curve, which was determined in laboratory experiments [35].
The compressive strength range that can be estimated by the proposed method in this
study is set from 3 MPa to 15 MPa. A regression curve is set up to obtain the strength
estimation equation using the measurement points within this strength range. Here, based
on the graph shown in Figure 16, we use the inverse proportionality equation shown in
Equation (2) below.

f c =
s

d − t
(2)

where,
fc: compressive strength [MPa];
d: corrected penetration depth [mm];
s,t: experimental constant.
The correlation between the compressive strength fc and the penetration depth d is

determined from the least squares method as in the following Equations (3) and (4). The
coefficients of determination of R2 are R2

Al = 0.399 and R2
Ac = 0.903. It can be confirmed

that acrylic pipe shows a higher correlation. Therefore, the result from the acrylic pipe is
used to determine early-age compressive strength before demolding.

f c =
46.51

dAl − 2.43
(3)

f c =
22.02

dAc − 5.46
(4)

where
dAl: corrected penetration depth of aluminum pipe [mm];
dAc: corrected penetration depth of acrylic [mm].
Finally, a reference value of the penetration depth is determined with sufficient cer-

tainty that the strength required before demolding or preventing early-age freezing has
been obtained from the depth of penetration di obtained in one penetration test and the
corresponding compressive strength f ci. The corresponding experimental constant si in
Equation (2) is calculated by the following Equation (5).

si = (di − d)× f ci (5)

Here, d is the pin penetration depth for the acrylic pipe. si is assumed to follow a
normal distribution, the mean value s of si is calculated by Equation (6), and the standard
error SEsi is calculated by Equation (7) for the acrylic pipes.

s = ∑n
i=1 si

n
(6)

SEsi =

√
1

n−1 ∑n
i=1(si − s)2

√
n

(7)

The 99% confidence interval when considering the distribution of the experimental
constant si is expressed by the following Equations (8) and (9). smax and smin are calculated
for the acrylic pipe.

smax = s + 3SEsi (8)

smin = s − 3SEsi (9)
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Substituting smax and smin into Equation (2) yields the estimated intensity intervals.
These equations are expressed in Equations (10) and (11).

f cmax =
31.24

ds − 5.46
(10)

f cmin =
12.81

ds − 5.46
(11)

Here,
fcmax: estimated upper strength of acrylic pipe [MPa];
fcmin: estimated lower strength of acrylic pipe [MPa].
These estimated intervals are indicated by the dashed lines in Figure 16, confirming

that it is possible to estimate the early-age compressive strength from the depth of pene-
tration obtained. The standard error of SE is 3.07. Considering the respective estimated
strength intervals, the penetration depths that ensure the development of the early-age
strength required before demolding are shown in Table 5. Figure 16 shows these values for
the relationship between penetration depth and compressive strength. If the penetration
depth is less than these values, it confirms that the minimum required strength before
demolding is achieved.

 
(a) Aluminium pipe (b) Acrylic pipe 

Figure 15. Relationship between modified penetration depth and compressive strength.

Figure 16. Pin penetration depth to ensure minimum required strength (Ac pipe).
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Table 5. Penetration depth to ensure minimum required compressive strength before demolding.

Compressive Strength
[MPa]

Penetration Depth [mm]
(Acrylic Pipe)

5.0 8.02 (8.0)

10.0 6.74 (6.7)

However, fewer values were obtained at lower strength levels due to higher strength
development during testing. Therefore, it is necessary to conduct more experiments to
obtain more data at a low strength level in the future, although we were able to propose
reference values.

3.4. Surface Condition of Concrete after Demolding

The condition of the surface of the structure after demolding is shown in Figure 17.
As shown in these figures, the test hole marks after demolding are small, with acceptable
unevenness. It is considered possible to repair these test marks easily without damaging
the structural frame. Additionally, when installing finishing materials or insulation, these
marks can be covered without any special treatment.

  

(a) (b) 

Figure 17. Surface of concrete after demolding (a) mock-up specimen (b) construction site.

4. Conclusions

In this study, the pin penetration test method was investigated to determine the early-
age compressive strength at the actual construction site before demolding. The mock-up
specimens were prepared to determine the relationship between penetration depth and
compressive strength. The findings of this study are described below.

1. It is confirmed that the pin penetration test method is suitable to measure the early-age
compressive strength before demolding at actual construction site.

2. The relationship between pin penetration depth and compressive strength of concrete
was determined at actual construction site using the mock-up specimens. The obtained
results were different from the existing curves obtained in laboratory experiments.

3. The strength development of specimens was significantly delayed compared to mock-
up specimens even when specimens were cured at same ambient air temperatures.
Therefore, it confirms that the pin penetration test method is important to determine
early-age compressive strength before demolding at actual construction site.

4. The relationship between pin penetration depth and compressive strength gives
higher correlation when using the acrylic pipes. However, the compressive strength
range that can be estimated by the proposed method in this study was from 3 MPa to
15 MPa.

5. It is confirmed that when the compressive strengths are greater than 5 MPa and
10 MPa, the penetration depths are smaller than 8.0 mm and 6.7 mm, respectively.
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Abstract: Epoxy resin concrete, characterized by its superior mechanical properties, is frequently
utilized for structural reinforcement and strengthening. However, its application in structural
members remains limited. In this paper, the bond–slip behavior between steel reinforcement and
epoxy resin concrete was investigated using a combination of experimental research and finite element
analysis, with the objective of providing data support for substantiating the expanded use of epoxy
resin concrete in structural members. The research methodology included 18 center-pullout tests and
14 finite element model calculations, focusing on the effects of variables such as epoxy resin concrete
strength, steel reinforcement strength, steel reinforcement diameter and protective layer thickness on
bond performance. The results reveal that the bond strength between epoxy resin concrete and steel
reinforcement significantly surpasses that of ordinary concrete, being approximately 3.23 times higher
given the equivalent strength level of the material; the improvement in the strength of both the epoxy
resin concrete and steel reinforcement are observed to marginally increase the bond stress. Conversely,
an increase in the diameter of the steel reinforcement and a reduction in the thickness of the protective
layer of the concrete can lead to diminished bond stress and peak slip. Particularly, when the steel
reinforcement strength is below 500 MPa, it tends to reach its yield strength and may even detach
during the drawing process, indicating that the yielding of the steel reinforcement occurs before
the loss of bond stress. In contrast, for a steel reinforcement strength exceeding 500 MPa, yielding
does not precede bond stress loss, resulting in a distinct form of failure described as scraping plough
type destruction. Compared to ordinary concrete, the peak of the epoxy resin concrete and steel
reinforcement bond stress–slip curve is more pointed, indicating a rapid degradation to maximum
bond stress and exhibiting a brittle nature. Overall, these peaks are sharper than those of ordinary
concrete, indicating a rapid decline in bond stress post-peak, reflective of its brittle characteristics.

Keywords: epoxy resin concrete; bond performance; bond stress–slip curve; experiment; finite
element (method)

1. Introduction

Epoxy resin concrete is a composite material that is hardened and moulded from
a mixture of epoxy resin, curing agents, and sand aggregates [1]. Compared with con-
ventional silicate concrete, epoxy resin concrete has excellent corrosion resistance, pen-
etration resistance, and freeze-thaw resistance, as well as high strength and significant
early strength [2–6]. Therefore, epoxy resin has been extensively applied in reinforcement
projects, including crack repair and road construction [7–11]. Furthermore, research on
its application in building materials [11] and structural engineering [12–14] continues to
deepen, underscoring the broad development potential of epoxy resin concrete in the
construction industry.

The performance of a bond between steel reinforcement and concrete is one of the
key influences on the operational performance of concrete structures [15,16]. In these
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structures, the steel reinforcement is responsible for bearing tensile force, while the bonded
concrete disseminates and transfers the loads. However, several factors can compromise
this bond, potentially leading to structural failure [17,18]. The application of epoxy resin
concrete in engineering structures introduces a bond–slip behavior between it and the steel
reinforcement that could significantly diverge from that of ordinary concrete. Investigating
this bond performance is of great engineering significance, as it could critically influence
structural integrity.

Existing related studies predominantly focus on ordinary concrete and steel rein-
forcement [19]. However, investigations into the bond–slip behavior of novel concrete
types paired with steel reinforcement are less prevalent. With the global development of
high-performance concrete [20], research into its application in structural engineering has
gradually been carried out. For instance, in 2019, Khaksefidi et al. [21] prepared 60 cubic
concrete specimens centered around steel reinforcement with three different bond lengths
using Ultra-High-Performance Concrete (UHPC) and high-strength steel rebars in normal
as well as two strength types of steel reinforcement. Their tensile test results indicated that
several factors, including the concrete strength, ratio of concrete protective layer to diame-
ter, bond length, yield strength of steel reinforcement, and geometry of steel reinforcement,
significantly influence the bond performance. Similarly, in the same year, Hu et al. [22]
investigated the bond characteristics of high-strength deformed steel reinforcement in
UHPC, taking into account variables such as fibre volume content, diameter of the steel
reinforcement, embedment length of the steel reinforcement, concrete protective layer, and
grade of the steel reinforcement on the bond failure mode. The results highlighted the
substantial impact of the concrete protective layer thickness on the bond failure mode,
leading to the proposal of theoretical and simplified formulas for calculating the splitting
bond strength. Additionally, Liang et al. [23] carried out an experimental study on the bond
performance of deformed steel reinforcement with UHPC and analysed the influencing
factors of the loading mode, the strength of the UHPC, the steel fibre type and content, the
diameter of the steel reinforcement, and the thickness of the protective layer and proposed
three bond–slip failure modes, including pullout damage, split damage + pullout damage,
and cone failure.

In terms of finite element analysis concerning the bond–slip performance between
steel reinforcement and concrete, several significant studies were conducted in recent years.
In 2020, Qasem et al. [24] investigated a cohesive zone modeling approach in ABAQUS
to explore the interaction between steel reinforcement and concrete, considering factors
such as reinforcement diameter, material, and carbon nanotube content in the context of
ultra-high-performance concrete. Their analysis focused on the pullout performance of
steel reinforcement. In 2023, Zhang et al. [25] used the Coulomb-friction model through
ABAQUS to study the effect of waterborne epoxy coating thickness on the bond perfor-
mance between steel reinforcement and concrete. They adjusted the friction coefficient
of the contact surfaces and established a high-fidelity geometric model of ribbed steel
reinforcement. Their results showed that the bond stress in waterborne epoxy-coated
steel reinforcement is mainly provided by mechanical occlusion, and the coating-induced
changes in the shape of the steel reinforcement were the main factors leading to the degra-
dation of the bond performance. Also in 2023, Bai et al. [26] applied a nonlinear spring
element in both ANSYS and ABAQUS to model rubberized concrete with varying rein-
forcement diameters and anchorage lengths. The results demonstrated that an increase
in both reinforcement diameter and anchorage length shifts the peak of bond stress and
leads to a more inhomogeneous distribution of bond stress. The simulation results are
basically consistent with the experimental results, which verifies the feasibility of the
method. In 2024, Cui et al. [27] carried out numerical simulations using the cohesive zone
model method through ABAQUS, replicating the experimental conditions. Their study
verified the bond–slip constitutive models for seawater Sea Sand Alkali Activated Concrete
(SSASC) and Fibre Reinforced Plastic (FRP) reinforcement systems. The simulation results
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obtained from ABAQUS finite element software demonstrated strong consistency with the
experimental results.

In summary, the literature reveals a scarcity of research focused on the bond–slip
behavior involving new types of concrete and steel reinforcement, particularly between
epoxy resin concrete and steel reinforcement. This gap hinders the broader adoption and
integration of epoxy resin concrete in structural applications. This paper intends to address
this deficiency by employing a dual approach combining experimental methods and
finite element analysis to investigate the bond–slip behavior between epoxy resin concrete
and steel reinforcement. Specifically, the study will assess how the epoxy resin concrete
strength, steel reinforcement strength, steel reinforcement diameter and the thickness
of the protective layer influence the bond–slip performance. The results will provide
data to support the design and construction of the epoxy resin concrete structure and
to promote its application in structural engineering. However, this study has certain
limitations. Firstly, the research scope of both the experimental investigations and finite
element models is relatively narrow, potentially excluding variables relevant to practical
engineering applications, and thus may limit the broad applicability of the results. Secondly,
the number of experimental samples is relatively limited, and the simplified assumptions
in the finite element models may have a certain impact on the precision of the results.
Therefore, it is recommended that future research expand the range of variables and further
optimize the model assumptions to enhance the validity and robustness of the conclusions.

2. Experimental Overview

2.1. Specimen Design and Fabrication

According to the “Standard for Testing Methods of Physical and Mechanical Properties
of Concrete” (GB/T 50081-2019) [28], this study designed and fabricated 18 center-pullout
specimens. The design focused on strength of epoxy resin concrete, bond length, and
type of steel reinforcement. Detailed specifications of these specimens, including their
primary characteristics, are provided in Table 1. The dimensions for each specimen were
150 mm × 150 mm × 150 mm. The bond length between the epoxy resin concrete and steel
reinforcement was controlled by two cut PVC sleeves, illustrated in Figure 1.

Table 1. Basic information of test pieces.

Specimen Number
Cubic Compressive Strength of

Epoxy Resin Concrete (MPa)
Bond Length (mm) Type of Steel Reinforcement

HG2.0-L30 40.3 30 High-strength Reinforced Bar
HG2.0-L40 40.3 40 High-strength Reinforced Bar
HG2.0-L50 40.3 50 High-strength Reinforced Bar
HG3.3-L30 50.5 30 High-strength Reinforced Bar
HG3.3-L40 50.5 40 High-strength Reinforced Bar
HG3.3-L50 50.5 50 High-strength Reinforced Bar
H2.0-L30 40.3 30 Hot Rolled Ribbed Steel Bars (HRB335)
H2.0-L40 40.3 40 Hot Rolled Ribbed Steel Bars (HRB335)
H2.0-L50 40.3 50 Hot Rolled Ribbed Steel Bars (HRB335)
H3.3-L30 50.5 30 Hot Rolled Ribbed Steel Bars (HRB335)
H3.3-L40 50.5 40 Hot Rolled Ribbed Steel Bars (HRB335)
H3.3-L50 50.5 50 Hot Rolled Ribbed Steel Bars (HRB335)
G2.0-L30 40.3 30 Hot Rolled Ribbed Steel Bars (HRB400)
G2.0-L40 40.3 40 Hot Rolled Ribbed Steel Bars (HRB400)
G2.0-L50 40.3 50 Hot Rolled Ribbed Steel Bars (HRB400)
G3.3-L30 50.5 30 Hot Rolled Ribbed Steel Bars (HRB400)
G3.3-L40 50.5 40 Hot Rolled Ribbed Steel Bars (HRB400)
G3.3-L50 50.5 50 Hot Rolled Ribbed Steel Bars (HRB400)
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(a) Specimen numbers and sizes (All dimensions are reported in mm) (b) Specimen Mould

Figure 1. Specimen design and fabrication.

2.2. Basic Mechanical Properties of Materials

The compositions used in the preparation of epoxy resin concrete for this experiment
are detailed in Table 2. The “ring-to-solid ratio” refers to the ratio of the mass of epoxy
resin to the mass of the curing agent, while the “glue-to-sand ratio” and “glue-to-stone
ratio” represent the mass ratios of epoxy resin to sand and gravel, respectively. For the
mechanical properties, the epoxy resin concrete was grouped into two categories: the
first group exhibited an average cubic compressive strength of 40.3 MPa, and the average
value of the second group was 50.5 MPa. Regarding the steel reinforcement used, the
high-strength reinforced bar demonstrated an average yield strength of 1260 MPa and an
ultimate strength of 1400 MPa. The yield and ultimate strengths for hot rolled ribbed steel
bars (HRB335) were recorded at 335 MPa and 540 MPa, respectively. Similarly, the hot
rolled ribbed steel bars (HRB400) had an average yield strength of 400 MPa and an ultimate
strength of 540 MPa.

Table 2. Epoxy Resin Concrete Mixing Ratio.

Batch Number Ring-to-Solid Ratio Gel-to-Sand Ratio Glue-to-Stone Ratio
Mixing Ratio

(Ring:Solid:Cement:Sand:Stone)

1 2.0 0.25 0.33 1.00:0.50:1.50:4.00:3.03

2 3.3 0.30 0.28 1.00:0.30:1.50:3.33:3.57

2.3. Experiment Setup and Measurement Program

The experimental setup utilized a 2000 kN electro-hydraulic servo universal testing
machine; the loading process needs to measure the tensile force at the end of the steel
reinforcement, as well as measuring the bond slip between the steel reinforcement and
the concrete. The specific setup for the loading and measurement program is shown in
Figure 2.

To accurately measure the bond slip between the epoxy resin concrete and the steel
reinforcement, displacement gauges were set up at the free end and the loaded end of the
steel reinforcement. The bond slip measurement was determined by taking the average
of the readings from both displacement gauges, which helps to mitigate any skewing
deviations that might occur during the loading process.

It was imperative to maintain continuous and uniform loading throughout the experi-
ment to ensure the reliability of the results. A displacement-controlled loading method was
employed, with a loading rate set at 3 mm/min, facilitating the generation of a comprehen-
sive force–displacement curve.
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(a) Diagram of the experiment equipment (b) Experiment equipment

Figure 2. Experiment equipment.

3. Experiment Results and Analysis

3.1. Experiment Phenomena and Specimen Damage Characteristics

At the end of the experiment, different damage characteristics were observed in the
specimens, depending on the type of steel reinforcement used. For specimens that utilized
hot rolled ribbed steel bars, specifically groups H and G, no visible damage to the exterior
was noted. However, the steel reinforcement was fractured, as shown in Figure 3a. In
contrast, the six specimens of group HG, reinforced with High-Strength Reinforced Bar,
could be monitored for obvious rebar slippage. Additionally, these specimens exhibited a
small number of cracks around the steel reinforcement at the loading end, as detailed in
Figure 3b.

The test block of HG group was longitudinally cut along the middle to align with
the steel reinforcement. This procedure enabled the observation of the contact surface
damage between the ribbed steel reinforcement and the epoxy resin concrete through the
cut surface (see Figure 4). Post-experiment analysis revealed distinct friction traces on
the contact surface, indicative of the longitudinal pulling out that occurred during the
tests (see Figure 5). Importantly, despite the transverse ribs of the steel reinforcement
being embedded within the epoxy resin concrete, the contact surface as a whole remained
uniformly intact and unbroken (see Figure 6).

According to the above experiment phenomena, all the specimens in the HG group
exhibited a scraping plough type destruction pattern. During the experiment, as the external
load was progressively increased, a relative slip occurred between the steel reinforcement
and epoxy resin concrete. This slip intensified as the load approached the ultimate capacity,
leading to the shearing of the concrete situated between the steel reinforcement ribs. At
the ultimate load, the superior toughness of the epoxy resin concrete effectively prevented
splitting damage. Meanwhile, the concrete interlocked with the steel reinforcement ribs
sheared and slid along the cylindrical surface of the outer diameter of the transverse ribs,
driven by shear stress, culminating in the scraping plough type destruction.
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(a) Groups H and G

(b) HG group specimens

Figure 3. Overall condition of each group of specimens at the end of the experiment.

(a) Specimen HG2.0 L30 (b) Specimen HG2.0 L40

Figure 4. Cont.
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(c) Specimen HG2.0 L50 (d) Specimen HG3.3 L30

(e) Specimen HG3.3 L40 (f) Specimen HG3.3 L50

Figure 4. Damage to the contact surface of steel reinforcement with epoxy resin concrete.

(a) pre-experiment (b) post-experiment

Figure 5. Comparison of the contact surface condition of steel reinforcement and epoxy resin concrete
before and after the experiment.
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(a) Contact surface situation (b) Pullout steel reinforcement situation

Figure 6. Condition of contact surface and pullout steel reinforcement after experiment.

3.2. Analysis of Specimen Destruction Process

Due to the high reactivity of the epoxy group in epoxy resin with the active groups
(hydroxyl, amino, etc.) on the surface of the substrate, a strong chemical bond is formed. As
a result, epoxy resin exhibits strong chemical cemented force with various polar materials,
including metal, glass, cement, wood, and plastics.

At the early stage of loading, the bond between the steel reinforcement and the epoxy
resin concrete was mainly provided by chemically cemented forces. As the load was
applied, these forces diminished upon the onset of relative slip, subsequently allowing the
mechanical occlusal forces to become predominant. The high strength and toughness of
the epoxy resin concrete prevented it from developing internal diagonal cracks despite the
oblique extrusion pressure generated by the drawing steel reinforcement. This pressure
was insufficient to penetrate deeply into the epoxy resin concrete, resulting in the dental
concrete between the steel bars experiencing a downward longitudinal force due to the
oblique extrusion, coupled with a shear stress from the upward support force at its base.
Consequently, the bonding force during these stages was largely facilitated by the shear
stress acting between the embedded dental concrete and the steel bars, leading to bonding
slips predominantly through the shear deformation of the dental concrete, as shown in
Figure 7. As the loading continued and the concrete within the intercostal spaces reached
its ultimate shear stress, it sheared off at the base, leading to a complete separation of the
steel reinforcement from the concrete. Post-ultimate load, although the steel reinforcement,
along with the concrete trapped between the ribs, separated from the main body of concrete,
frictional resistance at the fracture surfaces prevented an immediate pullout. Instead, the
sliding continued to increase gradually until the frictional resistance diminished below the
level of the external load. Thus, the ultimate pullout failure of the steel reinforcement from
the epoxy resin concrete was primarily due to the loss of mechanical occlusal force.
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Figure 7. Stress situation around the steel reinforcement.

3.3. Average Bond Stress

According to the “Standard for Testing Methods of Physical and Mechanical Properties
of Concrete” (GB/T 50081-2019) [28], the calculation formula of average bond stress is
outlined in Equation (1). The test results from these calculations for each specimen are
systematically presented in Table 3.

τ =
F

πdla
(1)

In the formula, F is the external load (N) applied at the loading end; d is the diameter
of steel reinforcement (mm); and la is the bond length of steel reinforcement (mm).

Table 3. Average bond stress of each specimen.

Specimen
Number

Cubic Compressive Strength
of Epoxy Resin Concrete

(MPa)

Bond Length
(mm)

Ultimate Load
(kN)

SlipCorresponding
ToultiMateload (mm)

Bond Stress
(N/mm2)

HG2.0−L30 40.3 30 59.7 5.95 25.3
HG2.0−L40 40.3 40 92.6 9.26 29.5
HG2.0−L50 40.3 50 137.4 9.37 35.0
HG3.3−L30 50.5 30 51.8 5.20 22.0
HG3.3−L40 50.5 40 100.4 7.77 32.0
HG3.3−L50 50.5 50 136.2 8.49 34.7

3.4. Bond Stress–Slip Curve

The whole process curve of bond stress–slip of each specimen is shown in Figure 8,
and the bond–slip curve of each specimen is presented in Figure 9.
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(a) Specimen HG2.0 L30 (b) Specimen HG3.3 L30

(c) Specimen HG2.0 L40 (d) Specimen HG3.3 L40

(e) Specimen HG2.0 L50 (f) Specimen HG3.3 L50

Figure 8. Bond stress–slip curves for each group of specimens.
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Figure 9. Summary of bond stress–slip curves for each group of specimens.

As illustrated in Figures 8 and 9, the bond stress–slip curves for each specimen display
a similar trend, undergoing the following four stages.

(1) Micro-slip stage: This initial phase of loading is characterized by a very small initial
slip between the steel reinforcement and the epoxy resin concrete. During this stage,
the bond stress is minimal, predominantly driven by the chemically cemented force.
Subsequently, the bond stress rapidly increases, transitioning into the rising curve
stage. The micro-slip stage is significantly brief, beginning with a shallow slope from
the origin, which then sharpens significantly as the curve steepens. Importantly, spec-
imens with shorter bond lengths exhibit more pronounced micro-slip characteristics.

(2) Rising stage: As the load increases, the chemically cemented force between the
steel reinforcement and the concrete is destroyed, shifting the source of bond stress
predominantly to mechanical occlusal forces and frictional resistance. Concurrently,
the oblique extrusion pressure exerted by the steel reinforcement on the intercostal
epoxy resin concrete intensifies, causing the bond stress–slip curve to ascend nearly
linearly. As the stress escalates, micro-cracks begin to develop within the intercostal
concrete, and in some instances, crushing occurs. This results in a deceleration of
the curve’s ascent from approximately 80% of the ultimate bond stress onwards. As
the curve approaches the ultimate bond stress, its progression becomes increasingly
gradual. Specimens with longer bond lengths exhibit a more pronounced deceleration
near the end of the rising section, and the corresponding bond slip at peak stress
is greater.

(3) Declining stage: Upon reaching the peak bond stress, the intercostal concrete typically
sustains shear damage, leading to a reduction in the bond stress between the steel
reinforcement and concrete. As the slip increases, the damaged area within the inter-
costal concrete continues to expand, resulting in a significant decrease in mechanical
occlusal force.

(4) Residual stage: Once the mechanical occlusion force is consumed, the steel reinforce-
ment ribs become filled with concrete powder. During this phase, the residual bond
stress is solely maintained by the frictional resistance between the concrete broken
within the steel reinforcement ribs and the fracture surface. The curve at this stage
exhibits a horizontal progression, indicating a stabilization of the residual bond stress.
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The steel reinforcement continues to be pulled out until the experiment concludes.
Essentially, a larger bond length in the specimen correlates with a reduced residual
bond stress between the steel reinforcement and concrete, suggesting that the bond
stress has been optimally utilized.

As depicted in Figures 8 and 9, the peak point of the bond stress–slip curve between
epoxy resin concrete and steel reinforcement forms a distinctive “sharp point” which is
significantly different from ordinary concrete. This “sharp point” phenomenon is primarily
caused by two factors: the high strength of epoxy resin concrete and the Poisson effect.
First of all, the epoxy resin as a matrix material significantly improves the compressive
strength and bond strength of concrete, so that the bond stress between it and the steel
reinforcement is also much higher than ordinary concrete. When energy builds up to
a critical point, leading to scraping plough type destruction, the intercostal concrete is
abruptly sheared. This sudden action causes an instant reduction in both the mechanical
biting force and the bond stress between the epoxy resin concrete and steel reinforcement.
As a result, the peak point of the curve forms a “sharp point”, illustrating the brittle nature
of the bond performance. Secondly, the Poisson effect induces transverse contraction of the
steel reinforcement under tensile loading, leading to an uneven stress distribution at the
bond interface. Specifically, this transverse contraction causes a local stress concentration
at the bond interface, disrupting the original uniform stress distribution and significantly
increasing the stress in localized regions. These stress concentrations alter the bond failure
mode, resulting in the formation of a pronounced “sharp point” in the stress–slip curve
at the peak. However, the robust bond strength between epoxy resin concrete and steel
reinforcement generally ensures that such characteristics do not lead to detrimental effects
under normal engineering conditions.

4. Finite Element Analysis

4.1. Material Model

The finite element model was established and analyzed by ABAQUS software. For the
epoxy resin concrete, a plastic damage model was utilized, with the constitutive relationship
defined by a compressive stress–strain curve equation, which was fitted by the research
group based on experimental data [29]. This is detailed in Equation (2). The compressive
stress–strain curve is presented in Figure 10a. For the tensile stress–strain curve of epoxy
resin concrete, the same constitutive model as that of ordinary concrete is referenced. The
constitutive model for ordinary concrete adopts the plastic damage model, and its uniaxial
stress–strain curve is based on the recommended curve in the “Code for design of concrete
structures” (GB 50010-2010) [30], as shown in Figure 10b. The constitutive relationship of
the steel reinforcement follows the elastic–plastic bilinear model, illustrated in Figure 10c.
The key plastic damage parameters for both ordinary concrete and epoxy resin concrete are
shown in Table 4.

y =

{
ax + (4.9 − 4.23a)x2 + (−4.67 + 6.67a)x3 + (−0.27 − 4.74a)x4 + (1.07 + 1.27a)x5, 0 ≤ x ≤ 1

x
b(x−1)2+x , x > 1 (2)

where a and b are undetermined parameters, with values ranging from{
0 < a < 1.0
1.0 < b < 10.0

In this paper, the values for parameters a and b are set at 0.4 and 2.5, respectively.
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(a) Stress–strain curve of epoxy resin concrete under compression (b) Uniaxial stress–strain curve of ordinary concrete

(c) Reinforcement stress–strain curve

Figure 10. Stress–strain curves of each material.

Table 4. Concrete plastic damage parameters.

Concrete Type Dilation Angle Eccentricity fb0/fc0 K Viscosity Parameter Poisson Ratio Elastic Modulus

Epoxy resin concrete 40◦ 0.1 1.16 0.6667 0.005 0.3 15,616 Mpa

Ordinary concrete 30◦ 0.1 1.16 0.6667 0.005 0.3 32,500 Mpa

4.2. Establishment of the Model

Specimens HG2.0−L30 and HG3.3−L40 were selected for finite element modelling
and model validation. A separate modeling method is adopted, wherein the epoxy resin
concrete, steel reinforcement, and PVC pipe sleeve are individually established, followed
by the assembly of these components into the final structure. The cohesive zone model was
implemented to simulate the bond–slip between the steel reinforcement and concrete, as
shown in Figure 11a. The parameter settings for the cohesion contact were all based on the
bond stress–slip curves obtained from the experiments. For example, all the parameters of
specimen HG2.0−L30 were sourced from Figure 8a; for the cohesive behavior, the three-
way stiffnesses of Knn, Kss, and Ktt were set to 4.25 (the ratio of the peak bond stress to the
peak displacement); and for the damage behavior, the three-way stress was set to the peak
bond stress of 25.3.
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(a) Bonding contact between steel bar and concrete (b) Model mesh segmentation

(c) Boundary condition d) Loading method

Figure 11. Finite element model of pullout specimen.

A separate modelling method was adopted, with C3D8R cells for the epoxy resin
concrete and PVC casing, and C3D4 cells for the steel reinforcement. The PVC casing
model adopts swept grid technology for grid division, with a unit size of 4 mm. The
steel reinforcement model is meshed using free meshing technology, also with an element
size of 4 mm. Due to the high irregularity of epoxy resin concrete around the ribbed
steel reinforcement, region segmentation is first applied to simplify the subsequent mesh
generation process. In the segmented regular area, structured grid technology is employed
with a unit size of 10 mm; for the irregular areas, free mesh technology is applied with a
unit size of 4 mm. This process is illustrated in Figure 11b.

The boundary conditions of the model are consistent with those employed in the
experiment. Specifically, completely fixed constraints are applied to the bottom surface
of specimen to ensure that all nodes on the bottom surface are completely restricted from
displacement in all three spatial directions (x, y, z), as well as rotation around any axis (x, y,
z). This prevents any form of displacement or rotation, as illustrated in Figure 11c. For the
loading method, a reference point (RP-1) is established at the midpoint of the steel bar end,
and RP−1 is coupled with the cross-section of the steel reinforcement end. Displacement
loading is applied at the reference point along the Z direction, as shown in Figure 11d. A
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static general analysis step is used, and displacement loading is applied at a reference point
based on the force–displacement curve obtained from the experiments. The total applied
displacement is 20 mm. An amplitude function is defined within the amplitude module to
achieve a uniform loading rate until a displacement of 20 mm is reached.

4.3. Model Verification

The distribution of concrete compression damage factors for specimens HG2.0−L30
and HG3.3−L40 is shown in Figure 12. From this figure, it is apparent that the primary
damage within the model occurs in the bond region between the steel reinforcement and
the epoxy resin concrete. Predominantly, the epoxy resin concrete retains its integrity
throughout the loading process. This simulation result aligns well with the observations
made during the experimental phase, demonstrating consistency between the simulated
and experimental phenomena.

(a) Specimen HG2.0 L30

(b) Specimen HG3.3 L40

Figure 12. Distribution of damage factor of each specimen.
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The comparison between the experimental and simulated bond–slip curves for spec-
imens HG2.0−L30 and HG3.3−L40 is presented in Figure 13. Although there are some
deviations between the two curves, they are basically aligned in terms of the overall trend.
The initial slope of the simulated curve is steeper compared to the experimental curve, and
the slip at the peak stress point is smaller in the simulation. This discrepancy is primarily
attributed to the finite element model’s exclusion of certain unfavorable factors, such as
residual stress and the compression effect between the testing apparatus. Despite these
differences, the finite element model developed in this study successfully approximates
the bond–slip behavior between epoxy resin concrete and steel reinforcement, providing a
generally reliable representation of the experimental outcomes.

(a) Specimen HG2.0 L30 (b) Specimen HG3.3 L40

Figure 13. Comparison of simulation and experimental results of bond stress–slip curve.

4.4. Analysis of Influencing Factors of Bond–Slip Performance between Epoxy Resin Concrete and
Steel Reinforcement
4.4.1. Effect of Concrete Type and Strength

Based on the original specimen HG2.0−L30, this study varied the type and strength of
the concrete while keeping the parameters for steel reinforcement strength and bond length
constant. Four groups of finite element models were established, with their respective
model numbers and parameter settings detailed in Table 5. Among them, the model C−40
adopts ordinary concrete, and the other four groups of models adopt epoxy resin concrete
at different strength levels. The compressive strength and stress–strain curves for each
group’s epoxy resin concrete cubes were obtained through the preliminary experiment,
and the corresponding properties for ordinary concrete were derived in accordance with
standard specifications.

Table 5. Basic information of specimens with different epoxy resin concrete strengths.

Specimen Number
Concrete Cube Compressive Strength

(MPa)
Bond Length (mm)

HG2.0−L30 40.3 30
EPC−44.5 44.5 30
EPC−45.3 45.3 30
EPC−57.3 57.3 30

C−40 40 30
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Figure 14 illustrates the stress field diagram of steel reinforcement at the peak load
for four groups of epoxy resin concrete specimens and the compressive damage factor
distribution of concrete in the final state. The stress distribution in the steel reinforcement
is predominantly concentrated in the bond region across all groups, with minimal variation
among them. Remarkably, damage within the concrete also occurs in the bond region
between the steel reinforcement and the concrete, and the higher the strength grade of the
concrete, the more confined the damage range. Figure 15 displays the bond stress–slip
curves for each specimen. The peak bond stresses of specimens HG2.0−L30, EPC−44.5,
EPC−45.3, and EPC−57.3 are 33.6 N/mm2, 35.7 N/mm2, 35.4 N/mm2, and 35.9 N/mm2,
respectively. The results indicate minimal variation among these groups, suggesting that
changes in the strength of epoxy resin concrete have a negligible impact on bond stress.
On the other hand, the peak bond stress of specimen C−40 is only 10.4 N/mm2, which
is approximately 3.23 times less than that of specimen HG2.0−L30. Regarding the slip at
peak bond stress, the displacement is greater in epoxy resin concrete specimens compared
to ordinary concrete, attributed to the superior toughness of the epoxy resin concrete.
This analysis confirms that the bonding performance of epoxy resin concrete to steel
reinforcement markedly surpasses that of ordinary concrete.

(a) HG2.0 L30

(b) EPC 44.5

Figure 14. Cont.
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(c) EPC 45.3

(d) EPC 57.3

Figure 14. Steel reinforcement stress field diagram and concrete damage factor distribution diagram
of specimens with different epoxy resin concrete strengths.

Figure 15. Bond stress–slip curves of specimens with different concrete types and strengths.
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4.4.2. Effect of Steel Reinforcement Type and Strength

Building on the basis of specimen HG2.0−L30, this analysis maintained consistent
parameters for epoxy resin concrete strength and bond length while varying the type
and strength of steel reinforcement. Six sets of finite element models were created to
explore these variations. The model numbers and specific parameter settings for each
are provided in Table 6. For these models, aside from specimen HG2.0−L30, the strength
settings for the steel reinforcement for all other specimens were determined in accordance
with established specifications.

Table 6. Basic information of specimens with different steel reinforcement types and strengths.

Specimen Number
Type of Steel

Reinforcement
Yield Strength of Steel
Reinforcement (MPa)

Ultimate Strength of
Steel Reinforcement

(MPa)
Bond Length (mm)

HG2.0−L30 High-strength
Reinforced Bar 1260 1400 30

F−1080 High-strength
Reinforced Bar 1080 1230 30

F−930 High-strength
Reinforced Bar 930 1080 30

F−785 High-strength
Reinforced Bar 785 980 30

HRB500 Hot Rolled Ribbed
Steel Bars 500 630 30

HRB400 Hot Rolled Ribbed
Steel Bars 400 540 30

HRB335 Hot Rolled Ribbed
Steel Bars 335 490 30

Figure 16 presents the stress field diagram of steel reinforcement at peak load and
the compressive damage factor distribution of concrete in the final state for each group
of specimens. It is observed that the maximum values of steel reinforcement stresses in
the steel reinforcement are predominantly localized in the bond region, especially at the
transverse ribs. Overall, the relative stresses (i.e., the ratio of the actual stress to the yield
stress) at the loading end of the steel reinforcement and within the bonded region increase as
the strength of the steel reinforcement decreases, indicating increasingly effective utilization
of the steel reinforcement’s strength. At the peak load, the maximum stress in the bonded
section of High-Strength Reinforced Bar remains below the yield stress, indicating that the
steel reinforcement does not yield prior to the loss of bond stress. This scenario points to
a potential scraping plough type destruction, as shown in Figures 16a–d and 17a–d. In
contrast, with ordinary hot rolled ribbed steel bars, the maximum stress in the bonded
section often approaches or reaches the yield stress. This indicates that yielding of the steel
reinforcement occurs before any significant loss of bond stress, potentially leading to a
pull-off scenario, see Figures 16e–g and 17e–g. Throughout the pullout process, the epoxy
resin concrete maintains its integrity, with damage primarily concentrated in the bond area.
The stress emanates from the bond area and diminishes as it spreads to the surrounding
regions. Crucially, in the models where the steel reinforcement strength is below 500 MPa,
the damage to the epoxy resin concrete is minimized because the steel reinforcement yields
before significant bond stress loss occurs, as illustrated in Figure 16f,g.
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(a) HG2.0 L30

(b) F 1080

(c) F 930

Figure 16. Cont.
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(d) F 785

(e) HRB500

(f) HRB400

Figure 16. Cont.
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(g) HRB335

Figure 16. Steel reinforcement stress field diagram and concrete compression damage factor distribu-
tion of specimens with different steel reinforcement types and strengths.

Figure 17 presents the stress field diagram of steel reinforcement bonding area at peak
load. It can be seen that the stresses on the surface of the steel reinforcement are significantly
higher in plots in Figure 17 e–g compared to plots in Figure 17a–e. This discrepancy is
primarily due to the fact that, for steel reinforcement with a strength class below 500 MPa,
the bond stresses remain intact when the steel reinforcement yields or is pulled off. This
facilitates stress concentration, resulting in higher localized stress values. In contrast, for
steel reinforcement with a strength class exceeding 500 MPa, the bond stress between the
reinforcement and concrete is lost before the reinforcement yields, leading to minor overall
slippage and reduced stress concentration. Therefore, the stresses in plots in Figure 17e–g
are noticeably higher than those in plots in Figure 17a–e.

(a) HG2.0 L30 (b) F 1080

Figure 17. Cont.
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(c) F 930 (d) F 785

(e) HRB500 (f) HRB400

(g) HRB335

Figure 17. Stress field diagram of steel reinforcement bonding area at peak load.

Figure 18 presents the bond stress–slip curves for each specimen, revealing that the
bond stress increases with increasing steel reinforcement strength, but the effect is not
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significant. The figure demonstrates the bond stress–slip curves of low-strength and high-
strength reinforced bars differ in both shape and curvature. This variation arises from
the following factors: the slope and curvature of the bond stress–slip curves for high-
strength reinforced bars are smaller due to the gradual loss of bond stress and occurrence
of slight slip. In contrast, low-strength reinforced bars exhibit better bonding performance
before yielding, resulting in smaller slip and a steeper slope; when the steel reinforcement
approach or reaches its yield strength, slip increases rapidly, causing the curve to bend
towards the horizontal axis until the maximum stress is reached. Therefore, the bond
stress–slip curves of low-strength reinforced bars display distinct shapes and curvatures
compared to those of high-strength reinforced bars.

Figure 18. Bond stress–slip curves of specimens with different steel reinforcement types and strength.

4.4.3. Effect of Steel Reinforcement Diameter

Building on the basis of specimen HG2.0−L30, this analysis held constant the param-
eters epoxy resin concrete strength. To assess the impact of steel reinforcement diameter
on bond–slip performance, the diameter was varied, resulting in the creation of two addi-
tional finite element models. The model numbers and specific parameter settings for these
variations are detailed in Table 7.

Table 7. Basic information of specimens with different steel reinforcement diameters.

Specimen
Number

Steel Reinforcement Diameter
(mm)

Yield Strength of Steel
Reinforcement (MPa)

Ultimate Strength of Steel
Reinforcement (MPa)

Rib Spacing of Steel
Reinforcement (mm)

Bond Length
(mm)

HG2.0−L30 25 1260 1400 11.8 30
R−32 32 1260 1400 11.8 30
R−40 40 1260 1400 11.8 30

Figure 19 illustrates the stress field diagram of steel reinforcement at peak load of
each specimen, alongside the compressive damage factor distribution of concrete in the
final state. It is observed that the maximum stress within the steel reinforcement is mainly
concentrated in the bond region. Interestingly, the stress distribution decreases with
the increase of the steel reinforcement diameter. However, difference in the diameter of
the High-Strength Reinforced Bar has no significant effect on the damage pattern in the
bond region.

Figure 20 presents the bond–slip curves of each specimen. At the beginning of loading,
the curves for all specimens align closely, indicating that the initial stiffness remains
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consistent across the variations. As the diameter of the steel reinforcement increases,
both the peak stress and peak slip exhibit a decrease, and the descending section of the
curves becomes steeper. This suggests that the degradation of mechanical occlusion force
accelerates post-peak. Specifically, the maximum bond stresses for the specimens with steel
reinforcement diameters of 25 mm, 32 mm, and 40 mm were 33.6 N/mm2, 31.6 N/mm2,
and 29.0 N/mm2, respectively. This trend demonstrates that, with constant rib spacing, the
bond stress decreases in correlation with the increase in the steel reinforcement diameter.

(a) HG2.0 L30

(b) R 32

(c) R 40

Figure 19. Steel reinforcement stress field diagram and concrete compressive damage factor distribu-
tion of specimens with different steel reinforcement diameters.
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Figure 20. Bond stress–slip curves of specimens with different steel reinforcement diameters.

4.4.4. The Influence of the Thickness of Steel Reinforcement Protective Layer

On the basis of specimen HG2.0−L30, this study maintained constant the parameters
for epoxy resin concrete strength, steel reinforcement strength, and bond length. To explore
the effects of varying the thickness of the protective layer on steel reinforcement, two addi-
tional finite element models were developed. The specific model numbers and parameter
settings for these new configurations are detailed in Table 8. The setups for these finite
element models are visually represented in Figure 21.

Table 8. Basic information of specimens with different thicknesses of steel reinforcement protec-
tive layers.

Specimen
Number

Thickness of Steel
Reinforcement Cover (mm)

Yield Strength of Steel
Reinforcement (MPa)

Ultimate Strength of Steel
Reinforcement (MPa)

Rib Spacing of Steel
Reinforcement (mm)

Bond Length
(mm)

HG2.0−L30 62.5 1260 1400 11.8 30
R−32 37.5 1260 1400 11.8 30
R−40 12.5 1260 1400 11.8 30

(a) L 37.5 (b) L 12.5

Figure 21. Finite element model of specimens with different thicknesses of steel reinforcement
protective layers.

Figure 22 presents the stress field diagrams of steel reinforcement at peak load and
the compressive damage factor distribution of concrete in the final state for each specimen
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with different thicknesses of protective layer. Observations indicate that damage in all
three specimens is concentrated in the bond section. Particularly, the extent of damage area
diminishes with the decrease of the protective layer thickness of the steel reinforcement.
The maximum stress within the steel reinforcement is concentrated at the transverse rib
of the bond section, and this stress value decreases with a reduction in the protective
layer thickness.

(a)HG2.0 L30

(b) L 37.5

(c) L 12.5

Figure 22. Steel reinforcement stress field diagram and concrete compressive damage factor distribu-
tion of specimens with different thicknesses of steel reinforcement protective layers.
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Figure 23 shows the bond–slip curves of each specimen. It can be seen that the changes
in the thickness of the protective layer of the steel reinforcement have a significant effect
on the bond stress. Specifically, the bond stresses for the specimens with protective layer
thicknesses of 62.5 mm, 37.5 mm, and 12.5 mm were 33.6 N/mm2, 26.9 N/mm2, and
16.7 N/mm2, respectively; i.e., the bond stress decreases significantly as the thickness of
the protective layer is reduced. Additionally, the peak slip is reduced. For the conventional
protective layer thickness of 30–40 mm, the peak bond slip between the epoxy resin concrete
and the deformed steel reinforcement is approximately 1 mm.

Figure 23. Bond stress–slip curves of specimens with different thicknesses of steel reinforcement
protective layers.

5. Conclusions

In this paper, the bonding mechanism between epoxy resin concrete and steel rein-
forcement is investigated through a pullout test and finite-element simulation. It also
explores the influence of different factors on the bond–slip performance between the two
materials, to provide data support for the practical application of epoxy resin concrete in
structural engineering. The primary conclusions are as follows:

(1) Due to the inherent adhesive property of the epoxy resin material, the bond strength
between epoxy resin concrete and steel reinforcement significantly surpasses that of
ordinary concrete, and it is approximately 3.23 times higher at an equivalent material
strength level.

(2) An increase in both epoxy resin concrete strength and steel reinforcement strength
can slightly increase the bond stress; the effect remains relatively subtle. Conversely,
increasing the diameter of the steel reinforcement and reducing the thickness of the
protective layer predominantly diminishes the bond stress, and the peak bond slip
is reduced.

(3) Given the substantial bond strength between epoxy resin concrete and steel reinforce-
ment, when the strength of the steel reinforcement is below 500 MPa, due to the
high bond strength between epoxy resin concrete and steel reinforcement, when the
strength of the steel bar is below 500 MPa, the bond between the steel reinforcement
and epoxy resin concrete remains strong throughout the drawing process. In such
cases, the steel reinforcement reaches its the yield strength or even fractures, meaning
that yielding occurs before any significant loss of bond strength. In contrast, for high-
strength reinforced bar with a strength exceeding 500 MPa, the bond strength between
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the steel reinforcement and the epoxy resin concrete gradually diminishes during
the drawing process, resulting in micro-slip without the steel reinforcement reaching
yield. This leads to a failure mode characterized by scraping- or ploughing-type
damage. Consequently, when ordinary steel reinforcement is used in epoxy resin
concrete members, the risk of bond anchorage failure is largely eliminated.

(4) Due to the high strength of epoxy resin concrete and the localized stress concentration
induced by the Poisson effect in the steel reinforcement, compared with ordinary
concrete, the peak of the bond stress–slip curve for the epoxy resin concrete and
steel reinforcement is notably more pointed. This sharp peak indicates that the
bond stress reaches its maximum value of degradation faster, demonstrating a more
brittle behavior.
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Abstract: This paper is based on research placed within the broader framework of the growing
environmental impact requirements of building materials. Given this context, wood-based composite
materials have emerged as a promising and innovative solution for structural elements. The current
work aims to define a system for testing the mechanical behavior of glued laminated timber elements
when exposed to high temperatures, in the neighborhood of the pyrolytic decomposition of materials.
These tests monitor the transient behavior of the composite material and characterize the parameters
involved in the thermo-mechanical analysis of elements constructed using this type of engineered
wood product. The tests are used for the calibration of the material models involved in the numerical
analysis and for the analysis of potential prototypes, considering the transient thermal load and
heat propagation through the materials. By taking such tests, benchmark models and laboratory
procedures are defined that can be used in the future to evaluate different materials, existing or new,
and material combinations used to construct such a composite.

Keywords: glulam; engineered wood; fire resistance; finite element analysis

1. Introduction

Mass timber, including glued laminated timber (glulam), has become an increasingly
popular and widely used building material for several important reasons, such as its
design versatility, dimensional stability, excellent strength-to-weight ratio, sustainability
and aesthetic appearance. These benefits, along with improvements in manufacturing
processes and a growing recognition of sustainable building practices, have contributed to
the success and adoption of glulam structures.

The behavior of mass timber elements when subjected to fire and high temperatures is
of great importance in their design and construction processes. Whenever these materials
are subjected to intense heat, their mechanical properties can deteriorate significantly [1].
The thermal stability of the adhesives used in the construction of mass timber structural
elements is known to have a great impact on the overall performance of the element [2]. On
the other hand, the numerical modeling of such a behavior is a non-trivial task and involves
advanced techniques as well as computationally intensive models, as shown in [3,4]. This
is why designing mass timber structures to withstand fire loads safely is an expensive
and time-consuming process that can rarely account for the type of adhesive used in the
fabrication of the element.

The global behavior of glulam elements is greatly influenced by the behavior of the
glued connections between the glued lamella forming the cross-section, especially when
subjected to high temperatures. The production process itself (i.e., hot pressing) and
the type of adhesive used bring about a complex combination of physical and chemical
changes in wood [5,6] that influence the material behavior in terms of bearing capacity
and mechanical properties. The glued interface is governed by the combination of normal
and tangential stresses. Prior testing programs [7] have shown that the shear strength of

Buildings 2024, 14, 3177. https://doi.org/10.3390/buildings14103177 https://www.mdpi.com/journal/buildings240



Buildings 2024, 14, 3177

this bonded interface strongly influences the global behavior of the composite material.
This shear strength is obviously dependent on the working temperature of the adhesive.
As such, the present work will further study the shear behavior of the glued joint when
subjected to high temperatures.

The objective of this paper is to establish a laboratory mechanical testing protocol for
glulam specimens subjected to high temperatures, which will yield data that are useful
for the numerical modeling of the bonded interface of glulam elements using the finite
element method. The numerical models obtained herein will be calibrated using the test
data, thus obtaining an experimentally confirmed model for the bonded interface that can
be used in further evaluations of prototypes and the benchmarking of the performance of
newly developed adhesives.

2. Materials and Methods

2.1. Test Specimens

The wood used in the construction of the test samples is a soft wood of class GL24, as
described in Table 1, which was chosen due to its very common application in the industry.
The specimens were produced in the laboratory using a Melamine–Urea–Formaldehyde
(MUF) adhesive.

Table 1. Strength and stiffness properties in N/mm2 for GL24 class wood according to [8].

Property Symbol GL24c

Flexural Strength fm,g,k 24

Tensile Strength ft,0,g,k 17
ft,90,g,k 0.5

Compressive Strength fc,0,g,k 21.5
fc,90,g,k 2.5

Shear strength (shear and twist) fv,g,k 3.5
Shear Strength Normal to the Wood Fibers fr,g,k 1.2

Modulus of Elasticity

E0,g,med 11,000
E0,g,05 9100

E90,g,med 300
E90,g,05 250

Shear Modulus
Gg,med 650
Gg,05 540

Shear Modulus Normal to the Wood Fibers
Gg,med 65
Gg,05 54

Density ρg,k

[
kg
m3

]
365

ρg,med

[
kg
m3

]
400

The test samples consist of two lamellas of size 60 × 60 × 10 mm glued together by
means of MUF adhesive. The dimensions of the samples were given by the capacity of
the horizontal load sensor. The individual elements and the test samples were kept in a
temperature and humidity-controlled environment during fabrication and curing, as well
as until the mechanical tests were performed. Inside the samples, a nickel–chromium alloy
heating element was placed in order to heat the sample directly at the bond interface. Due
to the fact that NiCr alloys have a very high melting point, contact with the copper wire
connectors was achieved via mechanical pressed sleeves.

The pattern used for the placement of the heating element, as shown in Figure 1b,
was designed to ensure a uniform temperature distribution inside the bond interface. The
continuity of the heating element was checked after curing by measuring the resistance of
the wire. A total of 40 thermally active samples were produced for the testing campaign,
7 of which had the heating element shorted or interrupted. These were used in order to
benchmark the unheated sample that contained the nickel–chromium alloy wire against
glued samples lacking the heating element.
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(a) (b) 

Figure 1. Wood sample construction: (a) The final two-piece glulam sample. (b) The nickel–chromium
alloy wire heating element distribution inside the sample.

2.2. Test Equipment

The main difficulty in performing coupled thermo-mechanical tests for the charac-
terization of the bonded interface comes from the fact that the heating element and the
temperature sensor need to be as close as possible to the mechanical failure point of the
sample. This is why the present study employs a direct shear apparatus in which the failure
plane is imposed. A direct shear box had to be adapted in order to accommodate the wiring
necessary for the heating element and temperature sensor (inserted in each sample as close
as possible to the shearing plane) without damaging the circuits, as shown in Figure 2a.

  
(a) (b) 

Figure 2. Thermo-mechanical testing equipment: (a) direct shear box and (b) temperature control
and measurement equipment checked by a thermal camera.

The ends of the heating element pass through a hole at the top of the specimen,
together with the connections to the resistive temperature sensor, as shown in Figure 2b.
The temperature is set by switching a relay on or off whenever the measured temperature
drifts from the target by more than 1 degree. The current for the heating element is taken
from a programmable current source, with the voltage ranging between 10 V and 30 V,
depending on the target temperature. A programmable current source was chosen so that it
is able to provide a high enough voltage in order to keep the sample temperature constant
throughout the test.
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2.3. Testing Procedure

In order to compensate for the heatsink effect of the shear box, the samples were
first preheated to the target temperature. After this step, the sample was placed inside
the shearing box, a vertical stress was applied, and the temperature was stabilized before
starting the mechanical test. Previous contributions [9] tested the behavior of wood at pure
shear loading, where the interaction consisted only of mechanical coupling with no aid of
confinement. The shearing box can be used to study the effect of various normal stresses on
the shearing plane, too. The shearing force is sampled every 10 s, and the test is performed
at a constant displacement rate of 1 mm/min. The maximum horizontal displacement was
set to 20 mm. For this particular sample size, the maximum shear force encountered was
below 30 kN, while the capacity of the shear force sensor is up to 44 kN. The test specimens
should be large enough to allow just a negligible influence of the local material variation
(such as the obliquity of fibers and the presence of small knots); therefore, the loading
capacity of the shearing force sensor must be large enough to accommodate the test with
reasonable headroom. The glulam sample was placed inside the shearing box with the
wood fibers parallel to the shearing direction as they were loaded in a girder subjected to
bending.

The testing temperatures were chosen starting from ambient values up to the ones
expected inside a normal glulam cross-section subjected to fire, as shown in [10]. Thus, the
discrete values were as follows: 20◦, 40◦, 60◦, 70◦, 80◦, 100◦, and 120◦.

For each temperature, a number of at least 3 samples were tested.

2.4. Checking Sample Preparation Bias

The first step in the testing campaign was to evaluate the sensitivity of the samples
to the fabrication process and the presence of the nickel–chromium alloy wire. To that
end, 20 industrially made samples were first cut off an existing industrially manufactured
beam and sheared at room temperature. These samples were divided into 5 sample groups
that were sheared at different vertical stresses in order to check whether or not frictional
behavior developed at failure. The axial forces used ranged from 50 kPa up to 600 kPa, and
the results clearly exclude any kind of frictional behavior, as shown in Figure 3.

 

Figure 3. Shear mobilization curves at different vertical stresses for the industrially made samples.

The shear strength results indicate the fact that the fabrication process is an important
factor in the final results obtained; however, they remain inside comparable domains in
terms of mean and standard deviation.
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It was noticed that every sample actually failed along the surface situated in the wood,
immediately adjacent to the glued surface, showing the proper behavior of the adhesive.
In order to check this assumption, some samples made of plain wood were also tested,
and the compatibility of these results was observed. Another bias test also involved the
shearing of the samples prepared in the laboratory and that those were instrumented but
that had not been subjected to any heat load (Figure 4).

 

Figure 4. Comparison between the room temperature behavior of natural wood, industrially made
glulam, and laboratory-made instrumented samples.

The distribution of the values is noticeable, yet within statistically acceptable margins.
The shearing strength values of the natural wood and the industrially made samples are
close and intertwined, with the actual averages being only governed by the number of
samples. The behavior of the laboratory-made and instrumented samples is within an
acceptable range, yet the data scattering is higher due to the smaller number of tests
performed when trying to avoid testing additional electrically functional specimens.

3. Results

This section presents the mobilization curves during shearing at each temperature
(Figure 5). The represented data start from the point of contact and about 5% mobilization
of strength to avoid depicting a large initial plateau. This is necessary to close the tolerance
gap between the sample and the shear box. This tolerance also refers to the slight obliquity
of the sample, which is negligeable with respect to the overall behavior.
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(a) (b) 

  
(c) (d) 

  
(e) (f) 

Figure 5. Shear mobilization curves for the thermo-mechanical tests at the following temperatures:
(a) 40◦, (b) 60◦, (c) 70◦, (d) 80◦, (e) 100◦, and (f) 120◦ Celsius.
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It may be noted that for except very few cases, all failures occurred in a brittle fashion,
with the post-failure domain being virtually inexistent (after the peak value recorded on
the graph, the next force reading was virtually zero, and thus, not represented on the
mobilization curves).

In order to plot the ultimate shearing stress variation with temperature, the peak
values are given in Table 2.

Table 2. Peak values for the shear strength for each test specimen.

T [◦C]
Stress
[kPa]

Sample 1 Sample 2 Sample 3 Sample 4 Sample 5 Sample 6

20
s 100 100 100 600 600 -
t 5880.56 4866.67 3583.333 4627.78 4375.00 -

40
s 100 100 100 - - -
t 4347.22 5066.67 3433.333 - - -

60
s 100 100 100 100 - -
t 3347.22 2700.00 4816.667 2394.44 - -

70
s 100 200 200 200 300 300
t 3302.78 3741.667 2663.89 4661.11 2636.11 4630.56

80
s 100 100 100 100 - -
t 2644.44 1697.22 2241.67 1163.89 - -

100
s 100 100 100 100 200 -
t 925.00 1169.44 2241.667 3188.89 3238.89 -

120
s 100 100 100 100 200 200
t 1338.89 1794.44 3180.56 997.22 1025.00 2369.44

When plotting the obtained data (Figure 6), consistent scattering was observed, as
showcased by the error bars, which indicate a linear variation in shearing strength with
temperature, having an R-squared value of 0.863. This linearity is maintained despite the
fact that starting with about 60–70◦, the failure mode no longer passes through the wood
but gradually switches to the debonding of the glued lamellae and, ultimately, temperature
softening of the glue.

 

Figure 6. Ultimate shearing strength against temperature.
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The experimental tests performed on MUF adhesive glued samples have shown that
the results may fall within 3 stages corresponding to 3 main identified failure modes as
shown in Figures 7–9.

 

Figure 7. Stage I of tests in which failure occurs due to wood shearing parallel to the fibers.

 

Figure 8. Stage II of tests in which failure occurs due to debonding at the interface.
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Figure 9. Stage III of tests in which failure occurs due to the thermal decomposition of the materials.

4. Numerical Modeling

In order to implement a finite element model, Figure 10, that captures the behavior
of the bonded interface of the composite material tested, transient coupled temperature–
displacement analysis is required. The finite element model presented herein was de-
veloped using the software ABAQUS 2024 since it implements coupled temperature–
displacement elements and the contact models that it implements enable the modeling
of the relevant behavior. The material parameters for wood are presented in Table 1.
The interface was modeled as having a contact interaction type defined by a cohesive
traction–separation behavior, as characterized by the average slope of the mobilization
curves presented in Figure 5 for the elastic domain, while post-elasticity is described using
a temperature-dependent damage model, with the criterion set at the nominal shear force
value for each temperature determined during the experiments, as shown in Figure 6.

The applied loadings for the transient analysis were defined as time-dependent func-
tions of amplitude, as shown in Figure 11. The temperature increased to its target value,
in accordance with the test procedure after the initial stabilization null step. After the
temperature distribution was stable at the interface, the model was loaded at a constant
displacement rate of 1 mm/min, as in the testing procedure.

The outer boundary conditions imposed on the model reflect the heatsink effect of
the actual steel shearing box. This was considered to be an ideal dissipator at a constant
temperature of 20 ◦C. The mechanical boundary conditions are simple surface supports. In
the case of the lower half of the sample, the mobile part in this experiment, the supports
were displaced during transient analysis by a translation that ramps linearly over the
analysis time, exactly as during the actual experiment, with the ramp amplitude function
set up so as to reflect the constant shear rate imposed by the shear box.

The geometry reflects the actual shape of the test sample. The orientation of the local
axes was chosen to obey an orthotropic material orientation.

The shear mobilization of the adhesive should match the quasi-linear relationship
obtained during the tests; thus, the finite element implementation was chosen as linear,
fitting the slope of the shear mobilization curve. The behavior of the adhesive was chosen
to linearly ramp down after reaching peak strength in order to ensure proper convergence
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(Figure 12). This was carried out because the delamination phenomenon was still captured
with numerical stability ensured.

  

(a) (b) 

  
(c) (d) 

Figure 10. FEM model results at 70 ◦C and time of bonded interface failure: (a) normal contact
pressure [kPa], (b) contact shear stress [kPa], (c) nodal temperatures [◦C], and (d) internal shear stress
[kPa].

 

Figure 11. Amplitude variation for the loads applied in the numerical model of the test specimen.
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Figure 12. Comparison of FEM modeled behavior for 70 ◦C with respect to the test data.

5. Discussion

The experimental campaign shows that for the MUF adhesive tested, three main
failure modes are identified, as shown in Figures 7–9. The manner of failure remains
brittle for the three modes; however, it is clear that for low temperatures, the point of
failure develops inside the wood; for medium temperatures, the point of failure occurs due
to adhesive debonding; and for high temperatures, failure appears due to the adhesive
softening. Unfortunately, the temperatures to be expected inside a glulam cross-section
during a fire, as documented by [10], are higher than the thresholds found in the current
research regarding the changes in the bonding characteristics. This means that the overall
behavior of the element subjected to fire will not only be affected by the mass loss inherent
to pyrolysis but also by delamination due to coupled thermo-mechanical loads.

It is obvious that new adhesives need to be developed to partially mitigate the delami-
nation effect. However, each new solution must fulfill the minimum criterion of structural
element connections; namely, in the case of mechanical ultimate loads, the failure has to
occur inside the connected parts, not inside the connection itself. In the case of an MUF
adhesive, this holds true for service temperatures yet loses validity as temperatures in-
crease. This behavior should be known (Figure 6) and accounted for by structural designers.
The compounds resulting from pyrolysis were not within the scope of the present work;
however, such compounds should also be considered for new bonding agents, both from
the point of view of the environment as well as from the point of view of toxic substance
exposure during fires. Currently, the presence of MUF adhesive renders the reuse and
recycling of glulam difficult.

When the experimental campaign started, the best option was studied in terms of
subjecting the glued samples to controlled temperature loads. One solution was to isolate
the shearing box inside a controlled heating chamber. The advantage of this method was
the possibility of testing industrially prepared samples cut out from existing structural
members; however, the insulation of the sample from actuators and sensors was a real
challenge, along with the size of the equipment itself. Heating just the shearing box was
still a challenge regarding heating the actuators and the sensors; therefore, the best solution
was narrowed down to embedding the heating elements inside the specimen.

An assessment based on a limited number of samples indicates that once the glued
elements subjected to high temperatures are cooled back to their service temperature, the
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shearing strength reverts to a nominal one; however, this research path was not followed
since it deviated from the initial set scope of the work, with the application of a variable
number of heating–cooling cycles. This study may be significant for elements such as
roofing purlins and for those exposed to direct sun exposure in areas with hot climates.

The shearing box was modified to accommodate for the sample size and, most im-
portantly, the applied axial stress was switched from a hydraulic solution to a pneumatic
solution in order to achieve a more consistent vertical load value. The thermal camera was
an important tool when checking the thermal features of the system and the sample.

If the compounds resulting from pyrolysis are not known, we strongly recommend
performing this kind of experiment in a well-ventilated environment.

Testing the fire behavior at actual scale in the case of structural glulam elements is
rather difficult, especially due to the precautions to be taken against fire hazards. This
means that such a method should only be employed after numerical analysis for the
confirmation of results.

In common engineering practices, the numerical analysis of glulam elements subjected
to fire rarely accounts for the heat degradation of bond mechanical strengths. This is
because, normally, the geometry of the numerical model should account for the bond
interface by means of solid elements in order to ensure continuity. However, for the
dimensions of the thin bond interface, a large number of elements should be used, or
compromises should be made in terms of the accuracy of the results. These effects are
especially pronounced when damage models and post-elastic behaviors are required, such
as in the case studied in the present work. The transient nature of fire loads also means that
approaching this problem using solid continuum elements will lead to excessively long
analysis times. This is why the approach chosen here when modeling this phenomenon
was achieved by means of a cohesive interface, where the actual shear test results can be
directly linked to the governing law of the interface. The main components of the interface
behavior are the elastic traction–separation model, given by the slope of the mobilization
curve, as can be seen in Figure 11, and the damage model that governs the post-elastic
behavior. Both of these functions are clearly temperature-dependent, and the values chosen
for bond interface definition should be, as in the present case, backed by experimental data
if the contact definition is to be useful for the further prototyping structural elements, such
as beams and columns subjected to fire load. Defining damage as a total loss of strength
after reaching the nominal shear resistance for the adhesive may lead to issues in terms of
solution convergence; thus, steps need to be taken to mitigate this phenomenon in future
developments.

If some future adhesive will exhibit a nonlinear temperature–strength behavior, some
measures that will aid convergence in the transient analysis are first to decrease the analysis
time step size. Another way of accommodating nonlinearity in thermo-mechanical behavior
is to define a maximum temperature change over the step. This is especially useful if some
noisy fire load curves are to be used.

The member prototypes should be loaded in the transient case by design-imposed
fire loads, such as those defined by [11], as well as real fire load curves that contain the
flashover and post-flashover phases if a proper evaluation of the structural element is to be
conducted.

6. Conclusions

Wooden structures have two main issues: the inhomogeneity inherent to natural
material, which is successfully mitigated by engineered wood products and, secondly,
their sensitivity to fire. Theoretically, the latter should be dealt with by specific code
provisions that impose constructive measures. These provisions mainly focus on the wood
itself and less on the glued joints in the composite material. This paper aims to establish
procedures that allow structural designers to analyze the complex behavior of bonded
interfaces subjected to thermo-mechanical loads.
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Some limitations of the procedure presented in this paper are related to the influence
of the sample fabrication process and the presence of instrumentation inside the sample
on the shear strength, as shown in Table 3. This, however, seems to be only an offset of
the mean values, and they were found to be inside a reasonable value domain. Further
research must be carried out in order to quantify the magnitude of this offset.

Table 3. Shear strength mean and standard deviation for the 3 modes of fabrication.

Fabrication Method Mean Shear Strength [kPa]
Standard Deviation for

Shear Strength [kPa]

Plain wood 6940.87 505.5724
Industrially made 6264.03 599.7707
Laboratory made 4666.67 744.81

Usually, in relevant codes, thermal loading is defined as an over-conservative time–
temperature function [11]; this does not consider the fact that fires are finite events. Further-
more, they do not characterize the cooling phase and do not capture the real temperature
distribution within the cross-section of elements. The results indicate that the thermal
degradation of mechanical properties may appear close to service temperatures, especially
in hot regions, as in the context of climate change for elements exposed to the environment.

The results indicate several key performance indices for developing future adhesives,
such as better mechanical properties than the wood itself at service temperature as well as
maintaining said characteristics at higher temperatures. Another key element is avoiding
decomposition into potentially dangerous compounds, both during fire events and the
post-utilization phase. Even if some key requirements are not fully met, the numerical
methods presented showcase the possibility of finding special use cases where the exposure
of the structural elements is less severe or where these elements are not critical for global
structural integrity. Such a case should be applied for a potential adhesive with lower
mechanical performance yet good recycling capacity.

Since the combination of wood types with certain adhesives is relatively limited,
catalogs may be compiled for bonding properties to be used by structural engineers in the
numerical modeling of glulam structures.
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Abstract: The increasing demand in structural engineering now extends beyond collapse prevention
to encompass business continuity planning (BCP). In response, energy dissipation devices have
garnered significant attention for building response control. Among these, buckling-restrained
braces (BRBs) are particularly favored due to their stable hysteretic behavior and well-established
design provisions. However, BCP also necessitates the prevention of furniture overturning—an
area that remains quantitatively underexplored in the context of buckling-restrained braced frames
(BRBFs). Addressing this gap, this research designs BRBFs using various design criteria and performs
incremental dynamic analysis (IDA) with artificially generated seismic waves. The results are
compared with previously developed fragility curves for furniture overturning under different
BRB design conditions. The findings demonstrate that the fragility of furniture overturning can be
mitigated by a natural frequency shift, which alters the threshold of critical peak floor acceleration.
These results, combined with hazard curves obtained from various locations across Japan, quantify the
mean annual frequency of furniture overturning. The study reveals that increased floor acceleration
in stiffer BRBFs can lead to a 3.8-fold higher risk of furniture overturning compared to frames without
BRBs. This heightened risk also arises from the greater hazards at shorter natural periods due to
stricter response reduction demands. The probabilistic risk analysis, which integrates fragility and
hazard assessments, provides deeper insights into the evaluation of BCP.

Keywords: fragility curve; furniture overturning; incremental dynamic analysis; probabilistic risk
assessment

1. Introduction

In the face of significant earthquakes occurring globally, appropriate seismic retrofitting
is essential. One effective method for collapse prevention is the implementation of seismic
retrofitting or strengthening by buckling-restrained braces (BRBs). A BRB consists of a steel
core encased in concrete, which is further confined by a steel tube. Typically, BRBs are
installed in diagonal, V, or chevron (inverted-V) configurations, as depicted in Figure 1.

Since the invention of the BRB by Kimura et al. [1], extensive research has been
conducted to evaluate BRBs at the component level [2–4]. These studies have demonstrated
that BRBs possess exceptional ductility and energy-dissipation capacity, highlighting their
ability to withstand strong earthquakes.

Currently, the design procedure is outlined in the prevailing design specifications [5,6].
The method for calculating the required amount of BRBs was investigated by Kasai et al. [7],
and the proposed method is now incorporated into the guidelines of the Architectural
Institute of Japan (AIJ) [5]. The necessary design considerations for the main frame have
been extensively studied at both the member and frame levels [8–31].
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(a) (b) 

Figure 1. Configuration of Buckling-Restrained Braced Frame (BRBF): (a) diagonal configuration;
(b) V configuration.

Thanks to these major advancements, buildings equipped with BRBs can withstand
more significant earthquakes. As illustrated in Figure 2a,b, buckling-restrained braced
frames (BRBFs) effectively prevent collapse even during large-scale seismic events, which
could otherwise lead to the collapse of moment-resisting frames (MRFs). In recent years,
the structural engineering field has increasingly emphasized the importance of ensur-
ing business continuity after a major earthquake, aligning with the concept of Business
Continuity Planning (BCP). However, previous research has predominantly focused on
collapse prevention [32–35]. Faced with this need, structural health monitoring and dam-
age detection methods have been emerging and have recently advanced [36–51]. While
they effectively contribute to resilience, avoiding any damage that impacts BCP is the
best option. Figure 2c illustrates the interior of a room following the 2022 Fukushima-Oki
earthquake. The building was equipped with an energy dissipation device. Although
the building remained intact and did not collapse, furniture toppled over, leading to a
suspension of business operations during the repair work. Particularly after the Great East
Japan Earthquake (GEJE) in 2011, researchers have shown increased interest in the damage
to non-structural components, such as ceiling failures [52,53].

 
(a) (b) (c) 

Figure 2. Concept of this research: (a) MRF; (b) BRBF; (c) furniture overturning after the 2022
Fukushima-Oki earthquake.

Regarding furniture overturning, a fundamental study was conducted by Kaneko [54,55].
The essential characteristics of overturning ratios of rigid bodies subjected to large input
motions were examined through analytical studies. The results revealed that overturning
ratios are influenced by the sizes and shapes of rigid bodies, as well as the levels and predom-
inant frequencies of the input motions. Based on these studies, a general fragility curve was
proposed to describe the relationship between overturning ratios and the amplification of
input motions.
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Subsequent studies have advanced the understanding of the fragility of rocking bodies
by considering deformation, nonlinearity, and sliding [56–61]. These studies typically
derived the moment equilibrium around the center of rotation using the moment of inertia
and applied horizontal forces. Additionally, deformation is modeled using a spring and
dashpot system at the corners of the rocking bodies to better reflect realistic conditions.

Subsequently, Saito et al. [62] conducted a seismic risk evaluation study considering
furniture overturning in mid- and low-rise office buildings. Saito et al. [62] focused on
mid- and low-rise steel frame office buildings. The study used the ratio of Qu/Qun (the
horizontal load-bearing capacity, Qu, to the required horizontal yield strength, Qun) as an
analytical parameter. Seismic response analysis was used to evaluate response values, and
building damage was assessed through Seismic Risk Analysis. Additionally, the impact
of furniture within the building was analyzed by determining the overturning ratio. The
study demonstrated that by increasing Qu/Qun, the accuracy of seismic safety analysis for
the building can be enhanced.

The probabilistic risk assessment (PRA) framework is well-suited for quantifying the
effectiveness of seismic retrofitting in preventing furniture overturning. In a foundational
study, Ishikawa et al. [63] proposed a procedure for seismic risk evaluation in buildings,
incorporating the results of probabilistic seismic hazard assessment (PSHA), structural
fragility analysis, and economic loss estimation. The study produced a seismic risk curve
that illustrates the relationship between financial loss and its annual exceedance probability,
with case studies validating the proposed methodology. This approach is widely applied
globally [64–67].

PRA typically involves incremental dynamic analysis (IDA), comprehensively outlined
by Vamvatsikos and Cornell [68]. IDA is a parametric method developed in various forms
to estimate structural performance under seismic loads. It entails applying scaled ground
motion records to a structural model across multiple intensity levels, producing response
curves parameterized by intensity. Their study established unified terminology, introduced
suitable algorithms, and examined the properties of IDA curves for both single- and
multi-degree-of-freedom systems. Additionally, it discussed methods for summarizing
multi-record IDA results, comparing IDA with conventional static pushover analysis, and
evaluating the yield reduction R-factor.

Eads et al. [69] investigated various aspects of calculating the mean annual frequency
of collapse and introduced an efficient approach for estimating the sideways collapse risk of
structures in seismic regions. The deaggregation of the mean annual frequency of collapse
showed that this risk is generally dominated by earthquake ground motion intensities in
the lower half of the collapse fragility curve. Their study also quantified the uncertainty
in both the collapse fragility curve and the mean annual frequency of collapse based on
the number of ground motions used in the analysis. The proposed method significantly
reduced the computational effort and the uncertainty associated with these estimates.

Deylami and Mahdavipour [70] critiqued a significant drawback of BRBFs, namely the
low post-yield stiffness of steel cores, which results in large residual drifts in a story after
earthquakes. Their study examined the seismic demands of low- and mid-rise BRBFs and
Dual-BRBFs using Probabilistic Seismic Demand Analysis (PSDA). By comparing demand
hazard curves, they concluded that employing BRBFs as a dual system could significantly
reduce residual drift demands, improving the resilience of such structures after earthquakes
with lower repair costs. Additionally, the study used two nonlinear models—a deteriorating
model and a non-deteriorating model—to examine the impact of degradation on Dual-
BRBFs’ seismic demands. Their analysis revealed residual deformations are more susceptible
to degradation than maximum deformations. However, deterioration is mitigated by the
significant stiffness of BRBs, which keeps MRFs within a low range of nonlinearity.

The aforementioned studies primarily concentrated on structural collapse or damage
related to structural safety. However, as previously noted, the recent societal demand
increasingly emphasizes the importance of maintaining business continuity even after
major earthquakes. Despite this, approaches to BCP based on PRA remain limited. In
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response to this, the present study specifically focuses on applying PRA to the issue of
furniture overturning in BRBFs. Additionally, the effectiveness of retrofitting with BRBs for
BCP is evaluated analytically. Therefore, building collapse is not assessed in this study, as
advancements in BRBF design have already enhanced the structural capacity to prevent
collapse effectively.

In this study, the model structure is derived from the design provisions of the AIJ
and retrofitted with BRBs according to various design criteria. Realistic seismic waves
are generated, reflecting the underlying ground structure and potential fault fracture
scenarios. Using these seismic waves, IDA is conducted to establish fragility curves for
furniture overturning. Finally, fragility and hazard curves for various locations in Japan
are compared, and the mean annual frequency of furniture overturning is computed.

The findings of this research contribute to advancing seismic design by incorporating
considerations for BCP. Moreover, the study highlights the importance of adequately
securing furniture, even in buildings retrofitted with BRBs. In practical applications,
engineers can quantify the risk of furniture overturning and assess its impact on BCP,
providing a reasonable criterion for discussions with building owners or tenants. As
such, the methodology presented in this research offers a platform for developing more
sophisticated design strategies that account for business contingency.

2. Model Structure for Seismic Retrofitting Using Buckling-Restrained Braces

2.1. Outline of MRF Model Structure

This study considers the seismic upgrading of a four-story Japanese office building.
The structure in question is a representative model of a steel moment-resisting frame (MRF)
as specified in the provisions of the AIJ [5].

The structure represents a typical office building designed in accordance with Japanese
regulations, featuring a regular floor plan. Consequently, torsional response is not a
significant concern. This regularity makes the building suitable for studying the relationship
between retrofitting with BRBs and the risk of furniture overturning.

A drawing of the structure is presented in Figure 3. The building’s floor plan spans
25.6 m in the x direction and 19.2 m in the y direction. The weight distribution for each
story is shown in Figure 3. The columns are square hollow section (SHS) tubes, with widths
ranging from 350 to 450 mm and wall thicknesses between 16 and 22 mm.
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Figure 3. Drawing and member schedule of model structure.
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The main girders consist of wide-flange sections with depths ranging from 550 to
800 mm and flange widths of 200 to 300 mm, with plate thicknesses between 9 and 25 mm.
All girder-column connections are designed as rigid moment connections. The steel used is
SN490, per Japanese standards [71], with a yield stress of 325 N/mm2.

2.2. Equivalent Linearization-Based Design of a Buckling-Restrained Brace

For this study, the BRBs are designed based on the principles of equivalent lineariza-
tion, a method introduced initially by Kasai et al. [7] and currently codified in the Japanese
design specifications [5]. Figure 4 illustrates the concept of response reduction of BRBFs.
Respective figures indicate the idealized displacement, velocity, and acceleration spectrum.
The design primarily aims to reduce the displacement response. This stems from the
enhanced stiffness using the added BRBs. Also, the enlargement of the damping factor
reduces the response spectrum; thereby, the displacement response further decreases, as
presented in Figure 4a.

(a) (b) (c) 
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Figure 4. Idealized response spectra: (a) displacement; (b) velocity; (c) acceleration.

Using mathematical expressions for the effective vibration period and damping ratio
of a building equipped with BRBs, along with idealized seismic response spectra, the peak
seismic responses of the system and its local components can be expressed as continu-
ous functions of structural and seismic parameters. These relationships are depicted in
“performance curves”.

Figure 5 illustrates the concept of equivalent linearization for a BRB integrated with
an elastic frame, represented as an equivalent single-degree-of-freedom (SDOF) system.
Figure 5a shows the displacement response spectrum used in this study, where the ver-
tical axis represents the displacement response, denoted as Se/ω2, and the horizontal axis
represents the natural period, T. The design spectrum used in this study is derived from
Eurocode-8 [72], with the ground type assumed to be Type C and the reference ground acceler-
ation, ag, set at 3.0 m/s2. Additionally, importance factors γI of 1.0, 1.2, and 1.4, corresponding
to importance classes II, III, and IV, respectively, are applied in the BRB design.
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Figure 5. Calibration of BRB specification: (a) displacement response spectrum; (b) performance curve.
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Five scenarios are considered for seismic upgrading:

1. θt = 1/120 rad with γIag = 3.0 m/s2 peak ground acceleration (PGA),
2. θt = 1/150 rad with γIag = 3.0 m/s2 PGA,
3. θt = 1/200 rad with γIag = 3.0 m/s2 PGA,
4. θt = 1/200 rad with γIag = 3.6 m/s2 PGA, and
5. θt = 1/200 rad with γIag = 4.2 m/s2 PGA.

Here, θt represents the target story drift.
Figure 5b illustrates the performance curve, which consists of the displacement reduc-

tion ratio (Rd) and the force (or pseudo-acceleration) reduction ratio (Rpa), both expressed
relative to the frame’s responses without BRBs. In equivalent linearization, the target story
drift θt is initially determined as a sufficiently small value to prevent structural damage.
The displacement response can be computed using the equivalent SDOF system and re-
sponse spectra. This response is converted into story drift θ by dividing by the effective
height, hef, of the equivalent SDOF. The displacement reduction ratio, Rd, is calculated as
Rd = θt/θ.

The curve depicted in Figure 5b theoretically captures the influence of the stiffness
ratio Ka/Kf between the added component (a damper and brace combined in series) and the
frame, as well as the ductility demand μ of the added component. These curves incorporate
these critical factors and provide the necessary Ka/Kf and μ values to achieve the target
drift or displacement reduction ratio Rd. The required yield force of the damper can also be
derived from the Rd and force reduction ratio Ra values. The results of this study suggest
that the design ductility of the BRB is 4.0, as the performance curve identifies this value as
the optimal response reduction point, indicated by the convex portion in Figure 5b.

Once the necessary Ka/Kf value is determined for the SDOF system, it can be translated
into the requirements for dampers in a multi-story system under the following assumptions:

1. The equivalent damping factor is consistent between the SDOF and multi-story systems.
2. The inter-story drift is uniform across all stories and equals the target story drift for

the seismic force, calibrated according to the Ai distribution.
3. The ductility of the BRB is uniform across all stories.

Here, the Ai distribution represents the vertical seismic force distribution guided
by the AIJ [73]. The necessary stiffness of individual stories Kai is computed using the
following equations to meet these criteria.

Kai =
Qi
hi

∑N
i=1(K f ihi

2)

∑N
i=1(Qihi)

(
μ +

Ka

K f

)
− μ·K f i (1)

In this context, Qi represents the story shear force, hi denotes the height of the i-th floor,
Kfi signifies the story stiffness of the i-th floor, and μ denotes the ductility of the BRBs at the
target story drift. Additionally, the required yield axial displacement uayi is determined
based on the design ductility μ, the story height hi, and the target story drift θt.

uayi =
θt

μ
·hi (2)

Ultimately, the yield axial forces of the respective BRBs, Fay, can be computed based
on the axial stiffness Kai and the yield axial displacement uay. The formulation for Fay is
provided below.

Fayi = Kai·uayi (3)

The calibrated specifications for the BRBs are detailed in Table 1. These BRBs are
positioned in bay Y2, which is situated at the center of the frame. The design-based shear
ratios are 0.47, 0.57, and 0.66 for seismic accelerations of γIag = 3.0 m/s2, 3.6 m/s2, and
4.2 m/s2, respectively.
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Table 1. Required capacities of BRBs (unit: kN/mm for Kfi and Kai, kN for Fai).

Θt 1/120 rad 1/150 rad 1/200 rad 1/200 rad 1/200 rad

γIag 3.0 m/s2 3.0 m/2 3.0 m/s2 3.6 m/s2 4.2 m/s2

Story Kfi Kai Fai Kai Fai Kai Fai Kai Fai Kai Fai

R 194.5 — — — — — — 90.00 450.2 249.2 1246
4 249.2 — — 2.800 18.60 186.2 936.9 378.8 1906 631.1 3175
3 323.1 — — 32.20 216.1 275.2 1385 530.4 2669 864.6 4350
2 211.8 198.5 2253 270.2 2556 475.2 3371 690.5 4898 972.4 6898

3. Outline of Nonlinear Response History Analyses and Fragility Assessment of
Furniture Overturning

3.1. Outline of Nonlinear Response History Analyses

A three-dimensional model was constructed, as detailed in Figure 6. Nonlinear re-
sponse history analyses (NRHA) were conducted using ABAQUS ver. 2021, a finite element
analysis (FEA) software package. For specific settings and element definitions, readers are
referred to the ABAQUS manual [74]. The ABAQUS/Standard module is employed for the
analyses described. The model utilizes a three-dimensional configuration with encastre
constraints applied at the column base. As this research focuses on behavior along the
x-axis, out-of-plane (OOP) deformation is constrained by the boundary conditions.

Figure 6. FEA model of model structure.

Beams and columns are represented using beam elements (B31), with distributed
plasticity modeling adopted. Member yielding is identified based on von Mises stress,
considering the sum of stress from both axial force and flexural moment for yield detection.
The yield strength is determined to be 325 N/mm2. Elastic-perfectly plastic (EPP) hysteresis
is applied to each member, with column and beam intersections defined as rigid bodies.

The flexural stiffness of girders is doubled for beams with concrete slabs on both sides and
increased by 1.5 times for beams with a half slab in order to model the influence of the concrete
slab. The contributions of the concrete slabs to flexural stiffness are calculated according to
Japanese design guidelines [75]. The contribution of the concrete slab is influenced by the
shear connector performance [76–112]. Also, structural members can originate the buckling
in a huge deformation, as summarized in the previous studies [113–139]. However, this
research assumes idealized conditions to examine the risk of furniture overturning specifically.
Additionally, Rayleigh damping is utilized for each structural member, with primary and
secondary damping ratios set at 0.02.

The established model was verified by comparing the natural period and load-
displacement relationship with those provided in the AIJ provision [5].
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3.2. Fragility Assessment of Furniture Overturning

The fragility of furniture overturning is assessed statistically. Although various ap-
proaches exist for evaluating fragility [56–61], this research adopts the methodology pro-
posed by Kaneko [54]. Kaneko et al. [54] integrated a theoretical framework with post-
earthquake inspections of overturned bodies following several large seismic events. The
resulting trend is represented by a continuous function, making it straightforward to apply
when determining the threshold acceleration. The application of alternative evaluation
methods will be explored in future research.

Based on a previous study [54], the probability of furniture overturning is determined
using the following equations. The acceleration that results in a 50% rate of furniture
overturning is calculated using Equation (6).

R
(

A f

)
= α·ϕ

( lnA f − lnAR50

ζ

)
(4)

AR50 =

⎧⎨
⎩

B
H ·g
(

1 + B
H

)(
Ff ≤ Fb

)
10 B√

H

(
1 + B

H

)2.5·2πFf

(
Ff > Fb

) (5)

Ff =
Vf

2πDf
(6)

where ϕ represents the log-normal distribution with a mean of lnAR50 and a standard
deviation of ζ (where ζ = 0.50). Af denotes the peak floor acceleration (PFA) response,
Vf the peak floor response velocity, Df the peak floor response displacement, α is the
coefficient representing the influence of slip, B is the depth of the furniture, H is the height
of the furniture, and g is the gravitational acceleration. In this research, the constants in
Equation (5) are determined as α = 0.8 and ζ = 0.50.

This study examines three types of furniture with dimensions specified in Table 2.
The depth of furniture B remains constant while the height H is varied to modify the
dimensions. The respective cases are categorized as “low”, “middle”, and “high”. The
furniture is assumed to be not anchored to the walls or floors. The frequency of furniture
Fb varies depending on the height of the furniture.

Fb =
15.6√

H

(
1 +

B
H

)−1.5
(7)

Table 2. Furniture profiles.

Type B [mm] H [mm] Fb [Hz]

H

B

I (low) 45.0 120 0.883

II (medium) 45.0 150 0.859

III (tall) 45.0 200 0.814

The fragility curves calculated using the above equations are presented in Figure 7. In
Figure 7, the taller furniture is more likely to overturn at lower floor accelerations.

261



Buildings 2024, 14, 3195

  Af

Figure 7. Fragility curve of furniture overturning.

4. Computation of Artificial Seismic Waves Reflecting Ground Characteristics

The seismic waves are calculated considering the rupture process of faults and
the ground structure. Three locations in central Sendai were selected, focusing on the
Nagamachi-Rifu Fault (M7.5) located directly beneath the city. Figure 8 illustrates the
surface projection of the characterized source model from the National Seismic Hazard
Map for Japan [140] and the locations of the two strong motion generation areas [141]. In
this analysis, two cases with different rupture initiation points are evaluated. The respective
locations are marked by �.

 
Figure 8. Earthquake scenarios concerned.

The evaluation of seismic waveforms follows the methodology outlined in the National
Seismic Hazard Map for Japan [140]. First, the waveforms at the engineering bedrock
level are predicted using the stochastic waveform synthesis method [142]. The component
waveforms are artificially generated using the envelope shape from Boore [143] and random
phase. The Q value of the propagation path is given by the following equation [144]:

Q = 110 f 0.7 (8)

where f represents the frequency. The amplification rate of the deep ground from the seismic
bedrock to the engineering bedrock is derived from the 1D structure directly beneath each
site, using the subsurface structure model applied in earthquake damage estimation for
Sendai [145]. Ultimately, the amplification rate is calibrated under the condition of vertical
incidence of S-waves. The response of the surface ground layer above the engineering
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bedrock is approximated using a modified R-O model [146], which accounts for strain-
dependent rigidity and attenuation as used in the earthquake damage simulation for
Sendai [145]. Surface acceleration waveforms are then obtained through a fully nonlinear
time-domain analysis of total stress, using the seismic motion at the engineering bedrock
as the input.

The coordinates of the three locations, along with the PGA and PGV of the calculated
waveforms at the surface, are shown in Table 3. Figure 9 presents the acceleration response
spectra with a damping factor of 2%. All evaluation points are located in central Sendai
City, near the upper edge of the strong motion generation area on the southern side. The
differences observed between the evaluation points are primarily due to variations in
ground conditions.

Table 3. Profile of seismic waves (unit: m/s2 for PGA and m/s for PGV).

Site Longitude Latitude Case Direction PGA PGV

Aobayama 38◦15′18′′ N 140◦50′18′′ E
Case 1

NS 7.77 0.64
EW 6.55 0.58

Case2
NS 10.1 0.65
EW 11.3 1.64

Katahira 38◦15′14′′ N 140◦52′26′′ E
Case 1

NS 4.27 0.51
EW 4.48 0.43

Case2
NS 6.23 0.48
EW 6.42 1.21

Nagamachi 38◦13′26′′ N 140◦52′49′′ E
Case 1

NS 5.63 0.54
EW 5.25 0.52

Case2
NS 6.71 0.73
EW 5.89 1.32

 

Sa T

 T

Figure 9. Acceleration response spectra (h = 0.02).

5. Contribution of Seismic Retrofitting to Structural Response Reduction Based on
Incremental Dynamic Analysis

The input is standardized based on the acceleration response of the Single-Degree-of-
Freedom (SDOF) system with a damping factor of 0.02. The natural periods of the structure
for the MRF and BRBFs are derived from eigenvalue analysis. The intervals range from
0.1 G to 3.0 G with a step size of 0.1 G, resulting in a total of 2160 cases. The seismic waves
utilized in the IDA are the 12 waves generated in the preceding chapter.

Figure 10 presents the peak story drift for the MRF and BRBFs. The horizontal axis
represents Sa(T), and the vertical axis shows the peak story drift. Since the story drift
becomes the most significant in the first story, the floor displacement of the second story
δ2 is extracted in Figure 10. The median and 16th/84th percentile lines are depicted by
bold black lines. Overall, the story drift decreases with more stringent design criteria, and
building collapse can be prevented by retrofitting with BRBFs.
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Figure 10. Maximum inter-story drift obtained from IDA: (a) MRF; (b) θt = 1/120 rad;
(c) θt = 1/150 rad; (d) θt = 1/200 rad (γIag = 3.0 m/s2); (e) θt = 1/200 rad (γIag = 3.6 m/s2);
(f) θt = 1/200 rad (γIag = 4.2 m/s2).

Figure 11 summarizes the PFA. According to previous studies [54], furniture over-
turning is associated with PFA. Unlike story drift, PFA cannot be mitigated by more
stringent BRB design criteria (see Figure 4c). Increased BRB stiffness, intended to reduce
displacement, may result in higher acceleration responses.
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Figure 11. Peak floor acceleration obtained from IDA: (a) MRF; (b) θt = 1/120 rad; (c) θt = 1/150 rad;
(d) θt = 1/200 rad (γIag = 3.0 m/s2); (e) θt = 1/200 rad (γIag = 3.6 m/s2); (f) θt = 1/200 rad
(γIag = 4.2 m/s2).
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Additionally, the occurrence of furniture overturning is related to the building’s
equivalent frequency, as considered by Equation (7). The AR50 differs depending on
the balance of the unique frequency of furniture Fb and the characteristic frequency of
the building, thereby altering the fragility curve. The threshold acceleration for 50% of
furniture overturning is shown in Figure 12. The furniture dimension is low. The median
and 16th/84th percentile lines are also depicted in the figure. The equivalent frequency is
calculated based on the building’s response, precisely the peak floor velocity Vf and peak
floor displacement Df, with the equation provided in Equation (7). Figure 12 demonstrates
that the threshold acceleration increases with more stringent BRB design criteria primarily
due to smaller peak floor displacements.
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Figure 12. Threshold acceleration causing 50% of furniture overturning (low): (a) MRF;
(b) θt = 1/120 rad; (c) θt = 1/150 rad; (d) θt = 1/200 rad (γIag = 3.0 m/s2); (e) θt = 1/200 rad
(γIag = 3.6 m/s2); (f) θt = 1/200 rad (γIag = 4.2 m/s2).

Figure 13 illustrates the calculation flow for deriving the fragility curve of furniture
overturning. As summarized in Figure 11, the PFA is determined for each story. Simultane-
ously, the threshold acceleration for a 50% probability of furniture overturning is calculated
using the equation provided by Kaneko [54]. The exceedance of this threshold is then eval-
uated for each ground motion. Finally, the exceedance ratio is computed for the respective
spectral accelerations. The fragility curve is obtained by fitting a cumulative distribution
function to a log-normal distribution.
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Figure 13. Calculation flow of fragility curve of furniture overturning.

Figure 14 illustrates the probability of furniture overturning. The horizontal axis
represents the intensity of the input wave, and the vertical axis denotes the probability of
exceeding 50% furniture overturning. The plots suggest that the likelihood of overturning
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decreases with more stringent design criteria. Although PFA can increase with greater BRB
stiffness and capacity, the threshold acceleration also rises with more stringent BRB design
criteria. Consequently, the fragility curve for θt = 1/200 rad (γIag = 4.2 m/s2) becomes the
smallest in Figure 14.
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Figure 14. Fragility curve of furniture overturning: (a) low; (b) medium; (c) tall.

6. Evaluation of Mean Annual Frequency of Furniture Overturning

To assess the effectiveness of seismic retrofitting in business continuity planning, the
mean annual frequency of furniture overturning is determined based on the framework
depicted in Figure 15.
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Figure 15. Computation concept of mean annual frequency: (a) fragility curve; (b) derivative of
hazard curve; (c) mean annual frequency.

This study utilizes the mean annual frequency λc for risk evaluation. Calculating λc
requires two key elements: the seismic hazard curve, which represents the mean annual
frequency of exceeding ground motion intensities at a specific site, and the fragility curve
for furniture overturning. Ground motion intensity is quantified using an intensity measure
(IM), such as Sa(T), the spectral acceleration at the structure’s fundamental period.

The value of λc is obtained by integrating the furniture fragility curve with the site-
specific seismic hazard curve using the following equation:

λc =
∫ ∞

0
P(C|im)·|dλIM(im)| (9)

where P(C|IM) represents the probability of furniture overturning under an earthquake
with a given ground motion intensity level IM, and λIM denotes the mean annual frequency
of exceeding the ground motion intensity IM. By multiplying and dividing the right-hand
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side of Equation (10) by d(IM), the expression for calculating λc can be reformulated as the
following:

λc =
∫ ∞

0
P(C|im)·

∣∣∣∣dλIM(im)

d(im)

∣∣∣∣d(im) (10)

where dλIM(IM)/d(IM) represents the slope of the seismic hazard curve at the site. A
closed-form solution for the integral in Equation (11) is usually unavailable, so the integral
is typically evaluated through numerical integration. This involves computing the product
of the collapse probability conditioned on IM, the slope of the seismic hazard curve at
specific IM levels, multiplying by the increment in IM(ΔIM), and summing the results
across all IM levels. This procedure is expressed in Equation (12) and visually depicted in
Figure 15.

λc =
∞

∑
i=1

P(C|imi)·
∣∣∣∣dλIM(imi)

d(im)

∣∣∣∣·Δim (11)

6.1. Relationship between λc and Probability of Collapse

λc denotes the mean annual frequency of furniture overturning. Assuming that
earthquake occurrences follow a Poisson process over time, the probability of at least
one overturning event within a period of t years can be determined using the following
equation:

Pc(in t years) = 1 − exp(−λct) (12)

Given that λc is typically a small value for most buildings, the annual probability of
overturning is approximately equal to λc, expressed as follows:

Pc(in 1 years) ∼= λc (13)

6.2. Deaggregation of λc

λc alone does not reveal which ground motion intensities contribute most to the
collapse risk. To address this, a deaggregation of λc provides a valuable method for
identifying the relative contributions of various ground motion intensities to the overall
collapse risk. This process corresponds to the deaggregation by magnitude, distance, and
epsilon (ε) commonly used in PSHA to determine the primary sources contributing to
the hazard. The parameter ε quantifies the deviation, in terms of logarithmic standard
deviations, between the observed ground spectral acceleration and the spectral acceleration
predicted by an attenuation relationship at an arbitrary period.

A point on the λc deaggregation curve is retrieved as the product of the overturning
probability at a ground motion intensity and the slope of the hazard curve as an intensity
function. As indicated in Equation (12), the contribution of a specific (narrow) range
of ground motion intensities to λc is calculated by multiplying the collapse probability
at the midpoint intensity of the range by the slope of the hazard curve at the intensity
and by the width of the intensity, ΔIM. As illustrated in Figure 15, the total area under
the deaggregation curve equals λc. Ground motion intensities with higher values on the
deaggregation curve represent more remarkable contributions to λc.

Figure 15 demonstrates that ground motion intensities associated with high overturn-
ing probabilities do not always contribute significantly to λc, as these intensities occur less
frequently than those in the lower half of the overturning fragility curve. Consequently,
the most significant contribution to λc generally comes from intensities within the lower
half of the fragility curve, where the collapse probabilities may be smaller. Still, the seismic
hazard curve’s slope is typically steeper compared to that for higher intensities.

6.3. Hazard Curve Deaggregation of λc

As one of the most earthquake-prone regions on the planet, Japan is chosen as the
case study. The PSHA requires a hazard curve in spectral form. The National Research
Institute for Earth Science and Disaster Resilience (NIED) provides the Japan Seismic
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Hazard Information (J-SHIS) system [147,148]. J-SHIS has developed a database of hazard
curves based on the response spectrum for exceedance probabilities corresponding to a
50-year return period. These hazard curves are constructed by combining various scenarios
involving subduction zones and near-fault earthquakes.

The damping factor provided by J-SHIS is set at 5%, which is generally applicable to
reinforced concrete (RC) structures. However, the typical damping factor for steel structures
is 2%, as used in the simulations conducted in this research. Therefore, the spectral response
data from J-SHIS must be adjusted to reflect the corresponding damping factor. For this
conversion, the following equation is provided by AIJ [5].

Dh =

√
1 + 25h0

1 + 25heq
(14)

where h0 is the initial damping factor, and heq is the equivalent damping factor. Additionally,
the probability for a return period of Tc is converted to the mean annual frequency using
the following equation.

λc = − ln(1 − Pc)

Tc
(15)

where Pc is the probability of exceedance and Tc designates the time interval where the
probability Pc is calculated [149].

Additionally, the hazard curve is provided for specific natural periods: 0.1 s, 0.2 s,
0.3 s, 0.5 s, 1.0 s, 2.0 s, 3.0 s, and 5.0 s. To derive the hazard curve corresponding to the
natural periods of the MRF and BRBF systems, the hazard curves are linearly interpolated
in log-log space. Since the hazard curves in J-SHIS are derived from empirical equations
using arbitrary constants, theoretical interpolation is not possible. Instead, previous studies
have customarily interpolated the hazard curve in log-log space [69,150]. Therefore, the
interpolation method used in this study follows earlier investigations [69,150].

The target locations are listed in Table 4, which includes sites selected from various
regions across Japan. The hazard curves retrieved from J-SHIS are summarized in Figure 16.
The frequency generally becomes greater in a shorter period. The discrepancy varies
depending on the region, and Aichi exhibits a relatively huge gap among the natural period.

Table 4. Target locations for risk assessment.

Location J-SHIS Mesh Code Longitude Latitude Elevation

Hokkaido 6441427814 43.0615 N 141.3547 E 21 m

Miyagi 5740362921 38.2677 N 140.8703 E 46 m

Tokyo 5339452532 35.6885 N 139.6922 E 38 m

Ishikawa 5436657223 36.5615 N 136.6578 E 27 m

Aichi 5236671243 35.1823 N 136.9078 E 10 m

Hyogo 5235012543 34.6906 N 135.1953 E 6 m

Hiroshima 5132436612 34.3844 N 132.4547 E 2 m

Kumamoto 4930156623 32.8031 N 130.7078 E 13 m

Figure 17a illustrates the mean annual frequency for low-height furniture. Overall,
the MRF demonstrates the highest mean annual frequency except in Aichi. The greatest
frequency is observed in the case of θt = 1/200 rad (γIag = 3.6 m/s2). The hazard curve
in Figure 16 shows that Aichi has a higher probability of occurrence in a shorter natural
period. Due to the seismic retrofitting principle using BRB, the natural period shortens.
As Aichi’s seismic motion characteristics cause more significant acceleration responses in
buildings with shorter natural periods, the computed mean annual frequency can exceed
that of buildings without seismic retrofitting.
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Figure 16. Hazard curves for locations across Japan: (a) Hokkaido; (b) Miyagi; (c) Tokyo; (d) Ishikawa;
(e) Aichi; (f) Hyogo; (g) Hiroshima; (h) Kumamoto.
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Figure 17. Mean annual frequency of furniture overturning: (a) low; (b) medium; (c) tall.

Additionally, the risk of furniture overturning at θt = 1/200 rad (γIag = 3.0 m/s2) and
θt = 1/200 rad (γIag = 4.2 m/s2) is nearly identical in most cases. As shown in Figure 11, the
acceleration response increases in θt = 1/200 rad (γIag = 4.2 m/s2) due to greater stiffness,
while the threshold acceleration also increases. Consequently, the probability of furniture
overturning is lowest in θt = 1/200 rad (γIag = 4.2 m/s2) according to the fragility curve in
Figure 14. Meanwhile, the probability of exceedance in acceleration response tends to be
more pronounced at shorter natural periods. As previously mentioned, the mean annual
frequency is calculated as the product of the fragility curve and the derivative of the hazard
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curve. Thus, the effectiveness of seismic retrofitting with BRB depends on the balance
between the reduction in fragility and the resonance with the seismic wave.

Figure 17b presents the case for medium-height furniture, where the risk of overturn-
ing is nearly the same for MRF and θt = 1/120 rad. According to the fragility curve in
Figure 17b, fragility is reduced through seismic retrofitting. However, the spectral response
increases due to the shorter natural period, resulting in nearly identical computed mean an-
nual frequencies. The lowest frequency is observed in θt = 1/200 rad (γIag = 4.2 m/s2) across
all locations, with the second lowest in θt = 1/200 rad (γIag = 3.0 m/s2). The second-most
stringent design criterion of θt = 1/200 rad (γIag = 3.6 m/s2) exceed the aforementioned
two cases and is highest in Aichi.

Figure 17c displays the mean annual frequency for tall furniture. The difference be-
tween retrofitting cases is less pronounced compared to low and medium-height furniture.
The magnitude relation remains consistent with Figure 17b. However, the lowest mean
annual frequency is achieved by MRF, owing to a more significant hazard curve at shorter
natural periods. The mean annual frequency reaches 3.8 times greater in θt = 1/200 rad
(γIag = 3.6 m/s2) compared to the MRF.

6.4. Discussion

Seismic retrofitting with BRBs effectively reduces displacement response and prevents
building collapse. The design procedure has become straightforward due to the use of
equivalent linearization. This method begins with determining the target story drift, mak-
ing displacement response the primary concern. However, the risk of furniture overturning
can increase as the building’s natural period shortens due to the added stiffness from
the BRBs. In particular, the mean annual frequency increases when the spectral response
at shorter periods becomes more significant. The proposed method quantifies this risk,
enabling engineers to consider BCP when designing BRBFs for seismic retrofitting.

This study assumes that the furniture is not anchored. The fragility of furniture
overturning can be mitigated through proper anchorage. Even with the installation of
seismic damping devices, careful attention is required to maintain business continuity.

7. Conclusions

This study applies probabilistic risk assessment (PRA) to the issue of furniture over-
turning. Buckling-restrained braced frames (BRBFs) are designed using various design
criteria based on the moment-resisting frame (MRF) provisions. Incremental dynamic
analysis (IDA) is performed using artificial seismic waves that reflect realistic ground
conditions. The resulting fragility curve for furniture overturning is then compared with
hazard curves across Japan. The findings are summarized as follows:

(1) Peak story drift is effectively mitigated with more stringent BRB design criteria.
However, when the target story drift is reduced, peak floor acceleration can increase
in BRBFs compared to MRFs.

(2) The fragility of furniture overturning decreases with more stringent design criteria
due to an increased critical acceleration threshold.

(3) The mean annual frequency of acceleration response spectra generally increases
with shorter natural periods. Consequently, the mean annual frequency of furniture
overturning can be higher in BRBFs compared to MRFs.

(4) The risk of furniture overturning is influenced by the balance between the building’s
performance and the specific hazard characteristics at the location. Particular attention
should be given to the shape of the hazard curve, especially in cases where short-
period vibrations are prominent.

(5) The calculation flow outlined in this research provides engineers and researchers with
a clear methodology to quantify the risk of furniture overturning in a precise and
explicit manner.

The model structure used in this research is a four-story building. In future research,
it will be essential to assess the potential risk of furniture overturning in high-rise struc-

270



Buildings 2024, 14, 3195

tures to extend safety warnings to the broader community. Future studies will explore
the application of this methodology to buildings with varying aspect ratios and address
additional business continuity planning (BCP) concerns, such as roof collapses. A more
comprehensive investigation will be presented in subsequent papers.
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Abstract: Timber represents a building material that aligns with the environmental demands on the
impact of the construction sector on climate change. The most common engineering solution for
modern timber buildings with large spans is glued laminate timber (glulam). This project proposes a
tool for a topological optimized geometry generator of structural elements made of glulam that can
be used for building a database of topologically optimized glulam beams. In turn, this can be further
used to train machine learning models that can embed the topologically optimized geometry and
structural behavior information. Topological optimization tasks usually require a large number of
iterations in order to reach the design goals. Therefore, embedding this information into machine
learning models for structural elements belonging to the same topological groups will result in a
faster design process since certain aspects regarding structural behavior such as strength and stiffness
can be quickly estimated using Artificial Intelligence techniques. Topologically optimized geometry
propositions could be obtained by employing generative machine learning model techniques which
can propose geometries that are closer to the topologically optimized results using FEM and as such
present a starting point for the design analysis in a reduced amount of time.

Keywords: glulam; topological optimization; finite element method; machine learning; artificial
neural network

1. Introduction

The construction industry contributes to approximately 40–50% of greenhouse gas
emissions. This figure includes both the energy consumed during building operations on
site and the energy used in the manufacturing of construction materials and products. Two
main strategies have been thoroughly investigated to mitigate the environmental impact
of building elements: structural optimization by minimizing the elements’ section and
the use of low-carbon materials [1–4]. This is the reason why wood and wood products
such as glued laminated timber are valued and have gained success as a construction
material nowadays.

Glued laminated timber, known as “glulam” or GLT, is a composite material made
of overlapping layers of wood bonded with synthetic resins and pressed into the desired
shape. This type of product is one of the most popular options in civil engineering—
while the ability to absorb carbon from the environment makes it a sustainable material.
Additionally, the good mechanical properties of the material along with its low self-weight
make it a great seismic performance solution [5,6].

The production of GLT elements represents a major advantage in terms of reducing
workmanship on site, through the quality of the machined elements and the obtaining
of complex geometries with various sizes that can be customized to meet individual

Buildings 2024, 14, 3672. https://doi.org/10.3390/buildings14113672 https://www.mdpi.com/journal/buildings277



Buildings 2024, 14, 3672

specifications and requirements. The design and execution of civil structures is, however,
still dependent on inertia in terms of the geometric dimensioning of structures, which
favors constant rectangular sections, easy to size.

Another significant advantage of wood is its strength-to-weight ratio when compared
to materials like concrete and steel, making it an excellent choice [1]. Reducing the weight
of the element diminishes the dead loads along with the size of elements in the structure.

Recent studies have shown that topological optimization can lead to better dimensions
of the element able to support the forces applied. According to existing studies in the
field, the characteristics of the model resulting from different types of analysis in the Finite
Element Method [5,7], simple regression on metamodels [8], tests on models [4] or by
Monte-Carlo simulation [9] may produce material reductions of over 10% [10].

The topological optimization is used in a multitude of fields such as aerospace field (for
application in the manufacturing process) [11,12]; robotics (in order to reduce the weight of
the product, while maintaining the mechanical properties) [13,14]; medical devices (for the
shape of the element), the energy and battery life [15–17], cases where different scenarios
were considered with the variation of geometric dimensions and structural properties [18],
architecture [19,20]; and civil engineering which was the focus in this current research with
the findings presented below.

Optimization model examples are presented in [21,22] where structural analysis and
dimensioning constraints defined by Eurocode standards are used in order to create a
model of profiles that can reduce the cost of a building with elements made of glued
laminated timber and steel.

Moreover, the study of [23] demonstrates that optimization techniques reduce the mass
of elements up to 30% creating high-performance with low-weight design and reduction
of deflection by 15–20% [8]. The variation in geometric dimensions of elements, materials,
curved elements with large span, height and volume of buildings creates new designs
where the elements can be used in a rational manner, reducing the manufacturing process
and the cross sections while maintaining the resistance [24–28].

At the same time, during the current research campaigns, topological optimization
can be carried out using AI that gives new perspectives and a multitude of possible scenar-
ios [29]. The methods mentioned above improve cost efficiency and optimize the mechani-
cal performance of structural elements in GLT. However, they derive from analyses that
require financial resources, whether in laboratory experiments or through time-consuming
programs. This happens considering that the operation research processing on models
using the Finite Element Method (FEM) involves systems solving inequations having as
input data the results of the FEM and the geometry variation until the objective function
is reached.

This is the current scientific context, where the premises exist for the use of machine
learning techniques in order to embed geometry and structural behavior data obtained by
topological optimization and to reduce the computation requirements for the deployment of
such a solution [30]. Techniques such as deep neural networks [31] or generative adversarial
networks [32] have already proven useful for this kind of application. The part this paper
addresses is the training data for such an algorithm. The success of any development in
this direction depends on the quality of the training data; for example, the present project
proposes some domain limits for the exploration of topologically optimized solutions and
presents an algorithm for computing this kind of optimization task, using the Dassault
ABAQUS 2023 software package.

For the experimental campaign, GLT elements were used in the experiments and
tested as well as their combination to ascertain the contact properties.

In terms of the wood species used, spruce was the best solution considering that it is
a common species used for the realization of glued laminated timber elements according
to [8].

The GLT elements are formed by joining together layers of wood material in the form
of lamellas with the thickness nl = 2 cm with a structural epoxy resin-based adhesive.
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The adhesive used for processing the glued laminated timber elements, Melamine-urea-
formaldehyde (MUF), is one of the most commonly used adhesives in the wood industry.
A representation of a glued laminated timber element can be seen in Figure 1 where the
lamellas can be identified. However, the adhesive is not visible in the glued laminated
timber section being a part of the element. The element is good quality which means that
poor glue bonding between the layers is not encountered so the section is evenly created.

Figure 1. Representation of a physical model of a glued laminated timber element with a section
representing the position of the fibers in the element; a = depth; b = width; h = height.

Given the natural composition of wooden material in the form of annual growth rings,
the position of the fibers is essential when using the material in a structure. The mechanical
properties are different along the axis of the element and for maximum utilization of it they
have to be parallel to the longitudinal axis [33–35].

The laboratory determinations were carried out in two stages: in the first one, the
strength parameters of glued laminated timber were directly determined, and in the second
one, the shear strength parameters on the glulam material were determined. The tests
revealed values much higher than the shear strength of wood material, which makes it so
that the FEM modeling of the glulam-type element can be achieved either in the form of ho-
mogeneous material or using “tie”-type contact elements. The experimental campaign was
conducted in the laboratories of the Technical University of Civil Engineering Bucharest.

First of all, the fundamental characteristics of wood in the form of glued laminated
timber can be seen in Table 1 with some dimensions of elements, the types of forces applied
on the elements (traction and compression parallel with the fibers and bending) and the
average value of the strength results. Ten samples for each test were performed.

Secondly, 20 samples of glued laminated timber elements with dimensions
60 × 60 mm × 20 mm were inserted into a shear box where force was applied on them until
breaking point. In Figure 2a, the shearing box can be observed, with specific dimensions
in which the wood sample can be inserted perfectly with the force being applied on the
center of the piece following [1]. After the breaking point, the sample is retrieved and in
Figure 2b,c the breaking pattern is visible. The wooden piece has been broken completely.

 
 

 
(a) (b) (c) 

Figure 2. Shear tests in the laboratory: (a) The force applied on the wooden sample in the shear box.
(b) The wooden sample after the application of the force. (c) The broken sample.
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Table 1. Results of laboratory tests on wooden samples according to [36].

Test Number
Test Specimen

Sample Size (w × h − L)
Average Strength Value

Traction parallel to
the fibers

 

ft = 93.61 N/mm2

Compression parallel to
the fibers fc = 40.85 N/mm2

Bending finc = 79.58 N/mm2

2. Test Equipment

The experimental campaign was carried out following some test steps that were
needed in order to verify the correctness of the results considering the correlation between
the Mohr–Coulomb parameters and the unitary forces.

In order to verify the mechanical parameters obtained, elasto-plastic modeling was
performed in explicit dynamics formulations in order to be able to follow the evolution
of the deformations over time. The geometry of the element takes into consideration the
restrictions of the model in the experimental campaign due to the dimensions of the shear
box [8].

The model created consisted of replicating the sample used in the direct shearing
machine with the parallelepiped sample dimensions mentioned above. The shear plan was
determined midway through the test, based on the boundary conditions (Figure 3). The
load was applied by a certain imposed deformation, with constant speed. The color map
represents the sensitivity of parts of the wooden elements when force is applied.

The deformation model using the parameters defined beforehand can be identified in
Figure 3a. After the identification of the plastic zones in the sample, the deformation of the
proposed glued laminated timber sample can be seen Figure 3b,c.

The model with the same parameters and characterizations as the wooden sample
subjected to deformations by the Finite Element Method can be compared directly with
the samples subjected to loadings in the shearing box. It can be seen in the two images
in Figure 3c (deformation of the model) and Figure 3d (the real wooden sample) that the
pattern follows the same distribution of the deflection.
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(a) (b) 

 
(c) (d) 

Figure 3. Deformation model using FEM: (a) The model created. (b) Formation of the plastic zones of
tangents in the sample. (c) Deformation of the model [6]. (d) The real model sample of GLT.

Strain compatibility was monitored by recording the strain history at a point belonging
to the failure surface (Figure 4). Comparing these results with those obtained from the
laboratory determination, it can be seen that the mobilization of deformations occurs in a
similar way.

Figure 4. Shear mobilization curves at different vertical stresses for the industrially made samples [36].

3. Numerical Modeling and Methods

Following the steps described above, a database was created with optimized mod-
els obtained by generating, following Monte-Carlo simulation principle multiple models
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that are created by using scripts for the automation of FEM runs. The general charac-
terization of the samples considered for the FEM model can be seen in Figure 5a. The
dimensions of the elements are 10,000 mm × 160 mm × 40 mm with two fixed supports of
600 mm × 160 mm × 40 mm. The number of wooden samples used is 23. The discretization
of the model can be analyzed in Figure 5b.

 
(a) (b) 

Figure 5. (a) Three-dimensional compute assembly. (b) Discretization of the model.

For the optimization, the topological optimization method was chosen, blocking the
areas of application of the conditions on the contour and the area of application of the
uniform pressure. In the optimization process, the finite element density was allowed to
vary between 1 and 0.001 with a maximum variation per analysis cycle of 0.25. Three de-
sign response functions have been defined, namely “Energy Stiffness Measure”, “Volume”
and “Signed Von Mises Stress”. The objective of the optimization was to minimize the
design response values for “Volume”. The optimization task initially applied to the model
was to limit the volume variation below 45%. Unfortunately, the software applied the 45%
material reduction directly to the model and then reshaped it in order to withstand the
increased interior stresses, so it was not a correct approach. Due to this shortcoming, in the
final models, the optimization task was to have displacements under the allowable limits
specified in the current norms (beam span/200). This instructed the software to gradually
remove material until the allowable displacement is reached, and then remodel it to create
a more uniform distribution of stresses.

The software allows the application of several types of geometric constraints to the
model in order to control how the material is removed (see Figure 6). All of them were
tested in the early models, but, since some of them did not show a significant optimization
or were not pertinent to the tested model, only three were chosen for the final analysis:
“Planar symmetry”, “Rotational symmetry”, “Point symmetry”. The “Planar symmetry”
constraint forces the optimized model to be symmetric about a specified plane, the “Rota-
tional symmetry” constraint forces the optimized model to be symmetric about a specified
axis and the “Point symmetry” constraint forces the optimized model to be symmetric
about a specified point.

Based on the laboratory tests carried out within the current project, a Monte Carlo
analysis was carried out using a proprietary script in which the material parameters were
varied using the mean and the standard deviation resulting from the laboratory tests. For
each model to which different geometric constraints were applied, the script was applied
to run 30 models with different mechanical parameters. The results were collected in a
database compared and contrasted.

In order to incorporate as close as possible the geometric results obtained by Monte-
Carlo simulation, it was initially proposed to use a generative machine learning model
(diffuser) which, starting from the synthetic data of each beam (opening, spans, loads), can
generate topologically optimized glued laminated timber elements in elevation. The first
attempts resulted in a lack of alignment of the machine learning model.
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(a) (b) 

(c) (d) 

Figure 6. Geometric restriction results for the topology optimization tasks: (a) Condition Demold.
(b) Milling condition. (c) Planar symmetry condition. (d) Condition Symm Point [36].

Noting the lack of alignment of the generative model, another machine learning
method took the place of the current one, namely an artificial neural network (ANN) that
would embed the results of topological optimizations and be able to indicate, based on the
data of the problem, a measure of the stiffness of a topologically optimized beam in order
to be able to identify whether or not such optimization would produce satisfactory results
from the design point of view.

4. Results

For the characterization of the model, it was preferred to generate all possible dimen-
sional combinations of beams (Table 2), respectively, to vary the dimensions as presented below:

Table 2. Dimensional combination of beams.

Type of Element Dimensions Pitch

Beam length (L) from 4 to 8 m 10 cm
Beam width (W) From 65 cm to 1.65 m 5 cm

Beam span from 3 to 5 m 50 cm
Thickness of a plank 4 cm -

Length of the support area 20 cm, 30 cm and 40 cm -
The height of the section was established through pre-dimensioning rules.

Following the combinations in the model resulted in 6526 geometrically distinct
patterns. Running these models required over 24,000 h/core, which was executed by
outsourcing the service.
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Each of these patterns were statically analyzed in the Abaqus 2023 program with the
following optimization strategies:

• Planar symmetry with respect to the vertical plane perpendicular to the longitudinal
axis of the beam in the center of gravity;

• Planar symmetry with respect to the horizontal median plane;
• Polar symmetry with respect to the center of gravity of the beam.

Each optimizer was run with 100 iterations and the final iteration was processed.
Due to the large space occupied by the results of a turnover, only the useful synthetic

information presented in the Annexes was saved.
In order to test the feasibility of embedding the topological optimization information

into a machine learning model, the first step is to create a regressive model and to test how
it responds to the input parameters and objectives. The approach chosen was to develop a
deep neural network in order to see if it is possible to predict useful information such as a
deflection for a beam in the case of the topologically optimized elements, without having
to run the topological optimization. This represents a tried and tested technique for civil
engineering applications as shown by [31]. The architecture of the deep neural network is
described in Figure 7.

Figure 7. Neural network architecture.

A total of 6526 topologically optimized models/datasets (pairs of synthetic
parameters—displacements) was divided into two parts: 6388 models for ANN train-
ing and 138 models for validating the result. The ANN optimization algorithm was the
SGD (Stochastic Gradient Descent) algorithm with the hyper parameters lr = 0.001 and
Momentum = 0.9.

In order to preprocess the input and output data (key–value pairs), the normalization
constants presented in Table 3 were used.

Table 3. Normalization parameters for the proposed ANN.

Parameter Minimum Value Δ

Beam length (L) 4.0 2.2
Beam span 3.0 2.0

Beam width (W) 0.065 0.1
Optimization constraint 0 2

Deflection 0.019020382 0.029697631

The ANN model thus obtained shows a good alignment both from the point of view of
predictions for training data and from the point of view of predictions for the set dedicated

284



Buildings 2024, 14, 3672

to validation as shown in Figure 8 where the prediction of the ANN model is represented
on the horizontal axis, and the actual value is displayed on the vertical axis. Figure 8 also
showcases some edge-cases where the model tends to underpredict the actual deflection;
this is why there are more points above the 100% alignment line, which can be improved
by further developing the ANN architecture. After finalizing the training, a benchmark
was run over the training dataset (6388 models) in order to benchmark how much faster
the neural network is in predicting the deflection than running the FEM optimization task
using the timeit Python (3.13.0) library. The results obtained indicate that this information
can be obtained in 1.4 milliseconds using the ANN (best result out of 10,000 runs).

Figure 8. Alignment of trained ANN to input data, and validation data.

Figure 9 shows the evolution of the objective function value over the training epochs.
In this case, the objective function value was considered to be the sum of the Mean Squared
Loss value for each data point, over one training epoch.

Figure 9. Training history for the neural network.

5. Conclusions

The current project aims to start the development of an expert software tool, based on
Artificial Intelligence, which will provide optimized geometric solutions for glulam elements.

The formation of the database for training the Artificial Intelligence model is carried
out based on numerical modeling using FEM analysis of a number of glued laminated
wood samples and laboratory testing to confirm the correctness of the material model. The
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training of the AI model involves the use of bent glulam beams characterized by a series of
variable parameters, obtaining a large number of topologically optimized models/datasets
(pairs of synthetic parameters—displacements). These models were used for ANN training
and for the validation of the result.

A deep neural network model is proposed herein with the goal of testing whether or
not a useful alignment can be obtained from machine learning techniques for this kind of
problem and this kind of optimization task.

The ANN network obtained can indicate based on the problem data a measure of the
stiffness of a topologically optimized beam in order to be able to identify whether such
optimization will produce satisfactory results from a design point of view. The resulting
neural network can be used as it is for the task mentioned in the present work, being
properly sized as to avoid overfitting issues. Further iteration on this neural network will
be developed in order to improve the architecture in terms of size and activation function
for the task previously mentioned. The models proposed for this paper follow certain
parameters chosen beforehand which means that further improvements can be added for
future models and experimental campaigns. These parameters are related to the properties
of the wood material (type of wood, density, modulus of elasticity), dimensions and then
the discretization of the model. The results obtained herein indicate that in the case of beam
models, larger cross-section sizes and spans will benefit even more from the topological
optimization. Also, the topological optimization task can be improved to take into account
the lamellar structure of glulam and optimize the element such that the final geometry
could rather be obtained by placing the correctly cut lamella inside the element without
having to do a CNC machining step for the element.

Future developments will need to account for larger structural element sizes (cross-
sections and span) and also take into account different loading conditions such as unevenly
distributed loads or point loads. Also, it is clear that a great step in developing machine
learning applications for this kind of task is to deploy a generative adversarial network ar-
chitecture that can eventually propose geometries that can then be optimized in fewer steps.
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Abstract: This case study investigates five fly ashes with high CaO and SO3 levels in their chemical
composition and compares the apparent influence of the presence and absence of anhydrite on
compressive strength. Another distinguishing feature of the above ashes is that they, more or less,
naturally contain anhydrite. Two different series of mixed proportions were adopted. Series 1 is
designed to understand the maximum possible replacement level of fly ash. Series 2 is designed to
understand the effect of anhydrite on compressive strength development. The mineral composition
and glass phase of fly ashes were determined by X-ray diffraction Rietveld analysis. As a result of
this study, we have found that concrete containing anhydrite-rich fly ash exhibits a higher strength
than concrete containing anhydrite-free fly ash at all ages. The compressive strength increases with
an increasing fly ash replacement ratio when anhydrite-rich ash is used, but strength decreases when
the replacement level exceeds a certain point. The optimal amount of anhydrite was 2 ± 0.5 kg/m3

of concrete, excluding the anhydrite contained in cement.

Keywords: anhydrite; Baganuur; compressive strength; insoluble residue; lignite; mineral composition;
Mongolia; ready-mixed concrete; Shivee Ovoo

1. Introduction

It is well known that fly ash has versatile capabilities to make durable, affordable,
tough, and environmentally friendly (DATE) concrete. However, the chemical composition
of fly ash is highly variable in countries other than Japan, and most of them contain less
SiO2 and more SO3 and CaO than Japanese fly ash [1,2]. In this context, anhydrite became
apparent as one of the key ingredients. Anhydrite-rich fly ash is an unavoidable byproduct
of lignite-burning coal power plants, disregarding the method of burning coal. According
to the World Energy Outlook 2018, there are 23.07 trillion tons of coal reserves in terms of
resources, of which 20% is lignite [3]. Lignite is a very soft coal that contains water up to
70% by weight and it pollutes the air higher than other coals. With a carbon content of as
low as 25 to 35%, lignite is the lowest rank of coal because of its low heat content compared
to other coals such as anthracite [4]. Another unwelcome property of lignite coal is that it
generates 10–50% of ash [4]. Burning lignite produces ash containing high amounts of Ca-
and S-bearing minerals.

Several authors have reported the presence of anhydrite in ash resulting from burning
lignite. McCarthy et al. [5] investigated 26 fly ash (FA) samples from North Dakota and
argued that if lignite or sub-bituminous coal is burned, the formation of anhydrite is not
astonishing, because of high SO3 and CaO contained in the ash. They showed that free
lime in the ash is acting as a built-in “scrubber” for SO3. Examining Cretaceous lignite
from the Hailar Basin, Inner Mongolia, China, Jia and coauthors [6] reported that burning
temperature depends on the mineral phases of ash. Quartz and anhydrite with a high
melting point dominated the high-temperature ashes burnt at 815 ◦C, because of naturally
available sulfate minerals such as gypsum dehydrate at high temperatures, resulting in
these changing into bassanite and anhydrite.
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However, opinions on the effect of anhydrite in fly ash on the fresh and hardened
properties of concrete are divided into those for and against. Ravina and Mehta [7] showed
the impact of replacing up to 50% of cement with ASTM Class C fly ash and F fly ash on
the compressive strength of lean concrete mixtures. They obtained a targeted compressive
strength of 14 MPa at an earlier age with mixtures that incorporated CaO- and SO3-rich
Class C fly ash than with CaO- and SO3-poor Class F fly ash. However, the delay of setting
times was longer in the concrete mixtures with ASTM Class C fly ash than those with
ASTM Class F fly ash [8]. This delay is attributed to the sulfate content of the fly ash that is
found to be on the surface of the fly ash particles. Zhang and coauthors [9] reported that
concrete made with fly ash containing a high content of CaO with SO3 has shown high
compressive strength, even at early ages.

Burning lignite is not the only way that anhydrite-rich ash can be produced. Fluidized
Bed Combustion (FBC) generally produces ashes richer in anhydrite because FBC boilers
use ground limestone as a sulfur-absorbing material, and several authors have studied
the properties of concrete that incorporates anhydrite-rich ashes [10–13]. Comparing two
Circulating Fluidized Bed Combustion (CFBC) ashes, Shen and coauthors [14] reported
that the compressive strength of mortar specimens containing high-anhydrite CFBC ash is
higher than low-anhydrite CFBC ash. Furthermore, they have insisted that CFBC ash can
be efficiently used without harm to the volume stability of cement paste if the proportions
are properly designed.

Poon and coauthors [15] have investigated the role of anhydrite in the activation of
ASTM Class F fly ash mortar by adding anhydrite to mortar. Their study found that early
and later age strengths were increased. A mortar system that incorporated fly ash up to
55% has been activated by adding 10% anhydrite, and the existence of an optimum quantity
of anhydrite for obtaining the highest strength was discovered. However, the optimum
amount of anhydrite, which should be contained in a unit volume of mortar or concrete,
has not been quantified.

Fly ash replacement of up to 70% of the total cementitious content of concrete was
investigated in this study. This research aimed to clarify the influence of the anhydrite
phase contained naturally in fly ash on the compressive strength of concrete. Furthermore,
an attempt has been made to quantify the optimum amount of anhydrite, which should be
contained in a unit volume of concrete to obtain a high compressive strength.

2. Experimental Procedures

2.1. Materials
2.1.1. Fly Ash

Five types of fly ashes, which were collected from Ulaanbaatar City 4th coal power
plant (PP4) in different seasons, were used. These ashes are a byproduct of burning lignite.
FA-0, FA-1, and FA-2 derived from Shivee Ovoo coal [16] and FA-3 and FA-4 from Baganuur
coal. Shivee Ovoo ashes contain a considerably high volume of anhydrite due to sulfur-
bearing minerals naturally contained in coal. According to ASTM C 618 [17], these fly
ashes are designated as Class C. The chemical composition of the fly ashes measured by
an X-ray fluorescence spectrometer is given in Table 1. Ashes derived from Shivee Ovoo
coal (FA-0, FA-1, and FA-2) show a higher SO3 content than ashes from Baganuur coal,
as also previously confirmed by several authors [18–22]. It should be noted that there
are contradictory specifications on SO3 content in fly ash. Chinese (GBT 1596:2018) and
European (BS EN 450-1:2012) standards recommended that less than 3 wt%. ASTM C
618:2017 standards recommended less than 5 wt%, while there is no limit set by Japanese
(JIS A6201:2015) and Korean (KSL 5405:2018) standards [3].
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Table 1. Chemical composition of fly ashes.

Type of
Fly Ash

Chemical Composition (wt%)

SiO2 Al2O3 Fe2O3 CaO SO3 MgO Na2O K2O TiO2 MnO

FA-0 30.2 10.7 5.8 33.7 8.2 6.4 1.3 0.7 0.5 1.0
FA-1 43.4 12.4 7.1 23.8 4.2 4.6 0.9 1.1 0.8 0.5
FA-2 38.1 11.7 7.3 27.9 5.2 5.2 1.2 0.9 0.6 0.6
FA-3 47.2 14.2 12.0 18.6 1.2 2.2 0.6 1.1 0.6 0.3
FA-4 53.1 14.4 12.8 13.2 1.2 1.6 0.4 1.4 0.6 0.4

2.1.2. Other Materials

Class 42.5 Portland cement (specific gravity: 3.00, Blaine specific surface area: 3260 cm2/g)
available in the market was used. The chemical composition and mineral composition are
given in Tables 2 and 3, respectively. Sand (specific gravity: 2.60) sieved through 5 mm
mesh was used. Gravel was 20 mm maximum in size, and the specific gravity was 2.65.
A polycarboxylate ether-based high-range water-reducing admixture was used to achieve
appropriate workability for the concrete mixtures.

Table 2. Chemical composition of Portland cement (wt%).

SiO2 Al2O3 Fe2O3 CaO MgO K2O Na2O SO3
Insoluble
Residue

Loss on
Ignition

Total

19.69 5.63 3.88 59.13 1.2 1.15 0.2 2.19 3.74 3.19 100

Table 3. Mineral composition of Portland cement (wt%).

C3S C2S C3A C4AF Gypsum Free-CaO Total

41.75 25.20 8.36 11.81 4.00 1.45 92.75

2.2. Testing Procedures
2.2.1. X-ray Diffraction

An X-ray diffractometer (PHILIPS X’Pert MPD) was used. Fly ash was pulverized in an
alumina mortar until grains could no longer be felt between the fingers and used as the sample.
Powder X-ray diffraction was performed under the following conditions: target CuKα, tube
voltage 45 kV, tube current 40 mA, scanning range 2θ = 10–60◦, and step width 0.05.

Rietveld analysis of fly ash was performed on fly ashes FA-1, FA-2, FA-3, and FA-4
with 20% corundum as an internal standard. High Score Plus was used as the Rietveld
analysis software. The minerals quartz, hematite, magnetite, lime, akermanite, merwinite,
and anhydrite were identified.

2.2.2. Insoluble Residues and Other Properties

The insoluble residue (IR) of fly ash and cement was determined following JIS R
5202 [23]. This method is a conventional method in which the insoluble residue in cement
is obtained by treating the sample with a dilute hydrochloric acid solution so that the
precipitation of soluble SiO2 is minimal. The residue from this treatment is treated again
with a boiling solution of Na2CO3 to re-dissolve traces of SiO2 which may have precipitated.
The residue is determined gravimetrically after ignition.

Loss on ignition was measured following JIS A 6201 [24]. Specific gravity was mea-
sured per JIS R 5201 [25]. A laser diffraction particle size distribution analyzer (SHIMADZU,
SALD-7000) was used to measure the specific surface area and average particle size. Free
CaO content in cement was measured according to procedures recommended by the Japan
Cement Association [26].
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2.2.3. Specimen Preparation and Testing

Two different series of mixed proportions were adopted, and they are tabulated in
Tables 4 and 5. Series 1 is designed to understand the maximum possible replacement
level of fly ash. Series 2 is designed to understand the effect of anhydrite on compressive
strength development. All concrete mixtures were made to obtain a slump of 210 ± 20 mm
by using the water-reducing admixture, considering easy pumpability in construction sites
as required by RMC. Mixtures were mixed in a single-axis horizontal mixer according to the
procedures explained below. First, the binder and aggregates were added to the mixer and
mixed for 30 s. Next, water which was premixed with water-reducing admixture (SP) was
added and mixed for 90 s. The slump was measured in accordance with Japanese Industrial
Standard A 1101 [27], and 100 ϕ × 200 mm specimens were molded. The specimens were
demolded after two days of curing in a moist room at 20 ± 2◦ and then cured in water at
20 ± 2 ◦C. All specimens were continuously water-cured until the time of strength testing.
Compressive strength tests were carried out according to the Japanese Industrial Standard
A 1108 [28] at 3, 7, 28, and 91 days.

Table 4. Mixed proportions of concrete (Series 1).

Mix
Index

Type of FA W/B (%) FA/B (%)
Unit Weight (kg/m3)

W C FA S G SP

Control - 35 0 136 389 0 994 961 6.8
FA-0-30 FA-0 35 30 133 266 114 971 938 6.8
FA-0-40 FA-0 35 40 132 226 151 964 931 6.8
FA-0-50 FA-0 35 50 131 187 187 956 924 6.8
FA-0-60 FA-0 35 60 130 148 223 949 917 6.8
FA-0-70 FA-0 35 70 129 111 258 942 910 6.8

W/B: water—binder (cement plus fly ash), FA/B: fly ash—binder (cement plus fly ash), W: water, C: cement, FA:
fly ash, S: sand, G: gravel, SP: superplasticizer.

Table 5. Mixed proportions of concrete (Series 2).

Mix
Index

Type of FA W/B (%) FA/B (%)
Unit Weight (kg/m3)

W C FA S G SP

Control - 46 0 164 356 0 1001 878 5.0
FA-1-10 FA-1 46 10 164 320 36 999 878 5.0
FA-1-20 FA-1 46 20 163 284 71 996 875 4.9
FA-1-40 FA-1 46 40 162 212 141 991 871 4.9
FA-2-10 FA-2 46 10 164 320 36 999 878 5.5
FA-2-20 FA-2 46 20 164 284 71 997 876 5.2
FA-3-10 FA-3 46 10 164 320 36 999 878 5.5
FA-3-20 FA-3 46 20 163 284 71 996 876 5.2
FA-3-40 FA-3 46 40 163 212 141 992 871 5.1
FA-4-10 FA-4 46 10 164 320 36 999 878 5.7
FA-4-20 FA-4 46 20 163 284 71 997 876 5.7

W/B: water—binder (cement plus fly ash), FA/B: fly ash—binder (cement plus fly ash), W: water, C: cement, FA:
fly ash, S: sand, G: gravel, SP: superplasticizer.

3. Results and Discussion

3.1. Mineral Composition and Other Properties of Fly Ashes

Figure 1A shows the X-ray diffraction pattern of FA-0. Figure 1B represents the X-ray
diffraction patterns of fly ashes FA-1, FA-2, FA-3, and FA-4. These XRD patterns show
that the main constituents of FA-0, FA-1, and FA-2 are quartz (SiO2), hematite (Fe2O3),
lime (CaO), and anhydrite (CaSO4); however, akermanite (Ca2Mg(Si2O7)) and merwinite
(Ca3Mg(SiO4)2) are also traced. On the other hand, quartz (SiO2), hematite (Fe2O3), and
magnetite (Fe3O4) are available in FA-3 and FA-4; however, anhydrite does not exist. The
mineral composition and glass phase of fly ashes determined by XRD Rietveld analysis are
shown in Table 6. Supporting the XRD patterns, Rietveld analysis proves the availability of
anhydrite in FA-1 and FA-2.
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(A) 

 
(B) 

Figure 1. (A) X-ray diffraction pattern of fly ash FA-0. (B) X-ray diffraction patterns of fly ashes FA-1,
FA-2, FA-3, and FA-4.

Table 6. Mineral composition and other properties of fly ashes FA-1, FA-2, FA-3, and FA-4.

Measured Item
Type of Fly Ash

FA-1 FA-2 FA-3 FA-4

Quartz (wt%) 13.4 8.4 18.4 21.2
Hematite (wt%) 4.5 3.6 1.7 1.6
Magnetite (wt%) - - 1.8 3.3

Lime (wt%) 0.7 1.9 - -
Akermanite (wt%) 8.7 - 6.0 -
Merwinite (wt%) - 6.9 - -
Anhydrite (wt%) 2.8 5.7 - -

Glass Phase (wt%) 67.1 72.7 70.6 73.4
Insoluble residue (wt%) 48.6 38.6 56.6 64.6
Loss on ignition (wt%) 0.8 0.8 1.5 0.5

Specific gravity 2.5 2.6 2.5 2.5
Blaine specific surface area (cm2/g) 3746 5946 5770 7241

Average particle size (μm) 35.9 18.4 19.8 8.1
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The percentage of the insoluble residue of fly ashes FA-1, FA-2, FA-3, and FA-4 is
tabulated in Table 6. IR does not take part in the cementing action. Therefore, international
standards limit IR to less than 1.5% in the case of cement. Kiattikomol remarked that
IR is a measure of the adulteration of cement, largely coming from impurities [29]. IR
in anhydrite-rich FA-2 is extremely low compared to other fly ashes expecting its high
cementing action. Hanehara et al. [30] have shown that IR relates to the reaction ratio of
fly ash, and this phenomenon has been confirmed by other authors too [31,32]. Figure 2
shows the relationship between CaO content (refer Table 1) and insoluble residue (refer
Table 6), and it proves a strong correlation between the two. Though there is no similar
correlation, we have found in the previous literature that studies made by the Greek Public
Power Corporation remarked that “when insoluble residue is high the CaO content is
low [33].” Furthermore, Goswami [34] has found that IR is higher in low-calcium FAs than
high-calcium FAs, supporting our findings.

Figure 2. The relationship between CaO content and insoluble residue.

3.2. Compressive Strength

Figure 3 shows the time-dependent compressive strength of mixed proportions of
Series 1. Fly ash replacement up to 60% of total cementitious content shows strength nearly
equal to the control at later ages beyond 14 days. A large decrement in strength is seen
when the fly ash content increases beyond 60%. While the early strength of all fly ash
mixtures is lower than the control, 30 and 40 percent fly ash-incorporated mixtures have
shown slightly higher strength development after 7 days, overpassing the control. A similar
tendency has been confirmed by Zhang and coauthors [9], in which 50% replacement of
high-calcium fly ash has shown higher later-age strength than the control mix proportion
without fly ash. We attributed this tendency to being a result of the high CaO and SO3
contents of FA-0. In order to confirm this hypothesis, we conducted the experiments in
Series 2, using two clearly different sets of Class C fly ashes, in which FA-1 and FA-2
represent the set of ashes, which contains a considerable amount of anhydrite, as measured
by XRD Rietveld analysis, while FA-3 and FA-4 have shown no anhydrite (see Table 6).
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Figure 3. Compressive strength vs. age for control concrete and FA-0-incorporated fly ash concretes.

Figures 4–6 show the compressive strength of all eleven mixtures in Series 2. At all ages,
FA-1 and FA-2 fly ash-incorporated concrete with replacement levels of 10% and 20% showed
a higher strength compared to the control. The 40% replacement by FA-1 showed a lower
strength up to the 28th day; however, it began to surpass the control after 28 days. On the
contrary, FA-3 and FA-4 (i.e., both with no anhydrite) show a lower strength than the control,
especially at early ages for all replacement ratios. Besides, FA-1- and FA-2-incorporated
concrete exhibit higher strength than concretes with FA-3 and FA-4 at all ages. The existence
of anhydrite in FA-1 and FA-2 might contribute to this achievement. Similar results have
been obtained by Poon and coauthors [15] by adding 10% anhydrite to mortar with 35% fly
ash replacement. When they compare gypsum and anhydrite in terms of an equivalent SO3
content, the latter is more productive in increasing the early-age strength but less productive
in increasing the later-age strength than gypsum. However, anhydrite is more beneficial in
increasing the strength at all ages if a comparison is made in terms of an equal amount of
addition. Therefore, anhydrite has shown itself to be advantageous over gypsum. Zhang and
coauthors [9] used high-CaO and -SO3 fly ash to make concrete and obtained a slightly higher
early strength than low-CaO and -SO3 fly ash and argued that the formation of ettringite
might increase the early strength. Enders has suggested that anhydrite particles contaminated
with aluminum are an easily accessible elemental source for the formation of the first ettringite
during the hydration reaction of lignite fly ashes [35]. It is interesting in this context to note
that these conclusions are in good agreement with what we found.

Figure 4. Compressive strength vs. age for control concrete and fly ash concretes at 10% replacement.
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Figure 5. Compressive strength vs. age for control concrete and fly ash concretes at 20% replacement.

Figure 6. Compressive strength vs. age for control concrete and fly ash concretes at 40% replacement.

3.3. Optimum Amount of Anhydrite

Figures 7 and 8 show the relationship between anhydrite content, fly ash replacement
ratio, and compressive strength of FA-1- and FA-2-incorporated concrete. Anhydrite
quantity in fly ash concrete per 1 m3 was calculated according to the following Equation (1):

WAnhydrite = FA × (%Anhydrite) (1)

where WAnhydrite: quantity of anhydrite in fly ash concrete (kg/m3), FA: quantity of fly
ash in concrete (kg/m3), and %Anhydrite: weight percent of anhydrite in fly ash (wt%).
Figures 7 and 8 show the availability of an optimum level of anhydrite to be contained in
concrete to obtain the highest strength. As exhibited by the curves, we arbitrate that the
optimum amount lies within 1.5 to 2.5 kg/m3 of concrete. In support of this observation,
Poon and coauthors [15] have also reported the existence of an optimum level of anhydrite,
proving this fact by performing compressive strength tests of mortars cured at elevated
temperatures. Zhou et al. [36] have found that the pozzolanic activity of anhydrite-rich
CFBC is higher than that of pulverized coal combustion fly ash (PCA), which is poor in
anhydrite. The activity index corresponding to the seventh-day compressive strength of
CFBC can reach 103.76% when the mixing amount is 25%, while that of PCA is only 93.36%.
However, the pozzolanic activity of CFBC decreases with increasing the mixing amount,
the same as in our study.
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Figure 7. The relationship between anhydrite content, fly ash replacement ratio, and compressive
strength for FA-1-incorporated concrete.

Figure 8. The relationship between anhydrite content, fly ash replacement ratio, and compressive
strength for FA-2-incorporated concrete.

4. Conclusions

Two series of concrete incorporated with five high-calcium fly ashes were investigated
to understand the influence of anhydrite in fly ash on the compressive strength of concrete.
The main conclusions can be drawn as follows:
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1. It is possible to achieve a compressive strength nearly equal to the control at a late age
beyond 14 days if fly ash containing a high amount of CaO and SO3 is used, up to a
replacement level of 60%.

2. The replacement levels of up to 20% of fly ash give higher strength than control
concrete at all ages except the third day when fly ash containing anhydrite is used.

3. When the CaO content is high, insoluble residue is low, showing high cementi-
tious properties.

4. The compressive strength increases with an increasing fly ash replacement ratio when
anhydrite-rich ash is used, but strength decreases when the replacement level exceeds
a certain point. The optimal amount of anhydrite was 2 ± 0.5 kg/m3 of concrete.

5. This case study shows that anhydrite-rich fly ash is stronger than concrete-containing
anhydrite-free fly ash even at early ages. However, this phenomenon is apparent. The
factors behind this observation are still under investigation but may include anhydrite
being an indirect indicator of other influential factors for producing high performances.
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