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The rapid expansion of the offshore energy infrastructure, including wind turbines,
subsea pipelines, and marine platforms, has underscored the critical need to overcome the
challenges presented by harsh marine environments. These structures are exposed to com-
plex interactions among waves, currents, seabed dynamics, and structural vibrations, which
can trigger geotechnical instabilities, sediment scouring, and fatigue failure. This Special
Issue, titled “Wave/Current-Structure-Seabed Interactions Around Offshore Foundations”,
brings together cutting-edge research to deepen our understanding of these multifaceted
interactions and their implications for the design and safety of offshore engineering. The
11 articles featured here employ experimental, numerical, and theoretical approaches to
investigate pivotal topics such as scour dynamics, seabed liquefaction, hydrodynamic
loading, and multi-physics coupling effects. Below, we synthesize the novel contributions
of each study and discuss their significance for future research and industrial applications.

Ref. [1] conducted an experimental study on local scour patterns around com-
plex multi-pile foundations under steady currents. Employing a meticulously designed
5 x 5 pile group model, they systematically investigated the relationship between flow
dynamics and scour depth evolution. Their results demonstrate that the maximum scour
depth exhibits strong dependence on flow intensity, and the distribution of scour depths
among piles differs at different flow intensities. This research elucidates scour mecha-
nisms in pile groups by demonstrating that hydrodynamic interactions induce significant
shielding effects—progressively reducing scour depths downstream—and trigger a critical
transition from isolated-pile-like scour patterns to group-dominated behavior at elevated
flow intensities. The findings indicate that pile group scour is governed by emergent spa-
tial dependencies rather than superposition of single-pile responses, thereby challenging
conventional extrapolation approaches in foundation design. These insights provide a
mechanistic basis for advancing predictive models and optimizing risk mitigation strategies
in marine infrastructure. Ref. [2] pioneered wave-current-vibration flume experiments to
quantify monopile vibration effects on local scour dynamics. The equilibrium scour depths
in clear-water conditions are reduced by pile vibration while triggering non-monotonic
depth variations under live-bed scour conditions near the critical Shields parameter. Cru-
cially, higher vibration frequencies predominantly suppress the scour depth, whereas
increased amplitudes expand the width of the scour hole. This behavior stems from
vibration-induced sediment ratcheting convection and densification, which enhance scour
hole backfilling. Their predictive model—the first to integrate vibration intensity with
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hydrodynamic parameters (Froude number, Keulegan-Carpenter number, and velocity
ratio)—provides a critical design framework for offshore wind turbine foundations under
dynamic loading. Ref. [3] addressed pipeline instability challenges on “sand wave” seabeds,
where natural undulations create hazardous free spans that are prone to Vortex-Induced
Vibration (VIV) fatigue. Through coupled geotechnical-hydrodynamic modeling, they
evaluated post-lay trenching as a mitigation strategy. A comparative fatigue assessment of
trenched vs. untrenched pipelines across realistic sand wave morphologies was performed.
It was shown that targeted trenching for post-lay rectification (trenching to a depth of 1 m)
significantly reduces stress ranges and extends fatigue life, meeting both Ultimate Limit
State (ULS) and Fatigue Limit State (FLS) requirements. The study provides a methodology
for pipeline route planning and intervention design on morphologically active seabeds.

Ref. [4] presented a significant advancement in modeling wave-induced seabed lig-
uefaction around buried pipelines by adopting a non-Darcy flow-based 2D finite element
model. Their simulations reveal that nonlinear flow resistance fundamentally alters the
pore pressure distribution, resulting in a shallower yet broader liquefied zone compared
with conventional predictions. Crucially, the pipeline itself exerts a “liquefaction shielding
effect,” suppressing seabed liquefaction and constraining the extent of the liquefied zone
relative to far-field conditions. These findings establish a more realistic framework for
assessing pipeline flotation risks and evaluating mitigation strategies such as increased
burial depth or soil densification in liquefaction-prone environments. Ref. [5] conducted
pioneering numerical investigations into tidal bore-induced seabed liquefaction—an ex-
treme but often neglected hazard. By integrating generalized Biot theory with advanced
integral transform methods, they simulated the rapid propagation of a high-energy tidal
bore through a shallow estuary and its destabilizing effects on sandy riverbeds. Their
results demonstrate that the abrupt pressure gradient preceding the bore front induces
instantaneous liquefaction in the upper seabed layer within seconds, with the liquefaction
depth and intensity being governed by the sediment permeability, saturation level, and
bore height. This work delivers critical predictive relationships for assessing liquefaction
risks under transient hydraulic loading conditions. Ref. [6] introduced an innovative hybrid
Discrete Element Method (DEM)-Finite Element Method (FEM) framework to elucidate
the mechanics of lateral pipe—soil interaction on sloping seabeds. The DEM component
accurately captures granular sediment behavior, including soil upheaval, particle flow,
and localized densification, while the FEM efficiently models the structural pipe response.
Their simulations uncover how the seabed slope dictates the failure wedge geometry and
lateral resistance during pipe movement, while also revealing nuanced mechanisms such
as post-breakout soil resistance evolution and the influence of pipe rotation on deeper
soil mobilization. This methodology provides unprecedented insights for refining the
large-scale pipeline-soil interaction models that are used in slope stability design.

Ref. [7] developed an advanced method for predicting the fatigue life of free-spanning
pipelines that are subject to Vortex-Induced Vibration (VIV), integrating three key com-
ponents: (1) dimensionless vibration amplitude A/D-V, relationships for a wall-free cir-
cular cylinder with low mass damping, (2) beam-theory stress distribution analysis, and
(3) high-cycle (N > 107) S-N curves for high-strength steel pipelines with cathodic protec-
tion under seawater environments. Their parametric studies revealed nonlinear fatigue
life-flow velocity relationships that challenge conventional linear assumptions in pipeline
design. Ref. [8] employed the novel technique of transparent soil combined with Particle
Image Velocimetry (PIV) to visualize and quantify the complex coupled thermal-hydraulic
processes around a buried pipeline. This non-invasive method allows for unprecedented
observation of the convective flow field and temperature distribution in the soil annulus
surrounding an actively heated or cooled pipeline. Key findings demonstrate that natu-
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ral convection currents become the dominant heat transfer mechanism at shallow burial
depths, significantly altering isotherm shapes and reducing thermal gradients compared
with pure conductive models. The study quantifies the convection strength relative to the
burial depth, heat flux, and soil properties, offering valuable data to improve the accuracy
of numerical models predicting pipeline temperature dissipation and long-term impacts
on seabed thermal regimes. Ref. [9] employed Discrete DEM simulations with realisti-
cally shaped, crushable particle models to elucidate the micromechanical mechanisms
behind strength/stiffness anisotropy in calcareous sands. Their triaxial shear simulations
with varying particle breakage ratios revealed that contact force redistribution from verti-
cal to horizontal directions during particle crushing weakens deviatoric stress networks,
fundamentally altering the peak strength, deformation modulus, and failure patterns.
These micromechanical insights provide essential foundations for developing anisotropic
constitutive models to enhance offshore foundation safety in calcareous environments.

Ref. [10] performed high-fidelity CFD simulations to unravel the complex hydrody-
namics of semi-submersible platforms for floating offshore wind turbines (FOWTs). Their
study reveals that submerged braces and pontoons contribute substantially to the total
drag forces at high Reynolds numbers—a finding that challenges conventional models
focusing solely on column effects. The research provides quantitative relationships be-
tween drag coefficients, Reynolds numbers, and platform orientation, offering critical
data for optimizing structural design and mooring systems to enhance storm survivability.
Ref. [11] explored the innovative synergy of offshore wind energy infrastructure with aqua-
culture by numerically analyzing the hydrodynamic interactions between wind turbine
monopile foundations and pontoon raft aquaculture facilities (PRAFs). Using CFD model-
ing validated against physical experiments, they assess how the raft arrays modify wave
propagation, reflection, and dissipation around the monopile and, reciprocally, how the
monopile influences raft motions and mooring tensions. A major finding is that multi-row
raft configurations positioned upstream of the monopile effectively act as wave dampers,
reducing wave heights at the monopile by up to 20% depending on the row number, wave
period, and raft submergence. Concurrently, the structural presence of the monopile pro-
vides shielding, reducing the peak mooring tension in multi-row PRAF arrangements by
up to 73% compared with single-row PRAF arrangements. This research provides hydrody-
namic evidence supporting the technical feasibility and mutual benefits (reduced structural
loads, sheltered aquaculture conditions) of integrated offshore multi-use platforms.

This collection of studies elucidates the intricate multi-physics phenomena governing
wave/current-structure—seabed interactions in offshore foundation systems, while report-
ing pioneering novel methodologies to enhance marine infrastructure resilience. Through
systematic integration of experimental investigations, numerical modeling breakthroughs,
and theoretical advancements—spanning scour dynamics, seabed liquefaction mechanisms,
coupled hydrodynamic loading, and sustainable design paradigms—this Special Issue
makes substantive contributions to the fundamental science of offshore engineering. The
rigorous findings presented not only elevate predictive frameworks for geohazard evalua-
tion but also propel the development of innovative engineering solutions. These advances
are particularly timely and vital as the offshore industry confronts the dual challenges of
expanding marine resource exploitation and increasingly stringent safety requirements in
complex marine environments.

Funding: This research was funded by the Youth Innovation Promotion Association CAS (Grant
No. 2021018).
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Abstract: Current-induced local scour around pile groups weakens the capacity of struc-
tures. In this paper, experimental tests of local scour around an array of 5 x 5 pile groups
were conducted in a steady current in a hydraulic flume. The pile-to-pile space was five
times the diameter of a single pile. All the tests were in clear-water scour conditions. The
effects of upstream piles on the local scour characteristics of downstream piles, as well
as the outer-arranged side piles on the inner-arranged piles, were studied within flow
intensities of 0.37-1.0. Both the three-dimensional topography of bed elevation changes
and the maximum temporal scour depths are discussed. The results showed that the
minimum threshold of flow intensity that can induce local scour around the pile groups
was 0.40. The scour holes were independent of each other, though a global scouring phe-
nomenon occurred between piles at a flow intensity of 1.0. The temporal scour depths of
the downstream piles increased slowly throughout the local scour processes. During the
initial scouring stage, they accelerated rapidly. At flow intensities of 0.60, 0.80, and 1.0, the
scour development then progressed gradually, resembling the behavior of a single pile.
The developing scouring stage can hardly be distinguished in the case of flow intensity of
0.80. The maximum scour depths in the flow intensity of 0.60 showed irregular variations
with increasing row and column numbers. The equilibrium scour depths in the central-
positioned piles tended to a constant value of 0.5 times the pile diameter. In larger flow
intensities of 0.80 and 1.0, they decreased linearly with pile row number, with the maximum
scour depths at the piles in the first row. The local scour depths of the inner-positioned
piles in the parallel arrangement showed few differences at the front and rear piles.

Keywords: pile groups; flow velocity; flow intensity; scour; maximum scour depth; bed
elevation

1. Introduction

Pile groups are widely used forms of foundations for bridges crossing seas, canals,
and coastal port structures in soil foundation and bedrock strata areas [1-3]. The riverine
and coastal upper structures are usually supported by pile groups. Apart from the current
and wave loads on these structures, local scour is considered one of the most common
hazards [1,2,4-7]. When these piles are embedded in sand or soft soil bed, sediment erosion
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often occurs in the vicinity of the piles under waves or currents [8,9]. As a result, local
scour holes appear and weaken the stability of the upper structures [10]. It is inevitable to
study the local scour depths and diameters of scour holes around the piles, for instance, for
a high-pile wharf-designing project in a coastal area.

A large number of papers discussing local scour around piles is available in the litera-
ture. Examples can be found in Baker [11], Raudkivi and Ettema [12], Melville [13], Shep-
pard [14], Oh [15], Zhao [16], and Qi [17]. The mechanisms of local scour around a single pile
in steady current are summarized as follows [8]: (i) a horseshoe vortex is formed in front of
the pile as the flow approaches the pile and the boundary layer separates from the sand bed;
(i) the streamlines are contracted at two sides of the pile, and the flow velocity is accelerated;
(iii) Lee-wake vortexes, which are separated from the pile surface, are formed behind the pile.
Consequently, both the flow turbulence intensity [18,19] and the bed shear stress [8,11] are
amplified, leading to local scour around the pile. When a local scour hole is formed, additional,
smaller horseshoe vortexes in the scour hole and upstream of the pile will be also produced [19].
The flow intensity of U/ U is defined as the ratio of the approaching flow velocity (U) to the
threshold flow velocity (Uc) by Melville [13]. The U is the minimum flow velocity below which
the sediment particles cannot be motivated to move in the approaching flow bed without a pile.
The ratio of U/ U is about 0.4 for local scour around a pile [20,21], whereas it is 1.0 for general
scouring in a sand bed without a pile. U/Uc = 1.0 is also employed as a threshold constant
value for clear-water scour and live-bed scour conditions by Melville [13]. They found that
U/Uc <1.0and U/Uc > 1.0 are in clear-water scour and live-bed scour conditions, respectively.
From this perspective, the amplified shear stress near the bed can be more than 2.5 times that of
the approaching flow bed in clear-water scour conditions. The simulation results of Roulund [§]
found this ratio can be as much as 9. However, the above three major turbulent processes may
not always be effective in a local scour process. Du [21] found that the maximum scour depth is
at the upstream pile corners rather than the middle position in front of the pile when the flow
intensity is less than 0.67. The flow acceleration caused by contracted streamlines contributes
to the maximum scour depth. Lee-wake vortexes, however, do not affect local scour. This is
evident from the absence of sediment movement behind the pile.

In local scour-protection design, the maximum scour depth and the scour hole diam-
eters are the two main parameters considered. In general, a local scour hole is assumed
to be an inverted conical hole, and the diameter of the scour hole can be obtained by the
maximum scour depth and the scour hole slopes around the pile [8,22]. Therefore, most of
the papers in the literature focus on the maximum scour depth and its influential factors.
As the method of dimensional analysis is an effective way to study a variable that relates
to several valuables, it is employed by many researchers in studying the maximum scour
depth [23,24]. Furthermore, in clear-water scour conditions, the temporal maximum scour
depth varies only slightly. In live-bed scour conditions, it approaches a constant value as
scouring time progresses. This indicates that the equilibrium scour depth has been reached.

Extensive research has been conducted on local scour around a single pile. However,
studies on local scour around pile groups are relatively scarce. This is notable, since pile
groups are commonly used in hydraulic engineering foundations [1,2,9]. Apart from the
differences in flow patterns between the piles, local scour characteristics including the
temporal maximum scour depths, scour hole sizes, and sand deposit positions are very
different from those of single piles [5,25]. According to the literature, the flow patterns
and scour depths depend on the Reynolds number or flow intensity, pile arrangements,
and pile-to-pile spaces [9,21,25-30]. For instance, in the case of two tandem piles, flow
patterns include a single bluff body, shear layer reattachment, and vortex impinging, which
depend on the Reynolds number and pile-to-pile distances. In contrast, for two parallel
piles, the flow patterns are characterized by a single bluff body, a biased flow pattern,
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and parallel vortex streets [26]. The relative pile-to-pile space of S/D > 3.94 is a key

factor in controlling scour depth. Here, S and D are the pile-to-pile space and pile diameter,

respectively. However, the threshold value for this space, as reported by several researchers,

varies widely, from 3.5 to 11. Above this threshold, the local scour around the piles is

believed to resemble that of a single pile [30-33]. When the piles are arranged in four rows

and four columns, i.e., an array of 4 x 4 pile groups, impinging flow pattern occurs with

S/D > 3.94 [34]. Thus, it can be concluded that local scour around pile groups with varied

pile-to-pile space may present very different characteristics.

Previous studies mainly focused on bridge pier foundations, which were usually
supported by piles with S = 1D — 2D [5,10,30,35] and compound piles [28,29]. The whole
diameters of the pile groups or the compound piles were generally represented by an

equivalent diameter to apply the equilibrium scour depth predicting equations to a single

pile [2,9]. However, this method cannot be applied to pile groups when the pile-to-pile

space is larger, for instance S = 5D. More importantly, turbulent flow interactions between

the piles are rather complicated. Local scour holes do not always emerge into a scour hole

around the pile groups, especially in clear-water scour conditions [25,30]. Motivated by

these issues, the present paper aims to study local scour characteristics in an array of pile

groups with their S = 5D. As U /U, is a very important parameter in local scour around a

single pile, herein, several experimental tests in an array of R x C =5 x 5 pile groups with

U /U, ranging from 0.37 to 1.0 are studied, aiming at distinguish the effects of adjacent

piles on local scour in clear-water scour conditions.

2. Experimental Setups

The experimental tests were carried outina 68 m x 1 m x 1.2 m waves—current flume

in the Key Laboratory of Coastal Engineering Hydrodynamics of China Communications

Construction Corporation. As seen in Figure 1, steady current was generated from the right

and flowed toward the left side before entering an external circulation pipeline. The test

section was positioned in the middle areas of the flume with a length and height of 9 m and

0.3 m, respectively. Two wedge-shaped slopes were used to support the sediment particles

in the test section. The piles in the first line were settled 5 m downstream of the right slope

crest.
Water surface Piles QADV
| Y
0.5 [[i[ " Sediment %l Current
A\
Out <18 N In
30m

-
I }— 25m
Pump
029

Figure 1. Experimental flume and test section arrangement.

All the piles were circular in cross-section with diameters of D = 2 cm. Each pile was

labeled with a number and securely fixed at the bottom of the flume. The pile-to-pile space

was S = 5D in the longitudinal and horizontal directions (Figure 2). A Cartesian coordinate

system was established as follows: (i) the origin of x and y coordinates was located at the

center of P13; (ii) z = 0 corresponded to the sand bed surface. P;3 (i = 1-5) is at the center

line of the flume. The ratio of the total width of piles in a row to the flume width was

1/10, which is significantly less than 1/5. As a result, the blockage effect of the piles was

negligible in the experimental tests [36].
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Figure 2. Array of 5 x 5 pile groups arrangement.

The sand box in Figure 1 was filled with non-cohesive sediment whose median
diameter dsp and geometric standard deviation oy were 0.19 mm and 1.39, respectively.
In all the local scour tests, water depth was maintained at a constant value of 1 = 0.5 m.
The threshold of flow velocity for sediment particles moving was observed at 0.279 m/s
by increasing the flow velocity gradually. Once a small amount of sediment particles was
found to move as bedload, the flow velocity was considered as the threshold flow velocity
U.. Then, a Nortek acoustic Doppler velocimeter (ADV) with an accuracy of 0.1 mm/s
was used to collect flow velocity data along water depth. Sampling rate of 100 Hz and
collecting duration of more than 2 min were conducted so that the collected data at each
position along the water depth could be averaged with an accurate value. Consequently,
the flow velocity profile along the water depth and the depth-averaged flow velocity were
obtained.

For the other flow velocity values in Table 1, similar procedures were copied from the
0.279 m/s case to obtain the designed flow velocity. Note that R and C are short for row and
column in Table 1. Since local scour holes around the downstream piles are usually supplied
by sediment particles from the upstream local scour holes, temporal maximum scour depths
of the downstream pile P53 was monitored using the ADV. The accuracy of ADV distance
function was £0.1 mm. It is known that the maximum scour depth can be as much as
80% of the equilibrium scour depth after a scouring duration of 2 h [16,22,37]. All the local
scour tests in this paper were conducted with 2 h scouring durations. As listed in Table 1,
Test A was a single pile with its U/U; = 1.0, while Tests B1-B5 were square-arranged
arrays of 5 x 5 pile groups in conditions of U /U, = 0.37 — 1.0 and Reynolds numbers of
2080-5580. When the scouring duration reached 2 h, the current generator was turned off.
Then, the flume was very slowly drained out. After the moist sand was naturally dried,
which took about 3 to 5 h for each test, an iReal2E laser scanner (produced by SCANTECH
in Hangzhou, China) was employed. This scanner had a minimum resolution of 0.2 mm in
the xy plane and an accuracy of +0.1 mm in the z direction. It was used to scan the sand
bed, capturing data on the changes in bed elevation. The scanned data generated points
cloud data through the iReal 3D (SCANTECH) software. These points cloud data were
outputted as STL format file. The STL file was imported into the widely used software
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Tecplot 360 2024 Release 1. Lastly, topography maps were obtained by processing the STL
file.

Table 1. Test lists and parameter values in experiments.

D dsy

Test (cm) (mm) RxC S (cm) h (cm) Uu (m/s) u/u, Re t (h)
A 2 0.19 1x1 - 50 0.279 1.0 5580 2
Bl 2 0.19 5x5 10 50 0.104 0.37 2080 2
B2 2 0.19 5x5 10 50 0.118 0.42 2360 2
B3 2 0.19 5x5 10 50 0.167 0.60 3340 2
B4 2 0.19 5x5 10 50 0.223 0.80 4460 2
B5 2 0.19 5x5 10 50 0.279 1.0 5580 2

3. Results and Discussion

Since Test A was employed to be a comparative test for Tests B1-B5, its local scour results
will be discussed and compared with Test B5 later. The arrays of 5 x 5 pile groups were
tested with a series of different flow intensities in clear-water scour conditions. Under a
flow intensity of U /U, = 0.37 (Test B1), no sediment scour or deposit was found around the
piles. However, when the flow intensity increased to 0.42 (Test B2), very little scour holes and
sediment deposition were observed. Scour could hardly be seen around the front four rows of
piles, whereas a 0.05D scour depth was found in front of the fifth row of piles. The maximum
scour depths and sand dune heights behind the front three rows of piles were 0.05D-0.1D
and 0.1D, respectively. The very small scour holes behind these piles were not very close
to the rear pile, indicating that they were induced by the wake vortexes. Additionally, no
sediment deposit was observed at the rear piles in the fourth or fifth row. The two local scour
tests revealed that (i) the minimum threshold of flow intensity for local scour around the
pile groups was between 0.37 and 0.42; (ii) the wake vortexes were a little stronger than the
horseshoe vortexes in the front four rows of piles; (iii) vortex impinging occurred at the front
of the fifth rows of piles, enhancing the sediment transport rate. Herein, the threshold is
considered as the averaged values of Test Bl and Test B2, that is, 0.40.

When the flow intensity of U /U, was 0.60-1.0 (Test B3-Test B5), local scour phenom-
ena became prominent, as shown in Figures 3a—c and 4a—c. With flow intensity increasing,
the sizes of scour holes and the areas of bed elevation changes induced by wake vortexes
behind the fifth row of piles grew larger. The scanned topographies of Test B3-Test B5 are
presented in Figure 4a—c. No contraction scour occurred in any test, because the sand
bed was not found at spaces between these piles according to the photographs and bed
elevation profiles.

U /U, =0.60 U/U, =10

4, U/U, =080

(a) Test B3, (b) Test B (c) Test B5,

Figure 3. Photos shot of tests B3-B5 in the flume.
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Figure 4. Contours of topography of tests B3-B5.
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For U /U, = 0.60 (Test B3), sediment particles were deposited between the piles rather
than scoured by the current. From the first row to the fifth row, these deposit dune heights
changed little, from 0.40D to 0.64D (Figure 5a). Most of the maximum heights of the
sand dunes were about 0.60D. The sediment deposit characteristics in this test differed
significantly from those in Test B2. In Test B2, sediment particles were deposited behind
the piles in the front three rows, not the fifth row. It is known that the sediment particles
deposited were from the scour holes upstream. Sediment particles around the downstream
piles were supplied from the upstream. This led to additional sediment transport work
by the turbulent flow near the downstream piles. Despite this, the maximum height of
the sand dunes between these piles did not increase with the row number. This suggests
that there was enhanced turbulent energy between these downstream piles. The bed
elevation profiles of the first-third columns (Figure 5a) and the firstfifth rows (Figure 5b)
showed that the maximum scour depths were not always in front of the pile. For example,
the scour depth at the front pile of P24 was 0.46D (x/D = 4 in Figure 5a) smaller than
at the pile side (/D = —0.4 in Figure 5b). The bending of streamlines between P23 and
P24 and the reattachment of wake vortexes from P13 and P14 may have contributed to this
phenomenon [26,38]. Furthermore, the maximum scour depths did not present apparently
decreasing or increasing trends with the increasing row number. These results are rather
different from Liang [10] and Wang [33], in which the maximum scour depth decreased
with the row number because of the weakened turbulence intensities [25,32]. Seeing the
first column of profile y/D = —10 (Figures 2 and 5a), the square blue data show that the
maximum scour depth was at the front pile of P55 (0.71D) rather than at P15 (0.40D).
Moreover, in a few cases, the scour depths at the front piles were nearly identical to those
at the rear piles, such as P13, P23, P33, P15, and P45. Scour holes at front piles are typically
induced by horseshoe vortexes, while those at rear piles are caused by wake vortexes [8].
In clear-water scour conditions with single piles, the scour depth is usually larger at the
front pile than at the rear pile [8,21,22,39]. However, the strength of the horseshoe vortexes
at the front pile of P45 appears to be enhanced by the wake vortexes generated from the
upstream piles. In addition, scour depths at the front sides of piles are generally found to
be much larger than those at front piles, as seen in Figures 4a and 5b. The scour depths
around the piles in the first to fifth rows also present irregular data, as seen in Figure 5b.
For example, the scour hole slopes of piles in the first and fifth rows were not symmetric,
although the piles were arranged symmetrically about the piles of the third row (center
line with y/D = 0). The maximum scour depths at P11 and P15 were 0.52D and 0.92D,
respectively, while they were individually 0.69D and 0.88D at P12 and P14, as shown by
the blue data in Figure 5b. Although the initial sand bed was not very flat in accuracy, the
maximum error should not be larger than 0.2D, as the color bar in Figure 4a shows. Thus, it
cannot be considered the reason for these irregular symmetric distributions of scour holes.
In fact, the computational results of [25] showed similar irregular scouring characteristics
in2 x 2and 4 x 4 pile group cases. The irregular scour holes distribution along the central
line was caused by the biased flow patterns in paralleled piles, wake vortexes impinging,
and shear layer reattachment between the piles [26,38].

For the case of U/U. = 0.80 (Test B4), as seen in Figures 3b and 4b, scour depths,
scour hole sizes, and sand dune heights increased significantly. The sediment accumulation
area was concentrated in the vicinity of the last two rows of piles. Moreover, the heights
and extents of the sand dunes behind the fifth rows of piles were far larger than those
upstream piles. For instance, the heights of sand dunes between the first and the fifth
rows of piles were —0.2D-0.3D, whereas they were 1.2D-1.5D behind the piles in the fifth
row. In contrast to Test B3 (U /U, = 0.60), scour depth decreased gradually from the first
row of piles to the fifth row of piles (Figure 6a). The gaps between bed profiles of y/D
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= —10 (blue square data) and y/D = 0 (pink triangle data) seemed to become larger and
larger with increasing row number. Furthermore, scour hole slopes in each row presented
good symmetry regarding the third column (profile of y/D = 0), as seen in Figure 6b. The
maximum scour depths at the front piles and upstream sides were 1.55D (Figure 6a) and
1.52D (Figure 6b), respectively. Moreover, the maximum scour depths at other rows were
close to each other and did not vary much. For example, the maximum scour depths ranged
from 1.4D-1.6D in the first row (square blue data for x/D = 0), while they were 0.93D-1.1D
in the third row (pink triangle data for x/D = 10). Another apparent difference is that the
maximum scour depth around each pile was at front of the pile in Test B4 rather than at the
upstream corners as in Test B3. As scour depths at front piles are slightly larger than those
at upstream pile corners, the horseshoe vortexes are thought to play more important roles
in local scour processes.
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Figure 5. Bed elevation profiles of Test B3.
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Figure 6. Bed elevation profiles of Test B4.

When the flow velocity is equal to the threshold of flow velocity, i.e., U/U. = 1.0 (Test
B5), dramatic terrain changes occur in the vicinity of the pile groups, as seen in Figures 3¢
and 4c. Apart from the increased scour depths and larger sizes of the scour holes, the wide
wake-induced scour holes are clearly visible, distributed along the sides of the pile groups.
Furthermore, the sizes and depths of scour holes within 20 < x/D < 33 are even larger than
local scour holes around the piles. In contrast to Test B4 (Figures 3b and 4b), more and more
extensive secondary scour holes behind the sand dunes are found in Test B5 (Figures 3¢
and 4c) due to the stronger flow intensity. Global scour between piles is obviously seen in
Figure 3c, Figure 4c, and Figure 5a,b. The scour depths of global scour decrease gradually
from the upstream to downstream piles. Moreover, the closer the pile is to the inner side, the
smaller the global scour depth is. The minimum global scour depth is 0.25D according to
the color bar and topography of Test B5 in Figure 4c. The scour depths of P15, P25, and P35
at the front piles of the first column, as indicated by the blue square data in Figure 7a at the
profile of y/D = —10, appear to be almost identical. They are approximately 2.4D in depth.
This is also depicted in Figure 4c. These illustrate that the strength of the horseshoe vortexes
in front of these side piles was affected little by the piles’ blockage. Due to the blockage and
weakening of the front two rows of piles, scour depth at the front piles decreases gradually in
the last rows of the downstream piles. The maximum scour depths of P45 and P55 are 2.05D
and 1.95D, respectively. For the second (profile of /D = —5) and third (profile of y/D = 0)
columns, the maximum scour depths at the parallel front piles vary little. Furthermore, except
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for P34 and P33, scour depths at the rear piles of these two rows of piles are also very close to
each other. In addition, the crests of scour holes as well as the slopes between piles present
nearly the same values. Scour depths at the pile sides, which are thought to be induced by
the contracted streamlines, show a slight gap. This gap is particularly noticeable at the crests
of the scour holes between the second and third columns. As illustrated in Figure 7b, this
discrepancy becomes more evident when the row number exceeds 3. For instance, the pink
triangle data within —6 < x/D < 6 show that scour depths at P24 and P23 are 2.17D and
2.0D-2.03D, respectively. The crests of scour holes between P44 and P43 are 0.88D and 0.76D,
respectively. Similar local scour characteristics around piles in the second and third columns
can also be seen in Figure 6a (Test B4). Within a flow intensity of U /U, = 0.80-1.0, it probably
can be inferred that for pile groups with more than four columns, the local scour around the
paralleled piles, excluding those in the side columns, likely exhibits similar characteristics.
This includes consistent scour depths at both the front and rear piles as well as similar sizes of
the scour holes.
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Figure 7. Bed elevation profiles of Test B5.

To make a comprehensive comparison of the local scour around a single pile versus pile
groups, contours and temporal scour depths from Test A are employed. Additionally, the
bed elevation profile at y/D = 0 from Test A is presented. It should be noted that except for
the number of piles, all the conditions in Test A were the same as in Test B5. Its topography
and bed elevations profile are presented in Figure 8a,b, respectively. As seen in Figure 8b,
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scour depth at the rear pile is slightly smaller than at the front pile. The local scour hole
around the pile and sand dunes behind the pile present very typical and representative
characteristics of a single pile. The distance between the rear pile and the sand dunes is
about 4.0D. Thus, sediment particles of these sand dunes will be accumulated upstream of
the piles when the piles are in an array of groups. These situations are considered to occur
in Test B5 because the pile-to-pile space is 5D. Consequently, these accumulated sediment
particles in front of the downstream piles had to be transported by the turbulent flow. In
contrast, scour depths either at the front pile or at the rear pile (Figure 8b) are smaller than
those at piles in the front four rows in Test B5 (Figure 7a). The scour depths at front piles
of the first and second rows in Test B5 are about 0.4D larger than those in Test A. From
these comparisons, it can be concluded that local scour holes and sand dunes around piles
in an array of arranged piles present different characteristics than those of a local scour
test around a single pile. The comparisons of temporal scour depth differences will be
discussed in the following text.
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(b) Bed elevation changes along profile of y/D =0

Figure 8. Bed elevations of Test A.

To obtain the equilibrium scour depths, the temporal scour depths of P53 in Tests
B3-B5 were monitored. Time scale and the temporal maximum scour depth are written
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asds/D and t* = I‘gl]—//it, respectively, according the dimensionless analysis from Du [21].
As depicted in Figure 9, the square blue, circular pink, and triangular black data represent
the temporal scour depths from Tests B3, B4, and B5, respectively. These measurements
were taken at the front piles of P53, which is the pile located in the last row and third
column. It is known that the maximum scour depth evolutions of a single pile can be
divided into the initial, the developing, and the equilibrium scouring stages [12]. In the
initial scouring stage, scour depth increases extremely rapidly. In the developing scouring
stage, scour depth increases gradually with a decreased growth rate. In the equilibrium
scouring stage, scour depth remains at a constant value when the flow intensity is not larger
than 1.0. For Test B3 (U /U, = 0.60), the relative temporal scour depth of d; /D increased
very slowly. The initial and developing scouring stages were difficult to distinguish due
to the significantly smaller growth rate in the initial stage compared with the developing
stage. This contrasts with the typical three scouring stages observed in local scour processes
around a single pile. The evolution of temporal scour depths in this low flow intensity
are very different from those results reported in the literature, for example, Sheppard [14]
and Yao [20]. However, the equilibrium scouring stage can be seen when the time scale
of t*2 = ¢t/D surpassed 1.8 x 10°. The equilibrium scour depth tended to approach a
constant value of 0.47D. When the flow intensity was 0.80, the initial and equilibrium
scouring stages could be clearly seen, whereas a slight drop down of ds/D was found
within a very short time after the initial scouring stage, as shown in the circular pink data in
Figure 9. When the flow intensity was 1.0, the temporal scour depth of P53 in Test B5 was
the same as the typical three scouring stages of a single pile. Thus, the double exponential
equation, which was proposed by Sheppard [40] and modified by Du [21], was employed
to fit with the temporal scour depths of P53 in Test B5. The data were very well fitted with
its R? = 0.98. The equilibrium scour depth obtained from the fitted curve was 1.11D, while
the temporal scour depth at t*? = 2.5 x 10! was 1.12D. The local scour processes around
the downstream piles generally take more time because the scour holes around these piles
are supplied with the accumulated sediment particles from upstream scour holes. Thus,
the scouring durations needed to attain the equilibrium scour depths around the piles at
the last rows should be the longest. The temporal scour depths of P1 in Test A can illustrate
this point well. As seen in Figure 9, the solid triangle data present the typical three scouring
stages. The data are very well fitted, with R? = 0.99. The equilibrium scour depth is attained
within t*2 = 2.5 x 10'°, which is much shorter than that of the dotted curve of particles
3 in Test B5. Consequently, the final maximum scour depth in each local scour test can be
considered the equilibrium scour depth.

As discussed above, the maximum scour depths in all the tests are considered the
equilibrium scour depths. To study the effects of upstream piles and lateral piles on local
scour around the downstream piles and adjacent piles, respectively, the relative equilibrium
scour depths of ds./ D and the row number of Ry are drawn in Figure 10a—c.

The maximum and minimum scour depths are approximately 0.85D and 0.30D in the
case of Test B3 (U /U, = 0.60), respectively. The equilibrium scour depth at the first and fifth
column piles is slightly greater than that at the second and fourth columns, with the third
column in the middle exhibiting the smallest depth. Although the equilibrium scour depth
generally decreases with increasing U/ U,, the complex interplay of flow fields between
the piles results in asymmetric scour phenomena for symmetrically positioned piles in the
same row. For example, as shown in Figure 10a—c, except for P11, P15, P51, and P55, where
the scour depths are relatively close to each other, there are significant differences in scour
depths between other piles, such as P21 and P25. The maximum difference is between P41
and P45 and is 0.35D (0.78D-0.43D), representing an 81.4% discrepancy. A similar situation
is observed in the second and fourth column piles, particularly in the second and third rows
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with piles P21, P25, P31, and P35, as shown in Figure 10a—c. The equilibrium scour depth
of the third column piles exhibits more irregular variations, as indicated by the blue data in
Figure 10a—c. The maximum and minimum scour depths occur at the first row pile P13 and
the second row pile P23, with scour equilibrium depths of 0.68D and 0.31D, respectively.
Polynomial and linear fittings were performed on the scour equilibrium depths of the third
column piles P13, P23, P33, P43, and P53 at U /U, = 0.60, as shown by the solid and dashed
blue lines in Figure 10c. It can be observed that the scour equilibrium depth of the third
column piles fluctuates around an average value of 0.5D in Test B3.

2.5 —————————————————————————————
[ | Test U/U, Measured Fitted
I | B3 0.60 O Test U/U, Measured Fitted
[ | B4 08 O A 10 A
L [ BS 1.0 A - ]
2.0_ . N A A
1.5 F .
S
< A A
1.0 H — B -
L AT NTTATA
I PNAVASE
N
7 A 5 .o
i OO i
03 755? 000000 .
A
Lp
00 PR [T SR SN N SR T N S SN R S [T S SN R S
0.0 5.0x10°  1.0x10'"  1.5x10'" 2.0x10' 2.5x10'° 3.0x10"
t*2=gt2/D

Figure 9. Temporal scour depths of P1 in Test A and P53 in Tests B3-B5.
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Figure 10. Equilibrium scour depths of Tests B3-B5.

When U/ U, = 0.80, as shown by the black data points in Figure 10a—c, the equilibrium
scour depths of the piles from the first to the fifth column decrease approximately linearly
with the row number Ry. The equilibrium scour depths of the piles exhibit good symmetry,
with the maximum difference being 0.198D (1.01D-0.803D), which is 24.7% and is located
between the first column pile P15 and the fifth column pile P55. The scour depths of the
other piles are very close to each other. Compared with the condition at U /U, = 0.60, the
scour depths of the piles are significantly increased. Taking the second row, third column
pile P23 as an example, scour depth at U/U; = 0.80 is about three times larger than the
scour depth at U /U, = 0.60.
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As the flow intensity increases, at U /U, = 1.0 (Test B5), the equilibrium scour depths
of the piles significantly increase, as shown by the red data in Figure 10a—c. The relationship
between the first and fifth column piles of d; /D and Ry exhibits a nonlinear decreasing
trend. When Ry < 3, the value of ds;/D basically remains constant at 2.35. After that,
it decreases to 1.86 at Ry = 4 and Ry = 5. Observing from the first to the fifth column
piles, it can be seen that the equilibrium scour depths of the second row piles differ more
significantly from those of the first row piles. The maximum and minimum scour depths
appear in the first and fifth rows, respectively, with values of 2.5D and 1.7D.

Knowing that the Re in Tests B3-B5 are 3340, 4460, and 5580, respectively, the flow patterns
around these piles might be drawn as [1] suggested. As shown in Figure 11, Re= 2500 and
Re = 3900-5000 individually for Figure 11a,b [1], the dotted lines in Figure 11 were found to
coexist with the solid lines. However, vortexes represented by the solid lines dominated the
flow. From this view, the differences in local scour holes around the piles in the first row in
Figure 4 and in scour depths at P11 and P15 (Figure 10a—) may be caused by the asymmetric
vortexes shown in Figure 11a,b. These influences were found in most of the piles in Test B3 (the
square blue data in Figure 11a,b), in which the maximum scour depths were at the piles” sides,
as shown in Figure 4a. For the maximum scour depths at the side positions, specifically the first
and fifth columns, the square blue data in Figure 10a show a decreasing trend. They range from
0.76D to 0.91D and eventually converge to an average value of 0.62D for the two paralleled piles
in each row. However, adjacent piles within the pile groups presented different characteristics,
as shown by the square blue data presented in Figure 10b. In the second and fourth columns,
dse/ D decreased gradually from 0.68D-0.88D in the first row to 0.42D-0.72D in the fifth row.
For the piles in the central line of the third column, as presented in Figure 10c, the maximum
scour depths changed down and up dynamically around a nearly constant value of 0.5D. In
contrast to the other columns, each pile in the third column was surrounded by two paralleled
piles in each row. The maximum scour depth of P13, which was positioned at the first row and
third column, was 0.68D.

oRNoRNON © @5 @,
@O O T .00
OFRNORNOT, @ @ 2@

@a) S/ D=3 Re=2500 () S/ D=3 Re=3900-5000
Figure 11. Diagrams of flow patterns around the piles [1].

When the flow intensity is large enough to generate strong horseshoe vortexes, the
influences of asymmetric flow patterns around piles in the first row weakens significantly.
These can be indicated from the results of the larger flow intensities of 0.80 and 1.0. The
black circular and pink triangular data in Figure 10a,b present that the maximum scour
depths of piles in symmetric positions are very close to each other. Except for the maximum
scour depths in the first and fifth columns in Test B5 (data of U /U, = 1.0 in Figure 10a),
they tend to decrease linearly in the other columns in Tests B4 and B5, as shown in
Figure 10a—c. Taking the third columns of Tests B3-B5 as examples, the R? of the three
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linearly fitted curves are 0.03, 0.94, and 0.91, respectively. Moreover, the maximum scour
depths for the piles in parallel arrangement within each row of the second, third, and
fourth columns exhibit minimal variation. This suggests that adjacent piles in the same
row have a negligible impact on the maximum scour depth of an individual pile, despite
slight differences in the scour holes and the accumulation of sediment around them.

4. Conclusions

This paper experimentally investigated local scour around an array of 5 x 5 pile
groups in clear-water scour conditions. To distinguish local scour around pile groups in an
overall scour hole, the pile-to-pile space was arranged as five times the diameter of a single
pile. Flow intensities ranging from 0.37 to 1.0 were tested. The main conclusions, which
will give some new perspectives to the future studies in local scour around pile groups, are
as follows:

(1) The minimum threshold flow intensity below which local scour around the pile groups
would not occur was about 0.40, while the critical flow velocity in the approaching
flow sand bed was 2.5 times this value. When the flow intensity increased slightly
to 0.42, very small scour holes with scour depths ranging from 0.05 to 0.1 times a
single pile diameter were found. The scour holes induced by horseshoe vortexes were
observed exclusively in front of the piles in the fifth row, whereas scour holes caused
by wake vortexes were detected behind all the piles.

(2) The temporal evolution of scour depths for downstream piles in an array differed
significantly from those of a single pile, depending on the flow intensity values. The
temporal scour depths in flow intensities of 0.60 presented very slow development in
the initial and developing scouring stages, while they increased rapidly in the initial
scouring stage for flow intensities of 0.80 and 1.0. The maximum scour depth of each
pile can be considered as the equilibrium scour depth within a nondimensional square
time scale of 2.5 x 10'°.

(3) The differences in scour holes and depths around piles in the flow intensity case
of 0.60 were likely due to asymmetric vortexes. Adjacent piles showed varying
trends, with depths in the inner arranged columns gradually decreasing. Downstream
piles flanked by two adjacent piles exhibited scour depths that fluctuated around
a relatively stable value. Within flow intensity of 0.80-1.0, excluding the piles in
the side columns, the local scour surrounding the parallel piles exhibited similar
characteristics, such as scour depths at both the front and rear piles, and sizes of scour
holes, when the array of pile groups surpassed four columns.
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Abstract: Monopile foundations are the most widely used offshore wind turbine foundations. The
experiments were conducted to investigate the influencing factors of local scour around the monopile
under the action of wave—current-vibration. The study analyzed the characteristics of local scour,
including the maximum scour depth, the development of scour hole shape, and the shape of the scour
hole profile. The dimensionless influencing factors (vibration intensity, Froude number, Keulegan-—
Carpenter number, and combined wave—current parameter) are subsequently analyzed. An empirical
formula is developed to predict the local scour depth of a monopile under the combined influence of
wave—current-vibration. The formula provides a theoretical underpinning for engineering design.

Keywords: wave—current—vibration interaction; offshore wind turbine; monopile; local scour;
empirical formula

1. Introduction

In recent years, the safety and reliability of wind turbine foundations has become
a research priority due to the large-scale construction of offshore wind turbines. The
environment for offshore wind turbine foundations is significantly harsher than its onshore
counterpart. The challenging marine environment poses significant obstacles to the design
and construction of offshore wind turbine foundations, and results in severe local scour
around these structures, ultimately leading to instability and failure. As a result, local
scour remains a long-standing issue in marine science research. The offshore wind turbine
foundation bears both the complex coupling effect of wind, wave, and current, as well as
the dynamic and static loads generated by the upper rotating blades, transferring them
to the seabed soil. This transfer has a significant impact on the soil properties around the
foundation [1]. Additionally, strong sediment movement caused by waves and currents
is a further factor leading to local scour. According to Yu [2], offshore wind turbines
experience between 10° and 108 vibration loads during their service life. These loads are
primarily caused by strong winds, waves, and rotating blades. Long-term vibrations can
cause particles to migrate and soil to become denser around the monopile [3]. This can
not only lead to changes in mechanical properties, like soil stiffness, that can weaken the
pile foundation’s bearing capacity but also affect how the bed sediment moves in the eddy
current environment and further affects local scouring around the pile foundation [4].
Offshore wind turbine foundations come in various types, including monopile, gravity,
mono-caisson, tripod-pile/caisson, jacket-pile/caisson, high-rise pile cap, and others [5].
Monopile foundations are particularly common in offshore wind turbine construction due
to their excellent applicability, simple structure, high bearing capacity, and low construction
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cost [6,7]. Monopile foundations have a good application prospect for offshore wind power,
although many scholars have studied the design and protection of offshore wind power
foundations [8-11]. However, research on the local scouring characteristics of monopile
foundations under the joint action of many factors is still far from enough; especially, the
sediment movement rules around the monopile considering the superimposed transverse
vibration load is still not clear. And there are fewer studies on the local scour depth of
monopile foundations under the joint action of multiple dynamics.

Firstly, offshore wind turbine pile foundations are unavoidably influenced by water
currents and waves, inducing alterations in the surrounding conditions of the original wind
turbine pile. As a result, the exposure of the offshore generator foundation may imperil
the safety of the offshore wind turbine. Currently, numerous scholars have extensively
researched local scour of pile foundations caused by waves and currents. Sumer [12]
demonstrated that the depth of scouring under wave action changes with the Shields
number, and when the Shields number is greater than the critical value causing sediment
suspension on the pile side, the scour depth becomes independent of the Shields number.
Qi and Gao [13] performed a local scour and pore pressure response test on a large-
diameter monopile under the combined action of wave and current, using a wave—current
flume. The test findings indicate that the combination of waves and current enhances
the formation of local scour around individual piles. The effect on the equilibrium scour
depth is significant, and it becomes more apparent under clear water scour. Zhang [14] also
carried out experiments under three conditions: current-only, wave-only, and combined
wave—current. The study’s results indicate that scour depth is greater under combined
wave—current conditions than under current-only conditions, and that this increases with
flow velocity and decreasing water depth. Gautam [15] discovered that equilibrium scour
depth did not notably differ for scour under waves alone, waves with weak currents,
and waves with mild currents when developed in a low KC number environment. The
equilibrium scour depth significantly increases when waves are combined with strong
currents. For large KC numbers, the equilibrium scour depth is found to have increased
with an increase in KC number as well as the combined wave—current parameter (Ucy).

Secondly, the offshore wind turbine pile foundation is subjected to numerous lateral
vibration and other lateral loads from external sources, leading to reduced soil stiffness
surrounding the foundation and subsequent local scour of the pile foundation. Therefore,
the current research focus should be on the settlement and convection characteristics
of sand surrounding the pile foundation under complex loading and traditional scour
research’s hydrodynamic loads. Shi [16] used numerical methods to study the unsteady
flow around a monopile under the influence of waves and vibrations. The calculation
results show that monopile vibrations cause a great disturbance to the unsteady flow
around the pile. Yu [17] conducted an experimental investigation of a vibrating monopile
inside a cohesionless saturated sand bed. The experimental results indicate that the lower
the vibration frequency, the more prominent is the delayed attenuation process during
the oscillation cycle. Additionally, the pore pressure amplitude decay rate increases with
increasing frequency as the depth of the seabed grows, and the pile side pore pressure
shows a trend of increasing and then decreasing with frequency.

Under the influence of vibration load, the soil surrounding the monopile undergoes
compaction and densification, causing a change in the soil stiffness [18,19]. Currently, few
studies have investigated the effects of vibration load on the scour process of monopiles.
However, the local scour depth of the pile’s foundation is closely associated with the
cumulative settlement resulting from vibration load. Therefore, it is crucial to investigate
the principles of scour growth around a monopile experiencing vibration loading. Al-
Hammadi and Simons [20] analyzed the local scour process of pile foundations under
vibration loading. Their research concludes that the scour hole is broader and less deep
when compared to the equilibrium scour hole without vibration loading. Initially, the
compaction of the sand bed results in a decrease in the scour rate during the early stages of
scour, although this does not impact the equilibrium scour depth. The alternate application
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of water current and vibration load significantly increases the local scour depth and width
of the monopile. Guan [21] conducted a study on the effects of lateral vibration loads on
the local scour of monopiles. The research found that vibration loads can increase the initial
scour velocity, mainly due to soil compaction and pile-soil interactions. Furthermore, rais-
ing the frequency and amplitude of vibration can lead to decreased equilibrium scour depth
and slope of the scour hole. These effects are attributed to sediment ratchet convection
occurring on the surface of the scour hole. Qin [22] investigated how monopile vibration,
water flow, and intermittent operation of OWTs (offshore wind turbines) work together
to affect the scour around the monopile foundation. The results show that coupling of a
large-amplitude monopile vibration and water flow will exacerbate the scour, while the
coupling of a small-amplitude monopile vibration and water flow will retard the scour.

The research results above demonstrate that physical model testing on vibration
mainly focuses on the settlement and convective motion characteristics of sand around a
monopile under pure vibration, and the law of tracking the trajectory of sediment particles
is studied through numerical simulation tests. For the vibration-induced scour test, a
local scour test of a monopile under the influence of current and vibration was conducted,
providing reference significance for studying the local scour of a monopile under the
influence of wave—current-vibration. However, very few studies [23] have been conducted
on the existing local scour of a monopile under the influence of wave—current-vibration
in a marine environment. Therefore, it is of great significance to carry out physical model
test research on the local scour of a monopile under the combined action of wave-current-
vibration by arranging a vibration loading device in a wave—current flume, in order to
explore the local scour characteristics and scour depth development law of monopiles, and
to fit the empirical formula for predicting the maximum scour depth of monopiles.

In summary, this study uses a wave flume to test the local scour characteristics of a
monopile foundation subjected to combined wave—current-vibration. Additionally, a gen-
eralized test is conducted to investigate the coupling mechanism between sand movement
deformation and wave—current-structure—seabed action under vibration loading. Based
on the test data, an empirical formula has been developed to predict the maximum scour
depth. This formula offers a theoretical foundation for the design and safeguarding of
monopile structures in actual complex environments.

2. Experimental Research Program
2.1. Experimental Layout

This experiment was carried out in the wave—current flume of the Hydraulic Ex-
periment Center of Changsha University of Science and Technology. The test arrange-
ment is shown in Figure 1. The length x width x height of the wave—current flume is
60m x 1.5m x 1.8 m. The flume is emptied by arranging the slope section and the flat
slope section. The length x width x height of the flat slope sectionis 24 m x 1.5m x 0.6 m,
the length x width x height of the slope section is 6 m x 1.5 m x 0.6 m, the slope foot is
5.71°, and the sand in the sand trough experimental area with length x width x height of
45m x 1.5 m x 0.6 m is reserved between the flat slope sections. Non-cohesive sand with
a median particle size of dsp = 0.334 mm, a relative density p = 2.65 x 103 kg/m?, and a
unit weight of ¢ = 14.58 KN/m? is laid in the sand trough test area. The model circular
piles with a diameter of D = 0.09 m are buried between the sand troughs. The model piles
are connected with the exciter to carry out cyclic vibration loading. One end of the flume is
equipped with a push plate wave-making system and a cyclic current-making system. At
the other end, a slope-type energy dissipation network is added to reduce the influence
of wave reflection on the test, so as to ensure that the wave-making and current-making
system can work for a long time and maintain the required wave and current types. The
ratio of the distance between the side walls of the flume to the diameter of the model pile is
70.55/8.9 ~ 7.927 > 3, which is in line with the wave model test specification. Referring to
the suggestion of Whitehouse [24], the ratio of the width of the flume to the diameter of
the model pile should be greater than 6 in the clear water scour, and the ratio of this test
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is 1.5/0.09 ~ 16.85 > 6. Therefore, the side wall effect can be ignored in this test. Several
pre-experiments were carried out before the formal test to observe the test results to ensure
the stable operation of the wave-making and current-making system. The working water
depth of this test is 0.5 m, which is greater than 4 times the pile diameter D, and the
influence of water depth on local scour can be ignored [25]. The experimental wave height
data were collected by a WG-50 wave height meter (RBR Ltd., Ottawa, ON, Canada). A
three-dimensional Doppler profile current meter (Nortek AS, Oslo, Norway) was used to
collect velocity data. A ULS-100 terrain scanner (2G Robotics Inc., Waterloo, ON, Canada)
is used to collect the local scour terrain data, and the three-dimensional terrain scanner
can be translated and fixed through the multi-functional measuring frame to accurately
collect the terrain data. The vibration load of the monopile is loaded by an HEV-500 high
energy vibrator (Nanjing Foneng Technology Industry Co. Ltd., Nanjing, China), and a
D050 strain displacement sensor from Yangzhou Jingming (Yangzhou Jingming Testing
Technology Co. Ltd., Yangzhou, China) is installed to collect and calibrate the frequency
and amplitude of pile movement. A scale is attached around the pile body to record the
development of erosion depth in real time.
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Figure 1. Experimental layout diagram.

In this paper, the wave-making system is calibrated by the wave height meter before
the start of the test to ensure that the waves produced by the computer during the test
are consistent with the requirements, and it is convenient to collect the wave height data
during the test. During the test, a total of six wave height meters were arranged to collect
the incident wave height and the wave height change around the pile.

2.2. Key Parameters of the Experimental

The main parameters such as vibration frequency f,, amplitude Ay, wave height H,
wave period T, and flow velocity U, required for the test are mainly considered and selected
from the following aspects: (1) All the above parameters are within the normal working
range of the test equipment. (2) Because an offshore wind turbine is subjected to complex
environmental loads, these environmental loads have the characteristics of low frequency.
When the inclination angle of the offshore wind turbine pile exceeds 0.5°, the offshore
wind turbine will not be able to work normally. The selected test vibration frequency and
amplitude should be low frequency and low amplitude. Based on the above principles,
the vibration frequency f, = 3,6,9 Hz and the amplitude A, = 2, 4, 6 mm are determined.
The amplitude reference position is the horizontal displacement distance at the loading
point of the pile top exciter. (3) Before the test, the important parameters such as the Froude
number Fr, KC number, U, number, and Shields number 6 of each wave—flow condition
are calculated, and it is confirmed that they are within a reasonable range. In order to
make the difference between each working condition obvious and facilitate data processing
and analysis, the wave height H = 5.4, 8.7, 11.2, 8.3, 9.1 cm, the wave period T =1, 1.3,
1.6 s, in order to prevent breaking during wave propagation; all wave parameters meet
the following requirements of Equation (1). Moreover, the flow velocity of the reference
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point at 1D from the bed surface under the flow condition is U, = 0.213 m/s. (4) Since the
construction environment of offshore wind turbines is an offshore area, the water depth is
much larger than the pile diameter of offshore wind turbines. Therefore, the water depth
of the test is selected as a fixed value 1 = 50 cm, which is similar to the actual environment
of offshore wind turbines.

H/L < 0.142tanh(kh), (1)

In the formula: H is the wave height; I is the water depth; L is the wavelength; k is the
wave number.

2.3. Experimental Scheme

The test is an experimental study on the local scour characteristics of a monopile under
the combined action of wave—flow—vibration. The local scour of a monopile under the action
of wave—flow is a comparative test of local scour of a monopile under the combined action
of wave—flow—vibration. The test has a total of five groups, and the test duration is 3.5 h.
The local scour test of a monopile under the combined action of wave-current—vibration is
the main research objective of this paper, which is divided into the following two parts: one
group of local scour tests of the monopile under the action of current—vibration, 25 groups
of local scour tests of the monopile under the action of wave—current—vibration. Before
the start of the test, the flow velocity, wave height, wave period, vibration frequency and
amplitude were calibrated, and the calibration files of each working condition were saved
to control the exciter, wave-making, and flow-making system.

During the test, the development of scour depth was recorded by reading the scale
around the pile and the critical scale of the sand bed. The scale was read every 1 min at
10 min before the start, every 5 min at 10 min~30 min, every 10 min at 30 min~120 min,
every 20 min at 120 min~210 min, and every 30 min after 210 min. After the completion of
the test and at the characteristic time points, shading cloth is used to cover the treatment,
and then the underwater terrain scanner is used to scan and collect the sand bed terrain.
Each scanning position is kept in the same position to ensure that it will not affect the
scanning results. Finally, the required terrain is obtained by processing.

2.3.1. Wave—Current Test Conditions

Table 1 is the wave parameter table, and Table 2 is the working conditions table of
the local scour test of a monopile under the combined action of wave and current. The
wave—current tests were carried out with five wave heights, three wave periods, one flow
rate, a total of six working conditions, including one group of pure flow conditions and five
groups of wave—current conditions. The parameters in the table are obtained as follows:

Table 1. Table of wave parameters.

Working Wave Height Wave Period

Condition H/em T/s ke Uaom 0 0/0.

1 5.4 1.3 1.07 0.074 0.012 0.321

2 8.7 1.3 1.78 0.123 0.024 0.639

3 11.2 1.3 2.23 0.155 0.035 0.930

4 8.3 1.6 2.45 0.138 0.027 0.724

5 9.1 1 0.96 0.087 0.014 0.382

Table 2. Wave—current test conditions table.
Working Incidence Velocity = Wave Height Wave Period

Condition U./m-s~1 H/cm T/s ke Uew Fr Slem  S/D 0 0/6.
1 0.213 0 0 0 0 0 75 0.83 0.014 0.38
2 0.213 5.4 1.3 1.07 0.74 0.28 7.7 0.86  0.026 0.70
3 0.213 8.7 1.3 1.78 0.63 0.31 7.3 0.81  0.038 1.02
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Table 2. Cont.

Working Incidence Velocity = Wave Height =~ Wave Period

Condition U,/m-s—1 H/cm T/s kc Uew Fr Slem  S/D 0 0/6.
4 0.213 11.2 1.3 2.23 0.58 0.33 72 0.8 0.049 1.31
5 0.213 8.3 1.6 245 0.61 0.32 7.5 0.83  0.041 1.1
6 0.213 9.1 1 0.96 0.71 0.29 7.7 086 0.028 0.96

U, is the reference point velocity at 9 cm from the sand bed surface (1D position)
under the action of water flow, Uy, is the maximum velocity of the reference point at
9 cm from the sand bed surface (1D position) under the action of wave, S is the maximum
measured scour depth on the side of the monopile, and S/D is the relative scour depth. In
the table, KC, Uy, and Fr are dimensionless parameters. Among them, the Froude number
Fr is one of the important parameters affecting the local scour of the monopile foundation.
The KC number is one of the important parameters describing the local scour process of
pile foundation under wave action, which shows the relative ratio relationship between
viscous force and inertial force. U, is a dimensionless number reflecting the relative
strength of water flow velocity and wave flow velocity under the combined action of wave
and current. The calculation method of each parameter is as follows: KC = Uy, T/D,
Ue = U/ (Ue + Uwm), Fr = U/ +/gD. U, is the 1/4 period water particle velocity at
the reference point under the combined action of wave and current, and its calculation
formula is:

1 4 14 _omt 2

U, = mua = T/O (uc + umeIH(T))dt =U.+ ;[uwm ’ (2)

0 is the Shields number, which reflects the ratio of the force of water flow to the

resistance of bed sand to movement. 8., is the critical Shields number, which is the starting

parameter of sediment. It can distinguish between clear water erosion and mobile bed
erosion, and its calculation formula is:

UZ

f
g—_ S 3
g(ps/pw—1)dsg ®)
b= — 03 0.055[1 — exp(—0.02D,)] @)
= 1+12D, A

In the calculation formula, Uy is the maximum frictional velocity at the reference
point, and D~ is defined as the dimensionless sediment particle size, which is defined

as D, = dso[(s — 1)g/v?] 1/3, where s is the sand—-water density ratio, v is the kinematic
viscosity coefficient, and ds is the median particle size. The critical Shields number under
the wave—current and wave action conditions of this test is calculated by Equation (4).

The wave—current test conditions in Table 2 include both clear water erosion and
mobile bed erosion. When 6/6, < 1, only the local sediment of the monopile moves, and
this condition is clear water erosion. When 6/6c > 1, the sand bed indicates that the sediment
is generally starting to move, and this condition is the mobile bed erosion.

2.3.2. Wave-Current-Vibration Test Conditions

Table 3 is the working conditions table of multi-stage vibration and wave—current
load alternating development, and Table 4 is the working conditions table of monopile
local scour tests under the combined action of wave—current-vibration. The wave—current-
vibration tests carried out one group of local brush tests of a monopile under the combined
action of current and vibration, 25 groups of local scour tests of a monopile under the
combined action of wave-current-vibration, and two groups of multi-stage vibration and
wave—current load alternating development test conditions, a total of 28 groups of test
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conditions. This test condition explores the local scour law of monopiles under wave-
current-vibration, and provides data for the fitting formula of local scour depth of a
monopile under wave-current—vibration.

Table 3. Multi-stage vibration and wave—current load alternating development conditions.

Working Incidence Velocity Vibration Frequency Amplitude Wave Height Wave Period
Condition U./m-s—1 fol/Hz A,/mm H/cm Tls

1 0.213 6 4 0 0

2 0.213 5 5 8.7 1.3

Table 4. Wave—current—vibration test conditions.

Working Incidence Velocity Vibration Frequency = Amplitude =~ Wave Height Wave Period S/em S/D

Condition U./m-s—1 fo/Hz Ap/mm H/cm T/s
1 0.213 6 4 0 0 41 0.456
2 0.213 3 4 54 1.3 54 0.6
3 0.213 6 4 5.4 1.3 4.5 0.5
4 0.213 9 4 5.4 1.3 41 0.456
5 0.213 6 2 54 1.3 44 0.489
6 0.213 6 6 5.4 1.3 32 0.356
7 0.213 3 4 8.7 1.3 5.1 0.567
8 0.213 6 4 8.7 1.3 4.6 0.589
9 0.213 9 4 8.7 1.3 4 0.444
10 0.213 6 2 8.7 1.3 4.9 0.544
11 0.213 6 6 8.7 1.3 44 0.489
12 0.213 3 4 11.2 1.3 6.3 0.7
13 0.213 6 4 11.2 1.3 6 0.667
14 0.213 9 4 11.2 1.3 5.75 0.689
15 0.213 6 2 11.2 1.3 6.85 0.761
16 0.213 6 6 11.2 1.3 5 0.556
17 0.213 3 4 8.3 1.6 593 0.659
18 0.213 6 4 8.3 1.6 4.6 0.511
19 0.213 9 4 8.3 1.6 42 0.467
20 0.213 6 2 8.3 1.6 5.7 0.633
21 0.213 6 6 8.3 1.6 4.4 0.489
22 0.213 3 4 9.1 1 5.8 0.644
23 0.213 6 4 9.1 1 47 0.522
24 0.213 9 4 9.1 1 4 0.444
25 0.213 6 2 9.1 1 52 0.578
26 0.213 6 6 9.1 1 41 0.456

3. Study on Scour Characteristics around a Monopile under
Wave—Current-Vibration Interaction

3.1. The Variation Law of Wave Height and Reference Point Velocity

The regular wave conditions used in the test are as follows: when the wave period is
1.3 s, the wave heights are 5.4 cm, 8.7 cm, and 11.2 cm, respectively; when the wave period
is 1.6 s, the wave height is 8.3 cm; when the wave period is 1 s, the wave height is 9.1 cm.
The undisturbed flow velocity at the distance of 1D (9 cm) from the bed surface is taken as
the reference point velocity [13]. The horizontal velocity at this reference point represents
the velocity of the water near the bottom. The measured velocity at the reference point
of each working condition of the wave is: 0.074 m/s, 0.123 m/s, 0.155 m/s, 0.138 m/s,
0.087 m/s. The pure flow only uses one velocity, and the measured velocity at the reference
point is 0.213 m/s. In the test, an ADV current meter is used to measure the flow velocity
of the reference point, and the contact wave height meter is used to measure the wave
height. The pre-experiment is carried out before the test, and it is determined that the
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wave-making system and the current-making system can stabilize the wave-making and
current-making for a long time to meet the accuracy required for the test.

3.1.1. The Variation Law of Velocity and Wave Height at the Reference Point under
Wave Action

e  Water particle trajectory at the reference point;

The small amplitude wave theory holds that the trajectory of water particles at each
position is an ellipse under finite water depth, and its long half-axis is defined as 2 = Acos hk
(Zo + h)/sinhkh. The short half-axis is defined as b = Asinhk(Zy + h)/sinhkh, A is the
amplitude of the water point, and the long and short half-axes of the water point trajectory
gradually decrease from the water surface to the bed surface. Therefore, the parameters of
the water particle trajectory at the reference point of each working condition of the wave in
this experiment are shown in Table 5.

Table 5. Parameter table of water particle trajectory at the reference point.

Wave Period Wave Height Long Half-Axis = Short Half-Axis Moving
T/s H/cm alem b/lem Trajectory
1.3 5.4 1.530 0.367 ellipse
1.3 8.7 2.468 0.591 ellipse
1.3 11.2 3.174 0.761 ellipse
1.6 8.3 3.496 0.635 ellipse
1 9.1 1.241 0.443 ellipse

e  Wave height curve and horizontal velocity change at the reference point;

The free surface curve of the pure wave under various working conditions is shown
in Figure 2 below. It can be seen from the figure that the wave crest, wave period, wave
trough, and other forms are relatively regular under the wave conditions used in the test.
Because the size of the wave flume used in the test is large, the pile diameter is relatively
small, and the reflection of the wave is less. Therefore, after a long time of wave loading,
the waveform and parameters can still be maintained well, so that the test can carry out a
long time of wave loading.
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Figure 2. Free surface curve of pure wave condition.

The horizontal velocity at the reference point of each working condition under the
action of waves is shown in Figure 3. It can be seen from the diagram that the phase of the
horizontal velocity at the reference point is the same as that of the free surface curve, the
velocity changes periodically, the peak velocity is the same as the trough velocity, and the
direction is opposite. The trajectory of the water particle is elliptical, which conforms to the
small amplitude wave theory. Figure 4 shows the comparison between the calculated value
and the theoretical value of the wave reference point flow velocity. It can be seen from the
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figure that the theoretical value of the test flow velocity is relatively close to the calculated
value, and the test conditions meet the requirements.
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Figure 3. The horizontal velocity at the reference point of wave condition.
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Figure 4. The calculated value of wave reference point velocity is compared with the theoretical value.

3.1.2. The Variation Law of Velocity and Wave Height at the Reference Point under the
Action of Wave-Current

The free surface curve under various working conditions of the wave—current is shown
in Figure 5 below. It can be seen from the diagram that after the wave superposition, for
the free surface curve, compared with the pure wave under the same working condition,
the peak and trough are obviously flatter, the wave height is reduced, and the wave period
is increased, but the waveform can still be maintained well, so the wave—current test can be
loaded for a long time.
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Figure 5. Free surface curve of wave—current condition.
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The change of horizontal velocity at the reference point under various working condi-
tions of wave—flow is shown in Figure 6. Comparing Figure 5 with Figure 6, it can be seen
that the horizontal velocity at the reference point is the same as the phase of the free surface
curve under the combined action of waves. The maximum horizontal velocity in the figure
reaches 0.357 m/s, and the minimum velocity is 0.052 m/s. Because the flow velocity is
0.213 m/s, which is much larger than the wave horizontal velocity, there is no reverse
velocity, and the peak velocity and the trough velocity are symmetrically distributed along
the flow velocity of 0.213 m/s. By adding the flow velocity at the reference point to the
flow velocity, it can be found that the wave—current velocity is not a simple linear addition
of the flow velocity under the action of water flow and waves, which is consistent with
the phenomenon found by Qi [13]. The superposition of water flow on the wave action
will increase the size and strength of the horseshoe vortex around the pile, and reduce the
critical KC number of the horseshoe vortex, so that the horseshoe vortex also exists at a
smaller KC number, and is accompanied by upward pore water pressure generated by
the trough, which makes the initial transport of sediment easier, and ultimately affects the
scouring process around the pile.
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Figure 6. The horizontal flow velocity at each reference point in the wave—flow condition.

3.2. Study on the Development of the Local Scour Depth of a Monopile under the Combined Action
of Wave—Current-Vibration

Due to the difference in wave height and wave period between the test conditions,
the hydrodynamic characteristics around the monopile are different. The difference in
vibration frequency and amplitude leads to a difference in sediment particle movement
around the monopile, which leads to the great difference in the scouring process. The most
obvious difference is in the development process of local scour depth. The change trend of
local scour depth with time is a gradual process, which is one of the important indexes to
reflect the scour development characteristics of a monopile under certain flow conditions
and vibration loads. Before the test, a scale is pasted on the side wall of the monopile to
facilitate the reading of the scour depth. During the test, the scale is read according to
the plan, and the scale data are statistically processed after the test to obtain the erosion
duration development curve. In this section, the influence of vibration parameters on
local scour depth under different wave—current conditions is analyzed, and the difference
between clear water scour and live-bed scour is compared. The development characteristics
of local scour depth under wave—current-vibration are analyzed in detail.
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3.2.1. The Influence of Vibration Frequency on the Duration of Scour Depth Development

Figure 7 is the local scour time curve of the monopile caused by different vibration
frequencies under the action of wave—current-vibration. It can be clearly seen from the
diagram that the local scour development model of the monopile under different vibration
frequencies can also be divided into a rapid development stage, a stable development
stage, and a balanced development stage. Under the same wave—current conditions, the
equilibrium scour depth and scour rate of the monopile are the largest when the vibration
frequency is small, reaching 0.66D at t = 210 min. The scour depth under the vibration load
of feay is 0.511D, and the scour depth under the vibration load of foay is 0.467D, while the
final scour depth of pure wave—current without vibration load is 0.833D, which indicates
that the vibration load will reduce the quasi-equilibrium scour depth, and with the increase
in vibration frequency, the quasi-equilibrium scour depth will gradually decrease. This is
because the increase in vibration frequency will increase the backfill efficiency of the sand
bed around the monopile, resulting in a decrease in the quasi-balanced scour depth [23].
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Figure 7. Effect of vibration frequency on scour duration.

3.2.2. The Influence of Amplitude on the Duration of Scour Depth Development

Figure 8 is the local scour time curve of the monopile caused by different amplitudes
under the action of wave—current—vibration. It can be clearly seen from the figure that
the influence of amplitude on the scour development curve is similar to that of vibration
frequency. As the vibration frequency increases, the quasi-equilibrium scour depth de-
creases. This is because the increase in the amplitude will increase the influence of the sand
bed around the monopile, which will increase the backfill efficiency of the scour hole and
reduce the quasi-equilibrium scour depth [23].
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Figure 8. Effect of amplitude on scour duration.
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3.3. Development Process and Morphological Characteristics of the Scour Hole

The exploration of the development law of local scour holes changing with time
under the combined action of wave—current-vibration is an important part of studying
the scour mechanism. In this paper, through the scour test under the action of convection-
vibration and the scour test under the action of wave—current—vibration, t = 20 min, 60 min,
210 min, and 450 min are selected as typical moments. At typical moments, the topographic
data are scanned by the underwater topographic scanner, and the topographic map is
obtained after processing. The development process of the scour hole and the shape of
the scour hole are qualitatively described through the topographic map, so as to obtain
the characteristics of the local scour development process of the monopile under the
action of current—vibration and wave—current-vibration. Taking U, = 0.213 m/s, f, = 6 Hz,
Ay =4 mm (working condition 1 in Table 3), and U, =0.213m/s, H=8.7cm, T=13s,f, =6
Hz, Ay = 4 mm (working condition 8 in Table 4) as examples, the development process and
morphological characteristics of local scour of the monopile under convection—vibration
and wave—current—vibration are analyzed, respectively.

In the process of local scour of a monopile under wave-current load, horseshoe vortex,
and descending flow are the main factors causing local scour around the pile. It can be
seen from Figure 9 below that under the action of pure flow, the forward water flow moves
to the front of the pile. Under the obstruction of the pile, the velocity potential energy
of the water flow is transformed into pressure potential energy, and the flow velocity in
the vertical direction of the water flow presents a logarithmic distribution. The resulting
pressure gradient also shows a near-logarithmic distribution with a large pressure potential
energy on the upper part of the monopile and a small pressure potential energy on the
lower part. Under the action of this pressure difference, a downward flow is formed.
When the downward flow passes through the monopile, the flow section decreases due
to the existence of the monopile, and the flow will accelerate to bypass the monopile. The
downward flow will touch the bottom in front of the pile, accompanied by the movement of
the flow, forming a circular horseshoe vortex, rotating around the bottom of the monopile,
carrying a large amount of sediment to the downstream movement. The flow field structure
around the monopile under the action of wave and current is shown in Figure 10. Similar
to the flow field under the action of pure current, it is also composed of a descending
flow in front of the pile, an annular horseshoe vortex at the bottom of the ring pile and a
trailing vortex behind the pile. However, due to the obvious periodicity of the wave, the
intensity of the vortex formed is also cyclical, and the strength of the sediment around
the monopile is also cyclical. In the process of local scour of the monopile under the
combined action of current-vibration or wave-current-vibration in this experiment, there
is not only scour under the action of the above-mentioned falling flow and vortex, but also
densification of sediment and ratchet convection. The action of vibration has an effect on
the formation and strength of the falling flow and vortex, so this section discusses the local
scour characteristics of the monopile under this complex action.
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Figure 9. Flow field diagram around a monopile under pure flow [26].
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Figure 10. Flow field diagram around a monopile under wave-current interaction [13].

3.3.1. The Development Process of the Scour Hole under the Combined Action of Current
and Vibration

Under the influence of a horseshoe vortex and falling water flow, the sediment around
the monopile will move, resulting in some sediment being transported to the pile by the
vortex. During the transportation process, the sediment will gradually settle with the
decrease in the strength of the wake vortex, and gradually accumulate behind the pile to
form a large dune. There is only a ring-like scour hole in front of the pile without deposition,
and the area behind the pile is alternately changed with erosion and deposition. Under
the combined action of current and vibration, in addition to the influence of the horseshoe
vortex and falling water flow, it is also affected by the densification and ratchet convection
motion under the action of vibration load, resulting in the sand bed sediment around the
monopile sliding into the scour hole, which will affect the scouring process around the
monopile under the action of water current.

Figure 11a—d is the topographic map at typical times of the sand bed around the
monopile under the action of U, =0.213 m/s, f, = 6 Hz, A, = 4 mm (working condition 1 in
Table 3). In the first 20 min of the scour, the scour around the monopile develops rapidly,
and the sediment transport rate is high at this time. A large amount of sediment moves
rapidly to the back of the pile under the action of the horseshoe vortex and tail vortex to
settle, forming a sand ripple connected with erosion and deposition. The vibration load
causes the sediment around the monopile to slide into the scour hole, increasing the width
of the scour hole and slowing down the slope of the scour hole. Under the coupling effect of
water current and vibration load, the scour hole topography shown in the figure is formed.
When t = 60 min, the scour depth around the monopile increases slowly, while the width
of the semi-annular-like scour hole increases rapidly, and the height of the dune behind
the pile also increases further. The maximum scour depth is in front of the pile. When
t = 210 min, the development of scour depth and width slows down, and the development
of the scour hole is basically mature. At this stage of 210 min~450 min, the scour depth
develops slowly, the width of the scour hole increases slowly, and the scour depth reaches
a quasi-equilibrium state.
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Figure 11. The development process of the scour hole under the action of current and vibration:
(a) £ =20 min; (b) t = 60 min; (c) f = 210 min; (d) ¢ = 450 min.

3.3.2. The Development Process of the Scour Hole under the Action of Current
and Vibration

Figure 12a—d is the typical time topographic map of the sand bed around the monopile
under the action of U, =0.213 m/s, H=8.7cm, T =135, f, =6 Hz, A, =4 mm (working
condition 8 in Table 4).Under the combined action of wave—current-vibration, the scour
hole around the monopile develops rapidly under the action of periodic sand lifting of
waves, sediment carrying of water current, densification of vibration load, and ratchet
convection. In the first 20 min, the erosion around the monopile develops rapidly. It can be
observed that the sediment around the monopile is rolled up under the action of the vortex,
and continues to move backward under the action of the water flow and wake vortex. At
t = 60 min, it can be clearly observed that the maximum scour depth is in front of the pile,
the width of the scour hole develops rapidly, and the dunes behind the pile move obviously
backward. When t = 210 min, the sand bed appears as a whole, and the scour hole also
develops from a semi-ring-like shape in front of the pile to a ring-like shape around the pile.
This is because /6, = 1.02 > 1 in this working condition, which belongs to the live-bed
scour, but it is close to the critical Shields number, so the formation time of sand ripple is
slow. At t = 450 min, the scour around the pile reaches a quasi-equilibrium state. From
Figure 12d, it can be observed that the height of the dune decreases significantly. This
is because under the action of wave-current, the dune behind the pile gradually moves
backward, and the main peak position is outside the topographic map. The scour terrain in
the quasi-equilibrium state is highly symmetrical, and the maximum scour hole is located
on the side of the pile.
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Figure 12. The development process of the scour hole under the combined action of wave—current—
vibration: (a) f = 20 min; (b) f = 60 min; (c) f = 210 min; (d) { = 450 min.

3.3.3. The Development Process of the Scour Hole under the Action of Current
and Vibration

Figures 13 and 14 are the longitudinal profiles of the scour hole parallel to the current
direction and passing through the center of the monopile under the combined action of
current-vibration and wave—current—vibration, respectively. It can be seen from Figure 13
that with the continuous loading of current—vibration, the depth and width of the scour hole
around the monopile and the height of the dune behind the tail continue to increase, and the
sand peak of the dune behind the tail continues to move downstream. With the continuous
loading of current-vibration, although the depth of the scour hole continues to develop, the
shape of the front wall at each time during the development process is relatively consistent
with the slope. And the shape of the back wall is also relatively consistent, but the back
wall will continue to steepen during the development process. This is due to the gradual
backward movement and increase in the sand dunes behind the tail, so that the effect
of ratcheting intensity on the sand dunes on the back wall is reduced. Therefore, with
the development of loading time, the slope of the front wall of the pile remains relatively
unchanged, and the slope of the back wall of the pile continues to increase. It can be
seen from Figure 14 that under the continuous action of wave-current-vibration load, the
development law of the front wall of the scour hole and the back wall of the scour hole is
similar to that under the action of current and vibration. The shape of the front wall at each
time is relatively consistent with the slope, and the shape of the back wall changes with the
development of time. Also, the sand dunes behind the pile are sand ripples, and this is due
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to the live-bed scour under the combined action of wave—current—vibration. The back wall
of the pile is relatively longer than the front wall, so there are sand ripples.
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Figure 14. Longitudinal profile of scour hole development under wave—current—vibration.

3.4. The Influence of Vibration Load on the Profile of the Scour Hole

Figure 15 shows the longitudinal section of the scour hole under the influence of
different vibration loads under the combined action of wave—current—vibration. It can
be observed from Figure 15a that under the same wave—current and vibration frequency
conditions, with the increase in vibration amplitude, the width of the scour hole in front
of the pile increases significantly, the depth of the scour hole changes little, the slope of
the front wall decreases, and the wall behind the pile gradually moves backward with the
increase in the amplitude. It can be seen from the whole that the increase in amplitude
will significantly increase the width of the scour hole, and with the increase in amplitude,
the height of the dune behind the pile shows a step-like increase, and the dune as a whole
shows a streamlined structure. It can be observed from Figure 15b that the influence of
vibration frequency on the scour hole around the pile shows different characteristics from
the amplitude. Under the same wave—current and amplitude conditions, with the increase
in vibration frequency, the scour hole in front of the pile is obviously backfilled, the depth
of the scour hole is obviously reduced, the width of the scour hole changes little, and the
slope of the front wall is obviously slowed down. When the sand dunes behind the pile are
acted on at a small frequency, the shape of the back wall remains highly consistent. With a
continuous increase in the vibration frequency, the sand dunes behind the pile are affected
by the vibration, and the sand dunes near the pile are obviously collapsed, and the slope of
the back wall is obviously slowed down. It can be known as a whole that an increase in
vibration frequency will backfill the scour hole and significantly reduce the depth of the
scour hole.
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Figure 15. Effect of vibration load on scour hole profile: (a) Longitudinal profile of scour hole under
different amplitudes; (b) Longitudinal profile of scour hole under different vibration frequencies.

4. Analysis of Influencing Factors on the Local Scour Depth of a Monopile under the
Combined Action of Wave-Current-Vibration

4.1. The Influence of Vibration Intensity on the Maximum Scour Depth

Vibration frequency and amplitude have an effect on the local scour depth of a
monopile. The vibration frequency and amplitude of offshore wind turbines also change
during normal operation. Therefore, a comprehensive parameter for vibration intensity
A [27,28] is introduced to measure the influence of vibration load on local scour. The
calculation formula is as follows:

_ Ay x (2nfy)?

A= ©)
&

In this formula: A, is the vibration frequency; f, is the amplitude; the value of 7 is
3.14; g is the gravitational acceleration, which is 9.81 m/ s2.

Figure 16 shows the relationship between vibration intensity and relative scour depth
under different wave conditions. The five curves in the diagram represent five different
wave and current conditions. According to the Hilbert number, the scouring test can be
divided into two types: live-bed scouring and clear water scouring. It can be seen from
Figure 16 that under the condition of clear water scour, the relative scour depth shows
a decreasing trend with the increase in vibration intensity. Under the condition of live-
bed scour, when 6/6, < 1.1, the relationship between relative scour depth and vibration
intensity is similar to that of clear water scour. With the increase in the relative Shields
number, when 6/6. > 1.1 (red curve and green curve), the relative scour depth increases
first, then decreases, and finally increases with the increase in vibration intensity.
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Figure 16. The influence of vibration intensity on the maximum scour depth.
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4.2. The Influence of the Froude Number Fr on the Maximum Scour Depth

The Froude number Fr is one of the important parameters affecting the local scour of
a monopile foundation. The Froude number under wave and current conditions is defined
as Fr = U,/ +/gD; this parameter is closely related to the flow field structure (horseshoe
vortex, wake vortex) around the monopile under the combined action of wave—current—
vibration. The local relative scour depth of a monopile under wave—current-vibration is
fitted with the test data of Qi and Gao [13] and Sumer [29,30], and the curve shown in
Figure 17 is obtained. After the dimensionless processing of the test data, it is found that
the test data are located below the fitting curve, but the growth law is similar to the fitting
curve. The relative scour depth S/D shows an increasing trend with the increase in the
Fr number, and the backfill caused by vibration is the main reason for the test data to be
located below the fitting curve.
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Figure 17. Relationship between Fr and relative scour depth [13,29,30].

4.3. The Influence of the KC Number on the Maximum Scour Depth

The Keulegan—Carpenter (KC) number is one of the important parameters to describe
the local scour process of pile foundation under wave action, which shows the relative
ratio between viscous force and inertial force. The change in KC reflects the change
degree in wave height, so the local scour depth of the monopile in this test should be
in a functional relationship with KC. Figure 18 is a fitting curve of relative scour depth
S/D with KC number under different U, by fitting the data of Sumer [29,30], Qi and
Gao [13], Rudolph and Bos [31]. The test data are classified according to three intervals:
Uew =0.4-0.5, Uew = 0.5-0.7, Uy = 0.7-0.85. There are 25 groups of working conditions
under the combined action of wave—current—vibration in this test. U, can be divided into
two intervals, which are classified and represented in Figure 18. It can be seen from the
figure that all the relevant data are located near the corresponding curve, but it can be
clearly observed that as the vibration frequency and amplitude increase, the corresponding
data points gradually shift downward and fall below the curve. This is because as the
vibration frequency and amplitude increase, the densification of the sand bed around the
pile and the ratcheting convection movement causes the backfill effect of the scour hole
to increase [23], resulting in a decrease in the relative scour depth. The resulting data
points deviate from the curve, but the overall data trend with KC. The growth trend is
basically consistent with the fitting curve, and it shows an increasing trend as the KC
number increases.
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Figure 18. Relationship between KC number and relative scour depth [13,29-31].
4.4. Effect of Uy on the Maximum Scour Depth

Uy is a dimensionless number reflecting the relative strength of current velocity and
wave—current velocity under the combined action of wave and current. It can be defined
as Uew = Uc/ (U, + Uwm), where U, is the current velocity at the current reference point,
and Uy, is the maximum horizontal velocity of the water particle at the wave reference
point. Figure 19 shows the curves of relative scour depth S/D with U, under different
vibration load parameters. The distribution of five curves with different colors in the figure
represents the scour test under five groups of vibration load parameters. According to
the Shields number, the scour test can be divided into two types: live-bed scour and clear
water scour. It can be seen from the diagram that under the action of vibration load, with
the increase in U, the relative scour depth under clear water scour and live-bed scour
shows a downward trend.
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Figure 19. Relationship between U, and relative scour depth.

4.5. Empirical Formula of Local Scour Depth of a Monopile under Combined Action of
Wave—Current-Vibration

There are many empirical equations for predicting the local scour depth of a monopile
under the action of wave and current. The commonly used equation is the large KC number
equation (KC > 6) (Equation (6)) proposed by Sumer [32]. Recently, Dogan [33] modified the
local scour equations of fine piles and large-diameter piles under wave action. Compared
with the estimation formula of local scour depth under pure wave action, the local scour
depth of a pile foundation under wave—current action is also closely related to various
dimensionless parameters such as the Fr number and Ug,. Qi and Gao [34] summarized
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the empirical equation for predicting the local scour depth of a monopile based on multiple
sets of test data (0.4 < KC < 26) (Equation (7)). However, the above empirical formula only
considers the wave and water current, and lacks the empirical formula of local scour depth
of a pile foundation under vibration load.

%: 1.3{1 — exp|—0.03(KC — 6)]}, ©)
S 0.14
Ig o= —0.8exp - +1.11,(0.1 <Fr< 1.1, 0.4 <KC< 26), (7)

Whitehouse [24] believed that the local scour depth of a pile foundation is related to
the current conditions, sediment characteristics, pile size, water depth, and other factors. In
this research, the monopile foundation under vibration load is taken as the research object,
the vibration strength A is introduced, and the dimensionless parameter equation of scour
depth S is established by Equation (8).

S: f(H/ T/ uC/ uwm/ d50/ D/ h/ g/ Ps/ Pw/ f'{)/ AU)/ (8)

where S is the maximum scour depth, ps is the volume weight of sediment, p,, is the
volume weight of water, g is the acceleration of gravity, and the other parameters have
been described above.

Within the parameter range covered in this study, further dimensionless processing
is performed based on the Pi theorem. The final empirical prediction model is shown
in Equation (9). The four dimensionless parameters of the Keulegan-Carpenter number
(KC), vibration intensity (A), velocity ratio (Uey), and Froude number (Fr) are used as
multivariate regression model variables, where ki, ky, k3, k4, k5, and ks are the control
coefficients of equations and variables. In this paper, a total of five scour depth data points
without vibration, only wave-current action, and 25 scour depth data points under the
combined wave—current—vibration action of this experiment are used as training data
samples for fitting the formula coefficients. The final equation and coefficient values are
shown in Equation (10).

%: exp(k1-KC 4 ky-Ugy + k3)-Fr* + ks-Ake, )

S
5= exp(0.014:KC — 0.065- Uy +0.962)-Fr*% — 0.182-A0264, (10)

The results of Equation (10) in the case of no vibration are calculated and compared
with the results of Equation (7) proposed by Qi and Gao [34] under the test conditions in
this paper, and the obtained comparisons are shown in Table 6. From the table, it can be
seen that the errors of the two formulas are below 15%, which can indicate that the results
of the fitted formulae in the absence of vibration are also reliable.

Table 6. Comparison table of values calculated by Formulas (6) and (9).

Working Calculated by Formula (6)

Condition KC Ui Fr 34] Calculated by Formula (9) Data Comparison
1 1.07 0.74 0.28 0.618 0.756 —13.84%
2 1.78 0.63 0.31 0.713 0.847 —13.41%
3 2.23 0.58 0.33 0.771 0.908 —13.66%
4 2.45 0.61 0.32 0.743 0.883 —13.99%
5 0.96 0.71 0.29 0.651 0.782 —13.14%

The error between the measured value of the test and the calculated value of the
Equation (10) is shown in Figure 20. It can be seen from the diagram that the formula
can better predict the local scour depth of a monopile under the action of wave—current-
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vibration. Only a preliminary exploration is carried out on the basis of existing test data.
The empirical formula with wider application range and higher precision needs further
research in the future.
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Figure 20. Comparison between calculated values and measured values.

5. Conclusions

In this paper, the experimental study on the local scour of a monopile under the

combined action of wave—current—vibration is carried out by arranging the vibration load
loading device in the wave—current flume. Firstly, the local scour characteristics of the
monopile under the action of wave—current-vibration are tested, and the development
of maximum scour depth, the development of the scour hole shape, and the shape of the
scour hole profile are analyzed. Further, the influence of vibration intensity A and Froude
number Fr, KC number, and U, on the local scour depth of a monopile is analyzed. Finally,
the dimensionless influencing factors are analyzed, and an empirical formula for predicting
the local scour depth of a monopile under the combined action of wave—current—vibration
is fitted. The main conclusions are as follows:

)

@)

®)

4)

The maximum scour depth under the combined action of wave—current-vibration will
be significantly smaller than the maximum scour depth under wave action. Vibration
load will reduce the quasi-equilibrium scour depth, and with the increase in vibration
frequency and amplitude, the quasi-equilibrium scour depth around the monopile will
gradually decrease. The local scour topography of the monopile under the combined
action of current and vibration is highly symmetrical, and the maximum scour depth
is on the side of the pile, with the scour hole type presenting a spoon-like shape. As
the amplitude increases, the width of the scour hole will increase significantly. As the
vibration frequency increases, the backfill will be more obvious, and the maximum
scour depth in front of the pile will be significantly reduced.

Under the combined action of wave-current—vibration, the relative scour depth de-
creases with the increase in vibration intensity under the scouring of clear water.
Under live-bed scour, when 6/6. < 1.1, the relationship between relative scour depth
and vibration intensity is similar to that of clear water scour. When 6/6. > 1.1, the
relative scour depth increases first, then decreases, and finally increases with the
increase in vibration intensity.

§/D is the function of vibration intensity A and Froude number Fr, KC number, U,
under the wave—current—vibration interaction. The relative scour depth S/D increases
with the increase in Fr and KC, and has the same trend as the vertical pile fitting curve.
However, with the increase in Uy, the relative scour depth under clear water scour
and live-bed scour shows a downward trend.

The four dimensionless parameters of the Keulegan-Carpenter number (KC), vibration
intensity (A), velocity ratio (Ucy), and Froude number (Fr) are used as multivariate
regression model variables. The prediction formula of the local scour depth of a
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monopile under wave—current—vibration is obtained by fitting. A comparison is
made between the measured and calculated values of the error in this formula. The
results show that this formula can predict the local scour depth of a monopile under
wave—current—vibration.
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Abstract: Sand waves are large-scale bed forms commonly occurring on the continental
shelf seabed and can result in free spans of submarine pipelines, which may have an
influence on the stability of the pipelines. Existing span rectification procedures have
primarily focused on local rectification methods for free spans caused by local scour
or individual spans resulting from seabed unevenness. This paper aims to present a
span rectification design applicable to the pipeline crossing sand wave region, and to
offer practical guidance on sand wave intervention strategies. A large-scale approach is
necessary for the rectification of multiple spans across the field, which may involve the use
of either a mass flow excavator (MFE) or a remotely operated vehicle (ROV) jetting tool.
A comparative analysis of the estimated durations for post-lay trenching using the MFE
and ROV jetting tools is also provided. In instances where the large-scale method fails to
achieve span lengths suitable for long-term operation, a localized approach is necessary to
address individual spans. The desired trench depth can be attained through a combination
of pre-lay and/or post-lay trenching techniques. The analysis of on-bottom roughness and
free span has demonstrated that, given the natural seabed profile without trenching, there
are no spans surpassing the ultimate limit state (ULS) or fatigue limit state (FLS) criteria
for the temporary installation scenario. Consequently, pre-lay rectification is not necessary.
However, the analysis indicates that post-lay rectification is essential to meet ULS and FLS
criteria under operating conditions. All spans that exceed the ULS and FLS criteria can be
effectively rectified by trenching to a depth of 1 m.

Keywords: free span rectification; submarine pipeline; sand waves; trench depth

1. Introduction

Sand waves are large-scale undulating bedforms predominantly found in shallow
waters with a dominant tidal current [1,2]. However, they have also been identified at
depths exceeding 300 m on continental shelves, such as those in the Lufeng oil fields of the
South China Sea [3]. These sand waves are capable of migrating due to the effects of water
currents, wave action, and other external environmental factors [4,5]. The irregularity and
dynamic nature of the seabed, attributed to the presence of sand waves, pose significant
challenges for the construction of offshore oil and gas infrastructure. These challenges
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include the suspension of submarine pipelines and the exposure of platform foundations.
Addressing these issues has become a pressing priority in the development of oil and gas
fields in regions characterized by sand wave-affected seabeds [6].

Subsea pipelines are critical infrastructures that play a vital role in the oil and gas
sector. These structures are surrounded by an extreme environment, in which free spanning
is a major issue that occurs normally in pipeline at an uneven seabed, dynamic seabed,
or pipeline crossing [7]. Additionally, subsea pipelines are particularly vulnerable to
damage from both anthropogenic and natural factors, making them difficult to access
for maintenance and inspection. This vulnerability highlights the need for effective and
cost-efficient inspection and monitoring technologies to extend their lifespan. To address
this need, we propose employing techniques based on transient testing [8,9]. Our approach
involves a numerical framework that utilizes a one-dimensional model to simulate transient
flow conditions, combined with analytical methods to evaluate the transient behavior of
common anomalies, such as leaks and wall degradation [9]. The results obtained from this
methodology are validated through diver surveys, reinforcing the accuracy of our findings.

These challenges pose significant risks to the safety standards of subsea pipelines,
necessitating a thorough probabilistic analysis of pipelines affected by free spanning and
corrosion degradation [10]. Research indicates the importance of early-inspection data
for planning the suitable operating regime of the pipeline in terms of internal pressure,
which can be used to estimate the allowable critical spanning lengths and corrosion defect
geometries, to ensure the appropriate actions to avoid failures [11].

Corrosion is a leading cause of failure in metallic transmission pipelines [12].To safe-
guard metallic pipelines from corrosion, especially in challenging environments and corro-
sive soils, appropriate corrosion protection methods can be employed. External corrosion
protection strategies can be categorized into three main groups: passive, active, and hybrid
techniques. Passive methods encompass various approaches such as coatings, linings,
barriers, material selection, electrical isolation, use of inhibitors, and multi-passive tech-
niques [13], whereas active corrosion protection techniques include sacrificial anodes and
impressed current cathodic protections [13,14]. This detailed review aims to support
researchers, practitioners, and industry stakeholders in establishing priorities for their
policies. It will help in selecting suitable techniques for both external and internal corrosion
protection while also addressing existing research voids and highlighting future avenues
for study [15,16].

For the submarine pipeline traversing the sand wave region, seabed treatment is
conducted in accordance with the maximum allowable suspension span value determined
through an unevenness analysis of the seabed. This treatment involves addressing the
seabed in areas where the maximum allowable suspension span is exceeded by utilizing
trenching equipment to remove protrusions. This process ensures that the pipeline main-
tains full contact with the seabed, thereby minimizing the free suspension span of the
submarine pipeline. Such measures are critical to ensuring the safety of the submarine
pipeline during installation [17].

During the design process, it is imperative to thoroughly consider and propose ef-
fective treatment measures. Certain segments of the suspension span, once laid, do not
comply with the temporary operational conditions, necessitating pretreatment prior to
pipe installation. The operational phase imposes more stringent requirements on the
suspension span of the pipeline, often necessitating post-installation processing, referred
to as post-treatment. In the case of large and extensive sand slopes, both pretreatment
and post-treatment are required to ensure structural integrity and compliance with op-
erational standards [18]. In general, span mitigation strategies can be classified into two
primary categories: (1) subtractive methods, which involve the removal of material, such
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as ploughing, jetting, mechanical cutting, mass flow excavation, and mechanical grabbing;
and (2) additive methods, which entail the addition of material, including rock dumping,
gravel dumping, concrete mattresses, fabric formwork grout bags, sandbags, steel supports,
and strakes [19].

The analysis of the free suspension span was primarily conducted in accordance
with DNV GL-RP-F105 [20], adhering to the principles of fatigue screening (SFC) and the
ultimate limit state (ULS) for load-bearing capacity. These principles are aligned with those
outlined in DNV GL-RP-F105 and are further supported by the guidelines in DNV GL-ST-
F101 [21]. The analysis of free suspension spans is performed using the combined loading
principle. Prior to the laying of submarine pipelines, an assessment of seabed unevenness is
conducted based on the design routing, the pre-survey results of the seabed, the maximum
allowable suspension span, and the geological conditions of the seabed. This process
simulates the interaction between the pipeline and the seabed soil post-laying, generating
data on the positions and lengths of free suspension spans. By comparing these results with
the maximum allowable span length, it is determined whether the requirements are met.

To date, existing span rectification procedures have primarily focused on local recti-
fication methods for free spans caused by local scour or individual spans resulting from
seabed unevenness. However, large-scale rectification of the seabed for multiple spans in
sand wave regions is infrequently addressed. This study investigates a pipeline traversing
an extensive sand wave field in the Lufeng oil field. The rectification of the free spans of
the pipeline can be accomplished using either pre-lay or post-lay techniques, both of which
are analyzed in this study. The results provide practical guidance on span rectification
strategies for both pre-lay and post-lay methods applicable to pipelines situated on sand
wave seabeds. This paper is organized as follows: Section 1 provides an overview of the re-
search background and motivation. Section 2 presents a review of span mitigation methods
along with an assessment of their feasibility. Section 3 offers an evaluation of the plough
as a technique for pre-lay span rectification. Section 4 examines methods appropriate for
post-lay span rectification. Section 5 delineates the requirements for span rectification.
Finally, Section 6 offers concluding remarks.

2. Span Mitigation Methods and Feasibility Assessment

It is mentioned in the Introduction that span mitigation strategies can be classified
into subtractive methods and additive methods. A brief description of each method is
provided below.

2.1. Subtractive Methods for Span Mitigation

(1) Ploughing: Ploughing tools are suitable for displacing large quantities of seabed
material and are commonly used for span mitigation.

(2) Jetting: Jetting tools are effective for trenching pipelines in uncemented sands and
certain clay substrates, and they are particularly suitable for high-volume span miti-
gation. These tools operate by utilizing high-pressure water to fluidize the seabed,
thereby facilitating the lowering of the pipeline into the seabed.

(3) Mechanical cutter: Mechanical cutting tools are well-suited for the displacement
of substantial volumes of seabed material and are frequently employed in span
mitigation processes. These tools are particularly effective in harder soils and clays
where alternative methods such as ploughing or jetting may prove impractical [22].

(4) Mass flow excavator: An MFE employs propelled water to fluidize and displace the
seabed. These methods are appropriate for high-volume span mitigation; however,
trenching rates are slower compared to ploughing and jetting techniques. Their effec-
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tiveness is heavily dependent on the suitability of the seabed, as they are ineffective
against hard or cemented soils.

Mechanical grab: The removal of substantial volumes of seabed material at a specific
location can be accomplished through mechanical excavation.

2.2. Additive Methods for Span Mitigation

@
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Rock dump: Rock dumping operations are conducted using either a fall pipe vessel or
a side dump vessel, contingent upon the water depth and the precision required. This
technique is applicable for both pre-lay and post-lay span mitigation. However, pre-
lay operations necessitate larger volumes of rock to adequately prepare the pipelay
corridor. The operational water depth ranges from a minimum of 10-12 m to a
maximum of up to 2000 m.

Gravel dump and sand bags: Gravel or sand-filled bags can be strategically positioned
beneath pipelines to function as span supports. These bags are applicable for both
pre-lay and post-lay span mitigation; however, larger quantities are necessary during
the pre-lay phase to adequately cover the pipelay corridor. It should be noted that
ensuring contact between the pipe and the bags is not always feasible when they are
installed beneath an existing pipeline.

Concrete mattresses: Concrete mattresses are predominantly utilized for pre-lay
span mitigation. However, in certain situations, they can be employed as post-lay
interventions by positioning the mattress over the pipeline to either secure it to the
seabed or protect the span from hydrodynamic forces. Their effectiveness is generally
limited when installed beneath an existing pipeline.

Fabric formwork grout bags: Fabric formwork grout bags are strategically placed
on the seabed and subsequently inflated with grout delivered from a surface vessel.
These bags are effective for rectifying spans with a minimum clearance of approx-
imately 0.2 m and a maximum clearance not exceeding 5 m. Grout bags may not
be suitable for pre-lay correction methods due to the substantial grout volumes
required. Furthermore, the potential loss of control over the grout within the down-
line imposes a constraint on the maximum water depth at which grout bags can be
effectively employed.

Steel supports: Purpose-built steel supports represent a viable solution for pre-lay
and post-lay span correction. However, these supports are occasionally subject to
foundation failures, necessitating a comprehensive design process to mitigate this
risk. Considering the documented mobility of the seabed, scour has been recognized
as a potential threat to structural integrity, warranting further evaluation prior to the
acceptance and implementation of steel supports.

Strakes: Strakes may be installed on a pipeline during the pipelaying process or
retrofitted post-installation to mitigate vortex-induced vibration (VIV). However, they
are ineffective for spans that exceed the ultimate limit state (ULS) thresholds.

2.3. Criteria and Assessment

For the present studied sea area, each method mentioned above was evaluated for

feasibility based on the following criteria: (1) appropriateness for use in water depths

ranging from 130 m to 330 m; (2) suitability for application in environments characterized

by sand waves, such as seabeds with mobile sediments, scour, and steep slopes; (3) the

speed at which mitigation can be executed, taking into account the extensive requirements

for span mitigation; (4) viability as a pre-lay span mitigation technique; and (5) viability as

a post-lay span mitigation technique. The feasibility assessment of methods for both pre-lay

and post-lay span mitigation is detailed in Table 1. In the table, a value of 3 indicates that
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the method is feasible and associated with low risk, whereas a value of 1 signifies that the
method is not feasible.

Table 1. Method feasibility assessment.

Suitable
for Speed of Post-
Sand Mitigation
Waves

Suitable for
Rectification Method Water Depth
(130-330 m)

Pre-Lay Lay

Ploughing

Jetting

Mechanical Cutter
Mass Flow Excavator
Mechanical Grab
Rock Dump

Gravel Dump
Mattresses

Fabric Formwork Grout
Bags

Sand Bags

Steel Supports
Strakes

Subtractive
Methods

Not Suitable for
Large Quantities
of Span
Rectification

Additive Methods

Key

Feasible,

Low Carries Risk Not Feasible,

High Risk

Risk

3. Pre-Lay Sand Waves Rectification

Pre-lay rectification is conducted before the commencement of pipelaying operations.
The primary objective of this procedure is to mitigate the occurrence of pipeline spanning
conditions, which may adversely affect the structural integrity of the pipeline during
its temporary state. The criteria for span acceptance in pre-lay rectification are derived
from the fatigue limit state (FLS) and ultimate limit state (ULS) standards, specifically
considering the pipeline’s temporary empty and flooded conditions.

This section examines the application of a subsea plough, specifically the VMP
500 model, for the pre-lay rectification of sand waves. The analysis of the pre-lay rec-
tification encompasses the following procedures: (1) trench backfill rate, (2) control of
plough positioning and depth, (3) trench slope stability, (4) achievable trench depth and
trench/pipelay acceptance criteria, (5) transition length of pipeline, (6) plough tow forces
on flat seabed, and (7) impact of sand waves on plough tow forces. Sections 3.1-3.7 provide
a detailed elaboration of the aforementioned analytical procedures.

3.1. Trench Backfill Rate

The calculation for trench backfill is conducted according to the methodology proposed
by Fredsee [23]. Two transport mechanisms are considered: (1) bed load, which comprises
larger sediments transported along the seabed, and (2) suspended load, which consists
of smaller sediments suspended within the water column [24]. It is acknowledged that
backfill resulting from bed load transport is the predominant mechanism. The contribution
of suspended load to backfilling is not considered in this analysis, as the gravitational infill
from bed load is the predominant mechanism of re-sedimentation. Despite the suspended
load being significantly greater than the bed load, the narrow width of the trench prevents
suspended particles from settling effectively, resulting in their transport across the trench
by the current. Consequently, sedimentation from suspended load accounts for only 2.5%
to 6% of the sedimentation attributed to bed load transport.
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The calculations are conducted with the trench only considered, without the presence
of a pipeline. The primary direction of the current velocities under consideration ranges
from 0.40 to 0.80 m/s. Given the alignment of the pipeline route, the angle between the
trench and the current direction is determined to be 44 degrees. Certain locations may
encounter a more acute angle, potentially resulting in slower backfill rates.

The sedimentation of bed load within the trench is described by [23]:

A(t) = 2Dtm\\/fg(\/t + 1t — Vto) 1)

where Dy, is the depth of trench and ¢ is time and ¢ and £y can be calculated as:

cos? gy . 1
0= (g K B) @
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where gy, is the bedload transport rate; p is the angle between current direction and trench;
0 is the sand dynamic friction angle; K is a constant = 0.1; dqy, /dt4 is rate of change of bed
load transport with change in dimensionless bed shear stress; and ¢ is the porosity of soil.

Figure 1a illustrates the backfill rates of trenches with slopes of 21 and 37 degrees.
While the data suggest a smooth progression, it is important to note that backfilling occurs
in discrete steps, characterized by rapid increases during periods of high current and
minimal advancement during periods of lower current. The curves depicted represent the
average anticipated backfill over time. To guarantee a trench depth of at least 1 m, the
backfill criterion is set at a maximum of 25% of the trench cross-sectional area. Figure 1b
illustrates an idealized scenario in which the trench retains its shape and fills from the
bottom upwards. Based on this scenario and the previously presented backfill results, it
can be inferred that if pipelaying occurs within 60 days post-trenching, the requisite trench
depth is likely to be maintained. In cases where backfill exceeds 25%, trench rectification
using a mass flow excavator may be conducted prior to pipelaying to restore the trench to
its minimum target depth. As per standard practice, the suitability of the trench depth for
pipelaying can be verified during the pre-lay survey.

[ |—e— LF14-4 DPP to LF13-2 37 deg Slope
—e— LF14-4 DPP to LF13-2 21 deg Slope

‘—5.6m x 2.1m Trench Profile: Undisturbed 37° Slope

0 20 40 60 80 100 120 140 160 180

Depth below Seabed (m)
os
‘O o1 o o1 o O o O O

5 4 -3 -2 -1 0 1 2 3
Days
(a) (b)

Figure 1. (a) Trench back fill rate and (b) sketch of backfill of 2 m deep trench (1 m depth is achieved).

3.2. Control of Ploughing Position and Depth

(1) Position control: Ploughs have been effectively employed in previous subsea projects
to address sand wave formations. Nonetheless, a significant challenge associated with
this rectification method involves the precise control of the plough’s positioning.
The Lufeng pipeline routes intersect sand waves at various angles relative to the sand
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wave crests. Navigating the plough along these routes may present challenges due
to the resultant side slope when crossing at such angles. Despite the plough’s direct
steering capability, maintaining the stringent trench tolerances is anticipated to be
difficult in all scenarios. The result is anticipated to be a trench that, in certain areas,
deviates from the specified tolerances, thereby jeopardizing the assurance that pipeline
installation will achieve the requisite minimum depth at these points. Consequently,
additional rectification measures, either pre-lay or post-lay if permissible, are likely
to be required. Regarding the ploughing direction, it is projected that controlling
the plough, alongside managing tow forces, will be most effective when the plough
ascends the gentle slope of the sand wave and descends the steeper slope.

(2) Depth control: The VMP 500 subsea plough, in its standard configuration, is capable of
achieving a minimum trench depth of approximately 1.3 m. In regions characterized
by sand waves, the span lengths are determined by the elevation differential between
the crests and troughs of the sand waves. Consequently, with a trench depth of 2 m at
the crest and 1.3 m at the trough, the effective gain from trenching is estimated to be
approximately 0.7 m.

3.3. Trench Slope Stability

Figure 2 illustrates the prospective trench configuration resulting from a single trench-
ing pass by VMP 500, contingent upon the expected plough geometry. The trench exhibits
a side slope angle of approximately 37°, which may be attainable if the sand remains
undisturbed. However, this angle exceeds the angle of repose for disturbed sand, which
averages between 21° and 25° along the pipeline routes. Consequently, there exists a risk
of trench sidewall slippage following the trenching process.

Figure 2. Plough trench profile for one trenching pass; undisturbed 37° slope.

Figure 3a illustrates a modified trench profile characterized by a 21° side slope angle,
an 8 m top width, and a maximum depth of 1.5 m. These dimensions were determined
based on the principle of mass conservation, ensuring that the cross-sectional area remains
equivalent to that of a trench with a 37° slope. The figure facilitates a comparison between
the two trench configurations with both disturbed and undisturbed soil profiles. In most
instances, soil is likely to remain ‘undisturbed’; however, in certain areas, ‘disturbed” soil
may be encountered. The causes of soil disturbance can include slope instability, alterations
in the depth of excavation, adjustments made by the mass flow excavator to align the
trench with the designated centerline, and the decision to conduct multiple passes with the
plough, which increases the probability of a disturbed trench profile.
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Figure 3. (a) Pipeline on design centerline, with both undisturbed profiles for 37° and 21°, one
trenching pass; (b) pipeline offset 1 m to left of design centerline, one trenching pass; (c) pipeline on
design centerline, with both undisturbed profiles for 37° and 21°, two trenching passes; (d) pipeline
offset 1 m to left of design centerline, two trenching passes; (e) pipeline offset 0.75 m to left of design
centerline with trench offset 1 m to right of centerline, two trenching passes.

3.4. Achievable Trench Depth and Trench/Pipelay Acceptance Criteria

The initial assumption during the ploughing process is that the trench will consistently
be constructed along the design centerline. In instances where the plough deviates from the
specified tolerance, trench rectification is performed using mass flow excavation. Conse-
quently, the attainable pipeline depth is contingent solely upon the trench slope angle and a
pipelay tolerance of =1 m. As illustrated in Figure 3b, a depth ranging from 1.1 m to 1.3 m
(measured at the bottom of the pipe) can be achieved, contingent upon the trench side slope.
Nevertheless, this depth assumption is unrealistic, as it presumes the trench profile will
invariably align with the designated route. The trench must be constructed in accordance
with a specified straightness tolerance criterion, which may necessitate deviations from
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the route centerline in certain areas. The minimum straightness tolerance permissible for
trench construction is 0.5 m, representing a notably stringent requirement.

The trench depths previously discussed are based on a single trenching pass with the
plough. Opting for two passes with the plough is expected to enhance the pipeline depth,
as illustrated in Figure 3c,d. When the pipeline is positioned at the center of the trench,
achieving a depth of 1.7 m or greater is feasible. However, this depth cannot be assured
due to the pipelay tolerances previously mentioned. Conversely, if the pipeline is offset by
1 m from the trench center, a minimum depth of 1.3 m is a more realistic expectation that
can be guaranteed.

Figure 3e illustrates an alternative pipeline alignment, indicated by the red circle.
This scenario considers two plough passes, with a trench tolerance of £1 m and a pipelay
tolerance of +0.75 m. This configuration provides enhanced construction flexibility during
installation compared to those previously discussed and may substantially decrease the
scope of MFE rectification. Nevertheless, the second plough pass is anticipated to encounter
control-related challenges, as elaborated in the subsequent paragraph.

It is noteworthy that monitoring the touchdown point will generally enable the
pipeline to be installed at or near the center of the trench. Nonetheless, in instances where
trench straightness is not maintained, there exists a risk that, as pipelaying progresses,
the lay tension may draw the pipeline into a straight alignment. Consequently, the final
position of the pipeline may be situated higher along the slope of the trench than initially
observed during touchdown monitoring, thereby reducing the achieved as-laid depth.

In summary, a trench depth of 1 m (measured to the bottom of the pipe) represents
the minimum design depth that should be reliably ensured. If higher precision is typically
attained, or if two passes of the plough are employed, this depth may be increased to 1.3 m.
However, achieving guaranteed depths exceeding 1.3 m may necessitate a second pass
and/or a substantial amount of rectification work using the mass flow excavation (MFE)
tool. Alternatively, to minimize MFE rectification, a depth of 1 m is likely attainable by
employing two passes of the plough and adopting a combined trench and pipe tolerance of
+1.75m.

3.5. Transition Length of Pipeline

Generally, a necessary pipeline length for a seamless transition from a flat seabed to
the bottom of the trench is required. Figure 4 illustrates the analytical trench transition
ensuring full contact with the seabed for a trench depth of 1 m and 2 m. The estimation
of transition length incorporates considerations of the pipeline’s bending stiffness and its
self-weight. The findings indicate that a trench with a depth of 1 m necessitates a transition
length of 45 m, whereas a trench with a depth of 2 m requires a transition length of 53 m.
Consequently, the transition into and out of a trench necessitates an approximate total
length of 100 m. This target should be pursued wherever feasible. However, it is important
to note that this length exceeds the wavelengths of many smaller sand waves.

Therefore, more aggressive transitions are typically required. Specifically, for sand
wave profiles characterized by very steep slopes, a shorter transition can reduce spanning.
To optimize the trenched profile, varying transition lengths are necessary, contingent upon
the properties of the sand waves being traversed. Although this approach may increase
management tasks during trenching operations, it will enhance the final trenching and
spanning outcomes.

54



J. Mar. Sci. Eng. 2025, 13, 107

—
[
1

-1.5F
— — -seabed level
-2.0F
—— 1m trench
“2.5F |———2m trench
73. 0 L L 1 1 1 L 1
0 10 20 30 40 50 60 70

Figure 4. Analytical trench transition (applies to a flat seabed).

3.6. Plough Tow Forces on Flat Seabed

Conventional approaches for estimating plough tow forces have predominantly con-
centrated on scenarios involving ploughing across a flat seabed. Consequently, the initial
determination of plough tow forces relevant to the Lufeng area is conducted under this
assumption. The estimation of plough tow forces on a flat seabed is performed utilizing
the methodology outlined in Thusyanthan [25], specifically for cohesionless soil, such
as sand. This model calculates ploughing resistance by incorporating both static and
dynamic components:

F=Cyw+Csy'D®>  CqVD?
Static Dynamic

(4)

where F is the tow force; Cy, is the friction coefficient between plough and sand; W is
the submerged weight of the plough; Cs is a coefficient related to passive pressure; 7’
is effective unit weight of soil; D is the depth; C4 is dynamic force coefficient (increases
slightly with soil density and strongly as soil permeability reduces); and V is velocity.
The static component characterizes the ploughing resistance at extremely low velocities,
allowing for complete drainage. In contrast, the dynamic component addresses soil dilation
during shearing, which varies with plough speed. This methodology has been developed
utilizing scale models. Plough towing forces are influenced by various parameters, such as
trench depths, plough velocities, sand types, etc.

Figure 5a—c illustrate the predicted plough tow forces on a flat seabed for trench
depths of 1 m, 2 m, and 2.5 m, respectively. Specifically, loose and medium dense are both
considered, which are typically found in the sand wave region. It is highlighted that the
dynamic force coefficient, Cgq, is extremely sensitive to the soil D1y (mm). A review of soil
D1 values across Lufeng was undertaken, which found values ranging between 0.1 mm to
0.5 mm. Calculations are based on the smaller D1y = 0.1 mm value, which gives a higher
tow force estimate. Tow forces within the field could vary quite significantly based on this
parameter. The tow forces exhibit an increase concomitant with both the escalation of tow
velocity and the augmentation of trench depth. Notably, the tow force required for medium
dense sand is approximately 50% greater than that necessary for loose sand. The results
pertaining to loose sand warrant careful consideration, as physical modeling conducted in
Robinson et al. [26] has substantiated anecdotal concerns that the loose sand model tends
to underestimate tow forces. Tow forces derived from medium dense sand are deemed
more reliable.
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Figure 5. Predicted plough tow force on flat seabed, D1y = 0.1 mm, (a) 1 m trench depth, (b) 2 m
trench depth, (c) 2.5 m trench depth.

3.7. Impact of Sand Waves on Plough Tow Forces

The study presented in Fredsee [23] conducted small-scale model testing to examine
ploughing in regions characterized by sand waves. The findings indicated that predicting
ploughing loads with high confidence is challenging when navigating multiple sand waves.
The research evaluated various sand wave geometries, including a flat bed and sand waves
with inclinations of 9°, 17°, and 32° and the corresponding of sand wave steepness of
h/L =0.05,0.10, and 0.20, respectively. The results, illustrated in Figure 6, demonstrated
that tow forces increased with both the amplitude and inclination of the sand waves.
Under identical plough settings, the towing force required to traverse the sand wave
exhibited a 50% increase at a 9° inclination, doubled at a 17° inclination, and quintupled at
a 32° inclination, in comparison to the flat bed scenario.

Despite potential variations in the modeling of the Lufeng plough and trench, the
findings provide an indication of approximate increases in tow force. The gentle sides of
the sand waves along the pipeline route generally exhibit slope angles of up to 5°, with a
maximum observed angle of 8°. These observations imply that steeper sand wave slopes
should be avoided. This can be effectively managed by strategically selecting the ploughing
direction to ascend the gentler slopes and descend the steeper ones.

Several additional factors may contribute to a reduction in tow force: (1) the VMP500
plough is equipped with an active share track, which diminishes the tow force requirements;
(2) the model testing cited employed a constant ploughing depth of cut throughout the
entire sand wave. This approach contrasts with the Lufeng ploughing process, which
involves transitioning in and out of the trench for each sand wave, potentially leading to
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lower peak tow forces; (3) a reduction in tow force can also be achieved by decreasing the
speed of the vessel or plough.
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Figure 6. Comparison of tow force for various sand wave heights, for maximum seabed inclinations
of 0° (flatbed), 9° (h/L = 0.05), 17° (h/L = 0.10), and 32° (h/L = 0.20).

4. Post-Lay Span Rectification

Post-lay span rectification is performed following pipelay and is required for spans
which are not suitable for long term operation. This can occur under the following scenarios:
(1) if pre-lay trenching is performed: trenching does not achieve an acceptable span; (2) if
no pre-lay trenching is performed: the as-laid span length is not acceptable.

The acceptance criteria for span rectification following pipeline installation are de-
termined by the fatigue limit state (FLS) and ultimate limit state (ULS) under operational
conditions. The most effective solution for post-lay span rectification will involve multiple
intervention techniques. These techniques can be classified into large-scale and localized
methods. A large-scale method is appropriate for the rectification of multiple spans across
the field. The chosen method must efficiently and swiftly level the seabed. In instances
where the large-scale method fails to achieve span lengths conducive to long-term operation,
one or more localized methods will be necessary for the rectification of individual spans.

4.1. Large-Scale Span Rectification Method

The feasibility assessment of the methods has identified the mass flow excavator
(MFE) and ROV jetting as suitable techniques for large-scale post-lay span rectification. The
primary functional requirements for these large-scale intervention methods are as follows:
(1) the method must not pose a threat to the integrity of the pipeline; (2) the method must
be appropriate for pipelines experiencing severe free spanning; and (3) the method must
be rapid and efficient in leveling the seabed. Detailed analyses of these two methods are
provided below.

4.1.1. Mass Flow Excavator

The suitability of MFE tools for post-lay span rectification is evaluated in Table 2. The
criteria include pipeline integrity, suitability for severe free spanning, trench rates, and
depth and geotechnical conditions.
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Table 2. Evaluation of MFE for post-lay span rectification.

Criteria Evaluation

—
—_
~

Non-contact method, therefore minimal integrity threat.
Pipeline Normal construction risk assessments will consider the
integrity threat posed by the MFE tool impacting the pipeline in
uneven seabed conditions (sand waves).

—_
N
~

Suitable for severe Non-contact method, therefore suitable for pipelines subject to
free spanning severe free spanning.

(1) A trench rate of 30 m/h is taken to be an appropriate and

robust estimate for the MFE tool for estimating purposes.
Detailed evaluation should be performed by

Trench rate equipment vendor.

and depth (2) A maximum practical trench depth of 3 m is taken as a
basis. The tool does not have a hard limit; however, deeper
depths become less practical due to the required trench
side slopes and volumes required to be excavated.

(1) CPT and BH data within the sand wave region have found
sands ranging from loose to medium dense.

(2) Asan example, the T8000 MFE (James Fisher and Sons Plc.,

Cumbria, UK) tool is suitable for sands, as well as gravel

and rock dump. This MFE tool is therefore deemed

suitable for the Lufeng sand waves.

In some cases, the CPT and BH data do not extend down

to 3 m (maximum practical trench depth). However, sand

waves are expected to consist of sand down to at least the

natural seabed level.

(4) Whilst no clays are expected, for information, the T8000 is
specified as being suitable for clays up to 50 kPa shear
strength, or up to 300 kPa with auxiliary jets.

Geotechnical
conditions ®)

4.1.2. ROV Jetting

The suitability of ROV Jetting tools for post-lay span rectification is evaluated in
Table 3. The criteria for the evaluation are same as those for MFE.

Table 3. Evaluation of ROV jetting for post-lay span rectification.

Criteria Evaluation

(1) The ROV does not contact the pipeline; however, contact
between the jetting nozzles (swords) and pipeline is to be
expected.

Whilst in free flying mode, the ROV is operated in a near
neutrally buoyant configuration, thereby minimizing
pipeline interaction forces. Contact between the swords
and pipeline is unlikely to pose an integrity threat to the
pipeline; however, should be assessed as part of normal
construction risk assessments.

Pipeline @)
integrity

At least one vendor has indicated a preference for ‘free flying’
mode to minimize interaction forces in a pipeline subject to
severe free spanning.

Suitable for severe
free spanning
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Table 3. Cont.

Criteria Evaluation

(1) Trenching rates are dependent on machine specifications,
soil conditions and pipeline diameter. Typical
manufacturer provided rates range from around 250 m/h
to 1000 m/h.

(2) 300 m/h is taken to be an appropriate and conservative
basis for estimating purposes for Lufeng, noting that full
rates may not be achieved due to the start-stop nature of

Trench rate trenching through sand waves.

and depth (3) Vendor datasheets typically specify trench depth
capabilities of up to 3 m. However, if the pipeline is pre-lay
trenched, the achievable depth could be limited to less
than 3 m due to potential clearance constraints between
the ROV and trench spoil pile.

(4) The typical sword length is 3 m. One vendor has advised
the sword length can be extended to 4 m, limited by
clearance constraints with the ROV chassis.

(1) CPT and BH data within the sand wave region have found
sands ranging from loose to medium dense sand.
(2) Asan example, the QT1600 jetting tool by SMD
(Newcastle, UK), is capable of trenching in soils up to
100 kPa. This ROV jetting tool is therefore suitable for the
. Lufeng sand waves.

Geotechnical The burial suitability shows that sands with density up to

and including ‘medium dense’, are within the operational

envelope for jetting.

(4) Insome cases, the CPT and BH data do not extend down
to 3 m (maximum practical trench depth). However, sand
waves are expected to consist of sand down to at least the
natural seabed level.

conditions 3)

4.2. Local Span Mitigation Method

The feasibility assessment of the methods has identified those suitable for local post-
lay span rectification, including gravel bags, fabric formwork grout bags, sandbags, steel
supports, and strakes.

The primary functional requirements for the local intervention method are as follows:
the method must provide adequate long-term vertical support (excluding strakes) and
must be suitable for use in regions with a mobile seabed. The shortlisted local rectification
methods are evaluated for their suitability against these functional requirements, as detailed
in Table 4.

4.3. Recommended Solution
4.3.1. Estimated Durations for MFE vs. ROV Jetting

The potential to decrease the duration of the post-lay campaign through the utilization
of an ROV jetting tool, which has an estimated trenching rate of 300 m per hour compared
to the 30 m per hour estimated for the MFE tool, has been assessed. It is determined that
no pre-lay intervention will be conducted on this pipeline.

The durations for post-lay trenching are estimated differentially for the MFE and
ROV jetting options. To assess the sensitivity to various potential intervention outcomes,
both Lower Bound (LB) and Upper Bound (UB) estimates are provided. The underlying
methodology for this assessment is detailed in Table 5.
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Table 4. Suitability of local rectification methods against functional requirements.

Suitability Against Functional Requirements

Methods
Vertical Support Seabed Mobility
Less susceptible to scour
Gravel - due to pliant nature of

support

High potential for scour

Fabric Formwork Grout - leading to loss of contact

Bags with pipe.
Contact with pipe not always
achieved when installed High potential for scour
Sand Bags post-lay. High potential for leading to loss of contact
long term settlement leading with pipe.
to loss of support.
High potential for scour
Steel Supports - leading to loss of contact
with pipe.
Strakes N/A -

Table 5. Basis for estimating differential durations.

Step

No Description Methodology

(1) Estimated post-lay rectification requirements are
approximately 11 sand wave crests with a total
length of around 1.4 km.

(2) However, final post-lay requirements cannot be
confirmed until following pipelay. Future span
rectification requirements are therefore bounded
based on £25% of the estimated 1.4 km length.

Post-Lay Intervention
Requirements

Estimated trenching rates:

) Trenching - Mass flow excavator = 15 m/h to 30 m/h.

Rates - ROV Jetting = 150 m/h to 300 m/h.

(1) Durations are estimated on a differential basis.
Activities such as mob/Dembo, span surveys
and transits between spans have the same
duration for the MFE and ROV jetting options,
are not a differentiator and are therefore
. . excluded.
3 Ehfferen’aal (2) Durations are estimated based on total length of
stimate . . .
seabed requiring intervention and estimated
trenching rates.
(3) UB duration includes a combined 25%
allowance for mechanical downtime and waiting
on weather and LB estimate a combined 10%
allowance.

4.3.2. Differential Estimate

The differential estimate of post-lay trenching durations is presented in Table 6.

60



J. Mar. Sci. Eng. 2025, 13, 107

Table 6. Differential estimate of post-lay trenching durations.

Values
Parameter
LB UB

Total seabed length requiring rectification 1050 m 1750 m
Estimated MFE trench rate 30m/h 15m/h
Estimated ROV Jetting trench rate 30m/h 15m/h

Allowances—mechanical downtime and waiting on weather 10% 25%

Rectification duration excludes trans-its/survey and 38 h 145h

includes allowances (A /trench rate) x D 4h 14 h

34h 131 h

Time saved using ROV jetting tool

1.4 days 5.5 days

The differential analysis indicates that the duration of post-lay trenching could po-

tentially be decreased by approximately 1 to 6 days through the utilization of ROV jetting.

Nonetheless, the advantages of this reduced duration must be weighed against the addi-

tional effort necessary to mobilize the new equipment.

Trenching durations are estimated using a differential approach. Other campaign

activities, including span surveys and transits between spans—activities that remain con-

sistent for both MFE and ROV jetting options—do not serve as differentiators and are

thus excluded from consideration. The proposed solution for post-lay span rectification is

detailed in Table 7.

Table 7. Recommended post-lay span rectification solution.

Method Recommendation

Justification

@
@)

Mass Flow Excavator

or 3)
ROV jetting

Large
Scale

©

Suitable methods are the MFE and ROV Jetting
tools.

The differential estimate of post-lay trenching
durations has shown that the ROV jetting tool
could reduce the overall campaign duration by up
to approximately 6 days.

Both tools comply with the key functional
requirements; they do not pose an integrity threat
to the pipeline (subject to risk assessment, minimal
threat expected) and are suitable for a pipeline
subject to severe spanning.

Both tools are capable of achieving the maximum
required trench depth of 1 m.

)

@)

None

Local (gravel contingency) (3)

)

Based on the recommended rectification solution,
there is no requirement for a local method. A
contingency method should be planned for.
Gravel based supports are less susceptible to scour
due to the pliant nature of the support
arrangement. Other more rigid forms of support,
i.e., sand bags, fabric formwork grout bags and
steel supports are generally more susceptible.
Discrete gravel-based supports could be
constructed using individual gravel bags or a fall
pipe vessel. The optimum installation method is
dependent on the number of spans requiring
rectification and ultimately required volumes.
The gravel solution complies with the functional
requirement to provide adequate long-term
vertical support.
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5. Span Rectification Requirement
5.1. Trench Depth Requirements

The trench depth is characterized as the vertical distance from the crest of the undis-
turbed sand wave to the Bottom of Pipeline (BOP), as depicted in Figure 7. Rectification
requirements are specified in terms of the minimum trench depth necessary to meet span ac-
ceptance criteria. Figure 7 demonstrates that the target trench depth can be attained through
various combinations of pre-lay and/or post-lay trenching techniques. Consequently, the
requirement for a minimum trench depth of 1 m, in order to fulfill the operational accep-
tance criteria, can be achieved through either pre-lay or post-lay trenching methods, or a
combination thereof. The minimum trench depth profile serves as the basis for establishing
the acceptance criteria for trenching construction.

Sandwave Crest

Minimum Trench Depth (X)

Depth (X +Y)

I Pre-lay Trench

Post-lay Trench

‘" Pipe N S_ I Depth (Y)

e N

Figure 7. Definition of trench depth.

5.2. Post-Lay Requirements (Operating Condition)

The analysis of on-bottom roughness and free span has indicated that certain spans
necessitate rectification to meet the ultimate limit state (ULS) and fatigue limit state (FLS)
criteria under operational conditions. It is anticipated that local rectification will not be
required for the present pipeline, given the maximum trench depth requirement of 1 m.
All spans that exceed the ULS and FLS acceptance criteria can be addressed through a
global rectification approach, specifically trenching. Table 8 provides a summary of the
trenching requirements.

Table 8. Post-lay (operating condition) rectification requirements summary.

Trench Quantity of Total Trench Trench Estimated
Sand Waves Earthworks
Depth Length Angle CSA
(m) to Be () © (m2) Volume
Rectified (-) (m?)
1.0 11 1380 20 2.75 3792

The volumes of trench earthworks for the MFE solution have been estimated based
on an idealized V-trench cross-section. It is anticipated that the actual volumes displaced
by the MFE tool will exceed these estimates and will be influenced by the operator’s
proficiency. The trench slope, denoted as 6, is calculated using a worst-case soil friction
angle of 20°, which is suitable for the sand wave region, as illustrated in Figure 8. It is
important to note that this estimation is not applicable to the ROV jetting solution, as this
method nominally does not involve soil displacement.

The post-lay rectification requirements outlined in Table 8 encompass the correction of
the three crests located between KP 9.2 and KP 9.6, which are associated with the potential
upheaval buckle. It is advisable to undertake the post-lay rectification promptly following
the pipelay process to minimize uncertainties arising from scour effects, as well as to reduce
the risk of vortex-induced vibrations (VIV) and the accumulation of fatigue damage [27].
Comprehensive results pertaining to the post-lay rectification solution under operating
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conditions are depicted in Figure 9. A summary of the post-lay rectification requirements
under operating conditions is provided in Table 8.

Trench
Depth

Seabed

Figure 8. Idealized post-lay trench cross-section (MFE solution).
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Figure 9. Details of the post-lay (operating condition) rectification solution, (a) KP 3.8-KP 4.5,
(b) KP 4.4-KP 5.0, (c), KP 5.0-KP 5.6, (d) KP 9.2-KP 9.7.

6. Conclusions

This paper aims to present a design for span rectification specifically tailored for

pipeline installations traversing sand wave regions, alongside offering practical guidance

on sand wave intervention techniques. The pre-lay rectification process, conducted before

the pipeline is laid, is intended to mitigate pipeline spanning conditions that may com-

promise the integrity of the pipeline during temporary phases. Post-lay span rectification

is conducted subsequent to the pipelay process and is necessitated for spans deemed

unsuitable for long-term operation.

For the pre-lay span rectification, the analysis generally encompasses the following

steps: (1) estimating the trench backfill rate, (2) controlling the plough position and depth,

9700

Trench Depth(m)

Trench Depth(m)
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(3) analyzing the trench slope stability, (4) determining the trench depth and trench/pipelay
acceptance criteria, (5) estimating the transition length of pipeline, (6) calculating the
plough tow forces on flat seabed, and (7) accounting for the impact of sand waves on
plough tow forces.

In the absence of pre-lay trenching, this procedure may be required under the following
circumstances: (1) the as-laid span length is deemed unacceptable; or (2) the as-laid span
length increases in situ due to seabed mobility or scour. The optimal solution for post-
lay span rectification necessitates the utilization of multiple intervention methods. For
the rectification of multiple spans across the field, a large-scale approach is essential.
A comparative analysis of post-lay trenching durations employing the MFE and ROV
jetting tools is provided. In instances where the large-scale method fails to achieve span
lengths adequate for long-term operation, a localized approach is necessary to address
individual spans.

The desired trench depth may be attained through any combination of pre-lay and/or
post-lay trenching techniques. The minimum trench depth profile serves as the basis
for establishing the trenching construction acceptance criteria. Analysis of on-bottom
roughness and free span indicates that, given the natural seabed profile (without trenching),
there are no spans surpassing the ultimate limit state (ULS) or fatigue limit state (FLS)
criteria for the temporary installation scenario. Consequently, pre-lay rectification is not
necessary. The analysis of on-bottom roughness and free span has indicated that post-lay
rectification is essential to meet the ultimate limit state (ULS) and fatigue limit state (FLS)
criteria under operating conditions. All spans surpassing the ULS and FLS criteria can be
rectified by trenching to a depth of 1 m.

The analysis of the suspension span of submarine pipelines in sand wave regions
necessitates a detailed examination based on the specific seabed characteristics of the project
location. The exposure of submarine pipelines on the seabed can lead to variations in the
suspension span due to the dynamic movement of sand waves, which may either increase
or decrease the span. Given that this is a prolonged and gradual process, it is essential to
account for the impact of sand wave movement on alterations in seabed topography and
pipeline span during seabed treatment considerations. Based on the adaptive analysis of
trenching in sand wave regions, along with the results from mechanism analysis and the
feasibility evaluation criteria, the most appropriate method for addressing overspan issues
can be proposed to ensure the successful implementation of the project.
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Abstract: In complex marine environments, the wave-induced instantaneous liquefaction of the
seabed is a key issue for the long-term safety control of marine structures. Existing computa-
tional frameworks for instantaneous liquefaction result in unreasonable tensile stresses in a non-
cohesive seabed. To address this issue, a liquefaction-associated non-Darcy flow model has been
proposed, but it has only been applied to the scenario of a pure seabed without a structure. In this
study, we applied the previously proposed non-Darcy flow model to investigate the mechanism of
wave-seabed-structure interactions under extreme wave loading considering a pipeline fully buried
in a non-cohesive seabed. By comparing the liquefaction depths in the presence and absence of
structures, it was found that the existence of structures weakens the attenuation of the pore pressure
amplitude and influences the overall pore pressure distribution. Parametric studies were conducted.
It was found that the liquefaction depth from the non-Darcy model is approximately 0.73 times that
from the traditional Darcy model, regardless of whether or not a pipeline is involved. A quantitative
relationship between the wave loading and structural size was established. The liquefied zone above
the buried pipeline was found to be smaller than that in a pure seabed without a structure. A tentative
explanation is provided for this phenomenon.

Keywords: extreme wave loading; wave-induced seabed liquefaction; non-Darcy flow model;
wave-seabed—structure interactions; non-cohesive seabed

1. Introduction

In the wave-dominated coastal zone, the wave-induced liquefaction of the seabed
often occurs due to the propagation of waves inducing excess pore pressure within the
seabed, leading to a decrease in effective stress. Seabed liquefaction has a close relation
with the erosion or resuspension of marine sediment [1-5] and can affect the stability of
coastal structures [6,7]. Therefore, it has become a key concern within the scope of marine
engineering. Based on laboratory experiments and field measurements [8,9], wave-induced
seabed liquefaction can be categorized into instantaneous liquefaction and residual lique-
faction, induced by instantaneous pore pressure and residual pore pressure, respectively.
This study focuses on the instantaneous liquefaction occurring in a non-cohesive seabed.

In this scenario, the behavior of the non-cohesive seabed can be described using the
pore-elasticity assumption for the following reasons. After the occurrence of instantaneous
liquefaction, the soil becomes loose, and then it rearranges into a dense state through
wave-induced compaction or consolidation. This results in subsequent wave-induced
seabed responses following a “reloading—unloading” pattern [7,10,11]. For the case of a
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pure seabed without a structure, several analytical solutions have been developed under
various conditions [12-15]. However, for a seabed including structures such as submarine
pipelines [16-26], breakwaters [27-29], coastal slopes [30], offshore wind turbine foun-
dations [31-37], gravity-based structure (GBS) offshore platforms [38], dumbbell-shaped
cofferdams [39], and immersed tunnels [40,41], the presence of the structures complicates
the boundary conditions, generally requiring numerical methods for analyses. Recently, Li
et al. [42] developed an open-source numerical toolbox for simulating the interaction be-
tween a porous seabed, waves, and structures. This toolbox greatly enhances the efficiency
of research on wave—seabed-structure interactions. When marine structures undergo rock-
ing motion under external forces, additional excess pore pressure can be induced [43-46].
It has also been found that marine structures can exhibit the phenomenon of principal
stress rotation [47,48]. Furthermore, nonlinear contact behavior at the interface between the
structure and seabed should also be considered [49]. These scenarios have been extensively
analyzed in previous studies.

However, the existing computational methods and analytical models associated with
instantaneous liquefaction can result in unreasonable tensile stresses in a non-cohesive
seabed [50,51]. This nonphysical phenomenon further influences the overall distribution of
pore pressure [50,51]. In fact, when instantaneous liquefaction occurs in a non-cohesive
seabed, the physical and mechanical parameters of the seabed should change accordingly.
However, most existing models employ an invariant poro-elastic assumption [14,35].

In order to eliminate unreasonable tensile behavior, Zhou et al. [52] was inspired
by the literature [53,54] and introduced a dynamic permeability model. This model uses
soil permeability ks that is determined by pore pressure p instead of the constant per-
meability assumed in conventional Darcy’s law. This treatment mitigates the occurrence
of unrealistic tensile stresses in the liquefaction zone. Compared with the previous dy-
namic permeability models [53,54], the new model built by Zhou et al. [52] agrees with
the concept of an increase in permeability during soil liquefaction [55-60]. However, this
model [52] faces challenges in nonlinear convergence. When using larger model parameters
or finer computational grids, numerical divergence may even occur, limiting its applica-
tions. Therefore, Zhou et al. [61] further converted the instantaneous liquefaction problem
into a mathematical problem, i.e., a nonlinear complementarity problem (NCP). They
employed specific Karush-Kuhn-Tucker (KKT) conditions for instantaneous liquefaction
and a Lagrange multiplier method to solve the problem, while they optimized it using the
primal-dual active set strategy (PDASS) [62]. Additionally, they improved computational
efficiency by employing direct delta function interpolation to condense the multipliers.
This method addresses the challenge of nonlinear convergence caused by the previous
dynamic permeability model [52]. However, solving the NCP problem falls within the
scope of a constrained variational theory framework and is not a standard module in most
finite element codes (such as PORO-FSSI-FOAM [20,21]). Applying the NCP approach to
broader scenarios, such as pipelines that are partially buried in the seabed [16,23], gravity
foundations for offshore wind turbines [32], and monopile foundations [33,35], is also not
convenient.

Recently, Zhou et al. [63] proposed a new KKT condition for wave-induced instanta-
neous liquefaction through the variational equivalence principle; thus, a non-Darcy flow
model was proposed for instantaneous liquefaction. This model not only eliminates the
phenomenon of tensile stress in the liquefied zone but also provides significant convenience
for numerical implementations, because only the formulation of a seepage constitutive
equation is required to be incorporated into finite element codes. Furthermore, it provides
a unified explanation for various existing phenomena, such as non-cohesive granular soils
with an upward seepage flow [64]; experimental results on piping in sandy gravels [65];
field trials [3]; and DEM-PFV simulations [66]. However, these works were still limited to
the scenario of wave-seabed interactions without a structure.

In this work, we further took into account a pipeline fully buried in a non-cohesive
seabed under wave loadings in order to investigate wave-seabed—structure interactions
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with the use of our non-Darcy flow model [63]. First, we extended our previous finite
element code to a scenario that can consider a structure fully buried in the seabed. This ex-
tension was validated by comparing our numerical results with the experimental results of
Turcotte [67]. Then, a computational example under extreme wave loading was conducted
to compare the liquefaction depths in the presence and absence of structures. Parametric
studies were further accomplished considering wave, seabed, and structural parameters.
Non-dimensional parametric studies were also carried out.

The remainder of this paper is as follows. Section 2 provides a brief overview of the
fundamental theory and governing equations of the non-Darcy flow model considering a
fully buried structure. In Section 3, the wave-seabed—structure model is validated based on
classical experimental results without liquefaction. Section 4 presents the numerical results
under extreme wave loading conditions, which induce seabed liquefaction. A quantitative
relationship between the wave loading and structural response is exploited. Section 5 tries
to provide an explanation for the liquefaction phenomenon in a seabed including a buried
structure. Finally, Section 6 draws several conclusions.

2. The Liquefaction-Associated Non-Darcy Flow Model
2.1. Wave—Seabed—Structure Model and Liquefaction Criteria

Figure 1 depicts the wave—seabed—structure model and the process of seabed liquefac-
tion, where d; represents the thickness of the seabed, & represents the water depth, and H
represents the wave height. The coordinate value on the seabed surface is 0, and positive
values exist below the seabed. (); denotes the zones in the seabed where instantaneous
liquefaction occurs. During the process of wave loading, when the soil is located at or near
a wave trough, the wave-induced seepage force is upward. When the upward seepage
force equals the initial vertical effective stress of the seabed soil, the effective stress of the
soil becomes zero, leading to an instantaneous liquefaction state. It should be noted that
the wave in Figure 1 is linear. If considering nonlinear waves, Stokes waves [17] or cnoidal
waves [68] should be employed. To simplify the model, this study applies linear wave
theory [69]:

271 2n
P, = pocos<Lx— Lt>, (1)
where P, whose amplitude is represented by py, represents the wave pressure acting on
the seabed surface (z = 0). L denotes the wavelength, while T denotes the wave period. The
values of pp and L can be calculated by the following equations:

__ ml _ 8T (2
PO = Feosh(zmiyL)’ BT 2w L) @

where 7, denotes the unit weight of water, while g represents the acceleration of gravity.
The governing equations of the wave-seabed—structure model are as follows:

V. (0= plax2) +b=0inQ, (3a)
%?+nﬁ?:V-(};;Vp):OinQ, (3b)
u:aonl"u, (30)
a-ng:/t\onl}, (3d)
p=ponly, (3e)

Vo, = 0 on Ty, (3f)
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Figure 1. Simplified wave—seabed-structure model with instantaneous liquefaction.

The first two equations are derived from the theory of poro-elasticity theory [70].
Equation (3a) denotes the equilibrium of the solid—fluid mixture, in which ¢’ represents the
effective stress, I > denotes the second-order unit tensor, and b denotes the body force
per unit volume. Equation (3b) denotes the conservation of mass, in which ¢, represents
the volumetric strain, ¢ represents time, ks is Darcy’s coefficient of permeability, and
represents the pore-fluid compressibility, which is determined by [71]

1 1-5,

= + , 4)
ﬁ KwO P abs

where K, represents the true bulk modulus of pore water, which can be taken as 2.0 x 10” Pa[14].
S, denotes the degree of saturation, while P,;; represents the hydrodynamic pressure of
water. The remaining expressions in Equation (3c—f) denote boundary conditions. I', and
I'; denote two boundaries of the solid phase, where I', represents the Dirichlet boundary
and I'; represents the Neumann boundary, while I', and T, denote two boundaries of the
fluid phase, where I', represents the Dirichlet boundary and I', represents the Neumann

A
boundary. In Equation (3c), u represents the vector of displacement, while u denotes the
displacement that is constrained. In Equation (3d), o denotes the tensor of total stress,

A
n, denotes the unit normal vector pointing outward from I';, and t denotes the surface
force per unit area acting on the boundary. In Equation (3e), p represents the pore pressure.
In Equation (3f), vy, denotes the vector of pore-fluid velocity, n, denotes the unit normal
vector pointing outward from I',, and 9}, represents the boundary Darcy velocity.

It should be noted that the research presented in this paper aims to extend the non-
Darcy flow model from pure seabed scenarios without structures to scenarios with struc-
tures. The presence of a structure in the seabed implies increased boundary conditions
compared to the pure seabed. In order to simplify the computational model, the boundary
condition around the structure is considered an impermeable boundary, corresponding to
Equation (3), where 9}, is taken as zero.

When the seabed experiences instantaneous liquefaction, there are two widely applied
liquefaction criteria for determining the liquefaction zone ({21 ), which use the tensile region
of the sandy soil as the liquefaction zone:

p_Pb 27/21 (5)

j= =, (6)

where p is the excessive pore pressure caused by waves. Its gradient along the vertical
direction is expressed as j. = dp/9z. 7' denotes the buoyant unit weight of the seabed and
obeys the following expression: 7' = (Gs — 1)(1 — 1)y, where Gs represents the specific

69



J. Mar. Sci. Eng. 2024, 12,373

gravity of sand particles, and n represents the porosity of the sand, which is related to the
void ratioe: n =e/(1 +e).

2.2. Numerical Implementation of the Non-Darcy Flow Model

In general, the liquefaction zone may vary based on the aforementioned two liquefac-
tion criteria. Qi and Gao’s [51] research revealed that, in Equations (5) and (6), the parts
where p — P, > 7'z and j, > 7/ represent the presence of tensile stress in the non-cohesive
seabed. This is obviously nonphysical and leads to the inconsistency in liquefaction zones
predicted by the two criteria. Therefore, when liquefaction occurs, even if the wave height
continues to increase, the inequality signs in Equations (5) and (6) should always be equal
signs. Thus, we revised Equations (5) and (6) as follows, respectively:

p—P =7z @)

Jz = ')’/ (8)
By introducing Equation (8) as an additional constraint to Equation (3), Equation (3)
can be rewritten as follows:

V'(O'/*plzxz)%»bIOinQ, (9a)
dgy ap P

g—knﬁﬁ—V-Vw—OmQ, (9b)

u:aonl"u, (9¢c)

c-ny,=tonl,, (9d)

p=ponTy, (9e)

vy, = 0 on Ty, (9f)

where the pore-fluid velocity vy, is determined by
wa:_kisafpr vwz:_ksap_K(ap_ /)/ (10)

where vy and vy, represent the horizontal and vertical components of vy, respectively.
« is the penalty factor and makes Darcy’s law hold in the horizontal direction, while the
significant nonlinearity caused by seabed liquefaction appears in the vertical direction.

Because the pressure gradient is related to the hydraulic gradient i (Ap = yyi), Vw2
can be written as

—ksis, ifiy <ig

Owz = —kslz — K(lz — 1cr) = { _ksicr _ (ks "‘Koo')’w)(iz _ icr), 1f i > i ’

(11)

where i. equals 7' /7, and represents the critical value that determines the occurrence of
liquefaction. i, represents the vertical component of the hydraulic gradient. ko represents
the penalty value and is generally taken as a large value, e.g., 1000.

The equations described above are shown in Figure 2 in the vy, — i, space, which
appears as the non-Darcy flow model.
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Figure 2. Schematic diagram of non-Darcy flow model.

After discretization, linearization, and other derivation steps (the specific derivation
process has been provided by Zhou [63] and is omitted here), the finite element formulation
using the non-Darcy flow model is obtained as follows:

K G dir F,
LTH+J{¢k_{n} (12)
with
K::/;BEDBudQ, (13a)
G:—/B%NNQ (13b)
Q
H:fAfMQNNQ (130)
T . T’
L— = [ BIv,B,dO, 13d
veJo pV wbp ( )
H:—AN%M%—FMMR (13e)
Fy = G'd, "+ Hdy "+ L 7 [ Njotdr—7 [ BviSla0,  3p
with
B, = VN, m = {1,1,0,0}", B, = VN, (14)

where d;, and d;, denote the discrete unknown vectors corresponding to the displacement
(1) and the excessive pore pressure (p), respectively. The shape function matrices of d,,
and d, are Ny and N, v’y denotes the partial derivative of v;, with respect to i, and Vfulh
denotes the current discrete velocity, while the subscripts k and k—1 are used to indicate
the nonlinear iterations.

Based on the algebraic representations mentioned above, the iterative process for
the solution (d}, d;) can be derived and conveniently applied in conventional finite ele-
ment codes.

3. Validation of the Wave-Seabed-Structure Model without Seabed Liquefaction
3.1. Computational Model

The model without a structure and our finite element code have been validated by
Zhou et al. [52,61,63], including cylinder tests under 1-D wave loading and two-dimensional
(2-D) wave-seabed interactions. These validations are therefore not repeated here in
this work.

This section focuses on the validation of our finite element code applied to the scenario
involving a structure, which is taken as a pipeline fully buried in the non-cohesive seabed.
In this scenario, a series of flume tests were conducted by Turcotte [67], wherein seabed
liquefaction was not induced. The model of these tests is shown in Figure 3. In the tests, the
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wave period T was 0.9-2.3 s and the wave height H was 3.02-14.3 cm, while L was 3.53 m,
h was 0.533 m, S, was 0.997, n was 0.42, ks was 0.001 m-s~!, E was 3 MPa, and v was 0.33.
The computational model was then built according to the given conditions.

Water wave Unit:m

y .
. X
T Mudline @———>
VA aa s yeeyyud s VAT
=
@ A 4 o O
— - N
OI ®
Impermeable walls -— s\ S
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L 4.57 N
I« gl

Figure 3. A schematic of the experiment by Turcotte [67].

3.2. Pore Pressure Response

The distribution of pore pressure around the pipeline is shown in Figure 4. The vertical
axis represents the normalized pore pressure p/Py. Cheng and Liu [72] also conducted
numerical studies based on Turcotte’s flume experiments. For a better visual comparison,
the numerical results of this study were compared with the flume experimental results
of Turcotte [67] and the numerical results of Cheng and Liu [72]. It can be seen that our
numerical results are in basic agreement with the experimental results of Turcotte [67] and
the numerical results of Cheng and Liu [72].
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Figure 4. A comparison of the wave-induced pore pressure amplitude along the periphery of the

fully buried pipeline between laboratory data by Turcotte [67] and numerical simulations by Cheng
and Liu [72]: (@) T=09s,H=524cm; (b) T=1.75s, H=14.3 cm; (¢) T =2.3 s, H=3.02 cm.
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Figure 5 shows the distribution of p/ Py along the depth direction of the centerline
using the constant-permeability model (which is hereafter called the CP model) and the
liquefaction-associated non-Darcy model (which is hereafter called the ND model) both
with and without a pipeline. Due to the absence of liquefaction in the seabed, the results
of the CP and ND models are completely consistent. A comparative analysis reveals that
the presence of the pipeline significantly affects the transmission of pore pressure in the
seabed. Above the pipeline, the pore pressure attenuation is slower in the seabed with a
pipeline, but below the pipeline, the pore pressure decreases significantly. This can also be
clearly observed in the pore pressure variations along the centerline of the seabed model
(e.g., Figure 6, in which the variation in pore pressure versus time step at different depths
is displayed). The specific reasons for this phenomenon will be discussed in Section 5.
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Figure 5. p — P}, versus depth along the x-directional centerline.
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Figure 6. Pore pressure versus time step along the x-directional centerline at different depths.

4. Numerical Results of the Wave-Seabed-Structure Model with Seabed Liquefaction
4.1. Computational Model

In this subsection, our liquefaction-associated non-Darcy flow model is utilized to
analyze the wave—seabed-pipeline interaction under extreme wave loadings, which induce
seabed liquefaction. The computational model adopts a two-dimensional approach. The
width of the seabed in the computational model is assumed to be 50 m, with a thickness of
20 m. The computational mesh consisting of quadrilateral elements is shown in Figure 7.
The seabed mesh surrounding the pipeline is refined in the meshing process, with a
minimum mesh size of 0.01 m. The computational parameters are listed in Table 1. The
burial depth and diameter are denoted by d and D, respectively, while d is defined as the
distance from the top position of the pipeline to the seabed surface.
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Figure 7. Schematic diagram of model grid.

Table 1. Computational parameters for the model with seabed liquefaction.

Parameter T (s) L (m) H (m) h (m) Sy () n(-) 7' (KN/m?) ks (m-s—1) E (MPa) v ()

Value 2 5.21 0.6 1 0.95 0.425 53 0.001 3 0.33

4.2. Pore Pressure Response

To investigate the influence of a fully buried pipeline on the pore pressure response
in a non-cohesive seabed, three values of burial depth d are considered, as presented in
Table 2, wherein the pipeline diameters are fixed at the same value of burial depth, i.e.,
d/D = 1. Figures 8-13 give the temporal distributions of pore pressure at the top position
of the pipeline and the vertical distributions of pore pressure above the top of the pipeline
under three different schemes. In these figures, P, represents the wave pressure applied to
the seabed surface.

Table 2. Computational schemes with various buried depths and diameters.

Scheme No. Burial Depth d (m) Diameter D (m)

I 0.042 0.042
II 0.084 0.084
III 0.126 0.126

2000
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t/T

Pore pressure (Pa)
(e

Figure 8. Pore pressure versus time step at the top position of the pipeline under Scheme I.
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Figure 9. Pore pressure versus depth above the top position of the pipeline under Scheme I.
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Figure 10. Pore pressure versus time step at the top position of the pipeline under Scheme II.
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Figure 11. Pore pressure versus depth above the top position of the pipeline under Scheme II.
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Figure 12. Pore pressure versus time step at the top position of the pipeline under Scheme III.
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Figure 13. Pore pressure versus depth above the top position of the pipeline under Scheme III.

The wave pressure is instantaneously transmitted from the sea surface to the seabed
surface. However, due to the unsaturated nature of the seabed and the compressibility
of pore water flow, the wave pressure cannot be promptly transmitted within the seabed,
resulting in phase lag over time (e.g., Figures 8, 10 and 12) and amplitude attenuation along
the depth direction (e.g., Figures 9, 11 and 13). The amplitude attenuation and phase lag
are inherent characteristics of the wave-induced instantaneous pore pressure response.

According to Figures 8, 10 and 12, the results obtained from the CP model and ND
models are close to each other. The variation in pore pressure at the top position of the
pipeline follows the waveform of the wave motion. Under Scheme I, with a pipeline burial
depth of 0.042 m, the wave pressure amplitude py at the seabed surface is 1500 Pa, while
the pore pressure amplitude at the top position of the pipeline is 1300 Pa, resulting in
an amplitude attenuation of 13.3%. Compared to the amplitude of the wave pressure
Py, applied to the seabed surface, the pore pressure amplitude at the top position of the
pipeline is delayed by about two computational steps, indicating a phase lag time of about
0.05T. Under Scheme II, with a pipeline burial depth of 0.084 m, py at the seabed surface is
1500 Pa, while the pore pressure amplitude at the top position of the pipeline is 1200 Pa,
resulting in an amplitude attenuation of 20.0%. Compared to the amplitude of P, applied
to the seabed surface, the pore pressure amplitude at the top of the pipeline is delayed
by about three computational steps, indicating a phase lag time of about 0.075T. Under
Scheme III, with a pipeline burial depth of 0.126 m, P, at the seabed surface is 1500 Pa,
while p at the top position of the pipeline is 1100 Pa, resulting in an amplitude attenuation
of 26.7%. The pore pressure amplitude at the top position of the pipeline appears at the
same time as in Scheme II and is delayed by about three computational steps relative to the
amplitude of P, applied to the seabed surface, indicating a phase lag time of about 0.075T.
According to the above analysis, it can be concluded that as the burial depth of the pipeline
increases, the degree of amplitude attenuation and the phase lag also increase.

According to Figures 9, 11 and 13, the pore pressure attenuation at a depth z = 0.04 m
can be analyzed. The attenuation under Schemes I, II, and III is 13%, 25%, and 26.9%,
respectively. With an increase in the structural burial depth, the degree of pore pressure at-
tenuation also increases. In other words, a fully buried pipeline can mitigate the amplitude
attenuation of pore pressure transmission within the seabed.

It can be seen that pipelines of different sizes and at different burial depths have
different effects on the transfer of pore pressure in the seabed. The weakening of the seabed
by the fully buried pipeline in the seabed is mainly due to the significant influence of its
diameter and burial depth on the pore pressure transfer in the seabed, which is mainly
manifested in the pore pressure amplitude attenuation and phase lag. The amplitude
attenuation and phase lag are also the main reasons for the instantaneous liquefaction of
the seabed.

Figure 14 shows the liquefaction zones from the CP and ND models in the above three
schemes. It can be seen that the liquefaction depth above the pipeline is nearly close to
zero due to the liquefaction shielding effect, which is discussed in Section 5. As a result,
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the pore pressure distributions above the pipeline from the CP and ND models are close
to each other, as shown in Figures 8-13. To better illustrate the difference between the CP
and ND models, another computational scheme (d = D = 0.168 m) is considered, with the
numerical results shown in Figure 15. Figure 15a,b are the liquefaction zones from the
CP and ND models, respectively. It can be seen that the liquefaction zone from the ND
model is apparently smaller than that from the CP model. Figure 15c¢ is the vertical effective
stress above the pipeline centerline, showing that the ND model effectively mitigates the
presence of tensile stresses caused by the CP model.

By CP model
d=D=0.042m Scheme I

By CP model By ND model
d=D=0.084 m Scheme II d=D=0.084 m Scheme II

By CP model By ND model
d=D=0.126 m Scheme 111 d=D=0.126 m Scheme II1

(e) (f)

Figure 14. Liquefaction zones from CP and ND models in Schemes I~III: (a) from CP model in
Scheme I; (b) from ND model in Scheme I; (¢) from CP model in Scheme II; (d) from ND model in
Scheme II; (e) from CP model in Scheme III; (f) from ND model in Scheme III.

By CD model
d=D=0.168 m

By ND model
d=D=0.168m

(b)
Figure 15. Cont.
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Figure 15. Liquefaction zones obtained by CP and ND models in the scheme of 4 = D = 0.168 m:
(a) CP model; (b) ND model; (c) vertical distribution of vz — (p — P).

4.3. Parametric Study on the Liquefaction Depth

According to the research conducted by Zhou et al. [52,61,63], when there is no
liquefied zone in the non-cohesive seabed, the results obtained by the ND model are
consistent with those by the CP model. Once liquefaction occurs in the non-cohesive seabed,
the CP model results in unreasonable tensile stresses within the liquefied zone, whereas the
ND model does not produce such results. Therefore, Zhou et al. [52,61,63] suggest using
the CP model for calculations in practical engineering scenarios first and employing the
ND model to eliminate tensile stresses if liquefaction is observed. Through the parametric
study by Zhou et al. [52,61,63], it was found that the instantaneous liquefaction depth from
the ND model is approximately 0.73 times that from the CP model. This relationship is
obtained in the scenario of a pure seabed without structures. Here, in this subsection, we
further describe a parametric study conducted for the scenario involving a pipeline fully
buried in the seabed.

During the parametric study, a benchmark test was set with the computational param-
eters listed in Table 1, and we considered seven different parameters (Young’s modulus
E, permeability coefficient ks, saturation degree S, soil porosity 1, wave period T, water
depth h, and wave height H). Building upon the model presented in Section 3.1, d and D of
the pipeline are taken as 0.083 m and 0.168 m, respectively.

In Figure 16, CP represents the results of the CP model, while ND represents the results
of the ND model, and the solid line represents the model with a pipeline, while the dashed
line represents the model without a pipeline. Figure 16a shows that the liquefaction depth
increases rapidly when the elastic modulus is between 1 and 3 MPa. As the elastic modulus
exceeds 3 MPa, the rate of increase in liquefaction depth slows down and gradually ap-
proaches a constant value. In Figure 16b, it can be seen that the liquefaction depth decreases
with the increase in the permeability coefficient. Figure 16¢c demonstrates the sensitivity of
the liquefaction depth versus soil saturation. The presence of air in unsaturated soils is a
key factor causing the amplitude attenuation and phase lag of pore pressure propagation
in the seabed, thus directly affecting the liquefaction depth. Figure 16d shows that the
liquefaction depth has a nearly linear relationship with the void ratio. In Figure 16e, it
is evident that the liquefaction depth decreases linearly with the increase in water depth.
Figure 16f reveals that the liquefaction depth increases and gradually approaches a constant
value as the wave period increases. In Figure 16g, the change in liquefaction depth exhibits
a roughly linear relationship with the wave height. The liquefaction depth increases with
the increase in wave height and suddenly increases when the wave height reaches 0.8 m.
This is because, during the process of increasing the wave height from 0.6 m to 0.8 m, a
small liquefied zone also appears at the bottom of the pipeline, as shown in Figure 17. It
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can be therefore concluded that E, n, T, and H positively influence the liquefaction depth,
while ks, Sy, and h have a negative impact on it. Additionally, the liquefaction depth in the
scenario with a pipeline is generally smaller than that in the scenario without a pipeline.
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Figure 16. Liquefaction depth versus (a) Young’s modulus E; (b) permeability coefficient ks; (c) satu-
ration degree S;; (d) soil porosity #; (e) water depth /; (f) wave period T; (g) wave height H. (h) zxp
versus zcp.
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Figure 17. Liquefaction zones: (a) H = 0.6 m without a pipeline; (b) H = 0.8 m without a pipeline;
(c) H = 0.6 m with a pipeline; (d) H = 0.8 m with a pipeline.

According to Figure 16h (where zcp represents the liquefaction depth from the CP
model and znp represents that from the ND model, which are all from Figure 16a-g), it
can be observed that there is a significant linear correlation between zcp and znp (with
R? = 0.9787) in the scenario involving a pipeline. The ratio between the instantaneous
liquefaction depth from the ND model and the CP model is approximately 0.73, which is
close to that in the scenario of a pure seabed without structures.

4.4. Study on Non-Dimensional Parameters

To establish a quantifiable relationship between wave loads and structural responses
with good universality, it is necessary to develop an expression based on non-dimensional
parameters. To achieve this, adopting schemes with diameters ranging from 0.042 to
0.168 m and burial depths of 1-5 times the diameters (the specific values of burial depths
and diameters are given in Table 3, while S, is 0.96, v is 0.3, and the other parameters
are the same as those in Table 1), we conducted a large number of numerical calculations
and attempted various combinations of horizontal and vertical parameters. Eventually,
we found that when the horizontal coordinate is L/D (wavelength/diameter) and the
vertical coordinate is zxp /d (liquefaction depth/burial depth), there is a significant linear
relationship between them, as shown in Figure 18. The correlation coefficient (R?) was as
high as 0.9223, indicating a good fitting effect.
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Figure 18. znp /d versus L/D in ND model.
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Table 3. The scheme of the burial depth and diameter.

D (m) d=D (m) d =2D (m) d =3D (m) d =4D (m) d =5D (m)
0.042 0.042 0.084 0.126 0.168 0.21
0.084 0.084 0.168 0.252 0.336 0.42
0.126 0.126 0.252 0.378 0.504 0.63
0.168 0.168 0.336 0.504 0.672 0.84

5. The Shielding Phenomenon of a Structure in the Seabed under a
Liquefaction Condition

5.1. The Shielding Effect of the Pipeline on the Liquefied Zone

In Section 4.3, it is shown that the presence of a pipeline in the seabed leads to a
smaller liquefaction depth compared to the scenario without a pipeline. When a pipeline
exists in the seabed, the liquefied zones above the pipeline exhibit a spatial distribution
that “bypasses” the pipeline, resulting in a “liquefaction shielding phenomenon”. Even if
the liquefaction depth on both sides of the pipeline is below the top position of the pipeline,
there will be a layer of non-liquefied soil above the pipeline, e.g., Figure 19a. As shown in
Figure 19b—d, as the burial depth of the pipeline increases, keeping the diameter constant,
the liquefaction depth also increases. However, when the burial depth is large enough, its
further increase will not induce a further increase in the liquefaction depth. The reason
is that instantaneous liquefaction generally occurs in a thin layer near the seabed surface.
When the pipeline is far away from the seabed surface, the presence of the pipeline will no
longer influence the liquefied zone. In contrast, when the buried depth is not large enough,
the presence of the pipeline can have a significant influence on the liquefied zone. Below, a
tentative explanation is provided for this phenomenon.

During the numerical simulation, the presence of the pipeline acts as an impermeable
boundary in the seabed, causing a diversion of the flow field in the surrounding area,
as shown in Figure 20. The flow does not reach the soil above the pipeline immediately,
resulting in an impact on the phase lag and amplitude attenuation of the wave-induced
seabed pore pressure response, and this phenomenon is referred to as the “liquefaction
shielding phenomenon”. In other words, when the structure is shallow, the structure will
repel the liquefaction zone above it, and the area above the structure where liquefaction
does not occur is referred to as the “shielding ring”. It is therefore straightforward to
imagine that when the pipeline is shallow enough, the liquefied zone above the pipeline
can completely disappear. This prediction is studied in the following subsection.

Non-liquefied zone Liguefied zone

The maximum liquefaction depth

(b)

Figure 19. Cont.
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Figure 19. (a) Liquefaction shielding phenomenon above the pipeline; liquefied zones when
(b)d=0.084m; (¢)d=02m; (d)d=0.25m.
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Figure 20. A schematic diagram of flow around the pipeline.

5.2. Onset Conditions for Liquefaction Occurrence above the Pipeline

According to Section 5.1, the shielding phenomenon of the pipeline on the liquefied
zone weakens as the burial depth of the pipeline increases. This subsection will present a
computational analysis of various combinations of burial depth d and diameter D to study
the onset conditions for liquefaction occurrence above the pipeline.

Based on the numerical results in Section 4.4, we continued to calculate the liquefaction
depths in the scenario involving a pipeline considering various schemes with diameters of
0.084 m, 0.126 m, and 0.168 m and burial depths ranging from 0.084 m to 0.4 m (please refer
to Table 4 for specific parameters and results). The results in Section 4.4 and Table 4 are
jointly plotted in Figure 21. When d/D < 2, although several schemes have liquefaction
depths as high as 0.06 m, nearly half of the schemes did not show liquefied zones; i.e., the
pipeline is near the seabed surface, and therefore, the aforementioned shielding effect is
apparent. However, when d/D > 2, liquefaction zones occur in all the numerical results,
with a minimum liquefaction depth of 0.015 m; i.e., the pipeline is far away from the seabed
surface and therefore has a slight influence on the liquefied zone.
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Table 4. Liquefaction depth under different working schemes.

D (m) d (m) d/iD Liquefaction Depths (m)
03 36 0.06
0.25 3 0.06
0.084 02 24 0.055
0.15 1.8 0
0.084 1 0
0.35 2.8 0.06
03 24 0.06
0.25 2 0.055
0126 0.2 16 0.05
0.15 1.190476 0
0.084 0.666667 0
0.4 2.380952 0.06
03 1.785714 0.06
0.25 1.488095 0.05
0.168 0.2 1.190476 0.05
0.15 0.892857 0
0.084 05 0
0.07
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Figure 21. Liquefaction depth versus d/D.

It seems that a critical value of d/D can be quantitatively determined to distinguish
whether liquefaction occurs above the pipeline. From Figure 21, this value can be taken as
2;i.e.,, whend/D > 2, liquefaction always occurs above the pipeline. It should be noted
that this critical value can change if other computational parameters are applied. It is also
notable that even if there is no liquefied zone above the pipeline, in the horizontal direction,
if a position is far from the pipeline, the shielding effect of the pipeline can also disappear,
which means that liquefied zones can also occur in a shallow layer of the seabed within
these areas, e.g., Figure 19b.

6. Conclusions

This paper extends the application of our liquefaction-associated non-Darcy flow
model from wave—seabed interactions to wave—seabed—pipeline interactions in order to
investigate the influence of a fully buried pipeline on the pore pressure response and the
instantaneous liquefaction of the non-cohesive seabed. Based on the numerical examples
presented, the following conclusions can be drawn.

(1) Numerical simulations were conducted based on Turcotte’s flume experiment, validating
the reliability of our in-house code in modeling wave-seabed—structure interactions.

(2) A numerical study was conducted by varying the burial depth and diameter of the
pipeline, revealing that the existence of a pipeline weakens the degree of amplitude
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attenuation and the phase lag. Therefore, when the pipeline is shallow, the liquefied
zone of the seabed with a pipeline is smaller than that in the pure seabed, which is
called the “liquefaction shielding effect” in this work.

(3) Under some conditions, liquefaction can even completely disappear above the pipeline,
while horizontally distant areas still have liquefied zones. The onset conditions for
liquefaction occurrence above the pipeline are then discussed.

(4)  As the burial depth of the pipeline increases, the liquefaction shielding effect weakens,
resulting in an increase in the liquefaction depth above the pipeline. Once the pipeline
is sufficiently far from the seabed surface, it no longer influences the liquefied zone.

(5) Based on the parametric study, it was observed that the liquefaction depth predicted
by the non-Darcy model is approximately 0.73 times the value estimated by the
conventional Darcy model, regardless of whether or not a pipeline is involved.

(6) The quantitative relationship between wave loadings and structural sizes is studied.
A highly linear relationship between two sets of non-dimensional parameters, i.e.,
“liquefaction depth/burial depth” and “wavelength/diameter”, is discovered.
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Abstract: Tidal bores, defined by sudden upstream surges of tidal water in estuaries, exert significant
hydrodynamic forces on riverbeds, leading to complex sedimentary responses. This study examines
the dynamic response and liquefaction potential of riverbeds subjected to tidal bores in macro-tidal
estuaries. An analytical model, developed using the generalized Biot theory and integral transform
methods, evaluates the dynamic behavior of riverbed sediments. Key factors such as permeability,
saturation, and sediment properties are analyzed for their influence on momentary liquefaction. The
results indicate that fine sand reduces liquefaction risk by facilitating pore water discharge, while silt
soil increases sediment instability. Additionally, the study reveals that pressure gradients induced
by tidal bores can trigger momentary liquefaction, with the maximum liquefaction depth predicted
based on horizontal pressure gradients being five times that predicted based on vertical pressure
gradients. This research highlights the critical role of sediment characteristics in riverbed stability,
providing a comprehensive understanding of the interactions between tidal bores and riverbed
dynamics. The findings contribute to the development of predictive models and guidelines for
managing the risks of tidal bore-induced liquefaction in coastal and estuarine environments.

Keywords: tidal bore; riverbed; liquefaction; integral transform method; analytical solution

1. Introduction

Tidal bores are remarkable natural phenomena in estuaries and bays [1], characterized
by a sudden upstream surge of tidal water against the ebb flow [2,3]. This occurs due to the
deformation of tidal waves in shallow water, creating a steep front or a series of wave trains
that move upstream along rivers or through convergent bays [4,5]. Recent studies have
identified tidal bores in 117 rivers across 25 countries [6]. As depicted in Figure 1, notable
examples include the Qiantang River in China, the Amazon River in Brazil, Cook Inlet
in Alaska, the Hooghly River in India, the Batang Lupar River in Malaysia, the Kampar
River in Indonesia, and the Sittang River in Myanmar [7]. During a tidal bore, water
levels can rise by over 3 m within seconds, with flow velocities reaching up to 12 m/s
as the river rapidly transitions from ebb to flood tide [8,9]. These powerful waves exert
increased pressure on the riverbed, affecting pore water pressure within the sediment and
potentially leading to liquefaction. The complex interaction between hydrodynamic forces
and sedimentary responses highlights the power and complexity of tidal bores, making
them a compelling subject for research.

Since the nineteenth century, tidal bore research has advanced from descriptive stud-
ies to dynamic mechanism analyses [10]. Early work focused on in situ observation [11],
while contemporary research integrates field investigations [12-14], laboratory experi-
ments [2,15-17], and numerical simulations [17-19] to examine the dynamics and turbulent
structures of the tidal bore front [20-22]. Despite these advancements, limitations in obser-
vational and simulation techniques hinder our understanding of the interactions between
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tidal bores and riverbeds, necessitating further research to improve analytical accuracy and
reliability in this field.
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Figure 1. Distribution of typical tidal bores around the world.

Liquefaction, as defined by the Geotechnical Earthquake Engineering Committee of
the American Society of Civil Engineers, is the act or process of transforming any substance
into a liquid [23]. In cohesionless soils, the shift from a solid to a liquefied state results from
increased pore pressure and a decrease in effective stress [24]. Seabed liquefaction under
wave loading has been extensively studied, with comprehensive reviews by Jeng [25] and
Lin et al. [26]. In natural environments, two mechanisms of wave-induced liquefaction
exist [27-29]: momentary liquefaction and residual liquefaction. Momentary liquefaction
primarily arises from the attenuation and phase lag of oscillatory pore pressure along
the seabed depth [30], associated with the momentary volumetric strain of sediments.
During this process, pore pressure does not accumulate; however, a significant upward
seepage force is generated at wave troughs due to vertical pressure gradients, causing
sediment particle movement and overturning [31-33]. Residual liquefaction refers to the
instability and failure induced by the cumulative rise in pore water pressure and the
reduction in effective stress within seabed sediments under wave action [34-36], related to
the permanent compaction deformation of sediments.

Recent research has also explored tidal flat liquefaction caused by tidal bores from
a sedimentological perspective [37]. Tessier and Terwindt [38] investigated significant
soft sediment deformations in the tidal channel of Mont-Saint-Michel Bay, characterized
by folds and tobacco-pouch structures, attributing these features to the liquefaction of
unconsolidated sediments triggered by the passage of a tidal bore. In the Turnagain Arm
area of Alaska, Greb and Archer [39] found that tidal bores are a primary cause of soft
sediment deformation structures similar to those formed by earthquake-induced sand
liquefaction. Fan et al. [40] analyzed sedimentary structures in the northern tidal flat
of the Qiantang River estuary, indicating that the rapid increase in water pressure and
wave impact induced by tidal bores can cause liquefaction, resulting in features such as
convolute bedding and drainage structures. Tidal bore-induced soft sediment deformations,
primarily involving liquefaction, are evident in contorted beds and dewatering structures,
with geometries ranging from 2D folds to 3D chaotic envelopes. Due to the occurrence of
liquefaction, tidal bore-induced sedimentary signatures are more conspicuous than regular
tidal facies and are easily recognized within tidal channel infilling successions.

The dynamic response and liquefaction potential of soils in coastal and estuarine envi-
ronments are strongly influenced by factors such as permeability, saturation, and sediment
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properties, including grain size and fines content [41]. High permeability facilitates the
rapid dissipation of pore water pressure, reducing the risk of liquefaction, whereas low per-
meability increases susceptibility. Saturation further affects this process, with unsaturated
soils more prone to increased pressure gradients [42]. Additionally, sediment characteristics
play a critical role: coarse-grained soils generally have a lower liquefaction potential, but
the presence of fines can increase susceptibility by restricting drainage [43]. Understanding
the interaction of these factors is key to predicting soil behavior under dynamic conditions,
such as those caused by tidal bores.

Analytical solutions for the response of seabeds to wave loading have garnered signif-
icant attention since the 1940s [25], leading to the development of various computational
models. These models include uncoupled (drained) models, consolidation (quasi-static)
models, dynamic models, and poro-elastoplastic models [41]. The core of seabed response
analysis under wave loading involves examining the coupled effects of soil stress and
pore fluid pressure induced by wave trains [44]. Building on Biot’s pioneering work on
consolidation theory [45-47], analytical solutions for seabed response under wave loading
have been proposed for both two-dimensional [31,48] and three-dimensional spaces [42,49].
A set of analytical solutions for wave-induced seabed response under cnoidal waves was
developed to evaluate the impact of high-order nonlinearity in shallow water [44,50], with
a parametric study revealing that this nonlinearity significantly influences shallow water
waves and amplifies the effects of soil characteristics and liquefaction potential. All the
aforementioned analytical studies were formulated based on the assumption of simple har-
monic waves. However, the transient response of the seabed under the abrupt application
of wave loads has not been accounted for in these analyses.

Wave action can lead to localized liquefaction and erosion of the seabed, which is
particularly evident in transient responses. Selecting appropriate integral transforms facili-
tates the conversion of differential and integral equations into solvable algebraic equations.
Consequently, several analytical or semi-analytical solutions for seabed transient response
under wave action have utilized integral transform methods [51,52]. For layered seabeds,
the state-space method can be extended to improve computational efficiency [53,54]. In
macro-tidal estuary regions, a tidal bore is a typical transient wave. It is characterized by
a sudden rise in water level at the front of the tidal wave. When a breaking bore occurs,
the front becomes nearly vertical and propagates upstream as a form of moving load.
However, previous studies have often been limited by inadequate consideration of the
complex interactions between tidal bores and the riverbed, particularly in terms of transient
response and the liquefaction potential. These limitations highlight the need for more com-
prehensive models that can accurately capture the dynamic behavior of the riverbed under
such extreme conditions. The purpose of this study is to address these gaps by developing
a more detailed analysis of the transient response of the riverbed and to better understand
the mechanisms leading to momentary liquefaction induced by pressure gradient.

The structure of this paper is as follows: Section 2 provides a detailed description
of the theoretical model and methodologies used in this study, including the governing
equations and the integral transform method. Section 3 presents the results of the study,
with subsections focusing on model verification, riverbed response analysis, seepage char-
acteristics, and liquefaction analysis. The discussion and limitations of these findings
are addressed in Section 4. Finally, Section 5 concludes the study, summarizing the key
contributions and outlining directions for future research. The findings of this study are ex-
pected to provide new insights into the stability of riverbeds under extreme hydrodynamic
conditions, contributing to improved predictive models and risk assessment frameworks
for coastal engineering and management practices.

2. Materials and Methods
2.1. Theoretical Model

The generalized Biot theory provides a comprehensive framework for describing the
interaction between skeleton deformation and pore fluid flow in multiphase porous media
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under transient loading conditions [55]. This study employs a theoretical model to analyze
the dynamic response of a riverbed subjected to tidal forces, based on the generalized Biot
theory. The model operates under the following assumptions:

o  Theriverbed is considered horizontal, homogeneous, highly saturated, isotropic in
permeability, and of finite thickness.

e  The compressibility coefficients of the soil skeleton and pore water are constant, while

the soil particles are assumed to be incompressible.

The stress—strain relationship of the soil skeleton adheres to Hooke’s law.

The seepage of pore water complies with Darcy’s law.

The energy loss during tidal bore propagation is disregarded.

The water pressure exerted on the riverbed surface is equivalent to the water pressure

on the surface of an impermeable, rigid horizontal riverbed at the same depth.

2.1.1. Governing Equations

In a two-dimensional Cartesian coordinate system (x, z), we analyze the propagation of
an incident tidal bore at a water depth d over a submerged porous riverbed with a thickness
h, as illustrated in the side view sketch in Figure 2. Following Zienkiewicz et al. [55], the
equilibrium equations for a unit total volume can be expressed as

Tijj + Pogi = polki + Puw Wi, 1)

where 07; is the total stress component, u; is the displacement of the solid matrix, w; is the
average relative displacement of the fluid to the solid, py represents the combined density,
00 = (1 — 1) ps + 1 pw, Pw, and ps denotes the fluid and solid density, respectively, n is the
porosity of the solid phase, and g; refers to the body force acceleration, typically defined by
the relevant components of gravity.

Figure 2. Schematic diagram of the interaction between a tidal bore and the riverbed. Inset: the
Qiantang River tidal bore at Yanguan, China; ¢ represents the celerity of the tidal bore, d is the water
depth before the bore arrives,  is the thickness of the riverbed, H is the height of the tidal bore,
and o, correspond to the normal stresses in the x and z directions, respectively, T, is the shear stress,
and SWL indicates the still water line.

The equilibrium equations for the fluid phase, incorporating viscous resistance as
defined by Darcy’s law and assuming isotropic permeability, are established as follows:

Pw

—1,i HPw&i = Pwlli + 77121' + %wi, )

k2
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where p is the pore pressure in the riverbed; k; is the permeability coefficient in the z
direction, considering a seabed with isotropic permeability k, = ky; and ky is the permeability
coefficient in the x directions.

The continuity equation for mass conservation in the fluid is as follows:

nBp+u;+w;; =0, 3)

where B is the volumetric compressibility coefficient of the fluid, which can be expressed as
follows for a highly saturated riverbed [56]

1 1-S,
:7+ 7 4
ﬁ Kw PwO ()

where Ky, is the true modulus of elasticity of water, Py is the absolute water pressure, and
S, is the degree of saturation.
In plane strain, the constitutive relationship is expressed as follows:

0ij = A6;0 + G(ujj +uji) — bijp, ©)

where A and G are the Lamé constants, (51-]- is the Kronecker delta denotation, and 0 is the
volume strain, 6 = u; ;.

2.1.2. Integral Transform Method

Omitting the static gravity terms and focusing only on excess pressures and stresses
above the static state, apply the Laplace transform to generalized Biot’s Equations (1)
through (3) and constitutive Equation (5), respectively [41]

f(x,z,s) = 0+Oof(x,z,t)efstdt, (6)

where f(x, z, t) is the original function in the time domain; f (x,z,s) is the Laplace trans-
formed function; and s is the complex frequency variable in the Laplace domain. After
simplification, the generalized Biot’s equations can be written in the following form:

. 20 ap .
GV2ix + (A +G)5- — (1- 19)% — §%(pg — pwB)idx = 0, @)
90 9P
GV, + (A +G) 2 — (1- 9L — 2(pp — pud)iiz =0, ®)
0z 0z
2A_”5P1052A_1_‘9 24 _
where )
- pr n
0= pws? + nbs’ (10)
_ Pw8
b= 5. 11)

From Equations (7) through (9), the following equations can be derived

V4D 4 BV + Bap = 0, (12)
where M = A + 2G,
s2(Mn + 0w — 20,0+ 8
gy — — = (Mnppw I;\zjw Pw? + 8p0) (13)
_ 4
‘82 _ (PO Pwﬂ)nﬁs pw‘ (14)

M9
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Apply the following Fourier transforms to Equations (7), (8), and (12):

f(&,z5s) = /j: f(x,z,5)e%%dx, (15)

where f(x,z,5) is the original function, f(&,z,s) is the Fourier transformed function, & is
the frequency variable, and i is the imaginary unit.

After converting the partial differential equation into an ordinary differential equation,
the operator method is used to obtain the following general solution:

Yl (glzls) = Tl (g,Z,S)XO(g,Z,S), (16)
where N .
Y1 = [p(8,2,5)0(8,2,8) 2(G, 2,8) G (ithx ) (G, 2,8)] (17)
Xo = [A1€717 Age~ 117 A3e12% Age 122 Age™3* Age %], (18)
1 1 1 1 0 0
T1 _ —GK1 —GKl —GKZ —GKZ 0 0 ) (19)
a1 —mer o Yaep —raap 1 1
X1 —X1 X2 —X2 T3 =73

7 =4/¢ — L3, (20)

13 = 5(b1+ /B — 4p2) (21)

L5 = %(51 — /Bl —4p2), (22)

L3 = M, (23)

5 — Kj(A+Cz)%J:(le— lWG, 25)
]

xj = Grj+ 77a;. (26)

Using Equation (16) and the constitutive Equation (5), the total stress components can
be expressed in the Laplace-Fourier transform domain as follows:

Y2(¢,z,8) = Ta(E,2,5)X0(E, 2,5), (27)
where .
Yo = [0x($,2,5)02(, 2,9)iC Tz (G, 2,8)] (28)
cit ¢ ¢ ¢ —2Gys  2Gys3
To=\|dy di dy dpy 2Gyz —2G7vs]|, (29)
1 81 £ —§ M+ B+
where
cj = —(/\K]‘ + 2)(]')(3, (30)
d] = —(MK]' - 2)(]')(;, (31)
i = 7j(&a; + xj)G. (32)

At this stage, the analytical solution of the dynamic response control equation for the
riverbed in the Laplace-Fourier transform domain is obtained. In Equations (16) and (27),
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Aj(j=1,..,6)in Xo(&, z,s) are undetermined constants, which will be solved based on the
specific problem in the next subsection.

2.2. Solving the Boundary Value Problem

According to [57], the tidal bore-induced dynamic water pressure at the water—
riverbed interface can be expressed as [52]

py = pgH{1 — tanhb(x —ct)}/2, (33)

where
1/2

b= (3H/4d%) (34)

The boundary conditions for the riverbed response problem under the action of tidal
bore can be described as follows:

Z:0/0'z+p:01 TxZIOr P:Pb/ (35)
op
z——h,ux—uz—O,g—O. (36)
Applying the Laplace transform followed by the Fourier transform to Equations (35)
and (36) yields
&Z (61 0/ S) - _ﬁb/ﬁ(C/ O/ S) - ﬁb/%xz (6/ 0/ S) - O/ (37)
- - op
ux(C/ _”l,S) = Oruz(gl _hls) = 0/£(§/ —I’l,S) = 0/ (38)
where k
pp = angH{ Z . + 2kb o(¢ — 2kb1)} (39)

The detailed derivation process of Equation (39) can be found in Appendix A.
Substitute Equations (37) and (38) into Equations (16) and (27), solve the system of
equations, and obtain the expressions for the coefficients A]- G=1,..,6)

Aj=ppB; (j=1,---,6), (40)

where coefficients B; are functions of ¢ and s; the specific forms can be found in Appendix B.
The solution for the riverbed response under tidal bore in the Laplace-Fourier trans-
form domain is given as follows:

_ ) 1)k
F@25) = 2nng{1«s<a> 3y - zkbi>}r<a, 25), (a1)

where I'(§,z,s) is a rational function of ¢, s and z, and the specific expression varies
depending on the response variable.

By applying the inverse Fourier transform to Equation (41) and utilizing the sifting
property of the § function, we obtain the following result:

) k
f(X,Z,S) = ng{r(O,SZ’S) + 2 ( ) F(Zkbl Z S) Zkbx} (42)
k=1

s + 2kbc

By applying the inverse Laplace transform, using the numerical method for inverse
Laplace transform proposed by Durbin [58], a corresponding program was developed to
perform the calculations and obtain the results.

Meanwhile, let

fu(x,2,5) = D025, )
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(—1)"T(2kbi, z, S)ezkbx

fp(x,z,5) = S 2kbe (44)
Considering Equation (43), it can be written as a reduced rational function
W11( )
X,Z,8 7. 45

where coefficients W11 (x, z, s) and Wy (x, z, s) are irreducible proper rational functions.

Assuming the denominator has N zeros, s1, s, ... sN, with s = 0 clearly being one of
them, let us assume s; = 0. Then, according to Heaviside’s first expansion theorem for the
inverse Laplace transform [59], the following result can be obtained:

N
Wi (x,2,84)
ni(x,z,t) =T(0,20) + exp[snt]. (46)
r;ZW 12(x Z,8n Pl
where p
Wia(x,z,5) = —[Wia(x,z,5)]. (47)

ds

Similarly, from Equation (44), we obtain the following result:

ny(x,2,t) = Y (—1)°T(2Kkbi, z, —2kbe) (=) 4 o Wai(%,2,50)

explsat]. (48)
k=1 == Waa(x,z,80) !

where coefficient Wy (x, z, s) and Wpy(x, z, s) are irreducible proper rational functions.
The second term on the right-hand side of Equations (46) and (48) decays rapidly in
the time domain, i.e.,

N
W
Z AN A \dedd 78 (2,2, 5n) exp(snt] -0, (49)
=2 W12(x, 2,8 o
d W
Z M exp[snt] — 0. (50)
— i Wn(x,2,5,) oo

Therefore, the steady-state solution for the dynamic response of the riverbed under
tidal bore action is given by

[e9)

FH(x,2,t) = ng{r(o, 2,0) + Y (—1)"T(2kbi, z, 2kbc)e2kb(x_”)}. (51)

k=1

2.3. Liquefaction Triggered Criterion

The propagation of tidal bores leads to sudden changes in water depth and rapid
fluctuations in physical variables such as velocity and pressure fields. When a tidal bore
arrives, the flow quickly shifts from ebb to flood in a very short time. For instance, in
the Qiantang River in China, a tidal bore can cause a sudden rise of 2—4 m within just
5 s. The resulting pressure gradient is strong enough to cause the momentary failure of
riverbed sediments, potentially leading to the liquefaction of the bed material. This study
examines the momentary liquefaction of riverbed triggered by the vertical and horizontal
pressure gradients.

When fluid flows through a porous medium, momentary liquefaction can occur if the
vertical or horizontal pressure gradient exceeds a certain threshold. Bear [60] proposed
that when the vertical resultant force acting on the particles composing a porous medium
becomes zero, localized momentary liquefaction can occur

1 (op L/S
ng (82) kz ~ ’ 62
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where S, represents the vertical seepage velocity, 75’ stands for the effective unit weight of
the soil particles, and 7, is the unit weight of water.

Effective unit weight is the unit weight of the soil when buoyancy from water is
considered. It is calculated by subtracting the buoyant force from the gravitational force
acting on the soil particles within a unit volume of soil. For most silty soil,

Ts ~o7. (53)

Meanwhile, Madsen [61] suggested that when the horizontal pressure gradient exceeds
the intergranular stress, localized momentary liquefaction can also occur

).~
— - == = —tan¢, (54)
Pw& (ax crit kx crit Yw 4)

where S, represents the horizontal seepage velocity and ¢ is the internal friction angle.

The internal friction angle of soil represents the soil’s inherent frictional properties.
It is generally considered to comprise two components: the surface friction between
soil particles and the interlocking force generated by the embedding and interlocking of
particles. Thus, it is not only related to the material properties of the soil particles but also
to the stress conditions. It is typically, for clay, 0 < ¢ < 20°; for saturated silty soil, it is 0
< ¢ < 35°. For the silt in the Qiantang River, a particular value of ¢ = 35° was chosen for
the calculations.

,Y/
—tan¢ ~ 0.5. (55)
w
3. Results
3.1. Verification
Assuming that the soil skeleton is incompressible, meaning a rigid soil bed, the

dynamic water pressure on the bed surface and the seepage velocity under the influence of
a tidal bore can be approximately expressed as [57]

pp/pgd = e{1 — tanhbX} /2, (56)
Sx E\/gsec h2bX, (57)
ky 4

Sz 3he? 5

o HtanhbXsech bX, (58)

where X =x —ct, e =H/d.

The results presented in Equation (51) can easily degenerate to the case of a rigid
soil bed. A comparison between the degenerate solution and the analytical solution by
Packwood and Peregrine [57] is shown in Figure 3. The calculation parameters are set as
follows: tidal bore height H = 1.2 m, water depth d = 3.0 m, and soil bed thickness & = 3.0 m.
For the rigid soil bed, G—o0, B—0. As illustrated in the Figure 3, the two solutions show
good agreement.

3.2. Riverbed Responses

The degradation solutions of pore water pressure and seepage velocity caused by
tidal bores have been validated using the analytical solution provided by Packwood and
Peregrine [57]. Here, we provide more general and broader results regarding the riverbed
response induced by tidal bores. In the example of riverbed response to be presented, the
following common values are assumed: water depth d = 3 m, tidal bore height H =3 m,
riverbed thickness i1 = 9 m, permeability coefficient ky = k, = 1073 m/s, Poisson’s ratio
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p =1/3, porosity n = 0.3, and shear modulus G = 10" N/m?. Given Poisson’s ratio u and
the shear modulus G, the Lame constant A can be calculated using the following formula:

A= 2Gu

=1 o (59)

The response of riverbed pore water pressure and effective stresses to tidal bore events
is significantly influenced by the degree of saturation. Figure 4 presents the contours
of excess pore water pressure within the riverbed for two saturation conditions: fully
saturated (S, = 1) and nearly fully saturated (S, = 0.99). The results indicate that in the
fully saturated scenario, the pore spaces are entirely filled with water, leading to higher
excess pore water pressures near the riverbed surface. This uniform pressure distribution
is attributed to the incompressibility of water. Conversely, in the nearly saturated case,
the presence of a minimal amount of air in the pores reduces the overall pore pressure
and results in more dispersed pressure contours. This suggests a more gradual dissipation
of energy within the soil matrix. Unlike waves, the pore water pressure induced by tidal
bores is always positive; it decreases with increasing depth. In an unsaturated riverbed, the
gradients of pore pressure change both horizontally and vertically are greater than those in
a saturated riverbed.

——  Present study o Packwood and Peregrine
(@ 05
o
£ o
B
~0.5 | L L | 1
-8 -6 -4 -2 0 2 4 6 8

X/d

Figure 3. Comparison between the degenerate solution and the existing analytical solution [57].
(a) Dynamic water pressure, (b) horizontal seepage velocity, and (c) vertical seepage velocity.
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Figure 4. Contours of tidal bore induced pore pressure within the riverbed. (a) S; =1 and (b) S, = 0.99,
S, is the degree of saturation.
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Figure 5 illustrates the contours of effective stress for two saturation conditions: fully
saturated and nearly fully saturated. In the fully saturated scenario, the stress distribution
is more localized, with concentrated regions of effective stresses occurring directly beneath
the front of the tidal bore. In contrast, the nearly saturated condition results in a more
dispersed stress pattern, with higher magnitudes of both compressive and tensile stresses
extending across a broader area of the riverbed. The presence of air in the pores reduces
pore water pressure, leading to an increase in soil compressibility and a wider distribution
of stresses. When the riverbed is fully saturated, the effective stress distribution induced
by the tidal bore is generally symmetrical about the front at X = 0. The impact of saturation
on effective normal stress is greater than that on shear stress.
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Figure 5. Contours of tidal bore-induced effective stresses within the riverbed. Vertical effective
stress: (a) S; =1 and (b) S, = 0.99; horizontal effective stress: (¢) S; =1 and (d) S; = 0.99; and shear
stress: (e) Sy =1 and (f) S; = 0.99. S, is the degree of saturation.
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3.3. Seepage Characteristics

Figure 6 illustrates the time histories of tidal bore-induced horizontal and vertical
seepage velocities within the fully saturated riverbed at three elevations: z=0,z= —0.25,
and z = —0.5 h. The dynamic water pressure (Figure 6a) is uniformly affected across all
elevations. However, the horizontal and vertical seepage velocity (Figure 6b,c) shows
a pronounced decrease with depth, being highest at the seabed surface and minimal at

z=-—05h.
— z=0 == z=—025h e z=—05h
(@ 2 ] ;
o 1 1
Q.
SIS
_1 1 L
-8 6 6 8
(®) 0.5
«R
~ 0
9]
—0.5 ‘ ‘
8 -6 6 8
() 0.5 !
'QN
~ 0 -
%6}
_0.5 | I I 1 I I |
-8 -6 —4 -2 0 2 4 6 8

Figure 6. Time histories of the horizontal and vertical seepage velocities induced by the tidal bore at
three different elevations (0, — 0.25 11, and — 0.5 h). (a) Dynamic water pressure at the interface of
water and riverbed, (b) horizontal seepage velocity, and (c) vertical seepage velocity.

Figure 7 illustrates the contours of both vertical and horizontal seepage velocities
induced by a tidal bore within the riverbed for two different degrees of saturation: fully
saturated and nearly fully saturated. In the fully saturated case (Figure 7a,c), both verti-
cal and horizontal seepage velocities are concentrated near the surface, showing higher
peak velocities and sharper distributions, with the vertical seepage displaying alternating
upward and downward flow zones and the horizontal seepage exhibiting intense and lo-
calized flow. In contrast, when the saturation is slightly reduced (Figure 7b,d), the seepage
velocity distributions become broader and more diffuse, with lower peak velocities extend-
ing deeper into the riverbed. This difference highlights the impact of saturation on seepage
dynamics, where a fully saturated riverbed exhibits more intense and localized seepage,
while reduced saturation leads to a more widespread but weaker seepage response.

3.4. Liquefaction Analysis

To examine the influence of tidal bore and soil parameters on the momentary liquefac-
tion of the riverbed, the following five sets of parameters are considered:

Tidal bore height: 0.6 m to 4 m;

Water depth: 2 m to 5 m;

Bed thickness: 0.6 m to 10 m;

Degree of saturation: Gf from 0 to 0.6;

Permeability coefficient: ky = k,, from 107°m/sto 102 m/s.
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0.5}

b

Figure 7. Contours of tidal bore-induced seepage velocity within the riverbed. Vertical seepage
velocity: (a) Sy =1 and (b) S, = 0.99; horizontal seepage velocity: (c) S, =1 and (d) S, =0.99. 5, is the
degree of saturation.

The other parameters remain constant, including Poisson’s ratio u = 1/3, porosity
n = 0.3, and shear modulus G = 107 N/m?. Figure 8 illustrates the boundary between the
momentary liquefaction zone and the stable zone within the riverbed, as predicted by two
different models: Equation (53) by Bear [60] and Equation (55) by Madsen [61].

According to Bear’s criterion, momentary liquefaction occurs when the vertical re-
sultant force on the particles becomes zero, resulting in a shallow liquefaction zone with
a depth of z; = 0.1 d. In contrast, Madsen’s criterion suggests that liquefaction occurs
when the horizontal pressure gradient exceeds the intergranular stress, leading to a deeper
liquefaction zone extending to z; = 0.5 d. The maximum liquefaction depth predicted
based on horizontal pressure gradients is five times that predicted based on vertical pres-
sure gradients. This difference in liquefaction depth highlights the varying influences of
vertical and horizontal seepage forces, with Bear’s criterion predicting shallow liquefac-
tion under rapidly changing vertical seepage forces, while Madsen’s criterion indicates
deeper liquefaction under significant horizontal pressure gradients. For conservative rea-
sons, the liquefaction criterion proposed by Madsen [61] is adopted in the subsequent
parameter analysis.

Figure 9 illustrates the relationship between maximum liquefaction depth (z;/d) and
tidal bore height (H/d) for a partially saturated riverbed composed of isotropic silt soil and
fine sand. The results indicate a distinction in liquefaction behavior between the two soil
types. Silt soil exhibits a greater liquefaction depth across all tidal bore heights compared
to fine sand, highlighting its higher susceptibility to liquefaction. This behavior can be
attributed to the finer particle size and lower permeability of silt, which result in higher
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pore pressure gradient under loading conditions such as those induced by tidal bores.
When the water depth is 2 m and the tidal bore height is less than 1.4 m, no liquefaction
occurs in the fine sand. However, when the tidal bore height exceeds 1.4 m, the liquefaction
depth increases sharply. This indicates that when the relative tidal bore height is low, it is
insufficient to impact the fine sandy seabed.

plpgd &

z/d
=

X/d

Figure 8. (a) Dynamic water pressure at the water-riverbed interface. (b) The boundary between the
liquefaction zone and the stable zone based on Equations (53) and (55), respectively.

Figure 10 illustrates the relationship between the maximum liquefaction depth (z;/d)
and the water depth (d/h) before the arrival of the tidal bore for a partially saturated
riverbed composed of isotropic silt soil and fine sand, with a constant tidal bore height.
The data reveal a pronounced decrease in liquefaction depth as the initial water depth
increases relative to the tidal bore height for both soil types. Silt soil, due to its finer particle
size and lower permeability, initially leads to a higher liquefaction depth. However, as the
water depth increases, the relative impact of the tidal bore on the silt soil’s stability lessens,
leading to reduced liquefaction. As the water depth increases, the liquefaction depth in
fine sand decreases more rapidly than in silt, indicating that fine sand exhibits relatively
better stability under deeper water conditions.

Figure 11 illustrates the relationship between the liquefaction depth z;/d and the
relative riverbed thickness /1/d, comparing isotropic silt soil and fine sand. As 1/d increases,
the liquefaction depth for both soil types also increases, indicating that thicker riverbeds
are more prone to deeper liquefaction zones. For silt riverbeds, when h/d is less than 1,
the liquefaction depth increases significantly with the increase in riverbed thickness; when
h/d exceeds 1, the impact of riverbed thickness on liquefaction depth diminishes, tending
towards a stable depth. The pattern is similar for fine sand riverbeds, but the critical value
is around h/d = 2.5. This suggests that there is a most unstable thickness in the riverbed,
resulting from the interaction between incident tidal bore and reflected stress waves from
the riverbed bottom. Therefore, in engineering site selection, these sensitive areas should
be avoided, and structural foundations should be placed in relatively safer locations.
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Figure 9. Maximum liquefaction depth z;/d as a function of tidal bore height H/d for a partially
saturated riverbed composed of isotropic silt soil and fine sand.
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Figure 10. Maximum liquefaction depth z;/d as a function of water depth d/h before the arrival of the
tidal bore for a partially saturated riverbed composed of isotropic silt soil and fine sand.

Figure 12 illustrates the relationship between the maximum liquefaction depth z;/d
and the soil stiffness parameter Gf, comparing the liquefaction behavior of a riverbed
composed of isotropic silt soil and fine sand. The results indicate that as Gp increases, the
liquefaction depth for both types of soil also increases, though the rate of increase differs.
The liquefaction depth for silt soil rises significantly with increasing G, suggesting that the
liquefaction potential of silt soil is highly sensitive to changes in soil stiffness. In contrast,
the liquefaction depth for fine sand increases more gradually, indicating that its liquefaction
potential is less affected by variations in soil stiffness. As the saturation degree increases,
the G value decreases and the soil stiffness increases, leading to a reduction in liquefaction
depth, meaning that the more saturated the riverbed, the more stable it becomes. However,

101



J. Mar. Sci. Eng. 2024, 12, 1668

when the saturation degree S,—1, the soil stiffness Gf—0 and the maximum liquefaction
depth of fine sand riverbeds does not vary significantly with changes in saturation.
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Figure 11. Maximum liquefaction depth z;/d as a function of relative riverbed thickness /d for a
partially saturated riverbed composed of isotropic silt soil and fine sand.
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Figure 12. Maximum liquefaction depth z;/d as a function of soil stiffness Gp for a riverbed composed

of isotropic silt soil and fine sand.

Figure 13 illustrates the relationship between the maximum liquefaction depth z;/d
and the soil permeability ky, examining the liquefaction behavior of partially saturated
isotropic riverbeds (k; = ky). The results show that the liquefaction depth initially increases
with increasing permeability, reaches a peak, and then decreases, indicating that there is
a specific permeability range where the liquefaction depth is maximized. Specifically, at
lower permeability values typical of silt soil (k; < 1.6 x 10~% m/s), the liquefaction depth
increases as permeability increases due to the limited drainage capacity, which leads to
a higher pore water pressure gradient under tidal bore, thereby enhancing liquefaction
potential. However, as it continues to increase to values typical of fine sand, the liquefaction
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depth decreases because higher permeability facilitates drainage, reducing the pore water
pressure gradient and thus lowering the risk of liquefaction. When the permeability
coefficient is greater than 7 x 1073 m/s, no liquefaction occurs in the riverbed because the
pore water is easily discharged.
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Figure 13. Maximum liquefaction depth z;/d as a function of soil permeability k; for a partially
saturated isotropic riverbed.

4. Discussion
4.1. Liquefaction Potential Evaluation

The results of this study reveal the critical impact of tidal bores on the liquefaction
potential of riverbeds, particularly in macro-tidal estuaries, where the sudden influx of
water creates significant hydrodynamic forces that challenge the structural integrity of the
sediment layers. By applying the generalized Biot theory and integral transform methods,
this study not only captures the transient response of riverbed sediments under these
dynamic pressures but also offers a quantitative framework for predicting the conditions
under which liquefaction is likely to occur. The study demonstrates that momentary
liquefaction is not merely a theoretical possibility but a realistic outcome influenced by key
factors such as the permeability coefficient and the degree of saturation of the riverbed.
This understanding bears similarity to the seabed liquefaction phenomenon induced by
wave loading [29,52].

Fine sand facilitates pore water discharge, significantly reducing liquefaction risk,
whereas silt soil increases sediment instability. This finding emphasizes the critical need
to consider local soil characteristics when evaluating the vulnerability of riverbeds to
tidal bore events. In riverbeds with low permeability, the retention of pore water can
result in pore pressure gradients reaching critical levels, thereby increasing the risk of
liquefaction. Conversely, in riverbeds with high permeability, the efficient dissipation of
pore water pressure can significantly mitigate this risk, identifying a potential area for
targeted engineering interventions aimed at enhancing riverbed stability.

Additionally, the study’s insights extend beyond the specific context of tidal bores,
offering broader implications for the management of coastal and riverine environments
subjected to extreme hydrodynamic events. The consistency of these findings with previ-
ous research [25,27] reinforces the critical role of soil properties in determining sediment
stability under rapid hydrodynamic changes. At the same time, the study advances the

103



J. Mar. Sci. Eng. 2024, 12, 1668

field by providing a more detailed analytical approach that considers the specific interac-
tions between tidal bores and riverbed sediments. This approach not only enhances the
understanding of sediment behavior in extreme conditions but also lays the groundwork
for future studies that might explore more complex scenarios, including the effects of
sediment layering, heterogeneity, and multi-bore interactions. Such advancements will be
crucial in developing more effective strategies for mitigating the impacts of tidal bores and
preserving the integrity of vulnerable estuarine and riverine ecosystems.

4.2. Addressing Limitations

Although this study offers a comprehensive analysis, several limitations indicate the
need for further research to fully understand the complex dynamics of tidal bore-induced
liquefaction. One key limitation is the assumption of homogeneity and isotropy in riverbed
properties. This oversimplifies real-world conditions, where riverbeds typically display sig-
nificant stratification and variability in material properties, such as grain size, permeability,
and sedimentary structure. As highlighted by Hazirbaba [62], Zuo and Baudet [63], and
Porcino et al. [64], such heterogeneities can lead to diverse responses to dynamic forces.
While this study focused on clean sand and silty soils, the role of fines content in sand-silt
mixtures was not explicitly considered. Another limitation lies in the use of a constant
shear modulus G. Liquefaction involves large deformations, and G typically varies with
shear strain and the number of applied cycles. While this study employed a constant G,
we have acknowledged that strain-dependent variations in G are crucial for accurately
modeling soil behavior under cyclic loading. Future work will incorporate these variations
to enhance the precision of liquefaction predictions, especially in layered sediments where
mechanical behavior may differ significantly from homogeneous assumptions.

Additionally, this study does not account for the effects of turbulent flow and sediment
transport, which are critical in natural tidal bore environments [7]. Turbulent flow can
generate complex stress patterns, leading to localized high-pressure zones that may trigger
unexpected liquefaction. Sediment transport processes, such as erosion and deposition,
also alter riverbed morphology over time, affecting stability in subsequent tidal events. The
exclusion of these processes limits the model’s applicability in actual scenarios. To address
this, we have expanded our discussion on the assumptions made and emphasized the
importance of validating the model through field studies and in situ experiments. These
additions strengthen the conclusions and highlight the need for empirical validation to
support theoretical findings.

Moreover, the study primarily focuses on the dynamic response to a single tidal bore
event, overlooking the long-term effects of repeated events. In many estuarine environ-
ments, riverbeds are subjected to daily tidal bores, leading to cumulative effects that may
weaken sediment structures over time. The current model does not fully capture the pro-
gressive weakening of the riverbed under sustained cyclic loading. Future research should
explore these long-term effects to better predict the potential for failure in riverbed stability.

Finally, we have addressed the limitations of the analytical solution, particularly when
coefficients change over time, and have introduced numerical methods, such as the Gauss
elimination method and the Newmark time integration scheme. These approaches offer
alternatives when analytical solutions are impractical, providing a pathway for future
refinements of the model. A numerical analysis method that combines stochastic processes
with the finite element method (FEM) can also be employed to assess the quantitative
impact of the random distribution of soil material properties [65].

5. Conclusions

This study presents a comprehensive analysis of the dynamic response and liquefac-
tion potential of riverbeds induced by tidal bores, with a focus on macro-tidal estuaries.
The analysis highlights the importance of permeability and saturation in determining the
stability of riverbed sediments under the dynamic pressures generated by tidal bores. It
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also provides valuable insights into the role of different soil types in influencing liquefaction
risk in estuarine environments.

The key findings demonstrate that fine sand reduces liquefaction risk by facilitat-
ing pore water discharge, while silt soil increases the likelihood of sediment instability.
Additionally, the degree of saturation was found to significantly affect the distribution
of effective stresses and seepage characteristics within the riverbed. Partially saturated
riverbeds exhibit higher pore pressure gradients, which raise the risk of liquefaction com-
pared to fully saturated conditions.

The assumptions of homogeneity and isotropy in riverbed properties, along with
the exclusion of turbulent flow, sediment transport, and repeated tidal bores, limit the
applicability of the study in complex natural environments. Future research should de-
velop models that account for the layered structure of riverbeds, turbulent flow, sediment
transport, and long-term effects of tidal bores to improve liquefaction risk predictions.
Field validation in estuarine environments with stratified riverbeds and frequent tidal
bores is also crucial. Gathering high-resolution data on sediment properties, flow dynam-
ics, and riverbed behavior will further refine these models and provide more accurate
risk assessments.
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Appendix A

According to Equation (33), the bed surface dynamic pressure under tidal bore con-
ditions, without considering the turbulent effects on the free surface, can be expressed
as follows:

pp = pgH{1 — tanhb(x —ct)} /2. (A1)

Letl; = 1,1, = tanhb(x — ct); applying the Laplace transform followed by the Fourier
transform to Equation (A1) yields

i = posH{ (50,5 ~B(5,0,5)}, (A2

where

. +o00 +o00 . +o00 +oo
[(,0,5) = /foo /0 Lt e dtdx = /700 /0 elg"e—“dtdxzz?né(é‘), (A3)

7. oo e iCx ,—st Foo e iGx ,—st
I2(2,0,5) = /700 /0 L eStdtdx = /foo /O tanhb(x — ct)elS¥etdtdx.  (Ad)

and 4(x) is the Dirac delta function, satisfying the following sifting property:

o - ce@ae =p(co). (A5)
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Expanding tanhb(x — ct) into a g-series yields
tanhb(x —ct) = —1 — 22 g%, g = eblx—), (A6)
Substituting Equation (A6) into Equation (A4) yields

L(§0,5) = f+oo{ 0+oo {_1 -2 E (—1)k62bk("*“) } e“dt} e dx

k=1
_ _zj(s ) _2f+0<:0{ 0-i-oo OZOL (_1)ke2bk(x—ct) e—stdt} eiéxdx . (A7)

N 0 (_1)k82kbx .
_ _ = _ o0 ) icx
== (5(@') 2[70 kgl st (€ dx

From Equation (A5) yields

1

+o0 —+00 . .
- / 2726 (& — 2kbi) e ¥dx = /_oo 5(2 — 2Kkbi) e~ dx = ¢~iCx — 2% (AB)

F=2kbi

Combining Equations (A7) and (A8) yields

© Kk
Tz(é,O,S) :—2§5(6)—4ﬂ'2 ( 1)

Loy S 0(€ — 2kbi). (A9)

Substituting Equations (A9) and (A3) into Equation (A2) yields

0 k
b —27rng{ Z S+ 2kbc 5(&— Zkbz)} (A10)

Appendix B

Z]-(fj,s)
Zo((:,S) ’

j = (Ejocosh(y1h) + Ejsinh(y1h)) cosh(v2h) cosh(vyzh)
—|—(E]’2811’1h(’)/1h) -+ E]',3 COSh(’)/lh)) COSh(’)/zh)Sil’lh(’)’gh)
+(E;4sinh(71h) + Ej 5 cosh(71h))sinh(y2h) cosh(y3h)
+(E;g cosh(1h) + E;7sinh(71h))sinh(y2h)sinh(ysh)
+Ejgcosh(y1h) + Ejgsinh(y1h) + E; 10 cosh(2h)
+Ej1sinh(72h) + Ej 12 cosh(y3h) + Ej13sinh(y3h)

B;(¢,s) = (j=1--,6) (A11)

(A12)

where

Eop = 117273(8% +93) (a1 — a2) (d1 — d2) + 2v3(718202 + 7281b1)
Eop = —7201(8% +73)(dh — d2) — 27117273 81(a1 — a2)

Eos = —273(7181b2 + 728201)

Eo6 = 71102(&% + 73)(d1 — d2) + 2717273 g2(a1 — a2) ,
Eos = 2717273b2(8% + 73) (a1 — a2) + 7y17382(d1 — d)

Eo10 = —2717273b1(8% + 73) (a1 — a2) — 1177381 (dy — da)

Eo2 = —273(7118201 + 7281b2)
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Eo1 = Eo3 = Eo5 = Eo7 = Eo9 = Eop1 = Eg13 =0
E1o = 717273d2(8 + 73) (a2 — a1) + 27173b2g2

Eip = 12bida (82 +73) Eia= —2773big

E16 = 271727382(a1 — a2) — 11bada (&2 + 73)

E1g = 2717273b2(8% 4+ 73) (a1 — a2) — 7173282

E110 = 7127734281 E111 = 72734182

Ei2 = 272130281 E113 = —72b2d1 (8% +73)

Ei1 = E10E13 =E12E15 =E14E17 = E16E19 = E18

Eyj= (=1)/Ey,

E3o = 717273d1(8% +73) (a1 — a2) + 2 y273b1 81

Ez1 = —2m73bogn  Esz = mbadi (8% +13)

Esp = 271727381 (a2 — a1) — 7abidr (8% +73)

Ezs = 711734182 Ezo = 71730281 ,

Es10 = 271727301 (8% + 73) (a2 — 1) — y2y3d1gn

Ezin = —2717301g2  Ez13 = —11b1da(E2 +93)

Esq=E31E35 =E30E36 = E33E37 = E32E311 = E310
E4’]' = (—1>/E3’]’,

Esg = —71b2d182 — 12b1d281 Es1 = 1172738142(a1 — a2)

Esy = y1badag1 + 12bidig2  Ess = 1172738241 (a2 — a1)

Esg = 11720241 (G2 +73) (a1 — a2)

Esg = 2717273b281(a2 — ay)

Es10 = Y172b1d2(82 + 73) (a1 — a2)

Es11 = 27172730182(a1 — a2)

Es12 = 72badi g1 + v1b1d2g2

Esp = Es1 Es3 = Es1 Esg = Es5

Es7 = Es4 Es13 = Esp2

Eg i

i+1
= (—1)" Es;

Notation of Physical Quantity

1. ¢, the tidal bore celerity

2. d, the water depth

3. f(x,zt), the original function in the time domain
4., the Laplace transformed function

5. , the Fourier transformed function

6. G, the shear modulus

7. g, the body force acceleration

8.  h, the riverbed thickness

9.  H, the tidal bore height

10. Ky, the true modulus of elasticity of water

11.  ky, the permeability coefficient in the x direction

12.  k;, the permeability coefficient in the z direction

13.  n, the solid phase porosity

14.  p, the pore pressure in the riverbed

15.  pp, the water pressure at the water—riverbed interface
16. Py, the absolute water pressure

17. s, the complex frequency variable in the Laplace domain
18. S, the saturation degree

19. Sy, the horizontal seepage velocity

20. S, the vertical seepage velocity

21.  uj, the solid matrix displacement

22.  wj, the average relative displacement of the fluid to the solid
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23.  x, the horizontal coordinate

24. z, the vertical coordinate

25. B, the volumetric compressibility coefficient of the fluid
26. s/, the effective unit weight of the soil particles
27. Y, the unit weight of water

28.  §jj, the Kronecker delta denotation

29. 0, the volume strain

30. A, the Lamé constant

31. ¢, the frequency variable in the Fourier domain
32.  po, the combined density

33. ps, the solid density

34. pw, the fluid density

35. Tij, the total stress components

36. 0y, the normal stresses in the x directions

37. 0, the normal stresses in the z directions

38. Ty, the shear stress

39. ¢, the internal friction angle
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Abstract: The micromechanical mechanism of pipe instability under lateral force actions on sloping
sandy seabeds is unclear. This study investigated the effects of slope angle and instability direction
(upslope or downslope) on pipe—soil interaction instability for freely laid and anti-rolling pipes
using coupled discrete element method and finite element method (DEM-FEM) simulations. The
numerical results were analyzed at both macro- and microscales and compared with the experimental
results. The findings revealed that the ultimate drag force on anti-rolling pipes increased with
slope angle and was significantly larger than that on freely laid pipes for both downslope and
upslope instabilities. Additionally, the rotation-induced upward traction force was proved to be
the essential reason for the smaller soil deformation around freely laid pipes. Moreover, the shape
differences in the motion trajectories of pipes were successfully explained by variations in the soil
supporting force distributions under different slope conditions. Additionally, synchronous movement
between the pipe and adjacent particles was identified as the underlying mechanism for the reduced
particle collision and shear wear on pipe surfaces under a high interface coefficient. Furthermore,
an investigation of particle-scale behaviors revealed conclusive mechanistic patterns of pipe-soil
interaction instability under different slope conditions. This study could be useful for the design of
pipelines in marine pipeline engineering.

Keywords: micromechanics; sloping seabed; pipe—soil interaction; lateral instability; discrete element
method; finite element method

1. Introduction

Subsea pipelines are crucial components in offshore engineering, facilitating the trans-
portation of oil, gas, and other resources from ocean to land [1-4]. These pipelines are
usually installed on sloping seabeds and are often exposed to lateral hydrodynamic forces
caused by ocean water flows or tides [5-7]. The interaction between the untrenched
pipelines and granular soils under lateral hydrodynamic force actions on sloping seabeds
is complex [6,8,9]. However, conventional pipeline designs are usually based on studies on
horizontal seabeds, overlooking the lateral pipe-soil interaction instability under lateral
oblique force actions on sloping seabeds [2,3,10]. It is evident that the slope condition
introduces variations in forces and moments for pipe—soil interactions, leading to inac-
curate estimation of pipe lateral instability and the intensity of pipe—soil interactions on
the seabed [2,6]. Therefore, investigating pipe-soil interaction behavior and pipe stability
under lateral oblique force actions on sloping seabeds is important for marine pipeline
design and ensures engineering safety.

Previous studies have shown significant interest in understanding the behavior of
marine pipe—soil interactions under lateral oblique force actions [1,10-14]. Researchers have
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conducted scaled model tests, including centrifugal tests, and field trials using mechanical-
actuator methods to evaluate the instability of untrenched pipelines and explore the rela-
tionship between soil resistance and pipe displacements on soil seabeds [6,15-18]. These
experimental tests have revealed that several factors, such as soil type, magnitude and
direction of lateral force actions, pipe surface roughness, end constraint condition of pipes,
and initial embedment, influence the untrenched pipe-soil interaction behaviors [6,8,19-21].
Among these factors, the slope angle and the direction of lateral force action play crucial
roles in determining pipeline-soil interaction instability on seabeds [2,6]. However, the
specific influence of slope on pipe-soil interactions under lateral oblique force actions has
received limited attention thus far [3,6]. Additionally, over the past few decades, numer-
ous numerical simulation studies have been conducted to enhance our understanding
of progressive pipe—soil interactions under lateral oblique force actions [6,22,23]. These
simulation studies have typically employed the Coulomb friction theory or other improved
theories to develop empirical pipe-soil interaction models for predicting pipeline instability
on seabeds [5,6,15,24]. Undoubtedly, these experimental tests and numerical simulations
have contributed to the scientific understanding of pipe-soil interaction instability under
lateral oblique force actions on sloping seabeds.

However, previous studies on untrenched pipe—soil interactions on sloping seabeds
have primarily focused on soil resistance magnitude, macroscale pipe movement behaviors,
and pipe instability [2,6,25]. Consequently, the mechanisms of microscale pipe-soil inter-
actions on sloping seabeds remain unclear. Furthermore, previous continuous numerical
methods, such as the finite element method (FEM), have failed to accurately simulate
particle sliding and collision behaviors, as well as large deformation behaviors of the
soil [6,22,23,26,27]. This limitation has reduced the precision of analyzing pipe—soil interac-
tion in granular soil environments. Additionally, many pipe—soil interaction behaviors on
underwater slopes observed in experimental studies, such as different soil deformation
under downslope and upslope conditions, variable motion trajectories of pipes, and particle-
slide induced shear wear on pipe surfaces, have not been systematically explained [3,5,6].
Currently, the discrete element method (DEM) is favored by many scientists for its ability
to analyze microscopic granular soil behaviors and their interaction with structures [28-31].
The DEM also excels in discontinuity and large deformation analysis [28,32,33], making it
a preferred choice for simulating various granular soil-related issues during pipe-granular
soil interactions [34-37]. However, the DEM is weak in modeling the behaviors of con-
tinuous materials such as structures; this is due to the fact that in the DEM, structures
are typically represented by rigid walls, which are unable to model continuous stress and
deformation [35,38,39]. Therefore, investigating the stress, deformation, and shear wear
of pipe structures (continuous materials) solely using the DEM has proven to be difficult.
Therefore, it is desirable to combine the advantages of both the DEM and the FEM to
analyze pipe-soil interactions under lateral oblique force actions, considering the strengths
and weaknesses of each method. To the best of the authors’ knowledge, no studies in the
current literature have utilized coupled DEM-FEM simulations to investigate pipe—soil
interaction instability under lateral oblique force actions on sloping seabeds.

Accordingly, this study aims to explore lateral pipe—soil interaction instability on
sloping sandy seabeds from micro- to macroscales through a series of three-dimensional
coupled DEM-FEM simulations. The research begins by comparing lateral soil resistance—
displacement curves obtained from model tests and numerical simulations, followed
by examining macroscale soil resistance distributions and soil deformation phenomena.
Subsequently, the detailed behaviors of the pipes, including their motion trajectory, stress
and deformation, and surface shear intensity, are investigated, taking into account different
slope angles and instability directions (upslope or downslope). Additionally, several
conclusive patterns of lateral pipe-soil interaction on sloping seabeds are identified through
further analysis of microparticle behaviors. The findings of this study provide new insights
into understanding the lateral movement behaviors of submarine pipes and shed light on
the mechanisms of pipe-soil interaction instability on sloping sandy seabeds.
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2. Simulations of Pipe-Soil Interaction Behaviors with Coupled DEM-FEM
2.1. Brief Description of Pipeline Lateral Instability on Sloping Seabeds

With the expansion of oil and gas exploration into deeper waters, the lateral hy-
drodynamic action exerted by ocean water flow has become a dominant factor affecting
submarine pipelines [22]. The on-bottom stability of long-distance untrenched pipelines
varies significantly and is highly dependent on the end constraint conditions [3,6]. Two
commonly encountered end constraint conditions (rotation conditions) for model pipes are
as follows: (1) Anti-rolling condition, where the pipe’s rolling motion is restricted, but it
can move freely parallel and perpendicular to the seabed surface. (2) Freely laid condition,
where the pipe can rotate around its axis without any end constraint and can move freely
in parallel and perpendicular directions to the seabed surface.

Unlike previous studies that primarily focused on the on-bottom stability of pipelines
on horizontal seabeds, the on-bottom stability of pipelines on sloping seabeds is more
complex. Figure 1 illustrates two different lateral on-bottom instability modes induced
by the relative water flow actions on sloping seabeds: (a) Upslope instability, where the
pipe moves upward along the sloping seabed (6 is positive). (b) Downslope instability,
where the pipe moves downward along the sloping seabed (8 is negative). Additionally,
the magnitude of the seabed slope angle should also be considered when analyzing the
lateral on-bottom stability of pipelines. As mentioned earlier, the lateral on-bottom stabil-
ity of a submarine pipeline under ocean wave/current involves complex flow—pipe—soil
interaction, which refers to the interaction between hydrodynamic loading, the untrenched
pipeline, and the surrounding soil. The ultimate lateral soil resistance (Fr,,) for pipe insta-
bility is mainly influenced by pipeline parameters, sand properties, and hydrodynamic
load characteristics. Previous studies on pipe lateral instability [3,6] have provided ex-
pressions for the ultimate lateral soil resistance (Fr,) parallel to the slope surface and the
corresponding pipe-soil contact force (Fc,) perpendicular to the slope surface, which can
be expressed as follows:

Fru = Fp,, — Gsin6 (@)

Fcy = Geos 0 — Fp,, tan @ (2)

where Fp, is the ultimate drag force on the pipe; G is the submerged weight of the pipe per
meter; and 6 is the slope angle.
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dy flow
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Rotation condition @: Freely-laid
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Figure 1. Schematic diagrams illustrating the lateral on-bottom instability of a submarine pipeline on
sloping seabeds: (a) upslope instability and (b) downslope instability.
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2.2. The Adopted Model Tests

This study followed the large-scale model tests conducted by Gao et al. [3]. Silty
fine sand with a particle median diameter (dsp) of 0.11 mm was used in these model
tests. The buoyant unit weight (7') of the sandy soil was 9.02 kN/m? while the internal
friction angle of the soil was 32°. The relative density of the sand was 16%. The pipe
used in the tests had a diameter (D) of 0.35 m and a submerged weight of 0.801 kN/m. To
simulate the lateral hydrodynamic action on the pipe during the experiments, a mechanical
actuator simulation method was employed. The mechanical-loaded pipe—soil interaction
facility (Figure 2) served as the main test facility for modeling pipe lateral instability on
sloping sand beds. A displacement-controlled testing program was implemented in the
mechanical actuator system. An inclined force was generated on the model pipe by a
stepper motor through two cables: one connecting the pipe and the live pulley, and the
other connecting the live pulley and the stepper motor via two fixed pulleys (Figure 2).
Based on Jones’s study (1976), the resultant hydrodynamic load on the pipe was found to
be obliquely upwards with an inclination angle ranging approximately between 53° and
57° (around 55°). Thus, the length of the front cable was adjusted to achieve a specific
inclined load angle (approximately 55°) in the model tests. Detailed analysis of the loads
on the submarine pipeline was provided by Gao et al. [3,15].

@ Step motor

@ Cable

@ Fixed pulley

@ Supporting frame
@ Supporting beam
® Live pulley

@ Anti-rolling device
Test flume

@ Tension load cell
@ LDT-1

@ LDT2

@ Water

@ Sloping sand-bed
@ Model pipe

3.2m
XS]

Pipe moving direction

Model pipe

Sand upheaval

\\ Sand-bed

(b)

Figure 2. Experimental model testing setup for simulating pipe lateral instability on sloping seabeds
(modified from Gao et al. [3]): (a) schematic diagram illustrating the experimental tests and (b) photo
of the experimental tests.

Non-contact measurements of pipe displacements were performed using two laser dis-
placement transducers (LDT-1 and LDT-2): LDT-1 measured the lateral displacement of the
pipe (parallel to the seabed surface), while LDT-2 measured the settlement perpendicular to
the seabed. A tension load cell installed on the front cable was used to measure the inclined
load exerted on the model pipe. Experimental observations were recorded using a digital
video camera placed behind a transparent glass wall. The additional settlement, lateral
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displacement of the test pipe, and corresponding load were measured simultaneously
during the loss of lateral stability of the pipe. Further details of the adopted model tests
can be found in Gao et al. [3].

2.3. Methodology of Coupled DEM-FEM

In this study, a coupled approach combining the discrete element method (DEM) and
the finite element method (FEM) was employed to investigate the lateral instability of
submarine pipes on sloping sandy seabeds. The numerical models in the three-dimensional
DEM-FEM simulations had the same pipe size, slope angle, and pulling direction as the
model tests conducted by Gao et al. [3]. Granular soil is suited for simulation using DEM,
while solid structures are suited for continuous numerical simulations [40-45]. As in
previous DEM-FEM coupling research [33], commercial DEM-FEM softwares were used
in this study. In this study, the granular soil was represented by spherical balls in the
DEM part, while the pipe was simulated using finite element meshes in the FEM part. This
approach has been previously validated as an effective method for simulating soil-structure
interaction [43,46,47]. In the model tests, the pipes exhibited only slight deformation
compared to their displacement, meeting the requirement for implementation of the one-
way transient DEM-FEM coupling method [48,49]. As in previous studies [33,46,50,51],
this one-way transient coupling algorithm involved computing boundary data (i.e., particle
forces on the surface of the structure) using the DEM and subsequently integrating it into
the FEM simulation as a condition at each step, without providing feedback from the FEM
to the DEM. During the DEM-FEM coupling, the particle forces on the boundary of the
pipe (triangular geometry) were collected first in the DEM part, and then the vertex force
per boundary triangle was computed as the average of the values corresponding to the
surrounding triangles. Next, these forces on the vertex were used for mechanical transient
structure analysis in the FEM part.

As shown in Figure 3a, a three-dimensional (3D) particle domain with several fixed
boundaries was used to model a thin slice of soil perpendicular to the pipe axis, following
the approach of Macaro [34]. The boundaries of the container consisted of several fric-
tionless walls. As shown in Figure 3b, the domain thickness adopted in the simulations
presented here was 100 mm. The pipe segment was implemented via finite element mesh
(triangular geometry) as a circular cylinder (the number of vertices was 6888), and the me-
chanical parameters for the pipe were based on the elastic properties of steel. In DEM-based
simulations, particle size in the numerical simulation is usually much larger than that in
model tests while the span of particle size distribution is narrower to obtain an acceptable
computational cost, especially for three-dimensional engineering structure—soil interaction
simulations, as presented in previous studies [34,38,52-54]. The diameters of particles in
this simulation were between 12 and 24 mm while the median particle diameter (d59) was
16 mm, generated by the gravity deposition method [55]. In the gravity deposition method,
as in previous studies [56,57], particles were released from the top of the container, and the
slope angle for the sand deposit was controlled by adjusting the inclination angle of the
deposition apparatus (wall boundary). Thus, the modeled mean grain size (ds) in the DEM
simulations met the requirement that the dsy should be smaller than 1/5 (approximately
1/6 in this study) of the domain thickness to neglect the boundary effect in the out-of-plane
direction [34,38]. Additionally, the particle size in the DEM met the criterion that the
ratio of the pipe diameter to dsy should be larger than 10 (approximately 22 in this study),
according to previous research [34,38,58-60]. The total number of particles generated in
the simulations ranged from 100,032 to 173,284 in different slope angle cases.
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Figure 3. DEM-FEM simulation model of the pipe-sand interaction on sloping seabeds: (a) front
view, (b) local details.

In accordance with previous simulations [33,61], the Hertzian spring-dashpot model
was used for calculating the normal contact behavior, while the linear spring Coulomb
limit model was used for calculating the tangential contact force behavior. The tangential
to normal stiffness ratio was set to the commonly recommended value of 1.0. To model the
pulling behaviors observed in the model test conducted by Gao et al. [3], where the pulling
direction was at an angle of 55° to the slope surface, the pulling direction was controlled
with the same angle of 55° in the numerical simulations, as illustrated in Figure 3. The
pulling actions were velocity-controlled, with a pulling velocity of 1.74 mm/s, consistent
with the velocity used in previous model tests [3,6]. The relative density of the sandy soil
in the model tests was matched in the DEM-based simulations, with a relative density
of 16% (void ratio of 0.83); this value was obtained using the commonly used method
proposed by Deluzarche et al. [32]. In the method proposed by Deluzarche et al. [32],
the relative density of granular soil (void ratio) is controlled by the friction coefficient of
particles during the gravity deposition process of soil: a small void ratio can be obtained
with a particle friction coefficient of 0.0 with vibration, while the largest void ratio can be
obtained with a high friction coefficient. Based on former DEM-based studies on pipe-soil
interactions [34-36,38,39,59], the elasticity modulus (E) was set at 2.0 x 10 kN/m? and
2 x 101 kN/m? for the particles and the pipes, respectively, while the particle-particle
friction coefficient was 0.5. Based on previous experiences in considering particle shape
effects [62-67], the widely used linear spring rolling limit model proposed by Wensrich
and Katterfeld [65] was used, and the rolling resistance (RR) of the particles was set at the
typical value of 0.10 to model particle shape effect. In the numerical simulations, the critical
timestep (6.7 x 107> s) was determined through extensive preliminary simulation analyses
to ensure the stability of the results. The timestep in the simulations was 4.5 x 1075 s,
smaller than the critical step.

The calibration of the DEM models was performed on the basis of force—displacement
curves obtained from the experimental tests (Figure 4), following previous studies on
large-scale soil-structure interaction [68-71]. According to previous studies based on the
DEM [47,72,73], direct calibration using force—displacement curves in large-scale physical
experiments offers a comprehensive reflection of the intensity of structure-soil interaction
on a physical level; this method reflects both the action and the properties of the structure,
as well as the properties of the soil, compared with other calibration methods, such as
calibration solely by parameters in small-scale soil property tests [33,68,69,73]. The fric-
tion among the particles was 0.5 while the interface friction between the pipe and the
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granular soil was 0.45 after the calibration: all within a rational range according to previ-
ous DEM simulations [74-76]. Table 1 gives the main parameters adopted in the coupled
DEM-FEM simulations.
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Figure 4. Relationships between lateral soil resistance Fr and lateral displacement s/D in the model
tests and numerical simulations [3].

Table 1. Main parameters used in the DEM-FEM simulations.

Parameters Value Unit
Particles
Particle density (p) 1600 kg/ m3
Young’s modulus (E) 2 x 100 Pa
Friction coefficient (f) 0.50 \
Restitution coefficient 0.30 \
Rolling resistance (RR) 0.10 \
Timestep 45 x 1072 s
Poisson’s ratio (v) 0.30 \
Gravitational acceleration (g) 9.81 m/s?
Pipes
Young’s modulus (E) 2 x 1011 Pa
Friction coefficient (f) 0.45 \
Restitution coefficient 0.8 \
Poisson’s ratio (v) 0.3 \

In the coupled DEM-FEM numerical study, the effect of fluid (water) in the experi-
mental tests was simplified (not directly modeled). The simulations were based on well-
drained conditions (with negligible excess pore water pressure) for the following three
reasons [3,15]: a. the adopted model tests were based on sandy soil, a kind of soil that
facilitates the dissipation of excess pore pressure; b. the pipe was moving on the surface
of the seabed (not buried in the soil), a fine drainage boundary; c. the steady moving
velocity of the pipes was moderate (1.74 mm/s) on the soil surface. However, it should
be noted that the drained condition in the DEM-FEM simulations (which accounts for the
effect of water by using the buoyant unit weight of particles) is a simplification of real
experimental tests.

Note that unacceptable computational efficiency will result if particle details in a
DEM simulation are the same as those in model tests [34,38,52-54]. Therefore, it is widely
accepted that, in DEM-based simulations, many factors such as particle size, shape, and
size distribution are simplified compared to those observed in model tests, in order to
achieve acceptable computational efficiency [77-82]. Consequently, rather than aiming
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for precise numerical values, simulations based on the DEM often prioritize providing
valuable insights into the micromechanical mechanisms and trends in soil behavior.

3. Results and Analyses
3.1. Soil Resistance and Macro Pipe-Soil Interactions

The evaluation of the ultimate drag force on pipes provides a comprehensive re-
flection of the intensity of pipe-soil interaction for pipe instability analyses on sloping
seabeds [2,6,19]. Relationships between ultimate drag force Fp, and slope angle 6 in the
numerical simulations are shown in Figure 5. Obviously, the ultimate drag force Fp,, in
a downslope condition was much smaller than that in an upslope condition, which is
consistent with the common sense that moving downward is easier than moving upward
on slopes. When comparing the ultimate drag force Fp, in anti-rolling and freely laid
conditions, the Fp, was significantly larger (more than double) in anti-rolling conditions.
In freely laid conditions, as the slope angle increased to 161 > 10°, “static instability”
occurred, indicating that the freely laid pipe is relatively unstable on slopes. In anti-rolling
conditions, as the slope angle (0) increased, the Fp,, increased significantly at first and then
gradually tended to be stable, without the occurrence of “static instability” for 161 < 20°.
This demonstrates that the end constraint (anti-rolling) noticeably enhances the stability of
pipes on slopes. Therefore, both the slope effect and the end constraint effect on pipe—soil
interactions warrant attention for evaluating pipe instability.
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Figure 5. Relationships between the ultimate drag force (Fp,) and the slope angle 6 as they affect
pipe instability in the numerical simulations.

The soil deformation and the distribution of soil resistance (or supporting force)
around pipes provide valuable insights into the manner of pipe—soil interaction on granular
soil slopes. Figure 6 illustrates the progressive soil supporting force distributions and soil
deformation around freely laid pipes under different slope angle conditions. In all cases,
as the pipes rotated, a concave deformation beneath the pipe was formed due to particle
slides under the weight effect of the pipes. In the case of a pipe experiencing downslope
instability on a sloping seabed (see Figure 6a), the main supporting forces were consistently
located on the downslope side of the pipes. In the case of a pipe experiencing instability
on a flat seabed (see Figure 6b), the supporting forces were located on both sides of the
pipes in the stationary conditions (S/D = 0), but the main supporting forces shifted to the
pipe moving direction after noticeable pipe movement. In the case of a pipe experiencing
upslope instability on a sloping seabed (see Figure 6c), the main supporting force zones
underwent a location transition from being on the downslope side, to being on both sides,
and, finally, to being on the upslope side, as the pipes rotated. Furthermore, in all cases,
no significant soil upheaval in front of the pipe’s movement direction was observed, and
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the concave deformation beneath the pipe noticeably decreased after pipe rotation. These
observed soil deformations will be further analyzed in subsequent sections of this paper.
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Figure 6. Progressive soil supporting force distributions and soil deformation around freely laid pipes
at different slope angle conditions: (a) f = —5° (downslope), (b) 8 = 0° (flat), and (c) 6 = 5° (upslope).

Figure 7 illustrates the distribution of soil resistance and progressive soil deformation
of anti-rolling pipes on slopes under different slope angle conditions. To better illustrate
how the soil upheaval in the pipe moving direction can be especially small in downs-
lope conditions, the progressive soil supporting force and soil deformation distributions
under 6§ = —10° are presented in Figure 7a. On the whole, the zone of supporting force
distributions was similar to that in Figure 6, but the magnitude of the supporting forces
was larger, which aligns with the larger ultimate drag force observed under anti-rolling
conditions in Figure 5. Additionally, soil upheaval emerged in front of the pipe’s move-
ment direction, and the concave deformation of the slope surface and the soil upheaval
increased with the slope angle 6 in Figure 7, which is consistent with the increased ultimate
drag force as slope angles increased in Figure 5. When comparing the settlement and soil
deformation around freely laid pipes (see Figure 6) with that occurring around anti-rolling
pipes (see Figure 7), it is notable that the settlement and soil deformation around anti-
rolling pipes was significantly larger. This difference can be attributed to the influence of
rotation-induced traction force on granular soil slopes, which will be further analyzed in
the following sections.

It is important to note that the magnitude of soil deformation around pipes on a sloping
seabed provides valuable insights into the intensity of pipe—soil interactions and is closely
related to the magnitude of the ultimate drag force. Comparing Figures 6 and 7 reveals
that the soil deformation around pipes in freely laid conditions is significantly smaller
than that in anti-rolling conditions, consistent with findings from previous experimental
studies [3,6]. However, previous studies have provided only vague interpretations for the
smaller settlement of pipes in freely laid conditions, attributing it to a smaller ultimate
drag force affecting pipe instability. In fact, the smaller settlement of pipes in freely laid
conditions can be clearly explained. To clarify the underlying reasons, it is crucial to
prioritize the recognition that the soil deformation around pipes is primarily induced by
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the gravitational force of the pipes (G), based on the force analyses in Figure 1. As shown
in Figure 8, in the freely laid condition, the rotation of a pipe on the concave soil surface
would induce an obliquely upward force (Ft), partially counteracting the pipe’s gravity
(G). Consequently, the soil deformation around the pipe decreases after significant pipe
rotation on the concave soil surface. In the anti-rolling condition, where there is no pipe
rotation and, therefore, no obliquely upward traction force to counteract the pipe’s gravity
(G) due to the pipe’s end constraint, the soil deformation caused by the pipe’s weight is
pronounced. Therefore, the upward traction force induced by rotation is the main reason
for the smaller soil deformation around pipes in freely laid conditions.
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Figure 7. Progressive soil supporting force and soil deformation distributions around anti-rolling
pipes at different slope angle conditions: (a) # = —10° (downslope), (b) § = 0° (flat), and (c) 6 = 5°
(upslope).
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Figure 8. Schematic diagram illustrating the effect of free rotation on pipe-soil interaction on a
concave soil surface.

3.2. Progressive Pipe Behaviors on Sloping Seabeds

The evaluation of pipe-soil interactions on sloping seabeds can benefit from analysis
of the motion trajectory, stress, deformation, and shear wear characteristics of pipes [83-85].
However, the existing literature on DEM-based analysis lacks specific studies examining the
influence of granular soil slopes on the stress, deformation, and shear wear characteristics
of pipes from a cross-sectional perspective [1,86-88]. As previously discussed, the intensity
of anti-rolling pipe—-soil interactions is significantly stronger than that of freely laid pipe—
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soil interactions on sloping seabeds. Consequently, this section primarily focuses on the
behaviors of anti-rolling pipes.

The motion trajectory of pipes provides a comprehensive reflection of the intensity
and manner of pipe-soil interactions on sloping seabeds. In scientific research, the motion
trajectory of pipes is often compared using lateral displacement—settlement curves [6,15,18].
Previous studies [1,3] have pointed out the complexity of lateral displacement- settle-
ment curves for pipes on sloping seabeds: sometimes a peak point exists in the lateral
displacement-settlement curves, while at other times there is no peak point. To understand
the pattern of pipe settlement development during lateral movement, lateral displacement-
settlement curves for pipes under different slope angles (negative angle indicates downs-
lope instability conditions) were produced and are presented in Figure 9. The lateral
displacement and the settlements of pipes were normalized by the pipe diameter (D). By
comparing the lateral displacement—settlement curves from the simulation results (see Fig-
ure 9), certain patterns can be observed. The pipe settlement continuously increased with
lateral displacement when the slope angle was small (6 = —10° in typical downslope insta-
bility conditions). In contrast, the pipe settlement initially decreased and then increased
with the increase in lateral displacement, exhibiting an obvious peak at lower values when
the slope angle was large (¢ = 10° and 20° in typical downslope instability conditions).
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Figure 9. Normalized pipe settlement (¢/D) vs. normalized lateral displacement (s/D) for anti-rolling
pipes on sloping seabeds.

In fact, the observed shape rules in pipe settlement-displacement curves can be further
elucidated by the differences in soil supporting force distributions under different slope
conditions. Under the condition of no pipe movement on sloping seabeds (Figure 10a),
the primary supporting force is concentrated on the downslope side of the pipe tip on the
sloping seabed (as verified by the images in Figure 7c). If we only consider the effect of an
obliquely upward driving force, the settlement of pipes will continuously decrease after the
driving force is applied, due to the counteracting effect on the pipe’s gravity. However, the
change of soil support force distributions during lateral pipe movement also significantly
affects the settlement of pipes. In the case of upslope instability (Figure 10b), the downslope
supporting zone (contact zone) will be lost after the obliquely upward movement of
pipes, resulting in an insufficient soil supporting force to counteract the pipe’s gravity G.
Consequently, the settlement of the pipe will increase due to the unbalanced gravitational
force acting on the pipe, and the main soil supporting force will be transferred to the
upslope side. In the case of upslope instability, the combination of the obliquely upward
driving force and the change in soil support force distributions would result in a turning
point on the pipe settlement-displacement curves. In the case of downslope instability (see
Figure 10c), although the contact area on the upslope is reduced (much smaller contact area)
after the pipes move downward, the main soil supporting force on the downslope side,
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(a)

which counteracts the gravity (G) of the pipes, experiences less change. As a result, the
settlement of the pipe is mainly influenced by the obliquely upward driving force, leading
to a continuous reduction in pipe settlement as the pipe moves laterally.
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Figure 10. Schematic diagram illustrating the mechanism of the shape rules in pipe settlement—
displacement curves for anti-rolling pipes on granular soil slopes: (a) stationary (Initial position),
(b) upslope instability (after applying obliquely upward action), and (c) downslope instability (after
applying obliquely downward action).

In the study conducted by Gao et al. [3], no experimental data on pipe stress and
deformation were provided. This section aims to analyze the stress and deformation of
pipes in cross-sections, which serves as a supplementary analysis to the experimental
tests. Figure 11 illustrates the typical pipe stress and deformation in the central cross-
sections for downslope instability and upslope instability. In all cases, the largest pipe
deformations were observed in the lower part of the pipes in the pipe moving direction,
which corresponds well to the main contact zone of pipe—soil interactions (see Figure 7).
Due to the significant soil resistance at the pipe—soil interface, concave pipe deformation
appeared in the lower part of the pipes in the pipe moving direction. In the downslope
instability condition (¢ = —5° in Figure 11a), the zone of concave deformation rotated
slightly counterclockwise as the lateral pipe displacement increased, owing to the slight
rise in soil upheaval in front of the pipe’s movement direction. In the upslope instability
condition (8 = 5° in Figure 11b), the stress and concave deformation of the pipes were
larger than those in the downslope instability condition. Moreover, as a result of significant
soil upheaval in front of the pipe’s movement direction, the zone of concave deformation
on the pipes exhibited noticeable rotation as lateral pipe displacement increased. The
numerical simulation results indicate that the lower position ahead of the pipe’s movement
is relatively susceptible to deformation. In the upslope instability condition, the pipe
deformation deserves more attention for failure analysis.
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(downslope instability) and (b) 6 = 5° (upslope instability).

The tendency for shear wear to occur is a crucial factor in determining the placement of
monitoring equipment and coatings to protect against seawater corrosion on pipelines. The
pipe—soil interaction behaviors depicted in Figure 7 indicate a complex tendency for shear
wear to occur on the outer surface of pipes. The intensity of shear wear mainly depends on
the shear intensity [89]. As previously discussed, the intensity of pipe—soil interactions for
freely laid pipelines is significantly weaker than that of anti-rolling pipe-soil interactions
on sloping seabeds; thus, the shear intensities of freely laid pipe—soil interactions in all
cases were found to be weak. Figure 12 presents the typical shear intensities on the pipe
bottoms under different slope angles (negative angles represent downslope instability
conditions) and different interface friction coefficients. In all cases, the main areas of
high shear intensity were observed on the side of the pipe moving direction due to the
predominant soil resistance on the side (the side in front of the pipe’s movement direction).
Moreover, the shear intensity increased with the slope angles (from downslope instability to
upslope instability), which corresponds to the increased soil resistance in front of the pipe’s
movement direction with the increase in slope angles, as reflected in Figure 7. According to
common sense, a higher interface friction coefficient leads to a higher interface friction force
and, consequently, higher interface shear intensity. However, an interesting phenomenon
was observed: the shear intensity on the bottom of the pipes increased with a decrease in
the interface friction coefficient, as shown in Figure 12d—f. The reasons for the decrease in
interface shear intensity with an increasing friction coefficient will be explained in detail in
the following sections.
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Figure 12. Comparison of the position and shear intensity on the bottom of anti-rolling pipes:
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(f = 0.45), and () 0 = 5° (f = 0.60).

3.3. Particle-Scale Soil Behaviors and Patterns of Pipe—Soil Interaction on Sloping Seabeds

Understanding particle-scale behaviors is crucial for comprehending the complex
mechanisms of soil deformation and the interactions between structures and soil [90,91].
This section provides a more in-depth exploration of the interface shear behaviors, soil
shear bands, soil disturbance and deformation zones, and patterns of pipe-soil interaction
instability on sloping seabeds, with a focus on particle-scale behaviors.

The shear intensity on the pipe surfaces is directly related to the sliding and collision
behaviors of particles at the pipe—soil interfaces. Figure 13 provides the particle collision
behaviors on pipe—particle interfaces under different interface friction coefficients (6 =
5°, for example). Numerous particle collisions were observed on the side of the pipe
moving direction, which aligns with the zone of high shear intensity depicted in Figure 12.
Additionally, the frequency of particle collisions and the sliding distances decreased with
an increase in interface friction coefficients, consistent with the shear intensity shown in
Figure 12d,e. This indicates that as the interface friction coefficients increase, the pipe and
adjacent particles tend to move together to interact with the surrounding soil.
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Figure 13. Comparison of the position and slide distance of particle collisions on the surface of
anti-rolling pipes (f = 5°) under different interface friction coefficients: (a) f = 0.30, (b) f = 0.45, and
(c) f =0.60.

Furthermore, the particle rotation velocity distributions provide further evidence of
the shear behaviors on the pipe surfaces. Previous studies [33,92] have shown that the zone
of high particle rotation velocities in granular soil is indicative of the position of strong
soil shear. Figure 14 explores the relationships between microparticle rotation velocity and
shear bands or shear behaviors around pipes. In downslope instability conditions (6 = —5°,
for example), significant particle rotation occurred around the downslope zone of the pipes,

124



J. Mar. Sci. Eng. 2024, 12, 225

as shown in Figure 14a, reflecting a high shear intensity in the zone. Additionally, the zone
of high particle rotation velocities was relatively small in Figure 14a, corresponding to
a limited soil upheaval in front of the pipe’s movement direction. In upslope instability
conditions (¢ = 5°, for example), a soil shear band emerged below the interface shear zone
in Figure 14b. This is associated with a pronounced soil upheaval in front of the pipe’s
movement direction. Interestingly, no notable particle rotation velocity was observed at the
pipe-soil interface when the interface friction coefficient increased to f = 0.6 in Figure 14c;
in this scenario, only a significant soil shear band at some distance from the interface (the
soil shear band below the interface shear zone) was observed, suggesting that the particles
on the pipe-soil interface move together with the pipes rather than undergoing relative
sliding. The weak surface shear wear (see Figure 12) and fewer particle collisions (see
Figure 13) under high interface friction coefficient conditions also support the synchronous
movement of the pipe and adjacent particles. Clearly, the particle rotation behaviors based
on discrete element method (DEM) simulations effectively reflect the differences in soil
shear induced by slope and interface friction effects.
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Figure 14. Comparison of the particle rotation velocity and soil shear behaviors in the progres-
sive soil deformation process around anti-rolling pipes on sloping seabeds: (a) § = —5° (f = 0.45),
(b) 8 =5° (f =0.45), and (c) 6 = 5° (f = 0.60).

The trajectories and the translation velocity of particles at each tracing point in the
pipe—soil interaction process are fundamental for in-depth interpretation of soil failure
behaviors [33,93]. Figure 15 illustrates the trajectories of the particles and their translation
velocities at each tracing point. In cases with freely laid pipes (Figure 15a), the short particle
trajectories and low particle translation velocities indicate limited soil disturbance and
weak pipe-soil interaction on sloping seabeds. In cases with anti-rolling pipes (Figure 15b—
f), the long particle trajectories and high particle translation velocities indicate significant
settlement of pipes on sloping seabeds; in these cases, the long and oblique trajectories of
particles were a result of the strong squeezing movement of the pipes. Within the particle
trajectory zones, the velocity of particle translation decreased with soil depth as a result
of the increasing confining effect in deeper soil. Furthermore, the area of strong pipe—
soil interaction zones increased with slope angles (from downslope instability to upslope
instability), as increased by the increased area of particle trajectory zones. In summary, the
end constraint condition of pipes, instability directions (upslope or downslope), and slope
angles significantly influence the extent of soil disturbance on sloping seabeds.
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Figure 15. Comparison of particle trajectories and particle translation velocities during the progressive
pipe—soil interaction process on sloping seabeds: (a) 6 = 0° (freely laid), (b) # = —10° (anti-rolling),
(c) 8 = —5° (anti-rolling), (d) 6 = 0° (anti-rolling), (e) & = 5° (anti-rolling), and (f) 6 = 10° (anti-rolling).

3.4. Patterns of Pipe—Soil Interaction on Sloping Seabeds

In the field of marine pipeline engineering, pipelines are often found on sloping
seabeds [1,11,14]. Therefore, it is crucial to analyze the patterns of lateral pipe—soil inter-
actions under lateral oblique force actions on sloping seabeds. This study’s macro- and
microscale analyses of pipe—soil interaction yielded the mechanistic patterns of pipe—soil in-
teractions on sloping seabeds, as shown in Figure 16. For freely laid pipes, without restraint,
on sloping seabeds (Figure 16a), the pipes are able to rotate freely. As a result, the pipe-soil
interaction is characterized by small pipe settlement and relatively mild soil disturbance,
regardless of the instability directions (upslope or downslope). For anti-rolling pipes in
downslope instability conditions (Figure 16b), the pipe-soil interaction is characterized
by reduced pipe settlement and relatively weak soil upheaval as the pipe moves along
the slope surface. For anti-rolling pipes in upslope instability conditions (Figure 16c), the
pipe-soil interaction is characterized by an arc settlement trajectory and huge soil upheaval
in front of the pipe’s movement direction. In summary, the end constraint condition of
pipes, instability directions (upslope or downslope), and slope angles significantly affect
the patterns of interaction between pipes and granular soil on sloping seabeds. Therefore,
applying conventional design theory while ignoring the effect of deformable slopes can
lead to misjudging of the soil failure behaviors and the intensity of pipe-soil interactions
under lateral oblique force actions, posing a hidden danger to engineering safety.

This study focused on the effect of upslope and downslope, as well as the effects
of pipe rotation. However, it should be noted that the lateral on-bottom stability of a
submarine pipeline subject to ocean waves/currents involves complex flow—pipe—soil
interaction. Many factors could be further considered in future research. For example,
loading speed plays a significant role in the hydrodynamic forces acting on the pipeline.
Higher loading speeds, such as those caused by rapidly changing wave conditions or strong
currents, can result in increased dynamic forces acting on the pipeline. This, in turn, may
lead to larger soil deformations and potentially affect the lateral stability of the pipeline. In
addition, soil liquefaction is another important factor that is worthy of consideration. In
certain conditions, such as during seismic events or cyclic loading, some parts of the soil
may undergo liquefaction, resulting in a loss of shear strength. This could significantly
impact the lateral stability of the pipeline, potentially leading to instability and movement.
Such further investigations would contribute to the development of more accurate models
and design guidelines for submarine pipelines in various marine environments.
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Figure 16. Schematics of the patterns of pipe-granular soil interaction under lateral oblique force
actions on sloping seabeds: (a) freely laid pipe, (b) anti-rolling pipe (downslope instability), and
(c) anti-rolling pipe (upslope instability).

4. Conclusions

This study investigated the underlying mechanisms behind the lateral pipe-soil in-
teraction instability on sloping sandy seabeds, examining the effects of slope angle and
instability direction on the behavior of pipe-soil interaction for freely laid and anti-rolling
pipes subject to lateral oblique force actions, through a series of 3D coupled DEM-FEM
simulations. The key findings can be summarized as follows:

(1) The pipe-soil interaction instability on downslopes and upslopes was compared using
coupled DEM-FEM simulations. The ultimate drag force of anti-rolling pipes was
found to be much larger than that of freely laid pipes on both downslope and upslope
instabilities. In addition, progressive soil resistance and deformation distributions
around pipes under different slope angles and instability directions were discovered
and found to be increased with slope angles. Furthermore, the rotation-induced
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obliquely upward traction force was proved to be the essential reason for the smaller

soil resistance and smaller soil deformation around freely laid pipes.

(2) The effects of slope angle and instability direction on motion trajectory, stress, de-
formation, and shear wear of pipes were discovered and analyzed in detail. The
difference in shapes of lateral displacement—settlement curves in upslope instability
and downslope instability was compared and successfully explained by the difference
in position distributions of soil supporting forces after obvious lateral pipe move-
ment. Moreover, pipe stress and deformation under upslope instability conditions
were found to be larger than those under downslope instability conditions, primarily
concentrated around the contact position of pipe-soil interactions. In addition, the
shear intensity on the pipe-soil interface was found to increase with slope angles and
decrease with interface friction coefficients.

(3) The pipe-soil interaction in the upslope and downslope instabilities was further
analyzed at particle scales. Particle trajectories, translation velocities, and rotation
velocities were found to be advantageous in identifying granular soil behaviors, such
as soil disturbance zones and shear bands. The synchronous movement of the pipe and
adjacent particles, as indicated by soil shear bands, was identified as the mechanism
behind the low particle collision and weak shear intensity on the pipe surfaces with
high interface friction coefficients. As instability direction changed from downslope
to upslope, the area of shear bands and soil disturbance exhibited a notable increase.
Finally, several conclusive mechanistic patterns of pipe—soil interaction instability on
sloping seabeds were identified by macro- to micro-analyses.

In conclusion, this study has highlighted the significant effects of slope angle and
instability direction on the behavior of pipe-soil interaction for freely laid and anti-rolling
pipes subject to lateral oblique force actions. The finding that slope angle and instability
direction not only influence the magnitude of various pipe—soil interaction behaviors on
slopes, but also shape the patterns of soil deformation and pipe movement, has significant
implications for pipeline construction in marine engineering.
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Abstract: Free-spanning subsea pipelines subjected to vortex-induced vibrations (VIVs) are partic-
ularly prone to fatigue failure. Existing flume observations indicated that the VIVs of a near-bed
cylinder may be triggered effectively in moderate shear flows. This may imply that the vibration
cycles of a spanned pipeline could be up to tens of millions. As such, very high cycle fatigue (VHCF)
can occur during engineering service. The free span length is a key parameter for determining the
structural natural frequency and the corresponding reduced velocity (Vr). On the basis of the dimen-
sionless vibration amplitude A/D-Vr curve and the recommended S-N curves for high-strength steel
pipelines with cathodic protection under seawater environments, a prediction method is proposed
for the fatigue life of a free span undergoing VIVs. A parametric study is then performed to evaluate
the fatigue life of the spanned pipelines with a focus on VHCE. It is indicated that the minimum
fatigue life emerges at certain flow with a moderate velocity for a given span length. With a further
decrease or increase in the flow velocity, the fatigue life would be enhanced correspondingly, which
could be within the VHCF regime. Such nonlinear variation of the fatigue life with the span length
and the flow velocity is attributed to being involved in various VIV branches of the A/D-Vr curve.

Keywords: free-spanning pipeline; vortex-induced vibration; very high cycle fatigue; pipeline—seabed
interaction; high-strength steel; seawater environment

1. Introduction

Subsea pipelines have been widely employed for transporting oil and gas from under-
water wells to offshore platforms and onshore processing facilities. The pipeline free-span
scenario could be permanent when generated by seabed unevenness, artificial supports
for pipeline crossing, or with short-to-long-term evolution by seabed mobility and local
scour [1]. Under the action of ocean currents, a partially embedded pipeline may also be
suspended because of tunnel erosion [2,3]. As such, free spans are frequently encountered
or even inevitable, especially for a long laid pipeline for oil and gas exploitation in deep
waters.

In subsea environments, a free-spanning pipeline may suffer from vortex-induced
vibrations (VIVs), as illustrated in Figure 1. For an elastically mounted cylinder, the
transverse VIVs can be effectively triggered when the reduced velocity (Vr) approaches
a critical value Vry ~ 4.0 under wall-free conditions [4]. Once the VIVs are initiated, the
frequency of vortex shedding and that of the structural oscillation would collapse into
an identical value, which is known as the “lock-in” or “synchronization” phenomenon.
The maximum amplitude of the vibration principally depends on the combined mass
damping parameter Ks [5]. In engineering practice, subsea pipelines are usually in the
proximity of the seabed. For such a near-bed cylinder, the flow fields around the cylinder
would be altered due to bed proximity effects, which would subsequently affect the VIV
responses. Recently, Liu and Gao [6] investigated the bed proximity effects in triggering
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transverse vibration of a cylinder under low K conditions. It was found that as the cylinder
became closer to the bed boundary (i.e., with a decrease in the gap-to-diameter ratio e/D
from 2.0 to 0.1), the values of V7 significantly decreased (from 4.0 to 2.85), which was
accompanied by a decrease in the vibration amplitudes. Previous flume observations by
Gao et al. [7] indicated that once VIVs are triggered, the local scour around the vibrating
pipe will be greatly enhanced due to the cyclic vibrations (e.g., the scour depth could be up
to approximately 1.2D, which can be regarded as the wall-free condition for VIV responses).

) Wake vortex

Seabed

Lsh

Al

Figure 1. Schematic diagram of a spanning pipeline undergoing VIVs (not in scale).

In engineering practice, fatigue may take place under cyclic loading after a substantial
period of service. The fatigue limit stress is generally defined as the highest stress at which
specimens do not fail after 107 loading cycles. However, the existing studies have extended
this knowledge by warning that fatigue failure may occur at lifetimes greater than N = 107
at a stress which is lower than the conventional fatigue limit [8]. Generally speaking, the
fatigue of metallic materials can be divided into three regions: low cycle fatigue (LCF), high
cycle fatigue (HCF) and very high cycle fatigue (VHCEF), in which the number of cycles to
failure is beyond 107. The fatigue behavior in the VHCF region is quite different compared
with that in the conventional HCF region [9-13]. For instance, the fatigue behaviors of
high-strength steels in the VHCF region show crack initiation at the inclusion site, while
in the HCF region, the cracks are located preferentially at the surface [8]. The influence of
hydrogen was found to be crucial for eliminating the fatigue limit in the extremely high
cycle fatigue region [8,9].

For offshore structures subjected to typical wave and wind loading, significant fatigue
failure may occur at N > 107 cycles (i.e., in the VHCEF region) [14]. It is also extremely
common that turbine blades experience more than N = 107 stress cycles by vibration.
Nevertheless, fatigue test data are normally derived for a number of cycles less than 107,
including those for subsea pipeline steels. For the scenario of free-spanning pipelines, the
fatigue by VIVs is of great concern in engineering design [15]. The allowable span length
of a suspended pipeline was investigated by considering VIV hysteresis effects [16]. The
natural frequency of free spans was assessed by using a finite element model [17], and the
random ocean current-induced fatigue life of free spans was further predicted on the basis
of the Palmgren-Miner cumulative damage rule. Nevertheless, the correlation between the
free span length and the corresponding service life has not been understood well, especially
in the VHCF region.

In this study, the fatigue life of subsea-spanning pipeline undergoing VIVs is inves-
tigated, with a focus on VHCF. Based on the existing flume results for transverse VIV
responses, a dimensionless vibration amplitude A/D-Vr curve with four branches is con-
structed in Section 2.1, and the maximum stress along the free span is then derived in
Section 2.2. The bilinear stress range and number of cycles to failure (5-N) curves are recom-
mended by considering the VHCF of high-strength steel pipelines with cathodic protection
under seawater environments (see Section 3). Based on the constructed A/D-Vr curve and
the recommended S-N curves, a flow chart is proposed in Section 4.1 to predict the fatigue
life of a spanning pipeline undergoing VIVs. A parametric study is further performed in
Section 4.2 to evaluate the VHCF life of the spanning pipeline. The correlations between
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the fatigue life and the flow velocity or the free span length are established. Finally, our
concluding remarks are given in Section 5.

2. Vibration Amplitude and Stress Distribution along the Spanning Pipeline
2.1. Amplitude of VIVs

The vibration amplitude is correlated with the reduced velocity Vr, which is defined

as
u

=D

where U is the characteristic velocity of the flow perpendicular to the cylinder’s axis; fn, is
the structural natural frequency; and D is the outer diameter of the cylinder [4]. The natural
frequency (fn) of a free-spanning pipeline is a key factor in identifying the reduced velocity
(see Equation (1)). The natural frequency or the first eigen frequency of a free-spanning
pipeline is influenced by many factors (such as the span length, elastic modulus of the pipe
steel, boundary conditions, effective mass, and moment of inertia of the pipe), which can
be evaluated with the following equation [15]:
1
2
) @)

Seif 5\’
1+ Picr +C3 (D)
where L is the effective span length; 1, is the effective mass of the pipeline; E is the
modulus of elasticity of the steel pipeline; I is the inertia moment of the steel pipeline; S is
the effective axial force (negative in compression); P, is the critical buckling load (positive
sign); ¢ is the static deflection; C; and C3 are the end boundary condition coefficients, which
depend on the support conditions of the free-span boundary; Fcg denotes the stiffness of
the concrete coating relative to the steel pipe stiffness; (1 + Fcs) is the stress concentration

Vr

)

n~ "5
12 Me

C1 ((1 + Fcs)EI
eff

0.75
factor due to the concrete coating and localized bending; Fcs = k. (%) ; (EDconc

denotes the stiffness of concrete coating; and the empirical constant k. accounts for the
deformation or slippage in the corrosion coating and the cracking of the concrete coating.
With reference to DNV GL [15], the effective span length L. can be calculated as follows:

473
Left _ { —0.06652+1.025+0.63 g>27

®3)
473
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In Equation (3), B is the non-dimensional soil stiffness (i.e., f = log;, {KL4 /((1+ Fcs)EI )} ),
where K is the soil stiffness (vertical or horizontal and static or dynamic). The values of
3 are generally in the range of 2.0 < 5 < 8.0. For the case of transverse VIV responses, the
dynamic vertical stiffness (K,q) can be used (i.e., K = Ky4), and the following expression can
be applied for determination of the dynamic vertical stiffness; that is, Kq = 0.88G/ (1 —v),
where G is the secant shear modulus of soil and v is the Poisson ratio of the soil [18]. The
basic rules for the ideal end conditions are as follows: (1) pinned-pinned, which is used for
free spans where each end is allowed to rotate about the pipeline axis, and (2) fixed-fixed,
which should be used for free spans which are fixed in place by some sort of anchor at both
ends. The following values of C; in Equation (2) have been widely used for these typical
end conditions: (1) C; = 1.57 for the pinned-pinned end condition and (2) C; = 3.56 for the
fixed-fixed end condition (see DNV GL [15] and Guo et al. [19]). The effective mass per
meter (1.) is the sum of the mass of the steel pipe per meter (i), the mass of the content
inside the pipe per meter (1), and the added mass per meter (11,):

Me = Mp + M + My (4a)
DZ
iy = Cp TP (4b)
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where Cj is the added mass coefficient (for a circular pipeline, Cs = 1.0) and pwater is the
density of the seawater. If the effective axial force and the static deflection are not taken
into account, then Equation (2) can be simplified as follows:
1
C 1+ Fcs)EL 2
~ 1 ( ( CS) > (5)
Me

In the past few decades, the VIVs of an elastically mounted cylinder have been
investigated by quite a few researchers (see the comprehensive reviews of, for example,
Williamson and Govardhan [5], Sarpkaya [20], Bearman [21] and Wu et al. [22]). In this
study, the VIV amplitudes of wall-free cylinders in the region of the low mass damping
parameter K (broadly Ks < 0.05; see Williamson and Govardhan [5]) were collected from
some benchmark flume observations. The whole curve for the nonlinear variation of A/D
with Vr was constructed as shown in Figure 2. Note that Wang et al. [23] experimentally
studied the VIV of a neutrally buoyant circular cylinder in a recirculating open channel
with the mass damping parameter K ~ 3.46 X 10~2. In the VIV experiment by de Oliveira
Barbosa et al. [24], a freely vibrating cylinder was exposed to currents and placed near
a plane boundary parallel to the cylinder axis, and K ~ 1.45 x 10~2. Daneshvar and
Morton [25] studied the VIV of an elastically mounted circular cylinder in a water tunnel
facility, where K ~ 8.32 x 1073. Liu and Gao [6] recently investigated the wall proximity
effects on the triggering of transverse VIVs of a circular cylinder with an accessorial low
structural damping VIV simulation device, where Ks ~ 3.14 x 1072. As indicated in
Figure 2, in such a low mass damping system, four distinct branches of VIV responses
can be identified and marked with various colors, namely the initial excitation branch, the
upper branch, the lower branch, and the desynchronization branch (see also Khalak and
Williamson [26]). In the initial excitation branch (3.5 < Vr < 5.0; see Figure 2), the cylinder
starts to vibrate with a relatively small amplitude (note: transverse VIVs do not occur at
Vr < 3.5); in the upper branch (5.0 < Vr < 6.7), the cylinder vibrates with a large amplitude;
in the lower branch (6.7 < Vr < 12), the cylinder vibrates with a moderate amplitude; and
in the desynchronization branch (Vr > 12), the vibration amplitude of a wall-free circular
cylinder is further reduced. There exists a certain dispersion among the experimental data
(e.g., at the upper branch; see Figure 2) which could be attributed to involving various
values of K.

1.2 ' ' Upperbranch *  Khalak and Williamson (1997)
o . A Wang et al. (2013)
10+ ~ e ¢ de Oliveira Barbosa et al. (2017)-
= Daneshvar and Morton (2020)
= Liju and Gao (2022)
08 9

% 0.6 [Initial excitation
branch 3.5 <

041 9
Desynchronization
02F branch Fr> 12
NI N
0 2 4 6 8 10 12 14 16 18

Figure 2. A/D-Vr curve for a wall-free circular cylinder with low mass damping [6,23-26].

The above analyses indicate that once the pipeline parameters and the flow velocity
(U) are given, the corresponding reduced velocity (V) can be calculated with Equation (1)
and Equation (5), and the vibration amplitude can be obtained with reference to Figure 2.
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2.2. Stress Distribution along the Free Span

It is supposed that the ocean current is perpendicular to the axis of the free spans, as
illustrated in Figure 1. As stated above, the shoulders for a free span can be simplified as
the pinned-pinned or fixed-fixed end condition. The maximum deflection in the middle of
the span (wmax) under the action of a uniform load (g) can be calculated with Equation (6a)
for the pinned-pinned end condition and with Equation (6b) for the fixed-fixed end condi-

tion [27]: )
_ 5qLeg
Wmax = BeAF] (62)
4
_ qLess
Wmax = 3e4F] (6b)

where L is the effective span length. But for the VIV responses, if the maximum deflection
Wmax 1S given (Wmax = A), then the corresponding maximum bending moment (Mmax) can be
calculated with Equation (7a) for the pinned-pinned end condition and with Equation (7b)
for the fixed-fixed end condition [27]:

48E]
Mimax ———5 Wmax (7a)
5L
32EI
max — — 7 5 Wmax (7b)

Figure 3b,c shows the distributions of the bending moment along the free span under
these two end conditions. It is indicated that the bending moment reaches its peak value in
the middle of the span under the pinned-pinned end condition. But under the fixed-fixed
end condition, the two ends connected with the span shoulders undertake the maximum
bending moment. Consequently, the maximum normal stresses (cmax) correlated with the
maximum deflections (wmax) can be expressed as

24DE
Umax = Z7 5 Wmax (8a)
Legt
16DE
Umax = 75 Wmax (8b)
eff

for the pinned-pinned and fixed-fixed end conditions, respectively.
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Figure 3. Distributions of bending moment along (a) the spanned pipeline under (b) the pinned-
pinned end condition and (c) the fixed-fixed end condition.

3. Recommended S-N Curves

The fatigue design is generally based on the use of S-N curves, which were obtained
from fatigue tests. The number of cycles to failure (N) at a stress range (Ac) is defined
by an S-N curve. As mentioned earlier, significant fatigue damage to offshore structures
usually occurs at N > 107 cycles (VHCF region). For the VHCF mechanism of metallic
materials, a few studies have already been carried out (e.g., Murakami et al. [9], Shiozawa
etal. [10], Sakai et al. [28], and Hong et al. [29]). It has been generally recognized that cracks
usually initiate from the surface of materials in the LCF and HCF regions, while the cracks
preferably emerge in the interior of the materials with a fish eye morphology in the VHCF
region. Cracks may initiate from several types of internal defects, which mainly include
nonmetallic inclusions, process-related defects, second-phase particles, and microstructural
inhomogeneities [30-33]. As illustrated in Figure 4a,b, an inclusion was found at the center
of the fish eye zone. The rough area surrounding the inclusion within the fish eye zone,
named the fine granular area (FGA), is the crack initiation region, which is critical to VHCF
occurrence. The initiation and early growth of cracks could be attributed to the grain
refinement caused by the dislocation interaction over a number of cyclic loads followed
by the formation of micro-cracks, but the micro-cracks could also form irrespective of the
grain refinement during cyclic loading [13].

Submarine pipelines may suffer from corrosion in engineering practices. A distinctive
difference between corrosion fatigue and inert environment fatigue is that there is no safe
stress range at which metallic materials have infinite fatigue life during engineering service
in corrosive environments. The fatigue strength of metallic materials in corrosive environ-
ments decreases dramatically for the synergistic interactions between mechanical loading
and the environmental effect. Cracks usually occur on the surfaces of metallic materials
in very high cycle corrosion fatigue (VHC-CF) [34-37]. The surfaces of metallic materials
may be degraded because of corrosion or erosion-corrosion, leading to the formation of
pits, grooves, cracks, or rougher surfaces [38]. As illustrated in Figure 4c,d, surface corro-
sion pits are the origins of cracks for specimens tested in a seawater environment [36,37].
From the microscopic point of view, the corrosive media’s attack on the material’s surfaces
can intensify the formation of microstructurally small cracks (MSCs), contributing to the
acceleration of crack initiation and growth. The decrease in metal’s ductility or fracture
toughness caused by atomic hydrogen is called hydrogen embrittlement (HE), which can
make cracks spread quickly with minimal macroscopic signs. In brief, corrosion fatigue is a
combination of mechanical and environmental phenomena.

For the sake of service safety, an unfavorable scenario was considered in this case
study, such as the weld joint happening to be installed in the middle of the span for the
pinned-pinned boundary condition and at one end of the span for the fixed-fixed boundary
condition. The service environment was considered to be in the seawater and with cathodic
protection (CP).
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Figure 4. (a) The fracture surface of high-strength steel in an air environment. (b) A close-up of the

crack initiation region in (a) [39]. (c) Specimen tested under seawater flow; (d) A close-up of the crack
initiation regions in (c) [36].

The fatigue test data were normally derived for a number of cycles less than 107.
As such, how to extrapolate the fatigue test data into the VHCEF region was important
for achieving a reliable assessment procedure [14]. Bilinear S-N curves (i.e., F3 and C1
(see Figure 5)) were recommended to define the number of cycles to failure at a stress
range Ao (=20max). Note that the F3 curve is for the circumferential butt weld made from
one side without a backing bar, and the C1 curve is for the circumferential butt welds
made from one side which were machined or ground flush to remove defects and weld
overfill [14]. Meanwhile, the existing fatigue test data for the high-strength steels under
various environments are also provided in Figure 5 for reference. For the pipe welds with
different hot spot geometries, the structural stress concentration factor (SCF) should be
accounted for. The SCF is defined as the ratio of local stress (hot spot stress) to nominal
stress. It is recommended that SCF = 1.61 for the S-N curve F3 and SCF = 1.0 for the S-N
curve C1 [14]. As shown in Figure 5, the S-N curves in the VHCF region became more
horizontal as the number of cycles to failure N became larger than 10°. The recommended
S-N curves can be expressed in the following form [14]:

¢ k
Logyo(N) = Logyo(#) — mLogy, (Aa(t—)> ©

ref

where m is the negative inverse slope of the S-N curve; Log,,(a) is the intercept of the
axis; Log,,(N) is the reference wall thickness of the pipe for welded connections; k is the
thickness exponent for the fatigue strength; ¢ is the wall thickness of the pipe; and t,.f is the
reference wall thickness of the pipe (0.025 m).
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Figure 5. Recommended S-N curves for high-strength steel pipelines in seawater and with cathodic
protection (adapted from DNV GL [14]) and the existing test data by Lemos et al. [40] for the saline
environments saturated with carbon dioxide, Gao et al. [41] for NACE solution with saturated H,S,
and Yan et al. [42] for the saturated H»S solution.

4. Fatigue Life Prediction and Discussions
4.1. A Flow Chart for Fatigue Life Prediction

A flow chart is proposed for the fatigue life prediction of a free-spanning pipeline
undergoing VIVs, as illustrated in Figure 6. A brief description of the analysis procedure is
given below:

(1) For given structural parameters of the spanned pipeline, the natural frequency (f,) of
the free span can first be evaluated with Equations (2)-(4a). The reduced velocity (Vr)
is calculated with Equation (1) for a certain flow velocity (U).

(2)  Once the value of Vris obtained, the dimensionless vibration amplitude (A/D) can
then be evaluated with reference to the recommended A/D-Vr curve (Figure 2). Subse-
quently, the maximum stress range Ao (= 20max) can be calculated with Equation (8a)
or Equation (8b), where the maximum deflection count (wmay) is substituted by the
vibration amplitude A.

(3) By referring to the recommended S-N curves (Figure 5), the fatigue life in terms of the
vibration cycles (N) of the spanned pipeline can finally be obtained with Equation (9).

Parameters of fluid: Parameters of structure: Parameters of soil:
p\\'a(m vWB[ﬂ“ pCOI.Il‘ l- D* f’ pSR‘El‘ E‘ Cl‘ ‘L ﬁ
|
* Eq. (4a) ‘ Eq. (3)
| Calculate effective mass (m,) | | Calculate effective span length (L ) |
l Eq.(2)
| Calculate natural frequency (f,) |
} Ea.()

| Calculate reduced velocity (¥) |

2
Fig. 2

I Obtain dimensionless vibration amplitude (4/D) l

§ Eq. (8a,b) y Fig. 5

| Calculate stress range (Ag) | I Choose a suitable S-N curve |

l Eq. (9)

[ Obtain the value of number of cycles to failure (V) ]

Figure 6. Flow chart for the fatigue life prediction of a free-spanning pipeline undergoing VIVs.
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4.2. Parametric Study and Discussions

A subsea pipeline for gas transportation with an outer diameter of 20 inches (0.508 m)
was considered for a parametric study. The parameters of the steel pipe, the seawater,
the gas inside the pipe, and the soil stiffness are given in Table 1, and the values of the
key parameters for the S-N curves are listed in Table 2. For the extreme scenario of large
free spans, the span length values (L) were examined in a range from 40 m to 130 m. The
correlations between the fatigue life (V) and the flow velocity (U) or span length (L) could
be obtained by following the flow chart shown in Figure 6. Table 3 shows the calculation
process for the free-spanning pipeline with various values for the span length under the
pinned-pinned and the fixed-fixed end conditions. Note that a moderate flow velocity U
(=0.57 m/s) was considered as an example.

Table 1. Input data for the parameters of the pipe spans.

Parameters Values Units
Outer diameter of the steel pipe (D) 0.508 m
Wall thickness of the steel pipe (t) 0.0379 m
Density of the steel (0gteel) 7.870 x 103 kg/m?
Density of the gas inside the pipe (0cont) 0.200 x 103 kg/m?3
Density of the seawater (owater) 1.024 x 103 kg/ m>
Kinematic viscosity of the seawater (Uwater) 1.565 x 10~° m?2/s
Elastic modulus of the steel (E) 2.10 x 101 Pa
Moment of inertia of the steel pipe (I) 1.56 x 1073 m*
Non-dimensional soil stiffness () 4.0
Reference wall thickness of the pipe (ff) 0.025 m

Table 2. Parameters for the S-N curves.

N < 10° N >10°
S-N C - _ k
urve my Log;, (ul) my Log;, <a2)
C1 3 12.049 5 16.081 0.10
F3 3 11.146 5 14.576 0.25

Figure 7a,b illustrates the correlations of the flow velocity (U) and the reduced velocity
(Vr) for four selected span length values (i.e., L = 50 m, 70 m, 90 m, and 110 m) under the
pinned-pinned and fixed-fixed end conditions, respectively. Note that the end condition
of the free span had much influence on the natural frequency (f) of the free-spanning
pipeline, which would further alter the values of Vr (see Equation (1)). As mentioned
earlier, the four VIV branches are marked with various colors, which are related to various
ranges of Vr (see Figure 2). A shorter free span L would increase the natural frequency f,,
(Equation (5)), and thus a higher flow velocity U was required to keep the reduced velocity
Vr unchanged (Equation (1)). As indicated in Figure 7, for a given flow velocity U (e.g.,
U = 0.57 m/s; see the horizontal arrow), the corresponding reduced velocity Vr increased
with the increase in L.
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Figure 7. llustration for VIV branch variations with flow velocities (U) for four selected span length
values (L = 50 m, 70 m, 90 m, and 110 m) under (a) the pinned-pinned end condition and (b) the
fixed-fixed end condition. (Input data for the parameters of the pipe spans are given in Table 1).

The variations in the predicted fatigue life (N) for two recommended S-N curves (see
Figure 5) with a span length L at a given flow velocity U = 0.57 m/s are presented in
Figure 8. Both the pinned-pinned and fixed-fixed end conditions were taken into account.
It is indicated that the relationships between the fatigue life N and the span length L
under a given flow velocity U were essentially nonlinear. As depicted in Figure 8, for
45 < L <54 (m) under the pinned-pinned end condition or 68 < L < 81 (m) under the
fixed-fixed end condition, the free span vibrated in the initial excitation branch (marked in
blue; see Figure 8) such that the fatigue life N decreased with an increase in the span length
L. For the span length 54 < L < 62 (m) (pinned-pinned) or 81 < L < 94 (m) (fixed-fixed),
the free span vibrated in the upper branch (yellow) with larger amplitudes such that the
corresponding fatigue life first became shorter to a minimum value and then increased
with the increase in L. But for 62 < L < 83 (m) (pinned-pinned) or 94 < L <125 (m) (fixed-
fixed), the free span vibrated in the lower branch (green) (i.e., the vibration amplitudes
were reduced). Therefore, the fatigue life became longer with an increasing L, and for
L > 83 (m) (pinned-pinned) or L > 125 (m) (fixed-fixed), the free span vibrated in the
desynchronization branch (gray) (i.e., the vibration amplitude continued to decrease with
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an increasing L) such that the fatigue life became much larger or even N > 108. From
Figure 8a,b, it can be recognized that the critical values of the span length to differentiate
the four VIV branches under the pinned-pinned end condition were much smaller than
those under the fixed-fixed end condition. This was due to the fact that for a specified value
of L, the natural frequency f,, for the pinned-pinned end condition was much smaller than
that for the fixed-fixed end condition. As such, to keep the natural frequency f,, unchanged
(or the reduced velocity Vr unchanged for a certain flow velocity U; see Equation (1)), a
shorter span length L under the pinned-pinned end condition was required than that under
the fixed-fixed end condition.
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Figure 8. Variations in number of cycles to failure (N) with the span length (L) for the specified flow
velocity value (U = 0.57 m/s): (a) pinned-pinned end condition and (b) fixed-fixed end condition.

The effect of the flow velocity (U) on the fatigue life (N) was further investigated.
The variations in the fatigue life N with the flow velocity U for three span length values
L =70m, 90 m, and 110 m are shown in Figure 9a—c, respectively. If the free span vibrated
in the initial excitation branch (3.5 < Vr < 5.0) (i.e., 0.53 < U < 0.76 (m/s) for L=70m
(Figure 9a), 0.32 < U < 0.46 (m/s) for L = 90 m (Figure 9b), and 0.22 < U < 0.31 (m/s) for
L =110 m (Figure 9¢)), then the fatigue life N decreased with the increase in the flow veloc-
ity U. If the free span vibrated in the upper branch with large amplitudes (5.0 < Vr < 6.7)
(i.e.,, 0.76 < U < 1.02 (m/s) for L = 70 m (Figure 9a), 0.46 < U < 0.62 (m/s) for L = 90 m
(Figure 9b), and 0.31 < U < 0.41 (m/s) for L = 110 m (Figure 9¢)), then the fatigue life N was
first reduced slightly to a minimum value and then gradually increases with an increasing
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U. In the lower branch of VIVs (6.7 <Vr < 12) (i.e., 1.02 < U < 1.82 (m/s) for L=70m
(Figure 9a), 0.62 < U < 1.10 (m/s) for L = 90 m (Figure 9b), and 0.41 < U < 0.74 (m/s) for
L =110 m (Figure 9c¢)), the free span vibrated with moderate amplitudes, and the corre-
sponding fatigue life N became longer with the increase in U. Similarly, in the desynchro-
nization branch (Vr > 12) (i.e.,, U > 1.10 (m/s) for L = 90 m (Figure 9b) and U > 0.74 (m/s)
for L = 110 m (Figure 9c¢)), the free span vibrated with much smaller amplitudes, and
the fatigue life N further became longer with the increase in U. It should be noted that
for L =70 m (Figure 9a), the desynchronization branch of VIVs was not involved in the
examined range of U < 1.3 m/s.
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Figure 9. Cont.
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Figure 9. Variations in number of cycles to failure (N) with flow velocity (U) for three selected span
length values: (a) L =70 m; (b) L =90 m; and (c) L = 110 m.

The above parametric study shows that the fatigue life (N) of the free spans of subsea
pipelines is quite sensitive to the span length (L) and the flow velocity (U). By following the
flow chart for fatigue life prediction (Section 4.1), the variations in N with U and L could be
obtained, as shown in Figure 10. Note that the S-N curve C1 (see Figure 5) was adopted to
predict the fatigue life N of the extreme scenario of large free spans. As illustrated by the
two-dimensional contour map (Figure 10), for the span length range 70 < L < 110 (m) and
the flow velocity range 0.2 < U < 1.3 (m/s), the minimum value of N (~=1.28x 10°) emerged
at U~ 0.9 m/s for L =70 m (see also Figure 9a). With a further decrease or increase in U for
a specified span length value (L), the fatigue life N would be remarkedly enhanced, which
could be within the regime of very high cycle fatigue (VHCF) (i.e., N > ~107; see Figure 10).
As discussed above, such nonlinearity of the relationship between the fatigue life (N) and
the flow velocity (U) and span length (L) is mainly attributed to the intrinsic characteristics
of VIVs (see Figure 2) (i.e., the nonlinear variation in the dimensionless vibration amplitude
with the reduced velocity).
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Figure 10. Variations in the number of cycles to failure (N) with flow velocity (U) and span length (L).
(Input data for the related pipe span parameters are listed in Tables 1 and 2).
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5. Concluding Remarks

In subsea environments, free-spanning subsea pipelines may suffer from vortex-
induced vibrations (VIVs), which could further result in fatigue failure after a substantial
period of service. In this study, the fatigue failure of free spans caused by VIVs was
investigated, with a focus on very high cycle fatigue (VHCF) in the extreme scenario of
large free spans under flows with moderate velocities. The following conclusions can
be drawn:

(1)  With reference to the benchmark flume observations of the VIV response amplitudes
of a low mass damping system, the whole curve for the nonlinear variation in A/D
with Vr (A/D-Vr curve) is recommended, in which four distinct branches of VIV
responses can be identified (i.e., the initial excitation branch, the upper branch, the
lower branch, and the desynchronization branch). Bilinear S-N curves were chosen
to describe the relationship between the stress range and the fatigue life of the free
spans in a complex seawater environment.

(2) On the basis of the recommended A/D-Vr curve and the S-N curve for VHCF of
high-strength steel in seawater and with cathodic protections, a prediction method
was proposed for the fatigue life of free spans undergoing VIVs. If the pipeline and
environmental parameters are given, then the fatigue life in terms of the number of
cycles to failure N can be evaluated by following the flow chart.

(3) The nonlinear relationships between the fatigue life N and the flow velocity U and
span length L were obtained in a parametric study. For the examined range of span
lengths and flow velocities, the minimum fatigue life emerged at a certain flow with a
moderate velocity for a given span length L. With a further decrease or increase in
U, the fatigue life N would be enhanced correspondingly, which could be within the
regime of VHCE. Such nonlinearity of the relationship of N with U and L is mainly
attributed to the intrinsic characteristics of VIVs (i.e., the nonlinear variation in the
dimensionless vibration amplitude with a reduced velocity).

In the present investigation, a quantitative correlation was established between the
VHCEF life of a spanning pipeline undergoing VIVs and the key influential parameters (i.e.,
the span length and the flow velocity). The VHCEF life of a spanning pipeline was examined
under two extreme (F-F and P-P) end conditions by taking into account the effective span
length. This study may provide an instructive reference or methodology for evaluating the
service life of subsea-spanning pipelines. It should be noted that the above conclusions are
predominantly limited to the engineering scenario of an isolated single span on a relatively
flat seabed. Much uncertainty still exists for accurate prediction of the fatigue life of free
spans (e.g., the complex pipe—soil interaction at the span shoulders), which needs to be
further investigated.
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Notations

A Vibration amplitude of the cylinder

a Coefficient in Equation (9)

a1 Parameter for the S-N curve in Table 2

ap Parameter for the S-N curve in Table 2

C1 Boundary condition coefficient in Equation (2)
Cs Boundary condition coefficient in Equation (2)
Ca Added mass coefficient

D Outer diameter of the cylinder or the pipe

D; Inner diameter of the pipe

e Gap between the pipe’s bottom and the seabed surface
E Elastic modulus of the pipe

(EDconc  Stiffness of concrete coating

Fcs Concrete stiffness enhancement factor for the pipe
fn Natural frequency of the pipe or the cylinder
fv Frequency of vortex shedding from a fixed cylinder
G Shear modulus of the soil

I Moment of inertia

k Exponent of thickness of the pipe

ke Empirical constant

K Soil stiffness

Ks Combined mass damping parameter

Kyq Dynamic vertical stiffness of the soil

L Free span length of the pipeline

Lef Effective span length of the pipeline

M Bending moment of the pipeline

m Parameter for the S-N curve in Table 2

My Parameter for the S-N curve in Table 2

My Added mass of the pipeline per meter

me Mass of the content inside the pipeline per meter
Me Effective mass of the pipeline per meter

mp Mass of the steel pipeline per meter

N Number of cycles to fatigue failure

Py Critical buckling load

q Uniform load on the pipeline

SCF Stress concentration factor

Sef Effective axial force along the pipeline

t Wall thickness of the pipe

tref Reference wall thickness of the pipe

u Flow velocity

Vr Reduced velocity

Vrer Critical reduced velocity

w Deflection of the suspended pipeline

Wmax Maximum deflection of the suspended pipeline
B Non-dimensional soil stiffness

0 Static deflection of the pipeline

Ao Stress range

Psteel Density of the steel

Pwater Density of the seawater

o Normal stress

Omax Maximum normal stress

Uwater Kinematic viscosity of the seawater

v Poisson ratio of the soil
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Abstract: The temperature distribution around the offshore burial pipeline is an important factor
affecting its safety design and economic operation. The traditional test method cannot obtain the
continuous temperature distribution of soil owing to the constraints of placing measurement sensors
in soil. The transparent soil model test is an alternative method to realize the visualization research of
soil temperature. In this paper, a relationship between the temperature of transparent soil and pixel
intensity was first established. Then, the transparent soil test and numerical simulation, considering
the natural convection, were carried out to study the temperature distribution around the submarine
pipeline during start-up and stable operation. The influence of buried depth and pipeline diameter
was analyzed. The results suggest that the continuous temperature distribution can be obtained
visually by using a transparent soil test, and the observed heating zone of influence extended to a
radial distance of 2.6 pipe diameters. The numerical analysis results show that the influence zone of
the temperature of pipeline is a distance of four pipeline diameters at a temperature difference of
45 °C. The buried depth and pipeline diameter have little influence on the influence zone. In addition,
the contour curves of soil temperature around the pipeline with different diameter are similar in
shape. With the decrease in the buried depth of pipeline, the temperature gradient of soil around the
pipeline decreases, which is caused by the natural convection.

Keywords: offshore pipeline; transparent soil; thermal field; numerical simulation

1. Introduction

Offshore buried pipelines are often used in transportation engineering of marine
crude oil with the advantages of low cost, large transportation volume and continuous
transportation. Crude oil produced from offshore fields usually has a high wax content,
resulting in poor fluidity at the marine environmental temperature. To ensure the smooth
and safe transportation of crude oil, it is often raised to a very high temperature. However,
the sea water temperature decreases with the increase in water depth. The temperature of
sea water at 2000 m depth is about 3 °C [1]. There is a large temperature difference between
the pipeline and the surrounding environment, which means that the heat of the pipeline
transmits to the surrounding soil. Heat transmission causes the temperature of oil to drop,
which, in turn, affects its transportation. In addition, it changes the temperature of the soil
around the pipeline, which effects the interaction between the pipeline and soil. There is
a huge impact on the safety and stability of the pipeline. It is very important to have a
thorough understanding of the soil temperature distribution around the pipeline, which is
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an important basis for the safe design and economic operation of the pipeline. Therefore, it
is necessary to study the soil temperature distribution around the pipeline.

Subsea burial is a common method to prevent pipeline damage and heat loss for
submarine pipelines. The heat transfer of the buried pipeline is an important and complex
problem. In the previous research on the temperature distribution of soil around the buried
pipeline, the influence of the thermal conductivity of the insulation layer, properties and
geometric properties of backfill materials, soil stratification, soil moisture content and void
ratio, natural convection and other factors were studied by using numerical and experi-
mental methods [2-6]. However, the experimental test usually uses temperature sensor
embedded in the soil to measure the soil temperature. The temperature measurement has
spatial discontinuity. The measurement is not accurate under large temperature gradient,
such as media stratification, natural convection and local material phase change. In most
numerical simulations, the soil is assumed to be solid material, ignoring the porous media
characteristics of soil.

Transparent soil test technology can realize the visualization of the displacement
of soil. The previous studies of transparent soil test mainly focus on the physical and
mechanical properties of transparent soil materials [7-11] or use transparent soil tests to
study the deformation of soil around the pile, tunnel, anchor or other structures [12-16].
The transparency of the transparent soil is expected to be improved for larger model
tests. The changes in transparency caused by temperature, saturation and impurities are
considered to be unfavorable factors in the transparent soil test; these factors need to be
strictly controlled in the test. However, the change in the transparency of transparent
soil can also be a favorable factor in the test [17,18]. Based on this understanding, the
relationship between transparency of transparent soil and temperature was established
through experiments, and the temperature field around the energy pile was studied [17]. It
was proved that the continuous temperature field around the structure could be obtained
based on the change in the transparency of transparent soil.

Therefore, aiming at studying the discontinuity of temperature monitoring in the
traditional experimental test for the thermal fields of the submarine buried pipeline, a
visual model test of the soil temperature distribution around the submarine buried pipeline
by using transparent soil model test was carried out. The temperature distribution of soil
around the submarine buried pipeline during operation was analyzed. Combined with
the numerical simulation, the effect of the buried depth and pipe diameter on the soil
temperature distribution around the submarine pipeline was studied.

2. Test Method and Process
2.1. Test Method for Transparent Soil

Transparent soil consists of transparent solid particles and a fluid with a matching
refractive index. The matching degree of the refractive index between solid particles and
pore fluid is one of the main factors affecting the transparency of transparent soil. The
refractive index of a material is usually affected by the wavelength of light and temperature.
The refractive index of solid particles is generally considered not to vary with temperature.
However, the refractive index of fluid varies greatly with temperature. Kong et al. [19] mea-
sured the variation in the refractive index of fluid that may be used in the transparent soil
model test with temperature. It found that the refractive index of those pore fluids mostly
decreased with the increase in temperature. Therefore, with the variation in temperature,
the matching degree of refractive index between solid particles and pore fluid decreases,
resulting in the decrease in the transparency of transparent soil. The previously transparent
medium becomes opaque or appear less clear with the change in temperature.

Individual pixels are the smallest unit that forms a digital image. The pixel intensity
is used to describe the color and brightness of the pixels. The most commonly used
pixel format is where the pixel number is stored as an 8-bit integer. The corresponding
decimal values range from 0 (black) to 255 (white). When the pixel intensity is between
the two extreme values, the pixel will appear gray, as shown in Figure 1. We prepared
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the transparent soil at the specified temperature (i.e., 20 °C) with the optimum refractive
index match. We placed a black background behind the transparent soil and shot it
through the soil. At this time, the black background was clearly visible as the soil was
transparent. The pixel intensities of the background were sufficiently low due to the
relative high transparency of the transparent soil. Conversely, when the temperature of the
transparent soil increased (i.e., 50 °C), the transparency of transparent soil decreased due
to the reduction in refractive index matching degree. The pixel intensity increased such
that the soil appeared to be gray in color. Therefore, the visual measurement of transparent
soil temperature could be achieved by establishing the relationship between pixel intensity
and the temperature of transparent soil.

Pixel _ _

mtensity ultensl1ty .
Tiewi 1X matnx {
Viewing  mMatnx / . |

window window
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Figure 1. The measurement of temperature in transparent soil.

2.2. Test Materials

The transparent soil material used in this study was manufactured using fused quartz
and mixed oil. Fused quartz is a commonly used solid particle material for transparent soil
configuration due to its high purity, high transparency, high angular and similar chemical
composition to natural sand [20]. The particle size distribution of the fused quartz is shown
in Figure 2, which is close to that of natural marine sand [21-23]. The mixed oil was a
blend of mineral oil (white oil) and paraffinic solvent (Norpar 12) with a mass ratio of 4:1.
The refractive index of mixed oil is 1.4585 at 20 °C, which is consistent with that of fused
silica. The fused quartz and mixed oil were thoroughly mixed by using a blender to form a
uniform slurry. The sample was then placed in a vacuum to evacuate the air. A two-phase
continuum was produced, which enabled the transparency of the transparent soil. The
other specific preparation process of transparent soil is presented in the literature [24]. The
physical and mechanical parameters of the transparent soil are shown in Table 1.
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Figure 2. The particle distribution of fused quartz and natural marine sand including calcareous
sand of Australia [21], calcareous sand in South China Sea [22], and Bohai Bay fine sand [23].
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Table 1. Mechanical properties of the transparent soil.

Parameter Unit Value
Nonuniformity coefficient, Cy 3.51
Curvature coefficient, C 1.14
Saturated bulk density, ¢ sat kg/ m3 18.37
Thermal conductivity, K; W/ (m-K) 0.785

Specific heat capacity, Cy J/(kg-K) 2097.90

2.3. Test Apparatus for Transparent Soil

The visualization test apparatus for the submarine pipeline temperature based on
transparent soil is shown in Figure 3. The test system mainly includes water bath, LED
lighting device, temperature control device, model pipe, model box, image acquisition
device and other parts. The water bath with dimensions of 400 mm (length) by 400 mm
(width) by 450 mm (height) was mainly used to provide a constant temperature boundary
for the model box filled with transparent soil. The water bath was filled with water, which
was warmed by the temperature control device. The temperature control device includes a
heating/cooling element and a circulating water pump to achieve a constant temperature
of the water bath through the circulation of water. The model box for the transparent soil is
300 mm x 40 mm x 350 mm in size and constructed of 10 mm thick plexiglass panels. The
model pipe was manufactured by using hollow copper pipe with black surface spraying. A
water inlet and outlet were arranged in the inner space of the pipe. The inlet and outlet
were connected with another temperature control device. The temperature of the pipe was
controlled through the circulation of water inside the pipe. The specific dimensions and
relative positions of the model box and model pipe are shown in Figure 4.

Dark room Inlet and ofitlet —

Figure 3. The physical figure of visual test system of offshore pipeline temperature.

Nonuniform lighting conditions are not conducive to producing consistent pixel
intensity. In order to produce a consistent background, the test device was placed in a dark
room. Two LED lights with constant power were used to provide uniform illumination
of the water bath and model box. A CCD high-speed high-definition camera with fixed
aperture, exposure time and focus was used to record the test image. During the test, the
CCD camera was installed on a tripod at a distance of 0.5 m from the front of the water bath.
The CCD camera was connected to the computer. The images of the test were captured
without contact through control the software on the computer, which ensures long-term
testing without operator intervention. The temperature field around the model pipe can be
obtained through the image analysis software.
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Figure 4. The schematic diagram of model tank in a transparent soil temperature test.

2.4. Numerical Simulation Method
(1) Mathematical model

As pipes are always longer than they are wide, a two-dimensional plane model of the
buried submarine pipeline was used in this study, as shown in Figure 5. The length and
depth of the rectangular influence range of the pipeline on the soil temperature distribution
is 2a and b, respectively. The pipe section is circular with diameter of D and buried depth of
H. The coordinate system is established with the corresponding center point of the pipeline
on the seabed surface as the origin. The horizontal direction is the x-axis, and the vertical
direction is the y-axis. The sea water temperature above the seabed surface is Tw. The
initial temperature of soil is T ijni. The thermal conductivity of soil is Ks. There is thermal
convection between the seabed surface and seawater, including natural convection.

Il

i T,

1 2a

(|
I 1
Figure 5. The two-dimensional plane model of heat transfers of offshore pipeline.

In order to simulate the physical process of heat transfer from the pipeline to the
surrounding soil during start-up and operation, the following governing equations were
used in the numerical model. Fourier’s law expresses the conductive heat flux as a function
of the temperature gradient as follows:

q=—KVT 1)
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The heat transfer in the soil, which is considered to be a porous medium, is governed
by the heat transfer equation:

pCaa—Y;—kV(—KVT) =Q 2)

The initial condition is that the temperature of soil is T in; for t = 0.

The thermal boundary conditions are that the temperature of the outer wall of the
pipeline is constant as Ty,y. The left, right and lower boundaries are adiabatic boundaries.
The upper boundary is the heat flux boundary, and there is natural convection between the
seabed surface and seawater. The convective heat flux is

qo = h(Tw = T) ®)
The convective heat transfer coefficient /1 is determined by the following equation:

K0.54RY/* i T > T, and 10* < R, < 107

h=2< Koi15R}® if T > T, and 107 < R, < 10" (4)
K027RV* if T < T, and 10* < R, < 107

It should be noticed that there is a sudden rise in the temperature of the outer wall
of the pipeline at the beginning of the numerical simulation. In Table 2, all the employed
parameters for the equations are reported.

Table 2. The employed parameters for the equations.

Symbol Parameter Unit
C Specific heat capacity of material ]/ (kg-K)
D,H Diameter and buried depth of pipeline m
h Convective heat transfer coefficient W/(m2-K)
K Thermal conductivity of material W/(m-K)
0 Density of material
Q Heat ]
q0 Heat flux W/m?2
q Heat flux vector W/m?
T Temperature of material K
R, Reynolds number

(2) Numerical solution

The software of COMSOL Multiphysics 5.2 was employed to study the soil temperature
distribution around the pipeline during stable operation, considering the natural convection.

To ensure the calculation of the model, the model was subject to the following assump-
tions: (1) the influence area of the pipeline on the surrounding soil was a rectangular area;
(2) the soil was a continuous and uniform porous medium, and the soil was saturated and
the pore water does not change phase; (3) the thermodynamic parameters of soil were kept
constant and did not change with temperature; (4) the flow in soil was two-dimensional and
followed Darcy’s law; (5) there was no heat exchange between the soil skeleton and pore
water; (6) the thermal conductivity of soil was independent of temperature; (7) the water in
soil did not evaporate; (8) there was a natural convection between the seabed and seawater.

A two-dimensional pipe-soil model was used in this study, which means that the
change in the pipeline temperature in the axial direction was not considered. Considering
the boundary effect, the length of the model was set to 16 m, and the depth was set to
8 m. The section of pipeline was circular. The diameter D and buried depth H of the
pipeline were set according to different test conditions. The soil material used in the
numerical simulation was fine sand from the South China Sea, which was described as a
porous medium saturated by water. The physical properties of the soil and seawater are
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shown in Table 3. To consider the natural convection between the soil and the seawater,
the upper boundary was defined as the heat flux boundary. The left, right and lower
boundaries were defined as adiabatic boundaries by setting the heat flux conditions as zero.
At the beginning of the simulation, the soil temperature was assumed to be uniform and
constant T’ jni, which was same as the temperature of the seawater T\,. After heating, the
soil temperature changed. In fact, we were interested in studying heat transfer from the
outer surface of the pipe to the soil, rather than solving for the fluid flow inside the pipe.
Therefore, the temperature of the outer wall of the pipe was set to the constant and uniform
temperature T,,,;. Due to the existence of temperature difference between the pipeline
wall and soil, the heat of the pipeline continued to transfer to the soil, which meant that the
soil was heated.

Table 3. Mechanical properties of the soil.

Soil Mass Parameter Unit Value
Thermal conductivity, Ks W/(m-K) 0.867
. Specific heat capacity, Cs J/(kg-K) 3465
Marine sand Bulk density, ys kg/ m3 18.0
Porosity, n 0.6
Thermal conductivity, Ky W/(m-K) 0.65
Seawater Specific heat capacity, Cy ]/ (kg-K) 3850
Bulk density, 7 kg/m?3 10.25

The specific mesh division used in the model is shown in Figure 6, where the mesh
is finer near the pipe to ensure the convergence of numerical calculation and accuracy
of the simulation. The triangular elements are used in the model, which are linear. The
discretization of the domain has a total of 537 nodes and 979 elements.

I 16 m I

Figure 6. FEM mesh of numerical model.

2.5. Test Procedures and Progresses

In order to establish the relationship between the temperature of the transparent soil
and the pixel intensity, the calibration test was carried out. Calibration of pixel intensity
at different soil temperatures was achieved by placing the model box in the water bath
and allowing the water circulation system to heat up. During the calibration test, the
temperature of the water bath continuously increased from 20 °C to 50 °C, which was
divided into 6 stages in 5 °C increments. At each heating stage, the temperature of the
water bath was set to the desired value. The temperature of the soil was then precisely
determined using a thermometer placed inside the model box. Images were captured
during the heating process with an image acquisition frequency of 30 s. The image pixel
intensities were obtained and recorded by using image processing software. Then, the
relationship between pixel intensity and temperature were established.
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To study the expansion of soil temperature around the pipeline along the horizontal
direction, a transparent soil test was carried out to visualize the temperature. During the
test, the temperatures of the outer wall of the model box filled with transparent soil and
the model pipe were maintained at 20 °C and 50 °C, respectively, through the circulation of
water warmed by the individual temperature control device. Due to the thin outer wall
of the model pipe and the high thermal conductivity of copper, the pipe increased to the
required temperature in a short time, which was not taken into account during the test.
During the test, the images of the transparent soil were captured at a frequency of 5 min
depending on the nature of the test. The measures ensured that sufficient changes in pixel
intensity of each pixel were monitored. The variation in pixel intensity in the image was
interpreted as changes in soil temperature according to the established relationship between
pixel intensity and soil temperature. Therefore, the visualization of the temperature could
be achieved.

Numerical simulation was carried out to study the soil temperature distribution
around the pipeline under different buried depths and pipe diameters, considering natural
convection. In order to verify the validity of the model, the soil parameters and initial
conditions for the transparent soil test were first used by the model, including the thermal
conductivity and initial temperature of the soil (20 °C) and the temperature of the model
pile (50 °C). The results of the numerical simulation were compared with those of the
transparent soil test. After the verification stage, the parameters of marine sand were
substituted into the model for the numerical simulation. The specific calculation conditions
of numerical simulation are shown in Table 4. Combined with reference [25], the calculation
time of the model was 60 days. For heat transfer analysis during start-up, 4 temperature
monitoring points (named as point 1, 2, 3, 4, respectively) were set in the center of the
pipeline along the horizontal direction of the model, with the distances far away from the
outer wall of the pipe being 0.5, 1, 1.5, and 2 pipe diameters, respectively, as shown in
Figure 7.

Table 4. Modeling case in numerical simulation.

Temperature (°C) Buried Depth (H/D) Pipe Diameter (m)
0 0.6
Tw=5 1.0 0.8
Tsini =5
2 2.0 1.0
wall = 3.0 1.2
Ly
, X
[T, -
00
90°
1 2 3 4

Figure 7. Distribution of temperature monitoring points for soil around the pipeline.

3. Experimental Results and Discussion
3.1. Calibration Test

The observation of transparent soil temperature is very sensitive to the change in
image pixel intensity. In order to reduce the influence of abnormal pixel intensity on the test
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results, it is necessary to normalize the pixel intensity. The normalization method proposed
by Siemens et al. [18] is chosen in this study:

I—1
cold (5)

In =
Ihot - Icold

where I is the normalized pixel intensity, I is the pixel intensity at the specified tempera-
ture, I.o|q is the reference pixel intensity at low temperature and I, is the reference pixel
intensity at high temperature.

The relationship between temperature and normalized pixel intensity is shown in
Figure 8. It can be seen that the normalized pixel intensity varies from 0 to 1 for the
temperature of 20 °C to 50 °C. The temperature of transparent soil has a logarithmic
relationship with the normalized pixel intensity. The specific equation is as follows:

T = 48.8391%163 (6)

when the temperature is lower than 30 °C, the deviation between temperature data is
apparent. It may be because the refractive of pore fluid is not sensitive to the variation in
temperature at a lower temperature, resulting in low transparency changes. However, it is
interesting to note that these results are in good agreement with the previous results [17,26].
The results of Siemens et al. [18] and Black et al. [17] are also listed in the figure. Siemens
et al. [18] found a linear relationship between temperature and normalized pixel intensity
in the test. Black et al. [17] found that the relationship curve between temperature and
normalized pixel intensity is about a straight line when the temperature is greater than
30 °C, but it is nonlinear when the temperature is 20~30 °C. The variation in pixel intensity
mainly depends on the change in the refractive index of pore fluid. Moreover, the research
proposed by Kong et al. [19] showed that the refractive index of fluid was not uniformly
sensitive to temperature. The difference of these test results may be caused by the difference
in the pore fluid of transparent soil. Therefore, for the transparent soil prepared using
different materials and processes, the relationship between temperature and normalized
pixel intensity should be re-determined.

55

'
N
1

Temperature,7 (°C)

O In this study
® Siemens et al. 2015
— =—Black et al. 2015

15 + T T T T
0.0 0.2 0.4 0.6 0.8 1.0

Normalized pixel intensity value,/

Figure 8. The relationship between temperature and normalized pixel intensity and the comparison
with previous researches [17,18].

3.2. Horizontal Temperature Distribution of Soil around Pipeline

The test results of the horizontal temperature distribution of the submarine pipeline
are shown in Figure 9. It can be seen from the figure that the temperature decreases with
the increase in the distance from the pipe wall. After 5 min, the temperature expands to
0.5D. The influence range of pipeline temperature increases gradually with the increase in
time. The influence range extends to 2.6D after 40 min, and tends to be stable.
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Figure 9. Temperature distribution around pipeline in transparent soil with different times.

When using transparent soil to study the temperature distribution, the test results may
have errors due to light conditions, impurities in the transparent soil and other reasons. In
order to reduce the test error, the average value of the temperature at the same distance
from the pipe wall is taken as the temperature at that distance. The relationships between
the temperature and heating time at the distances of 0.5D, 1.0D, 1.5D and 2D are shown
in Figure 10. It can be seen that the temperature at different locations increases with
heating time, and then tends to be stable. In addition, the temperature of the soil at a
distance of 0.5D increases rapidly after the start of heating, while the temperature of the
soil at distances of 1.0D, 1.5D and 2D begins to increase after 5 min, 10 min and 30 min,
respectively. It indicates that the influence range of temperature gradually expands with
the increase in time. The soil temperatures at different locations all tend to be stable after
60 min.

After the temperature is stable (60 min), the temperature distribution at different
distances from the pipe wall is shown in Figure 11. It can be observed that the temperature
gradually decreases with the increase in the distance from the pipe wall. The temperature
influence range that can be observed is about 2.6D. At the distance far from 2.6D, it is
difficult to use transparent soil to observe the temperature due to the small temperature
change. Moreover, the test results of transparent soil at 0~0.3D decreased significantly,

160



J. Mar. Sci. Eng. 2024, 12, 637

which may be related to the reflection of the model pipe wall. The light reflection of the
pipe wall affects the test results.

50
Test results Validation of numerical model
—o—1/D=0.5 1/D=0.5
A45' —o—1/D=1.0 = = 1/D=1.0
Q —A—J/D=1.5 - - - 1/D=15
=401 ——pp=2.0
N
L 354
=
N
g
S 30 4
(="
B
25
20 A
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0 10 20 30 40 50 60

Time, ¢ (min)

Figure 10. The temperature at different distances (I/D) far from the pipe wall varies with time.
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Figure 11. The influence range of pipeline temperature during stable operation in transparent soil.

3.3. Influence of Buried Depth and Pipe Diameter on Temperature Field

To verify the validity of the numerical model, the soil parameters and initial conditions
for the transparent soil test were used via the numerical model. Their results are shown in
Figures 10 and 11, respectively. It can be seen that numerical simulation results are very
close to the results of transparent soil test, indicating that it is feasible to use the numerical
model to study the distribution of temperature around the pipeline.

The soil temperature at different locations around the pipeline over time under dif-
ferent buried depths and pipeline diameters are shown in Figures 12 and 13. It can be
seen that in the early stage of pipeline operation, the soil temperature increases rapidly.
As the soil temperature continues to rise, the heat transferred by the pipeline to the soil is
gradually reduced. The rise rate of the soil temperature decreases. The rate and magnitude
of temperature rise at point 4 is much lower than that at point 1, which indicates that with

the increase in the distance from the pipe wall, the influence of the pipe on the surrounding
soil temperature gradually decreases.
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Figure 12. Temperature variation in soil with time

(a) point 1; (b) point 2; (c) point 3; (d) point 4.
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(a) point 1; (b) point
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Figure 12 also shows that the soil temperature around the pipeline is closely related to
the buried depth of the pipeline. As can be seen in Figure 12, the deeper the buried depth of
the pipeline, the higher the temperature of the soil around the pipeline. This is influenced
by the natural convection between seabed and seawater. The variation in soil temperature
at different locations around the pipe with time under different pipe diameters is shown in
Figure 13. The diameter of the pipeline affects the rise rate of the soil temperature around
the pipeline. The larger the diameter, the slower the rise rate of soil temperature.

After 60 days of heating, the temperature distribution of soil around the pipeline tends
to be stable. The temperature distribution around the pipeline during stable operation
at different buried depths H is shown in Figure 14. It can be seen from the figure that
the soil temperature gradient near the pipe wall is large, indicating that the soil is greatly
affected by the pipe temperature. The soil temperature gradient far away from the pipe
wall decreases, and the soil is less affected by the pipe temperature. The temperature
gradient around the pipeline is relatively small at a small buried depth. With the increase in
the buried depth, the temperature gradient tends to be stable, indicating that the influence
of natural convection on the temperature field decreases with the increase in the buried

depth.
0
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Figure 14. Temperature distribution of soil around pipeline at different buried depths: (a) H = 0.5D;
(b) H = 1.0D; (c) H = 2.0D; (d) H = 3.0D.

The variation in soil temperature in the horizontal direction of the pipe center during
stable operation at different buried depths is shown in Figure 15. It shows that the final
influence range of heating on the soil temperature at different buried depths is about 4D.
However, the buried depth has little effect on the influence range of heating. At the same
location, the smaller the buried depth, the lower the temperature, and the more obvious
the influence of natural convection on the soil temperature.
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Figure 15. Temperature distribution of soil in horizontal direction of pipeline center at different
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buried depths.

The temperature distribution of soil around the pipeline with different pipe diameters
during stable operation is shown in Figure 16. It can be seen that the contour shape of
soil temperature around the pipeline under different pipe diameters is similar. But, the

influence distance of heating will increase with the increased in the pipe diameter.
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Figure 16. Temperature distribution of soil around pipeline at different diameters: (a) D = 0.6 m;
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The variation in soil temperature in the horizontal direction of the pipe center during
stable operation at different pipe diameters is shown in Figure 17. It shows that the
influence range of the heating on the soil temperature under different pipe diameters is
also about 4D. The pipe diameter has little influence on the temperature range of the pipe.
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At the same distance, the larger the pipe diameter, the lower the soil temperature.
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Figure 17. Temperature distribution of soil in horizontal direction of pipeline center at different
pipeline diameters.

4. Conclusions

In this paper, an alternative experimental method to realize the visualization research
on the temperature of soil around a submarine buried offshore pipeline is proposed based
on transparent soil test technology. A set of test apparatuses was built, and the temperature
distribution of the soil around the submarine pipeline during the operation was studied.
Moreover, the influence of buried depth and pipe diameter on the soil temperature dis-
tribution was studied via numerical simulation, considering the natural convection. The
following conclusions were obtained:

(1) The relationship between the soil temperature and normalized pixel intensity was
established. The normalized pixel intensity varied from 0 to 1 for the temperature of
20 °C to 50 °C. The temperature of transparent soil had a logarithmic relationship with the
normalized pixel intensity. It proved the feasibility of using transparent soil test technology
to study the soil temperature distribution.

(2) The soil temperature at different locations increased with time, and then tended
to be stable. The influence zone of pipeline temperature gradually expanded with the
increase in time, and the final observable influence zone extended to a radial distance of
2.6D. At the distance far from 2.6D, it was difficult to use transparent soil to observe the
temperature due to the small temperature change, which needed further researches to solve
these problems.

(3) The shallower the buried depth of the pipeline, the smaller the soil temperature
gradient around the pipeline and the more obvious the influence of natural convection of
seawater. The contour shape of soil temperature around the pipeline was similar under
different buried depths. The influence zone of pipeline temperature was a distance of
4D at a temperature difference of 45 °C, which was less effected by the buried depth and
pipe diameter.
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Abstract: Stress-induced anisotropy in calcareous sand can cause an uneven displacement in island
reef engineering. In this study, stiffness, as a quantitative indicator, is explored to reveal the stress-
induced anisotropy in calcareous sand. Based on the discrete element method, the stiffness anisotropic
characteristics of calcareous sand during shearing, as well as the impact of particle breakage, are
investigated by numerical simulations. Both the macro and micro responses, i.e., the maximum
shear modulus, contact normal, strong and weak contact normal force, and the direction of particle
breakage, are explored for calcareous sand with different particle breakage ratios. The results show
that calcareous sand exhibits notable anisotropy during shearing, with the maximum shear modulus
in the vertical direction (deviatoric stress direction) being significantly greater than that in the
horizontal direction. Moreover, the higher the particle breakage rate, the lower the stiffness and its
anisotropy. The micro-mechanism results indicate that the primary particle breakage during the
shearing process occurs in the vertical direction. That is, the particle breakage weakens the strong
contact force in the vertical direction, leading to a redistribution of the strong contact forces from
the vertical direction to other directions. This redistribution mainly manifests in a decrease in the
anisotropy of contact normal and contact vector within the sample, as well as a decrease in the
proportion of strong contact forces in the overall contacts. This, in turn, reduces the shear strength
and stiffness of calcareous sand, particularly in the vertical direction, and results in a decrease in
the maximum shear modulus and its anisotropy. The maximum reduction can be up to 50% of the
original value. These insights can provide a certain theoretical support for the uneven displacement
and long-term stability of calcareous sand for islands and reefs.

Keywords: calcareous sand; particle breakage; anisotropy; DEM

1. Introduction

In the South China Sea region, calcareous sand is widely distributed and typically
chosen as the primary construction material for island and reef engineering projects [1-6].
Different from quartz sand, calcareous sand is an aggregate of insoluble carbonate minerals
(mostly calcium carbonate), characterized by its irregular particle shape, high internal
porosity, being easy to break, high angularity, and high internal friction angle [7-11].
Under conventional stress, particle breakage directly changes the internal structure of
calcareous sand, including particle size distribution [12], packing density [13], friction
angle [14], particle strength [15], permeability, and microstructure [16]. Currently, research
on particle breakage is mainly based on laboratory experiments and field tests [17-20].
For example, Xiao et al. [13] found that the relationship between the particle strength and
particle size of calcareous sand conforms to the Weibull distribution [21]. Coop et al. [22]
discovered that under very large displacement conditions, calcareous sand reached a stable
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gradation that depends on the applied normal stress and initial gradation; at the same
time, particle breakage occurred and caused volume continual compression until reaching
a stable gradation. Liu et al. [19] proposed that particle breakage is related to particle
hardness and stress state. Yu [18] suggested that a higher confining pressure would lead
to more particle breakage. Particle breakage has a significant effect on the properties of
calcareous sand. However, there are still shortcomings in the current research, such as its
excessive cost, discrete results, and poor process repeatability. More importantly, due to
the inherent dispersion and heterogeneity of calcareous sand, microscopic understandings
of particle breakage are still insufficient.

Furthermore, extensive research has been conducted on calcareous sand to investigate
its strength property, considering the influences of vertical stress, relative density, and
particle size distribution. Gao et al. carried out a series of indoor experiments to investigate
the shear characteristics [5], creep properties [6], and the relationship between particle
breakage and plasticity work [4]. Zhang et al. [23] studied the results of triaxial shear tests
on calcareous sand under different confining pressures and shear strains and analyzed the
influencing factors and degree of particle breakage by the Hardin model. Yan et al. [24]
conducted triaxial shear tests on calcareous sand with different particle sizes, relative
densities, and confining pressures and introduced the stress-induced softening coefficient
and shear dilatancy coefficient to quantitatively characterize the softening and dilatancy
features. However, different stress paths on particle breakage and the anisotropy of shear
strength were not considered. The anisotropy of shear strength in soil has long been
considered a key issue and has been included in the analysis to improve the accuracy
of soil strength prediction. In addition to the inherent anisotropy formed during the
deposition process of soil particles, there is also an anisotropy caused by uneven external
stresses. Toyota et al. [25] studied the variation of undrained shear strength of cohesive soil
in different shear directions and stress conditions through hollow cylinder torsion tests.
Hwang et al. [26] used finite element simulation to study the changes in stress state caused
by excavation-induced slope sliding, resulting in the anisotropy of soil strength. Coccia and
McCarteny [27] evaluated the effect of stress-induced anisotropy on saturated soil thermal
volume change using a true triaxial test. Pan et al. [28] studied the undrained triaxial
compression and tension behavior of saturated sand under different static pre-shearing
conditions through experiments and analyzed the effects of pre-shearing on the anisotropy
of sand elasticity, stiffness degradation, shear strength, and instability.

The different forces acting in the vertical and horizontal directions in island reef
engineering, such as overlying soil pressure and building load pressure in the vertical
direction and hydrostatic pressure in the horizontal direction, often lead to anisotropy of the
foundation. However, for calcareous sand, research on macro- and micro-scale anisotropy
with consideration of particle breakage is still in its initial stages. For example, He et al. [29]
experimentally observed the pseudo-critical state, critical state, peak state, and phase
transition state of calcareous sand under undrained and drained triaxial shear conditions.
They studied the influence of different initial anisotropic stress states on the monotonic
strength, deformation, and particle breakage characteristics of calcareous sand and found
that the initial average effective stress and anisotropic stress ratio have a significant impact
on the mechanical behavior of carbonate sand. However, the sieving method they used can
only qualitatively evaluate the influence of particle breakage on the macroscopic properties
and cannot reflect the micro-mechanism of particle breakage or reveal the influence of
particle breakage on the macro/microstructure and deformation.

In recent years, the discrete element method [30] (DEM) has been proven to be a pow-
erful tool for exploring the behavior of granular materials, such as shear strength, volume
expansion, fracture evolution, contacts transmission, and energy distribution. Various
DEM algorithms have been used to numerically simulate particle breakage and provide
microscopic interpretations of experimental phenomena. These studies considered stress
paths (e.g., confining pressure [31] and cyclic loading [32]), particle shape (e.g., particle
roundness [33], sphericity [34], aspect ratio [35], particle size [36], boundary conditions [37],
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and intermediate principal stress [38]), etc. In this study, a series of triaxial shear numerical
simulations is conducted based on the open-source 3D discrete element platform Yade [39],
studying the shear strength, deformation characteristics, stiffness, microscopic behavior,
and anisotropy of calcareous sand with different particle breakage rates.

2. Methods
2.1. Details of Numerical Simulations
2.1.1. Model Parameters

A cubic shape with dimensions of 10 x 10 x 10 mm?® was adopted into the DEM
numerical model for the sample of calcareous sand. All generated particles with particle
radii ranging from 0.24 to 0.48 mm are spherical in shape to avoid the anisotropy induced by
internal structure. The particle gradation satisfies a uniform distribution with the average
radius of 0.36 mm. The particle-particle contacts are modeled using the Hertz-Mindlin
nonlinear contact model. The values of radius distribution, Young’s modulus, Poisson’s
ratio, and density were determined based on the results of laboratory experiments [40],
which are listed in Table 1.

Table 1. The values of the main parameters in simulations.

Parameter Value
Particle number 3000
Radius 0.24-0.48 mm
Density 2810 kg/m?>
Young’s modulus 800 Mpa
Poisson’s ratio 0.3

Particles Internal friction angle Sample preparatlc')n/ corrc}pressmn: 0
Shearing: 30
Degree of particle breakage None Low Mid High
Uniaxial tensile o 4 2 1
strength (Mpa)
Uniaxial compressive
strength (Mpa) oo 6 6 3
Young’s modulus 800 Mpa
Poisson’s ratio 0.05
Walls

Sample preparation/compression: 0°

Internal friction angle Shearing: 30°

To examine the influence of the degree of particle breakage, four levels of particle
breakage, termed as high, medium, low, and none, were used, corresponding to approxi-
mately 10%, 5%, 1%, and 0% of the particle breakage rate, which is a ratio of the number of
broken particles to the total number of particles. These four terms, “high, medium, low
and none”, were also consistently used in the following figures and discussion.

During the shearing process, an initial confining pressure of 400 kPa was applied,
followed by maintaining a vertical strain rate of 2% /s until the vertical strain (axial strain)
reached 18%, at which point the specimen was considered to be failed, and the shearing
process was thereby terminated. Throughout the simulation, it was ensured that the
unbalanced force rate does not exceed 0.01 to avoid unstable configurations.

2.1.2. Particle Breaking Mode

In the numerical simulations, the post-positioning method was used to simulate
the particle breakage of calcareous sand. When the inter-particle contact force meets
certain conditions, the particle breaks, and new particles are generated and replace the
original particle. The strength criterion for determining whether the particle breaks is the
modified Mohr-Coulomb-Weibull strength criterion proposed by Gladkyy [41], which
uses the Mohr—Coulomb law with tensile and compressive cut-off and also considers the
influence of particle size on the strength of a single particle. The relationship between
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particle strength and particle size follows the Weibull distribution. The particle replacement
criterion is modified from the algorithm proposed by Brzeziniski [42], and the specific
replacement method is illustrated in Figure 1. When a particle is broken according to the
Mohr-Coulomb-Weibull strength criterion, it is replaced by several small particles with
equal radii. In this study, guided by previous studies [43-45], each particle is replaced
with 9 small particles with equal radii when it breaks, and the basic parameters of the new
particles (e.g., density, Young’s modulus, etc.) are consistent with the original crushed
particles. To ensure mass conservation before and after the breakage, the filling area
was extended to the surrounding area. When the surrounding space is insufficient for
successful replacement, the replacement is abandoned directly. This study optimizes the
behavior when replacement fails and introduces a “delayed failure” mechanism guided
by the experimental results of calcareous sand [40]. That is, when the space is limited, it is
assumed to have been fractured, but the fractured particles are densely packed without
affecting the surrounding particles, maintaining their original shape without replacement;
when there is sufficient space later, the fractured particles are released and affect the
surrounding particles, and regardless of whether they still meet the failure criteria, they
are replaced.

4L 2 24 L 2 2 2 LYl ////////(///
{ N
Broken
(a) (0)

Figure 1. Spherical particle breakage mode process: (a) identify the particles to be crushed; (b) search
for the potential locations of daughter particles; (c) fill when the daughter particles can be packed to
a predetermined amount (modified from Gladkyy [41]).

2.1.3. The Maximum Shear Modulus, G«

The anisotropy of soil properties is primarily attributed to two main factors: internal
and external causes. The former arises from the irregular shape of the particles, while the
latter results from uneven external loads. In this study, spherical particles were used; thus,
the anisotropy generated by the particles themselves can be neglected, and the anisotropy
generated during the shearing process is mainly caused by external loads. To characterize
the anisotropy of calcareous sand during shearing, the shear modulus was used as an
indicator. It is well known that the shear modulus itself decreases with increasing shearing
strain, while it is almost constant when the shearing strain is very small (<10~ for sand),
which corresponds to the maximum shear modulus Gy;.x. Hence, the maximum shear
modulus Gy is used to describe the anisotropic behavior of calcareous sand. In order
to obtain Gy values at different shearing levels, the sample is first sheared to the target
state by the triaxial test simulation (corresponding to different axial strains); then, another
simple shearing mode is conducted, as shown in Figure 2. Since the shearing strain during
the simple shearing process is very small (<107%) and the internal structure cannot be
changed, the obtained G,y can represent the level of stiffness at different axial strains.
As shown in Figure 2, the Gyqx of three orthogonal directions is denoted as Gz, Gy, and
Gyy, respectively. Herein, X, y, and z represent three mutually perpendicular directions. By
using Gy; as an example, the maximum shear modulus on the z—x plane can be determined
by Equation (1):

Tzx

Goy = — =%
= (5zx/dzx)

)
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where T, represents the shear stress on the z—x plane; 6., represents the lateral displacement
between two walls’ z-axes; and d,, represents the sample dimension. This calculation
method has been verified in previous studies [46].

:
................. Ty 70

Ty N——Q

” ! o |4

g

®) (C)

Figure 2. Shear modulus in different directions: (a) shear mode 1 Gy; (b) shear mode 2 Gy,; and
(c) shear mode 3 Gyy.

According to previous studies [47-51], in the elastic condition, the maximum shear
modulus G,y is only related to the stress in the corresponding plane, i.e., Gyy is only
controlled by the stress in the xy plane and is independent of the stress in the z direction.

2.2. Methodology for Micro-Scale Parameters

Guided by Radjai et al. [52], the contacts between particles are classified into two
parts: strong contact normal force chain, where the contact normal force is greater than
the average force, and weak contact normal force chain. These two types of contacts form
two complementary networks with different geometric and mechanical properties. The
strong contact normal force chain bears the entire additional stress generated by triaxial
shearing, while the weak contact normal force chain only contributes to maintaining the
average stress. To explore the intrinsic mechanisms of the anisotropic characteristics during
the shearing of calcareous sand, the evolutions of microscopic parameters, such as the
contact normal, contact vectors and their directions, the magnitude of contact normal forces,
and the direction of particle breakage, were analyzed.

2.2.1. Anisotropy of Contact Normal

The contact normal force direction between two adjacent particles, known as the con-
tact normal, refers to the direction perpendicular to the contact surface. To quantitatively
characterize the anisotropy degree of contact normal, the fabric tensor of microstruc-
tures [53] was introduced as follows:

1 N

N = ﬁcczl (nc ® nc) ()

where n° is the unit vector of contact normal and N, is the number of contacts between
particles. The eigenvalues and eigenvectors of the fabric tensor can reflect the concentration
of anisotropy of the contact normal and principal directions. The coefficient of anisotropy
is given as follows:

®)

2 2 2
o wer—e% e =)+ (o~ )
2

where eN (i = 1, 2, or 3) represents the three eigenvalues of the fabric tensor N. At the same

time, selecting the eigenvector corresponding to the maximum eigenvalue represents the
dominant direction of anisotropy.
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2.2.2. Anisotropy of Contact Vector

The contact vector is the vector connecting the centroids of two contacting particles.
The branch tensor can reflect the average length of the line connecting the centroids in
different directions in space, equivalent to the average radius of the contacting particles.
The higher the contact vector, the larger the related particles. In order to distinguish the
anisotropy of the contact vector from the anisotropy of the contact direction, the formula
proposed by Sitharam et al. [54] was used to calculate the contact vector tensor B":

L1 N ngng
Bt — — 4
Y Nccgl E(n¢);; @

where n¢ represents the contact normal; I is the length of the contact vector, defined as
the distance between the centroids of two contacted particles; and E(n) is the probability
density function of the contact normal. For any direction vector n:

Emn) = 1~ (14 DO @) 5)

in which D is the skew tensor of the fabric tensor N shown in Equation (2). On this
basis, to conveniently compare the anisotropy degree under different axial strains, the
normalized contact vector tensor B* = B" (O W was used to calculate the level of
anisotropy. The calculation method for the coefficient of anisotropy for the contact vector
AD, is consistent with the form of A® for the contact normal (Equation (3)), where e;
(1 =1, 2, or 3) represents the three eigenvalues of the contact vector tensor. The dom-
inant direction is also represented by the related eigenvector corresponding to the

maximum eigenvalue.

2.2.3. Anisotropy of Contact Normal Force

The external load is mainly borne by the contact normal force between particles, which
is the component of the contact force between two particles along the normal direction.
The formula defined by Sitharam [54] was also used for this calculation. The normalized
degree of anisotropy A®.r was also used to facilitate the comparison of the anisotropy of
contact normal force magnitudes under different axial strains, and the related eigenvector
corresponding to the maximum eigenvalue also represents the dominant direction. For
all contact normal force vectors, the contact normal force is demoted as f'. The specific
formula for calculating the contact normal force tensor is as follows:

N f”n?n?

= 1y 2elij
1]/ Ne cgl E(T)ij (6)

F'=F'0O tr(F")

where E(n) is the probability density function of the contact normal.

2.2.4. Quantification of Particle Breakage Direction Anisotropy

To further explore the influence of particle breakage on the anisotropy of inter-particle
contacts, the degree of anisotropy and the principal direction of particle breakage were
studied. The direction of maximum contact normal force during particle breakage was
taken as the direction of particle breakage. Given the particle breakage direction vector
n’ and the related contact number N, the particle breakage tensor N’ was determined
as follows:

szl\l@%@b@nb) (7)

b=1

The calculation of the degree of anisotropy and the principal direction were similar
to that for the contact normal detailed in Section 2.2.1. The degree of anisotropy A®,,
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was calculated using the eigenvalues of N¥ substituted into Equation (3). The princi-
pal direction of anisotropy was determined using the eigenvector corresponding to the
maximum eigenvalue.

3. Results

3.1. Shear Characteristics and Stiffness Variation of Calcareous Sand with Different Particle
Breakage Rates

3.1.1. Stress-Strain Relationship

As shown in Figure 3, the shear stress—strain response of calcareous sand increases
rapidly in the initial stage (axial strain less than 3%), and the curves are basically overlapped
for different particle breakage ratios. This is because the shear deformation in this stage is
mainly controlled by the adjustment of particle positions caused by particle rotation and
sliding and the filling of internal large voids, accompanied by insignificant particle crushing
(Figure 4). As the deviatoric stress continues to increase, the stress—strain relationships of
calcareous sand with different particle breakage ratios show differences: the deviatoric
stress of calcareous sand with a higher particle breakage ratio is obviously lower than that
with a lower particle breakage ratio at the same axial strain. More stress drops occur for
calcareous sand with a higher particle breakage ratio during shearing, which is caused by
the stress release induced by particle crushing.

2000

- 30

1500

= =Low 115
?stress « = +Mid “““;

- = High 410 ©
= = = Experiment

1000 |

c,—o,/kPa

0O 2 4 6 8 10 12 14 16 18
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Figure 3. Deviatoric stress—axial strain and volume strain—axial strain curves for calcareous sand
with different particle breakage rates.

The volume change during the shearing is the first contraction, followed by dilation.
When the axial strain is less than 6%, the volumetric strain—axial strain curves of the
calcareous sand with different particle breakage ratios are basically overlapped because,
before this point, the overall particle breakage is at a relatively low level and changes
little (Figure 4). With the increase in axial strain, the level of particle breakage increases.
As shown in Figure 4, for the calcareous sand with a higher degree of particle breakage,
particle breakage occurs earlier, and the rate of particle breakage growth is also faster. The
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continual increase in particle breakage makes the dilation tendency of the calcareous sand
decrease even further.
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Figure 4. The variation in the particle breakage rate with axial strain for different calcareous sands.

These simulation results are consistent with previous studies (e.g., reference [55])
and laboratory experiments. There are discrepancies between the current simulation
results and the experimental results at large strains, specifically manifested as a significant
overestimation of volume dilation and an underestimation of peak stress, as shown in
Figure 3. The possible reason is the lack of consideration of the actual particle shape, surface
roughness, intra-particle voids, and so on. However, it is believed that the tendency of the
current results is accurate for studying the causes of stress-induced anisotropy.

3.1.2. Macroscopic Stiffness Anisotropy

During shearing, as the axial strain increases, the changes in Gy, Gy, and Gy, are
shown in Figure 5. For different particle breakage rates, with the increase in axial strain,
both Gy, and GyZ first increase to a peak until the axial strain reaches 4-5% and then
decrease. Meanwhile, Gy, remains basically unchanged until reaching the 2% axial strain
and then decreases. This is because with the increase in axial strain, the stress in the z
direction increases, while the stresses in the x and y directions remain unchanged. The
maximum shear modulus in the elastic condition is only related to the stress in the shear
plane. However, after reaching a certain level of strain, the specimen begins to exhibit plastic
deformation, and the original structure of the calcareous sand is destroyed. Therefore, the
maximum shear moduli in all directions decrease. Based on Figure 5, it can also be observed
that at low axial strains (<2%), the maximum shear modulus G,y for different particle
breakage rates basically overlaps as before this point, the degree of particle breakage is low
and the influence of particle breakage on the macroscopic stiffness of the specimen is not
significant. As the axial strain increases, with the particle breakage increasing, the level of
increase in G,y decreases more for samples with higher particle breakage. At large axial
strains (>6%), the higher the particle breakage rate, the smaller the G4y value. In other
words, particle breakage weakens the stiffness of calcareous sand, and the reduction can be
up to 50% compared with that without particle breakage, which is crucial for the stability
and safety assessments of the foundations of calcareous sand.

The maximum shear moduli in different directions have different magnitudes and
trends, showing significant anisotropy. The changes in Gy /Gy, and Gy /Gy, with the axial
strain are shown in Figure 6 and Table 2. Throughout the entire shearing process, Gy./Gy:
is close to one, and Gy /Gy, continually increases. There is a significant difference in the
maximum shear moduli between the horizontal and vertical planes; that is, the stiffness in
the vertical direction is greater than that in the horizontal direction during shearing. With
the increase in axial strain, the degree of anisotropy increases. As the particle breakage rate
increases, the ratio of Gy / Gyz under the same axial stress does not change significantly
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at small strains, but at higher strains, it is much lower under higher particle breakage
rates. That is, particle breakage can induce the macroscopic stiffness and related degree
of anisotropy of the calcareous sand decrease, and the degree of decrease is related to the
particle breakage rate; the larger the rate, the greater the decrease.

()

Figure 5. The evolution of small-strain shear moduli in different directions as the axial strain increases
during the shearing process: (a) Gyz; (b) Gyz; and (c) Gyy.
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Figure 6. The difference in small-strain shear moduli in different directions during shearing with
increasing axial strain: (a) Gyz/ Gy and (b) Gyz/Gxy.

Table 2. Variation in Gyz /Gy for calcareous sand with different particle breakages.

Strain (%) None Low Mid High
0 1.004 1.003 1.001 1.004
2 1.286 1.281 1.285 1.282
4 1.562 1.550 1.539 1.529
6 1.805 1.821 1.775 1.761
12 2.025 2.009 1.974 1.860
18 2.163 2.103 1.979 1.944

3.2. Anisotropy of Internal Contact Forces

During shearing, the external stress causes different responses in the contact normal
forces between the calcareous sand particles. As shown in Figure 7, taking the situation
under the 18% axial strain as an example, the magnitudes of the contact forces between
the particles in the horizontal direction (XOY plane) and the vertical direction (XOZ plane)
are significantly different. In the XOY plane, the magnitude of the contact forces does
not have a clear dominant direction. It is consistent in all directions, forming a circular
distribution of force magnitudes. In the XOZ plane, the magnitude of the contact forces
forms an elliptical distribution, with the contact forces in the Z direction being significantly
greater than those in the X direction, consistent with the larger external stress in the vertical
direction. The internal microstructural features can reflect macroscopic phenomena.
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Figure 7. Projection of inter-particle contact forces in calcareous sand at different planes under an
18% axial strain: (a) XOY plane and (b) XOZ plane. In this figure, the blue points represent strong
contact forces, and the red points represent weak contact forces.

4. Discussion

Macroscopic behavior can be reflected and related to the internal structure’s evolution.
Based on the relationship between the stress and strain for calcareous sand during shearing
(Figure 3), two representative cases of particle breakage rate, including no particle breakage
and high particle breakage, and three axial strains at 2% (before the peak deviatoric stress),
6% (around the peak deviatoric stress), and 18% (after the peak deviatoric stress) are
selected for comparison. The indicators of internal structure for calcareous sand, i.e.,
contact normal, contact vector, distribution of contact normal forces, and the direction of
particle breakage, are discussed.

4.1. Contact Normal
4.1.1. Distribution of Contact Normal

The projections of contact normal in the XOY and XOZ planes are shown by the density
proportional rose diagrams in Figures 8 and 9, respectively. In the XOY plane, there is no
significant preferential direction for both strong and weak contacts, and the distribution
of contact normal is circular, with a significantly larger number of weak contacts than
strong contacts. In the XOZ plane, there is a clear preferential direction for strong and weak
contacts, mainly distributed in the vertical direction (Z direction) for strong contacts and in
the horizontal direction (X direction) for weak contacts. Furthermore, with the increase in
axial strain, the number of weak contacts in the horizontal direction significantly decreases.

The direction of maximum contact normal force for particle breakage is served as
the direction of particle breakage [44,56], which is also shown in Figure 9. There is no
significantly preferred direction for particle breakage in the XOY plane, but in the XOZ
plane, particle breakage mainly occurs in the vertical direction (Z direction), indicating the
existence of anisotropy in particle breakage. Under the same axial strain, the comparison
of the samples with high particle breakage and without particle breakage is shown in
Figure 10 (i.e., Figures 8 and 9). It is clearly seen that the particle breakage level reduces
the strong contact, especially in the Z direction, while the weak contact increases in the Z
direction. In other words, particle breakage effectively reduces the concentration of strong
contact forces in the Z direction, thereby reducing the degree of anisotropy.
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Figure 8. Distribution of inter-particle contact normal under different axial strains without particle
breakage: (a) XOY plane and (b) XOZ plane.
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Figure 9. Distribution of inter-particle contact normal under different axial strains at high particle
breakage rates: (a) XOY plane and (b) XOZ plane.
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Figure 10. Influence of particle breakage on the distribution

of inter-particle contact normal at

different axial strains: (a) XOY plane and (b) XOZ plan.

4.1.2. Contact Normal Anisotropy

Figure 11 shows the anisotropy degree of the orientation of strong and weak contacts
(represented by the fabric tensor) during the shearing process as a function of axial strain,
where N, L, M, and H represent no, low, medium, and high particle breakage, and S and W
denote strong and weak contacts, respectively. These symbols have the same meanings as
in the following figures. Throughout the entire shearing process, the dominant direction of
the strong contacts is consistently in the vertical direction (~90°; Z direction in Figure 11a),
while the dominant direction of the weak contacts is in the horizontal direction (0°; X or Y
direction in Figure 11a), with occasional fluctuations affected by particle breakage.
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Figure 11. Anisotropy of particle contact orientation (fabric tensor) for different particle breakage

ratios: (a) dominant direction and (b) anisotropy degree.
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For weak contacts, with the increase in axial strain, the degree of anisotropy first
increases, reaching its maximum value at around a 3% axial strain, and then significantly
decreases to negligible levels. This variation reflects the transition of deformation in
the calcareous sand from elastic to plastic deformation during shearing. The degree of
anisotropy coefficients at different particle breakage rates are similar and much smaller
than the anisotropy of strong contacts. This indicates that particle breakage has almost no
effect on the anisotropy of weakly bonded particles.

For strong contacts, the maximum level of anisotropy appears at around 6-12% axial
strain and then decreases slightly. For different particle breakage rates, there is no significant
difference in the initial shear stage. The degree of anisotropy for the higher particle breakage
rate of calcareous sand is significantly smaller when the axial strain exceeds 3%. It proves
that particle breakage can affect the anisotropy of the strong contacts. The higher the
particle breakage rate, the lower the degree of anisotropy. Due to the strong contacts
controlling the overall strength and stability of calcareous sand [57,58], one of the intrinsic
reasons for the reduction in the macroscopic anisotropy degree (e.g., the maximum shear
modulus, as shown in Figure 4) is the reduction in the anisotropy of the strong contacts
between particles.

4.2. Contact Vector Anisotropy

During shearing, the anisotropy degree of the strong contact vector with respect to the
axial strain development is shown in Figure 12. Similar to the results of the contact normal,
the dominant direction of the strong contact vector is always in the vertical direction (~90°),
and the dominant direction of the weak contact vector is mainly in the horizontal direction
(0°), but it fluctuates occasionally due to particle breakage. Particle breakage has almost
no effect on the anisotropy magnitude of the weak contact vector. For strong contacts,
after the 6% axial strain, with the increase in axial strain and particle breakage rate, the
degree of anisotropy decreases, but the difference is not significant. That is, the higher
the particle breakage rate, the lower the anisotropy degree of the contact vector, but the
impact is weak. It is also indicated that the strong contacts in the Z direction is mainly
borne by large particles. This is because the preferred direction of the contact vector for
strong contacts is along the Z direction, and the corresponding anisotropy of the contact
vector tensor B" is higher. This suggests that the average radius of the particles bearing
strong contacts in the Z direction is larger. As the particle breakage rate increases, there
is a slight decrease in the Ad,, for strong contacts, whereas the Ad., for weak contacts
remains relatively unchanged, which indicates that particle breakage is likely to occur more
frequently in the larger particles that bear strong contacts. The reduced anisotropy of the
contact vector of the strong contacts means that the size of the particles bearing the strong
contacts along the Z direction decreases.
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Figure 12. Anisotropy of contact branch vectors at different particle breakage rates: (a) dominant
direction and (b) anisotropy degree.
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4.3. Contact Normal Force
4.3.1. The Anisotropy of Contact Normal Forces

The normalized anisotropy degree and principal direction of the contact normal forces
are shown in Figure 13. It is readily seen that no significant changes are obtained under differ-
ent particle breakage rates. That is, particle breakage does not have a considerable influence
on the contact normal forces in terms of the anisotropy degree and principal direction.
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Figure 13. Anisotropy of normal contact forces in the strong and weak contacts at different particle
breakage ratios: (a) dominant orientation and (b) anisotropy degree.

4.3.2. The Distribution of Contact Normal Forces

Taking the representatives at the axial strains of 2%, 6%, and 18% of calcareous sand
with no particle breakage and high particle breakage, the contact normal force distribution
histograms are shown in Figure 14. Under a small axial strain, the contact normal force
distributions are almost identical due to the insignificant particle breakage for calcareous
sand with different particle breakage rates. As the shearing progresses, the number of
strong contact normal forces of calcareous sand with high particle breakage is significantly
smaller than that with no particle breakage, while the number of weak contact normal
forces is significantly larger. The evolution of the percentage of weak contacts during
shearing in Figure 15 also indicates a decrease in the proportion of strong contact normal
forces and an increase in the proportion of weak contact normal forces. At the same time,
the increase in weak contact normal forces in calcareous sand with high particle breakage
is significantly greater than in calcareous sand with no particle breakage. In other words,
particle breakage can enlarge the destruction of strong contacts and the formation of weak
contacts between particles in calcareous sand.
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Figure 14. Influence of particle breakage on contact normal force distributions at different axial
strains for calcareous sand with different particle breakage rates: (a) no particle breakage; (b) high
particle breakage; and (c) variation (high breakage—no breakage).
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Figure 15. The variation in the proportion of weak contact normal forces with axial strain.

4.4. Anisotropy of Particle Breakage Direction

Figure 16 shows the degree of anisotropy of particle breakage and the principal
direction. The principal direction of particle breakage of calcareous sand with different
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degrees of particle breakage is always the vertical direction, consistent with the external
deviatoric stress direction. During shearing, with the increase in axial strain, especially after
the peak stress (corresponding to a 6% axial strain), the degree of anisotropy of particle
breakage decreases. This is because at lower strains, only strong contacts that are nearly
parallel to the Z-axis can satisfy the failure criteria. Therefore, it is considered that the
direction of particle breakage is more concentrated in the direction parallel to the Z-axis at
lower strains. As the strain progresses, a large number of strong contacts parallel to the
Z-axis have already been extensively damaged by particle breakage. Therefore, contacts
with a certain angle to the Z-axis can also satisfy the failure criteria. As a result, the level
of anisotropy in the direction of particle breakage decreases. Furthermore, the greater the
degree of particle breakage, the greater the reduction in the degree of anisotropy. The
reduction in the degree of anisotropy of particle breakage will also lead to a decrease in the
macroscopic degree of anisotropy of calcareous sand.

Break =——Low— =Mid - High

Break type

Figure 16. Anisotropy of particle breakage: (a) dominant direction and (b) anisotropy degree.

The findings of this study emphasize the importance of understanding the influence of
particle breakage on the stiffness anisotropy of calcareous sand. It should be noted that the
DEM method has certain limitations, such as the demand for computational efficiency and
resources, along with the influence of size effects, and the increase in particle quantity due
to particle breakage further slows down its computational speed. The results of this study
can be used as a reference and guide for future engineering endeavors. In the future, further
numerical simulations under conditions more akin to actual engineering environments
could be required, considering the dynamic wave loads, the true shapes of calcareous sand
particles, and more realistic forms of particle breakage, as well as variations in Young’s
modulus, Poisson’s ratio, and so on. These simulations should be combined with field
testing or laboratory experiments, which can enhance the reliability and application of
research outcomes in practical engineering.

5. Conclusions

This study simulates the particle breakage behavior using the post-positioning method
and the “delayed replacement” mechanism. The anisotropic characteristics and micro-
mechanisms of calcareous sand with different particle breakage rates subjected to shearing
are investigated using the discrete element numerical simulations. The main conclusions
are as follows:

(1) During shearing, the macroscopic stiffness Gy of the calcareous sand is greater
in the vertical direction than that in the horizontal direction, and the degree of stiffness
anisotropy increases with the increase in axial strain. A distinct anisotropy is found. Particle
breakage can reduce the stiffness in different directions, mainly in the direction of deviatoric
stress, which, in turn, weakens the anisotropy characteristics of the calcareous sand induced
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by external stress. As the particle breakage rate increases, the peak and residual shear stress
and shear dilatancy of the calcareous sand decrease.

(2) The micro-anisotropy of the calcareous sand during shearing is mainly manifested
in the distribution of contact normal directions, contact vectors, and contact normal force
values between particles. During the shearing process, the strong contacts and related
contact normal forces in the vertical direction are significantly greater than those in the
horizontal direction, while the weak contacts and related contact normal forces in the
horizontal direction are significantly greater than those in the vertical direction. Thus,
particle breakages mainly occur in the vertical direction. The degree of anisotropy of
particle breakage decreases with an increase in the particle breakage rate. Although particle
breakage has no significant impact on the anisotropy of the contact normal force mean
value and the principal direction, it mainly affects the distribution characteristics of contact
normal forces. The strong contact forces decrease while the weak contact forces increase,
which leads to a tendency of contact force redistribution and uniformity. The reducing
strong contact normal forces results in a significant reduction in Gy.. Additionally, the
degree of anisotropy of the strong contact direction also decreases with the increase in
particle breakage, thus reducing the degree of stiffness anisotropy.
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Abstract: Floating offshore wind turbine (FOWT) platforms are subject to a wide range of hydrody-
namic loading and dynamic movement, making hydrodynamic force evaluation difficult. Amongst
various floating platforms, submersible platforms are structurally complex, with multiple members
held together by cross-braces. The influence of these members on hydrodynamic loading is poorly
understood. An investigation of the effect of these members on loads is essential to optimise the
design of FOWT platforms, mooring systems, and protective coatings, leading to a reduction in
construction and maintenance costs. This paper numerically investigates the effect of structural
members on the forces acting on a static semi-submersible platform in a unidirectional current flow of
Reynolds number (Re) ranging from 2000 to 200,000, based on structural diameter and tidal velocity.
The OC4 semi-submersible is chosen as the baseline platform. For each Re, this study is divided into
three stages, such that in each stage, the number of members increased. These stages are as follows:
(1) a finite cylinder (FC), (2) a finite cylinder with a heave plate (FCHP), (3) three cylinders with
heave plates (TCHP) in an equilateral triangle arrangement, and (4) the OC4 semi-sub. The drag
coefficient (C;) increases with increasing structural members and weakly varies with increasing Re.
However, the viscous drag coefficient (Ef) decreases with increasing Re, and a reverse trend is seen
in the case of the pressure drag coefficient (Cp), with pressure drag dominating over friction drag.
Further, the contribution of individual members is observed to vary with Re. The contribution of
cylinders towards Cy is higher than heave plates, showing that contributions directly depend on
the aspect ratio of members. In the case of TCHP and OC4, the contribution of the rear members is
higher than that of the leading members due to the strong wake effect of the former. Also, the braces
and pontoons of OC4 have contributed substantially towards total Ed, unlike the central cylinder,
which has experienced low drag due to the wake effect of the front cylinder and heave plate. Also,
flow visualisation has shown vortex cores, and recirculating flows in the near wake of the cylinders
and under the heave plates. Recirculation zones under the heave plates lead to vertical pressure
on the structures. This vertical pressure increases with the number of structural members and the
vertical pressure coefficient (Co), varying with Re due to three-dimensionality in the wake. Further,
this pressure varies across the bottom surfaces of structures. Analyses of the streamwise pressure
coefficient have shown it is highest on the front surfaces of cylinders. The highest friction is on the
top and sides of the heave plates, and there is considerable friction on the sides of the cylinder.

Keywords: offshore wind energy; floating offshore wind turbine platform; hydrodynamic loading;
pressure coefficient; friction coefficient

1. Introduction

Renewable energy sources, including offshore wind energy, are essential for reducing
fossil fuel consumption and achieving decarbonisation. To this end, many countries
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across the world have set targets to achieve NetZero. Globally, offshore wind capacity
is forecast to nearly double over the next five years, from 72.5 GW in 2023 to 138 GW in
2028 [1]. So far, offshore wind farm developers have preferred installing wind turbines at
near-shore sites due to easy access and associated reduced construction, operation, and
maintenance costs [2,3]. However, this also means that suitable near-shore sites available
for development are limited. Therefore, new wind farms are expected to be developed at
far-offshore, deep water locations (>60 m) where wind resources are stronger and more
consistent. This move towards deeper waters requires the deployment of floating offshore
wind turbines (FOWT), as opposed to the current fixed-bottom technology. Floating
platforms are extensively used in the oil and gas (O and G) industry for fuel extraction from
deep-sea sites [4]. In fact, the initial conceptualisation of FOWT platforms is based on those
employed in the O and G industry [5]. However, the scale of FOWT foundations, location,
and loading on them are vastly different than O and G floating platforms. This necessitates
the design and structural optimisation of the FOWT foundations to meet the requirements
of the sector. As a result, different types of FOWT platforms have been developed. Amongst
them, the most widely adopted are the spar-buoy [6], semi-submersible [7], and tension-leg
platforms [8] (Figure 1). Spar-buoys are cylindrical structures with a heave ballast attached
at the lower end to stabilise the platform. Semi-submersible platforms have multiple
short columns held together by cross-braces/struts and are water-plane stabilised. Both
these platforms are held at the station using mooring systems. The tension-leg platform
resembles a truncated cylinder with horizontal members extending outwards from the
lower end. The foundation is stabilised by tendons connecting the horizontal arms to the
sea bed. Further, the draft of the platform should be such that the buoyancy force acting
on the structure keeps the mooring system tensioned [9]. Hywind Scotland is the world’s
first floating wind farm where a spar-buoy type foundation has been used, whereas, in
the Kincardine offshore wind farm, the wind turbines are supported by semi-submersible
platforms [6,10]. Compared to onshore wind turbines, offshore wind turbines are subjected
to additional hydrodynamic loading due to waves and currents, including loading due
to wave-induced diffraction and platform-induced radiation [11]. Therefore, accounting
for this wide range of loads, especially under extreme weather conditions, is essential for
the design optimisation of the entire FOWT system and cost reduction [12]. However, the
baseline understanding of loading on floating structures is poor. Therefore, at the onset,
load evaluation on FOWT platforms under simplified conditions is essential.

Unlike spar-buoy and TLP, which structurally resemble a single cylinder supporting
the wind turbine with smaller plan areas, semi-submersible platforms usually have three
cylinders with heave plates spread apart in a triangular arrangement. Heave plates are
usually thinner but wider than cylinders and help to reduce the heave motion of struc-
tures [13]. The wind turbine is held on the top of one of the cylinders or on a third cylinder
at the centre (Figure 1). All these members are held together by multiple braces/struts
and pontoons. These additional members make semi-submersible platforms much more
structurally complex than other FOWT platforms. Further, these members are bound to
affect the flow field around the floating foundation, the loading, and its distribution on
platforms. However, the influence of these members on hydrodynamic forces is poorly
understood. Also, the forces are expected to vary with increasing Reynolds number, which
needs to be considered.
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Figure 1. The three different floating platforms for offshore wind turbines. From left to right, spar-
buoy, semi-submersible, and tension-leg platforms. All three foundations are tethered to the sea bed
through an anchoring—mooring system. Image by Joshua Bauer, NREL [14].

Tran and Kim [15] successfully studied the free-decay and regular wave motions of the
OC4 semi-submersible platform through two different CFD methods. The results obtained
with the shear stress model and Spalart-Almaras model agreed well with experiments
compared with the k — e model. A second CFD study by Tran and Kim [16] investigating
the motion response amplitude operators (RAOs) in regular waves showed good agreement
with experiments and OpenFast. However, there was a large difference in tension acting on
mooring systems compared to experimental results [17,18]. Wang et al. [19] numerically
studied the pitch decay of the OC4 semi-submersible platform and compared the numer-
ical solution to the experimental study. Although very small discretisation errors were
observed in platform maxima motion and period, large differences in linear and quadratic
damping coefficients were also observed. A complex catenary morning line, drag of the
mooring system, power cables, aerodynamic damping due to wind turbine and tower, and
three-degrees-of-freedom adopted in simulations were some aspects that influenced the
results [20].

Further, in a separate study, Wang et al. [21] showed that the incorporation of dynamic
modelling of the catenary system significantly improved CFD predictions of pitch period
and linear pitch damping coefficient. However, the quadratic pitch damping coefficient was
still underpredicted. Li and Bachynski-Polic [22] simulated the low-frequency radiation
characteristics of OC4 under free-decay motions and forced oscillations in heave, surge,
and pitch and compared them with experiments [23,24]. Although pitch and heave decay
numerical predictions matched with experimental results, there was a substantial difference
in surge decay. This excessive damping was attributed to the mechanical mooring system
in the experimental setup, which was not considered in simulations. Burmester et al. [25]
studied surge decay motions through CFD simulations and formally quantified discretisa-
tion errors through time-step and grid convergence studies. The influence of discretisation
schemes, free-surface, scaling, domain size, catenary mooring models, wave-absorption,
turbulence models, etc., was also studied [26]. The addition of a wave-absorption zone was
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found to have a limited influence on hydrodynamic damping. Also, parameters, such as
line weight and drag coefficient, associated with catenary modelling strongly influenced
the structure’s motion. Wang et al. [27] simulated platform motion in regular waves and
found good agreement of surge RAO with experiments. However, heave and pitch RAOs
were underpredicted due to unsatisfactory non-linear modelling of the catenary system.

Liu et al. [28] investigated the vortex-induced motion (VIM) of the OC4 submersible
platform due to unidirectional current. Three different incidence angles («) and a range
of flow velocities were considered. The flow velocities were non-dimensionalised by the
natural frequency of the platform and the diameter of the cylinder, which are called reduced
velocities (V;). Although the streamwise motion for all « was limited, large amplitude
transverse motions were observed from V, = 6 to 30 for « = 0° and 90°. However, the
transverse motion at & = 180° was comparatively low due to upstream vortices interacting
with downstream cylinders. In a separate CFD study, Liu et al. [29] compared the VIM
of cylinders with and without a heave plate. The heave plate was found to expand the
V, range over which VIM takes place. Further, the large surface area of the heave plate
increased viscous damping, reducing the VIM response. Benitz et al. [30] compared
the hydrodynamic coefficient on a stationary semi-submersible platform obtained from
CFD solver, OpenFOAM, against results from Fast HydroDyn. They showed that the
presence of a free surface, free ends, and multiple members reduced drag. However, these
factors were not considered in HydroDyn. Ma et al. [31] studied the influence of drag
on low-frequency surge motion of the semi-submersible platforms and concluded that
under moderate sea conditions, drift motion was directly related to the drag coefficient
and could significantly affect motion under extreme sea conditions. Also, the choice of
the drag coefficient, depending on the sea state, was essential to simulate the drift and
damping forces [32]. Existing state-of-the-art engineering tools were found to underpredict
hydrodynamic loading and corresponding motions, especially at low frequencies, which
could lead to resonance and extreme loading [17]. The drag forces on heave plates and
cylinders were crucial to understanding low-frequency motions. In addition, the heave and
pitch motion of the platform increased with increasing the drag coefficient of the heave
plates [20]. Biofouling, which is the settlement and growth of marine organisms on offshore
structures, could lead to significant changes in the drag coefficient and force response of
floating platforms [33,34] and fatigue failure [35]. Also, this could also make maintenance
of the structures difficult and expensive [36].

So far, these studies have included aero-hydrodynamic forcing on semi-submersible
platforms under dynamic conditions, motions, and decay of the platforms. The presence of
multiple members in a semi-submersible platform is bound to influence the hydrodynamic
loading on the entire structure. However, the contribution of different components, such as
cross-braces and pontoons, towards the drag coefficient is not yet understood. Further, very
little attention has been paid towards the scaling of hydrodynamic forces with Reynolds
number (Re). Therefore, understanding the contribution of structural components towards
drag and scaling of drag with respect to Re can help understand the influence of the drag
coefficient towards the dynamic motion of the platform. Also, this can be fed into high-
fidelity numerical tools for evaluating FOWT systems and optimising the design of floating
platforms and mooring systems. This can also inform decision-making processes for
construction material selection, operation, and maintenance and cost reduction. This paper
numerically investigates the influence of structural components of a static semi-submersible
platform on hydrodynamic loading under unidirectional current flow. This study has been
carried out without considering the influence of waves. Drag coefficients (C;) acting on
the four structures and contributions of structural components of the structures towards
C,; are presented for Re = 2000 to 200,000. Further, flow visualisation, pressure, friction
coefficient, etc.; results are presented for Re = 2900, 43,000, and 200,000. The NREL OC4
semi-submersible platform developed as part of the DeepCWind project is used as the
baseline semi-submersible platform for this study [37]. The investigation is divided into
three stages for each Re. In the first stage, a finite cylinder (FC) is considered. In the second
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stage, a finite cylinder with a heave plate (FCHP) is investigated. In the next stage, three
cylinders with heave plates (TCHP) in an equilateral arrangement are considered, and a
central column and braces are added to the TCHP to form a 1:50 model of the OC4 semi-
sub. The paper is organised as follows: in Section 2, we introduce the CFD methodology,
numerical set-up, and validation of flow past a finite cylinder. This is followed by the
results in Section 3, where C,; for Re = 2000 to 200,000 for all structures and contributions of
their components, flow visualisation, pressure, and friction coefficient results are presented.
Finally, the discussion is presented in Section 4, and our findings are summarised in
Section 5.

2. Methodology

The Reynolds averaged Navier-Stokes (RANS) method, which is based on the incom-
pressible Navier—Stokes equation, is adopted. Here, the variables are decomposed into an
ensemble-averaged mean component and a fluctuating component:

p=0¢+¢, ¢y

where ¢ is an instantaneous field, ¢ is the ensemble averaged field, and ¢’ is the fluctuating
field. The Reynolds averaged Navier—Stokes equations are given as follows:

DU] aﬁ au’iu’j
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where U, is the ensemble averaged velocity, P is the ensemble averaged kinematic pressure,

and v is the kinematic molecular velocity of the fluid. The instantaneous velocity fluctua-

tions are given as u'; = u; — Uj, the flow is assumed to be incompressible, and density, p, is

accounted through v and P. Using the Boussinesq approximation, the Reynolds stresses,
u;u;, are closed by
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where §;; is the symmetric velocity gradient tensor, k = %W is the turbulent kinetic
energy, and v; is the kinematic turbulent viscosity, the calculation of which depends on the
turbulence closure model adopted. In this work, the model adopted is Menter k — w SST,
which has shown excellent performance in external fluid dynamics problems [38]. This
model solves transport equations for turbulent kinetic energy, k, and specific dissipation
rate, w. These equations are as follows:

glzzﬁﬁ*wk+;xj{(v+;i>§£}, (6)
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and
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with
P = min(P;cje). (8)

The model coefficients are functions of F:¢p = Fi¢1 + (1 — Fy)¢po, where ¢, ¢, are the
coefficients of k — w and k — e models, respectively. The blending function F; is calculated

as follows:
_ 4 o Vk 5000\ 4pook
Fy = tanh(argy) argy = min (max(ﬁ*wy, 2w ) CDkwyz)' )
B 1 0ok dw . 4
CDy, = max (chfmagg,lﬂe ) (10)

]9
The model coefficients are 031 = 0.85, ojo = 1.0, 0,1 = 0.5, 0,2 = 0.856, B1 = 0.075,

B2 =0.0828, p* = 0.09, a1 =5/9, ap = 0.44, v; = 0.31, and ¢; = 10.0. The validation of the
adopted eddy viscosity model is presented in Appendix A.1.

2.1. Numerical Set-Up

The OC4 semi-submersible platform was developed to support the NREL offshore
5 MW wind turbine to build aero-hydro-servo-elastic models as part of the DeepCwind
project by NREL (Figure 2). The platform consists of three circular columns with a diameter
of 12 m and a height of 26 m, arranged in an equilateral triangle. Heave plates of diameter
of 24 m and a thickness of 6 m are attached at the bottom of each cylinder. The wind
turbine is fixed on the top of a fourth cylinder of diameter 6.5 m and a height of 30 m. This
cylinder is connected to three outer cylinders and heave plates by a number of cross-braces
and pontoons. The length of these members ranges from 38 to 13.62 m with a diameter of
0.0175 m. A detailed description of the OC4 semi-submersible platform and its structural
details can be found in [37].

SWL

32m
20 m

Figure 2. The OC4 semi-submersible platform with the 5 MW baseline wind turbine, as conceptu-
alised by NREL for developing numerical models [37].
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This study is divided into four stages for each Re. At Stage 1, a finite cylinder (FC) with
a diameter of 0.24 m and a draft of 0.48 m is considered. Stage 2 considers a finite cylinder
with a heave plate (FCHP) with a diameter of 0.48 m and a thickness of 0.12 m. In Stage 3,
there are three cylinders with heave plates (TCHP) in an equilateral arrangement, and in
Stage 4, the OC4 semi-submersible platform (OC4) is considered (Figure 3). The diameter
and draft of cylinders of TCHP and OC4 are kept at 0.24 m and 0.48 m, respectively. This
ensures that the aspect ratio (AR = draft of cylinder (L) /diameter of cylinder (D)) is fixed
at 2 throughout the study for all structures, and the OC4 is scaled as 1:50 of the original
model, as in the case of Goupee et al. [39]. Computer-aided drawing (CAD) models of FC,
FCHP, TCHP, and OC4 are prepared using SALOME, an open-source software for CAD,
meshing, visualisation, etc. These CAD drawings are then imported to OpenFOAM V10 for
simulation [40]. The domain size in streamwise, cross-stream, and vertical directions for all
structures is summarised in Table 1. To ensure that side wall effects are minimal, the length
of the domain is kept slightly larger than the one used by Alkishriwi et al. [41]. A larger
domain in the streamwise direction is used for TCHP and OC4 as these structures have
multiple members spread apart, covering a larger plan area. The meshes for the simulations
are generated using OpenFOAM’s blockMesh, refineMesh, and snappyHexMesh facilities.
To capture the flow separation in the wake of the structures, the mesh is refined locally, and
the aspect ratio is kept close to 1. Figures 4-7 show the plan views from the top profile
view at y/D = 0 of the computational meshes for the four structures. A refined area has
been added around the structure to capture the wake.

|

D D,
P

Stage 1: Finite  Stage 2: Finite Cylinder with Heave Plate  Stage 2: Three Cylinders with Heave Plates - Stagc el L L S
Cylinder (FC)  (FCHP) (TCHP) (OC4)

Figure 3. The study is carried out in four stages for each Re. These stages are stage 1: finite cylinder
(FC), stage 2: finite cylinder with heave plate (FCHP), stage 3: three cylinders with heave plates
(TCHP), and stage 4: OC4 semi-submersible platform (OC4). The diameter (D) and drafts (L) of
cylinders are 0.24 m and 0.48 m, respectively.
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Figure 4. Computation mesh adopted for simulation past FC: (a) plan view of the mesh from the top
showing the refined area; (b) profile view of the mesh through an x-z plane at y/D = 0.
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Figure 5. Computation mesh similar to that of FC is adopted for FCHP: (a) plan view of the mesh
from the top; (b) profile view through a slice in the streamwise direction.

Table 1. Dimensions of the domains in streamwise, cross-stream, and vertical directions used for
simulations past FC, FCHP, TCHP, and OC4. Here, D refers to the diameter of the cylinder, which is

0.24 m.
Structure Streamwise Direction Cross-Stream Direction Vertical Direction
FC, FCHP -10<x/D <14 —-8<x/D<8 —-3<x/D<12
TCHP, OC4 —14 <x/D <26 -12<x/D <12 -3<x/D<12
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y/D

z/D

(b)

Figure 6. A typical computational mesh used for simulations past TCHP: (a) plan view of the

mesh showing the refined zone in the mesh; (b) profile view of a slice through the domain in the
streamwise direction.

For boundary conditions, a uniform streamwise velocity is defined at the inlet, and a
no-slip boundary condition is defined at the surfaces of structures. Pressure is defined as a
zero gradient at the inlet, whereas at the outlet, a fixed value of zero is specified. In addition,
the boundary conditions for k and w are specified based on the following equations:

_ 2 k1
k=2 (IUw)?, w = 7(;) , (11)

N W

where [ is the turbulent intensity, U is the free-stream velocity, p is the density of the
fluid, and y;/p is the ratio between the turbulent and molecular viscosities. To specify
the initial conditions of k and w, I of 1.0 % and p;/y of 1073 are adopted. A symmetry
boundary condition is defined at all remaining boundaries (Table 2). This gives a zero
gradient to the scalar and tangential components of vector variables and a zero fixed
value of the normal component to the plane [42]. The air-water interface is approximated
with a shear-free (symmetry) boundary condition. The influence of a free surface on
hydrodynamics is reserved for future work. The simulations are run in OpenFOAM [40]. A
second-order bounded scheme is adopted for time-step discretisation. The advective terms
and transport equations for k and w are discretised by first/second-order accurate total
variation diminishing (TVD) schemes, whereas a second-order linear scheme is defined for
the diffusion terms. For pressure-velocity coupling, the PISO algorithm (pressure-implicit
with splitting of operators) is used [43]. The Generalized Geometric—Algebraic MultiGrid
(GAMG) solver with a GaussSeidel smoother is used to solve the pressure equation. For
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velocity and turbulence quantities, smoothSolver with a symGaussSeidel smoother is
adopted. For all the variables, a tolerance of 1078 is specified throughout the simulation.
The simulations are run at a non-dimensional time step (AT* = ATU /D) = 0.00417 up to
a duration of AT* = 420. The simulations are run from uniform initial conditions until
a statistically steady state is reached before data collection is commenced. The C; is
monitored throughout the simulations to ensure a steady state is reached.

y/D
3.8 5.8

1.9

0.0

z/D
0 12
%o  1.¥
2/D

(b)

Figure 7. A mesh similar to that of TCHP is used for simulations past OC4: (a) plan view of the mesh
from top with the refined region; (b) profile view of the mesh in the streamwise direction.

Table 2. Summary of the boundary conditions specified at various sections of the domain and wall of
the structures across all the three structures and Re cases. The initial condition for k and w at the inlet
is based on Equation (11).

Boundary U (m/s) p (m?/s?) k (m?/s?) w (s7h
Inlet (1,0,0) zeroGradient 15x%x 1074 150
Outlet zeroGradient 0 zeroGradient zeroGradient
Wall noSlip zeroGradient 1x107° 1 x 1010
Top and Bottom Symmtery Symmetry Symmetry Symmetry
Sides Symmtery Symmetry Symmetry Symmetry

2.2. Validation of Flow Past a Finite Cylinder

The flow past a surface-piercing finite cylinder with a submerged free end has received
far less attention than the flow past an infinite or finite cylinder resting on the bed. There
are only a few works which have investigated the flow past a finite cylinder with a free
end [44]. Benitz et al. [44] studied the flow past finite cylinders of AR ranging from 1 to
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19 at Re = 2900 to understand the effect of AR change on force coefficients and vortex
shedding. Similarly, Rosetti et al. [45] and He et al. [46] investigated the flow past a
finite cylinder of AR = 2 at Re = 43,000. The former validated the numerical simulations
against experiments, whereas the latter investigated the vortex-induced vibration of a finite
cylinder. So far, there are no studies investigating the flow past a finite cylinder at high Re.
However, inferences can be made from flow past a bed-resting finite cylinder of AR = 2.
Frederich et al. [47] compared two different numerical methodologies for flow past a finite
cylinder of AR = 2 resting on the bed at Re = 200,000. Therefore, these works are chosen
to validate flow past FC of AR = 2 at Re = 2900, 43,000, and 200,000. In this work, the
coefficient of drag (C,) of the simulations is compared to C, reported in the literature. The
C, is given as follows:

_ Fy4
Ci=+——, 12

! %P uc%oAre f (12
where F, is the ensemble-averaged drag force, p is the fluid density, U is the free-stream
velocity, and A, is the projected area of the structure. A mesh independence study is
carried out for flow past an FC at each Re, and C, is reported in Table 3, along with C,
reported in the literature. Although the Ed of the simulations at Re = 2900 and 43,000
agree well with those reported in the literature, there is a difference at Re = 200,000. This
is attributed to differences in boundary conditions. In the literature, a bed-resting finite
cylinder is considered, whereas here, a surface piercing cylinder is adopted.

Table 3. Mesh independence study: meshes with their cell count, C; for each mesh at Re = 2900,
43,000, and 200,000, and results from the literature for each Re.

Mesh Cells (x10°)  C;Re=12900 C;Re=43,000 C, Re=200,000
M1 1.8 0.716 0.644 0.693
M2 4.6 0.718 0.680 0.695
M3 10.0 0.720 0.710 0.699
M4 16.2 0.724 0.715 0.703
M5 16.3 0.724 0.715 0.703
Benitz et al. [44] - 0.725 - -
He et al. [46] - - 0.71 -
Frederich el al. [48] - - - 0.8
3. Results

In this section, results of numerical simulations of flow past FC, FCHP, TCHP, and OC4
at Re = 2900, 43,000, and 200,000 are presented. At the onset, the C, of all four structures for
Re = 2000 to 200,000 is presented in Figure 8 to understand the variation in C; with respect
to Re. It is clear from the plots that adding structural members increases the C; of the
structures; however, there is no significant change with increasing Re. Gongalves et al. [49]
showed that for a finite cylinder of given AR, Cy is independent of Re, except for AR = 0.2.
The projected area of TCHP is thrice that of FCHP. Therefore, it is expected that it will
experience a drag force thrice that of FCHP. In other words, the C; of TCHP and FCHP
should be the same. However, the differences in C; of TCHP and FCHP at some Re can
be attributed to the flow interference of upstream structures on downstream members.
Figure 9 shows the viscous (Ef) and pressure drag (Ep) coefficients acting on all the
structures for Re = 2000 to 200,000. Although the variation of total C,; with Reis insignificant,
the Cy decreases with increasing Re and a reverse trend for C. This shows that pressure
drag dominates over friction drag as Re increases. The heave plate of FCHP significantly
increases Ef compared to FC. This is attributed to higher friction on the heave plate, as
presented in the streamwise friction results later in this section. However, adding more
cylinders with plates, as in the case of TCHP, did not increase Ef compared with FCHP.
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This is attributed to the rear members experiencing lower friction due to the wake effect
of the leading member. Also, adding pontoons and braces increases viscous drag acting
on the OC4. Interestingly, the variation of C r with Re for FC resembles the variation in Cy
with Re for an infinite cylinder, as can be seen in [50]. Apart from the total C; and C f,an
investigation on comparison of individual contributions of each member of the structures is
also necessary. Also, in cases of TCHP and OC4, where the flow is symmetrical around the
structure, the difference between Cy acting on the two rear members is of the order <107,
Figure 10 shows the drag coefficient (C,,) contributions of individual structural members
of structures normalised by the total C; of the structure. Across all three different structures,
the contribution of the individual members varies with Re. The contribution of the cylinders
is higher than that of heave plates across all structures. Gongalves et al. [49] observed that
C, is directly related to AR. This explains the higher Cg,,, / C4 of finite cylinders compared
to heave plates, which are shorter and thicker. Further, variations in C,,,/C; with respect to
Re of cylinders are similar to the variation of C; with Re for an infinite cylinder, suggesting
that the flow regime is similar for finite and infinite cylinders [50]. The Cg,,, /C; of heave
plates increases until Re ~ 30,000, after which the variation is insignificant. A similar
variation of Cy is observed for finite cylinders of AR = 0.2 [49]. This variation is attributed
to three-dimensionality in the wake due to the formation of recirculating flow under the
heave plates (AR = 0.35), as has been presented in the flow visualisation results later
in this section. Although the contributions of central cylinders and braces and pontoons
vary from a low Re until Re ~ 10,000, these are mostly independent of Re as Re increased
(Figure 10c). This is due to a reduction in the wake effect from upstream members. In the
case of TCHP and OC4, the contribution of leading members is lower than that of rear
members (Figure 10b,c). This is also observed in the flow past infinite circular cylinders
in an equilateral triangle arrangement with various spacing to diameter (6 = d/D) ratios.
When the cylinders are closely placed (6 < 1.5), the C; acting on the rear cylinders is
lower than on an infinite cylinder due to the wake effect of the front cylinder. However,
as the spacing ratio between cylinders increases (5 > 2.5), this wake effect decreases,
and the vortex shed by each cylinder is independent of each other, thereby increasing
drag on rear members. Also, wake suppression by rear cylinders reduces drag on the
front cylinder [51-54]. It should be noted that 6 of TCHP and OC4 are ~4.1; this explains
the higher contribution of rear members than leading members towards total drag. The
contribution of the central cylinder is the lowest, whereas the contribution of braces and
pontoons is substantially high, showing that the central cylinder experiences low drag due
to the wake effect of the front cylinder.

Further, adding more structural members is expected to influence the flow behaviour
in the vicinity of the structures. Streamlines of time-averaged streamwise velocity are
presented to understand the flow physics around floating structures. Figure 11 shows
the mean velocity streamlines in the wake of FC at Re = 2900. Figure 11a shows two
symmetric vortex cores formed in the near wake of the FC, whereas Figure 11b shows
a recirculating flow in the near wake. Also, a recirculation zone is formed behind the
cylinders due to upward flow. The fluid flows down along the sides of the cylinder and
then under the free end in the upstream direction. Similarly, Figure 12 shows velocity
streamlines in the wake of FCHP. Although symmetric vortex cores are formed in the near
wake (Figure 12a), these are not as distinct as in the case of FC. However, the recirculation
zones in the near wake and under the heave plate are much more distinct compared with
FC (Figure 12b). The effect of multiple heave plates of TCHP and central cylinder and
braces of OC4 on the flow behaviour is presented in Figures 13 and 14, respectively, for
Re = 2900. Similar to the FCHP, the vortex cores formed behind the front cylinder of
the FCHP are not as distinct as in the case of FC, showing the effect of the heave plate
(Figure 13a). Further, vortex cores behind the two back cylinders are not symmetric due
to the influence on the flow field from the upstream structure. Similar to the FCHP, two
distinct recirculation zones are formed behind the front cylinder and under the heave plate
(Figure 13b). In the case of OC4, the central cylinder slightly inhibits the formation of
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vortex cores behind the front cylinder. Also, similar to TCHP, the effect of the upstream
members on the vortex cores behind the two back cylinders can be observed (Figure 14a).
However, the inclined cross-brace between the front and the central cylinder restricts the
recirculation region behind the front cylinder. Also, recirculating flows can be observed
under the heave plate (Figure 14b). Similar recirculating flow and vortices are also seen at
Re = 43,000 and 200,000, and flow visualisation plots are presented in Appendix A.1.

The vortices and recirculating flow around the structures influence the distribution of
pressure and friction acting on the structures. Therefore, analyses of pressure and friction
coefficients on structures are essential. The recirculating flows under the heave plates
are the negative pressure pockets that exert considerable pressure on the structures in a
downward direction. FOWT platforms are subjected to dynamic movement in response to
hydrodynamic loading. Therefore, investigation of downward force is essential. Figure 15
shows the vertical force coefficient (Cy) normalised by the density (p), free-stream velocity
(Us), and projected area of structures in the vertical direction (A;) and vertical force (Fy),
respectively. Adding the heave plate and braces significantly increases the downward
vertical force. This is further evident from the Cy plot. Although the FC experiences
significantly less Fy than other structures, a lower A, leads to a higher Cy. Further, the
EV increases with Re for Re > 40,000. This increase in EV acting on FC can be attributed
to the change in the recirculating flow under the free end of the FC, as can be seen in
Figure 16. Here, the recirculation zone under the free end of the FC can be observed at
Re =2900, 10,000, 100,000, and 200,000. The zone is largest at Re = 200,000 and lowest at
Re = 2900, and the size increases with increasing Re. This increase in size is due to the
increase in flow going downwards along the back of FC and then under the free end.
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Figure 8. Plot of time-averaged drag coefficient (C4) for all structures at Re = 2000 to 200,000. Adding
more structural members increases the C, across all Re. However, no significant change with respect
to Re is observed.

Further, it is expected that the vertical pressure on the bottom surfaces of structures
will vary due to recirculating flow. Therefore, an investigation of the vertical pressure
variation is necessary as it will lead to differential forcing on the bottom surfaces of the
structures. Figure 17 shows the vertical pressure coefficient on the surfaces of free ends of
FC, FCHP, TCHP, and OC4 at Re = 2900 and 200,000, respectively. Across all the structures,
the negative coefficient shows that the pressure is in the downward direction. The highest
pressure is experienced at Re = 200,000, and pressure varies across the surface in the
streamwise direction, with the highest force acting near the leading edge and gradually
decreasing with the lowest pressure near the rear edge. In the cases of TCHP and OC4,
the bottom surfaces of upstream members experience lower negative pressure than the
members at the rear, with some parts of the cross-braces of OC4 experiencing very high
pressure. The gradient increases across the surfaces as the Re increases. This pressure
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variation on surfaces depends on the area covered by the recirculation zone over the
bottom surfaces. Similarly, vertical pressure variation is also observed at Re = 43,000 for
all structures and is included in Appendix A.3. For FOWT platforms, quantifying this
differential forcing on the members is essential for accounting for the stress acting on the
mooring system, designing individual members, and choosing construction materials.
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Figure 9. (a) Plot of time-averaged viscous drag coefficient (Ef) for all structures at Re = 2000 to

200,000. Ef decreases with increasing Re. The addition of heave plates significantly increases friction
drag compared to a finite cylinder. (b) Plot of time-averaged pressure drag coefficient (C,) for all
structures at Re = 2000 to 200,000. Clearly, pressure drag dominates over friction drag as Re increases.
Also, Ep increases with increasing structural members.
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Figure 11. Streamlines of time-averaged streamwise velocity: plan view of the FC from top (a) and
profile of streamlines on a vertical plane through the centre of FC (b) at Re = 2900.

(@) (b)
Figure 12. Time-averaged streamwise velocity streamlines around the FCHP at Re = 2900: plan view
of the FCHP from top (a) and profile view on a vertical plane (b).
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Figure 13. Similar to FC, symmetric vortices are formed behind each of the cylinders of TCHP.
However, the effect of the upstream cylinder can be seen on the vortices behind back cylinders
(a). Recirculation regions are formed behind the cylinder and under the heave plate of the front
cylinder (b).
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Figure 14. Mean streamwise velocity streamlines in the wake of OC4 at Re = 2900. Two vortex cores

are formed behind each of the back cylinders of OC4 (a). The recirculation region behind the front
cylinder is restricted between the cylinder and cross-brace (b).
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Figure 16. Time-averaged velocity streamlines in the wake of FC at Re = 2900 (a), Re = 10,000 (b),
Re =100,000 (c), and Re = 200,000 (d).
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Figure 17. Cont.
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Figure 17. Vertical pressure coefficient acting on the bottom surface of FC at Re = 2900 (a) and at
Re =200,000 (b). Similarly, (c,d) show the vertical pressure coefficient on the bottom surface of the
heave plate of FCHP at Re = 2900 and 200,000, respectively. In both cases, the pressure varies on the
surface in the streamwise direction, with lower pressure near the leading edge and higher near the
rear edge. Vertical pressure coefficients at Re = 2900 and 200,000 for TCHP are shown in (e) and (f),
respectively, and for OC4 in (g) and (h), respectively. The vertical pressure varies across the bottom
surfaces of each heave plate, with higher negative pressure on the rear heave plates than on the leading
one for both Re. In the case of OC4, the leading braces experience lower pressure than the rear one.

In addjition to pressure in the vertical direction, FOWT foundations are also subjected
to streamwise pressure and friction, and both are expected to vary on the surfaces of the
structures. Figure 18 shows the streamwise pressure coefficient acting on FC, FCHP, TCHP,
and OC4 at Re = 200,000. The pressure coefficient acting on the surface of cylinders can
be divided into three zones: the green zone where the pressure is highest, the red zone
on the side where pressure is lowest, and the yellow zone in between where the pressure
transitions. At the front surface, where the streamwise flow impinges orthogonally, the
velocity is minimum; therefore, pressure is maximum. As the fluid flows on either side
of the cylinders, it accelerates, decreasing the pressure (red zone). The thin vertical zone
between these two zones is where the pressure transitions. Similar to cylinders, the
front surfaces of heave plates of FCHP, TCHP, and OC4 experience considerable pressure.
However, the width of the high-pressure zone on the front surfaces of heave plates is
not uniform. This is attributed to the incoming flow separating with a portion moving
downward towards the lower edge and the rest towards the upper edge of the plate. In the
case of OC4, the pressure on the central cylinder is negative, indicating that the cylinder
is within the wake of the front cylinder. The pressure on braces varies; for example, the
pressure on the upper half of the inclined brace connecting the central cylinder to the outer
cylinder is higher than the lower half. The sections of horizontal braces which are within
the wakes of the front cylinder or central cylinder experience negative pressure compared
with the rest of the members.
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Figure 18. Streamwise pressure coefficient acting on FC (a), FCHP (b), TCHP (c), and OC4 (d) at
Re =200,000. The front surface of cylinders and heave plates can be divided into three zones: the
green zone in the middle where the pressure is maximum; the red zones on either side where the
pressure is minimum; the transition zone in between. The variation of pressure on the surface of the
heave plate is due to separation of incoming flow.

An investigation of friction acting on the surfaces of structures is also important.
It has implications on the type of corrosion and bio-fouling preventive coating to be
selected, as well as general maintenance of the floating structures. Figure 19 shows the
friction coefficient acting on the front and bottom surfaces of FC, FCHP, TCHP, and OC4 at
Re =200,000. The streamwise friction on the cylinder surfaces can be distinguished into
two sections: the section in the middle where the friction is least due to velocity being
lowest and the two zones on either side where friction is maximum. These are the two
sections where the flow accelerates along the surface, increasing friction. Similarly, the
sides of heave plates of FCHP, TCHP, and OC4 experience higher friction than the front
surfaces. In the case of FCHP, TCHP, and OC4, the highest friction is experienced on the
top and sides of heave plates. The negative friction on top of heave plates is due to a
small upstream flow from recirculating flows formed at the junction of the heave plate
and cylinder (Figure 13b). Only the lower half of the central cylinder of OC4 experiences
significant friction. This is due to the rest of the cylinder being within the wake of the front
cylinder. Clearly, the friction on the surfaces of the cross-braces varies; for example, the rear
half of the horizontal braces connecting the front and back heave plates is where friction is
highest. Meanwhile, the friction on the leading half is very low due to the wake influence
of the front cylinder. This is also the case for the horizontal brace between the front heave
plate and the central cylinder. The friction on the brace connecting the central cylinder to
the back heave plates and the brace between the two back heave plates is substantially high.
This is because these members are outside the wake effect of upstream members. Also,
on their surfaces, small sections of negative friction can be observed; this is due to small
pockets of recirculating flow being formed. The negative friction on the front and back
surfaces of the inclined brace connecting the front and central cylinder shows the influence
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of recirculating flow in the wake of the front cylinder. Also, similar to the central cylinder,
high friction is restricted to the sides of its lower half. For the inclined braces at the rear, the
highest friction is on the sides compared with the front surface facing the flow orthogonally.
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Figure 19. Streamwise friction coefficient acting on front and bottom surfaces of FC (a,b), FCHP (c,d),
TCHP (ef), and OC4 (g,h) at Re = 200,000. Friction is maximum on the two regions adjacent to the
front section of the cylinder and heave plates where the flow is orthogonal. In cases of TCHP and
OC4, friction is highest on the top surfaces of heave plates.
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The friction on the free end is due to flow along the surface moving upstream in the
recirculation zone (Figure 19b), hence negative friction. In the case of FC, the friction on the
free surface can be divided into two symmetric sections. This is due to fluid in the vortex
cores behind the cylinder flowing down along the two sides and then under the free surface.
The central ridge is where fluid from either side meets, increasing the friction. For TCHP
and OC4, friction on the bottom surfaces of heave plates can be divided into red and green
zones. The recirculating flow under the heave plates is responsible for high friction (red
zone), with the flow being upstream along the surface. The friction is positive near the rear
edge because the flow is downstream and attaches behind the recirculation region, as seen
in Figure 13b. Also, the friction varies from the middle section moving towards the leading
edge. This is because the flow velocity of the recirculation flow is higher near the middle
section, and the flow decelerates moving upstream. The pressure and friction coefficient
variation of all three structures at Re = 2900 and 43,000 are presented in Appendix A.3.

4. Discussion

In this study, the OC4 semi-submersible platform developed by NREL for the Deep-
CWind project is chosen as a baseline FOWT foundation to numerically study the influence
of structural members on hydrodynamic loading due to uni-directional current flow on
a static structure. The investigation has been divided into four stages: in the first stage, a
simple truncated/finite cylinder (FC) and in the second stage, a finite cylinder with a heave
plate (FCHP) are considered. In the third stage, three cylinders with heave plates (TCHP)
arranged in an equilateral triangular arrangement are considered. During the final stage, a
central cylinder and braces are added to the TCHP to obtain the OC4 semi-submersible
platform. Force analyses are carried out for each structure for three different Reynolds
numbers (Re = uD /v, where u is the velocity, D is the diameter, and v is the kinematic
viscosity of the fluid), Re = 2900, 43,000, and 200,000.

The addition of members at each stage increases the drag coefficient (C;) acting on
the structure for each Re. Although C; has remained relatively constant with increasing
Re, analyses of viscous drag coefficient (éf) and pressure drag coefficient (ép) have shown
that Ef decreases with increasing Re, whereas Ep increases with Re. This indicates the
dominance of pressure drag over friction drag at higher Re. The FCHP experiences signifi-
cantly high C £ compared to FC, comparable with that of OC4. TCHP experiences lower
C # than FCHP because of low viscous drag on rear members due to the wake effect. An
investigation of individual contributions of members of FCHP, TCHP, and OC4 show that
the contributions vary with Re. The cylinders’ contribution is higher than that of the heave
plates, showing that the contribution is directly dependent on AR. In the case of TCHP
and OC4, the contribution of the rear members is higher than the leading members due
to wake suppression of rear members. The contribution of heave plates increases until
Re < 30,000 due to three-dimensionality in the wake of the structures. In the case of OC4,
the contribution of the central cylinder is the least among all members due to the wake
effect of the front cylinder, whereas the contribution of braces and pontoons is similar
to that of the back cylinders. Further, as observed in the works of Kawamura et al. [55],
Okamoto et al. [56], and Benitz et al. [44], in this work, no vortex shedding is observed
for finite structures with an AR = 2. Benitz et al. [44] observed vortex shedding increases
with increasing AR of the finite cylinder, with vortex shedding completely suppressed
for cylinders with AR < 3. Flow visualisation in the vicinity of the structures showed
two symmetric vortex cores and recirculating flow in the wake of FC. Similar vortices are
formed behind each of the cylinders of FCHP, TCHP, and OC4, with recirculation zones
formed under the heave plates. The recirculating flow under the structures exerts vertical
force in a downward direction, and the addition of heave plates substantially increases this
vertical force. Further, this vertical force is observed to vary across the bottom surfaces of
structures. On the bottom surfaces of the free end of FC and heave plates, the highest verti-
cal force is near the leading edge of the surface and gradually decreases in a downstream
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direction such that the lowest force is observed close to the rear end. Also, in the case of
TCHP and OC4, leading members are subject to higher vertical force than rear members.
The streamwise pressure coefficient on the surface of the FC can be distinguished into
three different sections: a green zone on the front where the force is highest, a red zone
on the sides of the FC where the pressure is negative, and a transition zone in between.
Three similar zones are also observed on the cylinder surfaces of FCHP, TCHP, and OC4.
However, the pressure on most of the central cylinders is negative because of the wake
effect of the front cylinder. The pressure coefficient on the braces varies from negative to
positive depending on whether the member is within the wake of an upstream member or
in the free stream. Similar to the streamwise pressure coefficient, analyses of the streamwise
friction coefficient are also presented. In the case of FC, the friction is highest on the sides
of the front surface where the streamwise flow accelerates. The friction on the surface
of the free end is negative due to the flow along the surface being upstream. Similarly,
friction on the sides of the cylinders of FCHP, TCHP, and OC4 is substantial; however, the
highest friction is on the top surfaces and sides of heave plates. The friction on the bottom
surfaces of heave plates varies in the streamwise direction, with friction being negative on
the leading and middle sections where friction is positive on the rear edge. The negative
friction is due to recirculating flow along the bottom surfaces of heave plates upstream.
Near the rear edge, streamwise flow is attached to the surfaces behind the recirculation
zone. Only the sides of the lower half of the central cylinder experience high friction
compared with the rest of the cylinder. The friction on the braces varies depending on their
location in the OC4, with parts of the braces experiencing higher friction than the rest.

5. Conclusions

In this work, the flow past floating offshore wind turbine platforms is detailed. Nu-
merical studies are used to quantify the change in hydrodynamic loading with increasing
structural complexity. It is shown that subject to uni-directional flow, increasing geomet-
ric complexity leads to an increase in drag coefficient (C4). Compared to FC, the addi-
tion of cylinders, heave plates, braces, and pontoons increased C,; by ~23.6%, averaging
Re = 2000 to 200,000. However, there is no significant change in the drag coefficient with
increasing Re for any of the structures. However, analyses of viscous (Ef) and pressure
drag (Ep) coefficients show that where the former decreases with increasing Re, where
the latter shows a reverse trend. Also, C,, increases with increasing complexity. Although
C increases significantly with the addition of a heave plate to the finite cylinder, there is
no further increase with increasing structural complexity, and ff of FCHP is comparable
with that of OC4. An investigation into individual contributions of members towards total
drag shows that contributions vary with Re. The contributions of cylinders are higher
than those of heave plates, showing that contributions are directly related to AR. The
contributions of heave plates vary until Re ~ 30,000 due to three-dimensionality in the
wake. In the case of TCHP and OC4, the contribution of rear members toward C; is higher
than that of leading members. The combined contribution of one rear cylinder and heave
plate of TCHP towards C, is ~8.5% higher than the combined contribution of the leading
cylinder and heave plate, and the same for OC4 is ~16.84%. This indicates that the wake
effect of rear members is stronger than that of leading members. The low contribution
of the central cylinder is attributed to the wake effect of the front cylinder, whereas the
contribution of braces and pontoons is ~14.86% of total C,. Further, for a typical minimum
shelf sea tidal velocity of 0.02 m/s [57], OC4 cylinder diameter of 12 m, and C; = 0.884 at
Re =200,000, the drag force acting on the OC4 is ~202 N. Flow visualisation in the vicinity
of the structures showed unique flow behaviour, such as upwash, recirculating flow, and
vortices in the wake of the structures. The additional structural members significantly
increase vertical force acting on the structures, with the vertical force coefficient varying
strongly with Re due to changes in recirculating flow in the wake of the structure. Variation
of vertical pressure on the free end along the streamwise direction is observed across
all structures, with downward pressure on the leading edge and upward near the rear.
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Streamwise pressure is highest on the front surfaces of members facing orthogonally to
the flow. The highest friction is on the sides of the cylinder and the top surfaces of heave
plates. Also, friction varies on the bottom surfaces of heave plates due to recirculation flow.
The friction is negative in the leading and central regions due to the flow being upstream,
whereas near the rear end, where the flow is reattached and is in the downstream direction,
experiences positive friction. These findings are important for designing improvements not
only of individual components and whole FOWT platforms but also of their mooring and
anchoring systems. Furthermore, this can feed into the choice of structural material and
designing of corrosion and biofouling-resistant paints for offshore structures. This, in turn,
can help in decision-making for the construction and maintenance of FOWT platforms,
leading towards the development of cost-effective FOWT platforms.
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The following abbreviations are used in this manuscript:

MDPI  Multidisciplinary Digital Publishing Institute
DOA]  Directory of Open Access Journals

FOWT  Floating Offshore Wind Turbine

FC Finite Cylinder

FCHP  Finite Cylinder with Heave Plate

TCHP  Three Cylinders with Heave Plates

0C4 OC4 Semi-submersible Platform

Re Reynolds Number

NREL National Renewable Energy Laboratory

TLP Tension-Leg Platform

Cy Time-averaged Drag Coefficient

Ef Time-averaged Viscous Drag Coefficient

Cp Time-averaged Pressure Drag Coefficient
Co Time-averaged Vertical Force Coefficient
Appendix A

Appendix A.1. Numerical Validation of the Eddy Viscosity Model

The flow past an infinite cylinder at Re = 3900 has been extensively studied exper-
imentally and numerically, providing a wide range of datasets. Therefore, the accuracy
of the k — w SST model is numerically verified for unidirectional flow past an infinite
cylinder at Re = 3900 against the works of [58,59]. The size of the computational domain is
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—10 < x/D < 40 in streamwise, —12 < x/D < 12 in cross-stream, and 0 < x/D < 3in
vertical directions, where D is the diameter of the cylinder. The simulations are carried out
with five hexahedral meshes of increasing resolution from ~ 500k to ~ 3012k cells. The
turbulent quantities k and w are initialised based on turbulence intensity (I) of 0.2% and a
ratio of turbulent to molecular kinematic viscosity (v;/v) of 1073, A uniform streamwise
velocity is specified at the inlet and Dirichlet boundary conditions at the cylinder wall. For
pressure, a Neumann boundary condition is adopted at the inlet and outlet, whereas it is
set to zero at the cylinder wall. The initial conditions for turbulent kinetic energy k and w
are calculated based on Equation (A1).

IR _ pkpy Tt
k=S, w= y(ﬂ) , (A1)

where [ is the turbulent intensity, U is the free-stream velocity, p is the density of the fluid,
and y;/ p is the ratio between the turbulent and molecular velocity. Near the wall, the k is
expected to be very low, whereas w increases; therefore, a low value for k and a high value
for w is specified at the wall. At the top, bottom, and side boundaries, a symmetry boundary
condition is specified. The simulations were run on OpenFOAM, which is a leading open-
source computational fluid dynamics software developed by OpenFOAM Foundation [40].
A second-order, implicit scheme is used for time discretisation. The gradient terms are
discretised using the Gauss linear scheme, whereas a total variation diminishing (TVD)
scheme, which is first/second-order accurate, is specified for the convective terms. A
second-order Gauss linear scheme is specified for Laplacian terms.

The time-averaged drag coefficient (C;) acting on the cylinder is calculated as follows:

_ F;
Ci=+—5—, A2

! %P uc%o Ape f (A2
where F; is the ensemble-averaged drag force, p is the dynamic density of the fluid, U is
the free stream velocity of the fluid, and A, is the projected area of the cylinder. The C,
acting on the cylinder ranged between ~ 1.00 and 0.998 across all the simulations, where
the C; in [58,59] are 1.245 and 0.98, respectively. Karman vortex street, a feature observed in
the wake of infinite cylinders, is vortices shed alternatively from either side of the cylinder.
The non-dimensionalised frequency Strouhal number (S;) associated with this periodic
vortex shedding is given as follows:

_ /D

St = U (A3)
where f is the vortex shedding frequency, D is cylinder diameter, and U is free stream
velocity. S; for the simulations is ~0.19, whereas S; reported by [58,59] are 0.211 and
0.208 £ 0.002, respectively. Further, velocity deficit profiles in the wake of the cylinder at
x/D = 1.06 and 1.54 are compared against those reported in [59]. Figure Al shows the
velocity profiles for all five simulation runs in [59]. Clearly, at x/D = 1.06, the simulation
results agree very well with the literature; however, at x/D = 1.54, although the simulation
results converge, the velocity profiles are under-predicted compared with [59]. This is also
observed in the numerical work of [58]. Nevertheless, URANS with the k — «w SST model
can resolve past cylinders and, therefore, have been adopted in further numerical study.
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Figure A1l. Time-averaged streamwise velocity profiles in the cross-stream direction normalised by
free-stream velocity (U/Us) at x/D = 1.06 (a) and 1.54 (b) for each simulation run and the results
reported in [59]. The velocity profiles at x/D = 1.06 agree very well with the results in literature.
However, at x/D = 1.54, although simulation results converge, simulations underestimate velocity
deficit compared with [59]. This difference is also reported in [58].
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Appendix A.2. Flow Visualisation at Re = 43,000

This section presents flow visualisation in the wake of FC, FCHP, TCHP, and OC4 at
Re = 43,000 and 200,000. Similar to the Re = 2900 case, vortices and recirculation zones are
formed in the near wake of the structures. The influence of upstream members can be seen
on the vortices behind the back cylinders of TCHP and OC4. In the case of OC4, only one
vortex core is formed behind each back cylinder.

Figure A2. Flow visualisation in the wake of FC at Re = 43,000 showing the formation of two vortex
cores (left) and recirculating flow (right).

Figure A3. Flow visualisation in the wake of FCHP at Re = 43,000 showing symmetric vortices in the
near wake (left) and recirculation zones behind the cylinder and under the heave plate (right).

Figure A4. Flow visualisation wake of TCHP at Re = 43,000 showing symmetric vortex cores behind
each cylinder (left), though the influence of upstream member on vortices behind back cylinders
can be seen. The effect of the heave plate reduces the size of the recirculation zone behind the
cylinder (right).
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Figure A5. Flow visualisation in wake of OC4 at Re = 43,000. Only one vortex core is formed behind
each back cylinder (left). Recirculation flow behind the front cylinder is restricted by the inclined
cross-brace (right).
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Figure A6. Time-averaged streamwise velocity streamlines around the FC at Re = 200,000: plan view
of the FC from top (left) and profile view on a vertical plane (right).
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Figure A7. Flow visualisation in the wake of FCHP at Re = 200,000. Unlike Re = 2900 and 43,000,
vortices in the wake are less distinct (left). However, similar to the other two cases, recirculation
regions are formed under the heave plate and behind the cylinder (right).

AT

Figure A8. Flow visualisation in the wake of TCHP at Re = 200,000 showing the symmetric vortices
behind cylinders (left) and recirculating flows (right).
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Figure A9. Mean streamwise velocity streamlines in the wake of OC4 at Re = 200,000. A single vortex
core is formed behind each of the back cylinders of OC4 (left). Similar to TCHP, recirculating flow
can be observed behind the front cylinder and the heave plate (right).

Appendix A.3. Pressure and Friction Coefficient Results

In this section, vertical pressure coefficients for all structures are presented at Re = 43,000.
Similar to the other two Re cases, vertical pressure varies in a streamwise direction on the
free end of FC and bottom surfaces of TCHP and OC4.

Coefficient of pressure in vertical direction # Coefficient of pressure in vertical direction
-1.00 -0.833 -0.667 -0.500 -0.333 -0.167 0.00 Z -1.00 -0.833 -0.667 -0.500 -0.333 -0.167 0.00
| |

Coefficient of pressure in verti irection
-1.60 -1.33 -1.07 -0.800 -0.533 -0.267 0.00

Coefficient of pressure in vertical direction
-1.60 -1.33 -1.07 -0.800 -0.533 -0.267 0.00

Figure A10. Vertical pressure coefficient acting on FC (top left), (top right), TCHP (bottom left),
and OC4 (bottom right) at Re = 43,000. The pressure varies across the surfaces of the free end of
FC and heave plates of FCHP, TCHP, and OC4. This is attributed to recirculating flows under the
heave plates.

Also, the streamwise pressure coefficient for all structures is presented in Figure A1l
at Re = 2900 and in Figure A12 at Re = 43,000. Similar to the Re = 200,000 cases, the highest
pressure is on the front surfaces of FC and cylinders of TCHP and OC4. Also, the two red
zones on either side are where the pressure is minimal as the flow accelerates.
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Figure A11. Streamwise pressure coefficient at Re = 2900 on FC (top left), FCHP (top right), TCHP
(bottom left), and OC4 (bottom right). The front surfaces of FC and cylinders of FCHP, TCHP, and
OC4 are where pressure is at its maximum.

Coefficient of pressure in streamwise direction Coefficient of pressure in streamwise direction
1.00 -0.67 -0.33 0.00 033 0.67 1.00 J 00 -0.67 -0.33 0.00 033 0.67 1.00
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Coefficient of pressure in steamwise direction
-0.67 -0.33 0.00 0.33 0.67 1.00

Figure A12. Streamwise pressure coefficient at Re = 43,000 on FC (top left), FCHP (top right), TCHP
(bottom left), and OC4 (bottom right). Similar to Re = 2900 cases, the front surfaces of FC and
cylinders of FCHP, TCHP, and OC4 are where pressure is at its maximum.
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Figures A13 and A14 show the streamwise friction coefficients on FC at Re = 2900
and 43,000, respectively. Negative friction on free surfaces of free ends is due to flow
being upstream. At Re = 2900, the highest friction is at the leading edge; however, at
Re = 43,000, friction is high on the rear half of the free end. The friction is least on the front
surface where pressure is maximum, and friction is maximum on either side due to flow
acceleration. The streamwise friction coefficient for TCHP for Re = 2900 and 43,000 are
presented in Figures A17 and A18, respectively. Similar to the Re = 200,000 case, the friction
varies on the free ends on heave plates due to recirculation zones. There is considerable
friction on the top surfaces of heave plates and sides of cylinders. A similar trend can be
seen in the case of OC4 at Re = 2900 (Figure A19) and at Re = 43,000 (Figure A20). Similar
to Re = 200,000, the friction on braces varies depending on whether sections of braces are
within the wake of the upstream member.

Coefficient of friction in streamwise direction Coefficient of friction in streamwise direction
-0.007 -0.005 -0.002 0.000 0.002 0.005 0.007 g -0.050 -0.033 -0.017 0.000 0.017 0.033 0.050

Figure A13. Streamwise friction coefficient on the free end (left) and front surface of FC (right) at

Re = 2900. The highest friction is at the leading edge of the free end whereas on front surface friction
is highest where the flow accelerates.

in streamwise direction
07 0.010

Coefficient of friction Coefficient of friction in streamwise direction
0.010 -0.007 -0.003 0.000 0.003 0.0 0.010 -0.007 -0.003 0.000 0.003 0.007 0.010

Figure A14. Streamwise friction coefficient on the free end (left) and front surface of FC (right) at
Re =43,000. Friction increases on the surface of the free end in a streamwise direction.

iction in streamwise direction r, cient of friction in streamwise dii

Coefficient of fri Coeff d
0.100 -0.067 -0.033 0.000 0.033 0.067 0.100 0.050 -0.033 -0.017 0.000 0.017 0.033 0.050

Figure A15. Streamwise friction coefficient on the bottom surface of the heave plate (left) and cylinder
and the top surface of the heave plate (right) at Re = 2900.
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# Coefficient of friction in streamwise direction Coefficient of friction in streamwise direction
b 0.007 -0.005 -0.002 0.000 0.002 0.005 0.007 _v_]; 0.007 -0.005 -0.002 0.000 0.002 0.005 0.007

Figure A16. Streamwise friction coefficient on the bottom surface of the heave plate (left) and cylinder
and the top surface of the heave plate (right) at Re = 43,000.
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Figure A17. Streamwise friction coefficient at Re = 2900 on bottom surfaces of TCHP (left) and the
rest of TCHP (right).
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Figure A18. Streamwise friction coefficient at Re = 43,000 on bottom surfaces of TCHP (left) and the
rest of TCHP (right).

x Coefficient of friction in streamwise direction Coefficient of friction in streamwise direction
[:_1 0.070 -0.047 -0.023 0.000 0.023 0.047 0.070 J 0.070 -0.047 -0.023 0.000 0.023 0.047 0.070

Figure A19. Streamwise friction coefficient at Re = 2900 on bottom surfaces of OC4 (left) and the rest
of OC4 (right).
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Figure A20. Streamwise friction coefficient at Re = 43,000 on bottom surfaces of OC4 (left) and the

rest of OC4 (right).
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Abstract: The integrated development of offshore wind power and marine aquaculture
represents a promising approach to the sustainable utilization of ocean resources. The
present study investigated the hydrodynamic response of an innovative combination of
a wind farm monopile and pontoon raft aquaculture facilities (PRAFs). Physical water
tank experiments were conducted on PRAFs deployed around a wind farm monopile
using the following configurations: single- and three-row arrangements of PRAFs with
and without a monopile. The interaction between the aquaculture structure and the wind
farm monopile was examined, with a particular focus on the mooring line tensions and
bridle line tensions under different wave conditions. Utilizing the wind farm monopile
foundation as an anchor, the mooring line tension was reduced significantly by 16-66% in
the single-row PRAF. The multi-row PRAF arrangement experienced lower mooring line
tension in comparison with the single-row PRAF arrangement, with the highest reduction
of 73%. However, for the bridle line tension, the upstream component was enhanced,
while the downstream one was weakened with a monopile, and they both decreased in
the multi-row arrangement. Finally, we developed numerical models based on flume
tank tests that examined the interactions between the monopile and PRAFs, including
configurations of a single monopile, along with single- and three-row arrangements of
PRAFs. The numerical simulation results confirmed that the monopile had a dampening
effect on the wave propagation of 5% to 20%, and the impact of the pontoons on the
monopile was negligible, implying that the integration of aquaculture facilities around
wind farm infrastructure may not significantly alter the hydrodynamic loads experienced
by the monopile.

Keywords: multi-row arrangement; numerical simulation; raft aquaculture; tank test; wave
propagation; wind farm monopile

1. Introduction

Mussels represent an affordable and environmentally sustainable source of protein,
with minimal greenhouse gas emissions [1]. It is estimated that approximately 94% of global
mussel production is currently derived from aquaculture, with raft culture representing one
of the most efficient techniques, enabling consistent year-round production [2]. However,
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the expansion of raft culture is constrained by spatial limitations [3]. Concurrently, the
accelerated growth of renewable energy sources has established offshore wind farms as
a crucial element in the global drive toward a clean energy future. However, as offshore
wind installations expand, they increasingly occupy limited coastal waters, which may
result in potential conflicts with existing aquaculture activities. To address these spatial
challenges, integrating wind energy infrastructure with raft aquaculture facilities represents
a promising solution [4]. By deploying aquaculture structures within the confines of a wind
farm, the utilization of ocean space can be optimized. Meanwhile, turbine foundations can
serve as dual-purpose anchoring points for aquaculture, potentially functioning as artificial
reefs that support marine biodiversity [5]. This integrated approach represents a compelling
opportunity for economic synergy. Despite the existence of numerous conceptual designs
for integrated systems of this nature, only a small number have progressed to the stage
of commercial operation. The majority of countries remain at the pilot development
stage [6-8].

The combination of offshore wind farms with aquaculture systems has the potential to
offer several benefits, including the optimization of marine space usage and advancement
of sustainable development. Specifically, integrating mussel raft culture with wind farms
could facilitate efficient, year-round production by leveraging shared infrastructure. How-
ever, a notable gap exists in the literature regarding the effective layouts and structural
interactions between mussel raft systems and offshore wind turbines. Despite the proposal
by Buck et al. (2004) that combines bivalve raft culture with offshore wind turbines [7],
detailed research on the structural interactions between wind turbine foundations and
aquaculture facilities remains scarce. The potential for wind turbine monopiles to be effec-
tively utilized as anchor points for mussel raft structures has yet to be investigated, and the
optimal structural arrangements for aquaculture within offshore wind farms have not been
thoroughly explored.

The majority of studies have concentrated on the integration of offshore wind farms
with aquaculture cages rather than raft systems. Since cage aquaculture requires extensive
marine areas, it is typically combined with floating wind turbines. Floating platforms for
floating wind turbines can be categorized into the following three types [9]: (1) spar buoy
platform, (2) tension leg platform, and (3) semi-submersible platform. A semi-submersible
platform is the most suitable type of floating platforms to be integrated with aquaculture
structures due to its high stability and ample space. For example, Zheng et al. (2018)
evaluated the dynamic response of an innovative floating offshore wind turbine integrated
with a steel fish-farming cage (FOWT-SFFC) under diverse environmental conditions, con-
firming its exceptionally dynamic performance [10]. Similarly, Zhao et al. (2023) employed
OpenFOAM software to simulate the structural load interactions between the combined
wind turbine and fish cage systems, with a particular focus on the effects of the wave height
and water depth on the load amplitude [11]. Further investigation of the dynamic behavior
of wind—cage structures was conducted by Zhang et al. (2022) and Cao et al. (2022), who
observed the damping effects of cage nets on platform dynamics [12,13]. Yi et al. (2024)
demonstrated that the aquaculture cage serves to reduce the oscillation amplitude and
acts as a damper in an integrated offshore wind—wave-aquaculture (WWA) system [14].
Overall, the hydrodynamic interactions and coupling effects between wind turbines and
aquaculture cage systems under wind and wave conditions have been adequately stud-
ied [15-17]. These findings underscore the focus on fish cage systems and highlight the
lack of equivalent research on raft culture within offshore wind farms.

In the past, studies tended to focus on the hydrodynamic characteristics of wind
turbines and raft aquaculture structures as separate entities. In recent years, an increasing
number of studies underscore the value of numerical simulations based on computational
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fluid dynamics (CFD) for evaluating the performance of floating wind turbines and aqua-
culture structures. CFD-based numerical models have been widely applied in the study
of wave-structure interactions. For example, by solving the Navier—Stokes equations (i.e.,
viscous flow solver), it is possible to effectively investigate the gap resonance problems
between two boxes [18-20], a stationary box and a vertical wall [21], and two side-by-side
barges [22]. By solving the Reynolds-averaged Navier-Stokes (RANS) equations coupled
with advanced turbulence models, CFD can account for highly nonlinear effects, such
as wave breaking, vortex shedding, and transient loads, which become particularly sig-
nificant under extreme environmental conditions (e.g., large wave heights and strong
currents). For example, Zhong et al. (2023) analyzed the dynamics of a semi-submersible
platform designed for a 15 MW wind turbine in the context of freak wave conditions,
with a particular focus on the platform’s motion responses and mooring line tension [23].
Tang et al. (2021) employed CFD to examine the nonlinear wave load impacts on a 10 MW
scale monopile offshore wind turbine by investigating the variations in wave pressure
and horizontal forces under diverse sea conditions [24]. Investigations into raft aquacul-
ture structures have concentrated on the hydrodynamic behavior of isolated structures.
In a recent study, Wang et al. (2023) employed numerical simulations to investigate the
hydrodynamic characteristics of an attenuator-type wave energy converter with varying
raft shapes, with a particular focus on parameters such as the wave period and structural
design [25]. Wang et al. (2022) proposed that the scale and spatial layout of the floating
raft aquaculture structures should be considered when assessing the impact of aquaculture
activities on the hydrodynamic environment [26]. The aforementioned studies provide
valuable insights into the hydrodynamic characteristics of monopile foundations or raft
facilities, addressing various factors such as the wave loads, structural integration, and
dynamic responses under different environmental conditions. The wind monopiles in
offshore wind farms significantly affect the forces on raft aquaculture structures by altering
the flow field, wave field, and their coupling with environmental factors. This impact is
multifaceted, including the drag force, wave force, dynamic loads, resonance effects, and
foundation stability. To accurately assess the force conditions of raft aquaculture facilities,
it is necessary to conduct an in-depth study on the coupling effects between monopiles,
waves, and currents. However, current research on the hydrodynamic characteristics of
raft aquaculture facilities within offshore wind farms is notably insufficient, particularly in
revealing the interaction mechanisms of the current-wave structure in complex wind farm
environments. This highlights the necessity for further systematic research in this field.

Mooring line tension directly affects the stability of offshore structures in the marine
environment. The potential consequences of high mooring line tension are multifaceted.
Increased tension may lead to a higher risk of mooring line failure and shorten the service
life of the mooring system. Additionally, the structural integrity of the mooring system
itself may be compromised, impacting the overall stability and safety of the structure.
Tomasicchio et al. (2018) conducted experimental research on a spar-type floating off-
shore wind turbine under different wave-wind conditions, and the results indicate that
waves have a more significant impact on structural dynamics compared with wind [27].
Lauria et al. (2024) proposed that the peak frequency of mooring line tension is primarily
influenced by the wave frequency [28]. Therefore, fully understanding and accurately
assessing the impact of wave action on the mooring line tension of aquaculture facilities
within offshore wind farms is crucial for ensuring their long-term structural reliability
and safety.

At present, the applied research on the combination of a wind monopile and aquacul-
ture structures is still in the preliminary stage, although some studies have been conducted
on the integration of floating wind turbines with fish cages. There is a lack of practical
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technical guidance on how to arrange raft facilities around the wind monopile. Therefore,
this study investigated the hydrodynamic forces of pontoon raft aquaculture facilities
(PRAFs) that used the wind farm monopile foundation as an anchor. Our previous paper
(Aietal., 2024) considered the mooring line tension [29]. In this study, we extend our
previous work by incorporating both the mooring line tension and bridle line tension
to achieve a more comprehensive understanding of the hydrodynamic loads acting on
the PRAFs. This dual focus represents a novel perspective, as prior research has rarely
examined the internal connection forces (bridle lines) alongside mooring forces. Moreover,
the hydrodynamic performance of the single-row PRAF arrangement and multi-row PRAF
arrangement were compared. The effects of the wind monopile on wave propagation
were assessed through numerical simulations. By integrating water tank experiments and
numerical simulations, this work clarified wave-structure interaction mechanisms in the
presence of a monopile—an area that has not been extensively addressed in the literature.
Ultimately, this study advanced the understanding of co-locating wind and aquaculture
structures, laying the groundwork for safer and more efficient offshore operations. The
findings can provide valuable insights into the design and optimization of integrated
wind-aquaculture areas.

2. Physical Experiment Methods
2.1. Study Area

The wind farm studied in this paper was located in the southern area of Laizhou
Bay of Changyi City, Shandong Province, China (Figure 1), which was 15.5 km from the
coastline. Local water depths of 6.7 m to 9.2 m are suitable for the installation of wind power.
Waves in this area have significant wave heights varying from 0.5 m to 2.0 m and average
periods varying from 2.3 s to 7.1 s [29]. Moreover, the wind farm was oriented toward
the integration of offshore aquaculture, with the aspiration of establishing a model for
the development of multifunctional areas. The foresight of the installation of mariculture
facilities within an offshore wind farm is depicted in Figure 2.

Laizhou Bay

37°30'0"N

3705‘VO.VN

Shandong Province, China

118200"E  1I8%4S0"E  119°1000'E  119°35'0"E 120°00"E 120°25'0"E

Figure 1. Location of the offshore wind farm in Laizhou Bay of Changyi City, Shandong
Province, China.
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Offshore wind turbine

Mussel raft aquacalture facility

Figure 2. Schematic diagram of ‘Offshore Wind-Raft Aquaculture Integration’.

2.2. Wave Tank

Experimental studies were carried out at the Ocean Engineering Basin, Institute of
Industrial Science, University of Tokyo. The wave tank was 50 m in length, 10 m in width
and 5 m in depth, as shown in Figure 3. The experimental water depth can be adjusted
using a platform. The facility is equipped with a piston-type wavemaker, which can
generate regular incident waves with periods of 0.5-5.0 s and wave heights of 0.02-0.30 m.
An absorbing metallic ramp opposite to the wavemaker can dissipate the incident waves
and avoid the reflected waves.

Figure 3. Experimental wave tank.

2.3. Monopile and PRAF Model

A Froude principle scale of 1:8 was adopted in this experiment according to the
dimensions of the water tank and PRAFs. As shown in Figure 4a, the monopile was
2 m in height and 0.63 m in diameter, and was composed of Polyvinyl Chloride (PVC)
to ensure stability in the waves. The PRAF is referenced from our previous studies in
Wang et al. (2015) and Ai et al. (2024) [29,30]. A PRAF is a structure composed of three
rafts (Figure 4f) combined together, with adjacent rafts connected by two bridle lines. Each
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raft system primarily consists of three PVC pontoons and three steel angles (Figure 4c)
fixedly connected. Mussel rope models (Figure 4b) are suspended beneath the pontoons.
The depth of the PRAF immersed in the water was 3.8 cm (1/3 times the height of the
PRAF), as shown in Figure 4f,g. The 3D-printed mussel ropes were weighted to equal the
mass of the actual mussel ropes in the water. More detailed parameters of the PRAF model
are provided in Table 1.

Three-row arrangement

Figure 4. Experimental models and arrangement: (a) wind turbine monopile model; (b) mussel
rope model; (¢) pontoon rafts model; (d) 50 kg tension sensor; (e) 10 kg tension sensor; (f) picture of
single-row PRAF model arrangement; (g) picture of three-row PRAF model arrangement.
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Table 1. Model structural parameters of PRAF [29].

Components (Number) Description

Pontoons (9)
Steel angle (9)
Pipe strap (27)

1.5 m long, 11.4 cm diameter, buoyancy 12.9 kgf
1.8 m long, 4.1 cm wide, 2.1 cm high, 1.0 mm thick, 2.38 kg weight
12.4 cm diameter, 2.0 mm thick, 0.15 kg weight

Screw and nut (54) 24.0 g total weight

Mussel ropes (63) 0.52 m long, 4.05 cm diameter, 0.50 kg weight (in water)
Buoy (18) 2.0-9.5 cm diameter (half of an ellipsoid), buoyancy 325 gf
Buoy tether line (1) 0.18 m long, 0.30 cm diameter

Bridle lines (4) 0.92 m long, 0.30 cm diameter

Mooring lines (2) 2.46 m long, 0.30 cm diameter

2.4. Experimental Setup

As illustrated in Figure 5, this is a configuration of the single-row PRAF with a

monopile in the experiments [29]. The monopile was secured to the middle line of the

bottom of the water tank at 16.63 m from the upstream wavemaker to act as an anchoring

element for the upstream mooring line of the single-row PRAF. The PRAF was installed

directly behind the monopile with a mooring line length-to-water-depth ratio of 3 (water

depth was 1 m).

Figure 5. The installed monopile model and single-row PRAF model.

@

In this study, three configurations of PRAFs were designed and analyzed [29]:

Single-row PRAF with a monopile: The water depth was 1 m. The PRAF was located
2.83 m directly behind the monopile and was aligned along the middle line of the
wave tank, with the monopile serving as an anchor for the upstream mooring line of
the PRAF (Figure 6a,b). The purpose of this arrangement was to study the effect of
the monopile on the mooring line tension and bridle line tension of the PRAF under
different wave conditions.

Single-row PRAF without a monopile: Similar to configuration (1), but an iron block
replaced the monopile as the anchor. The tests of this arrangement were designed as
control experiments.

Three-row PRAFs without a monopile: Three PRAFs were installed in parallel with
each other with a spacing of 2.5 m (the inner facility was arranged along the middle
line of the wave tank), and their anchors were all iron blocks (Figure 6¢,d). This
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experimental setup aimed to compare the hydrodynamic forces of three-row and
single-row PRAF configurations.

(a)

WG1 WG2

4.54m ©303m

10 m

13.06 m

Wave

(b)

—> Monopile

Wave

4.05 em

Anchor
1

13.06 m

10m

_— ,
Wave 283m 18m Im

(d)

Wave Froiw Frp Frps. Frpy

Anchor

13.06 m

Figure 6. The layouts of PRAFs in the wave tank: (a) the single-row arrangement with a monopile
in bird’s-eye view; (b) the single-row arrangement with a monopile in side view; (c) the three-row
arrangement in bird’s-eye view; (d) the three-row arrangement in side view.

Representative layouts in the experiments are shown in Figure 6. A 50 kg tension
sensor (TLP-10KS, full capacity of +50 kgf, Tokyo Measuring Instruments Co., Ltd., Tokyo,
Japan) (Figure 4d) was affixed to the middle of the upstream mooring line to measure
the mooring line tension under wave conditions. Four 10 kg tension sensors (DYMH-107,
full capacity of £10 kgf, DAYSENSOR Engineering Co., Ltd., Bengbu, China) (Figure 4e)
were affixed to the middle of the bridle lines to obtain the internal forces between the
rafts. Two wave gauges (CH-601, Linearity error £0.5% of full scale, KENEK Co., Ltd.,
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Tokyo, Japan) were placed. WG1 was positioned 4.54 m upstream of the monopile to
collect incident wave data and WG2 was positioned 3.23 m downstream of the monopile to
monitor transmitted wave data [29]. In summary, all the instruments were equipped with
corresponding signal amplifiers to stabilize and enhance the voltage signals, and the data
were collected by the same data acquisition unit. The sampling time was set to 70 s, with a
sampling frequency of 1000 Hz.

Based on the Froude similarity, the wave conditions for the experiments were designed
accordingly. Tests were conducted at a water depth of 1 m, where the wave heights ranged
from 0.063 to 0.188 m and the periods from 1.0 to 1.4 s. The experimental wave conditions
are listed in Table 2. When scaled to actual sea conditions at a depth of 8 m, these ranges
corresponded to wave heights of 0.504 to 1.504 m and wave periods of 2.8 to 4.0 s, which
closely matched the marine environment at the Changyi City wind farm [29].

Table 2. Experimental wave conditions set up.

Case 1 2 3 4 5 6 7 8 9 10

Wa"?ir I();r“’ds 1.0 1.1 1.2 1.3 14 1237 1237 1237 1237 1237
WaVEI({ri;ghts 01125 0.1125 01125 0.1125 01125 0063  0.100 0125 0156  0.188
Wa"f (I;S‘gth 1.56 1.88 2.23 2.59 2.97 2.36 2.36 2.36 2.36 2.36

3. Numerical Simulation Methods

This study employed numerical simulations to investigate how monopile foundations
influence wave transmission, which offered valuable insights for optimizing the layout of
raft aquaculture facilities. STAR-CCM+ (19.02.012-R8), which is commercial computational
fluid dynamics software, is well-suited for multidisciplinary problems involving fluid
and solid continuum mechanics. It serves as a powerful tool for analyzing complex fluid
dynamics. In this study, the Reynolds-averaged Navier-Stokes (RANS) equations were
solved using the finite volume method based on the SST k-w turbulence model in STAR-
CCM+ to determine the wave attenuation after interacting with a wind turbine monopile
foundation [31]. The free surface was modeled using the Volume of Fluid (VOF) method.

3.1. Governing Equation

Fluid motion must adhere to three fundamental laws: the law of conservation of
mass, the law of conservation of momentum, and the law of conservation of energy.
For incompressible fluid flow, the energy conservation equation can be neglected due to
negligible heat transfer. In this numerical simulation, wave motion is governed by the
continuity equation and the momentum equation, Equation (1) is expressed through the
mass balance of the control volume, and Equation (2) shows that the time rate of change of
linear momentum is equal to the resultant force of the continuous forces, as follows:

dp o
§+V'(PU) =0 (1)

o(pv [ 5 T

where p is the fluid density; ¥ is the mean velocity; p,,,; = P + %pk is the corrected mean
pressure, where p is the mean pressure and k is the turbulent kinetic energy; I is the unit
tensor; T is the mean viscous stress tensor; f, is the combined volume force (e.g., gravity
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and centrifugal force); and Trans is the stress tensor extra term, which can be obtained
from Equation (3):

_ _ 2 _
TRANS = Mt (VU + VUT) — g(}itV@)I 3)

where yi; is the turbulent eddy viscosity, obtained through the solution of the turbulence
model. In numerical simulations, turbulence is a complex phenomenon typically modeled
using various turbulence models. To accurately simulate this phenomenon, this study
employed the SST k-w turbulence model [32]. Compared with the standard k-w model,
the SST k-w model effectively combines the k-¢ model in the far field with the k-w model
near the wall by introducing a blending function. This allows the SST k-w model to retain
the high accuracy of the standard k-w model near the wall while addressing its sensitivity
to inlet boundary condition settings.

3.2. Free Surface Tracking

This study employed the VOF method to determine the interface between the air and
water. A second-order upwind scheme was utilized for the discretization of the volume-
fraction transport equation and momentum equations, which helped to minimize the
numerical diffusion across the interface. To maintain a sharp interface, the High-Resolution
Interface Capturing (HRIC) method of STAR-CCM+ was employed to ensure that the
free surface profile remained well-defined, even under nonlinear wave conditions. The
VOF modeling approach assumes that the grid resolution is sufficient to meet the solution
requirements, and tracks the motion of the fluid interface by defining a function of volume
fraction to characterize the volume share of a phase of fluid in the grid cell and solving the
transport equation for the volume fraction [33]. This phase volume fraction «; is defined as
shown in Equation (4):

w= @
where V; represents the volume of phase i in the grid cell; V is the grid cell volume.

The sum of the volume fractions of all Euler phases within a grid is 1. Based on the
value of the Euler phase volume fraction «;, the distribution of Euler phases in each grid

can be determined:

(1) a; =0, indicating that there is no Euler phase i in the grid cell;
(2) a; =1, indicating that the grid cell is filled with Euler phase i;
(3) 0 < a; <1, indicating that there is an interface within the grid cell.

In grid cells containing interfaces, the material properties depend on the properties of
each component and their respective proportions. The fluid within the cell is treated as a
mixture. The density and dynamic viscosity of the mixture are as follows:

o= Zi Pi%; (5)
po=Y Hiti (6)

where p; is the density; y; is the dynamic viscosity. The distribution of phase i is obtained
from the phase mass conservation equation, as shown in Equation (7):

0 «; D, 1
ﬁ/v zxidv+zfzxiv-da - /V (s,,q - o )dV— /‘/Ev-(aipivd,i)dv @)

where v is the average mixing velocity; a is the surface area vector; Sy, is the customized

source term; Dﬁptf is the Lagrange derivative of the phase density p;; and v is the diffusion
velocity. By solving Equation (7), the volume fraction of each phase is obtained, thereby
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identifying the grid cells containing interfaces. These interfaces are connected to form the
free surface. Additionally, the HRIC scheme is employed in the simulation to enhance the
accuracy of the free surface prediction. When two phases are present, the volume fraction
transport is solved for the first phase only, and the volume fraction of the second phase is
then adjusted in each grid cell so that the sum of the volume fractions of the two phases
is 1.

3.3. Boundary Conditions

The wave flume utilized in the physical experiment was similarly employed in the nu-
merical simulations, with appropriate simplifications to reduce the computational demand.
Figure 7 presents the established numerical wave flume, which has dimensions of 22.6 m
in length, 10 m in width, and 1.7 m in height. A wind turbine monopile foundation, with a
diameter of 0.63 m and a height of 1.4 m, was 4.6 m from the wave inlet. The water depth
in the flume was set at 1 m. Fifth-order waves were generated at the flume inlet using
Stokes’ fifth-order wave theory [34], and the inlet boundary conditions were specified as a
velocity inlet.

(pr‘l‘:su?flui.':n (ve.ocn’i inlet
Inlet boundary | Wave direction | Outlet boundary
(velocity inlet) V 17m ] (velocity inlet)
'////////'//% 1m 14m m'?s:;;ﬂmrv //////%
Y |

15L 46m 063 m
T

18 m

Figure 7. Boundary conditions of the numerical flume.

To further optimize the computational efficiency, a symmetry plane was defined
along the centerline of the flume. While the primary wave inlet was at one end of the
flume, the outlet and opposite side were also set as velocity inlets with wave-attenuation
zones to reduce any potential wave reflection returning into the domain, as confirmed
by Zhang et al. [35]. Practically, this approach enabled the outgoing waves to exit the
numerical flume without spuriously reflecting and ensured the stability of the air-water
interface during the simulations. As a result, the air phase was not assigned a separate
inlet velocity since it mainly followed the free-surface motion generated by the imposed
wave field. We used a wave-forcing method based on the Euler Overlay Method (EOM)
proposed by Kim et al. [36] to reduce the wave reflection from the boundary. According to
Kim et al.’s method, the discrete Navier-Stokes equations can be forced to converge to a
theoretical solution in the setting region, thus preventing wave reflection from the far-field
by using a smaller computational domain. The wave-forcing zones were activated at both
the inlet and outlet, extending the wave-absorbing region by 1.5 times the wavelength
(Figure 7). Moreover, a source term, as expressed in Equation (8), was introduced into the
momentum equation within the wave-absorbing region to simulate wave forces [36]:

Sp = —r0(¢ — ¢r) ®)

where 7 is the force coefficient, ¢ is the solution to the transport equation, and ¢f is the value
approximated by the tension solution. The solution of the Navier—Stokes equations was
made to converge to the set numerical solution within the specified wave dissipation region.
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3.4. Grid Settings

Mesh sensitivity analysis is an indispensable part of numerical simulation, which
not only verifies the accuracy of the simulation results but also optimizes the computa-
tional resources and reduces error [37,38]. The mesh sensitivity analysis is provided in
Appendix B. During the grid-setting process, the cut volume mesh was selected as the
mesh model. The refined region was created within one wave height above and below the
free surface. To ensure the mesh was sufficiently fine to capture wave variations, based
on the mesh sensitivity analysis results (Appendix B), 24 grids were divided along the
wave height direction, and 100 grids were divided along the wavelength direction. The
base size of the background mesh was set to 0.8 times the wave height, and the mesh
growth rate was set to be gradual to ensure smooth transitions between the grids. The
time step was set to 0.002 s, and the Courant number was maintained below 0.3 to avoid
phase differences. Additionally, an overlapping mesh zone was established around the
monopile model, with the background mesh size in this zone set to 0.01 m to further refine
the computational domain surrounding the monopile model. A prism mesh was applied
to the model walls to accurately resolve the near-wall fluid behavior, which is crucial for
capturing fluid separation characteristics. The actual grid division is illustrated in Figure 8.

e e e

T

Figure 8. The scheme of grid settings around the wind monopile model.

3.5. Wave Height Monitoring-Points Setup

The validation of the numerical flume is provided in Appendix A. This section in-
vestigated the wave propagation characteristics in the wake region behind the monopile
foundation subjected to regular waves. Figure 9 shows four monitoring points established
in the numerical flume to calculate the wave heights at specific locations. R1 was located
4.6 m in front of the wind turbine monopile foundation to verify the incident wave con-
ditions, while the remaining points (R2, R3, and R4) were distributed 2.8 m behind the
monopile, located slightly ahead of the PRAFs in the experiments. The wave height values
at the representative points (R2, R3, and R4) were used to evaluate the effect of the wind
monopile foundation on the surrounding wave field. The wave height at R1 was defined
as H;, and the average of the wave heights at points (R2, R3, and R4) was defined as H;.
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Figure 9. The locations of four set points to monitor the wave heights in a numerical flume with
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the monopile.

Detailed numerical simulations were conducted for all the experimental scenarios to
examine its influence on the wave propagation. The numerical results provide insights into
why the presence of a wind turbine monopile foundation reduced the mooring line tension
of the raft aquaculture facility. This reduction in mooring line tension can be attributed
to the attenuation and redistribution of the wave energy as the waves interacted with the
monopile, thereby altering the hydrodynamic loads acting on the aquaculture system.

To further investigate the impact of the PRAF on the monopile, as well as the changes
in the surrounding wave fields, we established three wave height monitoring points (P1,
P2, and P3) positioned 10 cm from the monopile foundations. Numerical simulations
were conducted under three wave conditions (Case 6, Case 8, and Case 10) to assess
both wave heights at the monitoring points and the wave forces acting on the monopile
foundation. Following this, we arranged single-row and three-row PRAFs in the lee zone
of the monopile foundation to ensure that the mooring lines were not connected to the
monopile itself (Figure 10). The primary objective of this work was to indicate how different
PRAF configurations influenced the wave forces exerted on the monopile foundation and
to analyze the alterations in wave propagation patterns around these structures.

@

Ple

(b)

Ple

Figure 10. The locations of three set points to monitor the wave heights around the monopile:
(a) single-row PRAF; (b) three-row PRAFs.
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4. Results and Discussion

In this study, multiple wave parameters (e.g., wave height, wave period, and raft
layouts) were considered to evaluate their respective impacts on the hydrodynamic forces
(mooring line tension and bridle line tension) on the PRAFs. Moreover, to better visualize
the actual hydrodynamic performance of the aquaculture facilities at sea, the model test
results were converted to full-scale results according to the model criterion. The following
subsections present the results of this study and summarize our expanded discussion
regarding the physical mechanisms at play.

4.1. Mooring Line Tensions of PRAF

The structural integrity of aquaculture facilities relies heavily on the mooring system.
Mooring line failure is an important factor in exposing the structure to risks. This study
analyzed the effect of different arrangements on the mooring system of the PRAF, which
can provide an important reference for the design and construction of raft aquaculture
facilities, as well as the decision-making of wind turbine foundations as anchorage points.

4.1.1. The Maximum Mooring Line Tensions of the Single-Row PRAF Under
Wave Conditions

Figure 11 shows the maximum tensions of the upstream mooring line for a single-row
PRAF under different wave periods and heights. Here, Fs)y and Fsp represent the maximum
mooring line tension without and with a monopile, respectively. The results indicate that
regardless of the presence of the wind turbine monopile in the wave tank, the maximum
mooring line tension decreased in the wave periods from 1.0 s to 1.4 s when the wave
height was 0.1125 m (Figure 11a). Under longer wave periods, the incident wave energy
was distributed over a slower timescale, meaning that each crest exerted a force over a
longer duration but generally had a lower peak value. As a result, both the mooring cables
and the raft had more time to adjust to the motion of the waves, which could reduce the
maximum tension in the cables. Meanwhile, shorter wave periods increased the frequency
of the crest impacts within the same timeframe, which led to higher acceleration and
velocity variations for the structure. This could result in amplified instantaneous forces,
which caused increases in the mooring line tensions and more pronounced high-frequency
oscillation. When the wave period was 1.0 s and the wave height was 0.1125 m (Case 1),
the wave steepness was at its maximum (H /L = 0.084), which corresponded to the highest
recorded mooring line tension Fsy of 80.73 kN.
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Figure 11. The maximum tensions of the upstream mooring line of the single-row PRAF under
different wave periods and wave heights in the presence (Fsp) and absence (Fsyy) of the monopile:
(a) H=0.1125m, and T varies from 1.0 s to 1.4 s; (b) T = 1.237 s, and H varies from 0.063 m to 0.188 m.
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The wave height determines the overall magnitude of the wave energy, while the
wave steepness reflects its nonlinearity. Higher waves carry more energy; consequently,
the inertia and viscous drag forces on the PRAF system and mooring lines are elevated.
When the wave period was 1.237 s, the maximum mooring line tension increased as the
wave height rose from 0.063 m to 0.188 m (Figure 11b). This trend is consistent with
previous research findings [30,39]. Our results indicate that as the wave height increased,
the maximum tension in the mooring lines also grew. This enhanced motion contributed
further to the increased dynamic loads on the mooring lines. These observations follow
a well-established pattern in marine engineering: as the wave steepness increases, the
structural stability decreases and the wave-induced force on the structure grows, thereby
leading to higher tension levels in the mooring system [40,41].

By comparing and analyzing the effects of the wind monopile on the PRAF,
(Fsy — Fsp)/Fsn represents the reduction ratio of the maximum mooring line tension
in the presence of the wind monopile relative to the condition without it. The results show
that when the monopile was present, the maximum mooring line tension was decreased
by 16% to 66%, and the reduction ratio increased as the wave steepness decreased. This
effect was the most pronounced when the wave steepness was 0.037. As a type of marine
structure, a wind turbine monopile disrupts wave propagation, with wave diffraction
and reflection being the main mechanisms of wave energy loss when waves encounter
an obstacle. The likelihood and intensity of diffraction effects are closely related to the
length scale ratio between the monopile diameter (D) and the wavelength (L): at small
D/ L ratios, the flow separation is important while diffraction is minimal, whereas at large
D/ L ratios, diffraction becomes dominant and the flow separation is less significant. de
Leon et al. (2011) [42] noted that the monopile creates a shadow zone downstream with
a lower significant wave height (Hs). Meanwhile, the interaction between waves and
the monopile leads to a weakened and more confined oscillating flow in the vicinity of
the monopile [43]. These wave—structure interaction effects contribute to a reduction in
mooring line tension compared with conditions without a monopile.

Figure 12 compares the Fgy at full scale for a single-row PRAF with three rafts (each
raft supported 31.05 t of mussel weight) with a raft facility described in [39]. As the wave
steepness increased from 0.025 to 0.084, the maximum mooring line tension rose from
4.60 kN to 80.73 kN. This trend aligns with the numerical simulation results of a raft
facility reported by Wang et al. (2017), where the maximum mooring line tension increased
from 5.96 kN to 21.13 kN at wave steepnesses that ranged from 0.013 to 0.077 [39]. The
consistency suggests that the relationship between the wave steepness and the mooring line
tension is robust for different configurations, supporting both the validity of the present
experimental setup and the importance of wave steepness as a key parameter in pontoon
raft aquaculture systems [41]. The comparison also indicates that the mooring line tension
increases with the addition of each pontoon raft, yet not in a manner strictly proportional
to the number of rafts. The increased tension suggests complex hydrodynamic interactions
between the additional pontoons, which could amplify the structural loads beyond a
simple summation effect. Moreover, Masoudi et al. (2024) showed that the number of
pontoons significantly affects diffraction wave amplitudes, with multi-pontoon structures
improving the breakwater efficiency by up to 45% within the same cross-sectional area [44].
These findings highlight the importance of considering such interactions when designing
multi-pontoon raft aquaculture systems.
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Figure 12. Comparison of the Fgy at prototype scale between a single-row PRAF with three rafts in
H/L from 0.025 to 0.084 and a raft facility in H/L from 0.013 to 0.077 [39].

4.1.2. The Maximum Mooring Line Tensions of the Three-Row PRAFs Under
Wave Conditions

Figure 13 compares the maximum tensions of the upstream mooring line for the outer
(Fro) and the inner (Frj) raft facility in the three-row PRAFs. Similar to the single-row
PRAF, when the wave height was 0.1125 m, the maximum mooring line tension decreased
as the wave period increased from 1.0 s to 1.4 s. However, at the wave period of 1.237 s, the
maximum mooring line tension increased in response to wave heights that ranged from
0.063 m to 0.188 m. The comparison showed no significant difference between Frp and Frj,
indicating that under these test conditions, whether the raft facility was located in the outer
or inner position did not notably affect the mooring line tension. This finding suggests that
the PRAFs in the multi-row configuration may be equally exposed to wave impact under
different wave conditions.
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Figure 13. The maximum tensions of the upstream mooring line of single-row (Fgy) and three-
row (Fro and Frj) PRAFs without a monopile under different wave periods and wave heights:
(a) H=0.1125m, and T varies from 1.0 s to 1.4 s; (b) T = 1.237 s, and H varies from 0.063 m to 0.188 m.

Moreover, it can be observed in Figure 13 that the maximum tensions of the upstream
mooring line in the three-row configuration were generally smaller than those in the single-
row configuration under the same wave conditions. When the wave steepness was 0.041,
the maximum mooring line tension had a maximum reduction ratio of 73%. This finding
suggests that the multi-row PRAFs could effectively reduce the impact of the wave forces by
altering the wave propagation and promoting energy dissipation around these structures.
The reduction in the maximum mooring line tension for the three-row configuration can be
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attributed to the intensified energy dissipation that resulted from the interference between
multiple rows of pontoons, which collectively scattered and dampened the wave energy
more effectively than a single-row arrangement. These results align with the work of
Masoudi et al. (2024) and Li et al. (2022), who showed that the multi-row arrangement
significantly reduces both the wave energy and mooring loads compared with the single-
row system [44,45]. Furthermore, the presence of multiple rows of pontoons may create
constructive and destructive interference patterns within the wave field, thereby reducing
the overall force acting on individual mooring lines.

Compared with the single-row setup, the multi-row configuration distributed the
hydrodynamic loads more evenly, which reduced the concentration of forces on the indi-
vidual mooring lines and enhanced the overall system stability. By lowering the mooring
line tension, the multi-row arrangement underscored the importance of optimizing pon-
toon raft layouts to improve the wave attenuation performance. Moreover, the multi-row
configuration provided greater stability across a range of wave conditions and mitigated
the wave-induced loads effectively, which contributed to the long-term sustainability and
safety of offshore aquaculture facilities. In future work, we will continue to conduct both
experimental and numerical studies to explore how different spacing arrangements affect
multi-row setups. These findings will ultimately provide practical guidance for the spatial
layout of multi-row raft aquaculture in offshore wind farms.

4.2. Bridle Line Tensions of PRAFs

The combination of raft aquaculture facilities offers several advantages, including
enhanced comprehensive utilization of aquaculture waters, reduced equipment invest-
ment costs, and improved feasibility for large-scale management. In addition to the
mooring lines, the connecting lines between individual rafts within the PRAFs are also
subjected to hydrodynamic loads. This section presents the variation in bridle line ten-
sions for both the single-row PRAF (e.g., Fsp1, Fspa, Fsps, Fspsa) and three-row PRAFs

(e.g., Frp1, Frea, Fres, Frpa).

4.2.1. The Maximum Bridle Line Tensions of the Single-Row PRAF Under
Wave Conditions

Figure 14 shows the relationship between the bridle line tensions Fsp1—Fsps and the
wave steepness under different wave conditions, with and without the presence of a wind
monopile. Similar to the mooring line tension, the bridle line tension increased as the wave
steepness increased. The bridle line tensions had maximums when the wave steepness
approached values near 0.08. The maximum values of Fsp1—Fsps were 25.82 kN, 24.96 kN,
32.80 kN, and 29.94 kN, respectively. It should be noted that the maximum values of Fsp;
and Fsp, occurred with the monopile, while the maximum values of Fspz and Fspyq occur
without the monopile.

Figure 14a,b show that the presence of the monopile increased the bridle line tensions
Fsp1 and Fspy with rising wave steepness, which exhibited similar sensitivities to both the
wave height and wave period. In contrast, Figure 14c,d show the presence of the monopile
weakened the tensions Fsps and Fspy, and that these tensions were more responsive to
changes in the wave height than to the wave period. This outcome aligns with the under-
standing that the wave height primarily affects the maximum force amplitude, whereas
the wave period plays a larger role in determining the force distribution. Consequently,
the increase in the wave height led to a noticeable rise in the maximum bridle line tension.
Furthermore, Figure 15a,c also demonstrate that in the presence of the monopile, Fsp;
and Fspy exceeded Fspz and Fspy across Cases 1-5. This was precisely the opposite of
the situation without the monopile. The difference between Fsp1—Fspy, and Fgpz—Fsps can
be attributed to the distinct positions of the connecting lines within the raft system. The
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monopile altered the surrounding wave field, particularly the upstream region of the raft

facilities, which intensified the hydrodynamic loads on the upstream bridle lines closest

to it. Miles et al. (2017) found that oscillatory velocities decreased immediately behind

the pile but recovered and even exceeded the background levels rapidly within a distance
of approximately 1.65 to 3.5 times the pile diameter [46]. Consequently, the first raft in
the wave propagation direction (located 3.15 m from the monopile center, i.e., beyond

3.5 times the diameter of the pile) experienced greater wave forces than in the no-monopile

scenario while consuming more wave energy, and thus, exposing subsequent rafts to

lower significant wave heights (Hs). This phenomenon underlay the marked differences in

Fsp1—Fspp and Fgps—Fsps between the monopile and no-monopile configurations. In the

future, further research is required to investigate the effects of the geometric parameters of

the monopile, wave characteristics, and other factors on the hydrodynamic performance.

This will facilitate a more comprehensive understanding and enable improved prediction

of the hydrodynamic responses of raft aquaculture facilities in offshore wind farms.
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Figure 14. The maximum tensions of the bridle line Fsp1—Fsp4 for different wave periods and wave

heights in the presence and absence of a monopile: (a) the maximum tension of bridle line 1; (b) the

maximum tension of bridle line 2; (c) the maximum tension of bridle line 3; (d) the maximum tension
of bridle line 4.

Figure 15 also shows the mooring and bridle line tensions for a single-row PRAF under

different wave conditions with and without the monopile. The tensions Fsp1—Fsps4 remained

lower than Fsn or Fsp, and the mooring line tensions rose more sharply than the bridle line

tensions as the wave period decreased or the wave height increased. These observations
differed from the findings of Martinelli et al. (2008) on the floating breakwaters [47].
This was because in this study, both the mooring line and bridle line were in a slack

state initially, and the mooring line was exposed to the incident wave earlier. Their peak

values did not coincide due to phase differences between the rafts. In contrast to the

mooring lines, which largely responded to the incident wave, the bridle line tensions

arose from interactions between the adjacent rafts. Fgpj—Fspy and Fspz—Fsps measured
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(a)

the connecting forces between pairs of rafts, where each raft experienced distinct motion
states. Furthermore, the wave energy was dissipated through impacts and reflections on
the mussel ropes and pontoons, which led to varying hydrodynamic loads on each raft.
According to Liao et al. (2017), combined raft structures under regular wave conditions
can substantially reduce mooring forces, suggesting that combined raft structures may
outperform single raft structures in terms of wave-induced loads if the ropes of the system
are strong enough [48].
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Figure 15. Comparison of the mooring line tensions and bridle line tensions for the single-row PRAF
under different wave conditions with and without the monopile: (a) without monopile, H = 0.1125 m;
(b) without monopile, T = 1.237 s; (c) with monopile, H = 0.1125 m; (d) with monopile, T = 1.237 s.

4.2.2. The Maximum Bridle Line Tensions of the Three-Row PRAFs Under
Wave Conditions

Figure 16 shows the effects of different wave periods and wave heights on the bridle
line tensions Frpi—Frps, including the outer structure and inner structure of the three-
row PRAFs. Frpi—Frps tended to increase with increasing wave steepness. As the wave
steepness approached 0.08, Frp1—Frps had maximum values of 31.79 kN, 23.30 kN, 21.47 kN,
and 18.95 kN, respectively. Figure 16a,b indicate that Frp; and Frp, of the outer structure
were slightly higher than those of the inner structure with rising wave steepness. The
sensitivities of Frpy; and Frpy to the wave height and wave period were not obvious.
Figure 16c¢,d indicate that Frpsz and Frpy of the outer structure were notably greater than
Frps and Frp4 of the inner structure with increasing wave steepness, and the sensitivities
of Frp3—Frpa to changes in the wave height were stronger than in the wave period.
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Figure 16. The maximum tensions of the bridle line Frp1—Frp4 for different wave periods and wave
heights: (a) the maximum tension of bridle line 1; (b) the maximum tension of bridle line 2; (c) the
maximum tension of bridle line 3; (d) the maximum tension of bridle line 4.

In the three-row PRAFs, significant interactions between the structures were observed.
The bridle line tension results suggest that the inner structure exhibited greater stability
under varying wave conditions. This can likely be attributed to the redistribution of the
wave field after the waves encountered the raft system. In the three-row configuration,
the outer structures diffracted the incoming waves around both sides, which caused
these wave components to converge upon the inner structure. Because the converging
waves often arrived with varying phases, partial destructive interference occurred, which
effectively reduced the local wave energy around the inner structure and led to lower
hydrodynamic loads, especially under stronger wave conditions (e.g., high wave height or
greater wave steepness). These findings highlight the importance of wave interference and
energy reduction for multi-row configurations, which inspires the spatial deployment of
offshore aquaculture.

Figure 17 compares the mooring line tensions (Frp, Fry) and bridle line tensions
(Frg1—Frpy) for the three-row PRAFs under different wave conditions. Overall, these
tensions (Frp;—Frps) tended to remain lower than the upstream mooring line tensions
Fro or Fr;. However, under more energetic wave conditions (e.g., larger wave heights or
steeper waves), especially at shorter wave periods, the tensions in Frp; and Frpy became
significantly higher than Frp3 and Frps. This phenomenon indicates that shorter-period,
high-steepness waves imparted greater localized loads on the forward bridle lines than on
those positioned further inward.
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Figure 17. Comparison of the mooring line tensions and bridle line tensions for the three-row PRAFs
under different wave conditions: (a) outer structure, H = 0.1125 m; (b) outer structure, T = 1.237 s;
(c) inner structure, H = 0.1125 m; (d) inner structure, T = 1.237 s.

The primary reason for the observed tension difference was the attenuation and the
redistribution of wave energy caused by the multi-row configuration. In the single-row
configuration, the rear rafts were directly exposed to waves that had undergone minimal
dissipation, which led to cumulative wave impacts on the trailing rafts. By contrast, in the
three-row configuration, the upstream raft directly encountered the undisturbed incident
waves and experienced higher hydrodynamic loads on the front bridle lines. Acting much
like a small breakwater, these upstream rafts dissipated a portion of the wave energy
through diffraction, viscous effects, and local turbulence, and thus, reduced the wave forces
transmitted to the subsequent rafts.

Furthermore, the constructive and destructive interference patterns that arose from
the wave diffraction at the edges of the upstream rafts redistributed the hydrodynamic
loads between the inner and rear rows. In particular, the destructive interference could
diminish the wave amplitudes in the lee of the front row, which lowered the bridle line
tensions downstream. Additionally, the shadowing effect of the front-row rafts provided
further protection for the interior and rear rows from the full incident wave energy.

In summary, the difference in tension distribution between the single- and three-row
raft systems can be attributed to the combined mechanisms of the wave energy dissipation,
interference, and shadowing effects. As illustrated in Figure 13, the three-row configuration
effectively decreased the wave forces on the downstream rafts, which resulted in lower
overall mooring line tensions. In contrast, a single-row arrangement exposed the raft
directly to the undistributed wave field, which led to higher cumulative forces on its
mooring line.
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Figure 18 shows the comparison of the bridle line tensions of the single-row PRAF
(Fsp1 and Fsp3) and those of the three-row raft facilities (Frg; and Frps). The results
indicate that the three-row configuration generally reduced the bridle line tensions com-
pared with the single-row configuration, except under the condition of T = 1.0 s and
H =0.1125 m, where Frpj exceeded Fspy. As shown in Figure 17a, Frp1 under this specific
condition appeared to be an abnormal value. One possible explanation was that certain
components of the three-row PRAFs may have a natural vibration period similar to the
incident wave period (T = 1.0 s), which led to localized resonance and generating the
higher-than-expected bridle line tensions. This phenomenon suggests that resonance ef-
fects in a multi-row configuration can significantly impact structure loads under specific
wave conditions. Martinelli et al. (2008) also observed that under perpendicular wave
conditions, mooring and intermodal connector forces can vary significantly with increasing
layout complexity [47]. Therefore, the findings highlight the importance of optimizing the
spatial layout of aquaculture facilities to enhance their hydrodynamic performance and
reduce structural loads, particularly in multi-row configurations.
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Figure 18. Comparison of the bridle line tensions for the single-row and three-row PRAFs under
different wave conditions: (a) H = 0.1125m; (b) T = 1.237 s.

4.3. The Impact of the Monopile Foundation on the Wave Propagation

In this section, we examined how the presence of the wind turbine monopile foun-
dation influenced the wave propagation and, consequently, the mooring line tensions of
the raft aquaculture system. Detailed validation of the numerical flume model against
the experiment by Mo et al. [49] is provided in Appendix A, which confirmed that our
simulation setup reliably captured key wave-structure interactions.

The numerical results are shown in Table 3. The transmission coefficient (K; = H;/ H;)
is an important coefficient used to reflect the wave attenuation performance of the monopile.
In Cases 1-5, K; decreased with the increase in D/L and K; was greater than 0.799. When
D/L > 0.2, the diffraction effects of waves start to become significant [50]. In the design
of a breakwater, D/L > 0.25 is considered as a reference to be able to effectively resist
waves [44]. This rule coincides with our results. The presence of the monopile helped
to reduce the wave height in the transmitted region. This study concentrates on the K;.
As shown in Figure 19, it can be seen that K; increased with increasing wave period and
decreased with increasing wave height.
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Table 3. Numerical simulation results of H; and H;.

Case H; (m) H; (m) D/L K; K,
1 0.1313 0.1049 0.404 0.799 0.201
2 0.1161 0.955 0.335 0.823 0.177
3 0.1086 0.953 0.283 0.878 0.122
4 0.1073 0.1012 0.243 0.943 0.057
5 0.1097 0.104 0.212 0.948 0.052
6 0.59 0.532 0.267 0.902 0.098
7 0.987 0.882 0.267 0.894 0.106
8 0.1189 0.1053 0.267 0.886 0.114
9 0.1518 0.1331 0.267 0.877 0.123
10 0.1781 0.1543 0.267 0.866 0.134
1 . . H= 0.1'125 m . . 091 T= 1:237 £ i
@ (b)
095} & n 0.9 a
09} 0.89 i
> n X =
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Figure 19. K; of the monopile under different wave conditions: (a) K; varied with the wave period
increasing from 1.0 s to 1.4 s (H = 0.1125 m); (b) K; varied with the wave height increasing from

0.063 m to 0.188 m (T = 1.237 s).

Figure 20 shows the relationship between the reduction in the mooring line tension
AF (AF = Fsn — Fsp) and the attenuation coefficient K, (K, = 1 — K;). For Cases 1-5,
when K,; < 0.07 (D/L < 0.25), AF could not be used as a reference for the change in the
mooring line tension because the monopile was not a means of wave attenuation in this
condition. AF increased initially from 0.12 to 0.18 of K, and decreased from 0.18 to 0.2
of K,. For Cases 6-10, AF increased initially from 0.1 to 0.11 of K,; and decreased from
0.11 to 0.13 of K,;. Consequently, the response of AF to K, was more sensitive to the wave
height compared with the wave period, which suggests that when the wave period was
constant, the wave height condition was more restrictive to maintain a high AF. As shown
in Figure 20, when K, ranged from 0.11 to 0.20, the monopile could effectively reduce the

mooring line tension of the PRAF.
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Figure 20. The relationship between AF and K.
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Therefore, the numerical results corroborate the experimental finding that the mooring
line tensions were reduced in the presence of the wind turbine monopile. For instance,
under moderate wave steepness (H/L = 0.03), we observed an up to 40-50% tension
reduction on the mooring lines behind the monopile compared with no monopile. This
reduction can be explained by Figure 21: (i) wave diffraction around the monopile edges,
where we can see a downstream “shadow zone” with lower wave amplitude, and (ii) partial
reflection and turbulence-induced dissipation near the monopile surface, where high waves
were formed in front of the monopile due to the superposition of reflected and incident
waves. As the wave steepness increased, the local flow separation and vortex shedding
enhanced these dissipation effects, which further decreased the transmitted wave energy.
This wave energy reduction was particularly beneficial for the multi-row raft arrangements.
The rafts located behind the monopile were subjected to smaller wave heights, which
experienced reduced hydrodynamic loading and lower peak tensions in the mooring
system. Combined with the physical experiments on the single-row and three-row raft
systems, the numerical analysis confirmed that strategically placing a monopile upstream
could serve as a mini-breakwater, which shielded the aquaculture rafts from fully developed
waves. As the wave energy was partially blocked or scattered, the inner and rear rows
experienced reduced the hydrodynamic loads and consequently lowered the mooring
line tensions. Thus, if multiple rows of PRAFs are placed behind a monopile, the wave
field will first undergo diffraction at the pile, then interact with the leading PRAF row,
further attenuating the wave energy for the subsequent rows. The second or third rafts will
experience a significantly reduced disturbance, lowering both the motion amplitude of the
rafts and the peak loads on the mooring line. These mechanisms are crucial for optimizing
large-scale aquaculture system configurations in wind farm areas, contributing to both the
economic efficiency and structural safety considerations.

Figure 21. Distribution of the ratio of the measured wave height H’ to the incident wave height H
around the monopile: (a) when T =1.4 s and H = 0.1125 m; (b) when T = 1.237 s and H = 0.188 m.

4.4. The Impact of the PRAF on the Wave Force Acting on the Monopile Foundation and the
Surrounding Wave Field

In actual offshore wind farms, a monopile is subjected to multiple simultaneous loads,
including those from wind, waves, and currents. However, this study specifically focused
on the interaction between the monopile and the PRAF within the integrated structure.
When the monopile foundation was used as the anchorage point for the PRAF, the influence
of the PRAF on the monopile force was mainly reflected in two aspects: one was the
mooring line tension, as the PRAF exerted a direct tension on the monopile foundation,
and the magnitude of this part of the force had already been measured by the model flume
test; the second was the additional hydrodynamic loading on the monopile foundation
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from reflected waves generated by the PRAF. To study the mechanism underlying these
interactions, we conducted a comparative analysis of the forces that acted on the monopile
foundation in two scenarios: “with PRAF” and “without PRAF”. This approach enabled
us to quantify the extent to which the PRAF influenced the wave loads on the monopile
foundation. Through this comparative study, we aimed to provide a comprehensive
assessment of the additional effects associated with the deployment of the PRAF around
the monopile foundation.

As shown in Table 4, the deployment of the single-row PRAF behind the monopile
foundation resulted in a reduction in the wave forces that acted on the monopile. Specif-
ically, the forces decreased by 8.75%, 1.59%, and 1.35% for the incident wave period of
1.237 s and wave heights of 0.063 m, 0.125 m, and 0.188 m, respectively. However, when
the three-row PRAFs were deployed, an increase in the wave forces on the monopile foun-
dation was observed, with increases of 3.77%, 1.00%, and 2.46% corresponding to the same
wave conditions. These findings indicate that the influence of the PRAF on the wave force
experienced by the monopile foundation was relatively minimal.

Table 4. Effects of single-row and three-row PRAFs on monopile forces and nearby wave heights.

Layout Case Hpy (m) Hp; (m) Hp; (m) Fp (N)
T=1237s, H=0.063m 0.098 0.059 0.054 65.57

Monopile foundation T=1237s,H=0.125m 0.209 0.121 0.111 117.14
T=1237s,H=0.188m 0.320 0.197 0.160 183.06

Mononile foundation + T=1237s, H=0.063m 0.095 0.065 0.057 59.83
smple_row PRAF T=1237s,H=0.125m 0.189 0.134 0.101 115.28

& T=1237s,H=0.188m 0.295 0.204 0.168 180.59
Mononile foundat T =1.237s, H=0.063 m 0.100 0.064 0.057 68.14
Or}‘lopl € toun Z“"n + T=1237s,H=0.125m 0.201 0.132 0.109 118.32
three-row PRAFs T=1237s H=0.188m 0.292 0211 0.176 187.68

Figure 22 shows the effects of the monopile foundation and single-row PRAF on the
wave dynamics. As the waves propagated, there were obvious diffraction and reflection
phenomena that occurred around the monopile foundation and the PRAF, which resulted
in corresponding changes in the distribution of wave heights in both the upwind and
downwind areas that surrounded these structures. It can be observed that the wave height
behind the monopile foundation was weakened, which formed a localized wave shadow
area, which showed a typical diffraction phenomenon. The PRAF that was positioned
downstream of the monopile foundation exhibited a significant distortion in the wave
color bands in its vicinity. This indicates that the reflected waves from the PRAF were
superimposed with the waves diffracted by the monopile foundation, which led to a wave
interference phenomenon. Additionally, as the wave height increased, the expansion of
the wave color band areas that surrounded both the monopile foundation and the PRAF
became increasingly pronounced, which signified an enhancement in the disturbance
intensity of the wave field caused by these structures. As presented in Table 4, the wave
height Hp; in front of the pile was significantly larger than the incident wave height, and
the wave run-up increased as the incident wave height rose. Due to wave diffraction,
the wave height Hp, along the side of the monopile experienced only slight variations,
whereas the wave height Hps behind the pile decreased. These numerical results support
the observations made in Figure 21. When comparing the scenario in which only the
monopile was present to the case that included the PRAF, it is evident that the presence of
the PRAF slightly reduced Hp; while it increased both Hp, and Hps. And the PRAF further
changed the wave propagation characteristics behind the pile, which made the distribution
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of the wave field around the pile more complicated. Therefore, the PRAF had a certain
weakening or redistribution effect on the local wave field, although this effect caused only

Position[Z] (m)
<-0.0286 0.00119 >0.031

Position[Z] (m)
<-0.0544 0.00555 > 0.0655

Position[Z] (m)
<-0.0773 0.0126 >0.103

a slight change in the wave height.

Figure 22. The wave fields around the monopile foundation and single-row PRAF: (a) T = 1.237 s,
H=0.063m;(b) T=1.237s,H=0125m; (c) T = 1.237 s, H = 0.188 m.

Figure 23 illustrates the impacts of the monopile foundation and the three-row pontoon
raft aquaculture facilities (PRAFs) on the wave dynamics. The variations in wave heights
depicted in this figure reveal that both the monopile foundation and the three-row PRAFs
created distinct sheltered areas within the overall wave field. Compared with the single-row
PRATF, the three-row configuration exhibited more pronounced reflection and diffraction
phenomena, which affected a larger area of the wave field. Notably, the wave heights in
the regions between the rafts showed a regular ripple-like distribution. As the wave height
increased, the fluid—structure coupling effects became more pronounced, which led to an
increase in local wave heights due to enhanced reflection and diffraction. However, the
presence of the three-row PRAFs exerted only a minimal effect on the wave heights around
the monopile foundation itself.
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Figure 23. The wave fields around the monopile foundation and three-row PRAFs: (a) T =1.237 s,
H=0.063m;(b) T=1237s,H=0125m; (c) T = 1.237 s, H = 0.188 m.
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5. Conclusions

In this study, we investigated the hydrodynamic performance of a PRAF placed
around a wind farm monopile under different wave conditions. Our experimental and
numerical analyses focused on the mooring line and bridle line tensions, with an additional
emphasis on how wave height attenuation impacts these forces. The results yield several
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key insights that have broader significance for designing and deploying integrated offshore
wind-aquaculture systems:

(1) Influence of wave parameters

The mooring line and bridle line tension of the PRAF consistently decreased with
the increasing wave period and increased with increasing wave height. This finding
underscores the critical role of wave steepness (H/L) in determining the magnitude of the
hydrodynamic forces. By highlighting specific wave conditions, particularly within the
range of 0.02 to 0.09 of H/L, this study helps designers anticipate and manage peak loads
more effectively.

(2) Effects of the wind farm monopile

Both the experimental and computational results demonstrate a significant sheltering
effect behind the monopile. Part of the incoming wave energy was reflected or dissipated
at the front side of the monopile, which decreased the wave energy available in the down-
stream region. The presence of a wind monopile significantly impacted both the mooring
line tension and the bridle line tension for the PRAF. The mooring line tension was reduced,
and the reduction ratio decreased when the wave steepness increased, where it ranged from
16% to 66%. Furthermore, there was an increase in the bridle line tension on the upstream
component, with a decrease in the bridle line tension on the downstream component.

(3) Significance for multi-row PRAF configurations

The results from the single-row and multi-row PRAF arrangements highlight a clear
attenuation effect and a more even distribution of hydrodynamic loading in multi-row
configurations. This is particularly relevant for large-scale offshore aquaculture operations,
where a multi-row layout can enhance the resilience to extreme waves and reduce the peak
stresses on individual lines to improve both the safety and long-term durability. Thus, in
the future, we have an opportunity to achieve robust structural performance by optimizing
the raft layouts, a crucial step for large-scale applications in offshore wind farms.

(4) Wave height loss of waves passing around the monopile

Wave height attenuation occurred as the waves propagated around the monopile,
where the wave height loss (K,) ranged from 5% to 20%. It was observed that the monopile’s
influence on the wave height diminishes with an increasing wave period. Additionally, a
greater wave height corresponded to an increased K,. When K, ranged from 0.11 to 0.20,
the presence of the monopile could effectively reduce the mooring line tension of the PRAF.
Meanwhile, our results show that using the monopile itself as a mooring point may induce
a high-level mooring load, potentially affecting the monopile’s stability and safety. We
therefore advise caution and do not recommend directly attaching the PRAF mooring lines
to the monopile in practical applications.

(5) Influence of the PRAF on the force on the monopile foundation

The numerical simulation results show that a single-row PRAF deployed behind
the monopile could reduce the wave forces on the foundation by up to 8.75% for certain
conditions, while the three-row PRAF setups produced minor increases in forces (up to
4%). Overall, the impact on the monopile wave forces remained minimal, indicating the
viability of rationally deploying PRAFs in offshore wind farms.

In conclusion, these research findings provide valuable insights into the co-location of
offshore wind and aquaculture systems. By placing PRAFs near a wind monopile, existing
infrastructure can be effectively utilized, thus conserving marine space and mitigating
hydrodynamic loads. Nevertheless, due to the inherent complexity of marine environ-
ments, this study primarily examined wave-induced responses. A more comprehensive
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investigation of wind, combined wave-current, and combined wind-wave effects remains
an important avenue for future work. Moreover, the geometric dimensions of the monopile
and the configuration of aquaculture facilities have a significant influence on the force
distribution and motion behavior. Consequently, subsequent investigations should extend
to multiple environmental loading scenarios and conduct deeper analyses of monopile
geometry and aquaculture layout. From a modeling perspective, developing refined hydro-
dynamic and structural coupling models for PRAFs in offshore wind farms will optimize
the facility design under a wider range of sea states, ensuring both structural stability
and operational efficiency. Advancing these research directions will further support the
sustainable development of offshore wind—-aquaculture integration.
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Abbreviation
Nomenclature
Abbreviation  Definition
PRAF Pontoon raft aquaculture facility PV Polyvinyl Chloride
CFD Computational fluid dynamics WG Wave gauge

Flume tank tests

T Wave period, s D Monopile diameter, m
H Wave height, m H; Significant wave height, m
L Wave length, m

Wave loads on single-row PRAF

Maximum bridle line tension for the position 1 in a

F Tension, kN Fsp1 single-row PRAF, kN
AF The reduction in tension, kN Fpo Maximum bridle line tension for the position 2 in a
(AF = Fsny — Fsp) single-row PRAF, kN
F Maximum mooring line tension without a F Maximum bridle line tension for the position 3 in a
SN monopile, kKN SB3 single-row PRAF, kN
F Maximum mooring line tension with a F Maximum bridle line tension for the position 4 in a
sP monopile, kN SB4 single-row PRAF, kN
Wave loads on multi-row PRAFs
E Maximum mooring line tension for the outer E Maximum bridle line tension for the position 2 in
To raft facility in three-row PRAFs, kN B2 three-row PRAFs, kN
Fur Maximum mooring line tension for the inner Frps Maximum bridle line tension for the position 3 in
raft facility in three-row PRAFs, kN three-row PRAF, kN
Frpy Maximum bridle line tension for the position 1 Frp Maximum bridle line tension for the position 4 in

in three-row PRAF, kN
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Wave attenuation
H; The incident wave height, m K: Transmission coefficient (K; = H;/Hj)
H; The transmitted wave height, m K, Attenuation coefficient (K; =1 — K})

Appendix A. Validation of the Numerical Flume Model
Appendix A.1. Experimental Setup

To verify the accuracy of the numerical flume model with a wind monopile foundation,
we compared the numerical results with the experimental data reported by Mo et al. [49]
due to the lack of corresponding experimental data for direct validation. The experimental
flume used in Mo’s study had a length of 60 m, a width of 5 m, and a depth of 7 m. A
steel circular cylinder with a diameter of 0.7 m was placed in the flume to simulate the
monopile structure. The experimental conditions selected for the comparison were a depth
h = 4.76 m, a wave period T = 4.0 s, and a wave height H = 1.2 m. These conditions were
applied to the numerical model to ensure a consistent basis for comparison.

Appendix A.2. Numerical Model Setup

As shown in Figure Al, the numerical flume model was configured to replicate
the experimental setup as described in Mo et al. [49]. The model included the same
geometric parameters for the flume and monopile structure. The boundary conditions
were set to replicate the experimental wave conditions, and the same wave generation and
absorption techniques were applied. The numerical simulation was conducted using a
fully coupled wave-structure interaction approach, with the governing equations solved
using the Reynolds-averaged Navier-Stokes (RANS) method and the SST k-w turbulence
model. Mesh refinement was applied near the monopile to improve the accuracy of the
wave elevation results.

Wave O wei4

QO W62

WGy 1 WG 3

Figure A1. Schematic diagram of four wave-gauge locations around a cylinder in the experiment by
Mo et al. (2007) [49].

Appendix A.3. Validation Results

The comparison between the numerical simulation results and the experimental data
is presented in Figure A2. The results indicate that the error ranges of the simulation wave
heights for WG1 to WG4 were 3.66%, 5.44%, 6.72%, and 8.93%, respectively. The numerical
model accurately captured the key hydrodynamic features observed in the experimental
study. The wave trough elevations predicted by the numerical model aligned closely
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with those recorded in the experimental results, indicating that the model successfully
reproduced the wave profile around the monopile structure. The successful validation
against experimental data from Mo et al. [49] demonstrates that the numerical flume model
is applicable for further simulations involving wind farm monopile foundation. The results
provide confidence in the accuracy of the numerical predictions presented in the main text.
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Figure A2. Comparison of numerical results with experimental results by Mo et al. (2007) [49].

Appendix B. The Mesh Sensitivity Analysis
Appendix B.1. Test Setup

A grid sensitivity analysis of the numerical flume was carried out by varying the grid
parameters and time step at the encryption of the free surface to determine the optimal grid
settings. Case 10 (H = 0.1781 m) was chosen as the incident wave parameter for the grid
sensitivity analysis test, and the ratio of the actual wave height (H’) to the theoretical wave
height (H) was used as a measure of the grid sensitivity in the test. The grid parameters
used for the sensitivity analysis are shown in Table A1, with the number of grids in each
wave height range (H/Az) versus the number of grids in each wavelength range (L/Ax)
and time step as the variables, where Az denotes the minimum grid size in the vertical
direction and Ax denotes the minimum grid size in the horizontal direction.

Table A1. The grid parameters used for the sensitivity analysis.

Mesh H/Az L/Ax Time Step (s)
1 6
2 12
100 0.002
3 24
4 36

252



J. Mar. Sci. Eng. 2025, 13, 809

Table A1. Cont.

Mesh H/Az L/Ax Time Step (s)
5 60
6 80
24 0.002
7 100
8 120
9 0.001
10 0.002
24 100
11 0.004
12 0.008

Appendix B.2. Test Results

The analysis results are shown in Figures A3 and A4. It can be seen that with the
increase in H/ Az, the numerical wave height became closer to the theoretical wave height.
When H/Az > 24, the numerical wave height became stable. Similarly, L/Ax and the time
step reached stability when reaching 100 and 0.002 s, respectively. Therefore, H/Az = 24
and L/Ax = 100 were chosen as the mesh parameters, along with the time step of 0.002 s
for subsequent calculations. As shown in Figure A4, compared with the theoretical values,
the wave elevation of the numerical simulation was less than 1.1%. The chosen numerical
model, mesh size, and time step were very accurate. Therefore, the numerical model could
be used to simulate the wave elevation around the monopile.
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Figure A3. Mesh sensitivity analysis test: mesh number per wavelength L/Ax, mesh number per
wave height H/Az, and time step.
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Figure A4. Comparison of the wave elevation obtained by the numerical simulation with the
theoretical values.
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