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Article
Numerical Simulation Analysis of Twin-PBL Rubber-Ring
Shear Connector

Jun Wei 1, Peiwen Chen %* and Qiaowen Hu !
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gqiaowenhu@zjvtit.edu.cn (Q.H.)
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Abstract: In recent years, a growing number of studies have focused on improving shear
distribution and mitigating stress concentration in PBL shear connectors through the
incorporation of composite materials. However, research on Twin-PBL shear connectors
remains limited. Therefore, this study employed the finite element method to develop 23
finite element models to evaluate the shear performance of the Twin-PBL rubber-ring shear
connector. The results indicate that the Twin-PBL rubber-ring shear connector with a 4 mm
thick rubber ring exhibits a 7.5% decrease in shear force and a 71.1% reduction in shear
stiffness compared to the conventional Twin-PBL shear connector. Furthermore, parametric
analysis reveals that increasing the thickness of the rubber ring reduces both shear capacity
and shear stiffness, while higher concrete strength, greater perforated rebar strength, and
larger perforated rebar diameter enhance both shear capacity and stiffness. In contrast, the
strength of the perfobond steel plate has minimal influence. Based on these findings, a
predictive formula is proposed to estimate the shear capacity of the Twin-PBL rubber-ring
shear connector.

Keywords: composite structure; shear resistance; shear behavior; PBL shear connector;
rubber ring; finite element analysis; parametric study

1. Introduction

Recent engineering practices have shown that composite material structures, owing
to their excellent mechanical properties, ease of construction, and significant economic
advantages, are widely applied in the fields of large-scale building structures and bridge
engineering [1-3]. As a critical load-bearing component in composite material structural
systems, the performance of shear connectors directly affects the overall load-bearing
capacity of the structure. PBL shear connectors, derived from perfobond steel plates, have
increasingly become vital load-transmitting elements in steel-concrete composite structures
due to their outstanding shear capacity, reliable fatigue performance, and superior ductility
characteristics. Especially in the domain of large-span bridge engineering, with the growing
adoption of new structural types such as steel-concrete composite beams and hybrid cable-
stayed bridges, the optimization of the mechanical performance and durability design of
shear connectors has become a key technological challenge that affects both the safety and
economic efficiency of the structure [4,5].

Convenience during construction, great fatigue resistance, and enhanced structural
rigidity are three major advantages of traditional PBL shear connectors, which utilize a
perfobond steel plate configuration to provide the shear resistance mechanism of concrete

Buildings 2025, 15, 3567 https://doi.org/10.3390/buildings15193567
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shear dowel [6,7]. With the progressive development of modern bridge engineering tech-
nologies, the application scope of this connector system in composite bridges has expanded
from conventional beam connectors to more complex load-bearing scenarios, such as hybrid
structural joints and temporary anchoring systems in cantilever construction. However,
engineering practices indicate that multi-row and multi-column arrangements of shear
connectors can lead to significant shear stress concentration at the steel-concrete interface,
resulting in interface damage accumulation that may compromise the structural durability
and fatigue life [8-11]. To address this critical issue, recent research has focused on opti-
mizing and innovating the load transfer mechanism of connectors. The latest experimental
studies indicate that the incorporation of new structural solutions, such as foam-filled T-
section structures and rubber vibration-damping sleeve composite studs, can significantly
improve the uniformity of shear transfer in composite sections. Among these innovations,
the rubber sleeve and PBL composite connector, through the stress buffering effect of elastic
materials, has been proven to exhibit superior stress redistribution capabilities under cyclic
loading [12-15]. The application of Al predictive technologies in the advanced modeling
of structural connectors can provide novel insights for enhancing structural safety and
predictive accuracy [16]. These technological advancements provide new solutions for
enhancing the overall performance and service life of composite structures.

Research on PBL shear connectors has primarily focused on experimental investi-
gations and finite element analysis (FEA) techniques [17-20]. Liu et al. [14,21] proposed
the incorporation of rubber rings to alleviate the stress concentration issues in PBL shear
connectors and validated their effectiveness in improving the initial stiffness and ductility
of the connectors through push-out tests and finite element simulations. The finite element
method has been demonstrated as an effective tool for simulating the entire testing process,
significantly reducing the associated testing costs [14,16-18].

Although finite element analysis of single PBL rubber-ring shear connectors has
been conducted in existing studies (such as Liu et al. [14,21]), the research on the refined
finite element model of Twin-PBL rubber-ring shear connectors is still blank. This study
established for the first time a three-dimensional finite element model of Twin-PBL rubber-
ring connectors considering the superelasticity of rubber, the damage plasticity of concrete,
and the complex interaction between reinforcing bars and concrete, systematically revealing
its shear force transfer mechanism and failure mode under this more complex configuration
(as shown in Figure 1).

Concrete bridge deck

Rubber rings

Steel beam

Perforated rebar

Figure 1. Twin-PBL rubber-ring shear connector.

This study established a total of 23 finite element models using solid finite element
analysis to systematically investigate the mechanical behavior of Twin-PBL rubber-ring
shear connectors. These models encompass a range of geometric dimensions and material
strengths to comprehensively evaluate the connector’s performance under various oper-
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ating conditions. Through comparative analysis, the significant influences of parameters
such as rubber ring thickness, perforated rebar diameter, and material strength on the shear
performance of the connector are revealed, providing essential theoretical foundations for
optimized design. The objective is to deepen the understanding of their shear performance
and to evaluate the effects of the rubber ring and other design parameters on the overall
shear resistance of the connector.

By comparing with the most representative previous works, the innovations and con-
tributions of this study are mainly reflected in the following three aspects. Firstly, this study
systematically investigates the role of rubber rings under the double PBL configuration for
the first time, which better aligns with the actual stress conditions of multi-row connectors
in engineering. Secondly, the model can more accurately reflect the real mechanical be-
havior of multi-component collaborative work, especially the interaction between double
concrete dowels and rubber rings. Thirdly, a more comprehensive understanding of the
influence laws of design parameters has been obtained, and on this basis, the first shear
capacity calculation formula specifically for Twin-PBL rubber ring connectors is proposed.

2. Design of Twin-PBL Rubber-Ring Shear Connector

Natural rubber was employed for the rubber rings, C60 concrete was applied for the
concrete slabs, Q345 steel was used for the H-beam and perfobond plates, and HRB400-
grade hot-rolled steel bars were selected for the rebars in the connectors. In particular, the
structural rebar was 16 mm in diameter, the rubber ring was 4 mm thick, and the perforated
rebar was 20 mm in diameter. To decrease the effect of end-bearing pressure from the
concrete, foam blocks were positioned at the leading edge of the perfobond plate in the
direction of its sliding. All dimensional parameters are illustrated in Figure 2.
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Figure 2. Specimen configuration of Twin-PBL rubber-ring shear connector/mm: (a) main view;
(b) side view; (c) top view; (d) rubber ring; (e) 3D illustration.
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3. Finite Element Analysis
3.1. Modeling Details and Element Selection

To thoroughly investigate the internal failure mechanism of Twin-PBL rubber-ring
shear connectors, ABAQUS/Explicit was employed for comprehensive modeling and
simulation analyses. Considering the biaxial symmetry of the model, a quarter model
of the push-out test was developed, including a single perfobond plate connector. The
detailed configuration of this model is illustrated in Figure 3. In the model, the total time
for the analysis step is set to 0.1 s, with no mass scaling applied, ensuring that the ratio of
kinetic energy to internal energy is less than 1%. Through this modeling and simulation
methodology, the understanding of the mechanical behavior and failure mechanisms of the
connector under loading conditions was significantly improved.

Concrete slab Reinforcing rebars (25mm)
d Loading point Steel beam (5mm) '
7

Perfobond

steel plate ‘
\

Perforated rebar (5Smm)

<

Surface 1

Surface 2 1 " Element type T3D2
Base Rlate — Element type C3D8R +
| 1 i Element type R3D4

— Steel beam

y
2
x RP (Fixed) Rubber ring (1mm)

Concrete slab (10mm) Base plate (20mm)

Figure 3. Finite element model.

In the finite element simulation of Twin-PBL rubber-ring shear connectors under pull-
out loading, a combination of solid, truss, and rigid element types was utilized for meshing.
Specifically, the concrete slab, perforated rebar, rubber ring, perfobond steel plate, and
steel beam were discretized using C3D8R solid elements, while the other reinforcements
were modeled using T3D2 truss elements. The base plate was defined as an R3D4 rigid
element. In order to optimize the use of computational resources, the global mesh was set
to a relatively coarse 10 mm, except for the concrete dowel, perforated rebar, perfobond
steel plate and rubber ring, which require finer meshing. However, for more complex
stress distribution regions, such as the concrete dowel, rubber ring, perfobond steel plate
and perforated rebar, a refined mesh was applied to ensure the accuracy of the simulation
results. This meshing strategy effectively balances computational efficiency with result
precision, providing a reliable foundation for subsequent analysis.

3.2. Boundary Conditions and Constraints

Symmetric constraints are applied in the x-direction on Surface 1 and in the z-direction
on Surface 2, as shown in Figure 3. Coupling constraints are implemented to link the
loading surface of the steel beam with the loading point. The perforated rebar is connected
to the concrete dowel using tie constraints, while surface-to-surface contact is defined
between the remaining components. The coefficient of friction between the concrete slab
and the base plate is assigned a value of 0.5 [6], while the friction coefficients for other
contact pairs are set to zero. The normal behavior of the contact surfaces is defined as “hard”
pressure-overclosure, indicating that the interface cannot be penetrated but may separate.
Displacement-controlled loading is applied in the simulation to improve convergence,
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Compressive stress g,/ MPa

enable precise control over the deformation process, simplify the application of complex
loading conditions, and facilitate the extraction of simulation results.

3.3. Material Modeling
3.3.1. Material Constitution of Concrete

Given that the primary failure modes of concrete observed in the experiments are
tensile cracking and crushing, and referring to relevant literature [19,22,23], the Concrete

Damaged Plasticity (CDP) model with the following calibrated parameters are adopted:
Dilation angle: 1 = 30°; Eccentricity: € = 0.1; Biaxial strength ratio: fyo/fc0 = 1.16; Stress ratio:

K =0.6667; Viscosity parameter: p = 0.0005. Where f,(/f.0 denotes the ratio of the initial
equibiaxial compressive yield stress to the initial uniaxial compressive yield stress. The
parameter K represents the ratio of the second stress invariant on the tensile meridian to
that on the compressive meridian. The dilation angle defines the volumetric expansion
characteristics of concrete during plastic deformation, namely the extent of volume change
in the material under shear loading. The eccentricity governs the hyperbolic shape of
the flow potential function, specifically delineating the deviation of the flow potential
asymptote relative to the hydrostatic pressure axis. The stress—strain relationship under
compressive loading and the stress-crack width relationship under tensile loading are
presented in Figure 4.

40 3.0
2.5
304 s
= 2.0
;\
20 ;:3 1.5 1
=
Z 1.0
104 -
0.5
0 T T T 1 0.0 T T T T T
0.000 0.001 0.002 0.003 0.004 0.00 0.05 0.10 0.15 0.20 0.25
Compressive strain & Crack Width w / mm

(a) (b)
Figure 4. Material Constitution of Concrete: (a) compressive; (b) tensile.

This study adopts the stress—strain relationship for uniaxial concrete compression
based on the nonlinear constitutive model proposed in CEB-FIP MC 2010 [24], due to the
complexity of the concrete constitutive behavior. As shown in Figure 4, the stress—strain
curve is divided into an ascending branch and a descending branch. The ascending branch
is defined using Equations (1)—(3), while the descending branch is assumed to be linear
and terminates when the stress reaches 0.85f . The ultimate strain ¢, corresponding to
0.85f is designated as 0.0033 [25], facilitating the calculation of the descending branch
by Equation (4).

(k=17 fu
7T T (k- 2)y M
E.e
k=S 2
2 )
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The tensile strength of concrete is determined based on its splitting tensile strength
obtained from material testing and Equation (5). Furthermore, considering the nonlinear
constitutive relationship delineated by CEB-FIP MC 1990 [26], the stress-crack width
relationship proposed by Hordijk et al. [27] is employed to characterize the post-cracking
tensile behavior of concrete. The tensile softening curve is computed utilizing Equation (6).

ft == 0-9fts (5)

Ot

3
w
— =1+ (61)
f t We
where w denotes the crack width; w. represents the crack width at zero tensile stress,
expressed as w. = 5.14Gg/f; (mm); G signifies the fracture energy necessary to generate a
unit area of stress-free crack surface, defined by Gr = 0.073fco'18 (N/mm); the constants ¢;
and c; are assigned values of 3 and 6.93, respectively.

exp(—c2$) - wﬂc(l—l—ci’)exp(—cz) (6)

[

3.3.2. Steel Material Constitutive Properties

The steel plates and reinforcement bars are represented using a three-segment ide-
alized elastoplastic hardening model with strain hardening behavior [14], as shown in
Figure 5. This model consists of three distinct stages that describe the mechanical behavior
of the steel components. Once the ultimate stress f,, and corresponding ultimate strain ¢,
are reached, ABAQUS automatically transitions to a horizontal branch in the stress—strain
curve. The ultimate strain ¢, is defined as 0.2.

Stress /MPa

| .
0 & &y =108, g,=02 g

Strain
Figure 5. Steel material constitutive property.

3.3.3. Rubber Material Constitutive Properties

To accurately characterize the rubber ring as an isotropic hyperelastic material, the
strain energy potential model from ABAQUS is employed. Given that the rubber ring is
mechanically constrained by the concrete slab and the perfobond steel plate, a simplified
polynomial form is selected for its constitutive description. The corresponding material
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parameters are obtained from the literature [14], including the coefficients C1g = 0.587 MPa,
Cyo = 0.0143 MPa, D; = 0.0866 MPa~!, and D, = 0.

4. Shear Mechanism Analysis

This study employed solid finite element modeling and analytical methods to establish
models of both the conventional Twin-PBL shear connector and the Twin-PBL rubber-
ring shear connector. When the rubber ring thickness in the Twin-PBL rubber-ring shear
connector is set to 4 mm, the load-slip curve shown in Figure 6 exhibits three distinct
stages. The first stage is characterized by a steep elastic response, followed by a nonlinear
plastic phase, and finally a quasi-linear phase, during which the slip increases significantly
while the load remains almost constant. Throughout the loading process, the shear stress is
gradually transferred from the perfobond steel plate to the rubber ring, concrete dowel,
and perforated rebar. As long as the concrete dowel remains intact, the curve remains
in the elastic phase. Once the concrete dowel begins to degrade and the primary load is
transferred to the perforated rebar, the curve transitions into the plastic phase. Finally,
when the concrete dowel is completely crushed and the majority of the load is carried by
the perforated rebar, the curve approaches a nearly linear trajectory.

500

400

o

ol

(=}
!

Load V'/ kN

[\

=

=]
1

No rubber ring
—=— With rubber ring

=
(=]
I

Slip s / mm
Figure 6. Load-slip curves.

The yield slip (Sy) is defined as the relative slip corresponding to the yield load (V),
while the shear stiffness (K;) is calculated as V,/Sy. As shown in Figure 6, the conventional
Twin-PBL shear connector exhibited a yield load (V) of 304.7 kN, an ultimate shear capacity
(V) of 399.1 kN, and a shear stiffness (K;) of 287.5 kN/mm. In contrast, the Twin-PBL
rubber-ring shear connector exhibited corresponding values of 266.9 kN, 369.1 kN, and
84.4 kN/mm. In comparison to the conventional Twin-PBL shear connector, the yield load
(Vy), ultimate shear capacity (V},), and shear stiffness (K;) of the Twin-PBL rubber-ring
shear connector decreased by 16.9%, 7.5%, and 70.6%, respectively. These results indicate
that the incorporation of the rubber ring significantly reduces the shear stiffness (K;), while
the reduction in ultimate shear capacity (V) is relatively minor. The primary reason for
this situation is that the rubber ring possesses relatively low stiffness and contributes little
to shear resistance, thereby reducing the overall stiffness of the connector. Additionally,
with the diameter of the steel plate openings held constant, the presence of the rubber
ring decreases the effective diameter of the concrete dowel, which in turn reduces its
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shear capacity. Furthermore, as rubber is an isotropic hyperelastic material with high
deformability, the addition of the rubber ring significantly increases the yield displacement
of the connector, thus improving its ductility.

5. Parametric Study

To thoroughly investigate the factors influencing the shear performance of Twin-PBL
rubber-ring shear connectors, a total of 23 finite element models were developed in this
study for systematic simulation and analysis. This study focused on five key parameters
which are considered to significantly affect the shear performance of the connectors. These
parameters include rubber ring thickness (t;), perforated rebar diameter (d,), concrete
strength (f.,), perforated rebar strength (f,,/), perfobond steel plate strength (fs). Through
the analysis of these parameter variations, a more comprehensive understanding of their
specific effects on the shear performance of the connectors can be obtained.

The specific results of the parametric analysis are summarized in Table 1, which
provides detailed information on the shear performance of the connectors under different
parameter combinations, including yield load, shear stiffness and other relevant indexes.

Table 1. Summary of parameter study results.

Model fr dr feu fry fsy ks Vy Vu
(mm) (mm) (mm) (mm) (mm) (kN/mm) (kN) (kN)
TR-2 2 20 60 400 345 125.2 274.1 384.8
TR-4 4 20 60 400 345 84.4 253.3 369.1
TR-6 6 20 60 400 345 60.1 222.7 352.7
TR-8 8 20 60 400 345 45.1 217.1 336.7
DR-14 4 14 60 400 345 77.3 224.1 281.4
DR-16 4 16 60 400 345 79.3 2259 317.2
DR-18 4 18 60 400 345 81.1 227.1 336.4
DR-20 4 20 60 400 345 84.4 253.3 369.1
DR-22 4 22 60 400 345 86.6 264.3 395.5
CU-40 4 20 40 400 345 75.8 197.2 277.8
CU-50 4 20 50 400 345 80.5 233.2 321.0
CU-60 4 20 60 400 345 84.4 253.3 369.1
CU-70 4 20 70 400 345 84.5 266.9 393.6
CU-80 4 20 80 400 345 89.5 273.3 437.1
RY-335 4 20 60 335 345 83.7 234.1 335.8
RY-400 4 20 60 400 345 84.4 253.3 369.1
RY-500 4 20 60 500 345 85.4 256.5 387.4
SY-235 4 20 60 400 235 83.0 224.1 325.6
SY-345 4 20 60 400 345 84.4 253.3 369.1
SY-390 4 20 60 400 390 84.3 257.5 363.7
SY-420 4 20 60 400 420 84.2 259.2 362.8
SY-460 4 20 60 400 460 83.9 269.4 372.2

5.1. Impact of Rubber Ring Thickness

The load-slip response and stress distribution characteristics of the Twin-PBL rubber-
ring shear connector with varying rubber ring thicknesses are shown in Figure 7. With a
fixed perfobond steel plate diameter, as the rubber ring thickness increases from 2 mm to
4 mm, 6 mm, and 8§ mm—corresponding to a reduction in concrete dowel thickness from
26 mm to 22 mm, 18 mm, and 14 mm, respectively—the yield load (V) decreases by 7.6%,
18.8%, and 20.8%, while the shear stiffness (K;) decreases by 32.6%, 52%, and 63.9%. These
results demonstrate a consistent decline in both V), and K with increasing rubber ring
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thickness. The reduction in ultimate shear capacity (V) by 4.1%, 8.4%, and 12.5% further
confirms that the thickening of the rubber ring diminishes shear capacity by reducing the
effective cross-sectional area of the concrete dowel.
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Figure 7. Impact of rubber ring thickness: (a) load-slip curves; (b) impact analysis; (c) stress in rubber
ring; (d) perforated rebar stress; (e) concrete tensile damage; (f) perfobond steel plate stress.

Notably, the stress distribution characteristics (Figure 7c—f) reveal that the stress
concentration in the rubber ring is alleviated as its thickness increases. Meanwhile, the
stress levels in the perforated rebar and perfobond steel plate do not change significantly,
and the tensile damage of the concrete slab is reduced. This phenomenon arises from
the fact that, with a constant perfobond steel plate diameter, the increase in rubber ring
thickness reduces the concrete dowel thickness and weakens the shear capacity. However,
through material stiffness reconstruction, the stress concentration at the interface between
the rubber ring and the perfobond steel plate is effectively dispersed, and the load transfer
path is optimized, thereby improving the stress state of the concrete slab.
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5.2. Impact of Perforated Rebar Diameter

Figure 8 presents the load—slip response and stress distribution characteristics of the
Twin-PBL rubber-ring shear connector with identical rubber ring thicknesses. Under a fixed
perfobond steel plate diameter, when the perforated rebar diameter increases from 14 mm to
16 mm, 18 mm, 20 mm, and 22 mm, the shear capacity (V) increases by 12.8%, 19.6%, 31.2%,
and 40.6%, respectively. The yield load (V) increases by 0.8%, 1.3%, 13.0%, and 17.9%,
while the shear stiffness (Ks) increases by 2.6%, 4.9%, 9.2%, and 12.0%, correspondingly.
These results indicate that an increase in the perforated rebar diameter leads to a consistent
upward trend in all three performance parameters, highlighting that the rebar diameter is
a key factor influencing the shear performance of the connector.
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Figure 8. Impact of reinforcement diameter: (a) load-slip curves; (b) impact analysis; (c) stress in
rubber ring; (d) perforated rebar stress; (e) concrete tensile damage; (f) perfobond steel plate stress.
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The stress distribution features (Figure 8c—f) indicate that the stress concentration in
the rubber ring intensifies as its diameter increases. Meanwhile, the stress levels in the
perforated rebar and perfobond steel plate remain relatively stable, while tensile damage
to the concrete slab increases. This phenomenon arises because, with a fixed hole diameter
in the perfobond steel plate, an increase in the perforated rebar diameter leads to a greater
volume of shear force transmitted through the rebar, thereby enhancing the shear capacity
of the connector. Keeping the steel plate opening diameter and rubber ring thickness
constant, an increase in the perforated rebar diameter enlarges the volume of the rebar
subjected to shear, thus increasing the shear force it endures. However, this also reduces
the shear deformation capacity of the perforated rebar, resulting in greater damage to the
concrete dowel. Conversely, such an increase reduces the thickness of the concrete dowel,
diminishing the volume subjected to shear and, consequently, decreasing the shear force
it bears. As shown in Figure 8a, the improvement in shear capacity due to the enhanced
performance of the perforated rebar significantly surpasses the reduction in shear capacity
caused by the weakened concrete dowel.

5.3. Impact of Concrete Strength

Figure 9 illustrates the load-slip curves and stress distribution characteristics of the
Twin-PBL rubber-ring shear connector under varying concrete strengths. With all other
model dimensions held constant, the compressive strength of the concrete slab increases
from 40 MPa to 50 MPa, 60 MPa, 70 MPa, and 80 MPa. Consequently, the yield load
(V) increases by 18.3%, 28.5%, 35.3%, and 38.6%, respectively. The shear stiffness (K;)
increases by 6.2%, 11.3%, 11.5%, and 18.1%, while the shear capacity (V) improves by
15.3%, 32.8%, 41.7%, and 57.3%. These findings demonstrate that increasing the con-
crete strength significantly enhances the shear performance of the Twin-PBL rubber-ring
shear connector.

It is noteworthy that the stress distribution characteristics (Figure 9c—f) reveal a signifi-
cant intensification of stress concentration within the rubber ring as the concrete strength
increases. Simultaneously, stress concentration in the perforated rebar and perfobond steel
plate also increases, while the tensile damage area in the concrete slab diminishes. The
increase in concrete strength enhances the shear bearing capacity of the concrete dowel,
enabling it to withstand greater loads before failure, thereby improving the overall shear
capacity of the connector. The increased strength of the concrete surrounding the per-
fobond steel plate allows the slab to endure larger stresses transmitted by the plate, hence
reducing its likelihood of failure. Moreover, the stress distribution in the perforated rebar
and perfobond steel plate exhibits a pronounced concentration effect. This phenomenon
can be attributed to the improved strength of the concrete dowel, which facilitates greater
load-sharing between the dowel and the perforated rebar at higher load levels and also
necessitates that the perfobond steel plate transfer greater shear forces.
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Figure 9. Impact of concrete strength: (a) load-slip curves; (b) impact analysis; (c) stress in rubber
ring; (d) perforated rebar stress; (e) concrete tensile damage; (f) perfobond steel plate stress.

5.4. Impact of Perforated Rebar Strength

Figure 10 shows the load-slip curves and stress distribution characteristics of the
Twin-PBL rubber-ring shear connector under varying strengths of perforated rebar. When
the strength of the perforated rebar increases from 335 MPa to 400 MPa and 500 MPa, the
yield load, shear stiffness, and shear capacity of the connector all improve, showing a
positive correlation with the rebar strength. Specifically, the yield load (V) increases by
8.2% and 9.6%, respectively. The shear stiffness (K;) increases by 0.8% and 2.0%, while the
shear capacity (V) increases by 9.9% and 15.37%. These results confirm that enhancing
the strength of the perforated rebar significantly improves the shear performance of the
Twin-PBL rubber-ring shear connector.

The stress distribution characteristics (Figure 10c—f) demonstrate that increasing the
strength of the perforated rebar intensifies stress concentration within the rubber ring.
At the same time, stress becomes increasingly localized in both the perforated rebar and
the perfobond steel plate, leading to an expansion of the tensile damage zone within the
concrete slab. This behavior arises because the enhanced strength of the perforated rebar
improves its load-bearing capacity while concurrently reducing its shear deformation
capability, thereby delaying structural failure to higher load levels. However, the reduced
shear deformation capacity causes the concrete dowel to fail at lower load thresholds, which
in turn increases the compressive stress exerted on the concrete slab by the perforated rebar,
resulting in significant tensile damage. As the load transfer through the perfobond steel
plate intensifies, stress concentration progressively develops.
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Figure 10. Impact of reinforcement strength: (a) load-slip curves; (b) impact analysis; (c) stress in
rubber ring; (d) perforated rebar stress; (e) concrete tensile damage; (f) perfobond steel plate stress.

5.5. Impact of Perfobond Steel Plate Strength

Figure 11 presents the load-slip curves and stress distribution characteristics of Twin-
PBL rubber-ring shear connectors with varying perfobond steel plate strengths. The yield
load (V) increases by 13.0%, 14.9%, 15.6%, and 20.2% for connectors incorporating per-
fobond steel plates with strengths of 345 MPa, 390 MPa, 420 MPa, and 460 MPa, respectively,
as the strength of the perfobond steel plate is varied while the dimensions of all model
components remain unchanged. The shear stiffness (K;) increases by 1.7%, 1.6%, 1.5%,
and 1.1%, while the shear capacity (V) increases by 13.36%, 11.7%, 11.4%, and 14.3%,
respectively. These findings suggest that the influence of perfobond steel plate strength

on the shear performance of the Twin-PBL rubber-ring shear connectors is subject to
certain limitations.
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Figure 11. Impact of plate strength: (a) load—slip curves; (b) impact analysis; (c) stress in rubber ring;
(d) perforated rebar stress; (e) concrete tensile damage; (f) perfobond steel plate stress.

The stress distribution characteristics (Figure 11c—f) indicate that the stresses in the
rubber ring and perforated rebar remain relatively stable with increasing steel plate strength.
Similarly, the tensile damage distribution on the concrete slab remains largely unchanged,
except in the case of the 235 MPa steel plate. The stress in the steel plate is primarily
concentrated above the openings and away from the steel beams, with this concentration
becoming more pronounced as the strength increases. Notably, the high-strength steel plate
does not fully yield, and yielding occurs only at the openings. The deformation levels of
the steel plate and perforated rebar indicate that the deformation capacity of the steel plate
decreases with increasing strength, leading to connector failure mostly due to shear in the
perforated rebar.
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6. Prediction Formula
6.1. Previous Expressions

To mitigate the influence of end-bearing pressure on the shear performance of the
Twin-PBL rubber-ring shear connector, a 50 mm gap was introduced in the slip direction of
the perfobond steel plate in parametric study. Assuming that only the friction between the
concrete slab and the rigid base exists, all other contact surfaces of the model are frictionless.
The following section reviews some important previous studies and associated equations.

Hosaka et al. conducted a classification analysis of connectors by evaluating the pres-
ence or absence of perforated rebar in the holes of the perfobond steel plate. Equation (7)
was proposed to estimate the shear capacity of connectors without perforated rebar in the
holes, while Equation (8) was developed for connectors that include perforated rebar in the
holes [28].

Vi =338 /ty/dpd5fe —39.0 x 10° @)

V, = 1.45[(d§ - d%) fot d? fm} ~ 261 x 10° ®)

The parameters considered include the thickness of the perfobond steel plate (t,), the
concrete compressive strength (f.), the rebar hole diameter (d,), and the ultimate tensile
strength (f,,,).

Zheng et al. investigated connectors composed of perfobond steel plates with notches
and proposed Equation (9) to evaluate their shear capacity. A parametric analysis was
performed on the notched perfobond steel plate connectors to examine the restraining
effect of the perforated rebar on concrete, incorporating both pull-out tests and numerical
simulations [29].

Vi = 7,7e[042(d2 — &) fo + 11582 fry + 0.45dpt oy )

In this context, V;, denotes the shear load capacity of a single perfobond steel plate. f,
and f;, represent the yield strengths of the perforated rebar and the steel plate, respectively,
both expressed in MPa. The parameters f. and d, denote the concrete compressive strength
and the diameter of the perforated rebar, respectively. Specifically, v, is a coefficient that
accounts for the effect of the number of holes in the steel plate, defined as v, = np—o.zzl
where 7, is the number of holes. v, is a coefficient that considers the influence of hole
spacing on the steel plate, defined as 7, = 1 + 0.002-(¢, — 200) < 1, where e, denotes the

hole spacing.

6.2. Proposed Formula for Shear Capacity

Previous studies indicate that the shear capacity of the conventional Twin-PBL shear
connectors is primarily contributed by the perforated rebars, concrete dowels, rubber
rings, and perfobond steel plates. Given that the rubber ring is a low-stiffness material
with limited load-bearing capacity, the shear capacity of the Twin-PBL rubber-ring shear
connector is expressed as shown in Formula (10).

Vi=Vis+Va+ Vps (10)

Vs denotes the shear capacity provided by the perforated rebar (in N); Vs denotes
the shear capacity provided by the concrete dowel (in N); Vs denotes the shear capacity
provided by the perfobond steel plate (in N).
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Therefore, Equations (11) and (12) can be used to determine the shear capacity of the
Twin-PBL rubber-ring shear connector.

Vi = DlAtsfry+ D2Actfc+ D3Apsfsy (11)

Vi = D1d?fry + Do |2 — (d; +26,)°] fe + Dadptpfoy (12)

V. denotes the shear capacity of an individual perfobond steel plate (in N); As denotes
the cross-sectional area of the perforated rebar, whereas A represents the cross-sectional
area of the concrete dowel. Aps denotes the contact area between the perfobond steel
plate and the dowel; d, refers to the diameter of the perforation in the perfobond steel
plate; f. denotes the compressive strength of concrete; f,, represents the yield strength of
the perforated rebar; t, denotes the thickness of the perfobond steel plate; f;, indicates
the yield strength of the perfobond steel plate; d, signifies the diameter of the perfo-
rated rebar; t, denotes the thickness of the rubber ring; and D1, D,, and D3 are the three
constant coefficients.

Nonlinear regression analysis of the findings from the finite element parameter anal-
ysis indicates that the best fitting performance of Equation (12) is achieved when the
coefficients are set to D; = 1.16, D = 1.71, and D3 = 0.18. Equation (13) is derived to evalu-

ate the shear capacity of an individual perfobond steel plate in the Twin-PBL rubber-ring
shear connector.

Vi = 11642f,, +1.71 [dg — (dy + 2t,)2] o+ 018yt fiy (13)

Figure 12 presents a comparative analysis and validation of the shear capacity pre-
dicted by Equation (13) against the results obtained from finite element simulations. The
mean and standard deviation of the ratio of predicted values to simulated values are 1.01
and 0.0556, respectively, demonstrating a strong agreement between theoretical predictions
and numerical modeling outcomes.
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Figure 12. Comparative verification of shear capacity equations.

As shown in Figure 12, the predicted results exhibit excellent consistency with
the finite element simulation outcomes, which provides a reliable reference for subse-

quent experimental validation and the broader application of the Twin-PBL rubber-ring
shear connector.

7. Conclusions

This study investigates Twin-PBL rubber-ring shear connectors through a series of
numerical simulations. First, the connector was designed. Subsequently, 23 different finite
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element models were established for comparative analysis based on the finite element
simulation and analysis methodology described in reference [14]. Further, the shear per-
formance of Twin-PBL rubber-ring shear connector as well as the factors affecting this
performance were simulated and analyzed in detail. Finally, new equations for calculating
the performance of the Twin-PBL rubber-ring shear connector were deduced. The following
conclusions were drawn:

A comparative evaluation of the mechanical performance between the Twin-PBL
rubber-ring shear connector and its conventional counterpart reveals that the inclusion
of a 4 mm-thick rubber ring results in a slight 7.5% reduction in shear capacity, while
simultaneously causing a significant 71% decrease in shear stiffness. This suggests
that the incorporation of a low-stiffness rubber component primarily governs the re-
duction in structural stiffness, whereas its influence on the ultimate shear resistance is
relatively minor.

A comparison of the mechanical performance between the Twin-PBL rubber-ring
shear connector and the conventional connector demonstrates that the use of a 4 mm-thick
rubber ring increases the yield slip of the former to 183.0% of that of the latter. This finding
highlights the critical role of the rubber component in improving the deformation capacity
of the shear connector system while maintaining structural integrity, as it significantly
enhances ductility through its integration.

Finite element parametric studies on rubber rings with varying thicknesses indicate
that the strategic integration of elastomeric components effectively mitigates stress con-
centrations at the perforation regions of the connectors. The enhanced deformability and
optimized shear stress redistribution patterns observed in the numerical simulations show
that rubber interlayers not only improve structural flexibility but also promote more uni-
form load transfer mechanisms, thereby fundamentally modifying the mechanical response
characteristics of the connector system.

The analytical results demonstrate that parameters such as the diameter and tensile
strength of the perforated rebars, the thickness of the rubber rings, and the compressive
strength of the concrete have a significant impact on the shear load capacity and shear
strength of the Twin-PBL rubber-ring shear connectors. Variations in these parameters can
directly influence the performance of the connectors under shear loading, thereby affect-
ing the overall safety and stability of the structural system. An increase in the diameter
and tensile strength of the perforated rebars generally enhances the shear capacity of the
connectors, whereas the thickness of the rubber rings primarily affects their deformation
characteristics. Moreover, as a key structural material, higher concrete strength can con-
siderably improve the shear performance of the connectors. However, the research results
suggest that the strength of the perfobond steel plates exerts a relatively minor influence.

A shear capacity prediction formula specifically designed for the Twin-PBL rubber-
ring shear connector is developed through a comprehensive review of existing shear
capacity calculation methods and their derivation processes, combined with finite element
parametric analysis results and the observed failure mechanisms of the connectors. The
computed results exhibit a high degree of consistency with the finite element simulations,
offering a dependable reference for further study and practical engineering applications.

In conclusion, this research employs the finite element method to investigate the shear
performance of the Twin-PBL rubber-ring shear connector. Extensive simulations and
analyses suggest that the Twin-PBL rubber-ring shear connector exhibits relatively low
initial stiffness. This study identifies key factors influencing the shear performance of the
connector, enabling the determination of an optimal combination of connector properties.
The proposed method for predicting the shear bearing capacity of the Twin-PBL rubber-ring
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shear connector may provide valuable insights and reliable estimations for its anticipated
performance in practical engineering applications.
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Abstract: With the expansion of high-rise building construction in China, tower cranes have
become indispensable key equipment in the construction industry. To ensure the safety
and structural reliability of tower cranes under complex working conditions, this paper
takes a typical 40 m-high flat-arm tower crane as the research object. For the first time, the
orthogonal test method was used to monitor the stress of key components (the root of the
tower body and the root of the boom). The stress distribution characteristics of the tower
crane structure under different working conditions were systematically analyzed. Then,
based on the power spectral density analysis method, the natural frequency of the tower
crane structure was identified. The influence of key structural parameters, such as lifting
position, rope length, and lifting weight, on the stress of the tower crane was quantitatively
studied through orthogonal experiments, revealing the multi-parameter coupling effect.
The results show that the stress at the measuring point at the root of the tower body is
significantly higher than that at the root of the boom. This indicates that the root of the
tower body is the primary stress-bearing part of the tower crane structure, highlighting
the need to focus on its fatigue performance and safety assessment. Based on the power
spectral density analysis of the root stress of the tower crane, the natural frequencies of the
tower crane structure were accurately identified. The first-order frequency was 0.10 Hz,
and the second-order frequency was 0.20 Hz, providing data support for the study of
the tower crane’s dynamic characteristics. The orthogonal test analysis shows that the
influences of lifting position, rope length, and lifting weight on the stress of the tower
crane are consistent, with no significant differences. The effects of lifting position and
rope length on stress are dominant, while the influence of lifting weight is relatively small.
These research findings provide an important basis for the lightweight design and safety
assessment of tower cranes.

Keywords: flat arm tower crane; stress measurement; structural parameters; orthogonal
experiment

1. Introduction

Tower cranes [1] offer advantages such as high lifting heights, large turning radii, fast
working speeds, and suitability for use with multiple nearby cranes. As a result, they have
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been widely employed in modern engineering construction [2]. However, during actual
operation, tower cranes operate in harsh environments, enduring high-intensity loads and
strong impacts over extended periods. Additionally, their working conditions are complex
and constantly changing. This complex stress state can easily cause stress concentration
in key structural components, which may subsequently lead to crack propagation and
even structural failure. The weld areas of the tower crane are particularly susceptible to
cracking due to stress concentration and manufacturing defects. However, local thin-walled
components may buckle under external forces such as overload or strong winds, leading
to fatigue damage and even structural failure. In severe cases, this may result in major
safety incidents, including crane arm fractures and tower crane overturning [3]. Not only
can it cause significant economic losses, but it may also pose a serious threat to the lives
of construction workers [4-6]. Traditional design methods primarily rely on theoretical
calculations, static analysis, and dynamic analysis. However, due to the difficulty of fully
accounting for complex loads, boundary conditions, and structural nonlinear effects, these
methods often fail to accurately capture the actual stress distribution under real working
conditions. Obtaining stress data from key components of the tower crane through on-site
measurements has become a crucial approach for evaluating its structural performance
and safety status. Therefore, conducting stress measurements under various working
conditions, analyzing the stress distribution characteristics in depth, and systematically
assessing the influence of structural parameters on key components can provide a solid
foundation for optimal design, safety assessment, and accident prevention. This research
holds significant theoretical and engineering value in ensuring the safe and stable operation
of tower cranes.

With the rapid development of industrialization and urbanization, concerns regarding
structural safety and reliability have become increasingly prominent. Structural Health
Monitoring (SHM) technology [7], as an advanced approach, provides a robust safeguard
for structural safety and reliability by continuously monitoring and evaluating the con-
dition of structures in real time. Traditional manual visual inspections rely on portable
equipment, which is not only costly and inefficient but also ineffective in detecting hidden
structural damage. In contrast, modern SHM technology enables real-time monitoring
of strain, deflection, vibration, and other key parameters by installing sensors at critical
structural locations [8]. This significantly reduces manpower and resource consumption
while improving the accuracy and efficiency of inspections.

In recent years, significant progress has been made in the research on the mechanical
properties, dynamic characteristics, and safety assessment of tower cranes. Scholars, both
domestically and internationally, have conducted systematic and detailed studies through
numerical simulations and field measurements, accumulating extensive theoretical and
experimental findings.

In numerical simulation research, this method allows for flexible adjustment of var-
ious parameter settings and enables an in-depth analysis of the stress state of structural
components under different loads, thanks to its advantages of low cost, convenience, and
rapid operation. Jiang and Jiang [9] established a finite element model of a tower crane
and conducted a transient dynamic analysis to reveal its vibration characteristics under
different working conditions. They further performed a fatigue damage assessment and
estimated the service life based on the stress time-history data of key nodes in the crane
boom. Yang et al. [10] developed a fatigue damage and service life prediction model for the
overhead crane girder by constructing a virtual prototype of the crane, obtaining the impact
load spectrum, and incorporating the material S-N curve. Lehner et al. [11] employed
numerical simulation to obtain the load spectrum of the crane-supporting structure, which
was converted into a peak stress spectrum using the rain-flow counting method. The
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Ansys software was then utilized to identify fatigue damage and predict service life for the
crane-supporting structure. Li et al. [12] innovatively developed a three-parameter Weibull
distribution model for stress spectrum acquisition and employed the Latin hypercube
sampling technique to generate a random sample set of characteristic parameters, thereby
obtaining the stress time-history of critical structural points. Dong et al. [13] applied an
improved support vector regression algorithm to derive the equivalent fatigue load spectra,
established a first principal stress time-history model for key components and obtained
two-dimensional stress spectra using rain-flow counting statistics. Han and Lee [14] ob-
tained the torque curve of the tower crane slewing reducer through an inertial endurance
test. Combined with finite element analysis, they clarified the stress distribution pattern
of critical areas in the tower crane slewing carrier. Hectors et al. [15] established a finite
element model of the overhead crane runway girder structure based on measured data
and evaluated the fatigue performance of key nodes using the hot spot stress method and
fracture mechanics approach. Moskvichev and Chaban [16] investigated the evolution
of fatigue crack length and crack tip stress intensity in crane girders under varying load
cycles through numerical analysis. He et al. [17] used numerical simulation to calculate
the response of the tower crane under working conditions and tornado loads, effectively
assessing its safety under tornado impact. Lu et al. [18] analyzed the dynamic response of
the tower crane through numerical simulation and investigated the effects of wind load and
lifting load on its wind-induced vibration response at different construction stages. Chen
et al. [19] analyzed the dynamic response of the tower crane and proposed a comprehensive
safety assessment scheme for the tower crane under fluctuating wind loads. The numerical
simulation method is useful for analyzing the mechanical properties of each component of
the tower crane under different load conditions. However, its accuracy remains limited
by the simplified assumptions of the finite element model and the uncertainty of various
parameter settings. For example, factors such as boundary condition settings, the actual
force states of connected components, and variations in material parameters can all affect
the simulation results. Consequently, a certain deviation exists between the simulation
and actual working conditions. Therefore, how to improve the numerical model, optimize
the boundary condition setting, and improve the modeling accuracy of the connection
parts. The establishment of more reliable simulation analysis methods is still the focus of
current research.

Field measurement is the most intuitive and fundamental method for studying struc-
tural conditions and serves as a crucial basis for verifying the reliability of theoretical
models and numerical simulations. Péstor et al. [20] utilized strain gauges to measure
the stress distribution of the overhead crane’s main girder under working conditions and
obtained stress values at key locations. Xi et al. [21] collected in situ strain data of the
suspension tower using a dynamic response monitoring system, analyzed the load charac-
teristics and extrapolated the ultimate load. Park et al. [22] validated the model through
static load experiments and assessed the fatigue life of the tower crane slewing carrier
based on the stress at the bearing body, using the verified tower crane slewing reducer
model. Liu et al. [23] validated the crane’s vibration model through field experiments and
investigated the effects of parameters such as payload mass, boom length, and mast height
on its vibration response. Xu and Wu [24] used acoustic emission technology and the
two-parameter basis function method to monitor and analyze the crack propagation state
in steel structures and obtain the critical value of crack propagation. Li et al. [25] developed
a real-time monitoring system for tower cranes based on Internet of Things technology
and established two tower response prediction models using machine learning algorithms,
enabling intelligent monitoring and prediction of the entire tower crane operation process.
Wei et al. [26] combined field tests and theoretical analysis to investigate the local cracking
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failure mechanism of the crane and estimated the fatigue life of the crack zone based on
the stress spectrum under working conditions. On-site measurements have inherent limi-
tations, such as high cost, complex implementation, and susceptibility to environmental
factors (e.g., temperature, humidity, wind speed). However, as a crucial method for directly
obtaining the actual structural response, it accurately reflects the characteristics of the tower
crane under real working conditions.

Stress analysis is the core of structural safety assessment, as it intuitively reflects the
mechanical properties of a structure under load, identifies its weak points, and provides a
basis for optimal structural design. Field stress measurements play a key role in numerical
modeling. They not only compensate for the shortcomings of finite element models but also
serve for model verification and calibration, thereby enhancing the reliability and accuracy
of simulations. Numerical simulations are often constrained by the setting of boundary
conditions, the stress state of connected components, and assumptions about material
parameters. Field measurement data provide a practical basis for these key parameters,
helping to optimize models, correct errors, and improve the consistency of simulation
results with real-world conditions. By incorporating field stress measurements, numerical
simulations can compensate for shortcomings in boundary conditions and actual force
states, providing reliable support for a more accurate evaluation of the structural behavior
of tower cranes.

In this study, a 40 m-high flat-arm tower crane was selected as the research object, and
real-time stress data of key components under typical working conditions were obtained
through on-site stress monitoring. The actual stress state of the tower crane was accurately
determined, and the natural frequency of the structure was identified through power
spectral density analysis. Using an orthogonal experimental design, the effects of structural
parameters such as lifting position, rope length, and lifting weight on the tower crane’s
stress were systematically analyzed. In this study, the orthogonal test and stress spectrum
analysis were innovatively combined for the first time to reveal the mechanism of the
multi-parameter coupling effect’s influence on the stress of the tower crane. This approach
fills the gap in the stress analysis of flat-arm tower cranes under the interaction of multiple
parameters. The findings provide a theoretical basis for the structural design and safety
assessment of flat-arm tower cranes, offering significant guidance for engineering practice
and contributing to improved operational safety and structural reliability.

2. Research Methodology
2.1. Project Overview and Test Arrangement

The object of the measurement is a flat-top tower crane in operation during the
development of the Central Plains Digital Industrial Park (West Park) project. The project
is located in the industrial park area of Zhongmu County, Zhengzhou City, between the
southern auxiliary road of Jinshui Avenue and the northern side of Fugui Third Road. A
tower crane located at the edge of the site, which is convenient for measurement operations,
was selected as the test object for this experiment. The tower crane being tested is shown in
Figure 1, and Table 1 presents the main performance parameters of the crane.

Due to the complex structure of the tower crane and the harsh working environment,
there are many factors affecting its structural stress. In order to systematically study the
stress distribution law of tower cranes, three key structural parameters of lifting position
(A), rope length (B), and lifting weight (C) are selected as the analysis objects. Among these
factors, the lifting position has a significant impact on the bending moment distribution
and stress concentration of the tower crane. Different lifting positions alter the structural
force distribution, thereby affecting the overall stability and safety of the tower crane. The
rope length is a key factor in determining the dynamic response and stress distribution
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of the tower crane. Particularly during the lifting process, it directly influences the load
swing characteristics and system stability, thereby altering the stress state of the tower
crane. As the primary external load of the tower crane structure, lifting weight is a key
factor influencing stress distribution. Different load levels can cause significant variations
in internal forces, thereby profoundly affecting the safety and durability of the tower crane.

Figure 1. The tower crane of the test site.

Table 1. Main performance parameters of tower crane.

Parameter Value Parameter Value
Operating range (m) 2.5~65 Independent working height (m) 46
Maximum lifting weight (kg) 1.00 x 10% Measured tower crane height (m) 40

Balance weight (kg) 1.86 x 10* Rated lifting moment (kN-m) 1600

Lift arm length (m) 66.8 Maximum lifting moment (kN-m) 1920

Balance arm length (m) 15.5 Lifting speed (m-min~!) 0~95

Each factor is set at three levels to comprehensively cover typical operating conditions
in real-world engineering. The lifting position is set at 63 m (far from the tower), 36 m (mid-
range), and 2 m (near the tower), representing the tower crane’s maximum, medium, and
minimum working radii. These positions reflect the structural response under extreme, typical,
and light load conditions. The rope length is set at 29 m, 20 m, and 10 m, representing the
tower crane’s maximum, medium, and short rope lengths, respectively. This setup is used to
study the effects of different swing amplitudes and dynamic responses on structural stresses.
The lifting weights are set at 520 kg, 750 kg, and 1300 kg, representing light, medium, and near-
rated load conditions, respectively, to analyze the structural response under different stress
states. Table 2 lists the specific impact factors and their levels. The selection of these parameters
is based on the typical working conditions of the tower crane in actual construction. It covers
a range of scenarios, from light to heavy loads, short to long lifting ropes, and positions close
to or far from the tower body. This ensures that the test results comprehensively reflect the
structural response characteristics of the tower crane under different conditions, providing a
reliable basis for its optimal design and safety evaluation.

Table 2. The factors and levels based on orthogonal design.

Factors
Level — -
Lifting Position (m) Rope Length (m) L1ft1n(i;\)le1ght
1 63 29 520
2 36 20 750
3 2 10 1300
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An orthogonal experimental method [27] was employed for the on-site measurements.
Following the principle of orthogonality, nine representative working conditions were
selected from all possible combinations using the L9(3%) orthogonal table. Here, ‘9" rep-
resents the number of trials, ‘3" denotes the three levels for each factor, and ‘4’ signifies
the maximum number of factors that can be examined. This design minimizes factor
interactions, enabling a clear analysis of each factor’s individual effect on the structural
response. By using the orthogonal table, the number of test conditions was reduced from
27 to 9, allowing for a comprehensive investigation of the influence of various factors and
their interactions on tower crane structural stress with significantly improved test efficiency.
The details of each condition are shown in Table 3. The specific position diagram of the
working conditions is shown in Figure 2. The orthogonal experimental method achieved an
efficient, rapid, and cost-effective experimental design. This approach ensures a balanced
combination of all test factors while significantly reducing the number of tests, yielding the
most representative experimental results.

Table 3. Measured working conditions table.

No. Lifting Position (m) Rope Length (m) Llftm(igelght
C1 63 29 520
C2 36 20 520
C3 2 10 520
C4 2 20 750
C5 36 29 750
C6 63 10 750
c7 63 20 1300
C8 36 10 1300
9 2 29 1300
63m N
36m l

wQg

wee

i C3 C8 Co6
I C4 C2 7
9 C5 C1

Figure 2. The specific position diagram of the working conditions.

2.2. Testing Instruments and Measurement Point Arrangements

This study employed a passive monitoring method, where strain measurements of the
tower crane under actual working conditions were recorded using the DH5902N (Donghua
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Testing Technology Co., Ltd., Taizhou, China) data acquisition and analysis system. No
external excitations, such as impact hammers or vibrators, were applied. This method
effectively captures the stress response under various working conditions and provides
reliable data support for evaluating the performance of tower crane structures. The field
test instrument mainly includes strain gauges, dynamic signal test and analysis systems,
etc., and the signal acquisition instrument is the DH5902N rugged data acquisition and
analysis system (see Figure 3). This device supports intelligent wire recognition and
can connect to various sensors, enabling the testing and analysis of multiple physical
parameters. It is capable of real-time data collection, transmission, storage, display, and
analysis in harsh environments with strong vibrations and extreme temperatures, allowing
it to perform long-term monitoring tasks. The resistance strain gauge adopts a foil-type
uniaxial strain gauge, which has the characteristics of good flexibility, easy pasting, and
stable performance. Its substrate material type is phenolic-acetal, and the substrate size
is 10.1 mm x 4.0 mm in length x width. The dimensions of the sensitive grid are 5.0 mm
x 2.0 mm in length x width. The lead material is PVC lead; the exposed diameter of the
inner core is 0.09 mm, and the outer diameter of the lead is 0.9 mm. The resistance value of
the strain gauge is 119.8 £ 0.1 (), the sensitivity coefficient is 2.20 + 1%, and the operating
temperature range is —30~80 °C.

Figure 3. Field test instrument.

Based on the actual on-site conditions, considering the structural characteristics of
the flat-top tower crane and the experiment’s operational difficulties, the root of the tower
body and the root of the jib were selected as the stress measurement locations. The specific
arrangement of the measurement points is as follows: (1) Four strain gauges were attached
around the cross-section at the root of the tower body, with the measurement points
numbered A-1 to A-4. (2) One strain gauge was attached along the axial direction of the
primary material at the root of the jib, with the measurement point numbered B-1. Figure 4
shows the schematic diagram of the measurement point layout for the on-site tower crane.
During the on-site testing, the X-axis was set perpendicular to the jib direction, the Y-axis
was aligned along the jib direction, and the Z-axis was oriented vertically. The experiment’s
field sampling is shown in Figure 5.

During the on-site measurements, the weather conditions were clear, with temper-
atures ranging from 26 °C to 35 °C and an average of approximately 30 °C. The wind,
predominantly from the southeast at level 2, persisted throughout the day and night,
with a relative humidity of 66%. Wind speed data were recorded in real-time using the
anemometer mounted on the control panel inside the operator’s cabin. Under various
working conditions, the measured wind speed at the top of the tower crane ranged from a
minimum of 0.3 m/s to a maximum of 2.4 m/s.
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Figure 4. Layout of the measurement point at the site.

(a) Sampling at the root of the jib. (b) Sampling at the base of the tower body.

Figure 5. Diagram of sampling at the experimental site.

3. Results

During the on-site testing, strain gauges were attached at the root of the tower body
and the root of the jib. The sampling frequency for the measurement points was set to
50 Hz, and typical working conditions were selected for preliminary testing and analysis.
Several short segments of signals were collected, and it was observed that all channels
could effectively capture the measured signals. The selected range was appropriate, and
the data were complete and reliable. During the formal testing, when the tower crane was
in different working states, data collection of strain signals at each measurement point
began when the crane reached the predetermined position and was stable.

During field sampling, to ensure data adequacy and representativeness, each sampling
session was set to 600 s (10 min). Strain signals at various measurement points were
recorded under different working conditions according to the on-site measurement layout.
In total, 45 sets of strain data were collected during the field test. Figure 6 presents the
strain history at A-1 and A-2, located at the root of the tower, under working condition C2.
Due to the impact of the construction environment, the measured strain signals contained
noise and irrelevant signals. Therefore, low-pass filtering was applied to the measured
signals in MATLAB R2021b (Version 9.11) to improve the data’s signal-to-noise ratio.
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(a) A-1 position. (b) A-2 position.
Figure 6. Strains at A-1 and A-2 under case C2.

3.1. Stress Measurement Results

During the on-site measurements, strain gauges were attached when the tower crane
was unloaded (with no lifting load). The measured stress represents the additional stress
relative to the initial balanced state of the tower crane. While the tower crane was in
operation, all parts underwent elastic deformation. Based on Hooke’s Law, the filtered
strain time history was converted into a stress time-history, resulting in the stress values at
each measurement point under different working conditions. Due to the large number of
measurement points, only the stress identification results for a subset of the measurement
points are provided in the paper. Table 4 presents the measured results of the stress mean
(1) and stress standard deviation (o) for selected measurement points at the root of the
tower body and the root of the jib.

Table 4. Stress identification results of measuring points under different working conditions.

The Root of the Tower Body The Root of the Jib
(MPa) (MPa)
No. A A2 A-3 B-1
u o u o u o u o

Cl 8284 0714 7807 0.713 6.885 0.784 —0.260 0.367
C2 8106 0.658 6.427 0.614 —9.935 0.781 —3.123 0.331
C3  11.446 0.751 9.898 0.677 29.385  11.804 —1.901 0.225
C4 0.722 0414 —-1.183 0491 1.427 0.510 —0.269 0.589
G5 3.347 0.587 2.459 0.639  —3303 0.744 0.492 0.638
Co6 23384 1465 —1.537 0.602 —3.733 0.754 0.387 0.366
C7  —-2909 1298 —2.283 1.205 3.821 1.656 0.635 0.589
C8  25.988 1.566 22.065 1358  —34.335 2.083 —5.656 0.455
9 7.077 0.614 —-2907 0.734 3.427 0.637 0.255 0.664

Figure 7 shows the stress mean values at the measurement points under different
working conditions. The maximum stress mean value under different working conditions
occurs at various measurement points. Under C3 and C6, the stress values at the root of
the tower body are significantly different, while the stress values under other working
conditions show only minor differences. The stress mean values at the measurement points
at the root of the tower body (A-1 to A-3) are all greater than the stress mean value at the
measurement point at the root of the jib (B-1). The stress at the root of the jib is mainly
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caused by bending moments, while the stress at the root of the tower body is due to both
bending moments and the additional stress caused by gravity. Under working condition
C8, the maximum stress values at both the root of the tower body and the root of the jib
occur. This is likely because, in condition C8, the lifting weight is the largest, and the rope
length is the shortest. A longer rope can dampen the tower crane, reducing vibrations and
stress. The nine working conditions were divided into three groups for comparison, each
with consistent lifting weight. The working conditions with the shortest rope length in
each group were C3, C6, and C8. The stress values under these conditions were higher
than those in the other conditions within their respective groups.
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Figure 7. The mean stress p at each measurement point under different working conditions.

3.2. Stress Response Spectrum

By conducting a power spectral density (PSD) analysis on the measured stress time-
history signal, its frequency domain representation is obtained. The natural frequencies
are identified from the prominent peaks in the PSD curve, which correspond to the pri-
mary vibration frequencies of the structure. Figure 8 shows the stress—power spectral
density curves of the A-1 position under different working conditions, and the following
conclusions can be drawn by combining the identification results of the first two natural
frequencies of the tower crane in Table 5: Under working condition C5, the first-order
frequency characteristics of the structure are not pronounced, but a significant peak is
observed at 0.204 Hz. Under working conditions, C3, the first-order and second-order
frequencies of the structure are 0.108 Hz and 0.148 Hz, respectively. In most cases (C1, C2,
C4, Co, C7, C8, C9), the first- and second-order frequencies of the structure are stable at
about 0.10 Hz and 0.20 Hz, respectively.

By comparing and analyzing the natural frequency results of tower cranes based on
dynamic response recognition in the literature 28 (see Table 5), it is found that there is a
large deviation in the first-order frequency recognition results under working conditions C1
and C2, but the error of the second-order frequency recognition results is controlled within
0.5%. Under other working conditions, the error of the natural frequency recognition result
does not exceed 5%. (error calculation formula: error = (recognition result of this paper —
recognition result of the literature 28)/recognition result of the literature 28 x 100%).
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Figure 8. PSD of stress response at A-1 under different working conditions.

Table 5. Comparison of natural frequency identification results of tower cranes under different

working conditions.

Natural Frequency Results

Natural Frequency

in This Document/Hz Results/Hz [28] Error/%
No. First Second First Second First Second

Order Order Order Order Order Order
C1 0.081 0.194 0.114 0.195 —28.95 —0.51
Cc2 0.110 0.205 0.124 0.205 —11.29 0
C3 0.108 0.148 0.107 0.147 0.93 0.68
C4 0.102 0.214 0.107 0.206 —4.67 3.88
C5 / 0.204 0.110 0.204 / 0
(@) 0.083 0.210 0.085 0.209 —-2.35 0.48
C7 0.073 0.187 0.073 0.186 0 0.54
C8 0.091 0.202 0.091 0.205 0 —1.46
C9 0.089 0.213 0.088 0.212 1.14 0.47

In summary, the natural frequency recognition results based on velocity response

in [28] are in good agreement with the research in this paper. It is further confirmed

that under suitable working conditions, the natural frequency of the tower crane can be
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accurately identified through the power spectral density analysis of the stress response of
the tower crane root. This discovery provides a new technical approach for the field test
of the structural dynamic characteristics of tower cranes and has important engineering
application value for the safety assessment and health monitoring of tower cranes.

3.3. Orthogonal Experimental Analysis of Stress

The orthogonal test method is an efficient and scientific multi-factor test design method
that can comprehensively analyze the influence of various factors and their interactions in
a small number of experiments through the rational arrangement of the orthogonal table.
Its core advantages lie in efficiency, comprehensiveness, and scientificity. This method is
widely used in engineering optimization and other fields [29-31] and is a powerful tool
to solve multi-factor optimization problems. The orthogonal test method has significant
advantages in identifying key parameters and optimizing structural design. However, it
is based on the assumption that interactions between factors are negligible, which may
not hold true under complex or wide-ranging load conditions. Orthogonal test methods
struggle to effectively capture such complex behaviors. Therefore, caution should be
exercised when applying orthogonal test methods in scenarios involving highly nonlinear
loading conditions.

Considering the numerous measurement points on the tower crane, this paper selects
the measurement points at the root of the tower (A-1, A-2) and the upper chord of the jib
root (B-1) as representatives. The study focuses on the effects of lifting position (A), rope
length (B), and lifting weight (C) on the structural stress of the tower crane. The measured
stress mean values were used as the analysis indicators for the orthogonal experiment. By
conducting range analysis and variance analysis on the experimental results, each factor’s
influence on the tower crane’s structural stress and the significance level of each factor
were determined, providing a reference for the following research phase.

3.3.1. Range Analysis

Table 6 shows the arrangement of the orthogonal experiment. Table 7 presents the
results of the range analysis for the orthogonal experiment, where K; (i = 1, 2, 3) represents
the sum of the experimental results for the level of a given factor, with the mean value
indicated, representing the range, reflecting each factor’s influence on the response variable.
Based on the range R, the influencing factors can be ranked. A larger R indicates that the
variation of that factor has a more significant impact on the response variable, making the
factor more critical [32]. In the analysis, only the main effects on the structural stress mean
values were considered, while the interaction effects between the factors were ignored.
As shown in Table 6, by comparing the corresponding mean values and ranges of each
experimental factor, the influence of each factor on the structural stress can be determined.
At point A-1, with Rg > R > R, the primary order of impact on the stress mean values is
as follows: rope length > lifting position > lifting weight. This indicates that rope length
is the most crucial factor affecting the stress mean values. At points A-2 and B-1, with
Ra > Rp > R¢, the order of importance for the factors affecting the stress mean values is as
follows: lifting position > rope length > lifting weight. This indicates that lifting position
is the most critical factor influencing the stress mean values. Lifting weight has the least
influence on the stress mean values at both the root of the tower body and the root of
the jib.
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Table 6. Orthogonal test analysis table.

No Lifting Position Rope Length Lifting Weight Mean Value of Stress (MPa)

' A B C A1 A-2 B-1
C1 1 1 1 —8.284 —7.807 —0.260
C2 2 2 1 8.106 6.427 —3.123
C3 3 3 1 11.446 9.898 —1.901
C4 3 2 2 0.722 —1.183 —0.269
C5 2 1 2 3.347 2.459 0.492
Cé 1 3 2 23.384 —1.537 0.387
c7 1 2 3 —2.909 —2.283 0.635
C8 2 3 3 25.988 22.065 —5.656
C9 3 1 3 7.077 —2.907 0.255

Table 7. Range analysis table.
Position Parameter Llftlnglfosmon Rope I];ength LlftmgCWelght Order of Importance
Ky 4.06 0.71 3.76
Al K> 12.48 1.97 9.15
) Ks 6.41 20.27 10.05
R 8.42 19.56 6.30 B>A>C
Ky —3.88 —2.75 2.84
AD K 10.32 0.99 —0.09
: Ks 1.94 10.14 5.63
R 14.19 12.89 5.71 A>B>C
Ky 0.25 0.16 -1.76
B-1 Ks —2.76 —-0.92 0.20
; K3 —0.64 —2.39 -1.59
R 3.02 2.55 1.96 A>B>C

3.3.2. Variance Analysis

Range analysis does not distinguish between experimental error effects and factor
effects; it only reflects the relative importance of the factors influencing the experimental
response. In contrast, variance analysis decomposes the sum of squares of deviations in
the experimental data into the sum of squares for each factor’s deviation and the sum of
squares for experimental errors. By comparing the sum of squares of deviations for each
factor with the sum of squares for experimental errors, the extent of each factor’s influence
on the response variable can be explained, and the significance of each factor’s effect can
be verified.

The results of the variance analysis for the factors affecting the structural stress
of the tower crane are shown in Table 8. The F-value is used to measure the signif-
icance of the influence of the factor level change on the experimental index, and the
larger the F-value, the more significant the influence of the factor on the experimen-
tal index. According to the F distribution table, Fy10(2,2) = 9.00 and Fj5(2,2) = 19.00.
At A-1, Fc <Fp < Fg <Fpp5(2,2) =19.00, and the influence of each factor on the struc-
tural stress is as follows: rope length > lifting position > lifting weight. At A-2 and B-1,
Fc < Fg < Fa < Fp5(2,2) = 19.00, and the influence of each factor on the structural stress is
as follows: lifting position > length of lifting rope > lifting weight. This is consistent with
the conclusion of the range analysis, which further verifies the reliability of the analysis. In
addition, the influence of the lifting position, rope length, and lifting weight on the stress
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of the tower crane did not reach a significant level (p > 0.05), and there was no statistically
significant difference.

Table 8. Results of Variance Analysis.

Position Source The Sum of Squared Deviations Degrees of Freedom F p
A 113.157 2 0.878 0.533
B 719.032 2 5.577 0.152
A-1 C 69.557 2 0.539 0.650
Error 128.938 2
R 0.875
A 305.448 2 13.919 0.067
B 264.038 2 12.032 0.077
A-2 C 48.950 2 2.231 0.310
Error 21.945 2
R? 0.966
A 14.406 2 2.824 0.262
B 9.848 2 1.930 0.341
B-1 C 7.101 2 1.392 0.418
Error 5.101 2
R? 0.860

Analyze the proportion of the F-value of each measurement point: for the measure-
ment point at the root of the tower, at A-1, the F-value of the length of the lifting rope
accounts for the largest proportion, reaching 79.7%, indicating that it has the most sig-
nificant influence on the structural stress. At A-2, the influence of the lifting position
predominates, with an F-number of 49.4%. Lifting weight has the least effect on the root
stress of the tower, and the F-value accounts for only 7.8%. For the measuring point B-1 at
the root of the boom, the F-value of the lifting position accounted for the largest propor-
tion, which was 46.0%; The impact of lifting weight was the smallest, and the F-number
accounted for 22.7%.

In summary, the length of the lifting rope and the lifting position are the main factors
affecting the structural stress of the flat arm tower crane, while the influence of the lifting
weight is relatively weak. The results of this analysis provide an important theoretical basis
for the optimization of structural lightweight and the selection of working conditions.

4. Conclusions

In this paper, a 40 m-high flat-arm tower crane is taken as the research object, and the
real-time working stress of the crane under various typical working conditions is obtained
through on-site stress measurements. Compared with theoretical analysis methods and
numerical simulations, on-site measurements can directly reflect the mechanical character-
istics of tower cranes in real operating environments. This approach avoids errors caused
by model simplifications and parametric assumptions. Through actual measurements, we
have clarified the stress state of key components of the flat-arm tower crane and accurately
identified its natural frequencies. The effects of lifting position, rope length, and lifting
weight on structural stress were systematically analyzed. The research results provide a
reliable reference and basis for the health monitoring and safety assessment of tower crane
structures. They have practical engineering value for ensuring the safety and durability of
tower crane operations. The main conclusions of this study are as follows:

(1) Through real-time working stress tests, the stress distribution characteristics of
key components of the flat-arm tower crane have been determined. It was found that
the average stress at each measuring point at the root of the tower body is generally
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higher than that at the root of the boom. Notably, the maximum stress value under
different working conditions is not fixed at a specific measurement point but varies with
the working conditions.

(2) The natural frequency of a structure is independent of the applied load. Based
on the power spectral density analysis method, the natural frequency of the tower crane
structure was successfully identified. The results show that the first-order natural frequency
of the tower crane structure is approximately 0.10 Hz, while the second-order natural
frequency is around 0.20 Hz under different working conditions. By analyzing the power
spectral density curve of the stress response at the root of the tower crane, the natural
frequency of the structure can be accurately determined. This not only verifies the feasibility
of identifying the natural frequency of the structure through stress monitoring but also
provides a reliable technical approach for the dynamic characteristics analysis and health
monitoring of flat-arm tower cranes, offering significant engineering application value.

(3) Using the orthogonal test method, the influence of three key structural parameters—
lifting position, rope length, and lifting weight—on the structural stress of the tower crane
was systematically studied. The results indicate that the effects of these three factors on the
structural stress of the tower crane are consistent, with no significant differences (p > 0.05).
Through the analysis of F-value weights, it was found that the lifting position and the
length of the lifting rope are the primary factors affecting the stress at the root of the tower
crane and the root of the boom, while the influence of the lifting weight is relatively small.
This conclusion provides an important basis for the optimization and safety assessment
of tower cranes. In practical applications, it is essential to comprehensively consider the
coupling effects of multiple parameters to achieve the efficient and safe operation of the
tower crane structure.

This study was conducted on a specific tower crane. Due to differences in material
properties, geometric configuration, boundary conditions, and working environments, the
research findings are primarily applicable to the analyzed tower crane structure. How-
ever, the methods and findings presented in this paper provide a valuable reference for
understanding the stress distribution and fatigue behavior of this type of tower crane.
Caution should be exercised when generalizing these conclusions to tower cranes with
different designs or operating conditions. For other types of tower cranes, further re-
search is required to account for variations in structural characteristics, load scenarios, and
environmental factors.

This study establishes a robust experimental foundation for the optimal design and
safety evaluation of tower cranes. Future research should be extended to a broader range
of tower crane types, systematically investigating their stability, modal characteristics, and
dynamic response under complex working conditions through an integrated approach com-
bining on-site measurements, theoretical analysis, and numerical simulation. By leveraging
a multi-method collaborative analysis, the mechanical behavior of tower cranes can be
assessed with greater accuracy, enabling the development of a more generalized theoretical
framework and providing a solid foundation for engineering applications. Furthermore, fu-
ture studies should emphasize the long-term structural health monitoring of tower cranes,
systematically evaluating their fatigue performance and damage evolution. This would
offer scientific guidance for ensuring their safe operation and extending their service life
while enhancing their stability and reliability under complex environmental conditions.

Author Contributions: Conceptualization, H.Y., X.H. and W.A.; methodology, Q.Z. and Z.W.; in-
vestigation, Y.Y., Q.Z. and Y.X.; writing—original draft preparation, B.M., Q.Z. and H.Y.; writing—
review and editing, B.M. and Q.Z. All authors have read and agreed to the published version of
the manuscript.

34



Buildings 2025, 15, 1137

Funding: Henan Province Science and Technology Research and Development Program Joint Fund
(Applied Research Category) Project (242103810102); The Key Research Programs of Higher Education
Institutions in Henan Province (24B560012); The Henan Province Science and Technology Research
Projects (242102320046); China State Construction Engineering Corporation Scientific Research Project
(CSCEC-2021-Q-63).

Data Availability Statement: The data presented in this study are available on request from the
corresponding author.

Conflicts of Interest: Hui Yang was employed by the China Construction Third Engineering Bureau
Group Co., Ltd. Wei An was employed by the POWER CHINA Henan Electric Power Engineering
Co., Ltd. The remaining authors declare that the research was conducted in the absence of any
commercial or financial relationships that could be construed as a potential conflict of interest.

References

1.  Sadeghi, S.; Soltanmohammadlou, N.; Rahnamayiezekavat, P. A systematic review of scholarly works addressing crane safety
requirements. Saf. Sci. 2021, 133, 105002. [CrossRef]

2. Jeong, I.; Hwang, J.; Kim, J.; Chi, S.; Hwang, B.; Kim, J. Vision-based productivity monitoring of tower crane operations during
curtain wall installation using a database-free approach. J. Comput. Civ. Eng. 2023, 37, 04023015. [CrossRef]

3. Hu, S, Fang, Y.; Moehler, R. Estimating and visualizing the exposure to tower crane operation hazards on construction sites. Saf.
Sci. 2023, 160, 106044. [CrossRef]

4. Jiang, W,; Ding, L. Unsafe hoisting behavior recognition for tower crane based on transfer learning. Autom. Constr. 2024, 160,
105299. [CrossRef]

5. Chen, Y.; Zeng, Q.; Zheng, X.; Shao, B.; Jin, L. Safety supervision of tower crane operation on construction sites: An evolutionary
game analysis. Saf. Sci. 2022, 152, 105578. [CrossRef]

6. Ali, A.; Zayed, T.; Wang, R.; Kit, M. Tower crane safety technologies: A synthesis of academic research and industry insights.
Autom. Constr. 2024, 163, 105429. [CrossRef]

7. Zhang, J.; Huang, M.; Wan, N.; Deng, Z.; He, Z.; Luo, ]J. Missing measurement data recovery methods in structural health
monitoring: The state, challenges and case study. Measurement 2024, 231, 114528. [CrossRef]

8. Deng, Z.; Huang, M.; Wan, N.; Zhang, J. The current development of structural health monitoring for bridges: A review. Buildings
2023, 13, 1360. [CrossRef]

9. Jiang, H.; Jiang, X. Fatigue life prediction for tower cranes under moving load. J. Mech. Sci. Technol. 2023, 37, 6461-6466.
[CrossRef]

10. Yang, M.; Chang, Z.; Xu, G.; Wang, C.; Wang, P. Analysis on fatigue life of overhead travelling crane girder under impact load for
sustainable transport system. IET Intell. Transp. Syst. 2020, 14, 1426-1432. [CrossRef]

11. Lehner, P; Krejsa, M.; Parenica, P; Krivy, V.; Brozovsky, J. Fatigue damage analysis of a riveted steel overhead crane support truss.
Int. . Fatigue 2019, 128, 105190. [CrossRef]

12. Li, Y, Jin, A; Dai, Y.; Yang, D.; Zheng, B.; Correia, J. Prediction of remaining fatigue life of in-service bridge cranes. Appl. Sci.
2023, 13, 12250. [CrossRef]

13.  Dong, Q.; Yu, Y.; Xu, G. Fatigue residual life estimation of jib structure based on improved v-SVR algorithm obtaining equivalent
load spectrum. Fatigue Fract. Eng. Mater. Struct. 2020, 43, 1083-1099. [CrossRef]

14.  Jeongwoo, H.; Geun-Ho, L. Fatigue life prediction of the carrier of slewing reducer for tower crane. J. Korean Soc. Manuf. Process
Eng. 2015, 14, 131-140. [CrossRef]

15.  Hectors, K.; Chaudhuri, S.; De Waele, W. Fracture mechanics and hot spot stress-based fatigue life calculation: Case study for a
crane runway girder. Fatigue Fract. Eng. Mater. Struct. 2022, 45, 2662-2675. [CrossRef]

16. Moskvichev, V.; Chaban, E. Analysis of propagation of fatigue cracks in crane girders. Inorg. Mater. 2019, 55, 1496-1502. [CrossRef]

17. He, Z.; Gao, M.; Liang, T.; Lu, Y,; Lai, X,; Pan, FE. Tornado-affected safety assessment of tower cranes outer-attached to super
high-rise buildings in construction. J. Build. Eng. 2022, 51, 104320. [CrossRef]

18. Lu, Y,; Gao, M,; Liang, T.; He, Z.; Feng, F; Pan, F. Wind-induced vibration assessment of tower cranes attached to high-rise
buildings under construction. Autom. Constr. 2022, 135, 104132. [CrossRef]

19. Chen, W.; Qin, X,; Yang, Z.; Zhang, P. Wind-induced tower crane vibration and safety evaluation. J. Low Freq. Noise Vib. Act.
Control. 2020, 39, 297-312. [CrossRef]

20. Péstor, M.; Lengvarsky, P; Hagara, M.; Kulka, ]. Experimental investigation of the fatigue life of a bridge crane girder using S-N

method. Appl. Sci. 2022, 12, 10319. [CrossRef]

35



Buildings 2025, 15, 1137

21.

22.

23.

24.

25.

26.

27.

28.

29.

30.

31.

32.

Xi, Y,; Li, H.; Sun, L.; Wang, Z. Extreme load extrapolation and long-term fatigue assessment of offshore wind turbine tower
based on monitoring data. Ocean Eng. 2024, 300, 117180. [CrossRef]

Park, Y.; Cho, S.; Han, J.; Shim, S. Fatigue life prediction of planet carrier in slewing reducer for tower crane based on model
validation and field test. Int. |. Precis. Eng. Manuf. 2017, 18, 435-444. [CrossRef]

Liu, F; Yang, J.; Wang, J.; Liu, P. Tower Crane Effect on the Vibration Response of Elastic Foundation. Iran. J. Sci. Technol. Trans.
Civ. Eng. 2023, 47, 3839-3850. [CrossRef]

Xu, B.; Wu, Q. Stress fatigue crack propagation analysis of crane structure based on acoustic emission. Eng. Fail. Anal. 2020, 109,
104206. [CrossRef]

Li, Q.; Fan, W.; Huang, M.; Jin, H.; Zhang, H.; Ma, J. Machine learning-based prediction of dynamic responses of a tower crane
under strong coastal winds. J. Mar. Sci. Eng. 2023, 11, 803. [CrossRef]

Wei, G.Q.; Yin, Q.Z.; Zhao, Y.; Dang, Z.; Lu, Z.W. Fatigue failure analysis and life prediction of wheel load local area of ladle
crane. Meas. Sci. Technol. 2024, 35, 126120. [CrossRef]

Dai, S.; Wang, H.; An, S.; Yuan, L. Mechanical properties and microstructural characterization of metakaolin geopolymers based
on orthogonal tests. Materials 2022, 15, 2957. [CrossRef]

Zhang, Q.; Wang, Z.; Yang, H.; Zhao, J.; Xu, Y. Field Test and Analysis of Influence Factors on the Dynamic Characteristics
of Self-Supporting Flat Arm Tower Crane Under Multiple Working Conditions. . Vib. Eng. 2024, 1-9. Available online:
http:/ /kns.cnki.net/kems/detail /32.1349.TB.20240829.1811.006.html (accessed on 20 February 2025). (In Chinese).

Chen, M.; Zhang, Z.; Deng, Q.; Feng, Y.; Wang, X. Optimization of underfloor air distribution systems for data centers based on
orthogonal test method: A case study. Build. Environ. 2023, 232, 110071. [CrossRef]

Li, Y,; She, L.; Wen, L.; Zhang, Q. Sensitivity analysis of drilling parameters in rock rotary drilling process based on orthogonal
test method. Eng. Geol. 2020, 270, 105576. [CrossRef]

Li, X.; Hao, J. Orthogonal test design for optimization of synthesis of super early strength anchoring material. Constr. Build. Mater.
2018, 181, 42-48. [CrossRef]

Xu, L.; Zhang, Y.; Zhang, Z.; Taylor, S.; Chen, M.; Wang, X. Experimental investigation on thermal performance of self-service
cold storage cabinet based on the orthogonal test. Appl. Therm. Eng. 2024, 242, 122315. [CrossRef]

Disclaimer/Publisher’s Note: The statements, opinions and data contained in all publications are solely those of the individual

author(s) and contributor(s) and not of MDPI and/or the editor(s). MDPI and/or the editor(s) disclaim responsibility for any injury to

people or property resulting from any ideas, methods, instructions or products referred to in the content.

36



H buildings @\py

Article

Vehicle-Bridge Coupling of Road-Rail Dual-Use Network Arch
Bridge Based on a Noniterative Approach: Parametric Analysis
and Case Study

Haocheng Chang !, Rujin Ma !'*, Baixue Ge ? and Qiuying Zhu 3

College of Civil Engineering, Tongji University, Shanghai 200092, China; changhcl6@tongji.edu.cn
College of Engineering, Sanda University, Shanghai 201209, China; baixuege@sandau.edu.cn
Department of Logistics Management, Soochow University, Suzhou 215031, China; qying97@163.com
Correspondence: rjma@tongji.edu.cn

* W N =

Abstract: In the realm of road-rail dual-use bridges, conducting accurate vehicle-bridge
coupling analysis is crucial, as the combined effects of road traffic and rail transit induce
complex dynamic challenges. This study investigates a road-rail dual-use network arch
bridge, highlighting the dynamic effects induced by light rail loadings. By employing a
noniterative vehicle-bridge coupling analysis method, the dynamic responses of hangers
caused by vehicular and light rail loads are effectively captured. Additionally, this study
explores the influence of various parameters, including vehicle types, driving lanes, and
road surface roughness on the responses of hangers positioned at different locations along
the bridge. The findings reveal that light rail induces significantly larger dynamic effects
compared to motor vehicles. When the light rail operates closer to the hanger, the responses
of hangers are more pronounced. Furthermore, different road surface roughness level
notably affects the amplitude of axial stress and bending moment fluctuations. Poorer road
conditions amplify these dynamic effects, leading to increased stress variations. These
insights underscore the necessity of integrating considerations for both road and rail traffic
in the structural analysis and design of network arch bridges to ensure their reliability
and serviceability.

Keywords: vehicle-bridge coupling; light rail; vehicles; hangers; parametric analysis

1. Introduction

Road-rail dual-use bridges [1,2], which accommodate both vehicular and rail traffic,
are increasingly important in regions with high-density transportation networks. These
bridges not only optimize space and reduce construction costs but also enhance connectivity
in urban and intercity transit systems. However, the coexistence of road and rail traffic
creates significant structural challenges, as these dual-use bridges must withstand the
dynamic loads from both vehicle and train movements. This interaction, referred to as
Vehicle-Bridge Coupling (VBC), is crucial for the design, analysis, and maintenance of road—
rail dual-use bridges [3-5]. The complexity of VBC necessitates precise and comprehensive
studies to ensure the safety, durability, and performance of such infrastructure throughout
its service life [6,7].

VBC refers to the dynamic interaction between moving loads (vehicles and trains)
and the structural response of the bridge [8,9]. The complexity of this interaction in road-
rail dual-use bridges arises from the differing dynamic characteristics of road vehicles
and rail systems. Road vehicles, particularly heavy trucks, induce significant vertical
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displacements and stresses on bridge components [10], while light rail or trains generate
additional longitudinal forces, vibrations, and bending moments [11-13]. These dynamic
effects can lead to fatigue damage, increased maintenance needs, and, in extreme cases,
structural failure if not adequately addressed in the design and analysis stages.

The study of train-bridge coupling vibrations began in 1849 after the vehicle-induced
vibration incident on the Chester railway bridge. Fryba, based on a unified system model
of vehicles and bridges, derived the analytical solution for bridges with different vehicle
models passing over a simply supported beam [14], and conducted a parametric analysis
of the impact of vehicle and bridge parameters, track irregularities, and other factors on
the vehicle-bridge system [15]. Wang et al. [16,17] proposed a 19-degree-of-freedom and a
23-degree-of-freedom train model considering nonlinear coupling and studied the impact
of trains on bridges at different speeds. Diana and Cheli [18] systematically studied the
dynamic characteristics of trains traveling on large-span deformable bridges.

Compared to railway loads, the load from road vehicles is smaller, and early vehicle—
bridge coupling vibrations were not significant. However, with the construction of large-
span bridges, the main spans of newly built bridges have become more flexible, and the
issue of vehicle-bridge coupling vibrations has gradually gained attention. Azimi et al. [19]
proposed a method using a Vehicle-bridge Interaction (VBI) element to simulate the contact
between the vehicle and the bridge. Ju et al. [20] used moving wheel elements, spring-
damping elements, concentrated masses, and rigid connections to simulate complex vehicle
models. Many scholars have conducted extensive parametric analyses of the vehicle-bridge
system [21,22]. Studies [23,24] also provide valuable insights into the coupling mechanisms
between road and rail traffic and offer novel perspectives on bridge safety and longevity.

Recent studies [25,26] have shown that the interaction between these two types of
traffic can lead to complex dynamic effects, particularly in critical components such as
hangers in network arch bridges [27]. The dynamic forces caused by light rail vehicles,
for example, tend to be more severe than those generated by motor vehicles, especially
when the rail operates close to structural components such as hangers. These forces, when
coupled with uneven road surfaces [19,28,29], further complicate the bridge’s response,
resulting in increased axial stresses and bending moments in main elements.

The study of vehicle-bridge coupling analysis has garnered considerable attentions, par-
ticularly with the increasing demand for resilient and multi-functional infrastructure [30,31].
Various methods have been employed to model and analyze the dynamic effects of mixed
traffic on bridges. Traditional VBC analyses often rely on iterative methods, which, though
accurate, are computationally expensive and time-consuming, especially for large struc-
tures like road-rail dual-use network arch bridges [32,33]. While finite element analysis
(FEA) has been used to model vehicle-bridge interaction [34], earlier models were often
limited in their ability to simultaneously account for the coupled dynamic effects of both
road and rail traffic. Recent approaches [35-37] have leveraged sophisticated computa-
tional tools, such as ANSYS (v2021) and MATLAB (v2017), to better simulate real-world
conditions, including varying vehicle speeds, road roughness, and dynamic forces from
light rail.

Building upon these developments, this study focuses on a non-iterative approach
to VBC, offering a more efficient alternative to traditional methods. The study uses the
Qilu Yellow River Bridge, one of the world’s longest network arch bridges, as a case study.
It explores how various factors, such as vehicle types, lane positions, and road surface
roughness, influence the dynamic responses of critical bridge components, particularly
hangers. This approach incorporates both road and rail traffic, which adds a unique
dynamic component to the system, highlighting the complexity of the interaction between
these two traffic modes and its impact on the bridge’s structural performance.
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The main contributions of this study are as follows:

o A detailed case study of the Qilu Yellow River Bridge, one of the world’s longest
network arch bridges, providing valuable insights into the dynamic behavior of
such structures.

e A comprehensive investigation of how different vehicle types (including heavy vehi-
cles and light rail) and lane positions influence the dynamic response of critical bridge
components, especially hangers.

e An evaluation of the impact of road surface roughness on the axial stresses and
bending moments in the hangers under real traffic conditions.

e A deeper understanding of the combined dynamic effects of road traffic and light rail
transit on the structural performance of the bridge.

2. Noniterative Method for Vehicle-Bridge Coupling

The simplified noniterative method for vehicle-bridge coupling proposed in the
former work [27] is used here, in which the velocity terms in both the vehicle model and
surface model are omitted.

The general dynamic equilibrium equation (vibration equation) for a vehicle or
bridge [38,39] is:

Mz + Cz+ Kz =F, 1)

where M is the mass of the vehicle. C is the damping. K stands for the stiffness matrices.
z, z, z and are the acceleration, velocity and displacement, respectively. F is the external
force vector.

For a two-axle vehicle model of seven degrees of freedom without considering the
velocity terms, the force F, can be written as:

Fy = {0/ 0,0, kw1261, kw22g2/ kwazgs, kwazga }/ ()

where ky; is the stiffness coefficient of wheel i (i = 1, 2, 3, 4). The forced displacement
exerted on wheel i, due to the road’s influence, is denoted as Zgi.

In this work, a two-axle multi-degree-of-freedom light-rail-vehicle model to simulate
the train. The model is more representative of real vehicles. In the multi-degree-of-freedom
vehicle model, the vehicle body is not treated as a mass unit but as a rigid body unit. A
pair of wheels is treated as a mass unit, connected by springs and dampers. The bogie
is modeled as a rigid unit, connected to the vehicle body and wheelsets by springs and
dampers. By considering the effect of the bogie, this model is closer to the actual light-rail
vehicle. The train prototype is an A-type vehicle with a 6-carriage configuration.

For a two-axle multi-degree-of-freedom light-rail-vehicle model (see Figure 1) without
considering the velocity terms, the force F,; can be written as:

Fyr = {0/ 0,0, kwlzg1/ kw22g2/ kw3zg3/ kw4zg4/ kw52g5/ kw6zg6 }/ 3)

where ky; is the stiffness coefficient of wheel i (i =1, 2, 3, 4, 5, 6). The forced displacement

exerted on wheel 7, due to the road’s influence, is denoted as z,;, which can be computed as

gi/
the sum of road roughness or track irregularity r(x;) and the instantaneous displacement
z,; of the bridge at the wheel i:

zgi = 1(X;) + Zyi- 4)

It should be noted that the load from the light-rail vehicle includes multiple types,
such as vertical load, lateral load, and hunting load. Vertical load refers to the load in the
vertical direction generated by the vehicle’s weight and the interaction between the vehicle
and the bridge, typically related to the vehicle’s gravity. Lateral load refers to the lateral
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forces generated by a vehicle during motion, typically caused by its sideway movement
or contact with the track. This load affects the bridge’s lateral stability. Hunting load
refers to the dynamic loads generated by the vehicle’s oscillatory movement or “hunting”
phenomenon. The hunting effect usually occurs when the track is uneven or when the
vehicle speed is high, causing the vehicle to oscillate laterally, resulting in additional lateral
dynamic loads. In this study, only the vertical load of the train is considered in its impact

on the bridge.

7 7 7

19 98 8 ¢

| | T
! 23m 10.3m 23m 4.6m 23m 10.3m 2.3m

Figure 1. Illustration of the light-rail-vehicle model.

For a bridge, the damping matrix Cp, is typically computed using Rayleigh damping
theory. This model characterizes the damping properties of a system in structural dynamics.
According to Rayleigh damping theory, Cy, is computed as [40]:

Cb - lXMb + ﬁKb/ (5)

where « and B are the Rayleigh damping coefficients. These coefficients are derived from
experimental data or the system’s physical properties. They are calculated using the
mode-damping ratio:

_ 2wiwj(Giwj — Gwi)

R A ©
] 1
2(Cjwj — Ciw;
e o

] 1
where w; and wj are the natural frequencies of vibration for the ith and jth modes, respec-
tively. The damping ratios {; and ; correspond to these modes, based on empirical data.
The surface model is primarily composed of the road surface roughness model and
the track irregularity model. Road surface roughness is typically modeled as a zero-mean
stationary Gaussian random process. The distribution function corresponding to road
surface roughness is formulated as:

E-wkﬁ, w) < wi < Wy
S(wr) = { 0, others ! ®
where S(wy) represents the power spectral density function of road surface roughness,
while 8 denotes the frequency index, typically set to 1.94. Here, wy refers to the spatial
frequency, with w; and w,, being the lower and upper spatial frequency limits, respectively.
The coefficient & characterizes the road surface roughness and can be categorized into
five levels, ranging from excellent (A) to very poor (E). Further details regarding these
classifications are provided in ref. [27].
Inverse Fourier transform can be used to obtain the road surface roughness as:

r(x) = 2112]:1 24/ S(wg)Aw-cos(2mwix + ¢y), 9)
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wy=w;+ (k—1/2) Aw, (10)

Aw = (w, —wyp)/N, (11)

where ¢y represents the random phase angle within the interval [0, 27t); x is the longitudinal
coordinate; N corresponds to the number of terms in the trigonometric series.
The track irregularity is quantified as:

Ay x (22

D= (o a0+ gy

(12)

in which (2 is the spatial frequency of track irregularities. Detailed descriptions of (2., (2,
and A, can be found in ref. [27]. The validation of the noniterative method is provided
in ref. [27], where it was demonstrated that the results from this method align well with
those obtained using traditional iterative methods and experimental data. The noniterative
method has no restrictions on the FEM, making it applicable to a wide variety of bridge
types. Additionally, it improves efficiency by eliminating the need for iterative processes,
although it tends to be slightly conservative. In summary, the noniterative method offers
high transferability, enhanced efficiency, and accuracy, making it well-suited for analyzing
the impact of various parameters, including vehicle types, driving lanes, and road surface
roughness, on the responses of hangers at different locations along the Qilu Yellow River
Bridge in this study.

3. Application to a Road-Rail Dual-Use Network Arch Bridge

The present study focuses on the Qilu Yellow River Bridge, a major infrastructure
located in Jinan City, Shandong Province, extending a total length of 6742 m. Figure 2
shows the elevation layout of the Qilu Yellow River Bridge. This bridge is an exemplary
network-tied arch design, featuring a main span of 420 m, positioning it among the longest
of its kind globally. Notably, the bridge is engineered as a dual-purpose road-rail structure,
accommodating both vehicular traffic and urban rail transit, configured with two-way, eight-
lane provisions. The network arch design is supported by 88 hangers, critical components
for maintaining structural integrity under dynamic loads. The main beam is made of
Q345¢E steel. The arches are made of Q420qE steel, and the hangers consist of high-stress
epoxy-coated steel strands. The main properties of the steel materials are shown In Table 1.
In the subsequent analysis, the steel material remains in an elastic state.

Table 1. Properties of steel.

Part Main Beam Arch Hangers
Steel type Q345qE Q420qE Steel strand
Elastic modulus (Mpa) 206,000 20,6000 200,000
Shear modulus (Mpa) 79,000 79,000 -
Poisson’s ratio 0.31 0.31 --
Design value of tensile/compressive/bending strength (Mpa) 275 335 1005
Standard value of tensile strength (Mpa) - - 1860
Design value of shear strength (Mpa) 160 160 -
Coefficient of thermal expansion (°C) 0.000012 0.000012 0.000012

To facilitate a comprehensive vehicle-bridge coupling analysis, three strategically
located hangers—designated as A, B, and C (see Figure 2)—have been selected. These
hangers are positioned at key points along the bridge: near the support, at the quarter, and
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at the midspan, respectively. Given the dual-use nature of this bridge, detailed vehicle—
bridge coupling analysis is imperative for understanding the coupled dynamic behavior
and ensuring the bridge’s long-term serviceability under mixed traffic conditions.

A/ Va
Hanger A Hanger B Hanger C
(a)
Hangers A,B,C '

Lane 1 for Lane 2 for
Lane 1 Lane 2 Lane 3 Lane 4 Light rail  Light rail

< < L L

Lane 5 Lane 6 Lane 7 Lane 8

oLl Llol 1]

Figure 2. (a) Elevation layout of the Qilu Yellow River Bridge; (b) lane layout of the main span. Note:
Reprinted with permission from ref. [27], 2024, Elsevier.

The finite element model (FEM) of the bridge was constructed using ANSYS (v19.0)
software. The primary components, including the main arch, girder, and hangers, were
modeled using Beam4 elements. For the girder, a fishbone beam method was employed,
where rigid elements represented the two inner lanes, with nodes precisely located at
the lane centers to apply vehicle loads. To account for the mass and rotational inertia
of the bridge deck, mass21 elements were utilized, concentrating these properties along
the bridge’s centerline. According to the design schematics, constraints were enforced at
the base of the arch ribs. Figure 3 illustrates the FEM and the corresponding boundary
conditions in detail. In addition to self-weight, the dead load includes pavement, railings,
pipelines, and other components, totaling 223 kN/m. Under the basic combination of
loads shortly after the completion of the bridge, the steel structure of the 420m-span main
girder is primarily subjected to tension. The maximum tensile stress at the bottom edge is
232.6 MPa, while the maximum tensile stress at the top edge is 173.9 Mpa.
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Figure 3. Finite element model and boundary conditions of the Qilu Yellow River Bridge.

The process for applying the prestressing force to the hangers is as follows. First, we
create an initial model of the bridge and perform a static analysis to obtain the bridge
profile. If the profile differs from the actual/design profile, we adjust the stresses in the
hangers and rerun the static analysis. This procedure is repeated until the obtained bridge
profile matches the actual profile and the final stresses in the hangers correspond to the
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initial locked-in stresses. The axial forces in the hanger rods under dead load are shown
in Figure 4. The distribution of dead load axial forces in the hanger rods is relatively
uniform, with the maximum axial force in the hanger rods of the 420 m-span tied-arch
bridge reaching 3548.1 kN. Furthermore, it should be noted that the initial axial stresses of
hangers A, B, and C are 515.73 Mpa, 378.24 Mpa, and 394.49 Mpa, respectively.

420

5104 5107 5110 5113 5116 5121 5206 5210 5213 5216 5219 5303 5307 5310 5313 5316 5321 5406 5410 5413 5416 5419

Figure 4. The axial forces in the hanger rods under dead load.

The main parameters of the four motor vehicle types can be found in ref. [41]. The
parameters of train prototype (an A-type vehicle with a 6-carriage configuration in Figure 1)
are shown in Table 2.

Table 2. Parameters of train.

Parameter Value
Car body mass (ton) 39.5
Bogie mass (ton) 2.2
Wheelset mass (ton) 1.9
Primary Suspension Vertical Stiffness (kN /m) 1746
Secondary Suspension Vertical Stiffness (kN/m) 820
Primary Suspension Vertical Damping (kN-s/m) 60
Secondary Suspension Vertical Damping (kN-s/m) 217.4
Wheel Radius (m) 0.42

The flowchart of the noniterative method for vehicle-bridge coupling is depicted in
Figure 5. The methodology proceeds as follows. (1) Generate road surface roughness
samples using MATLAB (v2020), and combine them with the longitudinal slope of the
bridge to obtain the variations in the bridge deck profile along the vehicle’s travel path. The
longitudinal slope of the bridge is an important factor because it affects how the vehicle
interacts with the bridge deck, influencing the dynamic loading conditions. By incorporat-
ing the longitudinal slope with the surface roughness, we can more accurately simulate
the real-world driving conditions, where vehicles experience both surface irregularities
and slope variations, which can impact the vehicle’s stability and response, especially
when traveling uphill or downhill. (2) Use the APDL command script to establish the
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mass-spring-damper model of the vehicle. (3) Treat the bridge as a rigid body and apply
the longitudinal slope of the bridge and road surface roughness generated by MATLAB
(v2020) as forced displacements to the wheel supports along the vehicle’s travel distance,
in order to obtain the wheel support reaction forces as a function of distance. (4) Use
ANSYS (v19.0) software to establish a spatial finite element model of the bridge, applying
the wheel support reaction forces as external loads. After amplifying the loads using the
impact coefficient calculated, apply the amplified loads to the bridge model to obtain the
bridge’s response. This method significantly improves both computational efficiency and
convergence by eliminating the iterative process. Moreover, the approach accounts for
the effects of longitudinal gradients of the bridge deck and road surface roughness on the
bridge’s dynamic response.

Start

! !

Mass—spring—

Road roughness damping vehicle FEM of the bridge
(MATLAB) model (Equation 1) (ANSYS)
Forced
Longitudinal gradients displacements Determine the
of the bridge deck integration time step
Variation curve of External
support reaction loading
forces—distance

Dynamic response of
the bridge

Figure 5. Flowchart of the noniterative method for vehicle-bridge coupling analysis.

The reliability and accuracy of the noniterative vehicle-bridge coupling method have
been thoroughly validated in ref. [27]. Furthermore, the motor vehicle and light rail models,
road surface profiles, and traffic distribution models employed in the subsequent parameter
analysis are based on the frameworks established in ref. [27]. A detailed description of these
models and their implementation can be found in ref. [27], where the methodology and
underlying assumptions are meticulously documented. This foundational work underpins
the current study’s analysis and ensures the robustness of the vehicle-bridge coupling
approach applied here.

4. Parametric Analysis of Hanger Responses for the Applied Bridge

4.1. Effect of Vehicle Types
4.1.1. Motor Vehicles

In this section, we consider scenarios where trailers with weights of 1.5t, 10 t, 30 t,
and 50 t run at a constant speed in lane 1. Moreover, the road surface roughness level of
C is considered. Figure 6 shows the time-dependent axial stress of hangers A, B, and C.
It is evident that as vehicles pass through the hangers, the axial stresses of the hangers
reach peak values. Notably, the 50 t trailer induces the most significant increase in axial
stress, with 7.7 Mpa, 8.3 Mpa, and 9.8 Mpa stress improvement for hangers A, B, and C,
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respectively. It is worth noting that as vehicles gradually move away from the hangers,
the stress of hangers B and C does not reach the axial stress under self-weight. Instead, it
initially drops to a value lower than the self-weight stress before gradually rising back up
to the stress caused by self-weight. The reason is the asynchronous displacements of the
upper and lower vertices of hangers under vertical vehicle loads. For example, when a
50 t trailer runs through the bridge, the vertical displacement and displacement difference
in the upper and lower vertices of hanger C are plotted in Figure 7a,b, respectively. The
figures clearly illustrate the asynchronous behavior of the upper and lower vertices, where
their vertical displacements exhibit distinct trends. Specifically, the vertical displacement
difference in hanger C is observed to be less than the difference induced by the hanger’s
self-weight at certain time intervals. This reduction in the displacement difference between
the upper and lower vertices is a critical factor contributing to the unloading phenomenon
observed in the hanger. The proximity of hanger A to the bridge support results in a
less pronounced unloading effect, indicating that the stress range of most hangers in
network arch bridges tends to increase as vehicles move away from the hangers compared
to when they are approaching. This behavior underscores the dynamic response of the
hangers and highlights the importance of considering such asynchronous displacements in
vehicle-bridge coupling analyses.
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Figure 6. Cont.
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Figure 6. Time-dependent axial stress of hangers considering different vehicle types: (a): hanger A;
(b) hanger B; (c): hanger C.
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Figure 7. (a) Vertical displacement of the upper and lower vertices of hanger C; (b) vertical displace-
ment difference between upper and lower vertices of hanger C.

4.1.2. Light Rail Vehicles

The light rail operates in its designated lane (i.e., lane 1 for light rail). Figure 8 illus-
trates the time-dependent axial stress of the hangers under light rail loading. Specifically,
Figure 8a shows the stress variation for hanger A, Figure 8b depicts the stress response of
hanger B, and Figure 8c describes the stress fluctuations for hanger C. These figures clearly
indicate the trend and characteristics of the stress variations experienced by each hanger
when the light rail travels over the bridge. A detailed analysis of the data in Figure 8 reveals
that hanger A undergoes the stress fluctuation of 12.9 Mpa. Hanger B and hanger C experi-
ence stress fluctuations of 25.2 Mpa and 35.4 Mpa, respectively. These observations indicate
that despite the relatively lower frequency of light rail passages compared to conventional
motor vehicles, the resultant stress impact on the hangers is notably more significant. This
highlights that the dynamic loads exerted by light rail vehicles induce substantial stress
variations, which can have a considerable impact on the structural integrity of the bridge.
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For hanger A, the stress fluctuations are most significant when the light rail passes near
the hanger. For hangers B and C, the stress fluctuations are more pronounced when the
light rail initially enters the bridge. The fluctuations (as observed in Figure 8) may be
induced by the track irregularity and hangers B and C are particularly sensitive to the
dynamic effects associated with light rail loading, as evidenced by the more pronounced
stress fluctuations observed. These findings underscore the importance of recognizing
the heightened dynamic effects introduced by light rail vehicles, which appear to impose
significant challenges to the structural performance of the hangers, particularly in localized
regions. The observed stress responses of hangers B and C suggest a greater sensitivity
to these dynamic loads, underscoring the need for careful consideration in the design,
monitoring, and maintenance of the bridge to ensure its long-term structural integrity.
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Figure 8. Time-dependent axial stress of the hangers under the light rail loading: (a): hanger A;
(b) hanger B; (c) hanger C.

Due to the large dynamic amplification factor and significant stress variations ob-
served in hanger C under vehicle loadings, it is identified as the most critical hanger for
detailed examination. Figures 9 and 10 present the time-dependent bending moments of
hanger C under the loads imposed by motor vehicles and light rails, respectively. The
overall pattern closely follows that of the axial stress in the hanger (see Figures 6 and 8),
with bending moments reaching their peak values as vehicles pass over the hangers and
subsequently diminishing as the vehicles move away. Specifically, under light rail loading
conditions, hanger C experiences longitudinal and transverse bending moment variations
of 231.5 N-m and 115.3 N-m, respectively. These variations lead to maximum stress changes
of 4.6 Mpa and 2.4 Mpa among the different steel wires within the hanger, which, when
superimposed, makes the steel wires on the side with higher stress more susceptible to
damage compared to those on the side with lower stress. This affects the fatigue life of both
the steel wires and the hanger. The bending moment analysis of the hanger here can provide
a basis for the analysis of the uneven fatigue life distribution of the steel wires inside the
hanger. The pronounced stress variation also highlights the critical nature of hanger C and
underscores the importance of accurately assessing its performance under such dynamic
loading conditions. Moreover, the distinct differences in the bending moment profiles
for vehicle and light rail loads reveal the varying impact of different types of loading on
the structural integrity of the hanger. The bending moments not only peak as vehicles
traverse the hangers but also display a notable reduction pattern during vehicle departure,
indicating the dynamic nature of the load transfer process. This behavior emphasizes the
need for a comprehensive understanding of both longitudinal and transverse bending
moments to accurately predict the structural response and ensure the durability and safety
of the hanger under diverse operational scenarios.
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Figure 9. Time-dependent bending moment of hanger C, considering different vehicle types: (a) lon-
gitudinal bending moment; (b) transverse bending moment.
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Figure 10. Time-dependent bending moment of hanger C under the light rail loading: (a) longitudinal
bending moment; (b) transverse bending moment.

4.2. Effect of Motor Vehicles Lanes

The bridge has a total width of 60.7 m, incorporating eight lanes for vehicles and
two lanes designated for light rail, as illustrated in Figure 2. In this section, it is assumed
that eight six-axle trucks, each weighing 50 t, travel simultaneously at the same speed
on Lanes 1 through 8, with a road surface roughness level of C. The axial stress, longitu-
dinal bending moments, and transverse bending moments of hanger C are depicted in
Figures 11a, 11b and 11c, respectively. Due to the opposite direction of traffic flow between
Lanes 5 to 8 and Lanes 1 to 4, the results associated with Lanes 5 to 8 are displayed in
reverse order of time. It is observed that vehicles driving on the outermost lanes on the
same side of the hanger C (Lane 1) have the most substantial impact on its response, re-
sulting in the largest stress variations. The influence gradually decreases for Lanes 2 to 4.
Conversely, lanes on the opposite side (Lanes 5 to 8) exhibit a significantly reduced impact
when compared to the lanes on the same side (Lanes 1 to 4). Among these, Lane 8 predomi-
nantly contributes to the unloading of hanger C after the vehicles have passed. From these
observations, it is clear that in practical engineering scenarios, heavy trucks often travel in
the outer lanes, leading to more pronounced effects on the structural responses of hangers.
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Therefore, it is essential to take into account the lane distribution characteristics of different
vehicle types when analyzing and designing for load impacts on bridge components.
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Figure 11. Time-dependent responses of hanger C, considering different lanes: (a) axial stress;
(b) longitudinal bending moment; (c) transverse bending moment.
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4.3. Effect of Light Rail Lanes

Figure 12 details the time-dependent responses of hanger C, considering light rail
traveling in different lanes, which include the following points.
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Figure 12. Time—dependent responses of hanger C, considering light rail traveling in different lanes:
(a) axial stress; (b) longitudinal bending moment; (c) transverse bending moment.
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(a) Axial stress: The axial stress variations are more significant when the light rail is
in Lane 1, showing higher peaks and more pronounced fluctuations compared to
those in Lane 2. This indicates that the proximity of the light rail lane to the hanger
significantly influences the axial stress experienced by the hanger.

(b) Longitudinal bending moment: The longitudinal bending moments also exhibit higher
peaks when the light rail is in Lane 1. The bending moment decreases gradually as the
light rail moves across the bridge, with the largest variations occurring at the entry
point of the light rail.

(c) Transverse bending moment: Similarly to the longitudinal bending moment, the
transverse bending moments are higher when the light rail is closer to the hanger
(Lane 1). This further emphasizes the critical impact of lane positioning on the stress
distribution within the hangers.

The fluctuation in the response of hanger C is notably larger when the light rail
operates in Lane 1 compared to Lane 2. This suggests a more significant influence of the
light rail lane that is closer to the hangers. Additionally, it is observed that, regardless of
whether the light rail operates in Lane 1 or Lane 2, the responses of hanger C exhibit the
greatest fluctuations when the light rail initially enters the bridge. This phenomenon is more
pronounced when the light rail is operating in Lane 1, highlighting the importance of initial
load impact on hanger performance. To ensure the bridge’s stability and minimize the lane
effect of light rails, it is recommended that the light rail lanes be placed closer to the central
line of the bridge deck. This strategic placement helps distribute the loads more evenly
and reduces the potential for excessive stress concentrations on the hangers. Moreover, it
enhances the overall structural integrity of the bridge. In conclusion, the analysis of the
time-dependent responses of hanger C under light rail loading underscores the necessity
of considering lane positioning and its effects on bridge stability. The findings suggest that
proper lane placement can significantly reduce the stress variations and bending moments
experienced by the hangers, thereby enhancing the overall durability and safety of the
bridge structure.

4.4. Effect of Road Surface Roughness

Figure 13 illustrates the time-dependent axial stress, as well as longitudinal and
transverse bending moments of hanger C, under road surface roughness grades C (general)
and E (very poor). It can be observed that variations in road surface roughness have
a relatively minor impact on the hanger’s overall response. However, the road surface
roughness significantly influences the amplitude of fluctuations in axial stress and bending
moments. The poorer the road surface condition, the greater the fluctuation in both axial
stress and longitudinal and transverse bending moments, especially when vehicles pass
through the hanger. For example, the response of hanger C associated with road surface
roughness level E exhibits more pronounced fluctuations compared to those associated
with road surface roughness level C, particularly during vehicle passages near the hanger.
This observation indicates that poor road surface conditions amplify the dynamic effects
on hanger C, resulting in increased stress variations.

The increased fluctuation amplitude under worse road conditions is crucial because
stress amplitude is a primary factor affecting the fatigue performance of hangers. Elevated
stress fluctuations can accelerate the initiation and propagation of fatigue cracks, ultimately
reducing the lifespan of the hangers. Therefore, in the context of bridge design and
maintenance, it is essential to consider the impact of road surface roughness on hangers’
responses to ensure long-term durability and safety. Regular monitoring and maintenance
of the road surface can help mitigate these adverse effects, thereby enhancing the structural
integrity and service life of the bridge. Moreover, considering different road surface
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roughness levels in the analysis provides a more comprehensive understanding of the
bridge’s performance under various operating conditions. This approach helps in designing
more robust bridges that can withstand a wide range of real-world scenarios, ultimately
contributing to improved reliability of bridge structures.
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Figure 13. Time-dependent responses of hanger C, considering different road surface roughness
levels: (a) axial stress; (b) longitudinal bending moment; (c) transverse bending moment.
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5. Conclusions

In this study, the responses of hangers in a network arch bridge designed for both
highway and light rail traffic under real traffic conditions were investigated using a non-
iterative vehicle-bridge coupling method. The effects of vehicle types, driving lanes, and
road surface roughness were considered in the analysis. The key findings are summarized
as follows.

e  Heavy vehicle loads, especially from 50 t trailers, significantly increase hanger axial
stress. Hanger C, in particular, experiences the highest stress increment, with a peak
increase of 9.8 MPa. This demonstrates the substantial impact of heavy vehicles on
hanger stress. However, light rail vehicles induce even greater stress fluctuations. For
instance, hanger A exhibits a maximum stress increase of 12.9 MPa, while hangers B
and C show fluctuations of 25.2 MPa and 35.4 MPa, respectively. This underscores
the dynamic loading effects of light rail traffic and its potential to affect the structural
integrity of the hangers more severely than highway vehicles.

e  The influence of vehicle lanes on hanger responses is notable, particularly for outer-
most lanes. Vehicles on Lane 1 induce the largest stress variations, suggesting that
lane positioning should be considered in bridge design to mitigate stress concentra-
tions. Additionally, the placement of light rail tracks closer to the hangers, as seen in
Lane 1, intensifies the stress variations in hanger C. This highlights the importance of
optimizing the positioning of light rail lanes to improve load distribution and reduce
localized stress concentrations.

e Road surface roughness amplifies dynamic loading effects. Poor road conditions,
particularly grade E surfaces, exacerbate stress and bending moment fluctuations,
underlining the need to account for road surface quality in the design and maintenance
of the bridge.

e Hanger C, located at midspan, exhibits the most significant stress fluctuations across
all loading conditions. This indicates that midspan hangers are critical to the overall
structural performance, with both axial stress and bending moments peaking as
vehicles pass.

In conclusion, the study emphasizes the importance of accounting for vehicle types,
lane positioning, light rail track placement, and road surface conditions in bridge design.
Addressing these factors will help engineers enhance the structural performance, durability,
and safety of hangers in network arch bridges under various traffic conditions.

Due to limitations in computational capabilities, the finite element model of the
network arch bridge with wire mesh hangers used in this study primarily employed beam
elements. The components are connected at common nodes. In future studies, solid
elements should be used to model the connection between the hangers and the main beam
to improve the accuracy of the calculations, while also better reflecting the local force
characteristics at the connection points.
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Abstract: Concrete-filled round-ended steel tubes (CFRTs) are a unique type of composite stub
columns, which have the advantage of aesthetics and a well-distributed major-minor axis. Thus, the
structure has been widely employed as piers and columns in bridges. To improve the mechanical
performance of CFRTs with a large length—width ratio and to enhance the restraint effect of steel tubes
on concrete, this study investigates the compressive property of multi-chamber, concrete-filled, round-
ended steel tubular (M-CFRT) stub columns using a combination of experimental and numerical
analyses. A detailed compression test on eight specimens is conducted to examine the compressive
property of M-CFRT stub columns. The study focuses on understanding the influence of some key
parameters on ultimate bearing capacity, failure stage, damage modes, and ductility. Additionally,
the accuracy of the finite element modeling method in simulating the ultimate bearing capacity of the
structure is verified. Finally, the calculating formula for the ultimate bearing capacity of M-CFRT
stub columns is proposed on the basis of the experimental and numerical findings. Results of the
formula calculation are consistent with the experimental data. These research findings serve as a
valuable reference for designing similar structures in engineering practice.

Keywords: concrete-filled round-ended steel tubular stub column; multi-chamber steel tube; ultimate
bearing capacity

1. Introduction

Round-ended reinforced concrete columns have a suitable major-minor axis distri-
bution, a low flow resistance coefficient, and an attractive appearance; thus, this structure
has been employed extensively as piers and columns in bridge engineering over the past
decades [1-3]. However, building it is a highly difficult procedure that requires substantial
formwork, particularly at the beam-column joints. Furthermore, as heavy haul railroads
and tall bridges grow in popularity, the need for piers to have a certain bearing capacity, duc-
tility, and anti-seismic property increases. Concrete-filled steel tubes are a good choice, due
to their excellent mechanical properties and convenient construction characteristics [4-6].

A novel type of composite stub column, known as concrete-filled, round-ended steel
tube (CFRT) stub columns, was proposed against this background. Given their rounded
edges, CFRT members have high architectural aesthetic and may successfully lessen the
influence of fluid load on the pier. In addition, CFRT stub columns can offer the benefit
of not requiring a reinforced cage or formwork. In this construction method, permanent
and integral formworks can be achieved by using external steel tubes, which can function
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as permanent and integral formworks, resulting in decreased labor costs, materials, and
construction time. As a result of these advantages, CFRT stub columns have recently
garnered increasing interest from domestic and foreign researchers and engineers and have
been used in bridge construction, as demonstrated by the Weihe Bridge in Baoji City, China,
the Houhu Cable-stayed Bridge in Wuhan, China, and the Platform of the Xinglin Gulf in
Xiamen City, China (illustrated in Figure 1) [7,8].
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Figure 1. Illustrations and typical applications of CFET members. (a) Cross-section of CFRTs.
(b) Weihe bridge in Baoji City. (c) Cable-stayed bridge in Wuhan city. (d) Xinglin Gulf in Xiamen City.

In actual engineering, the axial compression performance is a key property for struc-
tures. To date, numerous experimental and finite element analysis (FEA) research have
been conducted on the property of CFT stub columns or other structures under axial
compression, and the research provided ideas for this study [9-17].

However, to the author’s best knowledge, not many studies have been published on
CEFRT stub columns. Xie et al. [7,8] investigated the behavior of paired RECEST columns
during the time of the construction of the Houhu Cable-stayed Bridge. Zhou et al. [18]
conducted experimental studies on the compressive behavior of concrete-filled single-skin
and double-skin steel tubular stub columns, and they also explored the effects of concrete
strength and geometric dimension. Ding et al. [3] studied the behavior of CFRT stub
columns under axial compression through experimental and numerical investigations
and also suggested a simplified streamline for determining the ultimate carrying capacity.
Han et al. [19] tested round-ended concrete, stainless steel, carbon steel, and multi-skin
stub columns. They discovered that the composite stub columns exhibited strong bearing
capacity and good ductility. In addition, Wang et al. [20] and Ding et al. [21] conducted a
numerical investigation on the compressive properties of CFRT stub columns and proposed
a novel method, which involves the welding of bidirectional stirrups to the inner surface
of the round-ended steel tube, resulting in track-shaped, rebar-stiffened, concrete-filled,
round-ended steel tubular stub columns. The analysis results demonstrated that the
novel approach can successfully avert local buckling and enhance the overall ultimate
carrying capacity.
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Previous studies have found that welding work between the steel tubes and stirrups
is a challenging task in practical engineering [20]. Additionally, as the aspect ratio (B/D)
increases, the function of restraint of the steel tube on the core concrete decreases, and when
the section aspect ratio of a round-ended CFST column is greater than 5.0, the constraints
to the core concrete by a single-cavity steel tube becomes negligible, leading to an increased
severity of the local buckling of the steel tube [3,21]. This issue makes it difficult to use
the columns in engineering applications. To address these issues, this study proposes a
new method to enhance the compressive property of composite stub columns, hereafter
called multi-chamber, concrete-filled, round-ended steel tubular (M-CFRT) stub columns,
as shown in Figure 2. However, the compressive behavior of these columns is currently
unknown, and the effect of vertical diaphragms must also be investigated.

Through these research activities, the study aims to fill the research gaps and provide
valuable insights into the design and utilization of M-CFRT stub columns in practical
engineering. Specifically, on the basis of the experimental and numerical data results
from our research group [3,21], the major objectives of this study are as follows: (1) ex-
plore the mechanical performances of the composite columns by conducting axial com-
pression tests on eight specimens with different preformed chambers, (2) investigate the
axial loading behavior by developing FE models based on the experimental results, and
(3) derive a simplified formula for predicting the ultimate carrying capacity by applying
ratio simplification in accordance with the superposition principle and on the basis of the
tested and numerical consequences [3,17].

2. Experimental Investigation
2.1. Test Specimen

This study involved the design and testing of a total of eight specimens to examine
the axial compressive properties of the M-CFRT stub columns. The effects of chamber
construction and aspect ratio (B/D) were considered. Figure 2 shows the cross-section
dimensions of the M-CFRT stub columns, and Table 1 provides the detailed information
for each specimen. In the table, B represents the out-to-out dimension in the minor axis
direction, while D represents the out-to-out dimension in the major axis direction and the
diameter of the two semicircles of the cross-section. t denotes the parameter indicating the
thickness of the steel tube and the vertical diaphragm, whereas L signifies the height of the
specimen in millimeters. f, stands for the yield strength of the steel, and f.;, represents the
cube strength of the concrete. Expressed as the quotient of the steel tube area divided by
the total cross-sectional area, the steel ratio is denoted as ps. The ultimate bearing capacity
of the specimens subjected to testing is represented by Nj,.
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Figure 2. Cross-section of M-CFRT stub columns.

The fabrication of multi-chamber round-ended steel tubes consisted of two steps.
Initially, U-shaped cross-sections were formed from the flat steel plates. Subsequently,
two U-shaped cross-sections and several vertical diaphragms were joined together using
single-bevel butt welds. The choice to use butt welds followed the guidelines specified in
the standard GB 50017-2003 [22].
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Table 1. Geometric properties and characteristics.

No. Specimen ID B x D x t x Hmm B/D Chamber fs feu Ps Ny o/kN
1 CFST-A1l 228 x 114 x 4 x 500 2 1 334 37 10.1 1420
2 CFST-A2 228 x 114 x 4 x 500 2 2 334 37 12.1 1740
3 CFST-A3 228 x 114 x 4 x 500 2 3 334 37 14.0 1800
4 CFST-A4 228 x 114 x 4 x 500 2 4 334 37 16.0 1930
5 CFST- A5 342 x 114 x 4 x 500 3 1 334 37 9.0 1830
6 CFST- A6 342 x 114 x 4 x 500 3 2 334 37 10.3 2400
7 CFST- A7 342 x 114 x 4 x 500 3 3 334 37 11.5 2510
8 CFST- A8 342 x 114 x 4 x 500 3 4 334 37 14.0 2715

2.2. Material Properties

Before the trial, the mechanical properties of the materials, including steel plate and
concrete, were determined through material testing using standard methods. Mild steel
was the type of steel used in this study, and three tensile coupons were cut to obtain
the material properties of the steel tube used in the specimens. Additionally, the cubic
compressive strength (fz;) of concrete was obtained by testing concrete cubes. Further
details regarding the material properties are summarized in Table 1.

2.3. Experimental Instrumentation

Axial compression experiments were conducted on eight specimens utilizing a uni-
versal pressure testing machine with a 500-ton capacity in the National Demonstration
Center for Experimental Civil Engineering Education at Hunan City University. For the
precise deformation measurement of the specimens, six strain rosettes (S) were affixed to
the mid-height of the columns, and two LVDTs were affixed at an identical position, as
illustrated in Figure 3. Meanwhile, the DH3818 static strain measurement system was used
to obtain axial load vs. strain curves, while electronic transducers and a data acquisition
system were used to collect axial load vs. deformation curves.

lN
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Cross-section

v
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Figure 3. Experimental instrumentation for all specimens. (a) Schematic view. (b) Experimental setup.

All specimens were tested under monotonic static loading, and the compressive load
was applied to the top of the specimens through a load control mode. First, the load
increased by a step of 1/20 of the expected ultimate load in the elastic stage. Second, the
load was applied to the specimens via displacement control, with an increment of 0.2 mm
after reaching approximately 60% of the expected ultimate bearing capacity. Each loading
step lasted 3-5 min. When the load was up to the ultimate bearing load, the specimen was
loaded slowly and continuously at a step of 0.5 mm, and data were recorded continuously
for 5 min. Finally, the tests were stopped when the axial strain reached 0.04, which was
the maximum strain of the specimens. The entire loading time for each specimen was
approximately 1.5 h, utilizing the experimental configuration adopted from Ding et al. [3].
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3. Experimental Results Analysis
3.1. Failure Stages

Figure 4 shows the axial load—strain curves of the specimens, where the compression
of composite stub columns exhibited a consistent pattern. Consequently, it was segmented
into three distinct stages: the elastic stage, the elastic—plastic stage, and the failure stage.
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Figure 4. Axial load-strain curves of specimens. (a) CFST-A1~CFST-A4 specimens. (b) CFST-
A5~CFST-AS8 specimens.

Stage I: During the elastic phase, the elastic modulus of all specimens remained
constant. The imposed load increased quickly, whereas the elastic displacement was close
to zero.

Stage II: In the elastic—plastic phase, as the applied load approached approximately
60-70% of the peak value, the steel tube initiated yielding. Subsequently, the axial load-
strain curves manifested an elastic—plastic behavior.

Stage III: When the peak value was reached, the applied load decreased sharply as the
displacement continued to increase. This phenomenon primarily resulted from the core
concrete failure, coupled with the steel tube buckling.

3.2. Damage Modes

Figure 5 illustrates the characteristic failure modes observed in all examined specimens.
As depicted, the failure modes among CFRT stub columns (such as specimens CFST-A1 and
CFST-A5) and M-CFRT stub columns (such as specimens CFST-A2-CFST-A4 and CFST-A6-
CFST-A8) were virtually indistinguishable overall. All the specimens showed remarkable
axial compression deformation, and the outer steel tube exhibited local buckling.

After the compression test was stopped, the outer steel tube was cut off, and then the
condition of the core concrete was observed, as shown in Figure 6. At first, the CFST-A1
specimen had an inclined shear rupture zone and/or even crushes in the core concrete,
and the composite stub column could no longer withstand the axial load, as shown in
Figure 6a. The analytical results demonstrated that the steel tube with a single cell cannot
provide a sufficient confinement effect on the core concrete and therefore cannot effectively
prevent the formation of the shear sliding crack in the core concrete. In addition, for the
CFST-A2, CFST-A3, and CFST-A4 specimens, the core concrete was crushed only at the
area of local buckling, as shown in Figure 6b—d, yet the core concrete remained intact due
to the confinement effect of the steel tube. Therefore, the multicell steel tube helps enhance
the confinement effect on the core concrete, fundamentally preventing the shear cracks in
the core concrete from expanding rapidly and changing the failure mode of the composite
stub columns.
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Figure 5. Typical failure modes for tested specimens. (a) CFST-Al. (b) CFST-A2. (c) CFST-A3.
(d) CFST-A4. (e) CFST-A5. (f) CFST-A6. (g) CFST-A7. (h) CFST-AS.

Figure 6. Typical failure modes for core concrete. (a) CFST-Al. (b) CFST-A2. (c) CFST-A3. (d) CFST-A4.
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3.3. Ultimate Carrying Capacity

The presence of the multi-chamber steel tube stands out as a distinctive feature in
M-CEFRT stub columns, considerably setting them apart from conventional CFRT stub
columns. Therefore, the multi-chamber steel tube, which affects the compressive behavior
of M-CFRT stub columns, is discussed in detail in this section. Figure 7 shows the effects of
chamber numbers and aspect ratio on the ultimate carrying capacity.

3000

2400+

1800 20.0% 24:1%

Axial load N (kN)
o D
g8 S8

S
|

Figure 7. Comparison of ultimate carrying capacity for all specimens.

The number of chambers within the steel tube was considered while maintaining
consistency with the aforementioned parameters. Compared with the ultimate carrying
capacity of CFST-A1l, those of CFST-A2, CFST-A3, and CFST-A4 were improved by 20.0%,
24.1%, and 33.1%, respectively, with the chamber number of the steel tube increasing from 1
to 2, 3, and 4. In addition, compared with the peak capacity of CFST-A5, those of CFST-A6,
CFST-A7, and CFST-A8 were improved by 15.9%, 21.3%, and 31.2%, respectively, as the
chamber number of the steel tube increased from 1 to 2, 3, and 4. Therefore, the above
comparisons clearly demonstrated that the adopted multi-chamber steel tube can aid in
enhancing the ultimate carrying capacity of composite columns.

The aspect ratio is another critical parameter that affects the property of M-CFRT
stub columns; thus, it was scrutinized. The aspect ratios (B/D) were 2 and 3, and other
parameters remained the same as above. Compared with the ultimate bearing capacity
of CFST-A1-CFST-A4, that of CFST-A5-CFST-AS8 remarkably improved by 33.4%, 37.9%,
39.4%, and 40.8%, respectively, with the aspect ratio increasing from 2 to 3. In summary,
the ultimate carrying capacity is considerably affected by the aspect ratio.

3.4. Ductility

In this section, we select the ductility index (DI) [23] as a vital indicator for the
compressive performance of M-CFRT stub columns. It is employed to analyze the effect of
different factors on the ductility of composite columns. DI is defined as

DI = 2085 (1)
€p
where g g5 is the axial strain when the load is reduced to 85% of the ultimate load, ¢, is
equal to gy 75/0.75, and gy 75 is the axial strain when the load reaches 75% of the ultimate
load in the pre-peak stage. gyg5 and ¢, were derived from Zhang et al. [23]. Figure 8
illustrates a comparison of the DI for all examined columns, calculated using Equation (1).
A higher DI indicates a more gradual descent of the curve.
At first, Figure 8 reveals that compared with the DI value of CFST-A1, those of CFST-
A2, CFST-A3, and CFST-A4 remarkably improved by 44.1%, 72.9%, and 91.5%, respectively,
after welding multiple chambers into the steel tube. Additionally, compared with the DI
value of CFST-AS5, those of CFST-A6, CFST-A7, and CFST-AS8 remarkably improved by
100.4%, 173.9%, and 239.1%, respectively.
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Figure 8. Comparison of ductility index DI for all specimens.

Therefore, the ductility of the composite stub column was improved by the multi-
chamber steel tube. In particular, the higher the chamber number in the steel tube is, the
better the ductility is. Moreover, in consideration of ductility, the use of M-CFRT stub
columns with a multi-chamber steel tube and high-grade concrete is recommended in
engineering practices.

4. FEA
4.1. FE Models

Several numerical studies have validated that the compressive performance of CFST
columns with various cross-sections can be well and reasonably predicted through refined
FE modeling with proper settings.

The FE models were created by ABAQUS/Standard 6.9 software [24], a widely em-
ployed tool for investigating the compressive behavior of CFST columns. The C3D8R solid
element was used for all components of the composite columns. The mesh size in this
study was 10 mm. The loading plate and the model were rigid bodies.

The interfacial behavior between the steel tube and core concrete, where the sliding
formulation is finite sliding, was simulated using a surface-based interaction with hard
contact in the normal direction and the Coulomb friction coefficient of 0.5 in the tangential
direction to the interface. Two distinct surfaces may be coupled by a tie constraint so that no
relative motion occurs between them. The interface interaction between different materials
was derived from Zhang et al. [23].

The load was imposed by applying a specified displacement. Additionally, all degrees
of freedom at the bottom and top ends of the M-CFRT stub columns had constraint. Figure 9
shows the FE models.

Diaplacement

load

Loading plate

Vertical

Steel tube

ore concrefe

U1=U2=U3=0

(@) (b)

Figure 9. The meshed FE model. (a) Different components element. (b) FE model.

64



Buildings 2024, 14, 846

4.2. Material Constitutive Models

In this study, ABAQUS/Standard FE software 6.9 [24] was employed for comprehen-
sive FE modeling. The following stress—strain relationship for concrete under uniaxial
compression, presented by Ding et al. [25], was used in the model:

Ax+(B—1)x?
T+ (A—2)x+BxZ x=1
_x

y= 2)

w(x—1)"+x x>1
where the stress and strain ratios of the core concrete to the uniaxial compressive concrete
are yy = 0/f. and x = /e, respectively. The core concrete’s tension and strain are represented
by o and e. The uniaxial compressive strength of concrete is expressed as f. = 0.4f,”/°,
where f;, is the compressive cubic strength of concrete. The strain associated with the peak
compressive stress of concrete is denoted by ., where ¢ is equal to 383 f.,,”/1® x 107°. The
parameter A is equal to 9.1f,, ~*/%, which is the ratio of the initial tangent modulus to the
secant modulus at peak stress. B =1.6(A — 1)2is a parameter that controls the decrease
in the elastic modulus along the ascending branch of the axial stress—strain relationship.
Parameter o can be assumed to be 0.15 for a steel tubular stub column filled with concrete.
Many experimental studies on the material properties of steel indicate that the consti-
tutive behavior of steel can be described by an elasto-plastic model that takes into account
the von Mises yield criteria, the Prandtl-Reuss flow rule, and isotropic strain hardening.
This model has been validated in previous studies and is described below:

Ese; g < gy
P fy &y < g < g 3)
' fy + CEs(e; — &st) est < & < &y
fu & > €&y

where ¢; and ¢; are the equivalent stress and strain of the steel. f,, and f,(=1.5 f,) are the
yield strength and ultimate strength, respectively. Es (=2.06 x 105 MPa) and Es; (Es; = CEs)
are the elastic modulus and strengthening modulus. ¢, &y, and ¢, are the yield strain,
hardening strain, and ultimate strain of steel, which are described by ¢, = &5 + 0.5 fs/(CEs),
est = 12¢, €, = 120g;,, and ¢ = 1/216.

4.3. Experimental Verification

Based on the above settings, the validation of the FE modeling method involved a
comparison between experimental and numerical results, focusing on axial load—strain
curves and ultimate bearing capacity. This process assessed the practicality and precision
of the modeling approach.

Figure 10 reflects the deformation process of specimens at various stages through
axial load-strain curves. Table 1 compares the ultimate bearing capacity values obtained
from the experiment (N, yp) and the corresponding numerical results (N, rg). As shown
in Figure 10, almost no differences between measured curves and predicted curves are
observed at the initial stage. Moreover, a slight difference is observed between them at
other stages, especially for the elastic—plastic stage. This difference exists because although
FE models were generated under ideal conditions, preserving the accuracy of measured
curves was impossible once concrete crushing and steel tube yielding started. In addition, a
reasonable agreement is found, and the average ratio of Ny, rg /Ny, ¢ is 0.99, with a coefficient
of variation of 0.084. Hence, above comparisons show that the FE-simulated curves can
show satisfactory and reasonable agreement with the measured curves.
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Figure 10. Comparisons of axial load vs. strain curves of specimens between experimental and
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FE results. (a) CFST-Al and CFST-A2. (b) CFST-A3 and CFST-A4. (c) CFST-A5 and CFST-A6.

(d) CFST-A7 and CFST-AS. (e) CFST-A1 at point S1. (f) CFST-A1 at point S2. (g) CFST-A1 at point S3.

Figure 11 shows the comparison of the stress contour of the core concrete at the
ultimate loading state; the blue region represents the unconstrained region of the core
concrete. (1) As the chamber in the steel tube is increased, the unconstrained area of the
core concrete evidently decreases. (2) Additionally, almost no difference is found in the
constrained area of the core concrete on the semicircle cross-section, owing to the strong
confinement effect of the circular steel tube on the core concrete. It does not matter how
many chambers there are. (3) Most notably, the unconstrained areas of the core concrete
between two chambers and four chambers are almost the same, indicating that the steel tube
with four chambers cannot remarkably improve the effect of restraint, and the effect of the
vertical diaphragm on semicircles on the confinement effect is limited and even neglected.
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Figure 11. Comparisons of stress contours of the core concrete at the ultimate state. (a) single

chambers. (b) two chambers. (c) three chambers. (d) four chambers.

5. Design Approach

Currently, various design formulas are used to determine the ultimate carrying ca-
pacity of composite columns, e.g., CFT stub columns with rectangular, square, circular,
polygonal, and round-end cross-sections. Nevertheless, M-CFRT stub columns are not cov-
ered by the existing design approaches; rather, they are only appropriate for conventional
CFT stub columns. In light of the foregoing research, this study aims to provide a novel
formula for M-CFRT stub columns.

5.1. Parametric Study

A total of 96 FE models were established in consideration of the following key param-
eters: concrete strength ranging from C40 to C100, steel strength values of 235, 345, and
420 MPa, aspect ratio ranging from 2 to 4, steel ratio ranging from 0.02 to 0.08, and cell
number ranging from 1 to 4. Table 2 lists the detailed parameters of FE models used in the
calculation, with the columns with D = 1200 taken as examples.

Table 2. Geometric sizes of specimens for parametric study.

D/mm B/mm B/D Ps Cell Number L/mm
2400 2 5500
1200 3600 3 0.02~0.08 1~4 5500
4800 4 7000

Noted: Q235 paired with C40 and C60, Q345 paired with C60 and C80, and Q420 paired with C80 and C100.

5.2. Model Simplification

On the basis of the aforementioned study, the M-CFRT stub columns with three
chambers are inferred to have exhibited the optimal compressive performance, followed
by the four-, two-, and single-chamber arrangements. In addition, M-CFRT stub columns
can be considered a combination of rectangular/square and circular CFT stub columns.
Hence, the empirical formula for calculating the ultimate bearing capacity of composite
stub columns can be established through the application of the limit equilibrium approach,
as outlined in references [3,21].

Numerical results are used to extract the stress distribution at the peak condition of
M-CEFRT stub columns. The stress envelope of the M-CFRT stub columns can be computed
more simply, as illustrated in Figure 12.
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Figure 12. Simplified stress envelope with the mid-section of the M-CFRT stub column.

The reliance on the stress distribution and the unequivocal application of the super-
position principle for the concrete cross-section at its peak state are imperative. In this
context, A. represents the overall cross-sectional area of the core concrete, while A, s» and
Acc denote the areas of the core concrete constrained by square steel tubes and circular
steel tubes, respectively. Additionally, A.s; signifies the unconstrained region of the core
concrete. Furthermore, as illustrated in Figure 11, d is the width of the square concrete
(d = D — 2t). The relationships listed below can be stated in this manner:

AC,C+(n_1)AC,S = AC
Acs1 = 0.18Ac 4)
Acsr = 0.82Acs

5.3. Formulation

On the basis of the verified FE models, a parametric study on 96 FE full-scale models
were further performed to examine the performance of M-CFRT stub columns subjected to
axial loading: aspect ratio, which ranges from 1 to 4; steel ration, which ranges from 0.05
to 0.2; concrete strength, which ranges from C40 to C100; and steel yield strength, which
ranges from Q235 to Q420.

The longitudinal stress of the square/rectangular steel tube was extracted as soon as
the numerical results of the axial load—strain response attained its peak state. Moreover,
Figure 13 illustrates the correlation between the ultimate strength (f;c = N,/ As.) and ratio
value of axial stress to yield strength for CFT stub columns with square/rectangular cross-
sections, where the axial stress of the steel tube is denoted as o7y .

1.2

=107 . a=0.75

= endpoint of steel tube
® 1/4 point of steel tube
4 mid-point of steel tube
T T T T T T T
20 40 60 80 100
Ultimate strength f . (MPa)

to yielding strength o

S o © o ©
... DR

Ratio of axial stress at ultimate state

Figure 13. Average ratio of axial compressive stress to yield stress of the steel tube.

As shown in Figure 11, when M-CFRT columns reach their maximum strength, the
ratio value of the axial compressive stress to the yield stress is as follows:

oL = 0.75fy (5)

68



Buildings 2024, 14, 846

The tensile transverse stress (0 ) of the steel tube can be determined by applying the
von Mises yield criterion for steel, as follows:

0g,s = 0.36fy (6)

As shown in Figure 11, the relationship between the transversal stress (g ) of the
steel tube and the radial concrete stress (o, ) of the core concrete at the ultimate state can

be expressed as follows:

2to
Ore = 1 7)

In consideration of the confining stress, the axial compressive stress (o ) of the core
concrete can be expressed as follows:

0L, =fc + POy 8)

where p is the coefficient of lateral pressure (p = 3.4) [26].

On the basis of the static equilibrium criterion, the ultimate carrying capacity (Ny,)
of M-CFRT columns in the mid-height region is categorized into two parts, attributable
to the distinct confinement effects of square/rectangular and circular steel tubes on the
core concrete: the circular CFT stub column (Ny ) and the square/rectangular CFT column
(Ny,s); therefore, this formula can be expressed as

Nu:Nu,c +Nu,s (9)

Nu=Accfc + 1~7As.cfy) +((n — 1)op,cAcs2 +chc,sl +07,5As5) (10)

The cross-sectional area of the circular steel tube is denoted as As, while the cross-
sectional area of the square steel tube is represented as Ass; As represents the total cross-
sectional area of the steel tube, As = As + Ass; and n is the aspect ratio (B/D).

Subsequently, substituting Equations (4)—(8) into Equation (10), the resulting ultimate
carrying capacity of the columns (Ny) can be defined as

Nu = (Acefc + 17Asc fy) + (1 — 1) Acs fe + 12545 fy) (11)

Nu=Acfc+ (1.7 Asc + 1.25As5) fy (12)

Herein, when the aspect ratio (n = B/D) is taken as 1, Equation (9) can be expressed
as follows:
Nu =Acfc + 1.7Asfy (13)

The equation denoted by Equation (11), incorporating the confinement effect exerted
by a multi-chamber steel tube on the core concrete, is utilized to estimate the ultimate
bearing capacity of M-CFRT stub columns. Moreover, it is applicable for predicting the
ultimate carrying capacity of circular CFT stub columns, as expressed in Equation (10),
namely, M-CFRT stub columns with B/D = 1.

5.4. Formula Validation

To confirm the overall applicability and to assess the precision of the proposed formula
(Equation (11)), Figure 14 illustrates the comparison of the ultimate carrying capacity
between the predicted and FEA results. The comparison involves Eurocode 4 design
formulas, comprising 96 FE full-scale models; the ratios represent the values of the predicted
outcomes divided by the tested/FE results. The accuracy of the predicted results increases
when the average ratio approaches 1.
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Figure 14. Comparison of the ultimate bearing capacity between FE and predicted results. (a)

Formula Equation (11). (b) Eurocode 4.

As depicted in Figure 14a, the average ratio of Ny g /Ny gq is 1.00, with a coefficient of

variation of 0.032; the absolute average error is 0.026. In this study, the comparisons clearly
demonstrate that reasonable agreement is obtained between the numerical results and the
corresponding predicted values, suggesting that Equation (11) can be a reasonable estimate
for the ultimate carrying capacity.

Meanwhile, Figure 14b shows that the average ratio of Ny, rg/Ny gc is 1.20, with a

coefficient of variation of 0.080; the absolute average error is 0.143. Evidently, the FE
results considerably surpass the corresponding predicted values specified in the standard
Eurocode 4 [26], while the predicted strength is relatively conservative. This is because
the confinement effects of the semicircle and rectangular steel tube on the core concrete
are different in degrees, and both the confinement effects in standard Eurocode 4 are not
considered and also overlooked. To sum up, the suggested formula Equation (11) is a
reasonable and feasible calculation method.

6. Conclusions

The primary aim of this research is to investigate the compressive behavior of M-CFRT

stub columns using a combination of experimental and numerical investigations. The
following conclusions can be drawn:

@

@)

®)

On the basis of the test results, all the specimens under axial loading are thought to
undergo three stages before failing: elastic stage, elastic—plastic stage, and failure stage.
Additionally, the vertical diaphragm (chamber number), which can effectively prevent
and/or delay the core concrete crushing, essentially changes the failure modes of
M-CFRT stub columns. Furthermore, M-CFRT stub columns exhibit greater ductility
compared with CFRT stub columns.

The ultimate carrying capacity and ductility of M-CFRT stub columns remarkably
increase with the increase in the chamber number in the steel tube. That is, the axial
behavior of M-CFRT stub columns is improved by the multi-chamber steel tube,
namely, the vertical diaphragm.

The observed strong concordance between tested and FE results suggests a favorable
agreement. On the basis of these observations, a simplified formula for calculating
the ultimate bearing capacity of M-CFRT stub columns is introduced, employing the
limit equilibrium method. The predicted results from this formula align well with
FE and experimental ones. Consequently, this formula is a reasonable and feasible
calculation method for M-CFRT stub columns.
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Abstract: In this study, a refined model of the Shanghai Damaogang Bridge’s (hybrid beam type)
box deck joints is established. The correctness of the model is verified by construction monitoring.
For the front and back bearing plates, the force performance of the joint members under the most
unfavorable loads is investigated, and the force transmission mechanism is analyzed. The influence
of the bearing plate thickness and the joints’ stiffness on the stress distribution of the joint members,
the internal force of the joints, and the force-transfer efficiency is investigated by the method of
controlling variables, and the optimal structural parameters of the nodes are also studied. The
results show that, within the proximity of the back bearing plate, the thickness of the back bearing
plate affects stress distribution in the joint. The increased stiffness of the welding studs makes the
range of shear force along the bridge direction of the top and bottom welding studs larger, and the
longitudinal distribution of welding stud shear force is more uneven. The concrete structure bears a
higher proportion of the internal force in the joint compared to the steel structure.

Keywords: hybrid beam bridge; steel-concrete joint; bearing plate; welding studs; force transmission

mechanism

1. Introduction

Hybrid beam bridges employ steel beams instead of concrete beams in the mid-span
to reduce the self-weight of the main beam, therefore improving its span capacity and
fully leveraging the material properties of both steel and concrete. Unlike composite beam
bridges that utilize multiple materials on the same section [1-3], hybrid beam bridges
utilize different materials along the span direction. Therefore, steel-concrete joints are key
structures within hybrid beam bridges, and the rationality of these joints directly impacts
the safety of the bridge. With the widespread adoption of the hybrid beam bridge, such
as the Xupu Bridge in Shanghai, Yongjiang Railway Bridge in Ningbo, Mawei Bridge in
Fuzhou, and so on, scholars are increasingly focusing on the mechanical properties of
steel-concrete joints.

The overall mechanical performance and force transfer mechanism of the joint are
crucial aspects in the research on the hybrid beam joints [4]. Tang et al. [5] conducted a
finite element analysis to study the force characteristics and structural parameters of the
cellular steel-concrete joint in the back bearing plate of a hybrid girder cable-stayed bridge.
Zhang et al. [6] performed model tests and finite element analyses on the steel-concrete
joints in the Wusu Bridge, examining the force transmission mechanism of the joints in a
hybrid beam cable-stayed bridge. Xing et al. [7] conducted model tests on the steel-concrete
joints in a cable-stayed bridge, establishing a finite element analysis model using ANSYS to
discuss the simulation analysis method used for the steel-concrete joints in a hybrid beam

Buildings 2024, 14, 708. https:/ /doi.org/10.3390/buildings14030708 73 https://www.mdpi.com/journal /buildings



Buildings 2024, 14, 708

cable-stayed bridge. Zhang et al. [8], based on the elastic continuous medium layer method
and considering the slip between the steel structure and the concrete and the local pressure
of the concrete, proposed a theoretical calculation method for the cellular steel-concrete
joints within a back bearing plate in a hybrid beam, and analyzed the factors affecting the
force transmission mechanism of the joint using the finite element method. He et al. [9]
studied the mechanical properties of steel-concrete joints using UHPC grouting in single
cable-plane hybrid beam cable-stayed bridges through model tests and numerical analyses.
Yang et al. [10] conducted model tests on the joints in a high-speed railway hybrid beam
cable-stayed bridge, proposed simplified calculation formulas for deflection and rotation,
and analyzed the thickness of the bearing plate at the joint based on the finite element
method. Pu et al. [11] investigated the fatigue performance of the joints in a new type
of long-span railway cable-stayed bridge based on model tests and numerical analyses.
The results show that the thickness of the end bearing plate significantly influences the
fatigue performance of the joint, and a recommended thickness range of the end bearing
plate is provided. Gu et al. [12] studied the structural performance of the steel-concrete
joints in a hybrid beam cable-stayed bridge through model tests and the finite element
method, analyzing the force transmission mechanism of the joints. Yao et al. [13] proposed
a new type of steel-concrete joint for long-span railway hybrid beam cable-stayed bridges,
conducting model tests and studying the influence of different structural parameters on the
mechanical properties of the joint using the finite element method. Xu et al. [14] established
a full-scale model of a new type of joint, performed static bending tests, and analyzed the
influence of material damage plasticity on the mechanical properties of the new joint based
on the finite element method. Zhou et al. [15] conducted model tests and a finite element
analysis on the joints in a railway bridge, studying the force transmission mechanism and
the influence of structural design parameters on the mechanical properties of the joint.
Liang et al. [16] conducted half-scale model tests on the joint between a steel-concrete
composite beam and concrete beam in a large-span cable-stayed bridge. They established
a finite element model to study the crack development law of the joint and proposed a
new type of joint with an improved crack resistance performance. However, most of these
studies are centered on the joints in cable-stayed bridges, and the construction methods and
stress characteristics of hybrid continuous beam bridges differ from those of cable-stayed
bridges. Further investigations are required to study the structural parameter sensitivity
and force transmission mechanism of steel-concrete joints in hybrid beam bridges.

The design and mechanical properties of the internal structure of the joint are also
important aspects in the studying joints. He et al. [17] introduced a new type of steel—
concrete joint for hybrid beam cable-stayed bridges using perfo-bond connectors and
analyzed its mechanical properties by carrying out push-out tests on perfo-bond connectors
and 1:2 model tests on the joint. He et al. [18] investigated the failure mode, ductility,
and other mechanical properties of perfo-bond connectors in hybrid beam cable-stayed
bridge joints. They proposed a method for predicting the ultimate resistance of perfo-
bond connectors using the shear failure of the dowel. Jin et al. [19] designed 39 push-out
specimens to study the influence of various parameters such as hole size and hole shape
on the mechanical properties of large perfo-bond connectors in the steel-concrete joints in
hybrid bridges. They proposed a formula for calculating the shear capacity of the encased
perfo-bond connector. Zou et al. [20] developed a finite element model for push-out tests
on perfo-bond connectors in the steel-concrete joints in hybrid bridges and studied the
shear performance and force transmission mechanism of perfo-bond connectors. Based
on numerical simulation and theoretical methods, Zou et al. [21] further delved into the
mechanical behavior of perfo-bond connectors at the joint and gave a simplified calculation
method for determining the maximum slip, effective utilization rate, and load ratio. Zhou
et al. [22] designed a full-scale model of a joint from a hybrid beam cable-stayed bridge
and conducted fatigue tests based on this model to study the fatigue performance of the
joint’s steel structure, concrete structure, and connectors.
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In addition to the aforementioned considerations, scholars have also studied the
influence of the joint’s position on the bridge structure. Zhao et al. [23] examined the
influence of joint positioning on the nonlinear stability of the construction process in large-
span hybrid beam cable-stayed bridges. He et al. [24] proposed a method for determining
the optimal joint location based on the concept of system equivalence, and the effectiveness
of the method was verified by some case studies.

Hybrid beams find application in cable-stayed bridges, suspension bridges, and beam
bridges [25]. In different bridge types, the force characteristics of the joints in the hybrid
beams are different. In cable-stayed bridges, the axial force generated by cable action in the
main beam is conducive to the connection between the steel structure and the concrete in
the joint. While in continuous beam bridges, the main beam primarily experiences shear
force and a bending moment. To ensure joint reliability, multiple longitudinal prestressed
tendons need to be placed in this section. At present, steel-concrete hybrid structures are
mostly employed in cable-stayed bridges and relatively less in beam bridges. Existing
studies have primarily focused on the hybrid beam joints in cable-stayed bridges. However,
because of the excellent spanning capacity and economic performance of hybrid beam
bridges, more and more hybrid beam bridges have been built, but as mentioned above,
the joint structure used in beam bridges is complex, and the internal force transmission
and distribution are not clear yet. Moreover, most of the above studies are based on finite
element models, while this study establishes a finite element model of the joints based
on the engineering background of the Damaogang Bridge in Shanghai, and verifies the
correctness of the model through construction monitoring. Combining this model with on-
site construction monitoring, our study investigates the impact of bearing plate thickness
on the joint stress distribution. Additionally, it explores the influence of welding stud
stiffness on the shear force in the top and bottom welding studs, and analyzes the force
transmission mechanism in the joint.

2. Engineering Background

Damaogang Bridge in Shanghai is a three-span steel-concrete hybrid continuous-
girder bridge with a span arrangement of (65 + 135 + 65) m. The mid-span of this bridge
consists of a 40 m long concrete beam, a 55 m long steel beam, and a 40 m long concrete
beam. The steel box girder’s ends are connected to the concrete sections through the
steel-concrete joints featuring the front and back bearing plates with cells. In order to
ensure the shear force transfer between the concrete beam and steel beam, and to prevent
stripping between the steel structure and the concrete structure, welding studs are arranged
on the top and bottom plates and bearing plates. Additionally, the perfo-bond connectors
embedded in the concrete are employed on the top and bottom plates of the steel box girder.
At the same time, steel tendons are connected in the hole, subjecting the concrete within
to a three-dimensional compression state, thereby enhancing the shear bearing capacity.
The longitudinal internal prestressed steel strand is anchored at one end to the end bearing
plate, while the other end is anchored within the concrete. The externally prestressed steel
strand passes through the joints and the steel beam, with both ends anchored in the concrete
to make the connection between the concrete beam and the steel beam firm. Figure 1 shows
the joint structure.
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Figure 1. (a) Longitudinal section of joint (unit: mm); (b) cross section of joint (unit: mm).

3. Finite Element Model
3.1. Establishment of Finite Element Model

To study the reasonable structural parameters and force transmission mechanism of
the steel-concrete joint, this paper establishes a refined finite element model of the bridge
joint using the ANSYS version 18.2 mechanical software, and verifies the correctness of the
model with on-site monitoring data.

The joint of the bridge is located at about one-third of the main span, with relatively
small structural internal forces. At the same time, the joint uses thicker steel plates and
concrete, and a concrete beam transition section and a steel beam transition section are set
at both ends of the joint, resulting in lower stress levels for each component of the joint.
Without considering the local stress concentration, it can be considered that the components
of the joint have always been in the linear elastic range under load. Therefore, this paper
only establishes the linear constitutive relationship of the material during simulation, and
the material properties are shown in Table 1. In the model, the tension force of the finely
rolled threaded tendon is 568.2 kN, and the controlled tension stress of the longitudinal
steel strand is 1395 MPa, taking into account a 20% prestress loss.

Table 1. Material /component properties.

. Elastic Modulus . , . Volume Weight
Material/Component (10 MPa) Poisson’s Ratio (KN/m®)
concrete 3.55 0.2 26
steel 20.6 0.3 78.5
vertical prestressed tendon 20.0 / 78.5
longitudinal prestressed 195 / 785

steel strand

In the finite element model, the steel plate is simulated by shell181 elements; the con-
crete in the joint cell is simulated by solid65 elements; the prestressed tendon is simulated
by link8 elements; and the tensioning process of the prestressed tendon is simulated by
giving the initial strain to the link8 elements. The linear axial spring element Combin14
is employed to simulate the studs and perfo-bond connectors at the joint. The steel plate
element is discretized into quadrilateral grids, while the concrete element is discretized into
tetrahedral grids. The structural influence of prestressed tendons is primarily concentrated
at the anchorage points, and each prestressed tendon is represented by a single element.
The finite element model of the joint is shown in Figure 2.
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Figure 2. The finite element model of a joint. (a) The fine finite element model of the joint; (b)
top plate stiffened longitudinally; (c) bottom plate lengthwise stiffened and stiffened web; (d) joint
bearing plate; (e) steel beam section transverse partition.

In the finite element model, the frictional force transmission between the steel struc-
ture and the concrete at the joint is ignored. Only the influence of the bearing plates and
connecting parts is considered, which provides a certain safety reserve for the calculation
results. To account for the high stiffness and small deformation in the concrete section
during simulation, the model structure is formed into a single cantilever system by con-
straining the six-direction freedoms of the nodes at the end section of the concrete beam.
A main node is established at the centroid position of the steel beam’s end section, and a
constraint equation is employed to connect the main node with other nodes in the section,
forming a rigid domain. Based on Midas Civil version 2020, a finite element model of the
superstructure of the bridge is established, and the influence line of the positive bending
moment of the joint section is calculated and analyzed. Considering the most unfavorable
load combination, the influence line of the positive bending moment of the joint section
is calculated and analyzed, and the most unfavorable layout of the vehicle load and the
internal force of the section are extracted. These internal force values are then applied to
the main node as the internal force boundary condition of the refined model, as outlined in
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Table 2. Under working condition 1, the maximum positive bending moment appears at
the B-B section of the joint (at the back bearing plate). Meanwhile, under working condition
2, the maximum positive bending moment appears at the A-A section (at the section where
the joint welding studs are located), as shown in Figure 3. The vehicle load and bridge
deck pavement load in the finite model are simulated according to the surface uniform
load form of 10.5 kN /m and 105 kN/m, respectively.

Table 2. Internal force boundary conditions.

Loading Case Bending Moment Axial Force Shearing Force
8 (kN-m) (kN) (kN)
working condition 1 75,162.6 —8930.8 —2890.1
working condition 2 72,647.8 —8921.5 —2763.2
A B
Concrete section Steel-concrete joint Steel section
LY 1}& £ EY & \'L/‘ /‘&:: L‘\_ L 4 A0 A4 & J/! :
I O G O Y O | —
| | A S Y A A |
L BEROER
T ) I I-11 L e “! i -
SRR T 0 A A e
A B

Figure 3. The most unfavorable sections of positive bending moment under two working conditions.

To mitigate the impact of boundary conditions at both ends of the local model on the
stress analysis of the joint, the main concrete beam and main steel beam on both sides are
taken as 6 m each, with a joint length of 4 m. The longitudinal extent of the entire local
model is 16 m. Figure 4 shows the finite element model of the joint.

Fixed end section

Internal force boundary loading section

Figure 4. The finite element model’s boundary conditions.

3.2. Verification of Finite Element Model

In order to verify the correctness of the finite element model, the longitudinal stress
of the joint under the working condition of prestressed tendon tension at the joint during
on-site construction is monitored with a fiber Bragg grating strain sensor. Figure 5 shows
the layout of the measurement points. The concrete stress monitoring section adopts
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embedded strain gauges and is bound to the stressed steel bar. The stress monitoring
section of the steel structure is affixed to the top and bottom plates of the steel box and the
surface of longitudinal stiffener using surface-mount strain gauges. TS1~TS3 represent the
measuring points of the steel structure top plate; BS1~BS3 represent the measuring points
in the steel structure bottom plate; TC1~TC3 represent the measuring points in the concrete
top plate; BC1~BC3 represent the measuring points in the concrete bottom plate.
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Figure 5. (a) Stress monitoring sections (unit: mm); (b) steel structure measuring point arrangement
of S51-51 section (unit: mm); (c) steel structure measuring point arrangement of S2-S2 section (unit:
mm); (d) steel structure measuring point arrangements of S3-53 and 54-54 sections (unit: mm);
(e) concrete structure measuring point arrangements of S3-S3 and S4-54 sections (unit: mm). Under
the working condition of prestressed tendon tension at the joint, the longitudinal stress values were
measured and calculated at each designated point, as presented in Tables 3 and 4. The calculated
stress values at the joint are in good agreement with the measured stress values. The maximum error
between the calculated stress values of the steel structure and the measured stress values of the steel
structure does not exceed 20%, and the maximum error between the calculated stress values of the
concrete structure and the measured stress values of the concrete structure does not exceed 15%.
This oversight results in a certain safety margin in the calculation results. The reason for the error
between the calculated and measured values may be that the model only considers the action of the
bearing plates and the connectors, while ignoring the friction transmission between the steel and
concrete structures at the joint. This omission leads to a certain safety margin in the calculated results.
The above results show that the finite element model is consistent with the actual situation, thereby
verifying the model’s accuracy.
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Table 3. Monitoring point longitudinal stress in steel structure top and bottom plates (MPa).

Section Point Measured Value Calculated Value
TS1 —7.65 —8.60
TS3 —781 —8.03
51-51 BS1 ~513 —422
BS3 482 —4.16
TS1 —14.01 —13.12
TS2 —17.24 ~18.09
TS3 1131 —12.79
52-52 BS1 ~12.98 —13.74
BS2 ~17.35 ~17.83
BS3 —13.89 —13.50
TS1 ~1021 —9.61
TS2 1254 ~11.78
TS3 —854 —9.37
53-53 BS1 ~12.32 1141
BS2 ~11.85 ~12.16
BS3 —11.84 ~11.15
TS1 454 —5.01
TS2 424 —4.80
TS3 ~533 —4.96
54-54 BS1 5388 548
BS2 ~523 554
BS3 556 —538

Table 4. Monitoring point longitudinal stress in concrete structure top and bottom plates (MPa).

Section Point Measured Value Calculated Value
TC1 —2.18 —2.42
TC2 —2.68 —2.94
TC3 —2.54 —2.38
53-53 BC1 325 339
BC2 —2.98 —2.86
BC3 —3.41 —3.32
TC1 —2.87 —3.13
TC2 —3.35 —3.13
TC3 —2.84 —3.03
54-54 BC1 _3.84 —398
BC2 —3.75 —3.65
BC3 —3.79 —3.92

4. Structural Parameter Sensitivity
4.1. Thickness of the Back Bearing Plate

To satisfy the stiffness requirements, a larger thickness of the bearing plate is generally
selected during design. In the background bridge, the thickness of the bearing plate is
50 mm. In this paper, 30 mm, 50 mm, and 70 mm back bearing plates are selected to
establish finite element models and analyze the structural stress characteristics under
working condition 1.

The Von Mises stress distributions in the back bearing plates with different thicknesses
under working condition 1 are shown in Figure 6. At the welding positions between the
back bearing plate and the stiffeners, as well as the anchoring positions of the prestressed
tendons, there will be a significant stress concentration. The maximum concentrated stress
values of the back bearing plates with different thicknesses are 153.71 MPa, 112.5 MPa,
and 83.29 MPa. When the thickness of the back bearing plate increases, the overall level of
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unit: MPa

17.

63

Mises stress decreases which alleviates the phenomenon of stress concentration, making
the stress distribution more uniform.

unit: MPa
| Eaa— ]
34.64 R 102.68 136.7 0.36 25.28 50.2 75.12
3 8 119.69 153.71 12.82 37.74 62.66 87.58

(a) (b)

unit: MPa
I
0.53 18.92 37.31 55.7 74.09

9.73 28.12 46.51 €4.9 83.29

()

Figure 6. (a) The Mises stress in the back bearing plate when t = 30 mm (unit: MPa); (b) the Mises
stress in the back bearing plate when t = 50 mm (unit: MPa); (c) the Mises stress in the back bearing
plate when t = 70 mm (unit: MPa).

In the joint, two points at the beam centerline position and web position in the top plate
are selected, marked as top_m and top_w, respectively; two points at the beam centerline
position and web position in the bottom plate are selected, marked as bot_m and bot_w,
respectively, for the joint stress analysis.

Figures 7 and 8 show the longitudinal stress at each point of the steel structures in
the joints with different thicknesses of the back bearing plates under working condition
1. Near the back bearing plate, the compressive stress in the steel top plate experiences a
slight reduction with increasing thickness of the back bearing plate, but the effect is not
significant, while the tensile stress in the steel bottom plate increases with the increase in
the back bearing plate thickness. When the back bearing plate thickness changes, the stress
in the top and bottom plates only changes near the back bearing plate, and there is almost
no change in other positions. The impact range of the back bearing plate thickness on the
stress in the steel structure is mainly between 0 mm and 200 mm. This indicates that the
influence of the back bearing plate thickness on the steel structure is mainly in the vicinity
of the bearing plate, and the thickness of the back bearing plate significantly affects the
stress in the steel structure’s bottom plate.

Figures 9 and 10 show the longitudinal stress at each point in the concrete structures
within the joints with different thicknesses of the back bearing plates under working
condition 1. The results show that the influence range of the back bearing plate thickness
on concrete stress is mainly between 0 mm and 400 mm. Within this range, the compressive
in of the concrete top plate demonstrates an increase with the augmentation of the back
bearing plate thickness, while the tensile stress in the concrete bottom plate decreases with
the increase in the back bearing plate thickness. When the back bearing plate thickness
increases, the pressure transmitted from the back bearing plate to the concrete structure
will increase, and the stress distribution within the concrete structure will be more uniform.
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Figure 7. The longitudinal stress in a steel top plate. (a) The longitudinal stress at top_m; (b) The
longitudinal stress at top_w:.
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Figure 9. The longitudinal stress in concrete top plate. (a) The longitudinal stress at top_m; (b) The
longitudinal stress at top_w:.
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Figure 10. The longitudinal stress in concrete bottom plate. (a) The longitudinal stress at bot_m;
(b) The longitudinal stress at bot_w.

The change in the thickness of the back bearing plate can affect the stress distribution
near the back bearing plate of the joint. For the steel structure, the stress levels and changes
in stress caused by the change in the thickness of the back bearing plate are relatively small
compared to the allowable stress of the steel structure, but a thicker back bearing plate can
alleviate the stress concentration phenomenon, making the Mises stress distribution more
uniform and the overall stress level in the back bearing plate decrease; for the concrete
structure, the increase in the back bearing plate thickness can reduce the tensile stress near
the back bearing plate. Therefore, a range of 50 mm~70 mm is suggested for the thickness
of the back bearing plate.

4.2. Stiffness of the Welding Studs

Based on the stiffness of the welding studs in the background bridge, the stiffness is
reduced by 0.5 times, kept constant, and increased by 0.5 times. The welding studs with
different stiffnesses are represented by 0.5 Ks, 1.0 Ks, and 1.5 Ks, as shown in Table 5. The
influence of the stiffness of the welding studs on the shear force of the top and bottom plate
welding studs is studied.

Table 5. Stiffness of the welding studs.

Welding Stud Number Shear Stiffness (kN/mm) Tensile Stiffness (kN/mm)
0.5Ks 180 122.5
1.0Ks 360 245
1.5Ks 540 367.5

Along the longitudinal direction of the bridge, fourteen rows of welding studs are
arranged on the top and bottom plates of the steel structure, extending from the section
of the back bearing plate to the steel-concrete joint surface. The welding studs near the
centerline of the bridge and web were selected to investigate the impact of the welding
studs’ stiffness on the shear force along the bridge direction of the top and bottom studs
under working condition 2.

Under working condition 2, the distribution of shear forces along the bridge direction
of the top and bottom plate welding studs in the joints with different stiffness welding
studs is shown in Figures 11 and 12, where a positive shear force represents the relative
displacement of concrete and steel units in opposite directions, and a negative shear force
represents the relative displacement of the two in backward directions.
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Figure 12. The shear force along the bridge of the bottom plate welding studs. (a) The shear force of
welding studs near the centerline of the bridge; (b) the shear force of welding studs near the web.

For the top plate, the distribution of stud shear forces near the web and the centerline
of the bridge is consistent, as is shown in Figure 11. On the whole, with the increase in the
welding studs’ stiffness, the shear forces along the bridge direction of the welding studs
in the same position increase. The closer the position is to the back bearing plate or the
steel-concrete joint surface, the more clearly the shear force increases. In addition, with the
increase in the welding studs’ stiffness, the change rate of the shear force along the bridge
direction of the top plate welding studs also increases. The results indicate that the increase
in the stiffness of the welding studs leads to a larger range of shear forces along the bridge
direction of the top plate welding studs, and the longitudinal distribution of shear forces
along the bridge direction of the top plate welding studs also becomes more uneven.

For the bottom plate, there is a peak shear force in the stud near the centerline of the
bridge between the front bearing plate and the steel-concrete joint surface. In contrast,
the longitudinal distribution of the studs’ shear forces near the web does not show this
characteristic; but on the whole, there is consistency in the stud shear forces near the
web and the centerline of the bridge, as is shown in Figure 12. With the increase in the
studs’ stiffness, the shear forces of the studs in the same position increase, which is most
significant near the back bearing plate and the steel-concrete joint surface. In addition,
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Bending moment bearing ratio (%)

with the increase in the studs’ stiffness, the change rate of shear force along the bridge
direction of the top plate welding studs also increases. The results indicate that the increase
in the stiffness of the welding studs leads to a larger range of shear forces along the bridge
direction of the bottom plate welding studs, and the longitudinal distribution of shear
forces along the bridge direction of the top plate welding studs also becomes more uneven.

The influence of changes in welding stud stiffness on the shear force of the top and
bottom plate welding studs is mainly manifested in the change in the shear force values and
the change in the shear force distribution. With the increase in the welding studs’ stiffness,
the maximum shear force of the top and bottom plate welding studs increases, and the
longitudinal distribution of the shear forces of the welding studs becomes more uneven.
This non-uniform distribution can lead to an excessive localized force in the process of
force transmission at the joint. To make the forces within the welding studs more uniform,
enhance the overall utilization efficiency of the welding studs, and prevent damage caused
by excessive forces within the welding studs, the stiffness of the welding studs should not
be too large on the basis of ensuring the safety of the joint connection.

5. Force Transmission Mechanism

To investigate the force transmission mechanism of the joint, nine sections were
strategically chosen, ranging from the back bearing plate section to the joint surface, with
a consistent spacing of 0.5 m. Based on working condition 1, the internal force bearing
ratios of both the steel and concrete structures in the joint of the background bridge are
calculated, as shown in Figure 13.
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In the section proximate to the rear bearing plate, 61% of the bending moment, 79%
of the axial force, and 55% of the shear force are borne by the concrete structure, while
the remaining internal forces are borne by the steel structure. With the increase in section
distance, the ratio of the bending moment borne by the concrete structure steadily rise; the
ratio of axial force borne by the concrete structure exhibits an initial decrease followed by
an increase; the ratio of shear force borne by the concrete structure increases uniformly. The
results indicate that the internal force bearing ratio of the concrete structure is higher than
that of the steel structure in the joint, and the concrete near the joint surface will bear all
the internal forces.

The steel beam section first disperses stress to components such as the top and bottom
plates, web plates, and stiffeners through the transition section of the steel beam, resulting
in stress reduction. The normal stress generated by axial force and bending moment is
transferred from the steel structure to the concrete structure through the contact-bearing
way of the rear bearing plate, which is the main way of transferring the normal stress in the
joint with a short force path and high efficiency. The remaining normal stress is transmitted
to the concrete structure by shearing through the connectors on the top and bottom plates,
web plates, and perforated plates, which is an indirect force transfer method, extending the
force transfer path and increasing the force transfer area. The combination of bearing and
shearing at the joint facilitates the transfer of normal stress from the steel beam section to
the concrete beam section.

6. Conclusions

In this research, a finite element model of the joints in a bridge is established to
investigate the influence of the bearing plate thickness and welding studs stiffness on the
mechanical behavior of the joint and to analyze the force transmission mechanism of the
joint. The main conclusions are as follows:

1. Thestress values calculated at the joint are in good agreement with the measured stress
values, in which the maximum error between the calculated and measured values of
the steel structure does not exceed 20%; the maximum error between the calculated
and measured values of the concrete structure does not exceed 15%. Neglecting the
frictional force transmission between the steel structure and the concrete at the joint
results in a certain safety reserve for the calculation results;

2. The use of a thicker back bearing plate can alleviate the stress concentration phe-
nomenon at the welding positions between the back bearing plate and the stiffeners,
as well as at the anchoring positions of the prestressed tendons, making the Mises
stress distribution more uniform and the overall stress level decrease. The change in
the bearing plate thickness has a large impact on the stresses within the steel struc-
ture and the concrete in the proximity of the bearing plate. For the steel structure
near the back bearing plate, the compressive stress of the steel top plate decreases
with an increase in the back bearing plate’s thickness, while the tensile stress in the
steel bottom plate escalates correspondingly, and the opposite is true for the concrete
structures. The influence range of the back bearing plate thickness on concrete stress
is mainly between 0 mm and 400 mm. It is recommended to maintain a back bearing
plate thickness within the range of 50 mm~70 mm;

3. Reducing the stiffness of the welding studs by 0.5 times, keeping it the same, or
increasing it by 0.5 times shows that an increase in the welding studs’ stiffness makes
the range of the shear force along the bridge direction of the top and bottom welding
studs larger, and the longitudinal distribution of the welding studs’ shear force is more
uneven. To avoid the damage caused by the excessive forces of the welding studs,
the stiffness of the welding studs should not be too large on the basis of ensuring the
safety of the joint connection;

4.  The internal force bearing ratio of the concrete structure is higher than that of the steel
structure in the joint. The transmission of normal stress at the junction occurs from
the steel beam section to the concrete beam section through two ways: bearing and
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shearing. Notably, the primary mode of force transmission for normal stress involves
contact bearing through the back bearing plate.
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Abstract: Due to their weight, the seismic response control of buildings needs a large-scale damper.
To reduce the consumption of shape memory alloys (SMAs), this study proposed a dual self-centering
pattern accomplished by the coil springs and SMA, which could drive the energy dissipation device
to recenter. Combined with the friction energy dissipation device (FD), the dual self-centering
friction damper (D-SCFD) was designed, and the motivation and parameters were described. The
mechanical properties of D-SCFD, including the simplified D-SCFD mechanical model, theoretical
index calculations of recentering, and energy dissipation performance, were then investigated. The
seismic response mitigation of the steel frame adopting the D-SCFDs under consecutive strong
earthquakes was finally analyzed. The results showed that a decrease in the consumption of SMA by
the dual self-centering pattern was feasible, especially in the case of low demand for the recentering
performance. Reducing the D-SCFD’s recentering performance hardly affected the steel frame’s
residual inter-story drift ratios when the residual deformation rate was less than 50%, which can help
strengthen the controls on the steel frame’s peak seismic responses. It is recommended to utilize the
D-SCFD with not too high a recentering performance to mitigate the seismic response of the structure.

Keywords: dual self-centering; shape memory alloy; D-SCFD; seismic response mitigation

1. Introduction

Passive energy dissipation devices can provide additional stiffness and damping for
buildings, which improves the safety of buildings by reducing earthquake responses [1,2].
Engineers choose displacement-dependent dampers because of their consistent mechanical
performance and inexpensive production costs [3]. Therefore, displacement-dependent
dampers have been widely used in the construction and seismic strengthening of buildings
located in earthquake-prone areas, such as buckling restrained braces (BRBs), friction
energy dissipation devices (FDs), metallic yielding dampers (MYDs), etc. [4-6]. Traditional
displacement-dependent dampers, on the other hand, run the risk of causing higher post-
earthquake residual deformations of buildings, which can easily raise the economic cost and
technological problems of post-earthquake rehabilitation [7]. In this regard, many scholars
have developed a series of self-centering dampers to improve the recentering performance
of dampers and reduce the post-earthquake residual deformations of buildings [8].

In past research, a kind of self-centering damper simultaneously composed of pre-
stressed tendons and energy dissipation devices has been designed. The prestressed
tendons, which mainly include steel strands, basalt fiber tendons, aramid fiber bundles,
etc. [9-16]. During the unloading process, the prestressed tendons drive energy dissipation
devices to recenter. The self-centering dampers with prestressed tendons often have signifi-
cant demands for prestressing force to obtain the appropriate recentering effect. However,
the demands for high prestressing force will increase the difficulties of manufacturing
the dampers and cause a series of problems, such as tension, anchorage, relaxation of
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the prestressed tendons, etc. In addition, it will lead to excessive elastic deformations of
prestressed tendons, and the maximum deformations of dampers will be limited. Con-
currently, there is significant worry over another type of self-centering damper. These
dampers use mechanisms that compress disc springs or ring springs to drive them to
recenter. Research about its mechanical behavior and the performance of shock absorption
has been carried out. Xu and Fan et al. [17-19] combined the pre-pressed disc springs
and FD into a self-centering energy dissipation brace, conducted the experiments, and
established an axial force formula. Filiatrault et al. [20] proposed a self-centering friction
energy dissipation device for reducing the earthquake responses of buildings based on the
friction hysteresis of ring springs and conducted prototype tests of dampers to observe their
practical mechanical behavior. Khoo et al. [21,22] used ring springs to reduce the residual
deformations of sliding hinge joints and conducted prototype tests of self-centering joints.

A shape memory alloy (SMA) has the good performance of self-centering and energy
dissipation simultaneously, and its plastic deformation caused by external loads will
rapidly dissipate after unloading [23]. Under cyclic load, SMA can also disperse the
input energy, which is suitable for the advancement of self-centering energy dissipation
devices. Qian et al. [24] proposed a self-centering damper-based SMA wire and investigated
how the pre-strain of SMA affects the hysteretic performance of the damper through
tests. Shi et al. [25-28] developed a self-centering energy dissipation brace based on
SMA cables and proved that its hysteretic performance and mitigation for structural
seismic responses were, respectively, researched through mechanical experiments and finite
element analysis. The FD can effectively dissipate the energy input from an earthquake
and protect the components of buildings [29]. Thus, the means of developing self-centering
dampers by combining SMA with FD has attracted much attention. Li et al. [30] proposed
a self-centering FD by connecting the SMA rods in parallel with the FD, and then the
corresponding mechanical tests and parameter analysis were conducted. Chen and Qiu
et al. [31,32] developed a self-centering variable FD in which the SMA elements provided
the pre-tightening force for variable FD and drove the damper to recenter simultaneously.
Zheng et al. [33,34] proposed a self-centering isolator with SMA to mitigate the seismic
response of bridges.

In February 2023, earthquakes with a magnitude of 7.8 and 7.6 occurred in southeast
Turkey successively, just nine hours apart [35]. Multiple aftershocks are frequently felt
in response to a mainshock, and mainshock-aftershock sequences (MS-AS) can cause
structural damage to accumulate and quickly put the structure in a more risky state. For that
reason, lots of scholars have considered MS-AS when investigating the seismic performance
of structures. Lu et al. [36] proposed a method for the seismic damage prediction of regional
buildings that took into account MS-AS. Raghunandan et al. [37] analyzed the aftershock
vulnerability of reinforced concrete (RC) frames and found that the collapse resistance
capacities of buildings would decrease with the strength of MS increasing. Wen et al. [38]
proposed MS-AS damage spectra at soft soil sites. Yu et al. [39] found that the AS reduced
the collapse resistance capacity through the MS-AS vulnerability analysis of inelastic single-
degree-of-freedom systems. Zhou et al. [40] established a seismic demand model for RC
structures and the corresponding formula for estimation of earthquake fragilities, which
showed that the MS-AS would improve the exceedance probability of buildings.

To achieve the recentering effect, the traditional self-centering damper-based SMAs
need a large consumption of SMA, which leads to a high cost. Thus, this study sug-
gested using coil springs and SMA in a dual self-centering (D-SC) drive mode with a low
cost. A novel dual self-centering friction damper (D-SCFD) design was put into practice.
Through small-scale mechanical testing, the impacts of pre-tightening force and loading
displacement amplitudes on D-SCFD’s energy dissipation and recentering performance
were examined. The parameter study was conducted using the simplified mechanical
model of D-SCFD as well as existing index formulas for energy dissipation performance
and recentering. Lastly, the seismic response control impacts of D-SCFD with variable
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recentering performance on SF under MS-AS were examined using a multi-story steel
frame (SF) as the analytical object.

2. Design of D-SCFD
2.1. Configuration of D-SCFD

The main functional elements of D-SCFD are coil springs, SMA rods, and FD with two
sliding surfaces. The D-SC was formed after the connection of coil springs in parallel with
SMA rods. The components of the D-SCFD were as follows: an internal panel, asbestos
friction sheets, external panels with coil spring anchor plates, high-strength bolts, high-
strength nuts, SMA rods, coil springs, guide bars, and a connection block for connecting
the two external panels. The configuration of the D-SCFD is shown in Figure 1.

coil spring anchor plate high-strength bolt high-strength nut

coil spring SMA rod coil spring
(@)

guide bars

connection block

asbestos friction sheets
internal panel external panels

(b)
Figure 1. Configuration of D-SCFD: (a) planform and (b) side view.

During the assembly process of the FD, two asbestos friction sheets were, respectively,
fixed on the upper and lower surfaces of the internal panel and kept sliding with the
external panels. Screw holes were saved on both sides of the external panels, and the
friction sheets were pre-tightened using high-strength bolts. For the D-SC, the two ends
of the guide bars had reserved holes for the anchorages of the SMA rods and the coil
springs. After the two guide bars, respectively, passed through the corresponding slots
reserved at both ends of the three panels, the two guide bars were connected by SMA rods.
The two ends of the SMA rods were anchored to the guide bars by high-strength nuts.
Each guide bar was attached to the matching anchor plate on the external panels by two
pairs of coil springs. High-strength nuts were also used to secure the ends of coil springs.
Finally, the connection block was welded to one end of the external panels to complete the
D-SCFD system.

2.2. Working Principle of D-SCFD

In the process of the reciprocating motion of the D-SCFD, the SMA rods were always
alternately in two states of tension and recentering. Meanwhile, the coil springs on one
side were alternately in two states of compression and recentering. The axial force response
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of D-SC inhibited the deformation of D-SCFD during loading. In the unloading process,
the restoring force of D-SC was composed of the elastic force of coil springs and the
transformation stress of SMA rods, which drove the D-SCFD to recenter by overcoming the
frictional force generated by the FD.

The working principle of D-SCFD is shown in Figure 2. When the external excitation
caused the tensile deformation of the damper, the relative displacement between the
internal panel and the external panels occurred. It also caused sliding friction between the
friction sheets and the external panels, dissipating the energy intake from seismic excitation.
The internal panel simultaneously pushed the guide bar on one side while the guide bar on
the other side was stationary relative to the external panels, stretching the SMA rods and
compressing the coil springs on one side. When the D-SCFD was compressed, the guide
bar on one side remained motionless in relation to the external panels, while that on the
other was pushed by the internal panel. It compressed the coil springs on the other side
while stretching the SMA rods. The force for the recentering of the damper was provided
by coil springs and SMA rods, reducing the consumption of SMA rods.

(b)

Figure 2. Working principle of D-SCFD: (a) tension state and (b) compression state, where u denotes

the axial deformation.

3. Test
3.1. Tensile Test of SMA

According to the literature [32], the mechanical properties of SMA tend to be stable
after cyclic tensile loading. Therefore, before the test of D-SCFD, the SMA rod with a
diameter of 4 mm was trained 20 times under equal-amplitude cyclic tensile loading, which
made the mechanical properties of the SMA rod stable. The contents of nickel and titanium
in the SMA rod were 50.1% and 49.9%, respectively. Meanwhile, the transformation stress
and strain of SMA rods were obtained by the cyclic tensile test under variable amplitude
loading. The loading rate of the tensile tests was set to 5 mm/min, and the ambient
temperature was 15 °C. The parameters of the tensile test conditions are shown in Table 1,
and the corresponding loading equipment is shown in Figure 3.
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Table 1. Tensile test conditions of the SMA rod.

No Section Area of SMA Loading Rate Number of Strain Amplitude
’ (mm?) (mm/min) Loading Cycles (%)
1 12.57 5 20 5
2 12.57 5 1 357

Figure 3. Loading equipment of the SMA rod.

As shown in Figure 4, the constitutive curves from the results of the tensile test
revealed that the residual strain of the SMA rod reached 1.98% after the first tension. In the
subsequent cyclic tensile test under equal amplitude loading, the residual strain became
small, indicating that the SMA rod had a good capacity for self-centering. With the increase
in the number of loading cycles, the SMA stress gradually decreased and tended to be stable.
The maximum stresses of SMA rods in the 14th and 20th tensile tests were 452.38 MPa
and 446.46 MPa, respectively. The relative difference between both was only 1.33%, and
the amplitude of the fluctuations was small. The stress of the SMA rod increased linearly
with the strain increases in the cyclic tensile test under varying amplitude loadings, and
subsequently, the stress increased at a slower rate when the martensitic transformation
occurred. In the unloading process, the SMA rod with a different initial strain had stress—
strain curves with three different kinds of slopes, and the descent rate of stress was lowest
during the reverse martensitic transformation of SMA. The stress—strain curves from the
tensile tests showed that the SMA rod had good superelastic properties, and the mechanical
properties after tensile training were less affected by the loading times. The transformation
stress and strain of SMA with the maximum tensile strain of 7% are shown in Table 2.

Table 2. Transformation stress and strain of the SMA rod.

OMs EMs oOMf EMS TAs €As O Af EAf
(MPa) (%) (MPa) (%) (MPa) (%) (MPa) (%)
454.19 1.82 609.89 6.97 271.78 5.29 116.08 0.47
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Figure 4. Stress—strain curves from the tensile test of the SMA rod: (a) under equal amplitude loading
and (b) under variable amplitude loading.

3.2. Mechanical Test of D-SCFD

To study the effects of the loading displacement amplitude and FD’s pre-tightening
force on the mechanical properties of D-SCFD, a small-scale specimen with the maximum
permissible deformation of 21 mm was fabricated according to the configuration described
earlier, and the mechanical tests of FD and D-SCFD were conducted under low-reversed
cyclic loading. The material of the friction sheets was composed of asbestos and brass
wires in FD. The SMA rods after tensile training were installed in D-SCFD, whose working
length was 300 mm. For the coil springs, the diameter of the spring wire was 8 mm, the
outer diameter was 50 mm, and the axial stiffness was 145 N/mm. The material of the coil
springs was Mn-Cr Alloy (Mn 1.02%, Cr 0.29%). The tensile strength of the high-strength
bolts and nuts was 1200 MPa, and the diameter of the screw was 10 mm. The rest of
D-SCFD adopted the steel with a yield strength of 235 MPa. The specimen, test conditions,
and test device are shown in Figure 5, Table 3, and Figure 6, respectively. The ambient
temperature was 15 °C.

Figure 5. Specimen of D-SCFD.

Table 3. Test conditions of D-SCFD.

D of Section Area Loading Di:[:)laa(:::l?ent Pre-Tightening
No. Specimen of SMA Rate Amplitude Force of FD
P (mm?) (mm/min) P (kN)
(mm)
1 FD 0 5 91521 7
2 D-SCFD 25.13 5 91521 357

The hysteretic curves of FD with a pre-tightening force of 7 kN are shown in Figure 7.
The axial force generated by FD was stable, and the hysteretic curves under different
loading displacement amplitudes were rectangular in shape. The areas of hysteretic curves
increased with the increase in the axial deformation of FD. According to the results from the
tests of FD and the configuration with two sliding surfaces, the coefficient of sliding friction
was 0.50, which was denoted by u. As shown in Figure 8, the shapes of the hysteretic
curves of D-SCFD were similar to those of the stress—strain curves of SMA, both of which
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are “flag-shape”. The axial force of D-SCFD fluctuated slightly at the start of the martensitic
transformation of SMA rods during loading and became stable gradually with the increase
in the axial deformation. The areas of the hysteretic curves of D-SCFD also increased
while the pre-tightening force of FD increased, and they were positively correlated with
the axial deformation. After the pre-tightening force of FD was magnified, the horizontal
coordinates of hysteretic curves with an axial force of 0 kN increased during unloading,
indicating that the residual deformation of D-SCFD increased. The hysteretic curves from
the test of D-SCFD reflected that the performance of energy dissipation could be improved
by magnifying the axial force responses of FD, but the performance of recentering would
be adversely affected.

== ruﬁ

(b)

Figure 6. Test devices of D-SCFD: (a) loading device and (b) data acquisition device.
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Figure 7. Hysteretic curves of FD.

The mechanical property parameters, such as dissipated energy, secant stiffness,
equivalent viscous damping, and the rate of residual deformation, denoted by W, K, eq,
and Ry,, respectively, were used to measure the performance of D-SCFD in this study. The
mechanical property parameters of D-SCFD are shown in Figure 9. The {eq of D-SCFD
fluctuated with the increase in axial deformation, the maximum variation of which only
reached 2.37%. Thus, the {eq of D-SCFD was less affected by the loading displacement
amplitude. The relative increment of W was close to that of the strain energy, which was
caused by the increase in the axial deformation of D-SCFD. That was the main reason why
the {eq of D-SCFD was less affected by the loading displacement amplitude. Wherein, the
strain energy of D-SCFD is KD? /2, and D denotes the axial deformation of D-SCFD. The geq
of D-SCFD increased with the magnification of the pre-tightening force of FD, indicating
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that the relative increment of W caused by magnifying the pre-tightening force of FD was
greater than that of strain energy.
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Figure 8. Hysteretic curves of D-SCFD: (a) pre-tightening force of FD is 3 kN, (b) pre-tightening force
of FD is 5 kN, and (c) pre-tightening force of FD is 7 kN.
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Figure 9. Mechanical property parameters of D-SCFD: (a) dissipated energy, (b) secant stiffness,

(c) equivalent viscous damping, and (d) rate of residual deformation.
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The Ry, of D-SCFD increased after magnifying the pre-tightening force of FD, and
the maximum value of Ry, reached 49.35%. The slope of each force-deformation curve of
D-SCFD decreased with the increase in axial deformation when SMA underwent reverse
martensitic transformation. This indicates that the amplification of Ry, was positively
correlated with the axial deformation. The experimental results of D-SCFD showed that
the performance of energy dissipation was less affected by the axial deformation after the
martensitic transformation of SMA happened but more affected by the pre-tightening force
of FD. Meanwhile, the recentering performance of D-SCFD was negatively correlated with
the pre-tightening force of FD, whose reduction caused by magnifying the pre-tightening
force of FD became more obvious with the increase in axial deformation.

4. Simplified Mechanical Model and Parameter Analysis
4.1. Verification of Simplified Mechanical Model

A simplified mechanical model of D-SCFD was established to analyze the influence of
coil springs, SMA rods, and FD on the performance of recentering and energy dissipation.
In the model, the relations of restoring force provided by those elements could be acquired,
which meet the requirements related to different performance objectives of recentering.
Meanwhile, the accuracy of the simplified mechanical model was verified according to the
experimental results. The simplified analysis model is shown in Figure 10. D-SCFD was
generated in parallel by coil springs, SMAs, and FD, and the axial force response was the
sum of that provided by each element.

Fsma

Dual self-centering module
Fr

,}u

Friction energy dissipation module

Figure 10. Schematic diagram of D-SCFD simplified analysis model.

Referring to the previous study [41], the axial force of SMA rods is calculated by
a piecewise linear algorithm here. In addition, we ignored the difference in the elastic
modulus between the austenitic and martensitic phases of SMA rods. Compared with the
SMA mechanical model proposed by Brinson and Auricchio [42,43], the suggested model
in this study needs a lower computational cost. The convenient calculations of R4, and
eq can be derived from this model, too. The axial force of D-SCFD can be calculated by
the following:

Fp.scrp = kest + Pﬂsgn(%) + Fsma 1)
where Fp.scrp is the axial force response of D-SCFED; kcs denotes the total stiffness of the
coil springs; u is the axial deformation of D-SCFD; t denotes the time; P and y are the
pre-tightening force and sliding friction coefficient of FD, respectively; sgn(x) is a symbolic
function that returns either 1 or —1, depending on the positivity or negativity of x; Fgya is
the axial force of the SMA rods, and the value can be derived from the following:

du du
Fsma = 5(“E)F§MA+5(—”E)FSMA 2
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where g(x) is a step function and returns 0, 1/2, or 1 according to the relationship between
x and 0; Fl,, and FY,, are the axial force responses of SMA rods during loading and
unloading, respectively, which can be calculated by the following;:

P { ksma,iu, lu| < ups )
SMA sgn(u) [ksma,2([u] — ums) + Fus), ums < || < g
U ksma i, lu| < uag
Foma = sgn(u)[ksmaa(|u] — uaf) + Fagl, upg < |u] < g (4)
sgn (1) [ksma,1 (Ju] — ufy ) + Fgil, s < |u] <ugyp

where kspia 1 and ksya 2 denote the linear stiffness of SMA rods before and after martensitic
transformation, respectively; s and Fygs are the axial deformation and force of SMA rods
at the start of martensitic transformation, respectively. uyj denotes the axial deformation of
SMA rods at the end of martensitic transformation. ux¢ and F ¢ are the axial deformation
and force at the end of the reverse martensitic transformation of SMA rods, respectively.
u%L and FISJL are the axial deformation and force of SMA rods at the beginning of unloading,
respectively, which can be calculated by way of F . 1/, represents the axial deformation
of SMA rods at the point of where reverse martensitic transformation begins, whose
calculation is given as below:

S Far — F5p — ksmatias + ksva 1ty
L=
s ksma,1 — ksma2

©)

When the axial deformation of D-SCFD reaches the maximum permissible value, the
rate of residual deformation and equivalent viscous damping derived from the simplified
mechanical model are expressed as below:

q,
NN £ Frp < Fes gt + Fur gl
IMEEMs Af thf
B+ (OMF—OMs)EAf  TAf Fesg2t M + FN[f < FFD &
oMe(emE—EMs) M F < E, E
Ryr = ot OMEOMs)Emg D CSS Mf + Mf‘TMf (6)

oM (emf—eMs)

B+ ZMsfo 1 .

P T v Fesgh + Furgs < Fep
IMEEMs

(g I — e ] + 48
Ceq = )

2r(14+a+ p)

where & denotes the ratio of the axial force of the coil springs to that of SMA rods when the
axial deformation of D-SCFD reaches the maximum permissible value; f is the ratio of the
axial force of FD to that of SMA rods in the same situation. Fcg represents the maximum
axial force of the coil springs.

Combined with the tensile test results of SMA, the hysteretic curves of D-SCFD
were predicted using the simplified mechanical model outlined here. The comparison of
hysteretic curves between the predicted and experimental results is shown in Figure 11. The
main parameters of the simplified mechanical model are listed in Table 4. The axial force
responses with the double lines computed by the simplified model during loading fit well
with the test findings. In the unloading, there were small differences in Fp.gcrp between
the predicted and experimental values. The simplified model ignored the distinction of
elastic modulus between the austenitic and martensitic phases of SMA and did not consider
that the stress—strain curves had the characteristics of “smooth transition” at the start of
reverse martensitic transformation. That was the main reason behind the prediction of
Fp.scpp deviating from the experimental results during unloading.
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Figure 11. Comparison of hysteretic curves between the predicted and experimental results: (a) pre-
tightening force of FD is 3 kN, (b) pre-tightening force of FD is 5 kN, and (c) pre-tightening force of
FDis 7 kN.

Table 4. Parameters of the mechanical model.

UMs Fuvs ups Fyis UAf Fas ksma,2
(mm) (N) (mm) (N) mm) () smaa(Nmm)
547 1140918 2100 1532821 140 291595 2085.77 251.84

The maximum difference in Fp_gcpp between the predicted and the experimental val-
ues was only 2.93 kN, which is acceptable. When the axial deformation of D-SCFD reached
the maximum permissible value, a comparative analysis of the theoretical and experimental
values of Ry, and eq was conducted, as presented in Table 5. The corresponding maximum
absolute error was only 10.27% and 0.81%, respectively. Therefore, the calculation methods
of Rgy and {eq derived from the simplified mechanical model can describe the recentering
and energy dissipation performance of D-SCFD.

Table 5. Comparison of theoretical and experimental values of Ry, and eq-

Pre-Tightening Theoretical Ry, Experimental Absolute Error Theoretical feq Experimental Absolute Error
Force of FD (%) Ry, of Ry, (%) Geq of Ceq
(kN) (%) (%) (%) (%)
3 6.03 15.63 9.6 15.03 15.84 0.81
5 21.48 30.35 8.87 18.72 19.36 0.64
7 39.08 49.35 10.27 21.89 22.35 0.46

4.2. Parameter Analysis

The methods introduced earlier were used to calculate the Ry, and {eq with different
« and B. The « was used to describe the ratio of axial force provided by coil springs and
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SMA rods. The  measured the ratio of axial force provided by the FD and SMA rods.
While the total force of the damper is constant, the consumption of SMA can decrease
with an increase in « and f. Based on that, the variation trends of recentering and energy
dissipation performance of D-SCFD were further analyzed, which are shown in Figure 12.
The value of « ranged from 0 to 100%. When the « was 0, the variation trend of Ry, had
three different growth rates with the increase in . This also indicated that continuing to
magnify the Fpp would result in a significant increase in Ry, in the absence of coil springs,
especially in the case where the Frp exceeded F¢. After increasing «, the growth rate of
Rgr relative to B gradually decreased, which indicated that coil springs could improve
the recentering performance of D-SCFD. {eq rose with the increase in , and the growth
rate decreased gradually. However, magnifying « led to a decrease in {eq, the amplitude
of which decreased gradually. The variation trends of R4, and {eq appeared, suggesting
that improving the recentering performance will bring about a decrease in the energy
dissipation performance, both of which are contradictory. Therefore, the proportion of
restoring forces provided by coil springs, SMA, and FD is critical, as it is a requirement for
D-SCFD to work optimally in terms of both recentering and energy dissipation.

Ry, (%) Ceq (%0)

100 -99.50 +37.30
1 89.55 35 -34.14
L79.60 ' £30.98
80 69.65 30 +27.82
159.70 12466
60 4975 25 £21.50
0 £39.80 < (o -18.34
Rar (%), 29.85 Ceq (%020 L1518
£19.90 L12.02
20 9.950 1 8.860
0.000 5,700

0

(a) (b)

Figure 12. Variation trends of recentering and energy dissipation performance: (a) R4, and (b) Ceq-

Firstly, the relationship between a and  was determined by the calculation method
of Rgy, which can achieve three different performance targets for recentering. Then, the
influence of the corresponding « and p on the energy dissipation performance of D-SCFD
was analyzed. When the R4, was 10%, 30%, and 50%, the relationship between a and
satisfied the equation as below:

& 402016, Rgr = 10%
B=1{ 3402707, Ry =30% )
103398, Rgr = 50%

Combining the relation equation and calculation method of {eq, the curves of {eq with
different targets of recentering performance of D-SCFD are shown in Figure 13. The {eq
of D-SCFD decreased with the increase in a and a reduction in {eq gradually rose with
the decrease in R4,. When Ry, was 10%, 30%, and 50%, respectively, the corresponding
maximum reduction in {eq was 6.87%, 3.97%, and 1.83%, respectively. Therefore, when the
high recentering performance target is taken, it is inappropriate to choose a larger ratio of
axial force of coil springs to that of SMA, which can avoid a sharp decline in the energy
dissipation performance of the D-SCFD. As the recentering performance target decreases,
that ratio can be magnified appropriately, reducing the consumption of SMAs.
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Figure 13. Variation trends of {eq with different performance of recentering: (a) influence of « and
(b) influence of B.

5. Seismic Response Mitigation of Multi-Story SF
5.1. Overview of Structure Case

A five-story steel frame (SF) is selected as the case, which is located in Jiangsu Province,
China. The control effects of D-SCFD on the seismic responses of SF were obtained by
nonlinear time history analysis, considering the different recentering performances of
D-SCED. The structural plane of SF is shown in Figure 14. The members of SF adopted
steel with a yield strength of 355 MPa, the design of which considered earthquake action
according to the Chinese code for seismic design of buildings (GB 50011-2010) [44]. Its
beams and columns will not yield after experiencing frequently occurred earthquakes (FOE).
According to the Chinese code for seismic design of buildings [44], the S4(0.74 s, 4%) and
5a(0.74 s, 5%) of the SF under FOE and maximum considered earthquake (MCE) are 0.19 g
and 0.91 g, respectively. Here, S,(T1, {) denotes the spectral acceleration corresponding to
the first translational period of SF, and the letter g denotes the gravitational acceleration.

slill:=a80uaanilis
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Figure 14. Structural plane of SF.

5.2. Ground Motion Inputs

The previous studies [36—40] reflected that the MS-AS would lead to the accumulation
of structural damage and that the AS should be considered in the control of structural
seismic responses. Therefore, seven groups of MS-AS records were selected as the excitation,
and the directions of inputs were the same as those of the first translational vibration mode
of SE. The information about each ground motion is listed in Table 6. When compared to
Sa(Tq, €), using the peak ground acceleration (PGA) to characterize the intensities of ground
motions readily makes structure responses more distinct [45]. Based on the S,(0.74 s, 5%)
being 0.91 g when SF experiences MCE, the accelerations of all ground motions were
adjusted accordingly. Meanwhile, time intervals of 20 s were added between the MS
and AS, and durations of 10 s were added to the ends of the AS to analyze the residual
deformations of the structure. The acceleration and response spectra curves are shown in
Figure 15 and Figure 16, respectively.
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Table 6. Information about ground motions.

MS AS
No. Event Earthquake Earthquake Station
Magnitude Date Magnitude Date
(Mw) (Mw)
GM1  Chalfant Valley 5.77 20 July 1986 6.19 21 July 1986 Bls}“’f(’jgazadlse
GM2 Whittier 5.99 1 October 1987 5.7 4 October 1987 Bell Gardens,
Narrows Jaboneria
GM3 Northridge 6.69 17 January 1994 5.28 20 March 1994 Aﬂeg;:gtr:h‘)ff
Chi-Chi, 20 September 20 September
GM4 Taiwan 7.62 1999 6.20 1999 CHY024
GM5 L’Aquila, Italy 6.30 6 April 2009 5.60 7 April 2009 L’Aquila, Parking
Darfield, New 3 September Canterbury Aero
GMe6 Zealand 7.00 2010 6.20 21 February 2011 Club
Gvy  Kahramanmaras, 7.70 6 February 2023 7.60 6 February 2023 6203
Turkey
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Figure 15. Acceleration of ground motions: (a) GM1, (b) GM2, (c) GM3, (d) GM4, (e) GM5, (f) GM6,
and (g) GM?7.
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Figure 16. Response spectra of ground motions: (a) MS and (b) AS.

5.3. D-SCFD

S, (8)
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To analyze the seismic response control effects of D-SCFD with different recentering
performances, D-SCFDs with Ry, values of 10%, 30%, and 50% were used to mitigate the
seismic responses of SF, respectively. The layout of the D-SCFDs on each floor is shown in

Figure 17.
D-SCFD D-SCFD
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Figure 17. Plane layout of D-SCFDs.

In addition to one damper at each corresponding plane position of the top two floors,
two dampers were set on each of the other floors. The a of D-SCFD was taken as 20%,
and the § corresponding to the three different recentering performances was obtained
earlier using the relation equation mentioned. The maximum axial forces of all D-SCFDs
were 500 kN, whose limits of deformation were 60 mm based on the maximum inter-story
drift responses of SF under the MCE. The main design parameters of D-SCFD are listed in

Table 7.

Table 7. Design parameters of D-SCFD.

. o . . Section Stiffness Pre-
ID of Ma-1x1mum Limits 9f " B Theoretical ~ Theoretical Area of of Coil Tightening
No Axial Force Deformations o > Ge Ry, .
Damper (kN) (mm) (%) (%) (o/q) (%) SMA Springs Force of
° ° (mm?) (kN/mm) FD (kN)
1 D-SCFD-1 500.00 60.00 20.00 22.16 17.99 10.00 576.69 1.17 77.95
2 D-SCFD-2 500.00 60.00 20.00 33.07 21.24 30.00 535.61 1.09 108.00
3 D-SCFD-3 500.00 60.00 20.00 43.98 24.07 50.00 499.95 1.02 134.10

To simulate the D-SCFD, the three elements of linear, multi-linear elastic, and plastic
(wen) in SAP2000 were connected in parallel. The axial mechanical behavior of D-SCFD
was described in the numerical model. The results from the mechanical test of D-SCFD
were used to validate the method of simulation above. The parameters and hysteretic
curves for validation are presented in Table 8 and Figure 18, respectively. The difference in
hysteretic curves between the SAP2000 model and the test is small.
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Table 8. Parameters for validation.

Coil Springs FD SMA
Linear Plastic (Wen) Multi-Linear Elastic Plastic (Wen)
ID of Damper
k kl Fy k2/k1 uy Fl u Fz k1 Fy kz/kl
(kN/mm) (kKN/mm)  (kN) (%) (mm) (kN) (mm) (kN) (kN/mm) (kN) (%)
D-SCFD 0.29 7.00 7.00 0.00 5.46 7.77 21.00 11.68 3.64 3.64 0.00
Simulated by SAP2000
2 30 From test
=
a 20t
g
g 10}
g of
o
g -10t
5
=20t
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£ 30t
-20 0 10 20
Axial displacement (mm)
Figure 18. Comparison of hysteretic curves between the SAP2000 model and the test.
According to Table 7, the simulation parameters are presented in Table 9, which were
derived from the SMA phase transition stress and strain from the test. The hysteretic curves
simulated by SAP2000 are shown in Figure 19a. The simulation results of {eq and R4, had
small deviations from the theoretical values, and the maximum absolute errors were only
12.14% and 1.20%, respectively. The connection between the D-SCFD and the SF is shown
in Figure 19b. Compared with D-SCFD-1, the maximum SMAs” axial force of D-SCFD-2
and D-SCFD-3 decreased by 7.12% and 13.31%, respectively, which is advantageous to
reduce the consumption of SMA.
Table 9. Simulation parameters of D-SCFD.
Coil Springs FD SMA
Linear Plastic (Wen) Multi-Linear Elastic Plastic (Wen)
ID of Damper
k kl Fy k2/k1 uy Fl u Fz k1 Fy kz/kl
(kN/mm) (kN/mm)  (kN) (%) (mm) (kN) (mm) (kN) (kN/mm) (kN) (%)
D-SCFD-1 1.17 77.95 77.95 0.00 15.67 176.19 60.00 265.98 5.47 85.72 0.00
D-SCFD-2 1.09 108.00 108.00 0.00 15.67 163.51 60.00 246.91 5.09 79.74 0.00
D-SCFD-3 1.02 134.10 134.10 0.00 15.67 152.75 60.00 230.59 4.74 74.31 0.00
D-SCFD-1 A Steel beam A
— 600} ——D-SCFD-2 / v
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Figure 19. (a) Simulated hysteretic curves of D-SCFDs and (b) connection between D-SCFD and SE.
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5.4. Mitigation of Seismic Responses

After the nonlinear time history analysis utilizing SAP2000, the peak inter-story drift
ratios (PIDRs) under each ground motion are shown in Figure 20. D-SCFDs reduced the
PIDRs of SF under the earthquake, whose safety was effectively improved. With different
D-SCFDs, the maximum inter-story drifts of SF were 43.60 mm, 51.69 mm, and 50.02 mm,
respectively, less than the limit of deformations. The average peak inter-story drift ratios
(APIDRs) and the control rates of those under seven ground motions are shown in Table 10.
Wherein, the APIDRs of the second and third floors were larger than the others. For the
control effects of APIDRs, the D-SCFD-3 was better than D-SCFD-2, and the D-SCFD-2
was better than D-SCFD-1. The control impacts of APIDRs revealed that lowering the
recentering performance of D-SCFDs was advantageous for improving the control effect of
the structure’s maximum lateral deformations, while Ry, did not surpass 50%.
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Figure 20. PIDRs of structure under different ground motions: (a) GM1, (b) GM2, (c) GM3, (d) GM4,
(e) GMS, (f) GM6, and (g) GM?7.
Table 10. APIDRs and the corresponding control rates.
SF SF with D-SCFD-1 SF with D-SCFD-2 SF with D-SCFD-3
Number of Control Rate Control Rate Control Rate
Story APIDR APIDR of APIDR APIDR of APIDR APIDR of APIDR
(%) (%) (%) (%) (%) (%) (%)
1 0.980 0.813 17.04 0.775 20.92 0.774 21.02
2 1.296 1.084 16.36 1.028 20.68 0.987 23.84
3 1.257 0.973 22.59 0.919 26.89 0.881 29.91
4 0.941 0.773 17.85 0.737 21.68 0.709 24.65
5 0.461 0.365 20.82 0.347 24.73 0.330 28.42
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The average residual inter-story drift ratios (ARIDRs) of the SF are shown in Table 11.
D-SCFDs significantly reduced the ARIDRs of SF, which could reduce the post-seismic
recovery costs of the structure. The differences in the control effects of ARIDRs were tiny,
which were generated by the discrepancies in the recentering performances of D-SCFDs.
The maximum difference was only 0.008%, and its level was micro. Therefore, when the
Rgr was less than 50%, the objectives of recentering performances of D-SCFDs hardly
had obvious effects on the residual deformations of the structure after an earthquake.
The average peak floor accelerations (APFAs) under seven ground motions are shown in
Table 12. D-SCFDs reduced the floor acceleration responses, thereby reducing the inertial
forces caused by the earthquakes. Meanwhile, D-SCFD-3 had the best control effect on
APFAs, followed by D-SCFD-2, and the control effect of D-SCFD-1 was relatively minimal.
Differences in APFA mitigation resulted in previous variations in APIDR control rates, both
of which were primarily caused by the different recentering performances of D-SCFDs.
After minimizing the aims of recentering performances, the D-SCFDs had a larger value of
{eq, which had better energy consumption performance and resulted in better APIDR and
APFA mitigation.

Table 11. ARIDRs and the corresponding control rates.

SF SF with D-SCFD-1 SF with D-SCFD-2 SF with D-SCFD-3
Number of Control Rate Control Rate Control Rate
Story ARIDR (%) ARIDR (%) of ARIDR ARIDR (%) of ARIDR ARIDR (%) of ARIDR
(%) (%) (%)
1 0.027 0.013 51.85 0.010 62.96 0.009 66.67
2 0.054 0.025 53.70 0.020 62.96 0.017 68.52
3 0.048 0.021 56.25 0.017 64.58 0.017 64.58
4 0.021 0.012 42.86 0.010 52.38 0.009 57.14
5 0.005 0.004 20.00 0.004 20.00 0.006 —20.00
Table 12. APFAs and corresponding control rates.
SF SF with D-SCFD-1 SF with D-SCFD-2 SF with D-SCFD-3
Number of
S APFA APFA Control Rates of APFA Control Rates of APFA Control Rates of
tory (m/s2) (m/s2) APFA (m/s2) APFA (m/s?) APFA
(%) (%) (%)
1 12.03 10.31 14.30 10.03 16.63 9.82 18.37
2 14.28 11.40 20.17 10.85 24.02 10.59 25.84
3 12.35 11.87 3.89 11.37 7.94 10.94 11.42
4 15.86 14.39 9.27 13.88 12.48 13.58 14.38
5 24.09 19.52 18.97 18.71 22.33 18.01 25.24

6. Conclusions

In this study, a new dual self-centering damper (D-SCFD) was proposed, which
was generated by connecting coil springs, SMA rods, and a friction energy dissipation
device (FD) in parallel. While carrying out the mechanical tests of small-scale specimens,
a simplified mechanical model was established. The theoretical index calculations of the
performance of recentering and energy dissipation were derived and used to analyze the
influence of coil springs, SMA rods, and FD on the performance of D-SCFD. Eventually, the
seismic response control effects of D-SCFD on multi-story steel frames (SFs) were analyzed,
which experienced consecutive strong earthquakes. The main conclusions are as follows:

1. The recentering and energy dissipation performances of D-SCFD were contradictory.
It is necessary to define the reasonable relationship between the axial force provided
by coil springs, SMA, and FD, which can make the D-SCFD give play to the ideal
performance of recentering and energy dissipation.
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2. After magnifying the axial force response of FD, the energy dissipation performance of
D-SCFD increased, but the recentering performance decreased. Meanwhile, a reduction
in the recentering performance was positively correlated with the loading displacement
amplitude. After the martensitic transformation of SMA, the loading displacement
amplitude had little effect on the energy dissipation performance of D-SCFD.

3. The simplified mechanical model of D-SCFD, the theoretical index calculations of
the performance of recentering, and energy dissipation could accurately describe the
mechanical behaviors of D-SCFD. In the suggested model, the parameters are related
to the mechanical properties of each component, which is beneficial to its serviceability.
With the reduction in the recentering performance target and the increase in the axial
force ratio of the coil springs, the decrease in the energy dissipation performance of
D-SCFD would be slower.

4. When the recentering performance of D-SCFD is required to be high, it is not appro-
priate to excessively increase the axial force ratio of the coil springs to avoid a rapid
decline in the performance of energy dissipation. With the decrease in the recentering
performance target, the proportion of axial force provided by the coil springs can be
appropriately increased, thereby reducing the consumption of SMA.

5. The simulations of D-SCFD utilizing SAP2000 were close to the test. Adjusting the
Rgr to 50% from 10%, the section area of SMA decreased by 13.31% in D-SCFD with
a o of 20%. Simultaneously, the control rate of the average peak inter-story drift
ratio (APIDR) increased 7.48% in the story with the maximum APIDR. However,
the maximum variation of average residual inter-story drift ratios (ARIDRs) only
reached 0.008%. Therefore, when D-SCFD is used to mitigate seismic responses, the
performance of recentering can be appropriately reduced.

6. Compared to the existing self-centering damper-based SMA, the consumption of SMA
in D-SCFD was less, which avoided the expensive cost. In the future, the combination
of a dual self-centering pattern (D-SC) and other kinds of passive energy dissipation
devices could be promising.
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Nomenclature

SMA Shape memory alloy

FD Friction energy dissipation device
D-SCFD  Dual self-centering friction damper
BRB Buckling restrained brace

MYD Metallic yielding damper
MS-AS  Mainshock-aftershock sequence

RC Reinforced concrete
D-SC Dual self-centering
SF Steel frame
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W Dissipated energy

K Secant stiffness

Geq Equivalent viscous damping

Rgr Rate of residual deformation

Fpscpp  Axial force response of D-SCFD

kcs Total stiffness of the coil springs

u Axial deformation of D-SCFD

t Time

P Pre-tightening force of FD

U Sliding friction coefficient of FD

sgn(x) Symbolic function

Fsma Axial force of the SMA rods

e(x) Step function

Fha Axial force responses of SMA rods during loading

F_CEJM A Axial force responses of SMA rods during unloading

ksma 1 Linear stiffness of SMA rods before martensitic transformation

ksma 2 Linear stiffness of SMA rods after martensitic transformation

UM Axial deformation of SMA rods at the start of martensitic transformation

Fums Axial force of SMA rods at the start of martensitic transformation

UM Axial deformation of SMA rods at the end of martensitic transformation

UAf Axial deformation of SMA rods at the end of the reverse martensitic transformation
Fas Axial force of SMA rods at the end of the reverse martensitic transformation
ulSlL Axial deformation of SMA rods at the beginning of unloading

FLSI I Axial force of SMA rods at the beginning of unloading

T Axial deformation of SMA rods at the beginning of the reverse martensitic transformation
« Ratio of the maximum axial force of the coil springs to that of SMA rods

B Ratio of the maximum axial force of FD to that of SMA rods

Sa(T1,¢)  Spectral acceleration corresponding to the first translational period of structure
PIDR Peak inter-story drift ratio

APIDR  Average peak inter-story drift ratio
ARIDR  Average residual inter-story drift ratio
APFA Average peak floor acceleration
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Abstract: To enhance the effect of seismic mitigation in medium-sized buildings, this study intro-
duced a novel friction damper within a braced frame, forming a friction energy-dissipating braced
frame (FDBF). The seismic reduction mechanism of the FDBF was examined, and its performance was
evaluated through shaking-table tests and finite element simulations. The hysteresis performance of
the novel damper was assessed through low-cycle repeated loading tests, which yielded predomi-
nantly rectangular and full hysteresis curves, exemplifying robust energy dissipation capacity. The
shaking-table tests of the FDBF indicated significant modifications in the dynamic characteristics of
the original frame structure, which notably reduced the natural vibration period and enhanced the
damping. Additionally, the FDBF remarkably reduced both acceleration and displacement responses
during seismic excitation. Optimizing the orientation of the energy dissipation brace significantly
improved seismic reduction efficiency. A dynamic time history analysis, employing finite element
software, was conducted on the FDBF equipped with a friction energy dissipation brace at each level.
Comparative analysis with both the moment-resistant frame and ordinary braced frame revealed
that the FDBF substantially lowered the peak acceleration at the apex of the structure, achieving a
reduction rate of 40-50%. Under both design and rare earthquake conditions, the FDBF demonstrated
superior seismic mitigation capabilities, especially under rare earthquakes. Future studies should
investigate various structural types with energy dissipation braces at different levels to identify
the most efficient layout for the novel friction energy dissipation brace, thereby guiding relevant

engineering practices.

Keywords: novel friction damper; energy-dissipating brace; shaking-table test; finite element simulation

1. Introduction

Frame structures are prevalently applied in medium- and high-rise buildings, as they
provide clear force transmission pathways, flexible design, and cost-effectiveness. However,
their significant limitation lies in lateral stiffness, which impedes effective interval displace-
ment control during seismic events owing to inherent stiffness. Frame structures primarily
address seismic impacts through the plastic deformation of their key structural components,
which may induce permanent damage and reduce the overall seismic resilience [1]. In
addressing this issue, numerous researchers have integrated energy-dissipating elements
to absorb seismic forces, thus protecting the primary structure. The design philosophy of
“moderate lateral stiffness with predominant energy dissipation through non-structural
elements” [2,3] has evolved and become increasingly popular. A prominent example of
this approach is the friction energy dissipation braced-frame structure.

In 1982, Pall and Marsh introduced the Pall-type friction energy-dissipation brace,
featuring a four-link variable mechanism at the center to prevent buckling under horizontal
seismic forces. This design facilitates energy dissipation through friction by incorporating
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a slide groove at the midpoint of the diagonal [3-5]. In 1985, Chen devised a friction
shear hinge energy-dissipation brace, employing friction shear dampers at diagonal brace
intersections [6,7]. Extensive subsequent research by Liu [8,9] and Zhou [10,11] led to the
development of circular (square box) friction energy dissipation braces. These designs
replaced the Pall-type four-link mechanism with a circular ring or square box, placing the
friction damper at the center of the diagonal for energy dissipation [8-12]. Xian et al. [13,14]
proposed a composite friction energy-dissipating brace, combining sliding friction dampers
at the diagonal’s center with rotating friction dampers at the four link corners. In 2003, Ou
and Wu et al. [15-17] introduced a T-shaped core plate friction damper, an advancement of
the Pall-type damper, substituting diagonal cross-shaped bars with T-shaped core plates.

The friction dampers previously mentioned are typically installed in the central section
of diagonal braces and come in various forms. These dampers employ sliding friction for
energy dissipation. However, their complex construction can increase the axial force on
columns due to horizontal seismic forces [16,18,19]. This paper introduces a novel friction
energy-dissipating braced frame (FDBF), as illustrated in Figure 1. The FDBF comprises a
frame structure and an innovative friction-based energy-dissipating brace, featuring a new
type of friction damper and braces.

Horizontal movement

S— —— == A

The novel friction
damper

Figure 1. Novel friction energy-dissipating braced frame.

When subjected to horizontal seismic forces, the braces experience axial tension and
compression, activating the damper. This leads to friction energy dissipation once the
axial force reaches the slip force threshold of the new friction damper. The dissipation
process involves the relative rotation of the connecting components and the friction pad,
effectively reducing the displacement response of the structure during seismic events.
The slip mechanism of the damper, designed to prevent compression buckling of the
brace, allows the novel friction damper to adjust the absorbed length of the brace by
deforming, keeping the slip force relatively constant despite increasing deformation. This
design minimizes the additional axial force imparted to the column, thereby avoiding a
gradual increase in column axial force. Additionally, this system offers several advantages,
including straightforward construction, ease of installation, and flexibility, highlighting its
practicality for seismic mitigation.

This article introduces and empirically investigates the working mechanism and
hysteretic behavior of a new type of friction damper. Additionally, shaking-table tests and
finite element simulations are conducted on the FDBF. The dynamic characteristics and
seismic mitigation effects of the FDBF are thoroughly analyzed and assessed.
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2. Study on Hysteretic Performance of the Novel Friction Damper
2.1. Theoretical Study

The innovative friction damper consists of six key components: a connecting plate,
friction pad, steel disc, bolt washer, general bolts, and high-strength bolts, as illustrated
in Figure 2. At the energy-dissipation end of the damper, each friction pad is securely
attached using two connectors and fastened with high-tensile bolts under pre-pressure.
To enable rotational movement between connectors at the loading end of the damper in
response to external forces, ordinary discs, fixed with general bolts, are utilized in lieu of
friction pads. Moreover, to modulate the energy-dissipating capacity of the friction pads,
the steel disc at the loading end can be treated with a lubricant coating.

Connecting Plate

. Friction Pad

© woll High-Strength Bolt

@ Steel Disc

- General Bolt
?Q
@ Bolt Washer

Figure 2. Novel friction damper construction.

Figure 3a,b illustrate the positive (A > 0, A ranging from 0 to the maximum value
and from the maximum value to 0) and negative (A <0, A ranging from 0 to the negative
maximum value and from the negative maximum value to 0) displacements of the damper.
These diagrams show that when a force, F, is applied to the loading end of the damper,
relative rotation occurs between the connecting components and friction pads of the damper,
causing frictional energy dissipation. As depicted in Figure 4, we can obtain: x = Lsin ¢,
then dx = L cos ¢d¢@. Assuming that the displacement at the B (C) end of the damper is A
(dx = A) and the rotation angle of the damper is A¢ (dp = A¢), we can obtain Equation (1)
according to the principle of virtual work [20,21]:

2FA = nM-2Ag 1)

Figure 3. Mechanical model of damper.
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Figure 4. Stress diagram of isolator (positive).
Equation (2) can be obtained by substituting A = L cos ¢-A¢ into Equation (1):

nM
F=1 cos ¢ @

where M denotes the friction moment at the energy dissipation end of the damper, and n
denotes the number of friction pads. The working principle of the friction pad is illustrated
in Figure 5. When the rotational angle of the connecting plates is Ag, the rotational angle
of the friction pad is A, and Equation (3) can be derived.

2 R3-R}
_ 2 _ < 2 1
M= jf upcr-dedr = 3VPR§ s (3)

where P denotes the preload force of high-strength bolts, i indicates the friction coefficient
of the friction pads, n represents the number of friction pads, and R; and R; denote the
inner and outer radii of the friction pads, respectively.

Figure 5. Working principle of friction pad.

Substituting Equation (3) into Equation (2), the theoretical formula for F-A is obtained
for A > 0 as follows:

2 RI_R3 AZ
F=—nup-2_"1 — 4
sL" R R T @)

S|

/1
Similarly, Equation (5) can be obtained for A < 0 as follows:

2
2  RI-RS V2 A
FegrmPr—r/\1 (7 1) ©)

From Equations (4) and (5), the theoretical F-A relationship of the novel friction
damper is obtained, as displayed in Figure 6.
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Figure 6. Theoretical hysteresis curve of F-A.

2.2. Experimental Study
2.2.1. Specimen Design

To more accurately replicate the actual performance of the new friction damper
through a hysteresis curve, a reverse-cycle loading test was conducted at the structural
laboratory of Qingdao University of Technology. Six specimen sets were designed, varying
in preloading forces of high-strength bolts and friction pad materials, as detailed in Table 1.
The specimens utilized grade 8.8 M12 high-strength bolts and Q345 steel for other damper
components. According to the JGJ 82-2011 “Technical Specification for High-Strength
Bolt Connections of Steel Structures” and the predetermined test conditions [22-25], the
preloading force P of the high-strength bolts was set at 38 kN. The specimen identifiers
were structured as follows: RFD-friction pad material-preloading force magnitude, with
“N” representing non-asbestos composite material, “A” asbestos composite material, and
“B” brass.

Table 1. Specimen parameters.

Specimens Friction Pad Type Pre-Tension (kN) Torque (kN-m)

RFD-NA-0.5P Non-asbestos 0.5P 0.78P
composite

RFD-NA-P Non-asbestos compound P 1.56P
RFD-A-0.5P Asbestos compound 0.5P 0.78P
RFD-A-P Asbestos compound p 1.56P
RFD-B-0.5P Brass 0.5P 0.78P
RFD-B-P Brass P 1.56P

As depicted in Figure 7, the geometrical dimensions of all six sets of specimens
were identical.
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Figure 7. Cont.
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Figure 7. Geometric dimensions of specimens. (a) Elevation. (b) Side view.

2.2.2. Experimental Equipment and Loading Protocol

A 100-kN hydraulic servo loading MTS actuator, specifically engineered for horizontal
linear loading, was employed in the experiment. One extremity of the square rotary friction
damper was connected to the actuator, whereas the opposite end was linked to a limiting
device. The MTS force and displacement sensors were used for real-time data collection.
The loading apparatus is displayed in Figure 8a, and the experimental loading methodology
is illustrated in Figure 8b. The displacement-controlled loading was adopted, and Figure 9
presents the test loading protocol.
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Figure 9. Loading protocol.
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2.2.3. Experimental Results and Analysis

The primary parameters measured in this experiment included the displacement of
the novel friction damper, the differential in displacement between the damper and the
limit fixing device, and the variation in the sliding force of the damper. The displacement
was quantified using displacement sensors, whereas the sliding force of the friction damper
was measured using the force sensor of the actuator. These measurements facilitated the
construction of the hysteresis curve of the friction damper, as depicted in Figure 10. This
curve was predominantly rectangular and full. Even after 25 reciprocating displacement
loading cycles, there was no significant degradation in stiffness, highlighting the robust
energy-dissipation capacity of the damper. Moreover, the hysteresis curve of the damper
was closely aligned with the theoretical analysis presented in Figure 6, affirming the general
accuracy of the theoretical formula.
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Figure 10. Cont.
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Figure 10. Hysteresis curves. (a) RFD-NA-0.5P. (b) RFD-NA-P. (¢) RFD-A-0.5P. (d) RFD-A-P.
(e) RFD-B-0.5P. (f) RFD-B-P.

The sliding force F of the friction damper increases with a rise in the preloading force
of the bolts, assuming constant friction-pad material. With identical preloading forces,
the sliding force is minimized with non-asbestos composite material friction pads and
maximized with brass. Therefore, the sliding force of the friction damper is influenced by
both the preloading force of the bolts and the friction coefficient of the friction pad. Thus,
different energy-dissipation capacities can be achieved by varying the preloading force of
the bolts or employing different friction-pad materials for friction energy dissipation.

3. Study on Novel Friction Energy-Dissipating Braced Frame
3.1. Theoretical Study

Incorporating the friction damper into braces leads to the creation of a friction-based
energy-dissipation structural system. Under horizontal seismic action, a mechanical analy-
sis of the single-layer seismic damping structure can be performed, as depicted in Figure 1.
This analysis produces a simplified diagram, displayed in Figure 11a, which divides the sys-
tem into a single-layer frame structure and a dampening support section incorporating the
damper. Figure 11b displays the energy-dissipation support, integrating the friction damper
to augment energy dissipation and enhance the seismic performance of the structure.

D }\ B E . B
Fa F
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T
/ F1cosu‘ - Fpsina
a a | ¢
77 | i S
WLA L ; L C ) F, Fsina F,cosa F»
(a) (b)

Figure 11. Calculation diagrams and the brace. (a) Friction energy dissipating-braced frame.
(b) Friction energy dissipating-brace.

When subjected to mild horizontal seismic forces, as indicated in Figure 11a, the AB
rod remains in tension without deformation, whereas the AC rod experiences compression
without collapsing. The energy-dissipation end of the friction damper remains static, and
the energy-dissipation support is in an elastic stage. At this stage, the friction damper
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functions as a rigid body, rendering the energy-dissipation support similar to a conventional
support. According to the principles of structural mechanics, the primary function of the
support is to withstand the horizontal force [26-28].

FF=F (6)

F, = Fycosa + Fycosx (7)

_ 1
" 2cosx

When Equation (6) is substituted into Equation (7), we obtain F;
the same reasoning, we can obtain F, = ﬁlfh.

As the horizontal seismic force intensifies to a level where the AC compression support
approaches buckling, the novel friction damper starts to rotate and engage, as illustrated in
Figure 12. At this moment, the sliding force of the damper attains its maximum friction
force. The internal force within the brace, provided by the support, can be computed

Fy,. Following

as follows: .
F, = F
S = e L (8)
Fy = ¢Apfy )

where ¢ denotes the stability coefficient of the compression support, A, represents the
cross-sectional area of the compression support, and f, indicates the design value of the
compressive strength of the steel material used for the support.

—Bsx 1B

AL

Figure 12. Energy-dissipating brace operation.

3.2. Shaking-Table Test

The experimental prototype is based on the initial-stage ATS-controlled benchmark
model, incorporating studies [29-33]. It is a three-story, single-span steel-frame structure.
The scaled-down model employed in this experiment has dimensions of 366 mm by 183 mm
in plan, with a first-story height of 305 mm and subsequent stories each measuring 448
mm. The friction damper energy-dissipation brace was installed on the first story. The
columns comprised 13 circular cylinders, and the base plate was firmly bolted to the
shaking table. To adhere to the similarity criteria of the structural model, the friction
damper was re-engineered, with dimensions presented in Figure 13. The frame model
specimens were constructed according to the dimensions of each component, and the FDBF
model specimens are exhibited in Figure 14.

3.2.1. Test Equipment and Loading Scheme

For the experiment, the Quanser Shake Table III, a bi-axial input vibration table
measuring 71.1 cm x 71.1 cm, was utilized. Capable of handling a 100 kg load, it can
generate a maximum seismic excitation level of 1 g. Both the X and Y directions have
a stroke capability of 10.8 cm. Acceleration data were acquired using four Lord G-Link-
200 sensors placed on the surface of the shaking table and at the center of each floor
slab. Structural displacement signals were measured using Keyence CMOS IL series laser
displacement sensors. The seismic performance was evaluated by comparing the lateral
displacement and acceleration of both the FDBF and moment-resistant frame (MRF). The
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design response spectrum was formulated based on seismic intensity, site classification,
and seismic design category, with the seismic intensity set at 8 degrees, site classification at
Class II, and seismic design category at Group 2. The resulting design response spectrum

is depicted in Figure 15.
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Figure 13. Design details of the table-test friction damper model. (a) Elevation. (b) Side view.
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Figure 14. Model specimens. (a) Frame model specimen. (b) Friction damper braced frame specimen.
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Figure 15. Design earthquake response spectrum.
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Four seismic waves—the 1940 El Centro wave, 1979 El Centro wave, 1981 Salton Sea
wave, and 1952 Taft wave—were selected for their spectral congruence with the structural
period point. The peak values of these waves were adjusted to 0.2 g. A response spectrum
analysis for each wave was then conducted and compared with the response spectrum
from Code for Seismic Design of Buildings GB50011—-2010(2016 Edition), as illustrated in
Figure 16. The response spectra of these waves closely corresponded with the periods of
the structure. The average response values of these waves were used to assess the seismic
performance of the structure [34,35]. Owing to structural asymmetry, earthquake waves
were applied independently in the X and Y directions. The structural model loading device
is depicted in Figure 17.

— — 1940EI Centro
- 1952Taft
.81 . — - - 1979El Centro
i <= 1981 Salton Sea
— Normative Response Spectrum

Acceleration/g
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|
S
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Figure 16. Earthquake wave response spectrum and design response spectrum.

Figure 17. Loading device for the structural model specimens (a) Loading device in Y-direction.
(b) Loading device in X-direction.

3.2.2. Test Results and Analysis
(1) Natural frequency and damping ratio

Exposing both the MRF and FDBF to white noise excitation, ranging from 0 Hz to 8 Hz,
with a 2-mm amplitude and conducting Fourier transformation on the resultant acceleration
data facilitated the determination of the natural frequencies of both structures through
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frequency-response analysis. Subsequently, the damping ratios were determined using the
half-power method based on the frequency-response function, as indicated in Table 2. The
results revealed that the FDBEF, equipped with friction energy-dissipating braces, exhibited

higher damping ratios than the MREF, thereby improving its seismic resistance capabilities.

Table 2. Natural frequency and damping ratio.

Structure Model Frame FDBF
Natural frequency 3.1211 Hz 3.681 Hz
damping ratio 4.15% 4.77%

(2)  Acceleration and displacement responses

The peak acceleration and displacement values for the top floor of both structures
under seismic wave excitation are listed in Table 3. In the Y-direction, the FDBF exhibited
reductions in peak acceleration values of 44.36%, 40.40%, 50.15%, and 48.75% compared to
the MRF under the seismic waves of 1940 El Centro, 1979 El Centro, 1981 Salton Sea, and
1952 Taft, respectively. In the X-direction, these reductions were 29.3%, 27.5%, 9.09%, and
37.71%, respectively.

Table 3. Maximum top-floor acceleration and displacement.

1981 Salton

Working Condition 1940 El Centro 1979 El Centro Sea 1952 Taft
. . Acceleration/g 0.215 0.291 0.143 0.236
Xedirection  pyicolacement/mm  29.32 35.12 26.61 27.11
Frame o Acceleration/g 0.390 0.656 0.401 0.359
Yedirection  picolacement/mm  30.86 34.12 27.47 27.12
. . Acceleration/g 0.152 0.211 0.130 0.147
X-direction  picolacement/mm  29.04 34.07 26.01 26.03
FDBE o Acceleration/g 0.217 0.391 0.168 0.184
Ydirection  pylacement/mm  28.02 31 25.68 2521
Displacement- X-direction / 0.96% 3.08% 2.31% 4.15%
reduction Y-direction / 10.14% 9.14% 6.97% 7.58%

Tatio

Figures 18 and 19 present the time history responses of the top-floor accelerations in
the Y- and X-directions for both structures influenced by the four seismic waves. The FDBF
displayed a significantly lower acceleration response in the Y-direction compared to the
MRE, whereas its response in the X-direction was modestly reduced. This suggests that the
friction energy-dissipating brace is highly effective in its implemented direction, with a
less pronounced damping effect in the unbraced direction. The displacement-reduction
ratio is defined as the ratio of the maximum top-floor displacement of the FDBF to that
of the MRFE. According to Table 3, the displacement-reduction ratios in the Y-direction are
10.14%, 9.14%, 6.97%, and 7.58%, and in the X-direction, they are 0.96%, 3.08%, 2.31%, and
4.15%, respectively. These findings indicate that the novel friction energy-dissipating brace
significantly reduces the displacement response of the MRF, with a maximum reduction
ratio reaching up to 10.14%. Figures 20-22 reveal that the displacements at each level
of the FDBF are consistently lower than those of the MRF, with the ratio of inter-story
displacement at each FDBF level being less than one.
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Figure 18. Acceleration—time histories of Y-direction seismic waves. (a) 1940 El Centro. (b) 1979 El
Centro. (c) 1981 Salton Sea. (d) 1952 Taft.
(3) Acceleration amplification factor 8
The acceleration amplification factor denotes the ratio of the maximum acceleration
at the top of the structure to the maximum acceleration on the shaking table, illustrating
the amplification effect of the top-floor acceleration during an earthquake. The data were
collated, and the acceleration amplification factor in the Y-direction was calculated for both
structures under the impact of four seismic waves; these findings are presented in Table 4.
For comparative purposes, the acceleration amplification factor is plotted as a bar graph in
Figure 23.
Table 4. Acceleration amplification factor .
MRF FDBF
Earthquake Table Top-Floor 8 Table Top-Floor 8
Acceleration/g  Acceleration/g Acceleration/g  Acceleration/g
1940 EI Centro 0.176 0.390 222 0.172 0.217 1.26
1979 EI Centro 0.255 0.656 2.57 0.219 0.391 1.78
1981 Salton Sea 0.192 0.401 2.09 0.213 0.398 1.73
1952 Taft 0.183 0.359 1.96 0.182 0.184 1.01
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Figure 19. Acceleration—time histories of X-direction seismic wave. (a) 1940 El Centro. (b) 1979 El
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Figure 20. Maximum floor displacement of Y-direction seismic wave. (a) 1940 El Centro. (b) 1979 El
Centro. (c) 1981 Salton Sea. (d) 1952 Taft.
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Figure 21. Maximum floor displacement of X-direction seismic wave. (a) 1940 El Centro. (b) 1979 El
Centro. (c) 1981 Salton Sea. (d) 1952 Taft.
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Figure 23. Acceleration amplification factor j.

Table 4 and Figure 23 reveal that the acceleration amplification factor of the FDBF
is consistently lower than that of the MRF and remains below two. This observation
highlights the crucial role of the friction energy-dissipating brace in mitigating seismic
effects within the framed structure.

4. Finite Element Simulation

To comprehensively assess the seismic-reduction impact of the FDBE, the shaking-
table test results were compared with finite element simulations conducted on the MRF,
BMREF, and FDBF using ABAQUS 6.14 software. The acceleration—-time and displacement-—
time responses of these three structures were contrasted under earthquake excitation,
demonstrating the seismic mitigation efficiency of the FDBE.

4.1. Finite Element Model Verification

Finite element models of both the experimental MRF and FDBF were developed
in ABAQUS. A modal analysis was performed to determine the natural frequencies of
the two structures. Table 5 presents a comparison between the simulated outcomes and
experimental data, showing relative closeness with differences ranging from 2% to 5%. This
suggests that the finite element model effectively replicates the experimental specimen.
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Table 5. Comparison of natural frequencies (top three modes)/Hz.

MRF FDBF
Mode
1 2 3 1 2 3
Test 3.121 3.334 5.15 3.681 3.892 6.061
Finite 3.046 3.257 5.061 3.503 3.798 5.996

After the modal analysis, damping parameters were incorporated into the models.
The 1940 El Centro earthquake wave was then applied at the base of the structures, and the
top-floor acceleration response in the Y-direction was compared with experimental results,
as illustrated in Figure 24. The comparative analysis indicated commendable consistency
in acceleration responses between the FDBF and MRF, demonstrating the proficiency of the
finite element model in simulating the experimental model.
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Figure 24. Comparison of acceleration-time histories (a) FDBE. (b) MRFE.

4.2. Finite Element Model

The three model sets included the MRF, BMRF, and FDBF with energy-dissipating
braces on each floor, as illustrated in Figure 25. The original structure was a five-story,
one-span, center-supported steel-frame structure. The finite element models represented a
scaled-down version of this prototype, focusing on a single five-story span. The column
spacing in the X- and Y-directions was 450 mm and 540 mm, respectively, with a story
height of 225 mm and a floor thickness of 2 mm. Columns and supports were modeled
using beam elements, while floor slabs employed shell elements.

In the numerical model, the damper is using a full scale of the damping mechanism.
The length and width of the damper connecting plates in the numerical model are the
same as those in the experimental model. The thickness of the connecting plates and
friction plates is 2 mm, different from the experimental model. This is due to the fact
that the thickness of the slabs is different in the two models. Considering the connection
installation between the braces and the floor slabs, different thicknesses are used. The
damping devices were modeled with solid elements. The bases of the columns were
fixed, eliminating displacements and rotations. The interaction between the friction pads
and connectors was defined as surface-to-surface contact, employing penalized tangential
contact and rigid normal contact. General contact was applied for interactions between
other components. Except for the friction pads and high-strength bolts, Q345 steel was
used for the model components.
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(a) (b) (c)
Figure 25. Different finite element models for various structures. (a) MRF. (b) BMREF. (c) FDBE.

4.3. Modal Analysis

Modal analysis was conducted on three structures: MRF, BMRF (ordinary braced
frames), and FDBF. This analysis aimed to identify the mode shapes and frequencies for the
top three modes. The specific frequencies for each mode are presented in Table 6. An exam-
ination of these results indicates that both the BMRF and FDBF exhibit higher frequencies
compared to the MRF. Notably, the FDBF demonstrates lower frequencies than the BMREF,
suggesting that the integration of the energy-dissipating brace alters the structural stiffness,
which is beneficial for seismic energy dissipation relative to ordinary supports.

Table 6. Natural frequencies of MRF, BMRE, and FDBF (top three modes)/Hz.

Mode 1 2 3
MRF 1.227 1.243 1.706
BMRF 1.487 5.704 13.382
FDBF 1.476 5.611 13.256

4.4. Acceleration Response

Seismic waves, namely, the 1940 EI Centro, 1979 El Centro, 1981 Salton Sea, and
1952 Taft earthquakes, were applied to the structural models. The peak accelerations
for these waves were set to 0.21 g, 0.21 g, 0.19 g, and 0.18 g, respectively. The top-level
acceleration—time history curves for these three structures are illustrated in Figure 26. The
BMREF structure exhibited the highest acceleration response, followed by the MRF, whereas
the base-isolated FDBF structure displayed the smallest acceleration response. Therefore,
the novel friction energy-dissipating brace can effectively dissipate seismic energy and
possesses significant damping properties.

To assess the amplification effect of top-level acceleration under identical seismic
waves, the acceleration amplification factors of the models were calculated. The results are
detailed in Table 7. The MRF displayed the highest amplification factor, followed by the
BMREF, both exceeding 2.0, signifying a considerable amplification effect on the top-level
acceleration in these structures. The base-isolated FDBF structure exhibited a maximum
amplification factor of 1.17 and a minimum of 1.05, demonstrating its efficacy in reducing
the top-level acceleration response and underscoring its damping capabilities.
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Figure 26. Comparison of acceleration—time histories of the three structures under seismic excitation.
(a) 1940 EI Centro. (b) 1979 El Centro. (c) 1981 Salton Sea. (d) 1952 Taft.

Table 7. Acceleration amplification factor  (acceleration unit (g)).

MRF BMRF FDBF
Earthquake Ground Top-Level 8 Ground Top-Level 8 Ground Top-Level 8
Acceleration Acceleration Acceleration Acceleration Acceleration  Acceleration
1940 El Centro 0.181 0.398 2.20 0.173 0.348 2.01 0.149 0.175 1.17
1979 El Centro 0.213 0.467 2.19 0.201 0.423 2.11 0.150 0.157 1.05
1981 Salton Sea 0.194 0.427 2.20 0.192 0.389 2.02 0.164 0.187 1.14
1952 Taft 0.180 0.414 2.30 0.179 0.403 2.25 0.166 0.176 1.06

Comparing the acceleration responses of the three structural models, the amplifica-
tion factors from Table 6 are represented as a bar chart in Figure 27. As observed, the
top-level acceleration-response peak of the FDBF structure, equipped with friction energy-
dissipating braces, decreased by 40-50% compared to the MRF. The BMRF structure, with
regular supports, achieved a decrease of approximately 15-25% compared to the MRF.
Furthermore, the FDBF structure exhibited a reduction of approximately 35-50% com-
pared to the BMRF structure. These findings demonstrate that the FDBF has a substantial
vibration-damping effect.
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Figure 27. Acceleration amplification factors for the three structures.

4.5. Displacement-Reduction Rate «

The displacement-reduction rate is defined as the ratio between the maximum dis-
placement of a seismically isolated structure and the maximum displacement of the same
structure without isolation, typically a pure frame structure. This rate is crucial in assessing
the seismic performance of the isolated structure, where a higher displacement-reduction
ratio signifies improved damping efficacy and a smaller displacement response. To evaluate
the seismic performance of both the BMRF and FDBF structures under various seismic
excitations, a time history analysis was conducted using seismic waves with peak accelera-
tions adjusted in accordance with the “Code for Seismic Design of Buildings GB50011-2010
(2016 Edition)” [36] for different design ground motion intensities. The peak accelerations
were set to 0.14 g, 0.40 g, and 0.63 g, simulating SLE (Service-Level Earthquake) intensity 9,
OBE (Operating Basis Earthquake) intensity 9, and MCE (Maximum Credible Earthquake)
intensity 9, respectively. The structures were analyzed under these modified seismic waves.

Table 8 outlines the maximum displacement peaks and displacement-reduction ratios
« for the FDBF, BMRF, and MRF under the influence of four different seismic waves with a
peak acceleration of 0.14 g. Under SLE intensity 9, the displacement-reduction ratio of the
FDBEF structure is similar to that of the BMREF. This is primarily due to the fact that, during
minor seismic events, the ordinary braces of the BMRF remain in an elastic state, and the
friction dampers in the FDBF are not yet operational, rendering the energy-dissipating
brace equivalent to an ordinary brace.

Table 8. Peak displacement (mm) of MRF, FDBF and BMRF (SLE intensity 9).

Working

.y 1940 El Centro 1979 El Centro 1981 Salton Sea 1952 Taft
Condition
MRF 7.08 10.75 8.06 7.33
FDBF 1.31 1.76 1.73 1.88
/% 81.5 83.6 78.5 74.3
BMRF 1.23 1.66 1.72 1.99
/% 82.6 84.6 78.7 72.8

Table 9 outlines the maximum displacement peaks and displacement-reduction ra-
tios o for the FDBF, BMRF, and MRF under the influence of seismic waves with a peak
acceleration of 0.40 g. Here, the displacement-reduction ratios of the BMRF are markedly
lower than those of the FDBF under OBE intensity 9. This is due to the fact that, under OBE
intensity 9, the new type of friction damper becomes active, and the energy-dissipating
braces reduce structural displacement by absorbing seismic energy. Moreover, the ordinary
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brace enters a compression-yielding state, leading to a significant decrease in the lateral
stiffness of the structure and an increase in displacement.

Table 9. Peak displacement (mm) of MRF and FDBF (OBE intensity 9).

Work.lgg 1940 El Centro 1979 El Centro 1981 Salton Sea 1952 Taft
Condition
MRF 12.74 19.35 14.51 13.19
FDBF 491 8.48 8.02 5.29
/% 61.4 56.2 447 59.9
BMRF 8.37 12.72 12.03 7.94
/% 34.2 34.3 17.1 39.8

Table 10 outlines the peak displacements and displacement-reduction ratios for the
FDBE, BMRF, and MRF under rare earthquake conditions. The data indicate that the
displacement-reduction ratios for the FDBF structure exceed 60% across various seismic
wave excitations during rare earthquakes. The displacement reduction rate of the BMRF
structure is consistently below 10%, with its maximum displacement essentially mirroring
that of the MRF structure. This reflects the yielding of ordinary braces under MCE intensity
9. Conversely, the FDBF structure demonstrates effective damping effects owing to the
operational friction dampers, exhibiting robust seismic mitigation performance.

Table 10. Peak displacement (mm) of MRF, FDBF and BMRF (MCE intensity 9).

Working

.. 1940 El Centro 1979 El Centro 1981 Salton Sea 1952 Taft
Condition
MRF 21.16 30.1 25.01 25.65
FDBF 7.44 8.99 8.73 8.98
/% 64.8 69.9 65.1 65.0
BMRF 19.99 27.95 23.02 24.35
/% 5.53 7.14 8.01 5.07

Figure 28 illustrates the peak displacements of the FDBF and MRF. The peak dis
placements of the FDBF are significantly smaller than that of the MRF under SLE, OBE
and MCE intensity 9, and the reduction is more significant under MCE intensity 9. It
shows that the FDBF shows good damping effect and the damping effect is better under
rare earthquakes.

—— MRF SLE intensity 9

—@— FDBF SLE intensity 9
{—%— MRF OBE intensity 9
(—¥—FDBF OBE intensity 9

301 0. |—9— MRF MCE intensity 9
\’:—’an MCE intensity 9|
o5 - /
&
20 N *.
15 - \
/ T
" %%il
]
5- /
./ .\o———O
0 T T T T
1940El 1979E1 1981Salton  1952Taft
Earthquake

Displacement/mm

Figure 28. The peak displacements of the MRF and FDBE.
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To illustrate the damping impact of the FDBF under earthquake conditions more
effectively, the displacement reduction rates « from Tables 8-10 are visualized in Figure 29.
As shown in the figure, at SLE intensity 9, the displacement reduction rates of both the
FDBF and BMREF structures are similar, reflecting comparable seismic mitigation effects.
At OBE intensity 9, the displacement reduction rate of the FDBF structure surpasses that
of the BMREF structure. This difference arises as ordinary braces start to yield, leading to
a decrease in stiffness. Concurrently, the new friction dampers become active, adjusting
the brace length through their deformation to prevent brace compression. During MCE
intensity 9, the BMREF structure loses nearly all of its seismic mitigation effectiveness owing
to brace yielding and damage. In contrast, the displacement reduction rates of the FDBF
structure exceed 60% as the deformations of the dampers in the energy-dissipating braces
become more pronounced under severe seismic actions, effectively dissipating seismic
energy and yielding superior seismic mitigation results.
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Figure 29. Displacement-reduction ratios « of the FDBF and BMRF.

5. Conclusions

A novel friction damper was proposed, and its hysteresis performance was examined.
Shaking-table tests and finite element simulation analyses of the friction energy-dissipating
braced frame structure, equipped with the new friction damper, were conducted. These
tests evaluated the acceleration and displacement responses of the FDBF and MRF struc-
tures under seismic wave excitation. Finite element software enabled a comparative
analysis of the seismic performance of the MRE, BMRF, and FDBF structures. The following
conclusions were drawn:

(1)  The hysteresis curve of the new friction damper is predominantly rectangular and
complete, showing no significant stiffness degradation after repeated loadings. This
indicates a stable and efficient energy dissipation capacity.

(2) Shaking-table tests revealed that the friction energy dissipation support at the bottom
layer modified the dynamic characteristics of the original structure. Under seismic
wave excitation, the peak acceleration at the top layer of the FDBF was reduced by
40-50% compared to the MRF, demonstrating a substantial seismic damping effect.

(3) With identical seismic wave excitation, the amplification factor of the peak top accel-
eration for both the MRF and BMRF exceeded 2, whereas that for the FDBF ranged
between 1.05 and 1.17. This suggests a more significant seismic damping effect in
the FDBF structure compared to the BMREF structure. During SLE intensity 9 earth-
quakes, the displacement-reduction rate of the FDBF was comparable to that of the
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BMRE. However, under OBE and MCE intensity 9 earthquakes, the energy dissipation
capacity of the BMRF diminished due to brace yielding, whereas the displacement-
reduction rate of the FDBF was between 45 and 61% and between 60 and 70% under
OBE and MCE intensity 9 earthquakes, respectively. This demonstrates the effective-
ness of FDBF in damping both OBE and MCE earthquakes, with superior seismic
mitigation performance during rare earthquakes.

This study did not examine certain factors affecting the seismic performance of fric-
tion dissipative braced frame structures, such as the placement and number of friction
dissipative braces and the threshold slip force of the new friction dampers. Subsequent
research can delve into these aspects in greater depth to provide further insights into the
engineering application of this system.
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Abstract: High-rise flue gas desulfurization towers are susceptible to wind loads, which can cause
instability and failure in the along-wind and across-wind directions. The tuned mass damper (TMD)
has been widely applied in the wind-induced vibration control of high-rise structures. To enhance
the control performance and reduce the auxiliary mass of TMD, this study focuses on inerter-based
dynamic vibration absorbers (IDVAs) for controlling the vibration response of a desulfurization tower.
The dynamical equations of the tower-IDVA systems are established under wind loads, and a param-
eter optimization strategy for IDVAs is proposed by using the genetic algorithm. The performance of
the traditional TMD and six IDVAs in the vibration control of the tower are systematically compared.
Numerical simulations demonstrate that both the TMD and IDVAs can substantially mitigate the
vibration response of the tower. However, compared to the TMD with the same response mitigation
ratio, more than 34% of the auxiliary mass can be reduced by two optimal IDVAs. In addition, the
energy dissipation enhancement and lightweight effect of the two IDVAs are explained through
parametric studies.

Keywords: high-rise structure; wind-induced vibration control; inerter-based dynamic vibration
absorber; tuned mass damper

1. Introduction

Large-scale flue gas desulfurization towers, characterized as high-rise thin-walled
steel structures, are critical devices used by petrochemical enterprises. Such structures are
notably sensitive to wind loads due to their high flexibility and low damping [1,2]. At the
bottom of the desulfurization tower, industrial exhaust gases undergo desulfurization, and
a slender steel chimney is set up on the upper sections to raise the height of the smoke
discharge. The variation in the sections weakens the stiffness and carrying capacity of the
upper parts of the structure. As the high-rise structure with a circular cross-section, the
desulfurization tower can easily suffer severe across-wind vortex-induced vibrations at
certain wind speeds in addition to the along-wind fluctuating response [3-5]. Therefore, it
is imperative to conduct research on the wind-induced vibration control of the tower.

Passive measures have been recognized as an effective approach [6,7]. As a typical
dynamic vibration absorber, the tuned mass damper (TMD) has been widely adopted
in engineering structures [8-10]. The optimal parameter design approach, which disre-
gards the damping of the main structure proposed by Den Hartog [11], serves as the
foundation for TMD parameter optimization. Brownjohn et al. [12] installed a monitoring
system for TMDs, which allows the real-time display of the resulting vibration status and
modal damping values. This system facilitates the adjustment of the TMD parameters,
consequently enhancing its control performance. Elias et al. [13] designed a distributed
multiple tuned mass damper, which achieves multimodal dynamic response control of
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the along-wind response of the chimney. Xiang et al. [14] performed a seismic design of
the hysteretic damping tuned mass damper using the Ho, /Hy optimization for undamped
and damped structures, providing valuable references for designers. Theoretical analysis
and experimental verification have demonstrated that the application of TMDs in reducing
chatter during the turning of the thin-walled cylinder also shows a good control perfor-
mance [15]. Vibration control analyses of a high-rise structure indicate the effectiveness
of linearizing the equations of motion to obtain optimal control device parameters [16].
Moreover, the pendulum TMDs installed at the top of Shanghai Tower and Taipei 101
significantly mitigate the wind-induced vibrations, thereby improving the comfort levels
of residents [17]. Testing research on the TMD system in the Shanghai tower indicates that
it is highly suitable for controlling vibrations of structures with relatively small damping
ratios [18]. However, the control performance of TMD relies considerably on its tuned mass,
which may have adverse effects on the structure. Additionally, the large displacement of its
mass block and the narrow frequency band limit the development of TMD [19]. Especially
for high-rise structures with limited installation space, like desulfurization towers, the large
auxiliary mass of the TMD increases the difficulty of its application.

In 2002, based on the force—current analogy, Smith [20] introduced a two-terminal
mechanical device dubbed an inerter. This groundbreaking innovation has allowed new
avenues for the vibration control strategies of high-rise structures [21,22]. Combined with a
TMD, the inerter element can effectively reduce the auxiliary mass and improve the control
performance of traditional dynamic vibration absorbers [23-25]. Alotta et al. [26] included
a standard inerter-based device within a rhombus truss, which can tune the frequency
of the vibration absorber by changing only the geometry of the rhombus truss. In terms
of the vibration control of high-rise structures, Liang et al. [27] seismically controlled a
mega-substructure system with a tuned inerter damper (TID) and showed an enhanced
effect under optimal conditions relative to the traditional viscous damper and the TMD.
With reference to a multiple tuned mass damper system, Chen et al. [28] developed a
multiple tuned inerter-based damper system for controlling the seismic response, which
demonstrated significant advantages. Marian et al. [29] proposed a tuned mass damper—
inerter (TMDI) by combining a TMD with an inerter element in series. By leveraging the
mass amplification effect of the inerter, the TMDI can perform better than the traditional
TMD. Based on a constrained multi-objective evolutionary algorithm, Wang et al. [30]
proposed an efficient inerter-based absorber parameter optimization scheme for the wind-
induced vibration control of high-rise structures, and they applied it to the TMDI/TID in
a 340-meter-high building. However, TID and TMDI require connections at both ends of
the structure. Their control performance depends on the connection length of the inerter
device, posing installation difficulties in high-rise tubular towers.

Different from TID and TMD], inerter-based dynamic absorbers (IDVAs) connected
to one end of the primary structure are expected to solve the connection problem of
the inerter device. Replacing the viscous damper in a TMD with a tuned viscous mass
damper [31], Garrido et al. [32] proposed a rotational inertia double tuned mass damper
and demonstrated the advantages of it with respect to the TMD. Zhang et al. [33] installed
a rotational inertia double tuned mass damper on wind turbines to control their in-plane
vibration, establishing comprehensive numerical models and optimization algorithms.
Building on this basis, Zhang et al. [34-36] combined a TMD with an inerter subsystem,
leading to the development of a generalized tuned mass inerter system. Their findings
suggested that the tuned mass inerter system could reduce the auxiliary mass and improve
the control performance compared to TMD. Wen et al. [37], Su et al. [38], and Hu et al. [39]
compared the performance levels of different combinations of IDVAs, as shown in Figure 1.
These studies have verified the advantages of IDVAs over the traditional TMD, which were
manifested in energy dissipation enhancement, a lightweight effect, and a wider effective
frequency band.
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Figure 1. Schematic diagram of the tuned mass damper (TMD) and inerter-based dynamic vibration
absorbers (IDVA) system: (a) TMD; (b) IDVA. (m, ¢, and k are the mass, damping, and stiffness of the
main structure, respectively; m1, ¢, and k; are the tuned mass, damping, and tuned stiffness of the
TMD, respectively; and mjy, cin, and ki, are the inertance coefficient, damping, and stiffness of the
inerter subsystems, respectively).

Given the limited space at the top of the tower, it is necessary to investigate the
lightweight effects of different vibration absorbers. However, the specific effectiveness of
different IDVAs in controlling the wind-induced vibration of the desulfurization towers
are not clear. Additionally, in the parameter design of the vibration absorbers, the distinct
wind-induced response characteristics of cylindrical structures in the along-wind and
across-wind directions should be considered. The present study aims to provide an optimal
solution for the wind-induced vibration control of the desulfurization tower and investigate
the control performances of different IDVAs.

To this end, the control performances of six IDVAs on the wind-induced vibration
of a desulfurization tower are systematically evaluated and compared. The organization
of this paper is as follows. First, a numerical model of the tower is established, and the
transfer functions are derived. Second, an optimal parameter design strategy for the IDVAs
is established. Third, the control performances of a TMD and six IDVAs on the tower
are compared. Finally, a parametric study is carried out to further analyze the control
performance enhancement and lightweight effect of two optimal IDVAs.

2. Tower-IDVA Systems
2.1. Model of the Desulfurization Tower

The desulfurization tower is 85 meters tall and divided into five sections. The tower
is mainly made of Q235 steel, with an elastic modulus of 2.06 x 10° MPa, a density of
7.85¢g/ cm3, and a Poisson’s ratio of 0.3. The thickness of the tower body decreases with
increasing height, ranging from 1.6 cm to 2 cm. The dimensions of the segmental structures
of the tower are shown in Table 1 and Figure 2a.

Table 1. Inner diameter and thickness values of each section of the tower.

Segment I II III v v
Inside diameter/m 7.700 7.700/5.760 5.760 2.700 2.700
Thickness/m 0.020 0.020/0.016 0.016 0.016 0.016

The desulfurization tower is regarded as a cantilever beam structure with the base
fully constrained. A finite element model, comprising 32 elements, is established using
the Beam188 element in ANSYS, as shown in Figure 2b. To validate the accuracy of the
simplified beam element model, a solid model is established using the Solid95 element, as
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shown in Figure 2c. The parameters of dynamic characteristics and mode shapes of the two
models are compared in Table 2 and Figure 3, respectively. The comparison reveals minimal
discrepancies between the beam element model and the solid model. Conservatively, the
first two modal damping ratios for the desulfurization tower are set as 0.5% [13,40]. To
enhance computational efficiency, the structural mass matrix, stiffness matrix, and damping
matrix of the beam element model are extracted to construct a numerical model of the
tower for subsequent analysis.

~

gr\' 4
Beam188 Solid95
Element Element

o A_

w1 [IV)

&

) 1l

- I

oy 11

e

8

S I

(a)

Figure 2. Comparison of the desulfurization tower models: (a) Height of each segment; (b) The beam
element model; (c) The solid element model.

Table 2. Natural vibration frequencies and periods of the tower.

Frequency Period
Mode (Beam199/Solid95) (Beam188/Solid95) Error
1st 0.908/0.888 1.101/1.126 2.3%
2nd 4.192/4.160 0.239/0.241 0.8%
3rd 9.156,/9.050 0.109/1.111 1.2%

Note: Error = (Beam model frequency — Solid model frequency)/Solid model frequency x 100%.

(a) (b) ()
Figure 3. Comparison of the first three mode shapes: (a) The first mode; (b) The second mode; (c) The
third mode.
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2.2. Equations of the Tower—IDVA System

The desulfurization tower is simplified into a generalized system:
m=®"M®; c = ®'CP; k = ®'K®, 1)

where M, C, and K represent the mass matrices, damping matrices, and stiffness matrices,
respectively; and @ represents the mode shape function of the desulfurization tower. In
this study, only the first mode is considered in wind-induced vibration control.

The analytical model of the desulfurization tower-IDVA system under wind loads is
shown in Figure 4. Cn may represent any inerter subsystem of the different configurations
C1~C6, as shown in Figure 1. If Cn is replaced by a damping element ¢y, it represents the
TMD system. The dynamical equation for the tower-TMD system is Equation (2), and the
equations for the six tower-IDVA systems are represented as Equations (3)—(8):

{mx+cx+ct(x—xt)+kx+kt(x—xt) :f(t) (2)
mtkt—i‘Ct(J.Ct—J.C)—Fkt(Xt—X) =0 !

mx + cx + kx + ke(x — x¢) + kin(x — xin) = f(t)
meXe + ‘T.nin(j&"t'_ Xin) +'Cin(5ct. — Xin) + ke(xy —x) = 0; 3)
Min (Xin — Xt) + Cin (Xin — Xt) + kin (Xin —x) =0

mX + Min (X — Xin) + cx + kx + ke(x — x¢) = f(t)

M+ Cin (e — Fin) + ki(% = %) + Kin(x = i) = 0; @)
Min (Xin — X) + Cin (Xin — Xt) + kin (Xin — Xt) =
mx + cx + cin (¥ — Xin) + kx + ke(x — x¢) = f(¢)

MeXe + Min (X — Xin) + ke(x¢ — X) + Kin (¥t — Xin) = 0; 5)
Min (Xin — Xt) + Cin (Xin — X) + kin (Xin — x¢) =0

mx + min (X — X¢) + cx + ce(x — x¢) +kx +ke(x — x¢) = f(£) ©)
mtit+mm(&t—5é)+ct(xt—x)—|—kt(xt—x) =0 !
mx + cx + kx + ke(x — x¢) + kin(x — x1) = f(t)
mXe + cin (Xt — X2) + ke (Xt - x)=0 . )

Min(Xp — X1) + Cin(¥2 — X¢) = 0
Min (X1 — X2) +kin(x1 —x) =0

Mmx + cX + Cin (X — Xin) +kx +ke(x — x¢) = f(¢)
meXe + Min (X — Xin) + ke(xe —x) =0, ®)
Min (Xin — Xt) + Cin(Xin — %) =0
where x, x¢, and xj, represent the displacements of the tower, the tuned mass, and the
inerter element, respectively, and f(t) represents the generalized wind load.

As previous research on TMDs is relatively mature and the derivation processes of
various configurations are similar, only the configuration C1 is taken as an example to
demonstrate the derivation of the transfer functions and the frequency domain responses
of the tower-IDVA systems.

First, the following dimensionless parameters are defined:

He = my/m; pin = Min /My Gin = Cin/ (27/miky); V¢ = wi/wo; Vin = kin/ke, )

where yy and i, represent the tuned mass ratio and inertance-mass ratio, respectively; Cin
represents the nominal damping ratio of the inerter subsystem; vy is the frequency ratio of
C1, where w; and wy represent the circular frequency of C1 and the desulfurization tower,
respectively; and vj, is the nominal stiffness ratio of spring ki, in the inerter subsystem.
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Wind loads
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Figure 4. Analytical model of the desulfurization tower-IDVA system.

Accordingly, a substitution can be made for the mass, stiffness, and damping parame-

ters in Equation (3):

) _ S o I S 2, . _
My = Pei; Min = PinfetM; ¢ = 2mwolo; Cin = 2MEinpliViwo; k = mwg; ke = pem(wovy)”; kin = Vinplem(wovt)”,

where ¢ represents the first-order damping ratio of the desulfurization tower.

M X+ C X+ KX =F(t),

(11)

where X = [x, x¢, xin] ¥, F(t) = [f(t)/m, 0, 0]". The first modal mass matrices M7, damping
matrices C1, and stiffness matrices Kj of C1 are represented as follows:

M; =

K =

1 0 0 2§0w0 0

0 pe+pthin —Htpin |, C1 =] 0 28in ftVtwo
0  —utpin HtHin 0 _2§iny’tvtw0
W31+ pevd + vinpe0?)  —pe(wove)®  —vipe(wove)?
—pe(wovy)? ne(wove)® 0

—vpte(wovr)? 0 Vinpte(wove)?

0
—Zf:in,utvtwo
28in Ut

7

Upon substituting the variables in Equation (10), the mass, stiffness, and damping
matrices of C2~C6 can be found in Appendix A. If f(t) = elwt X = H(iw)-e’f, where H(iw)
= [Hy(iw), Hi(iw), Hin(iw)]", Ho(iw), Hi(iw), and H,(iw) represent the transfer functions
of the main structure, the mass block. and the inerter element of the tower-C1 system,

respectively. By substitution into Equation (11), the following equation is derived:

H(iw) = & -

[—w™M; +iwCy + K]+ [1,0,0]T =

140

A Ap
Ay Ap
Az Az

A = —w? + 20wy + Wi (1 + pev? + vinpcv?)
Ay = —pe(wovy)’; Ay = A
Az = *Uin]/lt(wovt)z; Azl = Ags
Ay = —wZ(yin + ytym) + iZow}ltUtwo + ,ut(wovt)z
Ay = W iptin — 2wEinpvrwo; Azp = A

Asz = —wWPHitin + 120 En 0wy + Uinfle(wovr)?

-1

A13 1
Az 0
A33 0

(13)

(10)

(12)
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The root mean square of the displacement response of the tower—C1 system under
wind load can be represented as follows:

Oy = \//w2 Sy (iw)dw = \//w2 |Ho(iw)[*SF (iw)dew, (14)

w1

where wj~w, represent the range of the integral frequency, and the integration is performed
near the first-order frequency of the structure; Sy(iw) represents the response spectrum
of the structure, and it is resolved using the pseudo excitation method [41], which has a
relatively high computational efficiency; and Sp(iw) represents the load spectrum of the
structure, which can be derived from the wind speed spectrum.

2.3. Optimal Design

For the along-wind vibration control, the minimum root-mean-square displacement
response 0 of the tower obtained from the frequency domain analysis or the minimum
tuned mass ratio ¢ are taken as the optimization objectives. The genetic algorithm, a
widely used computational method for optimizing damper parameters in design [10,42], is
renowned for its global search capabilities and reduced likelihood of entrapment in local
optima. Its ability to process multiple variables simultaneously enhances the computational
efficiency, making it suitable for optimizing multiple computational parameters under
a single objective. Therefore, the genetic algorithm is then used to optimize the IDVA
parameters pin, Cin, Ut, and vi, under the specific ji jip, OF 0 Jim- The control performances of
IDVAs can also be compared under varying y;. The control parameter settings of the genetic
algorithm are as follows: the maximum evolution generation is set to 150 generations, the
population size is 900, the crossover probability is 0.8, the mutation probability is 0.05,
the proportion of the newly generated population is 0.25, and the calculation accuracy is
1x10°7.

Heo control theory is renowned for high control accuracy and strong robustness, and
it is suitable for the control of the single-order modal vibration of the structure [14,43].
The desulfurization tower is a cylindrical structure, and its vibration in the across-wind
direction is dominated by single-order modal vortex resonance.

As a cylindrical high-rise structure, the across-wind response of the desulfurization
tower is predominantly governed by vortex-induced resonance at a single modal frequency.
It is feasible to simulate the vortex excitation by employing sinusoidal excitation (refer
to Appendix B). The He optimization theory is typically employed for structural peak
response suppression under harmonic/sinusoidal excitation [14,43,44]. Therefore, for the
across-wind vibration control of the tower, based on the transfer function of the tower—
IDVA system and the dimensionless parameters defined by Equation (9), the parameters of
the IDVAs are optimized using the genetic algorithm and He, performance index:

G(iw) = Sumeax[HO (iw)]r (15)

where G(iw) represents the Ho norm of the six typical tower-IDVA systems, and Tmax
represents the maximum singular value.

In summary, the parameter optimization of IDVAs for vibration control in the along-
wind and across-wind directions of the desulfurization tower obtained from the above
analysis is shown in Figure 5.
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Figure 5. Parameter optimization of IDVAs for the desulfurization tower.
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3. Evaluation of Wind-Induced Vibration Control
3.1. Comparative Analysis of He Performance

By setting the tuned mass ratios to yi; = 2% and ¢ = 5%, the genetic algorithm is used
to search and optimize the four parameters of IDVAs, specifically pin, vt, Vin, and Cin. The
results, including the optimized parameters for the TMD calculated using the fixed point
theory [9], are collated in Table 3. The frequency response curves of the TMD and six
optimally designed IDVAs are performed in Figures 6 and 7, and the tuned mass ratios i
of the vibration absorbers are 2% and 5%, respectively.

%1075
3( 107)

Original structure
— TMD
--- Cl

|H(iw)|

wlw,

Figure 6. Comparison of frequency response curves (yi = 2%).
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|H(iw)|

wlw,

Figure 7. Comparison of frequency response curves (yit = 5%).

Table 3. Optimal He, performance parameters of the TMD and IDVAs.

Hi (%) Hin Ut Uin gin

2 / 0.9794 / 0.0874 (&)

™D 5 / 0.9524 / 0.1336 (&)
o 2 0.0646 0.9547 0.0738 0.0149
5 0.1322 0.9060 0.1937 0.0548
o 2 0.0683 0.9990 0.0621 0.0136
5 0.0950 0.9705 0.0866 0.0176
o 2 0.0038 0.9031 0.4170 0.1619
5 0.0037 0.9013 0.8104 0.1520
s 2 0 0.9796 / 0.0862
5 0 0.9511 / 0.1346
s 2 0.0413 0.959 0.0438 0.0764
5 0.1123 0.8978 0.1333 0.1156
e 2 4oo 1.0136 / 0.0975
5 400 0.9511 / 0.1359

Based on the comparison results of the frequency response curves and the optimal
parameters of IDVAs, C1 and C5 exhibit the best Ho, performance. When the mass ratio is
2%, the peak values of the frequency response curves of C1 and C5 can be reduced to below
80.02% and 80.43% of the traditional TMD, respectively. In addition, the He performance
of C2 is also significantly superior to that of the TMD. The frequency response curve of
(3 resides between that of C2 and TMD, resulting in a limited enhancement to the control
performance. This indicates that in the inerter subsystem, the spring element is suitable for
series connection with the inerter element and damping element. Furthermore, the inerter
makes the effective frequency band of IDVAs wider than that of the TMD.

According to the results of parameter optimization, when the mass ratio y is deter-
mined, C1, C2, C3, and C5 can obtain the optimal inertance-mass ratio yj, within the
set range. However, the optimal inertance—mass ratio i, of C4 is infinitely close to zero,
while the optimal i, of C6 is close to positive infinity. Therefore, an additional analysis
of the He performance of C4 is performed. The tuned mass ratio y; is set as 2%, and
the inertance—mass ratio yj, is varied. For each pj,, the genetic algorithm is employed to
find the optimal vy, vj,, and ¢i, of C4. Figure 8a shows that the Ho, performance under
the control of C4 is optimal and equivalent to that of the TMD when p;, is zero. As pin
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|H(iw)|

4

(x107)

gradually increases from 0 to 2, the peak of the frequency response curve continues to
increase. This indicates that the inerter does not have a significant effect in C4, and C4 does
not enhance the control performance of the TMD.

)()5
4(1 )
— TMD

|H(iw)|

0 1 1 1 1 1 0 1 1 1 1 1
0.7 0.8 0.9 1.0 1.1 12 1.3 0.7 0.8 0.9 1.0 1.1 1.2
wlw, wlwy,
(a) (b)

Figure 8. Comparison of the frequency response curves by changing ,: (a) C4; (b) C6.

Similarly, the He, performance analysis of C6 is performed, as shown in Figure 8b. The
frequency response curves of C6 under various inertance-mass ratios i, are compared
when pi; = 2%. Contrary to C4, the control performance of C6 improves with increasing ptin.
The optimal frequency ratios vy and the damping ratios ¢, of both C4 and C6 are similar to
the optimal parameters of the TMD. By comparing C4, C6, and the traditional TMD, it can
be determined that introducing only an inerter element, whether it is in parallel or series,
cannot enhance the control performance of the TMD. For the IDVAs connected to one end
of the primary structure, it is necessary to introduce another spring element within the
inerter subsystem.

The subsequent vibration control analysis and the parametric study are no longer
focused on C4 and C6. The variation trends of the optimal parameters of C1~C3 and C5
under different tuned mass ratios y are shown in Figure 9. For an intuitive comparison,
the dimensionless coefficients Cin, Hin, Ut, and v, of the IDVAs are calculated into cip, in,
ki, and ki, which can be used directly for engineering design through Equation (10). The
range of the tuned mass ratio y is set from 0.5% to 10%, and nine sets of He, performance
optimal parameters of C1, C2, C3, and C5 are further optimized.

As shown in Figure 9a,b, the damping coefficients c;, of C1 and C2 are relatively small,
but their inertance mass mjy, is the largest. This demonstrates that in the inerter subsystems
of C1 and C2, the connection modes of the elements make the inerter more involved in
vibration control. Moreover, these configurations achieve greater energy dissipation of the
main structure because of their small damping coefficients. C3 has the largest damping
coefficient and a small inertance mass, which indicates that in C3, the inerter element has
not participated significantly in vibration control. This phenomenon is also the reason
for the control performance of C3 compared to the other three configurations. The tuned
mass mj, and damping coefficient c;, of C5 are relatively large, demonstrating that it
achieves energy dissipation enhancement through its large damping by connecting the
three elements in series in the inerter subsystem. This mechanism of energy dissipation is
different from that of C1 and C2.

As shown in Figure 9¢,d, the optimal stiffnesses k; of the four IDVAs and TMD are
relatively close, demonstrating that the introduction of the inerter subsystem has a minor
impact on the stiffness of the TMD. In the inerter subsystems, the spring stiffness ki, of C3
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is relatively large, while the k;, values of the remaining three IDVAs are fairly similar and

significantly small.
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Figure 9. Variation laws of the optimal parameters of the IDVAs and TMD with the tuned mass ratio:
(a) Optimal cjp; (b) Optimal m;y; () Optimal ki; (d) Optimal kjy,.

3.2. Along-Wind Vibration Control Analysis

The desulfurization tower is in the deltaic plain of the Yangtze River, where the basic
wind pressure data corresponding to a 50-year return period are 0.40 kPa at a height of
10 meters. The along-wind load is represented by the Davenport spectrum [45], which is
defined by Equation (16).

Su(n)

B 202
3n (1+y2)4/3/

Yy

(16)

where S, (n) represents the power spectrum of fluctuating wind; n represents the frequency;
u represents the across-wind fluctuating wind speed; y represents the dimensionless fre-
quency, y = 1200n /u19; U109 = 24.9 m/s, representing the mean wind speed at an elevation
of 10 m on the tower, which is derived through basic wind-pressure; and ¢, represents the
root mean square of the fluctuating wind speed.

The optimal parameters of C1, C2, C3, and C5 can be obtained under the principle of
minimizing the frequency domain displacement response ¢ in the along-wind direction.
The IDVAs are then coupled with the numerical model of the tower for a comparative
analysis of the control performance in the frequency domain and for verification in the
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o,(mm)

time domain. To compare the control performances of the TMD and different IDVAs, the
displacement response mitigation ratio vy is defined as:

Y= (1 - O-x,controlled/ O'x,original) x 100%, (17)

where 0y original and 0 controlled are the root-mean-square displacements of the tower in the
frequency domain before and after the installation of the vibration absorber, respectively.

The relationships between the root-mean-square displacement response and the vi-
bration mitigation ratio 7y with respect to the mass ratio y; for the four typical IDVAs and
TMD in application to the desulfurization tower are compared in Figure 10. The control
performance of IDVAs on the along-wind vibration response of the desulfurization tower
agrees with their H, performance, demonstrating their advantages over the TMD. The
control efficiency of the vibration absorbers is progressively improved with the increase in
the mass ratio yt. However, once j is larger than 5%, the increase rates of the vibration
mitigation ratios progressively slow down. Therefore, in the subsequent time-domain
vibration control analysis, the tuned mass ratios y; are all capped at 5%. The above results
show that the He performance of C5 is superior to that of C1, but the advantage is not
obvious. In the response control of the structure, the control ratios of the two configurations
are even close. Therefore, subsequent analyses are carried out for both C1 and C5, and
other IDVAs are no longer considered.

28 64 ——— :
ek R =
26} 60 _,.';'—,-«:"/"/'
24 _ 561
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22t 52t —a 1
o Q2
20} 48} -~ g
-~ 5
18 44 L L 1 1 1
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(a) (b)

Figure 10. Comparison of along-wind responses in the frequency domain: (a) Root-mean-square
responses; (b) Vibration mitigation ratios.

The simulation of the pulsating wind speed and wind load time is performed in
accordance with the Davenport spectrum (Equation (16)) using the harmonic superposition
method [13]. The along-wind speed curves of Elements 30, 31, and 32 at the top of the
tower are shown in Figure 11, which demonstrate the spatial correlation of wind speed
time history curves at these three locations. A comparison between the simulated wind
speed spectrum and the target wind speed spectrum on the tower is further conducted in
Figure 12, verifying the reliability of the simulated wind load.

A time-domain response analysis of wind-induced vibration in the along-wind di-
rection of the tower is conducted, comparing the displacement and acceleration vibration
control performance of C1, C5, and the TMD with y¢ = 2%. Figure 13 presents the time
history response curves at the top (Element 32) of the tower. The analysis results also
validate that the control performances of C1 and C5 are better than those of the TMD.

In addition to the enhancement of the control performance, the more significant
advantage of C1 and C5 is that their auxiliary masses are smaller than that of the TMD. As
depicted in the frequency domain analysis in Figure 10, C1 and C5 possess much smaller
mass ratios than the TMD under the same displacement response mitigation ratio y. To
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further validate the lightweight effects of C1 and C5, the frequency domain response
mitigation ratio (¢ = 59.21%) of the TMD (u; = 5%) is adopted as the objective, and the
minimum mass ratios y; and other optimal parameters of C1 and C5 are designed again
using the genetic algorithm. The results reveal that when y; = 3.3%, C1 and C5 can meet
the vibration mitigation ratio, yielding an equivalent control performance with TMD when
#t = 5%. The time domain response curves in Figure 14 corroborate this finding. For the
identical control objective, C1 and C5 can achieve a 34% reduction in the auxiliary mass
compared to the TMD.
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Figure 11. Time history curve of wind speed at the top of the desulfurization tower: (a) Element 32;
(b) Element 31; (c) Element 30.

10*
10k A
-
£
E 10
= 10" F
k=
Q . VWY
é 100 k “m
5 —— Davenport spectrum
.§ ol —— Simulated spectrum

1072 L L !

0.01 0.1 ! 10
Frequency/Hz

Figure 12. Wind speed spectrum comparison.
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Figure 13. Comparison of the along-wind response of the desulfurization tower (y; = 2%): (a) Dis-
placement response; (b) Acceleration response.
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Figure 14. Comparison of the along-wind response of the desulfurization tower (y = 59.21%):
(a) Displacement response; (b) Acceleration response.

3.3. Across-Wind Vibration Control Analysis

The across-wind loads on high-rise structures are mainly composed of vortex excita-
tion and across-wind turbulence. When vortex-induced resonance occurs, the impact of
turbulence on the structural vibration can be neglected [5]; thus, only the vortex force is
taken into account as the across-wind load. Taking into account the dimensions of various
sections of the desulfurization tower, the Reynolds number, and the critical wind speed
parameters, we refer to numerous standards [46-51] for the characteristics and modalities
involved in vortex-induced resonance of the desulfurization tower. The detailed analysis
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process can be found in Appendix B. The results reveal that the upper part of the tower
(Section V, Figure 1a) will be subject to vortex-induced resonant forces, leading to severe
vortex-induced resonance, at its first-order critical wind speed. When vortex-induced
resonance occurs, the wind speed at a height of 10 m is 11.7 m/s. The sinusoidal force
proposed by Rumman [52] is applied to the upper section of the tower:

Fo(t) = 207 A sin(2ronst), (18)

where F,(t) represents the vortex force; U represents the mean wind speed; 15 represents the
vortex shedding frequency, which is taken as the first-order frequency of the tower; and pp,
represents the lift coefficient, which is set at 0.25 for a circular cross-section structure.

Time history response analysis is carried out to evaluate the performance of across-
wind vibration control on the tower using a TMD (y¢ = 5%). The TMD yields a maximum
vibration mitigation ratio of 93.51% for the top of the tower, resulting in a peak displacement
response of 0.035 m at the tower top. Starting from 5%, the tuned mass ratios y of C1
and C5 are gradually reduced in increments of 0.1%, and other parameters are optimally
designed with the Ho, performance index. When the tuned mass ratios of C1 and C5 are
limited to 2.3%, the results of the time domain analysis show that the mitigation ratios for
the largest across-wind displacement responses reach 93.46% and 93.52%, respectively. The
control performance is approximately equivalent to that of the TMD under pt = 5%.

A comparative analysis in the time domain of TMD (pt = 2.3%, pt = 5%), C1 (it = 2.3%),
and C5 (y¢ = 2.3%) on the vibration control is carried out. Figure 15 shows the displacement
responses at the top (Element 32) of the tower with different control devices installed. It
verifies that the equivalent C1 and C5 can exhibit a consistent control performance relative
to the TMD (p = 5%), which is significantly superior to that of the TMD (y = 2.3%). This
finding indicates that when the tower experiences across-wind vortex-induced resonance,
C1 and C5 based on He optimization exhibit superior vibration control performance.
Compared to the along-wind vibration control, C1 and C5 reveal better results regarding
the response mitigation ratios and the lightweight effects in the across-wind direction.
Compared to the TMD under py¢ = 5%, C1 and C5 can reduce the auxiliary mass of the
vibration absorber by 54%.
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Figure 15. Comparison of the across-wind response of the desulfurization tower.
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4. Parametric Study

Both the control devices C1 and C5 demonstrate a remarkable superiority in mitigating
the along-wind and across-wind vibrations in the desulfurization tower. To further explore
the principle of the control performance enhancement and lightweight effects of the inerter
system, Figure 16 presents the hysteresis curves for the whole vibration absorber and
damping elements of TMD, C1, and C5, all set at an identical mass ratio (st = 2%). The
hysteresis curves of C1 and C5 are observed to closely parallel those of the TMD. However,
the hysteresis curve for the damping element in C1 shows a significant difference from
those in C5 and the TMD. This difference is attributed to the inerter subsystem in C1, which
can effectively amplify the displacement of the vibration absorber, leading to a significant
enhanced energy dissipation. Additionally, the hysteresis curve for the damping element
in C5 closely mirrors that of the TMD. In combination with the earlier parameter analysis
results, it is evident that the inertance—mass ratio of C5 is smaller than that of C1, whereas
its damping coefficient aligns closely with that of the TMD. This observation suggests that
the energy dissipation mechanism of C5 aligns closely with that of the TMD. The difference
is that the inerter element of C5 can increase the apparent mass through a series connection
with a damping element, thereby realizing an enhancement in energy dissipation efficiency.
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Figure 16. Hysteretic curves of the damping elements of the C1, C5, and TMD configurations:
(a) Total hysteretic curves; (b) Hysteretic curves of the damping element.

Based on the optimized parameters of the control devices C1 and C5, a sensitivity
analysis is conducted to evaluate the influence of various parameters including uin, yt,
vin, and &, on the displacement response mitigation ratio <. In both Case 1 and Case 2,
as depicted in Figures 17-20, the tuned mass ratios y are set at 2% and 5%, respectively,
with other primary optimal parameters referenced from Table 3. Figure 17 illustrates the
influences of variations in pj, and ¢ on the «y of C1. A comparative analysis of Figure 17a,b
reveals that an increase in y leads to a diminished sensitivity of C1 to changes in yi,. This
finding indicates that when m; of C1 is relatively large, the role of the inerter system in
vibration control gradually decreases. The increment of 7y progressively decelerates with
higher values of i, consistent with the results obtained from Figure 10. Figure 18 presents
the influences of vi, and ¢i, on v of C1 with ¢ values set at 2% and 5%, respectively. The
outcomes demonstrate that the displacement response mitigation rate of C1 is insensitive
to variations in the tuned stiffness, implying strong control robustness. This observation is
consistent with the frequency response curve comparisons previously conducted.
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Figure 18. Sensitivity analysis of the vj, and (i, of C1: (a) Case 1 (¢ = 2%); (b) Case 2 (jt = 5%).
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Figure 19. Sensitivity analysis of the yt and pj, of C5: (a) Case 1 (yt = 2%); (b) Case 2 (yt = 5%).
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Figure 20. Sensitivity analysis of the vj, and i, of C5: (a) Case 1 (yt = 2%); (b) Case 2 (jit = 5%).
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As depicted in Figure 19, compared to C1, the control performance of C5 exhibits
greater sensitivity to variations in pj,. This finding indicates that when the p of C5 is
relatively small, an excessively low pj, may even lead to an adverse effect on the response
mitigation capability. When the value of yj, slightly exceeds its optimal value, its impact
on the control performance of C5 is relatively insignificant. Figure 20 indicates a similar
pattern of C5 and C1 regarding the influence of vj, and ¢j, on 7. The control performance
of the two control devices exhibits greater sensitivity to variations in ¢j, but insensitivity to
the variations in frequency within a certain range.

5. Conclusions

A study of IDVAs for the wind-induced vibration control of high-rise desulfurization
towers is carried out. The transfer functions and displacement responses in the frequency
domain of desulfurization tower-IDVA systems are derived and solved. Based on the
vibration characteristics of the tower in both the along-wind and across-wind directions,
the optimal design strategy for the IDVA parameters is established by using the genetic
algorithm. The H performances and control efficiencies of the traditional TMD and
six typical IDVAs are systematically compared. The principles of the energy dissipation
enhancement and lightweight effects of the inerter in two optimal IDVAs are further
elucidated through parametric analyses. The main conclusions are as follows:

1.  C4 and C6, which only introduced an inerter element, cannot enhance the control
performance of the TMD. It is necessary to add another spring element. The con-
figurations C1, C2, C3, and C5 with three components—the spring, damper, and
inerter—can enhance the He, performance and expand the effective frequency band
of the TMD when parallel with the tuning spring component. The configurations C1
and C5, where the spring element is in series with other components, have a relatively
close control performance and are significantly superior to other configurations.

2. Under the along-wind loads, the application of C1 and C5 can reduce the tuned mass
ratio of the TMD from 5% to below 3.3%, maintaining an equivalent vibration control
performance for the tower. Under vortex excitation simulated by sinusoidal excitation
in the across-wind direction, C1 and C5 demonstrate an even higher vibration mitiga-
tion ratio and greater lightweight effect. With mass ratios of 2.3%, C1 and C5 match
the control performance of the TMD with a 5% tuned mass ratio, and their vibration
mitigation ratio of the displacement response reaches 93.5%.

3. (1 features a high optimal inertance-mass ratio and a low damping ratio, and it
achieves further energy dissipation through an increased displacement response of
the damping element by paralleling it with the inerter element. C5 adopts a series
connection of the inerter, damping, and stiffness elements, with a larger inertance—
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mass ratio and an optimal damping coefficient close to that of the TMD, achieving
further energy dissipation through the apparent mass enhancement of the inerter.
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Appendix A

Upon substituting the variables in Equation (10), the mass, damping, and stiffness
matrices of the tower—C2 system can be expressed as:

T4+ pepin 0 —peptin 20owo 0 0
M= |0 pe O ;C=10 20inpevrwo  —2GinptVewo | ;
—pepin - 0 pepin 0 —28inpeVewy  2Gin PVt
w3 + yt(wovt)z —,ut(wovt)z 0 (A1)
K= | —mlwove)®  p(wove) + vinpe(wove)®  —vinpte(wove)?
0 —vinpte(wovt)” Uinfte(wovr)?
The matrices of the tower—C3 system can be expressed as:
10 0 280wo + 28inptvtwy 0 =28 prvrcw
Mz = | 0 pe+peptin —Hthin |; C3=| 0 00 ;
0 —Mtphin HtHin —28in PtV 0 2¢inptvtwy
) 2 2 (A2)
wy + pe(wove)”  —pe(wouvr) 0
K= | —pm(wove)®  pe(wove)” + vinpte(wove)®  —vinpte(wovy)?
0 _Uin‘ut(wovt)z Uin.ut(wovt)z
The matrices of the tower—C4 system can be expressed as:
M, — [ 1+ pephin - —Htphin } C.— { 280wo + 28inpitvewy  —28in Pvewo
4 ;
—Mttin Vt?;in ) —2in Pvrwo 2inptvrw (A3)
Ky— | @6+ Hrlwque)™ —pe(wouy)
—pe(wovr) pe(wovt)
The matrices of the tower—C5 system can be expressed as:
10 0 0 28wy 0 0 0
Ms = 0 we O 0 s = 0 2inpvrwg  —28inpvewg 0 ,
0 0 Mtphin  —Hilhin 0 —20npiviwy  2inpiviwg 0
0 0 —uin  HitMin 0 0 0 0
w% + ,ut(w()vt)z + Uinﬂt(wovt)z —,Mt(wovt)z 0 —Uin#t(wovt)2 (Ad)
K5 = —yt(wovt)z yt(wovt)z 0 0
0 0 0 0
—inpte(wove)’ 0 0 vinpe(wove)®

154



Buildings 2024, 14, 150

The matrices of the tower—C6 system can be expressed as:

10 0 280wo + 28inptvtwy 0 =28 prvrw

Mg= | 0 pe+pepin —pepin | Co= | 0 00 ;
0 —Hitpin Httin — 28 itV 0 —28inHivrwo

2 2 2 (A5)

wy + P‘t(wgvt) Vt(wovzt)

Ks = | —ui(wovy) pe(wovt) 0
0 0 0

Appendix B

For the high-rise cylindrical desulfurization tower, it is necessary to determine their
vortex-induced vibration characteristics by combining the Reynolds number, the critical
wind speed, and the Strouhal number. The Reynolds number is calculated by the following
equation:

Re = 69000vD, (A6)

where v represents the wind speed, which can be defined as the critical wind speed of the
structure; and D is the width of the structure. It should be noted that the tower has variable
cross sections, leading to different D values and consequently diverse Re values.

When Re > 3.5 x 10, the vortex shedding frequency is close to the structural natural
frequency, indicating the potential cross-critical region strong wind resonance. In design, it
is necessary to verify and check this index, and it should consider not only the first-order
vibration mode of the structure but also the verification of the first 2-4 modes.

The critical wind speed of the desulfurization tower is calculated as:

v = fiD/St, (A7)

where v, illustrates the i-th order critical wind speed of the tower; f; represents the i-th
order frequency of the structure; St represents the Strouhal number; and the St for the
circular cylinder structure can be set as 0.2.

To clarify the across-wind vibration characteristics of the tower and prevent underesti-
mation of the wind-induced response, resonance verification was deemed based on these
calculations above and the structural dimensions of the tower. The verification results, for
different codes, are shown in Table Al. Given the relative brevity of Section II and Section
IV of the tower, verifications were principally conducted on Sections I, III, and V—the
bottom, middle, and top of the tower, respectively.

Table A1. Across-wind resonance checking conditions.

Mode Frequency Period
(Beam199/Solid95) (Beam188/Solid95)
Chinese codes [47,48] Ver < 1.20y, and Re > 3 x 10° Only Re and e O.f Section Il

meet the requirements

Only Section V

<

Europe codes [49] Uor < 1.250y, and H/D > 6 needs to be calculated

Only Section V

Japanese codes [50] vyg/(fi - Dm) > 42, and H/D;, > 7 needs to be caleulated

Section III and Section V

American codes [51] Uer < 1207, need to be calculated

Note: vy is the wind speed at the top of each section of the structure; H and D are the height and width of each
section of the structure, respectively; Dy, is the cross-sectional diameter at 2/3 of the total height of the structure;
vz is the wind speed at height Zcr, where Zcr = 0.5(z; + z), and z; and z; are the upper and lower height limits
where the change in cross-sectional diameter is less than 30%, respectively. When the cross-sectional variation
within the top 1/3 height range of the structure is less than 10%, Zcr can also be taken as 5/6 of the total height.
To maintain clarity and consistency, symbols in different codes have been simplified and unified.
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When the wind speed reaches the first-order critical wind speed, there is a potential
for vortex-induced resonance in the upper part (Section V) of the tower. When the wind
speed reaches the second-order critical wind speed, there is a potential for vortex-induced
resonance in the middle part (Section III) of the tower. It is important to note that the
critical wind speeds of higher orders exceed the maximum wind speed that may appear in
the environment where the desulfurization tower is located, negating the need for further
verification in these cases.

In addition, as shown in Table 1, a difference is observed between the results derived
from Chinese codes and the other four codes. According to the Chinese codes, only the
middle part of the tower necessitates calculation for vortex-induced resonance. For the
upper part, the Reynolds number does not meet the verification conditions set by Chinese
codes. Ignoring the impact of across-wind resonance in the upper part could potentially
lead to wind-induced structural damage. Therefore, we conducted calculations for two
different scenarios where Section V and Section III of the tower are subjected to vortex-
induced forces.

In the theory of across-wind vibration analysis for high-rise cylindrical structures, the
wind speed range of v~1.3 v along the height of the structure is usually defined as the
lock-in zone. Considering a rather unfavorable situation, the two scenarios each designated
Section V and Section III of the tower as the lock-in zone, with basic wind speeds at a height
of 10 m set as v1g = 11.7 m/s and 24.9 m/s, respectively. In addition to the wake vortices
in the lock-in zone, the response of the structure to crosswinds is also influenced by the
incoming turbulent flow. Both influences on the tower were considered and calculated
cumulatively. The schematic wind loads for the structure to crosswinds in both scenarios
are shown in Figure Al.
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Figure A1. Across-wind load distribution.

For the vortex-induced forces of the desulfurization tower, the impact in non-lock-
in zones is far less than that in lock-in zones, hence the sinusoidal force proposed by
Rumman [52] is applied to the upper section of the tower:

—

() = %p@szL sin(2mngt), (A8)

where Fo(t) represents the vortex-induced excitation for each element; v is the average
wind speed of that element; 15 represents the vortex shedding frequency, taken here as
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the first-order frequency of the tower; and y is the lift coefficient, which for cylindrical
structures is taken as 0.25.

The across-wind turbulence-induced excitation of the desulfurization tower can be
analyzed under the theory of random vibrations. By opting for an across-wind pulsating
wind power spectrum [53] as in Equation (A9), the simulation of the across pulsating wind
speed process and the construction of the load vector are conducted.

0 X
So(n) =317 X (A9)
(") n (1+95x)°3

2
v

where Sv(n) is the power spectrum of the fluctuating wind in the across-wind direction;
x = n-z/7(z) is the dimensionless frequency; o, represents the root mean square of the
fluctuating wind speed.

The wind-induced displacement and acceleration responses at the top of the structure
in the across-wind direction are presented in Figure A2. The impact of turbulence-induced
excitation is more significant in Scenario 2 due to the greater overall wind speed. However,
given that the middle section accounts for less than 1/4 of the full height of the structure,
even with the vortex-induced excitation, the overall response is still visibly smaller than that
in Scenario 2. Therefore, the primary focus for across-wind vibration of the tower should be
the scenario where the upper section is in the lock-in zone. Moreover, a comparison of the
response curves from working Scenario 1 indicates that the sinusoidal force representing
vortex-induced excitation plays a more dominant role over turbulence-induced excitation.

Scenario 2 |

06k Scenario 1

Displacement/m

1 1 1 1
0 100 200 300 400 500 600
Time/s

Figure A2. Displacement response in across-wind direction at the top of the tower.

From the comprehensive analysis above, it is evident that the across-wind vibration
response of the desulfurization tower is predominantly due to first-mode vortex-induced
resonance. Therefore, when calculating the vortex-induced vibration caused by across-
wind, only the vortex-induced resonant force applied to the upper section of the structure
is taken into account.
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Abstract: Multi-objective optimization problems (MOPs) in structural engineering arise as a signifi-
cant challenge in achieving a balance between prediction accuracy and efficiency of the surrogate
models, which are conventionally adopted as mechanics-driven models or numerical models. Data-
driven models, such as machine learning models, can be instrumental in resolving intricate
structural engineering issues that cannot be tackled through mechanics-driven models. This study
aims to address the challenges of multi-objective optimization punching shear design of fiber-
reinforced polymer (FRP) reinforced flat slabs by using a data-driven surrogate model. Firstly,
this study employs an advanced machine learning model, namely Natural Gradient Boosting
(NGBoost), to predict the punching shear resistance of FRP reinforced flat slabs. The comparisons
with other machine learning models, design provisions and empirical theory models illustrate that
the NGBoost model has higher accuracy in predicting the punching shear resistance. Additionally,
the NGBoost model is explained with Shapley Additive Explanation (SHAP), revealing that the
slab’s effective depth is the primary factor affecting the punching shear resistance. Then, the for-
mulated NGBoost model is adopted as a surrogate model in conjunction with the Non-Dominated
Sorting Genetic Algorithm-IT (NSGA-II) algorithm for multi-objective optimization design of FRP
reinforced flat slabs subjected to punching shear. Through a case study;, it is demonstrated that the
Pareto-optimal set of the punching shear resistance and cost of the FRP reinforced flat slabs can be
successfully obtained. By discussing the effects of design parameter changes on the results, it is
also shown that increasing the slab’s effective depth is a relatively effective way to achieve higher
punching shear resistance of FRP reinforced flat slabs.

Keywords: FRP reinforced flat slabs; punching shear resistance; NGBoost; SHAP; multi-objective
optimization; NSGA-II

1. Introduction

Fiber-reinforced polymers (FRPs) possess properties including a light weight, high
strength and corrosion resistance. Among them, CFRP has higher mechanical and better
fatigue and corrosion resistance while the durability of BFRP and GFRP may decrease in
long-term alkaline environments [1-3]. In order to enhance the longevity of structures in a
corrosive environment, FRP reinforcement can be employed as an alternative to steel bars
in reinforced concrete structures [4-6]. In this regard, FRP reinforced concrete slabs can be
served as prospective supplements to traditional reinforced concrete (RC) structures, owing
to their superior durability and resistance to corrosions [7]. As for RC flat slab structures,
particularly at the joints, they are susceptible to brittle punching failures, resulting in
continuous collapse incidents (Figure 1) [8—-10]. When it comes to FRP reinforced flat slab
structures, since FRP reinforcement has a lower elasticity modulus and ductility compared
to steel bars, they are more prone to brittle failure under punching shear [11]. Therefore,
the punching shear resistance prediction and design optimization are the two most critical
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aspects in the research of FRP reinforced flat slabs, which are also prerequisites for the
application of FRP reinforced concrete structures.

(@) (b) ()

Figure 1. Collapse accident of reinforced slabs: (a) Piper’s Row Car Park Collapse in the UK [8];
(b) Gretzenbach Underground Garage Collapses in Switzerland [9]; (c) Collapse of Florida Slab-
Column-Structure Residential Building [10].

For the purpose of avoiding punching shear failure in FRP reinforced concrete flat
slabs, researchers have conducted extensive experimental and theoretical studies. Matthys
et al. [12] discovered that the punching shear strength of FRP reinforced slabs and RC
slabs was similar under the same flexural stiffness. Bouguerra et al. [13] found that the
thickness of FRP reinforced concrete slabs and the concrete’s compressive strength had
significant impacts on their punching shear capacity. Several researchers, including El
Gandour et al. [14], El Gamal et al. [15] and Matthys et al. [12] modified the punching shear
resistance models of FRP flat slabs based on the various theories. Nguyen et al. [16] put
forward a punching shear strength model based on fracture mechanics, which took the
size effect and effective slab-depth ratio into consideration. Ospina et al. [17] established a
model that considered eccentric shear stress to determine the stiffness and punching shear
resistance of FRP reinforced concrete slabs.

Since the structural design needs to take both the safety, usually represented as
structural resistance, and cost into consideration, two or more conflicting optimization
objectives such as these can be summarized as multi-objective optimization problems
(MOPs) [18-20]. There can be only one set of equilibrium solutions for MOPs, described
as the Pareto-optimal set, because it is impossible to achieve the optimal states for all
objectives simultaneously [21]. Evolutionary algorithms (EAs) can obtain multiple optimal
solutions and reduce the total computation time. Hence, it is considered as a viable strategy
for addressing multi-objective optimization problems [22-24]. The common EAs used for
multi-objective optimization include Particle Swarm Optimization (PSO) [25], Simulated
Annealing (SA) [26], Sand Cat Swarm Optimization (SCSO) [27] and so on. Among these
evolutionary optimization algorithms, the Non-Dominated Sorting Genetic Algorithm-II
(NSGA-II) [28] stands out as one of the most influential and advanced multi-objective
genetic algorithms. This algorithm has become one of the most prospective algorithms in
multi-objective optimization problems due to its simplicity and effectiveness [29,30]. The
fast non-dominated sorting approach proposed with NSGA-II simplifies the complexity
of the non-dominated order. With the incorporation of the crowding operator and eli-
tist strategy, NSGA-II demonstrates perfect performance in multi-objective evolutionary
optimization [31].

Conventionally, two types of models can be adopted as surrogate models in multi-
objective optimization. The first type is theoretical-derivation-based mechanical models,
which have the advantages of straightforward expressions and high computational ef-
ficiency. However, their prediction accuracies are usually low due to the difficulties of
considering all the influencing factors and the introduction of simplifications when predict-
ing complex structural behaviors [32]. The second type is based on numerical models such
as a nonlinear finite elements analysis (FEA), which simulates the complex structural be-
havior and combines with optimization algorithms to obtain accurate optimization results.
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Steven et al. [33] developed the evolutionary structure optimization (ESO) method to opti-
mize beams of a three-story RC frame structure. Li and Xie [34] developed the bidirectional
evolutionary structural optimization (BESO) method for composite structures with varying
material properties under tension and compression. However, the large computational
requirement of FEA encounters some obstacles in MOP applications, especially for complex
structures [35].

Machine learning (ML) approaches in structural performance prediction have been
rapidly developed [36-40]. Due to the high prediction accuracy, good generalization
performance and high efficiency, ML is particularly well suited for complex multi-objective
optimization problems with the ability to achieve global optimization [41,42]. Therefore,
an ML-surrogate-based multi-objective optimization design of FRP reinforced slabs is
proposed in this study. The flowchart is given in Figure 2 as follows: firstly, this paper
applies an advanced ML model, namely Natural Gradient Boosting (NGBoost), to predict
the punching shear resistance of FRP reinforced flat slabs; secondly, the SHAP interpretable
method is applied for influencing the factor analysis; thirdly, an NSGA-II-based multi-
objective optimization for FRP reinforced flat slabs subjected to punching shear is proposed,
in which the established NGBoost model is utilized as the surrogate model; and finally, the
optimization results are examined to understand the impact of different design parameters.
The innovations of this paper are as follows: 1, introduced innovative data-driven Natural
Gradient Boosting (NGBoost) for predicting punching shear resistance of FRP reinforced
flat slabs; 2, integrated an NGBoost-based surrogate model with Non-Dominated Sorting
Genetic Algorithm-II (NSGA-II) for efficient multi-objective optimization, which obtains
the Pareto-optimal set of punching shear resistance and cost for FRP reinforced flat slabs.

@ Database establishment @Machine learning surrogate model
Literature review Data collection ))) Dalaibasc
1 Comparison Comparison
? J(\ —> —
fe] Embiri
pirical ML
Database Feature selection models NGBoost models

@ Multi-objective optimization @ Sensitivity analysis
,ﬁ'u Combination G g SHAP :‘__ *
Punching shear resistance Matenal cost ((( NGBoost B ieEpiaiaiica
predicted by NGBoost \S(. A-11 1
Sy — | O —
Selection for features )
Optimization design Pareto solutions with high importance Importance sorting

Figure 2. Workflow of the proposed optimization framework.
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2. ML Model for Punching Shear Resistance Prediction
2.1. Experimental Dataset

A punching shear experimental dataset of 154 FRP reinforced slabs was gathered from
relevant papers, which covers almost all currently published test data of FRP reinforced
slabs. The complete dataset is provided in Appendix A. Through literature review [12,43,
44], the shape of the column (s), area of the column (A), effective depth of the slab (hy),
cylinder concrete compressive strength (f;), FRP reinforcement’s elasticity modulus (Ey)
and FRP reinforcement ratio (os) are identified as the primary factors that influence the
punching shear resistance of FRP reinforced concrete slabs (V). The statistical values of the
six input parameters and one output parameter are presented in Table 1. Figure 3 shows
the distribution of six input parameters and one output parameter. It can be seen that all
parameters except s exhibit continuous distribution characteristics, which verifies that the
samples selected in this paper have no significant deviation and are representative. The
data size employed for ML modeling adheres to a widely recognized consensus, which
asserts that the quantity of data should exceed 10 times the number of input parameters [45].
In this study, the dataset contains 154 experimental results and six input parameters; hence,
the data size meets the requirement of ML modeling.

Table 1. Statistical values of dataset.

Design Parameters s Alcm? ho/mm f’C/MPa E/GPa prl% VIKN
Maximum 3 2025 284 118 230 3.76 1600
Minimum 1 491 45 22.16 28.4 0.15 45

Mean / 740.65 164.50 43.51 71.15 0.98 365.96

Standard deviation / 489.54 119.5 16.38 36.37 0.61 267.65

s =1,2 and 3 represent the shape of a column as square, circular and rectangular, respectively.
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By splitting the dataset into a training set and a testing set with an 8:2 ratio, it ensures
an adequate number of training sets for model training and learning; meanwhile, the
testing set is utilized to assess performance on new data and validate generalization ability
of the model. From Table 1, noticeable variations can be observed in the numerical values
of the different input parameters. Therefore, it becomes essential to normalize the dataset
by scaling the input parameters within the range of [0, 1] to strengthen the convergence
and precision of the model. The normalization is represented as

x; — min {x;}

1<j<m
x; = : —— ey
jmax {x} — min {x;}

where x represents the parameter before processing; x* represents the normalized parame-
ter; m stands for the sample sizes; i is the i-th input parameter.

2.2. Natural Gradient Boosting (NGBoost)

NGBoost is a newly developed boosting approach [46], which applies a natural
gradient-based boosting method composed of three parts: base learners, probability distri-
bution types and scoring rules (Figure 4). This method directly acquires the full probability
distribution in the output space, enabling probability prediction to measure uncertainty.
It is shown that NGBoost provides eminent prediction performance in both deterministic
and stochastic problems [47,48]. Figure 5 depicts the modeling process of NGBoost.

(7]
n—>[ Base Learners {f"(x)}*_, H Distribution Pg(y|x) ]—)[ Scoring Rule S(Pg,v) ]<—n
I

i

Fit Natural Gradient Vg

Figure 4. NGBoost offers modularity in terms of selecting the base learner, distribution and scoring rule.
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Figure 5. Implementation workflow of ML models (NGBoost).

In Section 2.1, the dataset for modeling is preliminarily established. The NGBoost
algorithm is a derivative of the gradient boosting framework, which is an ensemble learn-
ing method that combines multiple base learners together to achieve better predictive
performance. A decision tree is the common choice for the base learner, because it can
effectively adapt to complex data patterns and improve predictive performance through
the ensemble learning [49]. Unlike previously proposed ML methods, NGBoost can further
obtain the probability distribution of the predicted results by utilizing a natural gradient
instead of a conventional gradient. The definition of the natural gradient V is shown in
Equation (2):

VeS(0,y) =i S(0+d,
SOV = Il SO ) @)

=T5(0)'VeS(6,y)

where S represents the scoring rule; Dg(Py, Py ;) is the divergence of the scoring rule;
Py = P(0|x,y) is the conditional probabilistic distribution that represents the prediction y
for a new input x; Zs () is the Riemannian metric of the statistical manifold at parameter
set 6 [46].

One of the commonly used scoring rules is the maximum likelihood estimation (MLE),
which is more suitable for probability predictions in complex resistance mechanisms com-
pared to another commonly used scoring rule called the continuous ranked probability score
(CPRS) [50]. The specific expression of the MLE scoring rule is shown in Equation (3) as

S(0,y) = L(0,y) = —log P(0]x,y) 3)

where L represents the calculation of the MLE scoring rule.
All appropriate scoring rules should satisfy the following equation:

S(0,y) = L(0,y) = —log P(0|x,y) 4)
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Therefore, the Kullback-Leibler divergence (KL divergence, i.e., Dgr) of the MLE
scoring rule can be obtained based on Equation (4) [51]:

Dr(Po, Poya) = Ey~ry[L(Pora,y)] — Ey~py[L(Po,y)]
= Ey.p (log %) ®)
=t Dkr(Py, Py1a)

Utilizing the new score and the gradient rule, multiple base learners can be trained
through the gradient boosting framework to fit the parameters. The following text provides
a description of the precise iteration procedure used with NGBoost. The learning algorithm
first estimates a common initial distribution that minimizes the scoring rule S on the sum
of response variables for all training samples and becomes the initial predicted parameter
6(0). At iteration r, a set of base learners (") takes input x for predicting the output, which
is then scaled based on the stage-specific scaling factors p(") and a common learning rate 7.
As a result, after each iteration, the updated prediction parameter 6 can be represented as

R
ylx ~ Po(x),0 =00 — Y p) . f)(x) ©)

r=1

2.2.1. Other ML Models for Comparison

This section briefly introduces three ML methods and their modeling processes. Their
prediction results will be compared with NGBoost in Section 2.2.3.

Random Forest (RF) [52] is an ensemble algorithm, which is composed of several base
learners (Figure 6). The RF constructs multiple independent decision trees through random
sampling and executes them in parallel to obtain prediction results.

output

. A i i
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1 ] 1 J 1 1

1 : 1 : 1 1 mean
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Figure 6. Implementation workflow of RF.

Adaptive Boosting (AdaBoost) [53] is also an ensemble learning algorithm (Figure 7).
Firstly, the weight distribution of the training set is initialized. Then, the error rate and
weight of each base learner are calculated, and the weight of the training samples is updated,
until n base learners are trained. Finally, the prediction model is gained by combining
strategies for prediction.

The support vector regression (SVR) [54] model can be simply understood that a
spacer band ¢ is created on the two sides of the linear function and samples falling inside
are not taken into account when calculating loss (Figure 8). By minimizing the total loss
and maximizing the interval, an optimized model can be obtained.
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2.2.2. Model Evaluation
To assess the prediction performance of the proposed models, three evaluation indexes,
namely RMSE, MAE and R?, are selected in Table 2.

Table 2. Model evaluation indexes.

Model Evaluation Index Abbreviation Equation Explanations
Root Mean Square Error RMSE RMSE = /1" (/\. B ‘)2 When the predicted value and the true value are in
" yi—¥i exact agreement, the value of RMSE/MAE is 0,
Mean Absolute E MAE _ina indicating an excellent model. The value of
can Absolute Bt MAE = 3 i§1 Vi~ Vi RMSE/MAE rises as the error does as well.
A N2 The R? value, which ranges from 0 to 1, is a
Coefficient of Determination R? R—1_ ;(y iy i) measure of the model’s goodness fit. The larger
a Z(i—yi)z the value, the better the model’s fit.

A _
m stands for the sample size, y; represents the predicted value of the sample, y; represents the mean value of all
samples and y; represents the true value of the sample.

2.2.3. Prediction Results

In the case of ML models, the goal of model training is to identify the optimal hyper-
parameter within the provided search space. To achieve this objective, the search spaces
for four ML models (i.e., SVR, RF, Adaboost and NGBoost) are presented in Table 3. The
value range in this table encompasses the potential values for each hyper-parameter. In
order to meticulously construct a prediction model with satisfactory performance, the grid
searching method is employed to determine the appropriate hyper-parameters for each
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ML model. Additionally, a 10-fold cross-validation approach is utilized to evaluate the
outcomes of this selection process.

Table 3. Hyperparameters of 4 ML models.

ML Models Optimal Hyper-Parameter
NGBoost Base = default_tree_learner, Dist = Nomal, Score = MLE
learning_rate = 0.2, Estimators = 300
AdaBoost Max_depth = 5, n_estimators = 76, learning_rate = 0.85
RF n_estimators = 20, min_samples_split = 2, min_samples_leaf =1, n_jobs = 1
SVR Epsilon = 1.26, C = 9923443, Gamma = 10.8

To conduct a more comprehensive evaluation of NGBoost’s prediction accuracy, four
empirical models, containing two design codes and two theoretical models, were selected
for the comparison. The specifics of the empirical models are displayed in Table 4.

Table 4. Formulas of calculation of punching shear capacity.

Empirical Models Formulas

2
ACT440.15R-15 [55] Vi = 08/ flbo s, (o), 1 = 207+ (pgdr)” = pydy, Ec = 4700y/fL,dy = 5

JSCE [56] Va = BuoePr fpeaboosno/ 1o, Be = §f (1000 /Es) <15

Bro = (1000/hg)"/* < 15, foeq = 0.2(f1)"? < 12MPa, B, =1+ 1/ (1 + 0.25bg 0 55,/ o)

El-Ghandour et al. [57] Vs = 033\/]Tc/ % 3 (Ef/ES>b0,O.5h0h0

Ospina et al. [17] Vy =277 % 3/ (Pffé) /%bO,O.ShOhO

bo,0.5n, is the perimeter of the critical section for slabs and footings at a distance of 0.5k away from the column
face; by 155, is the perimeter of the critical section for slabs and footings at a distance of 1.5k away from the
column face; E; is the elastic modulus of steel, with a value of 200 GPa; 7; is the safety factor, with a value of 1.3.

Table 5 and Figure 9 demonstrate the prediction results of four ML models and four
empirical models. It is depicted in Figure 9 that the prediction results generated with RF,
Adaboost and NGBoost demonstrate good agreements with the experimental punching
shear resistance; all the dots are closely distributed around the best fitting line. It is revealed
in Table 5 that the NGboost model has the highest prediction accuracy among RF, Adaboost
and NGBoost. In contrast, the SVR model performs poorly on the test set with an R? of
0.66. Additionally, it can be indicated that the Ospina et al. [17] prediction accuracy is the
highest among empirical models with an RMSE, MAE and R? of 128.48, 82.65 and 0.77,
respectively. However, the predicted accuracy is still lower than the NGBoost model, for
which the RMSE, MAE and R? are 34.42, 16.81 and 0.98, respectively. Therefore, NGBoost
demonstrates superior performance in predicting the FRP reinforced slabs” punching shear
capacity compared to all the selected ML and empirical models.

Table 5. Prediction results of models.

Training Set Testing Set Complete Dataset

ML RMSE MAE R? RMSE MAE R? RMSE MAE R?
NGBoost 12.35 6.94 0.99 71.89 53.90 0.93 34.42 16.81 0.98

RF 34.47 22.61 0.98 103.16 74.26 0.85 55.69 34.99 0.96
AdaBoost 32.71 25.20 0.98 113.06 80.13 0.82 60.25 36.02 0.95
SVR 21.18 11.97 0.99 152.91 104.41 0.66 71.12 30.60 0.93

ACI 440.15R-15 [55] 250.84 194.49 0.09 278.02 214.24 0.01 256.54 198.47 0.08
JSCE [56] 152.72 111.74 0.66 165.95 121.24 0.65 155.48 113.65 0.66
El-Ghandour [57] 147.27 105.86 0.59 101.86 71.73 0.80 139.32 98.91 0.73
Ospina [17] 129.23 84.74 0.81 125.48 74.37 0.78 128.48 82.65 0.77
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Figure 9. Results of prediction models: (a) NGBoost; (b) RF; (c) AdaBoost; (d) SVR; (e) ACI 440.15R-
15 [55]; (f) JSCE [56]; (g) El-Ghandour [57]; (h) Ospina [17].

2.3. Parameter Sensitivity Analysis Based on SHAP

ML is commonly described as a black-box model that lacks the ability to elucidate
the impact of input parameters on output parameters [58,59]. Therefore, this article in-
troduces the Shapley Additive Explanation (SHAP) model for a sensitivity analysis of
parameters, which helps explain the behavior of the NGBoost model, and identify which
input parameters need attention and adjustment to improve model performance.

SHAP is an additive explanation model inspired by cooperative game theory [60]. The
fundamental concept of SHAP is to compute input variables” marginal contribution, pro-
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viding explanations for the ‘black-box model” from both global and local perspectives [61].
The expression of SHAP can be given as

]/](giy)gd = Ybase + Zf(xu) ()
]

where f (xij) is the SHAP value of x;;, n’ stands for the size of input variables; Y., is the

](;r) .4 18 the predicted value of sample x;. Intuitively,

f(xi1) reflects the first input parameter’s contribution to the prediction value y,,,,, in the x;.
If f(x;1) > 0, it means that the predicted value is positively impacted by the input parameter
and vice versa. The major benefit of the SHAP value lies in its ability to indicate the effect
of input parameters, both positively and negatively, thus improving the interpretability of
the model. Moreover, SHAP provides powerful data visualization functions to display the
interpretation results of the prediction, making important contributions to explain complex
ML models.

The parameter sensitivity analysis of FRP reinforced flat slabs is given as follows:
(1) among all input parameters, the slab’s effective depth h( has the greatest influence,
far exceeding other influencing factors; (2) the second-ranked factor is the area of column
A, with an importance of about 0.38% of hy; (3) the following influential factors are FRP
reinforcement ratio oy, compressive strength of concrete f/, elasticity modulus of FRP
reinforcement Ef; (4) the shape of column s has the minimal influence.

The impact range and distribution of input parameters on the FRP reinforced flat slabs
punching shear capacity are displayed in Figure 10b. The x-axis represents the SHAP value
observed using each parameter in a single sample in the dataset. Each point is colored
from blue to red to indicate the magnitude of numerical changes from small to large. The
parameters are listed on the y-axis in descending order of their significance in influencing
the outcome. In Figure 10b, it is shown that when the f reaches 400 or above, it almost
solely determines the FRP reinforced flat slabs’ punching shear capacity.
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Figure 10. Global interpretation of NGBoost model with SHAP: (a) SHAP feature importance;

(b) SHAP summary plot.

3. Multi-Objective Optimization of FRP Reinforced Flat Slabs
3.1. NSGA-II Optimization

Non-Dominated Sorting Genetic Algorithm II (NSGA-II) [28] is a multi-objective
genetic algorithm suitable for dealing with multi-objective optimization problems. It incor-
porates fast non-dominated sorting, crowding distance comparison and an elitist selection
strategy into traditional genetic algorithms. The algorithm follows these steps: firstly, a
random initial population N is created, and the initial generation offspring population
is generated via selection, crossover and mutation operations; secondly, from the second
generation onwards, the parent population and the offspring population are combined,
and fast non-dominated sorting and crowding distance calculation are performed; thirdly,
individuals suitable for selection are chosen to develop a new parent population based
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on non-dominated relationship and fitness sharing; finally, a new offspring population is
created through basic genetic operations. This process is repeated until the termination
condition is satisfied. The flowchart of this algorithm is depicted in Figure 11.

?

l Initialize population ]

v

Non-dominated sorting and
crowding distance calculation

» selection, crossover, mutation |

[ Merge population (2n) |

Non-dominated sorting and
crowding distance calculation

[ Generate a new population (N) ]

No
.

Gen < Set valug

Figure 11. Flowchart of NSGA-II algorithm.

3.1.1. Fast Non-Dominated Sorting Approach

In MOPs, dominance is used to describe a solution that is not inferior to another solu-
tion in all objective functions. Throughout the population, individuals without dominant
solutions are placed in set Rank 1, and then individuals in Rank 1 are removed from the
set. The remaining individuals without dominant solutions are placed in set Rank 2 and
so forth, until the population level is completely divided. Through fast non-dominated
sorting, solutions can be brought nearer to the Pareto-optimal front (Figure 12).

fa A

O Rank |

Rank 2
O Rank 3 Pareto front

ThV

Figure 12. Dominance rank sorting.
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3.1.2. Crowded-Comparison Approach

To achieve a more even distribution of obtained solutions in the objective space and
cover the Pareto-optimal front as much as possible, the crowded-comparison approach is
introduced. The individual crowding distance is illustrated in Figure 13, and the specific
expression is shown in Equation (8):

Iq = 271:]1 (
i+

where i; represents the crowding distance of point i, f] ! represents the value of the

f];'+1 _ fjH D @®)

objective function j at point i 4+ 1 and f]l ~! represents the value of the objective function j at
point i — 1; m; represents the number of objective functions.

fa A

Figure 13. Illustration of crowding distance calculation.

3.1.3. Elitist Strategy

An elitist strategy preserves excellent solutions to accelerate the convergence speed of
the algorithm. To begin with, the new population Q; generated in t is combined with the
parent population P; to form the population R;. Then, non-dominated sorting is performed
and non-dominated sets Z; are filled in new parent population P;; in rank order until
the population size exceeds N. At this time, the crowding distance comparison operator
is used to ensure that the population size in P;;; remains at N. Lastly, a new offspring
population Q;1 is created through selection, crossover and mutation (Figure 14).

Non-dominated sorting Crowded-comparison selection, crossover,
‘_ and mutation
Zyank 1| [l []
P Rank 1 Piyq Q41
t ZRank 2 . (N) . (N)
R Z Rsnk 3
(2N) = —
Qt |:| <— |Insufficient superiority
|:| Eliminate

Figure 14. Illustration of elitist strategy.

3.2. Optimization Design of FRP Reinforced Flat Slabs

As mentioned earlier, the high-precision NGBoost prediction model has been success-
fully established and validated. Subsequently, this model will be used as a surrogate model
for NSGA-II to conduct the optimization design for FRP reinforced flat slabs.
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We took a set of experimental data [62] from the dataset as an example to conduct
structural optimization design. To ensure that the optimized results meet the practical
engineering’s requirements, Chinese design code (GB 50010-2010 (2015)) [63] is applied
in this paper for parameter value range determination. The range of the parameters are
selected as follows: s = 1,2,3, 100 cm? < A < 400 cm?, 100 mm < hy < 200 mm,
0.2 < py < 1.0. Since the design parameters such as the size and depth of the slab and
columns are the main consideration in this study, the material parameters of the concrete
compressive strength and elasticity modulus of FRP reinforcement are chosen as constants
as fi = 28.32MPa and E; = 45.6MPa. The punching shear resistance obtained with the
NGBoost model is considered as the objective function f;, while the material cost of the
FRP reinforced slabs is deemed as function f,. The calculation of objective function f, is
shown in Equation (9) as

fa(costprp) = A - VA-1070 . cost; +1.5x 1.5 hg - cost; + 1.5 x 1.5 x hg - 7y - of - 1073 - costy 9)

where cost; represents the price of concrete, with the price of approximately Chinese
RMB 500/m? ; v denotes the density of FRP reinforcement ranging from 1250 ~ 2100 kg/ m?
and 2100 kg/m® is chosen as the representative; cost, represents the price of FRP rein-
forcement, which is about 8-12 times that of steel bars with a price of approximately
RMB 40,000/t. The optimization design results of the selected FRP reinforced slab obtained
by using NSGA-II are manifested in Figure 15.
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Figure 15. Optimization design results of FRP reinforced flat slabs.

Observing Figure 15, two objective functions, namely punching shear resistance and
cost, can be found with a wide range of values, indicating that the optimization model
has good generalization performance. In addition, all FRP reinforced slab data points are
located above the Pareto-optimal set, suggesting that in the dataset, the material cost is
higher than the optimization results of the optimization model. Therefore, the proposed
optimization framework is effective in reducing the material cost of FRP reinforced slab
design. In addition to obtaining the objective function values f; and f, of the Pareto
solutions, the NSGA-II algorithm can also provide corresponding optimal parameter
combination. In order to clearly illustrate the optimized design parameters and the resulting
optimizations, three sets of samples among the Pareto solutions of Figure 15 are depicted
in Table 6.

Table 6. Optimization samples.

Pareto Solutions Objective Function [f;,f,] Parameters [S,A,ho ,f’c rEfrPf]
1 [180, 149] [1,240, 131, 28.32, 45.6, 0.20]
2 [467, 262] [1, 165, 168, 28.32, 45.6, 0.23]
3 [719, 427] [1,171,170,28.32, 45.6, 0.74]
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Figure 16 shows the impact of different parameter changes on Pareto solutions. As
represented in Figure 16, within the same price range (y-axis), the slab’s effective depth
has the most significant influence on enhancing the punching shear resistance among the
design parameters. When the cost ranges from RMB 150 to RMB 250, the increase in the
area of the column and the reinforcement ratio increases the punching shear capacity by
about 60 kN, while the increase in the slab’s effective depth can increase the punching
shear capacity by above 100 kN. But when the cost ranges from RMB 250 to RMB 350, the
rise in the reinforcement ratio only provides a limited improvement of about 40 kN. In
comparison, it can be seen that increasing the slab’s effective depth is the most efficient
method to balance economic effects and structural resistance requirements.
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Figure 16. The impact of different parameter changes on the optimization results of FRP reinforced
slabs: (a) A; (b) hy; (c) of-

The analysis of optimization results reveals which design parameter has the greatest
impact on the objective function, as well as which solution can meet the engineering
design requirements. NSGA-II-based optimization results help to adjust the engineering
design plan to achieve the optimal design goal. The design plan with the lowest cost and
best performance can be chosen from the optimized results, or the design plan with the
lowest cost can be selected while meeting the reliability requirements. By examining the
impact of variations in design parameters on the results of NSGA-II, it is demonstrated that
augmenting the effective depth of the slab is a feasible approach to substantially improve
the punching shear resistance of flat slabs reinforced with FRP.

4. Conclusions

This paper introduces machine learning-based multi-objective optimization of FRP
reinforced flat slabs subjected to punching shear, offering a new perspective on solving
the multi-objective structural design optimization problems. Firstly, the NGBoost method
is introduced to accurately predict the punching shear capacity of FRP reinforced slabs.
Subsequently, the NGBoost model is served as the surrogate model in the multi-objective
optimization. Finally, the NSGA-II algorithm is employed for multi-objective structural
design optimization. Based on the ML prediction and multi-objective optimization results,
conclusions can be summarized as follows:
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(1) The proposed NGBoost model has superior prediction performance in predicting the
punching shear resistance of FRP reinforced slabs, which shows the highest R? and
lowest RMSE and MAE errors among the selected four ML models and four empirical
models. The exceptional accuracy exhibited with NGBoost predictions renders it a
highly advantageous surrogate model for multi-objective optimization applications.

(2) According to the analysis provided with SHAP, the slab’s effective depth (fg) has
the greatest influence on the prediction results among all the six input parameters,
followed by the FRP reinforcement ratio (o ), the area of the column (A), the compres-
sive strength of concrete (f!) and the elasticity modulus of the FRP reinforcement (Ey),
while the shape of the column (s) has the least effect.

(3) The proposed NSGA-II algorithm, which combines NGBoost as a surrogate model,
achieves balance between punching shear capacity and cost. Through an analysis of
the effects of design parameter variations on the multi-objective optimization results,
it is shown that increasing the slab’s effective depth is a viable strategy for significantly
enhancing the punching shear resistance of FRP reinforced flat slabs.
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Appendix A

The entire FRP reinforced slab dataset was uploaded to GitHub: https://github.com/
YQing9909/Database/blob/main/Database of punching shear resistance of FRP reinforced
concrete slabs.xlsx (accessed on 25 May 2023).
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