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Abstract: Asymmetric base-isolated structures subjected to severe torsion may suffer further
aggravation of their torsional and translational responses under pulse-type earthquakes. To
counteract these detrimental impacts, this study introduces a two-stage optimal design method.
The first stage involved the application of the NSGA-II algorithm for determining an optimal
isolator arrangement—namely, position and category—with the objective of reducing both the
maximum interstory rotation of the superstructure and the isolation layer. In the second stage, the
inclusion of viscous dampers served to minimize the excessive translational response triggered
by pulse-type earthquakes. The influence of these dampers’ positions on the structural response
was carefully evaluated. The final application of this optimal design method was demonstrated
on an asymmetric base-isolated structure. The results indicated a significant reduction in the
translational and torsional responses of the asymmetric base-isolated structure when the two-
stage optimal design method was utilized, compared to those of structures designed using
traditional conceptual methods. It was found that by installing viscous dampers in the isolation
layer along both the x and the y directions—specifically, underneath the mass center of the
superstructure (CMS)—the effectiveness of the torsional resistance from the first stage could be
effectively maintained.

Keywords: asymmetric base-isolated structures; pulse-type earthquakes; NSGA-II algorithm; two-
stage optimal design method; isolator arrangement; viscous dampers; structural response

1. Introduction

The growing popularity of the seismic isolation technology is primarily attributed to its
ability to isolate the majority of the energy from earthquakes by extending buildings” natural
period [1-3]. However, recent research suggests that the efficacy of isolators diminishes under
long-period pulse-type earthquakes [4-7]. Increased deformation is a common outcome for
base-isolated structures exposed to pulse-type earthquakes [8-10]. Furthermore, the challenge
is amplified for asymmetric base-isolated structures that may experience severe torsion due to
the eccentricity of the isolation system (ey,) (i.e., the distance between the CMS and the stiffness
center of the isolation system (CSI)) [11-13]. Such structures may suffer an exacerbated adverse
impact from pulse-type earthquakes [14]. Thus, this work proposes an optimization design
method aiming to effectively mitigate the detrimental impacts of pulse-type earthquakes on
asymmetric base-isolated structures.

Several studies have already proposed approaches that lessen the significant torsion
of asymmetric base-isolated structures and decrease the excessive translational response
caused by pulse-type earthquakes. The torsion of asymmetric base-isolated structures is
predominantly influenced by structural parameters such as e}, the ratio of torsional to lateral
frequency, and the effective period of base-isolated structures [15-19]. One of the most
efficient approaches that lessen the torsional response involves altering the arrangement of
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isolators in the isolation system [20,21], enabling the adjustment of structural parameters
to favor the torsional resistance. Additionally, it was found that adding viscous dampers
to the isolation systems can successfully lessen the excessive structural response of base-
isolated structures induced by pulse-type earthquakes. For instance, Kelly [22] used a
two-degree-of-freedom linear model to simulate a base-isolated structure, demonstrating
that damper installation in the isolation layer can lessen the isolation layer displacement
while elevating the interstory drift. Politopolous [23] found that as the viscous damping
ratio increases, the acceleration and shear of isolated structures decrease, using a model
similar to Kelly’s. He and Agrawal [24] argued that viscous damping is most effective when
the pulse period closely aligns with the system period, as shown through base-isolated
building structural analysis. Additionally, Mazza and Vulcano [25] conducted a dynamic
response analysis of a five-story isolated frame structure with viscous dampers under
pulse-type earthquakes to assess the effect of additional damping of the isolation layer.
Their findings suggest that viscous dampers can effectively manage the displacement of
isolators.

However, when an asymmetric base-isolated structure with severe torsional response
is adversely affected by pulse-type earthquakes, it becomes imperative to explore whether
these two aforementioned measures retain their effectiveness in reducing the structural
response and how to synergize these measures to optimize their advantages. Consequently,
this work suggests a two-stage optimal design method to leverage both measures. This
optimization approach considers the impacts of both structural parameters and pulse-type
characteristics on the structural response to more effectively mitigate the translational and
torsional responses of asymmetric base-isolated structures under pulse-type earthquakes.

The first stage of the optimization design method aims to adjust the isolator arrange-
ment to minimize the torsional response as much as possible. The traditional conceptual
design of torsional resistance for asymmetric base-isolated structures usually employs a
trial-and-error method to modify the isolator arrangement in order to lessen the struc-
tural torsional response. However, this method can be labor-intensive and inefficient.
Moreover, the final isolator arrangement scheme obtained may not always be effective,
even if it can somewhat reduce the torsional response. To enhance the efficiency of the
torsional resistance, this paper introduces a multi-objective optimization algorithm in the
first stage. Some scholars have conducted research on multi-objective optimal design
methods [26,27]. It is worth noting that metaheuristic algorithms are increasingly popular
for solving multi-objective optimization problems. For example, Ali et al. [28,29] achieved
the optimal isolation period and isolation damping ratio of isolated structures through
the multi-objective water cycle (MOWCA), crow search (CSA), and whale optimization
(WOA) algorithms and the grey wolf optimizer (GWO). Kaveh and Zakianan [30] obtained
minimal structural weight and cost through an improved grey wolf optimizer (IGWO)
algorithm in truss systems. However, the decision variables of these metaheuristic al-
gorithms are structural parameters with continuous values. When referring to a set of
isolated points comprising parameters for different isolator categories in the first stage of
the optimization design method, metaheuristic algorithms have certain limitations. Except
for the metaheuristic algorithms, the fast non-dominated sorting genetic algorithm (NSGA-
II), which offers advantages such as quick operation, excellent solution set convergence,
high optimization accuracy, and guaranteed population diversity, is superior to general
genetic algorithms [31-35]. Further, the decision variables of the NSGA-II algorithm are
suitable for both continuous values and discrete values. Owing to these benefits, the
NSGA-II method can rapidly generate a balanced set of Pareto optimal solutions, enabling
decision-makers to select an optimal isolator arrangement scheme that maximizes the
torsional response reduction while keeping the superstructure in an elastic state. The
effectiveness and advantages of the NSGA-II algorithm have also been thoroughly demon-
strated in research, with significant work by Song et al. [36], Xu et al. [37], Li et al. [38], and
Zhong et al. [39]. Therefore, this paper applied the NSGA-II algorithm to achieve the
optimal isolator arrangement.
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The second stage of the optimization design method aims to install viscous dampers
in the isolation system to decrease the excessive translational displacement induced by
pulse-type earthquakes. The traditional conceptual design for enhancing the torsional
resistance, which was described in JGJ297-2013 [40] and DBJ53/T-125-2021 [41], suggests
that installing viscous dampers around a structure’s perimeter can increase its torsional
stiffness due to the dampers’ additional stiffness. However, for asymmetric base-isolated
structures that have undergone the first stage of torsional resistance, the isolation layer
already possesses adequate torsional stiffness, and e}, is nearly zero. In this scenario, even
though the installation of viscous dampers in the outer layer of isolation could provide
more torsional stiffness for the optimized structure, the additional stiffness from the viscous
dampers would shift the CSI significantly away from the CMS, severely compromising
the structural torsional resistance. To prevent this negative impact, it is crucial to identify
the most suitable position for the viscous dampers, enabling a reduction in the excessive
translational displacement caused by pulse-type earthquakes while also preserving the
efficiency achieved in the first stage.

This study first elaborates on the principle of the two-stage optimal design method
before applying it to a five-story L-shaped planar asymmetric base-isolated structure
exposed to pulse-type earthquakes. To assess the benefits of this optimal design method,
the structural response of the optimized asymmetric isolated structure is compared to that
of an asymmetric base-isolated structure designed using traditional conceptual methods.
Moreover, we examine the effect of the viscous dampers’ position on the structural response.
The results suggest that in order to maintain the efficiency of the torsional resistance
achieved in the first stage, it is advisable to install the viscous dampers in the isolation
layer along the x and y directions, directly below the CMS, in the second stage. Further,
the asymmetric base-isolated structure designed using this optimal method was shown
to better mitigate the translational and torsional responses when subjected to pulse-type
earthquakes compared to structures designed using traditional methods.

2. Specific Implementation of the Two-Stage Optimal Design Method

This section outlines the detailed implementation of the proposed two-stage optimal
design method. The first stage seeks to eliminate the torsional response by optimizing
the isolator arrangement using the NSGA-II algorithm [32-35]. Subsequently, the second
stage aims to decrease the excessive translational displacement of this optimized structure,
caused by pulse-type earthquakes, by installing viscous dampers in the isolation layer.

2.1. First Stage of the Optimization Design Method
2.1.1. Problem Formulation for the Optimization of Isolation Systems

The optimization objective of the first stage is to identify an optimal isolator ar-
rangement, including positions and categories, as described in Equations (1) and (2), that
simultaneously minimizes the maximum interstory rotation of the superstructure (65 max),
the maximum rotation of the isolation layer (0}, max), and the maximum interstory displace-
ment of the superstructure (15 max) (see Equation (3)) without exceeding the displacement
limit of the isolators (dmax) (see Equation (4)). The optimization problem for the first stage
can be stated as follows:

find X = [x1,x2,-*+, XN] (1)

X; € R? (2)

minimize f(X) = [us,max, Osmax, Ob,max) 3)
subject to dy < dmax 4)
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where X is the isolator arrangement scheme encompassing positions and categories;
x;(i=1,2,---,N) represents the isolator category installed in the isolation layer in po-
sition i; N indicates the total number of isolators; RY stands for the selection range of the
isolator categories, including lead rubber bearings (LRBs) and laminated rubber bearings
(LNRs); and dy denotes the maximum calculated displacement of the isolator.

2.1.2. Specific Implementation for the Optimization of the Isolation System

The three optimization objectives in Equation (3) have differing optimization weights.
Both the rotation of the isolation layer and the interstory rotation of the superstructure
should be reduced as much as possible, while the interstory translational displacement
of the superstructure only needs to be reduced within its elastic limits. Achieving these
specific objectives is difficult using general genetic algorithms. However, owing to the
advantages of the NSGA-II algorithm [32-35], it is possible to quickly generate a set of
well-balanced Pareto optimal solutions, enabling decision-makers to choose an optimal
isolator arrangement scheme that fulfills this specific demand effectively. Therefore, the
NSGA-II algorithm was applied to obtain a set of well-balanced Pareto optimal solutions
in the first stage of the optimization design. From these selected solutions, the one that
concurrently minimized both 6y, .« and 6s max while maintaining us max in its elastic limits
was ultimately selected.

Figure 1 presents a detailed illustration of the first stage of the optimization design
method. During this optimization stage, several factors must be considered:

1. To determine the range of the isolator categories, RY, the isolator’s diameter should
be estimated, adhering to the vertical compressive stress limit requirements of the
isolator under gravity load.

2. To maintain high-quality individuals within the population, the objective functions of
those individuals whose isolator displacements do not meet the constraint dy < dmax
should be assigned high values during the non-dominated sorting process.

3.  To improve the optimization efficiency, large-diameter LRBs should be used as pe-
ripheral isolators to enhance base-isolated structures’ torsional resistance, as defined
in Equation (1).

4. The structural analysis of asymmetric base-isolated structures and the first-stage
NSGA-II algorithm are executed using ETABS v21.1.0 [42] and MATLAB [43], re-
spectively. ETABS API v21.1.0 allows for the integration of a structural analysis in
ETABS with the NSGA-II algorithm in MATLAB, courtesy of its function library.
Consequently, these software tools can effectively implement the first stage of the
optimal design of asymmetric base-isolated structures using the NSGA-II algorithm
to enhance the torsional resistance.

5. The principle of adjusting the isolator arrangement to minimize the torsional response
is predicated on the understanding that altering the isolator placement allows for
the adjustment of structural parameters that determine the structural properties of
torsional resistance for asymmetric base-isolated structures. This adjustment can
notably enhance the torsional resistance. As the time history analysis method is time-
consuming and these structural properties remain unaffected by different analysis
methods and ground motion spectrum characteristics, this paper adopted the re-
sponse spectrum analysis method for the first optimization stage to derive the optimal
isolator arrangement.
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Figure 1. Flow chart of the two-stage optimal design method.

2.2. Second Stage of the Optimization Design Method

Following the first stage of optimization, the asymmetric base-isolated structure’s
structural parameters are all favorable for the torsional resistance. For instance, the torsional
stiffness is ample, and the isolation system’s eccentricity is nearly zero. At this point, the
optimized structure’s torsion could be contained within a limited range, even under pulse-
type earthquakes. The second stage aims to reduce the excessive translational displacement
caused by pulse-type earthquakes by strategically placing viscous dampers in the isolation
layer. It is worth noting that viscous dampers and the parts that link them may build up
fatigue as a result of repeated pulse-type earthquakes. Thus, it is important to monitor how
well they function after prolonged usage. In order to preserve their performance, viscous
dampers need to have their damping fluids and other components replaced on a regular
basis. Figure 1 depicts the detailed process of the second stage of the optimization. During
this optimization stage, several considerations should be made:

1.  Energy dissipators in structures designed for energy dissipation and vibration re-
duction provide additional dynamic stiffness to the structure, as stipulated in the
standards JGJ297-2013 [40] and DBJ 53/T-125-2021 [41]. Hence, the added stiffness
given by energy dissipators to the structural response should be considered while
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installing viscous dampers in the isolation layer. Following the first stage of optimiza-
tion, the isolation layer possesses sufficient torsional stiffness, and ey, is nearly zero. At
this point, installing viscous dampers in the outer isolation layer can cause the CSI to
move significantly away from the CMS due to the dampers” additional stiffness, which
would be detrimental to the structure’s torsional resistance. Therefore, to preserve the
first stage’s torsional resistance efficiency, it may be advisable to install the viscous
dampers in the isolation layer along the x and y directions, directly beneath the CMS.
This method can ensure ample torsional stiffness and maintain ey, close to zero.

The time history analysis method is employed to evaluate the potential negative im-
pacts of the pulse-type ground motion’s pulse features on the base-isolated structures’
translational displacement.

The performance parameters of the viscous dampers are iteratively adjusted until
the maximum isolator displacement (xp max) and the maximum interstory drift ratio
(A/h)max meet the specified limits. (A/h)max is the drift (A) divided by the story height
(h). According to the drift ratio threshold defined in the GB/T51408-2021 code [44], the
status of the superstructure is elastic when the (A/h)max is less than 1/400. A limited
number of dampers and their predetermined locations allow designers to modify
only the performance parameters of the viscous dampers to reduce the base-isolated
structures’ translational response. The second stage, compared to the first stage of
the optimization design for improving the torsional resistance, is straightforward to
execute and does not require optimization algorithms.

3. Description of the Scheme Study

To assess the two-stage optimal design method’s effectiveness, a typical five-story

L-plan asymmetric base-isolated structure containing a reinforced concrete frame super-
structure was selected. The structure was subjected to a seismic fortification intensity
of eight, with a basic design acceleration of 0.2 g, a class II site category, and a group II
seismic design according to the GB50011-2010 code [45]. The structure’s original isolator
arrangement was designed using traditional conceptual design methods. One of the most
crucial torsional design principles is that large-diameter LRBs should be used as peripheral
isolators to enhance base-isolated structures’ torsional resistance [21]. Figures 2 and 3
illustrate the original object’s finite element model and isolator arrangement, respectively,
while Table 1 presents the isolators’ property parameters.

Figure 2. The finite element model of the original asymmetric base-isolated structure.



Buildings 2024, 14, 1728

- @ LRB500 () LNRS500
S @® LRB600 (] LNR600
A& LRB700 ¢ LNR700
O+ 4 D
S
PN R R - &\ R 1
O S S & °
g |
2l =
a2
N 0
G § A—D O—C‘ &
NN A A e o o E—T
y D700, 6300 | 4500 2700 4500 | 6300
T \ 27,000 J
x T 1 1 1 T i
R 3 @ 3 (6 7

Figure 3. The arrangement of the isolation layer of the original asymmetric base-isolated structure
without viscous dampers (unit: mm).

Table 1. The property parameters of isolators.

v=100% v =250%

No  Name Type K (kN-m~1) AN-m-1) (Nm-1) K (kN-m~1)  Qq(kN) Ratio  dmax (mm)
1 LRB500  LRB 6411 1374 950 1,721,000 62.8 0.1 275
2 LRB600  LRB 7918 1697 1174 2,321,000 90.4 0.1 330
3 LRB700  LRB 8741 1873 1296 2,784,000 123.1 0.1 385
4 LNR500  LNR 798 798 798 1,592,000 0 0 275
5 LNR600  LNR 987 987 987 2,186,000 0 0 330
6 LNR700  LNR 1090 1090 1090 2,632,000 0 0 385

Note: K symbolizes the pre-yield stiffness of the isolator; y indicates the effective stiffness of the isolator at a shear
strain equal to 100% and 250%; Ky represents the vertical stiffness of the isolator; Q4 denotes the yield force of the
isolator; and Ratio is the ratio of the post-yield stiffness to the pre-yield stiffness of the isolator.

Viscous dampers can notably decrease the excessive translational displacement re-
sulting from pulse-type earthquakes. Compared to the two-stage optimal design method
suggested herein, the original object’s viscous dampers were installed in the isolation layer
using traditional conceptual design methods, as illustrated in Figure 4.

) Y
- ® LRB500 () LNR500
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- =3 § ~
O —4-6 e - = °
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Figure 4. The arrangement of the isolation layer of the original asymmetric base-isolated structure
with viscous dampers (unit: mm).
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4. Selecting the Earthquakes

This section details the earthquakes used for the comparison of the structural responses
to both non-pulse-type and pulse-type earthquakes.

4.1. Non-Pulse-Type Earthquakes

Seven non-pulse-type earthquakes were chosen depending on the site condition of
the selected structure. The specifics about the characteristics and selection principles of
the earthquakes were suggested by Reference [46]. Figure 5 displays the response spectra
of these seven non-pulse-type earthquakes and the average spectrum that aligns with the
target spectrum of the standard GB/T51408-2021 [44].

— RSN67
----RSN728
RSN2111
e RSN5499
--—-- RSN6896
RENI1
e REN2
== Average Spectrum
——GB/T51408-2021

&0
=t

Spectral acceleration/g
o
o
<o

Period/s

Figure 5. The response spectra of the selected non-pulse-type earthquakes [44].

4.2. Pulse-Type Earthquakes

The near-field coefficient, as per standard GB50011-2010 [45] and in accordance with
code UBC97 [47], was utilized to augment the design response spectrum of near-fault
earthquakes. The theory dictates that the near-field coefficient should be 1.5 within a 5 km
radius of the fault and more than 1.25 within a 5-10 km radius. This strategy accounts for the
effects of pulse-type earthquakes by amplifying non-pulse-type earthquakes” acceleration.

To better align with the standard GB50011-2010 [45], the design response spectrum—as
per the standard GB/T51408-2021 [44] for a seismic fortification intensity of eight and a
class Il site category—was first multiplied by the near-field coefficient values of 1.5 and 1.25.
This accounted for pulse-type earthquakes” amplification. The resulting amplified design
response spectra were then compared with the average response spectrum of 29 near-field
pulse-type earthquakes for a class II site category in the Pacific Earthquake Engineering
Research Center (PEER) [48] Ground Motion Database.

It was found that the design response spectrum with a near-field coefficient of 1.5 for
long periods (greater than the characteristic period Ty) better fitted the average response
spectrum of these 29 near-field pulse-type earthquakes for this site condition. To further
improve the match with the average response spectrum, T of the design response spec-
trum for pulse-type earthquakes was set to 0.8 s. The detailed process can be found in
Reference [49]. This design response spectrum of pulse-type earthquakes was then applied
herein, as depicted in Figure 6.

For the structural analysis, seven pulse-type earthquakes with long pulse periods (T})
were selected from the PEER Ground Motion Database. These motions were chosen as their
response spectra perfectly aligned with the pulse-type design response spectrum during
primary vibration periods. When the building’s seismic fortification intensity was eight
under rare earthquakes, the peak ground acceleration of the seven selected earthquakes had
to be adjusted to 0.4 g, according to the GB50011-2010 [45]. Figure 6 presents the response
spectra of the selected pulse-type earthquakes. Table 2 presents the characteristics of the
selected pulse-type earthquakes. These pulse-type earthquakes were input in the x and y
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directions. The structural response was evaluated based on the average value computed
from the seven chosen pulse-type earthquakes.
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Figure 6. The response spectra of the selected pulse-type earthquakes.

Table 2. The characteristics of the selected pulse-type earthquakes.

Earthquake

D Event Station My, Tp (s) Vg3 (m/s) Sgo (s)
RSN3746 Cape Mendocino Centerville Beach_ Naval Fac 7.01 1.97 459.04 10.6
RSN4451 Montenegro_ Yugoslavia Bar-Skupstina Opstine 7.10 1.44 462.23 21.3
RSN6897 Darfield_ New Zealand DSLC 7.00 7.83 295.74 19.6
RSN6927 Darfield_ New Zealand LINC 7.00 7.37 263.20 12.7
RSN6959 Darfield_ New Zealand Christchurch Resthaven 7.00 12.02 141.00 30.5
RSN6962 Darfield_ New Zealand ROLC 7.00 7.14 295.74 114
RSN8606 El Mayor-Cucapah_ Mexico Westside Elementary School 7.20 7.08 242.00 25.3

5. First Stage of the Optimization Design of the Selected Scheme

In this section, we employed the first stage of the optimization design method to
optimize the isolator arrangement of the original asymmetric base-isolated structure, as
detailed in Section 3. The effectiveness of this stage was then assessed by contrasting the
structural responses of the optimal and original asymmetric base-isolated structures.

5.1. Optimization Process and Results of the First Stage

Following the optimization process of the first stage described in Section 2.1, the
isolator range was initially determined to be LRB500, LNR500, LRB600, LNR600, LRB700,
and LNR700. This was based on the gravity load at the base of each column and the
isolators” ultimate vertical compressive stress, which was set to 12 MPa for the chosen
scheme in the standard GB/T51408-2021 [44]. The characteristics of these isolators are
detailed in Table 1.

In this study, the parameters of the NSGA-II algorithm were first designed with a
focus on establishing a balance between computational precision and time efficiency, as
suggested by Deb [32,35]. Throughout the iterative process, these parameters were ad-
justed in response to emerging solution trends. Finally, the population size was set to
50, with a crossover probability of 0.8, a mutation probability of 0.05, and an iteration
number of 100. The values of the three optimization objectives remained stable when the
number of iterations exceeded 85, indicating the convergence of the set of solutions. Thus,
100 iterations were sufficient for the NSGA-II algorithm to demonstrate effective conver-
gence characteristics for this optimization problem’s first stage.

After establishing the range of isolators and parameters for multi-objective optimiza-
tion, the iteration for the first stage was successfully executed, as depicted in Figure 1.
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A set of Pareto optimal solutions was swiftly obtained, which achieved a good balance
among the three optimization objectives, as displayed in Figure 7. Following the opti-
mization objectives of the first stage, the solutions exhibiting minimal maximum interstory
displacement of the superstructure were first chosen. From these selected solutions, the one
that concurrently minimized both 65 max and 6}, max Was ultimately selected as the optimal
isolator arrangement scheme (Figure 8).
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Figure 7. Optimal points of the Pareto optimal solutions.
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Figure 8. The optimal isolator arrangement scheme of the asymmetric base-isolated structure (unit: mm).

5.2. Discussion of the Results of the First Stage

The efficiency of the first stage was evaluated by comparing the structural responses
of schemes 1 and 2. The effects of pulse-type earthquakes on the structural response of
asymmetric base-isolated structures were evaluated by comparing the structural responses
of schemes 2 and 3. Detailed descriptions of these three schemes are tabulated in Table 3.
The isolator arrangement of scheme 1 is presented in Figure 3, while those of schemes 2
and 3 are shown in Figure 8. The primary structural responses are represented by (A /h)max,
(A/h)max of the superstructure (A/h)max 1, the maximum displacement of the isolation layer
(%, max), the maximum interstory rotation (0max), and the maximum displacement ratio

(Amax /Aave)max .
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Table 3. The description of the different schemes in this paper.

Design Methods of the Isolation Layer

Scheme Type of Earthquakes
First Stage Second Stage

1 Non-pulse-type Traditional conceptual design -

2 Non-pulse-type Optimization design -

3 Pulse-type Optimization design -

4 Pulse-type Optimization design Optimization design

5 Pulse-type Traditional conceptual design Traditional conceptual design
6and 7 Pulse-type Optimization design Traditional conceptual design

Table 4 presents the CMS, the CSI, and e, of schemes 1-3. It is clear that ¢, for the
optimal asymmetric base-isolated structure was significantly less than for the original
asymmetric base-isolated structure and very close to zero. This indicates that the first
stage of the optimization design method effectively minimized e}, for the asymmetric
base-isolated structure.

Table 4. The CMS and CSI of the structures.

Coordinates of CMS (m) Coordinates of CSI (m) ey, (m)
Structures
X Y X Y X Y
Original asymmetric base-solated 10.9346 8.2445 10.4576 7.7271 0.4770 0.5174
structure (Scheme 1)
Optimal asymmetric base-isolated
structure (Scheme 2 and Scheme 3) 10.9346 8.2445 11.0181 8.2865 0.0835 0.0420
Note: e}, = Mass center — stiffness center | .
Figure 9 displays (A/h)max for all the superstructure stories in schemes 1-3. Notably,
(A/h)max for scheme 3 was substantially larger than for schemes 1 and 2. (A/h)max for
schemes 1-3 peaked on the first story, with these maximum values summarized in Table 5
as (A/h)max,1. Both Figure 9 and Table 5 reveal that the values of (A/h)max for schemes 1
and 2 were less than the elastic limit of 1/400, while (A/h)max 1 for scheme 3 was 1/369
in the x direction and 1/319 in the y direction. Table 5 also reports the values of xp, -
Xb,max for scheme 3 was significantly larger than for schemes 1 and 2, leading to xp, max for
scheme 3 exceeding the isolator’s displacement limit (dmax). These results highlight that
pulse-type earthquakes substantially increased the translational displacements in both the
superstructure and the isolation layer of the selected scheme, causing both the interstory
drift ratio and the isolators” displacement to exceed their respective limits.
5 | Sr |
\\ |~ Scheme 1-x \\ \ |~ Scheme 1-y
1—=— Scheme 2-x t—=— Scheme 2-y
4 |—e— Scheme 3-x 4r |—e— Scheme 3-y
_ _ _ . _ _ _ .
o | Ultimate1/400 o | Ultimate1/400
2 | 2 |
»n3 | w3t |
| |
| |
2 | 2F
! !
AR ANV
1 1 1 1 1 | 1 1 1 1 1
0.000 0.001 0.002 0.003 0.004 0.000 0.001 0.002 0.003 0.004
Alh) (ATR) 0
(a) (b)

Figure 9. The values of (A/h)max for schemes 1-3 in the (a) x direction and (b) y direction.
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Story

Table 5. The values of (A/h)max,1 and xp, max for schemes 1-3.

(A/h)max,l

Scheme Xp,max (Mm)
x y
1 1/582 1/550 222.96
2 1/624 1/619 191.91
3 1/369 1/319 317.14

Table 6 and Figure 10 display the torsional response of schemes 1-3, which includes
Omax and (Amax/Aave)max- (Amax/Dave)max 1S the ratio between the maximum or inter-
story translation and the average value of the floor’s vertical elements’ translation. The
code GB/T51408-2021 [44] defines particular displacement ratio thresholds linked to dif-
ferent levels of structural torsion-related injury to reinforced concrete elements. The
structural elements have the potential to suffer significant torsional damage if the value
of (Amax/Aave)max surpasses 1.2, indicating a severe torsional effect. If the value of
(Amax/ Dave)max is between 1 and 1.2, the damage to elements caused by structural torsion
is slight. Nevertheless, if the value of (Amax/Aave)max is close to 1.0, the structural torsion
effect is minimal, and the elements almost suffer no damage caused by structural torsion.

Table 6. The values of Omax for schemes 1-3.

Omax (rad)
Story
Scheme 1 Scheme 2 Scheme 3
5 —314 x 107 —857 x 107 414 x 106
4 —514 x 10~ —3.43 x 10° 4.86 x 10
3 —7.43 x 10 —5.43 x 107 5.00 x 10~
2 —9.71 x 10~ —7.43 x 107° 3.86 x 107°
1 —1.27 x 107° —8.14 x 107° 429 x 1077
0 490 x 1074 3.02 x 1074 3.05 x 104
St I St I
—v—iScheme 1-x —v—1Scheme 1-y
—'—:Scheme 2-x —=—Scheme 2-y
ar ——Scheme 3-x ar —e— Scheme 3-y
— — —Ultimatel.2 2 — — qUltimatel.2
| 8 |
3 I | 2} 3 B |
I I
I I
2+ | 2r !
| // |
I |
1 yra 1 1 1 I 1 Al WA 1 1 I
1.00 1.05 1.10 1.15 1.20 1.25 1.00 1.05 1.10 1.15 1.20 1.25
(A max/A ave)max (A max/A ave)max
(a) (b)

Figure 10. The values of (Amax/Aave)max for schemes 1-3 in the (a) x direction and (b) y direction.

Upon completion of the first stage of optimization, both Omax and (Amax/ Aave)max for
scheme 2 were noticeably lower than for scheme 1. This reduction signified the first stage’s
effectiveness in enhancing the structure’s torsional resistance. While 0ax for scheme 3
was slightly higher than for scheme 2 due to pulse-type earthquakes, (Amax/Aave)max for
schemes 2 and 3 was near 1.0.

In conclusion, the first stage of the optimization considerably reduced the torsional
response of the optimal asymmetric base-isolated structure. Moreover, pulse-type earth-
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quakes had a little impact on the torsion of this structure, given that all structural parameters
were optimized for torsional resistance. However, the translational displacements in the
superstructure and the isolation layer of the optimal asymmetric base-isolated structure
increased dramatically under pulse-type earthquakes, thereby exceeding the maximum
limits for interstory drift ratio and isolator displacement. This finding suggests the need
for further design enhancements to improve the lateral resistance under pulse-type earth-
quakes.

6. Second Stage of the Optimization Design of the Selected Scheme

This section discusses the second stage of the optimization design. The optimal asym-
metric base-isolated structure was fitted with viscous dampers to mitigate the excessive
translational response induced by pulse-type earthquakes, using the optimization method
proposed in Section 2.2. The optimal structure’s primary responses were then compared
with those of a structure designed using traditional methods. Lastly, the influence of the
viscous dampers’ positions on the structural response was evaluated.

6.1. Optimization Process and Results of the Second Stage

The Maxwell model [50], a simplified mechanical model for viscous dampers, was
employed in this study. Figure 11 depicts the model’s diagram, while Equation (5) describes
the damping force of a viscous damper

F=CV*+KD (5)

where C is the damping coefficient of the viscous damper; V indicates the relative speed
of the two opposite ends of the viscous damper; o« € [0.2, 0.4] represents the damping
exponent of the viscous damper and its range, as specified by the internal construction of
the viscous damper; K denotes the stiffness of the viscous damper; and D is the relative
displacement of the two opposite ends of the viscous damper.

K C

—M

Figure 11. The diagram of the simplified mechanical model for viscous dampers.

In order to maintain the isolation system’s eccentricity close to zero, the viscous
dampers were initially applied to the isolation layer, directly beneath the CMS, along the x
and y directions. Subsequently, the structural response was evaluated using the average
value derived from the seven pulse-type earthquakes specified in Section 4.2. The length
and the parameters of the viscous dampers were continually adjusted according to the
structural response. This adjustment ensured that xp, max and (A/h)max remained within
the specification limits. The final damping coefficient for the viscous dampers was set at
C =700 kN-s/m, with a damping exponent & = 0.3. The dampers, featuring ball hinges
at the bottom, were installed at an oblique angle. As a construction precaution, it was
necessary to place secondary beams under the floor slab at the damper positions. A stirrup
reinforcement was employed to ensure an adequate bearing capacity at the joint where
the dampers intersected the beams. Consequently, the two-stage optimal design method
resulted in the optimal asymmetric base-isolated structure with viscous dampers, referred
to as scheme 4 in Table 3. Figure 12 details the isolation layer arrangement in scheme 4.
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Figure 12. The isolation layer arrangement scheme of the optimal asymmetric base-isolated structure
with viscous dampers (unit: mm).

6.2. Discussion of the Results of the Second Stage

This section first compares the primary structural responses of schemes 3 and 4
to assess the impact of the viscous dampers in alleviating the excessive translational
displacements caused by pulse-type earthquakes. Following that, the primary structural
response of the optimal scheme 4 is compared with that of scheme 5 (as seen in Table 3),
which employed traditional design methods for arranging isolators and viscous dampers.
Figure 4 illustrates the arrangement of the isolators and viscous dampers in scheme 5.

In order to preserve the torsional resistance efficiency achieved in the first stage, the
dampers were applied to the isolation layer directly beneath the CMS, along the x and
y directions. This installation contradicts the traditional damper arrangement principle,
which recommends dispersing viscous dampers around the isolation layer’s perimeter.
Consequently, schemes 6 and 7 were designed with dampers distributed around the
isolation layer’s perimeter, and the response of scheme 4 was compared with those of
schemes 6 and 7. To enhance the analysis of the damper position effects on the structural
response, the structural arrangements of schemes 6 and 7 mirrored that of scheme 4, except
for damper positioning. Figure 13 illustrates the arrangement of the isolators and viscous
dampers in schemes 6 and 7.
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Figure 13. The arrangement of isolators and viscous dampers in schemes (a) 6 and (b) 7. (unit: mm).
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Figure 14 presents (A/h)max for schemes 3-7 in both the x and y directions. Each
scheme’s maximum value occurred on the first story, and these values are summarized
as (A/h)max,1 in Table 7. Table 7 also displays X}, max for schemes 3-7. Figure 14 shows
that (A/h)max for scheme 4 was less than that for scheme 3. Moreover, it is evident that
(A/h)max,1 and xp, may for scheme 4 were significantly reduced, staying within acceptable
limits, due to the addition of the viscous dampers. This stands in contrast to what observed
for scheme 3, as in that case, both exceeded their respective limits. These results suggest
that viscous dampers can notably decrease both (A/h)max and xp max in a base-isolated
structure under the influence of pulse-type earthquakes.

5r I 5r I
I—e— Scheme 3-x I—e— Scheme 3-y
| —s— Scheme 4-x :—-— Scheme 4-y
4r |~ Scheme 5-x ar — Scheme 5-y
2 [ Scheme 6-x 2 [ Scheme 6-y
% 3t :—0— Scheme 7-x % 3t :+ Scheme 7-y
,— — ~ Ultimate1/400 . = Ultimate1/400
[ [
2F | 2k
|

1 1 1 1 1 1 1 1 1 1
0.000 0.001 0.002 0.003 0.004 0.000 0.001 0.002 0.003 0.004

Ahy_,. (4/h)
(@) (b)

Figure 14. The values of (A/h)max for schemes 3-7 in the (a) x direction and (b) y direction.

max

Table 7. The values of (A/h)max,1 and xp max for schemes 3-7.

Scheme A/h)maxa Xp, max (Mm)
x y
3 1/369 1/319 317.14
4 1/424 1/403 233.71
5 1/388 1/376 215.46
6 1/418 1/404 274.16
7 1/415 1/408 277.66

Furthermore, for scheme 5, designed using traditional conceptual design methods,
there was a 9.29% increase in (A/h)max,1 Over scheme 4, and the elastic threshold of 1/400
in terms of (A/h)max,1 Was exceeded, even though x}, .« remained within its limits. This
revealed that the two-stage optimal design method outperformed the traditional conceptual
design methods, particularly in reducing the superstructure’s maximum interstory drift.

Additionally, it is clear that (A/h)max and (A/h)max,1 for schemes 4, 6, and 7 share
similar values and did not exceed their respective limits, as seen from Figure 14 and
Table 7. This suggests that the viscous dampers” position had a little adverse impact on
the structure’s interstory drift in the second stage. However, schemes 6 and 7 showed
a 17.31% increase in xp, may Over scheme 4. The reason for the increase might be that the
traditional arrangement method resulted in a larger Omax of the isolation layer in schemes
6 and 7, which increased the corner isolator displacements with respect to that observed
for scheme 4. The following provides a comparative analysis of the torsional response of
several schemes under various design methods in order to validate this issue.

Table 8 and Figure 15 show the Omax and (Amax/Aave)max Values for schemes 3-7.
Notably, Omax for scheme 4 was significantly less than for scheme 5, as seen in Table 8.
Specifically, Omax of the isolation layer in scheme 4 was merely 14.16% of that in scheme
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5, and Omayx of the superstructure in scheme 4 was reduced to a maximum of 51.28% of
that in scheme 5. Moreover, for scheme 5, (Amax/ Aave)max greatly exceeded the limit of 1.2,
whereas for scheme 4, it was notably lower. This revealed that the two-stage optimal design
method outperformed traditional conceptual design methods, particularly in reducing the
interstory rotation and the displacement ratio.

Table 8. The maximum interstory rotation (Omax) for schemes 3-7.

Omax (rad)
Story
Scheme 3 Scheme 4 Scheme 5 Scheme 6 Scheme 7
5 414 x10°® —600x10° 113x107° 1.10 x 107> 1.19 x 107>
4 486 x 107 —8.00x107% 156 x 107> 1.50 x 10> 1.56 x 107>
3 500x 107 —120x107° 1.94 x 107> 1.90 x 10~ 1.94 x 107>
2 386 x10°% —190x10° 236x10°° 230 x 107> 231 x 107°
1 429 x 1077 —210x 1075 284 x 107> 2.60 x 107> 2.81 x 107°
0 3.05 x 104 444 x 1074 3.07 x 1073 3.63 x 1073 6.62 x 1073
5r - —e— Scheme 3- 5r
| o ! —e— Scheme 3-y
| —=— Scheme 4-x |
| I —=— Scheme 4-y
4 * —+— Scheme 5-x 4
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I I
I I
1+ '\ 1+ |
I I
0 1 [ 1 1 1 0 1 | & 1 1 1
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(A max/A ave)max (A max/ ave)max

(a) (b)
Figure 15. The maximum displacement ratio for schemes 3-7 in the (a) x direction and (b) y direction.

Furthermore, Table 8 reveals that 6 max for schemes 6 and 7 was significantly higher
than for scheme 4. Particularly in the isolation layer, Omax for scheme 4 was approximately
10% of that for schemes 6 and 7. As depicted in Figure 15, (Amax/ Aave)max for schemes
6 and 7 was significantly greater than for scheme 4. Moreover, for schemes 6 and 7,
(Amax/ Dave)max exceeded the limit of 1.2, suggesting a negative impact on the structure
due to torsion. These results indicate that the optimal design method of the viscous
damper arrangement can better improve the torsional resistance efficiency than traditional
conceptual design methods.

These findings suggest that compared to traditional design methods for asymmetric
base-isolated structures, the two-stage optimal design method significantly reduces the
torsional response under pulse-type earthquakes, while also ensuring a strong lateral
resistance. Especially, the interstory drift ratio and the displacement ratio of the opti-
mized asymmetric base-isolated structure were significantly reduced to acceptable limits.
Additionally, during the second stage of optimization, the damper positions had a little
impact on the structure’s interstory drift. However, installing viscous dampers around
the perimeter of the isolation layer negatively enlarged the rotation of the isolation layer,
which increased the corner isolator displacements. This adverse effect was primarily due to
the added stiffness of the dampers when they were distributed around the isolation layer’s
perimeter. After the first stage of optimization, the CSI and the CMS essentially coincided.
The added damper stiffness increased the distance between the CSI and the CMS, thus
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exacerbating the torsional response. Consequently, it is recommended to install the viscous
dampers directly under the CMS, along the x and y directions of the isolation layer, during
the second stage of the optimization design.

7. Conclusions

In this study, we presented a two-stage optimal design method for asymmetric base-
isolated structures subjected to pulse-type earthquakes. The advantages of this proposed
method were demonstrated through an examination of a typical five-story L-plan asym-
metric base-isolated structure. Furthermore, we analyzed the most appropriate positioning
of viscous dampers during the second stage of the design. The key conclusions from our
study are:

1. During the first stage of the design, the NSGA-II algorithm provides a more efficient
and quicker means of finding an optimal isolator arrangement compared to other
algorithms. This optimized arrangement minimizes the rotation of the isolation layer
and the interstory rotation of the superstructure, thereby reducing the negative effects
caused by the torsional response to negligible levels.

2. Our findings revealed that distributing viscous dampers across the perimeter of the
isolation layer during the second stage of optimization can negatively impact the
torsional response. To maintain the effectiveness of the torsional resistance achieved
in the first stage and significantly decrease the overrun of the translational response of
asymmetric base-isolated structures caused by pulse-type earthquakes, it is advisable
to install the viscous dampers in the isolation layer along the x and y directions,
directly below the CMS in the second stage.

3.  Compared to traditional conceptual design methods for isolators and viscous dampers,
the two-stage optimal design method proposed herein can more effectively enhance
the lateral resistance and torsional resistance of asymmetric base-isolated structures.
As per the case study presented, both the maximum interstory drift ratio and the max-
imum displacement of the isolators in the optimal asymmetric base-isolated structure
under pulse-type earthquakes were reduced within their limits, as compared to those
in the structure designed using traditional conceptual design methods. Furthermore,
the maximum rotation of the isolation layer and the maximum interstory rotation
of the superstructure of the optimal asymmetric base-isolated structure were merely
14.16% and 51.28% of those of the structure designed using traditional conceptual
design methods, respectively. Moreover, the maximum displacement ratio of the
optimal asymmetric base-isolated structure was reduced within its limit following
the two-stage optimal design, indicating that the adverse effect caused by torsional
responses can be effectively disregarded.

4.  Inaddition to damper positioning, future research could also target the optimization
of damper parameters to achieve better lateral and torsional resistance. When site
condition limitations are eliminated from the analysis of the structural response, the
number of pulse-type earthquakes available for investigation grows considerably. At
this point, it is crucial to investigate the impact of the characteristics of pulse-type
earthquakes on the structural response. For example, Sharma et al. [51] found that
a high directivity ratio of the pulse-type earthquakes has a significant effect on the
structural response. Thus, future research should explore a new optimal design
method that not only provides better lateral and torsional resistance to asymmetric
base-isolated structures under pulse-type earthquakes that are suitable for the site
condition of the selected structure, but also allows these structures to perform well
under pulse-type earthquakes with different characteristics.
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Abstract: The period ratio and the drift ratio are commonly used as plane regularity control indices
for multi-story buildings. However, they fail to reasonably reflect the regularity of lateral force-
resisting component configuration and deformation characteristics in non-rigid plate bent frame
structures. This study focuses on the analysis of non-rigid single-span bent frames, examining the
variation patterns of a suitable regularity index for non-rigid plate bent frame structures, referred
to as the shear force lateral stiffness matching index, under various parameters. Additionally, it
introduces indices to quantify the deformation response of non-rigid plate bent frame structures,
providing a detailed analysis of the impact of factors such as eccentricity, torsional stiffness, and
roof slab stiffness on the deformation characteristics of non-rigid plate bent frame structures and the
shear force lateral stiffness matching index. The results show that the shear force lateral stiffness
matching index can reflect the inconsistency in the horizontal displacement response of lateral force-
resisting components caused by deformations in the roof slab. The proposed indices for torsional
and bending deformations accurately quantify the roof slab’s deformation response, revealing the
horizontal deformation characteristics of lateral force-resisting components in non-rigid frames.
When eccentricity is present, the stiffness of the roof slab has a non-monotonic effect on the torsional
component of the structural seismic response.

Keywords: shear force lateral stiffness matching index; non-rigid plate bent frame structures; lateral
force-resisting components; deformation characteristics; torsional stiffness

1. Introduction

Despite the relatively late development of long-span buildings, their innovative de-
signs and superior performance have facilitated rapid growth, establishing them as a
significant structural form in urban infrastructure with substantial potential for future
applications [1,2]. Long-span buildings encompass various forms, among which non-rigid
plate bent frame structures are widely utilized due to their flexibility and adaptability to
different architectural and engineering demands [3]. With the increasing requirements
for earthquake resistance, anti-seismic design has become an essential component in the
development of non-rigid plate bent frame structures [4].

The criteria for determining structural regularity, controlling structural torsion, and im-
plementing construction measures are critical aspects of anti-seismic design. The definition
of torsional irregularity encompasses discriminative indicators for controlling structural
torsion, primarily including the drift ratio (1) (maximum displacement at the floor end
divided by the average displacement of the floor), eccentricity. UBC97 [5], NEHRP [6],
IBC2003 [7], EC [8], NZ54203 [9], and the “Code for anti-seismic design of Buildings” [10]
specify that when # > 1.2, the structure is considered irregular. NZ54203 stipulates that
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1 > 1.4 defines an irregular structure, while Europe’s EC8 ensures plan regularity by con-
trolling eccentricity. Furthermore, China’s “Technical Specification for Concrete Structures
of Tall Buildings” [11] introduces requirements for maintaining the period ratio, defined as
the ratio of the first mode period dominated by torsional motion (T%) to the first mode pe-
riod dominated by translational motion (T7). The specification uses both the drift ratio and
the period ratio as dual control indicators for structural regularity. This dual requirement
for controlling structural irregularities is unique to China and is not found in the codes of
other countries.

Recent studies have investigated the effectiveness of control measures for planar
regularity indicators such as the drift ratio and the period ratio. Xu et al. [12], based
on seismic measurements of three multi-story buildings, demonstrated the necessity of
controlling the period ratio in seismic design for high-rise buildings and suggested that
the control method for the period ratio should be adjusted for unconventional structures.
Cai et al. [13], through the analysis of high-rise concrete structures, pointed out that in
some cases, the dual control measures of coupled period ratio and displacement ratio
might no longer be reasonable. Liu et al. [14] proposed an algorithm for the period ratio
under different eccentricities. Their results indicated that in some situations, the period
ratio values may not correlate with the structural regularity, and the period ratio may
decrease as eccentricity increases. Wei et al. [15] conducted a theoretical analysis of the
physical significance and control objectives of the period ratio for high-rise structures. They
pointed out that many factors influence the period ratio in high-rise structures, but only by
increasing the torsional stiffness while maintaining translational stiffness can a reduction
in the period ratio significantly improve the seismic performance of high-rise structures.
Liu et al. [16] observed that in uneven-height ground structures, there is a significant
inherent eccentricity in the shorter direction, which may lead to an increase in the relative
eccentricity to meet the period ratio limit, thereby distorting the control of torsional effects.
Wang et al. [17] noted that when a structure is vertically uniform or has minimal changes,
the drift ratio can reflect the overall torsional effects of the structure; however, when there
are significant vertical irregularities, especially at the top, the drift ratio may fail to reflect
the overall torsional vibration effects of the structure accurately. Han et al. [18], based
on a complex eccentric steel frame structure, proposed influencing parameters for the
dynamic characteristics of single-layer biaxial eccentric structures. The analysis showed
that as eccentricity increases, the torsional effects of the structure also increase; when
the primary torsional frequency ratio approaches 1, the coupled translational-torsional
effects are maximized, while the influence of the secondary torsional frequency ratio is
relatively small.

Current research on torsional regularity indicators in seismic design primarily focuses
on rigid roof panels, such as concrete roof panels, steel-concrete composite roof panels,
and prestressed concrete roof panels. Previous research has already considered the impact
of roof panel rigidity or its in-plane deformation on the structure. Jahami et al. [19] pointed
out that shear reinforcement can effectively improve the stiffness and load-bearing capacity
of post-tensioned prestressed concrete slabs under impact loads, thereby enhancing their
impact resistance. Paul et al. [20] proposed a nonlinear elastoplastic finite element model
to analyze the behavior of side panel connections and explored the effects of side panel
thickness (in-plane stiffness), size, and spacing on connection stiffness. Sanchez et al. [21]
proposed a numerical calculation method for the optimal design of planar semi-rigid
steel frames, incorporating second-order effects to account for the influence of panel
stiffness. He et al. [22] defined a horizontal load transfer coefficient to quantify the impact
of in-plane stiffness on horizontal load distribution, explored the relationship between
in-plane stiffness and the lateral stiffness ratio of vertical components and load transfer
coefficients, and defined the concept of rigid floors based on lateral stiffness ratio and load
transfer coefficients.

In fact, the rigidity or flexibility of the roof panel directly determines the distribution
method of horizontal loads. The current studies on the impact of torsional regularity

21



Buildings 2024, 14, 3049

indicators in anti-seismic design are mostly based on multi-story structures, with very
few studies focusing on non-rigid plate bent frame structures. Currently, the relevant
codes [5-11,23,24] do not specify methods for evaluating the plane configuration regularity
of non-rigid plate bent frame structures. In practical anti-seismic design, the methods and
limit indices for calculating the regularity of non-rigid plate bent frame structures often
apply indiscriminately to those used for multi-story buildings, such as the drift ratio and
the period ratio. However, existing research indicates that due to the sparse configuration
of lateral force-resisting components and relatively low in-plane stiffness of the roof slab in
non-rigid plate bent frame structures, the drift ratio cannot accurately reflect the torsional
effects and internal force response characteristics of structures [25,26]. Moreover, the period
ratio limit specified in the “Technical Specification for Concrete Structures of Tall Buildings”
is based on studies of non-coupled period ratios. However, non-rigid plate bent frame
structures often exhibit coupling between translational and torsional modes. Research
shows that the coupled period ratios may not accurately reflect the torsional characteristics
of the structure [13,25]. Indiscriminately applying the regularity indices for multi-story
buildings to non-rigid plate bent frame structures often results in cases where the lateral
stiffness requirements are met, but the regularity indices exceed the limits [27-29].

In addition, the seismic response of horizontal components in non-rigid plate bent
frame structures is minimal, so the focus should be on the lateral force-resisting components.
These lateral force-resisting components not only provide lateral stiffness but also contribute
significantly to torsional stiffness. The regularity in the arrangement of the lower support
components in non-rigid plate structures affects not only the overall torsional effects but
also the distribution of seismic responses in the lateral force-resisting components due to
in-plane bending deformations, as non-rigid plate bent frame structures are not suitable
for the rigid diaphragm assumption. Therefore, in the anti-seismic design of non-rigid
plate bent frame structures, it is essential to focus on the calculation methods and control
indicators of the regularity of the lateral force-resisting member layout.

Recent research has introduced a reasonable index, known as the shear force lateral
stiffness matching index, for determining the regularity of lateral force-resisting component
configurations in non-rigid plate bent frame structures [30]. The index can reflect the
regularity of lateral force-resisting component configuration by describing the mismatch
between the internal forces and the lateral stiffness of the components under seismic
loading. It also considers the effects of roof slab bending deformations. Given that the
seismic response of non-rigid plate bent frame structures is not significant, it is essential
to pay greater attention to their lateral force-resisting components. The endpoints at the
connections between these components and the roof panels are utilized to calculate the
shear force lateral stiffness matching index and to extract the deformation characteristics of
the roof panels.

This paper primarily focuses on the single-span, single-story frame structures com-
monly found in public buildings. Building on the dynamic characteristics of these structures
and referencing [30], it further explores the properties and influencing factors of the shear
force lateral stiffness matching index. Additionally, it proposes indices to quantify the
roof slab deformation in non-rigid frame structures, providing references for the seismic
conceptual design of long-span structures.

2. Definition of Plane Regularity Index
2.1. Shear Force Lateral Stiffness Matching Index

Ideally, a structure should experience only lateral movement during an earthquake.
Under such conditions, the ratio of the shear force in the lateral force-resisting members
to the total shear force of the structure equals the ratio of their lateral stiffness to the
total stiffness. However, when the structure undergoes torsion, the lateral force-resisting
members must bear not only the translational shear force but also the additional shear force
caused by torsional effects, as shown in Figure 1. When translational-torsional coupling
occurs in a structure, the lateral displacements of the lateral force-resisting components
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are not uniform. In this situation, components located farther from the center of rigidity
experience increased lateral displacement due to torsion, leading to a significant increase
in the horizontal seismic shear force they must resist. This can easily result in local
failure due to exceeding the allowable strength and deformation limits, potentially causing
the entire structure to collapse due to the failure of one side’s components. In contrast,
components closer to the center of rigidity undergo smaller total deformation, and they
may be destroyed as the entire structure collapses, even before reaching their load-bearing
capacity limits.

LY

after deformation

|

before deformation

Figure 1. Additional shear force of lateral force resistant members due to torsion.

Members located further from the rigid center with less stiffness will undergo greater
lateral displacement, resulting in a substantial increase in the shared horizontal seismic
shear force. This increase can cause the members to exceed their allowable resistance and
deformation limits, leading to severe local damage, the failure of individual members, and
potentially the collapse of the entire structure.

Reference [30] proposed an index to characterize the match between the shear force
and lateral stiffness of lateral force-resisting components in non-rigid plate bent frame
structures, known as the shear force lateral stiffness matching index . This index is derived
from the results of bidirectional seismic response spectrum enveloping. The shear force
lateral stiffness matching index is defined as:

B = max((F;/Fy)/(K;/Kp)) (1)

where F; and K; represent the shear force and lateral stiffness of the i-th lateral force-resisting
column in a main direction under seismic loading, respectively. Fy and K represent the
total shear force under seismic loading and total lateral stiffness of the structure in the same
direction, respectively.

Under seismic loading, if the structure experiences only translational motion, the
deformations of all lateral force-resisting components are consistent, and f = 1; if torsion is
involved, B > 1. Therefore,  essentially represents the inconsistency in the deformation
of lateral force-resisting components under seismic loading. A larger 5 indicates that the
structure exhibits less translational motion. Factors influencing p include not only the
torsional response of the structure but also the in-plane non-uniform deformation of the
roof slab. Utilizing this index to represent the regularity of lateral force-resisting component
configuration in non-rigid plate bent frame structures is considered reasonable [30].

2.2. Roof Slab Deformation Indices

As part of the horizontal load-bearing system in non-rigid plate bent frame structures,
the roof slab significantly influences the cooperative behavior of vertical lateral force-
resisting components. When the roof slab is non-rigid, the in-plane deformation of the roof
slab cannot be neglected when considering the horizontal force distribution among lateral
force-resisting components in non-rigid plate bent frame structures.
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The deformation of a spatial element is generally a combination of rigid body transla-
tion, in-plane rigid body rotation, and in-plane bending deformation [31-33]. To further
analyze the impact of these deformations (Figure 2) on B, we propose the following indices
to characterize structural deformation: the point of maximum displacement lies between
the displacements at both ends, with the corresponding interpolation representing the
torsional deformation Ajn;. The difference between the maximum displacement and the
torsional deformation is the bending deformation A,. The ratio of the bending deformation
to the maximum displacement is referred to as the bending deformation ratio Py,.

(upn —upy) x x

Aint = T +up; (2)
Ape = Umax — Aint 3)
Abe
— _ 4
o= — 4)

where 1max represents the maximum displacement at the top of the column under uni-
directional seismic loading. up; represents the displacement at the left end post, and
up , represents the displacement at the right end post, with the subscript # indicating the
number of longitudinal spans. L is the dimension of the structure in the main direction,
and x is the distance from the column with the maximum displacement to the leftmost
column line.
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Figure 2. Structural torsion under horizontal seismic loading.

Equation (2) represents the rigid body linear displacement and rigid body rotational
displacement of the structure, namely, torsional deformation and translational displace-
ment. However, the translational displacement of the structure generally does not change
with the eccentricity. Therefore, Equation (2) can be considered a measure of the torsional
deformation of the structure. Equation (3) corresponds to the residual deformation after
removing the torsional deformation at the point of maximum displacement. This residual
deformation quantifies the extent of the planar bending deformation of the roof panel, thus
reflecting the bending deformation of the roof panel.

3. Properties and Influencing Factors of j
3.1. Example Design

Taking the airport concourse and the exhibition hall of the convention center as
reference objects, their main feature is the extensive use of single-story frame structures [3],
with rectangular or quasi-rectangular roof slabs. Based on the “Code for Anti-seismic design
of Buildings” [10] and the “Standard for Design of Steel Structures” [23], a rectangular
single-story frame structure example was designed as shown in Figure 3.
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24m
<
=

Figure 3. Schematic of example model.

The structure uses Q355B with a transverse column spacing of 24 m and one span and
a longitudinal column spacing of 24 m and five spans. The height of the roof-supporting
columns is 5 m. The roof load is simplified to a permanent load of 1.5 kN/m? and a
live load of 0.5 kN/m?. The seismic precautionary intensity is 8 degrees (0.20 g), the site
category is type III, the design seismic grouping is Group I, the seismic influence coefficient
is 0.16, and the site period is 0.45 s.

To investigate the impact of eccentricity on 3, eccentric loads were applied, as shown
in Figure 4. By applying an additional Z-direction concentrated load at the top of the lateral
force-resisting components along axes D) to axis (3), the centroid of the structure deviates
from the geometric center while the position of the rigid center remains unchanged. The
magnitude of the additional concentrated load is a multiple of the structural mass .

niy2my/3mo/Amg i

Figure 4. Schematic of eccentric load application.

The model’s support columns have cross-sectional specifications of 290 x 14, arranged
uniformly to support the roof slab. To investigate the impact of torsional stiffness on ,
the cross-sectional size of the corner columns is increased. Specifically, the cross-sectional
size of the corner columns on axes (1) and axes (6) is increased to 450 x 22, while the other
support columns remain at 290 x 14.

Additionally, it is assumed that the 120 mm thick concrete slab has infinite in-plane
stiffness, with its in-plane compressive stiffness set to 1.00EA. Other conditions are based
on a 120 mm thick concrete slab, with adjustments made by varying the panel thickness
to explore the impact of roof stiffness. The varying calculation parameters are shown in
Table 1.

Table 1. Parameters of the calculation model.

Calculation Parameters Parameter

290 x 14
450 x 22
1.00EA (Rigid plate, 120 mm thick concrete plate)
0.05EA (6 mm thick concrete plate)
0.01EA (1.2 mm thick concrete plate)
0.005EA (0.6 mm thick concrete plate)
e=2.77m,5.08m,7.04m, 871 m,10.1 7 m, 15.25 m,
18.31 m, 20.35 m. From axes (D to axes (3), the
Eccentricity additional loads at the top of the lateral
force-resisting components are 0.2, 0.4my, 0.6my,
0.8my, 1.0my, 2.0my, 3.0my, 4.0my, respectively.

Cross-sectional size of the corner columns

Panel stiffness
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3.2. Properties of

To analyze the impact of lateral force-resisting component configuration on j3, a panel
stiffness of 0.01EA is used as an example. As shown in Figure 5, when the section size of
corner columns increases from 290 x 14 to 450 x 22, § significantly increases.

—— evenly spaced—<— corner column section enhancement

32
3.0
2.8
2.6
2.4
2.2
2.0

1.8
1.6
1.4
1.2
1.0

10
eccentricity(m)

15

20

Figure 5. Comparison of B for non-rigid plate bent frame structures (0.01EA) with different lateral
force-resisting component configurations.

Taking support columns with a section size of 290 x 14 as an example, the influence of
panel stiffness and eccentricity on f is investigated. Figure 6 demonstrates that, irrespective
of the roof panel’s rigidity or elasticity, § increases with increasing eccentricity. For small
eccentricities, f is negatively correlated with panel stiffness; at the same eccentricity, in-
creased panel stiffness results in a smaller 8. However, as eccentricity continues to increase,

this trend reverses, and 8 begins to increase with panel stiffness at large eccentricities.

—=—(0.005EA

2.0
1.9
1.8
1.7
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1.0

0.9

0.01EA 0.05EA 0.IEA—*— 1EA

10
eccentricity(m)

15 20 25

Figure 6. f for different panel stiffness with uniformly arranged lateral force-resisting components.

These results indicate that § can simultaneously account for the influence of lateral
force-resisting component configuration and panel stiffness on structural regularity.

Figures 5 and 6 raise two issues that need to be discussed: (1) As seen in Figure 5,
when the roof panel is non-rigid, B increases when the section size of the corner columns
is enhanced, indicating an increase in the overall torsional stiffness of the structure; (2) In
Figure 6, it is observed that with increasing eccentricity, the relationship between g and
panel stiffness undergoes a shift. Initially, § decreases with increasing panel stiffness, but as
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eccentricity grows larger, this trend reverses and p begins to increase with panel stiffness,
showing no consistent negative correlation.

This indicates that the changes in § involve the complex interplay of factors such
as eccentricity, torsional stiffness, and roof panel deformation. The following parts will
explore the impact of different factors on f.

3.3. Influence of Torsional Stiffness

When torsional effects are present, the contribution of vertical lateral force-resisting
components to maintaining the overall stability of the building cannot be ignored [34].
With the structural panel stiffness set at 0.01EA, the impact of different torsional stiffness
on various deformations of the roof panel is explored using two configurations: one with a
uniform arrangement where all column sections are identical, and the other with enhanced
section sizes at the corner columns.

As shown in Figures 7 and 8, with increasing eccentricity, both torsional deformation
Ajnt and bending deformation Ay, increase for structures with uniformly arranged lateral
force-resisting components and with corner columns having enhanced section sizes. This
indicates that when the roof panel is a non-rigid plate, the roof panel of structures with
uniformly arranged lateral force-resisting components and strengthened corner columns
will experience significant bending deformation in addition to torsional deformation.

—=— evenly spaced—®— corner column section enhancement

torsional deformation(mm)

0 5 10 15 20 25
eccentricity(m)

Figure 7. Torsional deformation Aj,; of structures with uniform distribution and strengthened corner
columns (0.01EA).
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Figure 8. Bending deformation Ay, of structures with uniform distribution and strengthened corner
columns (0.01EA).
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The result in Figure 9 shows that the primary deformation mode of the roof panel is
bending deformation when corner columns are strengthened; however, it is torsional defor-
mation when lateral force-resisting components are uniformly arranged. Strengthening
the corner columns significantly increases the proportion of bending deformation Py, in the
total deformation of the roof panel, indicating that additional non-uniform deformation
arises due to the strengthening of the corner columns.

—=— evenly spaced—@— corner column section enhancement

80.00%

70.00%

60.00%

50.00% [

percentage of bending deformation
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0 5 10 15 20 25
eccentricity(m)

Figure 9. Proportion of bending deformation P}, in structures with uniform distribution and strength-
ened corner columns (0.01EA).

It is evident that the configuration of lateral force-resisting components significantly
affects the deformation of the structure under seismic loading, thereby impacting . For
structures with strengthened corner columns, although the torsional stiffness of the struc-
ture increases, the distribution of lateral stiffness becomes more uneven, leading to greater
bending deformation of the roof panel and a consequent significant increase in j3.

3.4. Influence of Eccentricity

The eccentricity ratio affects the vibration characteristics of building structures, in-
creasing the torsional effects [35]. Taking the configuration of uniformly arranged lateral
force-resisting components as an example, Figures 10 and 11 illustrate the effects of dif-
ferent panel stiffness and eccentricities on the bending deformation Ay, of the structure
and the proportion of bending deformation P},. Table 2 shows the bending deformation
Ape of different axial columns for a structure with a roof slab stiffness of 0.01EA panel
stiffness. From Figure 10 to Figure 11, it can be observed that the bending deformation of
the structure under different roof panel stiffness and eccentricities exhibits a non-monotonic
trend. This is related to the shift in the maximum displacement measurement point: as
eccentricity increases, the maximum displacement point moves from the center of the roof
panel toward the end column, i.e., from the point of concentrated uneven deformation
toward the direction of eccentricity, as shown in Figure 12. Table 2 indicates that the
bending deformation of a non-rigid plate bent frame structure’s roof panel decreases from
the center toward the ends. Therefore, as the maximum displacement point moves towards
the post ends with increasing eccentricity, the bending deformation Ay, of the structure
and the proportion of bending deformation P}, exhibit a non-monotonic trend.
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Figure 10. Bending deformation A, of structures with different panel stiffness under uniform
distribution of lateral force-resisting components.
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Figure 11. Proportion of bending deformation Py, in structures with uniform distribution of lateral
force-resisting components.

Table 2. Bending deformation Ay, for 290 — 0.01EA (mm).

e/m Axes @D Axes @ Axes (® Axes @ Axes ® Axes (®
0.00 0 10.95 17.42 17.42 10.95 0.00
2.77 0.14 13.03 19.07 16.95 9.74 0.07
5.09 0.25 14.43 20.11 16.47 8.87 0.09
7.04 0.27 15.52 21.05 16.32 8.45 0.09
8.72 0.28 16.52 22.07 16.45 8.26 0.08
10.17 0.00 17.69 23.34 16.78 8.16 0.00
15.26 0.00 21.46 26.13 16.16 6.93 0.00
18.31 0.00 25.32 27.86 14.78 593 0.00
20.35 0.00 29.07 29.53 14.04 5.71 0.00

Figure 13 shows the effects of different panel stiffnesses and eccentricities on the
torsional deformation Aj; of the structure. As seen in Figure 13, the torsional deforma-
tion of structures with different panel stiffness monotonically increases with increasing
eccentricity.
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Figure 13. Torsional deformation Ajy of structures with different panel stiffness under uniform
distribution of lateral force-resisting components.

3.5. Influence of Panel Stiffness

The roof slab primarily bears the vertical loads while determining the distribution
of horizontal loads among the vertical lateral force-resisting components [36]. Taking the
configuration of uniformly arranged lateral force-resisting components and an eccentricity
upper limit of 8.720 m (eccentricity ratio of 7.3%) as examples, Figures 14-17 illustrate the
effects of different panel stiffness and eccentricities on the torsional deformation Aj,s, base
shear force, bending deformation Ay, and the proportion of bending deformation P}, of
the structure, respectively.
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Figure 14. Influence of different panel stiffness on torsional deformation Aj;.
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Figure 16. Influence of different panel stiffness on bending deformation Ap,.
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Figure 17. Influence of different panel stiffness on the proportion of bending deformation Py,.

As shown in Figure 17, with increasing eccentricity, the deformation at the maximum
displacement point of a non-rigid plate gradually transitions from bending to torsional
deformation. Figures 14-16 demonstrate that at a constant eccentricity, increasing panel
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stiffness leads to higher base shear forces, greater torsional deformation, and reduced
bending deformation. This indicates that the trends of torsional and bending deformations
are inversely related to panel stiffness.

Combining Sections 3.3 and 3.4, the trend of 3 exhibiting a shift in behavior with
increasing eccentricity can be elucidated as follows: Both overall structural torsion and
roof bending deformation induce a discrepancy between the shear force sustained by
lateral force-resisting components and their lateral stiffness. At a constant eccentricity,
with increasing panel stiffness, structural torsional deformation increases while bending
deformation decreases. Compared to rigid plate bent frame structures, non-rigid plate bent
frame structures exhibit additional bending deformation at small eccentricities, resulting
in consistently higher B values for non-rigid plate bent frame structures than for rigid
plate bent frame structures. Hence, at small eccentricities, f is negatively correlated with
panel stiffness. However, as eccentricity increases, the proportion of structural torsional
deformation rises while the proportion of bending deformation declines. When the primary
deformation mode of the roof panel transitions to torsional deformation, the j for rigid
plate bent frame structures exceeds that for non-rigid plate bent frame structures. Therefore,
at large eccentricities, panel stiffness and p are not necessarily negatively correlated.

4. Conclusions

This study evaluated the applicability of the shear force lateral stiffness matching
index in non-rigid frame structures and analyzed its variation patterns under different
parameter conditions. Through numerical simulation, the deformation indices of the roof
slab in frame structures were obtained under various parameters, revealing the influence
mechanisms of factors such as structural eccentricity, torsional stiffness, and roof slab
stiffness on the shear force lateral stiffness matching index.

(1) The deformation response of the roof slab under seismic loading can be divided into
torsional deformation Aj,; and bending deformation Ay.. The proposed torsional
and bending deformation indices can accurately quantify these two deformation re-
sponses, describing the horizontal deformation characteristics of lateral force-resisting
components in non-rigid plate bent frame structures.

(2) Although strengthening the corner column sections can increase the structural tor-
sional stiffness, it also increases the in-plane bending deformation. Strengthening the
corner column sections increases the unevenness of the lateral stiffness distribution,
resulting in a significant increase in the shear force lateral stiffness matching index.

(3) Fornon-rigid plate bent frame structures, when the eccentricity is small, the maximum
displacement under seismic loading is primarily controlled by bending deformation.
As eccentricity increases, the main component of maximum displacement gradually
transitions from bending deformation to torsional deformation.

(4) The shear force lateral stiffness matching index considers the inconsistency in the
horizontal displacement response of lateral force-resisting components caused by var-
ious deformations of the roof panel. At a constant eccentricity, with increasing panel
stiffness, torsional deformation increases while bending deformation decreases. The
combined effect results in panel stiffness not necessarily being negatively correlated
with B.

(5)  When eccentricity is present in the structure, selecting an appropriate panel stiffness is
essential to ensuring the consistency of lateral force-resisting component deformation.
A larger panel stiffness does not necessarily result in a larger translational component
of the structural seismic response.

(6) This study explored the influence mechanisms of various parameters on the shear
force lateral stiffness matching index. The analysis was limited to single-span, single-
story frames, and future research could extend to more complex cases, particularly
those involving complex plans and multi-span structures. Additionally, the current
study mainly focused on elastic seismic responses; future research could explore the
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nonlinear behavior of the shear force lateral stiffness matching index under elasto-
plastic seismic conditions to optimize seismic design further.
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Abstract: Typical forms of seismic damage to laminated-rubber-bearing girder bridges in the trans-
verse direction are falling beams, girder displacement, and bearing damage. However, the damage to
piers and foundations is generally lighter. This is mainly due to slippage of the bearings. Therefore,
we propose a new type of arc-shaped shear key to improve the lateral seismic performance. A
1/12-scale highway continuous-girder bridge isolated by different shear keys was tested utilizing a
4 m x 4 m shaking table with six DOFs. The seismic responses of the bridge were analyzed in terms
of phenomenon, displacement, strain, and acceleration. The main girder and pier exhibited different
seismic responses because the bridge had different stops. A numerical simulation based on FEM
showed that the established finite element model can well reproduce the displacement time history of
the main girder and the cap girder. By analyzing the finite element model, the relative displacement
of the bearing under different seismic waves was obtained. A comparison between the measured
and FEM responses showed that the arc-shaped shear key can well limit the displacement of the
main girder and the bearing. In addition, it does not significantly amplify the seismic response of the
substructure. The arc-shaped shear key dissipates more energy while limiting the displacement of
the main girder, and the comprehensive seismic performance is better than that of the rubber pad
shear key.

Keywords: highway continuous-girder bridge; arc-shaped shear key; shaking table test; seismic re-
sponse; FEM

1. Introduction

In the infrastructure of China’s transportation system, bridges play roles as nodes and
hubs [1]. Among them, medium- and small-span simple-bearing girder and continuous-
girder bridges are widely used in highway construction because of their practicality and
convenience, which greatly promotes sustainable economic and social development. As
an important part of transportation infrastructure, bridges consist of a superstructure
with a large mass and piers with less lateral stiffness. Because of the wide distribution of
earthquake zones in China, the seismic safety of bridges in areas with high seismic intensity
has attracted the attention of researchers [2,3]. Restoring bridges to normal use after a
strong earthquake is more challenging than maintaining bridges that are in use [4,5]. For
long-distance transportation, if a section of the bridge is damaged in an earthquake, the
normal operation of the entire lane will be interrupted. For example, in the Lushan and
Wenchuan earthquakes, most bridges were destroyed and traffic lanes were interrupted.
Therefore, seismic design is very important for the seismic safety of bridges in the event of
a strong earthquake [6-8].

A series of studies has been carried out on the seismic problems of bridges, includ-
ing numerical simulations of bridges during earthquakes [9,10], interactions between
bearings and bridge structures [11-13], and interactions between shear keys and bridge
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structures [14]. Research shows that antiseismic isolation bearings can significantly improve
the seismic resistance of a bridge. Commonly used antiseismic isolation bearings, such as
friction pendulum bearings (FPBs), lead rubber bearings (LRBs), and plate rubber bearings,
have satisfactory seismic isolation effects. However, the displacement and residual displace-
ment of these bearings in strong earthquakes are much larger [15-17], resulting in more
severe girder damage. Therefore, many scholars have proposed to limit the displacement
of bridges by shear keys. Wu [18] introduced a novel base-supported dual damping system,
demonstrating its capacity to mitigate the main beam’s displacement by 20-47% when sub-
jected to El Centro seismic waves. Qi [19] and Wei [20] conducted a comprehensive study
on the seismic performance of friction pendulum bearings (FPBs) under real earthquake
conditions, examining the bridge’s seismic response in light of experimental observations,
displacements, accelerations, and strains. Their experimental findings indicate that the
FPBs, when compared to traditional planar sliding bearings, exhibited reduced peak and
residual displacements along with enhanced energy dissipation capabilities. Zhuang [21]
innovatively combined the friction pendulum bearing with shape memory alloy to devise a
shock absorption device, effectively managing peak and residual displacements even under
the impact of strong earthquakes. The study’s outcomes suggest that this new seismic
isolation bearing significantly attenuates the bridge’s seismic response. However, these
advanced bearings are not without drawbacks, notably their high manufacturing costs.
Moreover, the challenge of retrofitting many existing bridges, which are already in service,
with these new bearings presents a significant barrier to improving their seismic resilience.

The rational design of a concrete shear key has long been a controversial issue, as their
role in the seismic performance of bridges is unclear and their seismic requirements are
difficult to determine accurately. Bozorgzadeh et al. [22] and Silva et al. [23] proposed a
design method in which reinforced concrete shear keys act as sacrificial elements in an
earthquake. Li Jianzhong et al. [24] rationally designed the mechanical properties of the
lateral limiter to allow the bearings to undergo large slips during strong earthquakes, and
the lateral limiting device is damaged or sacrificed, protecting the substructures, such as
the pier and foundation, from serious damage. Liu Xiaoxian et al. [25] established a finite
element model of a simply supported girder bridge to study the influence of X-shaped
elastoplastic steel shear keys on the lateral seismic response of bridge piers. Tang Zhen-
hui [26] proposed different calculation methods and conducted experimental studies for
different forms of seismic steel shear keys. Huang [27] proposed a new type of shear key
consisting of multiple X-shaped steel plates arranged in parallel. A quasi-static test showed
that this shear key exhibited good deformation ductility and stable energy dissipation.
Researchers have devised various configurations of innovative seismic stops, intended to
bolster bridges’ seismic performances by facilitating energy dissipation and employing
sacrificial components. Nonetheless, these blocks are often characterized by a relatively low
design strength. Consequently, once the block sustains damage, the plate rubber bearings
are prone to slippage, leading to an overall deficiency in the bridge system’s self-centering
capacity. Li Zhongxiong [28] established a three-dimensional analysis model considering
the slip phenomenon of plate rubber bearings and the nonlinear hysteresis characteristics
of the stopper. He analyzed the influence of the shear key parameters on the seismic perfor-
mance of the bridge, and took the pier height into consideration. In addition, Wu Gang [29]
and Song Shuai [30] studied the effects of performance degradation and bearing sliding on
bridge shear keys and piers, respectively. The notion that the support’s sliding effect and
the sacrificial nature of the concrete retaining block can significantly mitigate the seismic
forces experienced by a bridge’s substructure has been posited. However, the majority
of these seismic design strategies remain confined to the conceptual phase of seismic de-
sign. They have not been subjected to rigorous numerical analysis or empirical validation
through experimental outcomes. The degradation and damage of bearing performance
have a great influence on the lateral seismic response of the bridge. The shear key is the
last line of defense preventing the bridge from falling laterally [31-33]. However, when
an actual earthquake occurs, the bearing and the shear key are interacting. Therefore, the
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seismic isolation system composed of suitable shear keys and plate rubber bearings [34,35]
can not only limit the displacement of the superstructure but also reduce the damage of the
substructure under a certain intensity earthquake, which is also the focus of this paper.

The focus of this study is the enhancement of the seismic performance of bridges
by utilizing the limiting and deformation characteristics of shear keys to ensure that the
bearings move within an allowable range, thereby significantly improving the bridges’
capacity to withstand seismic events. Considering the compressive strength of the arch
structure and the ductility of steel, a concrete shear key integrated with an arc-shaped
steel plate was developed. Taking shear keys of various forms as the research objects, the
limiting capacities and seismic performances of the arc-shaped shear keys were studied via
shaking table tests [36]. For this purpose, a 1/12-scale, three-span continuous beam bridge
and concrete blocks of different strengths were designed. The 4 m x 4 m shaking table
at the South China University of Technology [37] was used to excite the bridge with real
ground motion. In addition, the shaking table test was effectively simulated by ANSYS.
Finally, the limiting capacity and seismic performances of bridges with different shear keys
were compared.

2. Experimental Program
2.1. Engineering Background

In this paper, a typical highway girder bridge was taken as the research object. The su-
perstructure of the bridge was a 40 m span continuous beam, and the general arrangement
is shown in Figure 1. The main girder adopts a multi-box and multi-chamber girder, which
was composed of 4 precast girders, with a calculated span of 40 m, a width of 11.75 m, and
a height of 2.0 m. The main girder was made of C50 concrete and HRB335 steel bar, and the
total weight of the single-span superstructure was about 894.6 t. The substructure was a
double-column cylindrical pier, with a pile spacing of 7.0 m in the transverse direction of
the bridge, a clear height of 22 m, and a diameter of 1.8 m. The tie girder between the piers
was 1.4 m wide and 1.6 m high. The cap girder was 1.7 m high, 2 m wide, and 11.32 m
long. The substructure adopted C30 concrete (Zhuoteda Energy, Guangzhou, China) and
HRB335 steel bar (Yimin steel processing, Guangzhou, China). A typical cross-section of the
main girder and pier is shown in Figure 1. The two abutments used GYZF4350 x 76 PTFE
sliding-plate rubber bearings (Xingin, China), and the other piers used GYZ450 x 114 plate
rubber bearings (Chunshi, China). Table 1 shows the calculation parameters for the plate
rubber bearing.

A B
’__ r_ 80,000
40,000 40,000
L—
B
2| = S
g S| Ellisg
o il 4 S
q B B
L
A
()
11,320
[ r—
g M4 =
s s g
ia== H1 =
,40( 11160
&= S HE
. 1 1260 1333 1000 4347y 1123 1338 1000 3347
T T T T T T T T 1
(b) (c)

Figure 1. Bridge geometry: (a) elevation view; (b) profile A-A; (c) section B-B (half) (unit: mm).
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Table 1. Calculation parameters for the plate rubber bearings.

Bearing Model GYZ D450 x 114 GYZF4 D350 x 76
Dynamic shear modulus (KN/m?) 1200 1200
Area (m?2) 0.152 0.0691
Total thickness of rubber layer (m) 0.082 0.053
Horizontal stiffness (KN /m) 2225 2056
Vertical stiffness (KN /m) 1,201,590 1,254,334

2.2. Design of the Bridge Model

Shaking table tests accurately reflect the dynamic responses of structures to earth-
quakes, providing an important method for assessing their seismic performances [38]. The
laboratory uses a 4 m x 4 m three-dimensional, six-degrees-of-freedom earthquake simula-
tion shaking table. The maximum load of the system is 20 t, the maximum acceleration in
the X and Y directions is 10 m/s?, the maximum acceleration in the Z direction is 20 m/s?,
and the maximum overturning moment can reach 45 ton-m. The operating frequency of
the shaking table is 0.1~50 Hz, and it can input triangular waves, random waves, simple
harmonic vibrations, and seismic waves, as shown in Figure 2.

(a) (d) (e)

Figure 2. Schematic diagram of the shaking table system: (a) shaking table; (b) displacement data acquisi-
tion system; (c) accelerometer data acquisition system; (d) accelerometer; (e) displacement transducers.

According to the model similarity ratio principle [39], the complete model of the
shaking table test should satisfy Equation (1).

Se/(SpSaS1) =1 @

Sg: Similarity ratio of the modulus of the elasticity;

Sp: Similarity ratio of the density of the material;

Sy: Similarity ratio of the acceleration;

S;: Similarity ratio of the geometric dimensions.

Considering the size of the shaking table and the prototype size and structure of the
bridge, the scale model was planned to be made according on a 1:12 scale, and the ratio S;
was 1/12. The model is made of the same material as the actual structure, and the elastic
modulus (Sg), stress (Sy), and strain (S;) were all taken as 1. Based on Equation (1), when
the acceleration scale factor is 1, the density ratio (Sp) of the model needs to be 12. In actual
situations, it is very slow in satisfying the mass—density relationship of the model’s material.
Considering that the experimental model can be added to the mass, the acceleration ratio
(Sa) was 2, and the density ratio (Sy) was 6. By determining the basic physical quantities in
Equation (1) (Table 2), a scaled model of the continuous-girder bridge was designed. The
design details of the bridge model are shown in Figure 3.
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Table 2. Structural similarity relationships of the bridge scale models.

Physical Similar .
Property Quantity Indicators Ratio Remark
G . Length S 1/12 Size control
eometric Displacement Si=5 1/12
Elastic modulus Sk 1 Material control
Mass Sy =S Si2/Sa 1/288
Material Density Sp=5Sm/ S8 6
Stress S =Sg 1
Strain S =S, /Sg 1
Point load S =5,5,2 1/144
Load .
Line load Spy=Sg5 1/12
Acceleration Sa 2 Test control
Moment Sm=SeS? 1/1728
Dynamic Period St =(S;/Sx)"/? 1/4.90
Frequency Sr= (S /Sy) 12 4.90
Power velocity Sy = (S Sa)!/? 1/4.90
Friction S, =555, 1/2 1/58.79

Since the main purpose of this paper was to study the limit and seismic resistance of
the arc-shaped shear keys, a series of simplifications was made to the original bridge type.
First, the four-box section of the main girder was simplified to a two-box section, and the
pier bearing was simplified to two. In view of the fact that only the lateral action of the
bridge and the continuity of the main girder were studied, the model selected a single span
(3334 mm), only one pier was retained, and the superstructure span adjacent to it was cut
off in the middle of the span and replaced with a sliding bearing.

The effective heights of all piers were 1833 mm, the diameters were 150 mm, and
the cross-sectional sizes of the connecting girders were 117 x 133 mm. All cap beam
cross-sectional dimensions were 142 x 167 mm, and the spans were 943 mm. The side piers
P1 and P3 were set with 50 mm thick antifalling-girder shear keys. Twenty-four bolts with
diameters of 10 mm were embedded in the middle pier, P2, to fix 4 stops, and 1 stop was
installed for every 6 bolts. Two PTFE plates (300 x 100 x 48 mm) were set up in the side
piers P1 and P3 to simulate sliding bearings [40—-42], and two plate rubber bearings with
heights of 48 mm and diameters of 100 mm were set up in the middle pier P2 for bearing
purposes. The concrete used in the main girder and piers were C50 and C30 respectively. In
order to ascertain the real performances of the test materials, axial compression tests were
carried out on a cubic concrete test block of 150 x 150 x 150 mm. The average strength of
the C30 concrete was 31.0 MPa, and the average strength of the C50 concrete was 61.8 MPa.
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Figure 3. Cont.
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Figure 3. Design details of the bridge model: (a) bridge front view; (b) base top view; (c) bridge piers;
(d) main girder; (e) tie girder and cap girder (unit: mm).

2.3. Design of the Shear Keys

Based on the purposes of “limitation” and “energy dissipation”, a new type of arc-
shaped seismic shear key is proposed. The arc-shaped shear key is composed of the
following two components: an ordinary concrete shear key and an arc-shaped steel plate,
whereby the latter is fabricated from structural steel, the compressive strength is 250 MPa,
and the tensile strength is 460 MPa. The arc part is a hollow hemispherical structure, and
the arc part and the steel plate are connected by welding. The steel plate is combined with
the concrete shear key through the connecting steel bars reserved on its reverse side to
form an arc-shaped seismic shear key. In addition, a concrete shear key with a rubber pad
was selected as a comparison to study the performance of the arc-shaped shear key on the
bridge limit and seismic resistance, and the settings of the shaking table test shear key is
shown in Figure 4.
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Figure 4. Design details of the shear key: (a) shear key size; (b) reserved holes for cap girder;
(c) rubber pad shear key; (d) arc-shaped shear key (unit: mm).

2.4. Construction and Assembly Process

The scaled model of the bridge was cast according to the drawings. In the laboratory,
the concrete surface of the strain measurement position was smoothed, and the bridge cap
and pier were placed and fixed on the shaking table. After, plate rubber bearings and PTFE
plates were placed on the middle pier and the side pier, and the main girder was placed on
the pier for bearing leveling. When the main girder was adjusted in place, the shear key
was fixed by the reserved bolts (Figure 4), and the bearing and PTFE plate were fixed with
plaster and high-strength glue. The total weight of the single span of the prototype bridge’s
superstructure was 896.4 t. According to the mass similarity constant, S, (Table 2), the total
weight of the test model’s superstructure was 3.1 t. The total weight of the superstructure
after casting was 1.6 t, so 60 counterweights (25 kg each) totaling 1.5 t need to be placed
on the main girder to better ensure the dynamic similarity of the bridge. The assembly of
the bridge model is shown in Figure 5. In the process of installing the bridge model, the
bridge substructure with the strain gauges pasted first needed to be safely hoisted onto the
shaking table by means of a gantry crane. Bolts and preset holes were then used to securely
connect the substructure to the shaker. After the substructure was stably positioned, PTFE
slide plates and rubber bearings were installed in turn, and accurate leveling was carried
out to ensure that the levelness of the structure met the experimental requirements. After
the support system was stabilized, the stops were bolted to the piers to ensure the accuracy
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and stability of their position. Next, the hoisting work of the superstructure was carried
out; in this process, it was necessary to ensure that the spacing between each stop and the
main beam was consistent and, at the same time, ensure that the support system did not
have any suspension phenomena so as to avoid affecting the experimental results. Finally,
counterweights and sensors were installed on the bridge structure to complete the overall
installation of the test model. All installation steps must be carried out in strict accordance
with the requirements of the experimental design to ensure the accuracy and reliability of
the experimental model.
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Figure 5. Installation of the bridge model on the shaking table.

2.5. Data Collection Measures

The dynamic response of the bridge model during an earthquake was measured using
strain gauges, accelerometers and displacement meters [2,6,8], as shown in Figure 6. Con-
crete strain gauges were attached to the key parts of the piers [14,19,43] in a T-shape. The
employed strain gauges were the 120-80AA model, engineered to operate effectively within
a temperature range of —20 °C to 80 °C. The substrate of these gauges was composed of
glass-fiber-reinforced epoxy, which offers a balance of strength and flexibility. The grid was
fabricated from constantan, a high-precision alloy known for its thermal stability and low
temperature coefficient of resistance. Additionally, they are characterized by a sensitivity
coefficient of 2.11 £ 1%, which is critical for accurate measurement of strain under varying
conditions. The accelerometers on the cap were used to measure the earthquake input of
the shaking table, and the accelerometers on the main girder and piers were used to obtain
the dynamic response of the bridge model during an earthquake. The employed accelerom-
eters were precision instruments manufactured by PCB, a reputable United-States-based
company. These accelerometers were designed with a robust measurement capability,
spanning a range of £50 g. They exhibit a sensitivity of 100 mV /g, indicative of their
ability to provide accurate and reliable measurements even at low levels of acceleration.
Furthermore, the dynamic data collection frequency of these accelerometers is versatile, ac-
commodating frequencies from as low as 0.5 Hz up to a high-frequency range of 10,000 Hz.
The displacement meters were installed on the main girder and cap girder to directly obtain
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the lateral displacement response of the bridge. The utilized displacement transducer is
a type of rope-actuated sensor, designed with a measurement span of 0 to 2500 mm and
boasting a linearity accuracy of £0.15%, along with a repeatability specification of 0.02%.
Data acquisition and processing are facilitated by the Dewetron data logging system, an
Austrian-engineered solution known for its precision and reliability.

Dis-G1-Y
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] Dis-CLY [~ ] [~
Acc-C1-Y Ace-P1-Y
Acc: Accelerometer
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C: Cap of pier im up
G: Girder Acc-P3-Y
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X [ J
(a) (W]

Figure 6. Arrangement of the sensors: (a) accelerometer and displacement transducers; (b) strain gauges.

For this experimental study, the prototype bridge was calibrated to a seismic forti-
fication intensity of 8 on the intensity scale, classified under category B. It is tailored to
a response spectrum with a characteristic period of 0.4 s and designed to withstand a
peak ground acceleration of 0.2 g. In consultation with the Pacific Seismological Center,
two appropriate natural seismic waveforms were identified, the El Centro and Cerro Pri-
eto waves, complemented by an artificial waveform, for use as input excitations for the
shaking table. These selections were meticulously chosen to align with the experimental
setup’s response spectrum, as illustrated in Figure 7. The El Centro wave was identi-
fied by the seismic activity triggered by the 1952 earthquake in the vicinity of El Centro,
California, which occurred on 21 July. Ranking among the most severe earthquakes of
the 20th century in Southern California, this event inflicted considerable damage to the
local built environment. In contrast, the Cerro Prieto waves represent seismic recordings
from the geothermally active region of Cerro Prieto in Mexico. This area, renowned for
its geothermal energy, remains an important site for ongoing seismic surveillance and
scholarly inquiry. Furthermore, the three selected seismic waves exhibit variations in both
duration and peak ground acceleration (PGA), necessitating scaling and peak adjustment
to meet experimental requirements. Given an acceleration similarity ratio of 2, the initial
acceleration was set to 0.4 g, with subsequent adjustments to amplitudes of 0.4 g, 0.8 g,
and 1.0 g, focusing primarily on the 0.4 g seismic wave in this study. The loadings were
applied in the Y-direction. To standardize the experimental conditions, the duration of the
loadings for the El Centro, Cerro Prieto, and artificial waves were meticulously calibrated
to 10s,12.76 s, and 10 s, respectively, utilizing the experimental loading apparatus. Under
the loading of the seismic wave with a PGA of 0.4 g, the actual peak acceleration was 0.37 g,
achieving 92.5% of the target peak value, as shown in Figure 8.
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Figure 7. Original history curves of the seismic waves: (a) El Centro; (b) Cerro Prieto; (c) artificial
wave.
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Figure 8. Shaking table seismic waves’ inputs and outputs: (a) El Centro; (b) Cerro Prieto; (c) artificial
wave.

3. Experimental Results
3.1. Experimental Phenomena

When the bridge lacked the shear key, the main girder had a large lateral displacement
under the earthquake wave with a PGA of 0.4 g, but it did not collide with the antifalling-
girder shear key. When the bridge was equipped with an arc-shaped shear key, the main
girder collided with the stop. When the shear key was a concrete shear key with a rubber
pad, the collision phenomenon of the main girder was similar to that of the arc-shaped
shear key, but when the PGA was 1.0 g, obvious cracks appeared at the middle pier cap
girder and tie girder, and no cracks appeared at the pier bottom, as shown in Figure 9. The
cracks in the tie girder were caused by the violent seismic response of the pier in the Y
direction and the excessive displacement of the pier. The cap girder was due to the fact that
there were reserved bolts embedded in the cap beam during the model’s development, and
the collision force produced a bending and shear effect on the cap girder through the bolts,
resulting in cracks. In addition, there were no cracks in either side pier. This is mainly due
to the collision force of the shear key and the restoring force of the bearing in the middle
pier, and the minimal friction force generated by the side pier due to the PTFE plate. There
was no obvious residual deformation of the piers and bearings.
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Figure 9. Crack in the bridge pier.

3.2. Structural Displacement Response

The displacement time history of the main girder is shown in Figure 10. The different
settings for the forms of the shear keys are represented by A1, A2, and A3, where Al is no
shear key, A2 is the concrete shear key with a rubber pad, and A3 is the arc-shaped shear
key. Furthermore, the seismic responses under the influence of the El Centro wave, Cerro
Prieto wave, and artificial wave are represented by El, CP, and RG, respectively.

Figure 10. Displacement time history of the main girder in the Y direction: (a) El Centro; (b) Cerro
Prieto; (c) artificial wave.

The displacement of the main girder shows the same trend under the action of the
same seismic wave. For the rubber pad shear key, the reduction rate of the main girder
displacement can reach 36.1%, 39.9%, and 29.1% in the case of El Centro, Cerro Prieto,
and artificial wave. For the arc-shaped shear key, the reduction rate of the main girder
displacement can reach 29.5%, 43.2%, and 29.0% in the case of El Centro, Cerro Prieto, and
artificial wave. This shows that the shear key can significantly reduce the displacement
of the main girder under earthquake action. In addition, the maximum displacement of
the main girder of A3 was slightly larger than that of A2. This is mainly because of two

45

40
337 .. 8 336
29.5% [} AlHE 6 30 29.1%]f e AL-RG
i i361%  ——a2m - - P! —— AZRG
52 i
£ O g 0
. g
< =-10
B4 )
B 4 a
30
. 40
0 2 4 6 8 10 12 14 16 0o 2 4 6 8 10 12
Time (s) Time (s) Time (s)
(a) (b) (o)



Buildings 2024, 14, 3060

aspects. First, the displacement of the main girder without a shear key was much larger
than that with a shear key, which means that the settings for the shear key limits the lateral
displacement of the main girder and reduces the displacement response of the main girder.
In addition, in some cases, the maximum displacement of the main girder of A3 was greater
than that of A2. This difference may be that the stiffness of the arc-shaped shear key was
relatively small, and the deformation of the arc-shaped shear key during collision was more
obvious, resulting in an increase in the maximum displacement of the main girder. The
residual displacement of the main girder with different shear keys ranged from 0.2 mm to
2.1 mm, indicating that the main girder did not return to the initial position in the end.
The displacement time history of the cap girder is shown in Figure 11. The displace-
ment time history curves of the cap girder and the main girder were similar, especially
the time at which the displacement peak occurred, which was basically the same. The
maximum displacement of the main girder was greater than the displacement of the cap
girder, which also verifies the reliability of the collected data. However, the displacement
of the cap girder without shear keys was much smaller than that of the cap girder with
shear keys. Because of the limiting effect of the shear key, the main girder collides with the
shear keys, and the collision force was transmitted to the cap girder through the shear key.
Under the action of the lateral force, the seismic response of the pier intensifies, resulting
in an increases in the displacement of the A2 and A3 cap girders. Furthermore, the El
Centro wave induced peak displacements of 33.7 mm for the main girder and 25.7 mm
for the cap girder. In contrast, the Cerro Prieto wave resulted in significantly lower peak
displacements, at 7.6 mm for the main girder and 6.3 mm for the cap girder. Similarly, the
artificial wave yielded peak displacements of 33.6 mm for the main girder and 29.9 mm
for the cap girder. This shows that the displacement responses caused by different seismic
waves are different, and the frequency of the scaled model is close to the frequency of the El
Centro and the artificial wave, and is quite different from the frequency of the Cerro Prieto.
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Figure 11. Displacement time history of the cap girder in the Y direction: (a) El Centro; (b) Cerro
Prieto; (c) artificial wave.

3.3. Acceleration Response

Under the action of Cerro Prieto, the acceleration time history of the base, main girder,
and cover girder in the Y direction of the different shear keys are shown in Figure 12. The
trend in the cap time history curve was similar to that of the seismic waves (Figure 7b).
Under the action of the bearing’s restoring force and friction force, the acceleration time
history curve trends in the main girder and the cover girder were similar for all time ranges.
After adding the shear key, the acceleration time history trend did not change, but the
peak value changed. For analytical convenience, an acceleration limit criterion of 0.1 g was
provisionally adopted. The numbers of times the main girder accelerations of A1, A2, and
A3 exceeds 0.1 g is 24, 54 and 26 respectively, and the number of times the cover girder
acceleration exceeded 0.1 g were 0, 9, and 3, respectively. It can be found that due to the
setting of the shear key, the main girder collided with the shear key, and the acceleration
response of the main girder and the cover girder increased. The acceleration time course of
the concrete shear key with a rubber pad significantly increased. This is due to the greater
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stiffness of the concrete shear key. Although the rubber pad can absorb shock, it does not
produce large deformation in the impact direction. Therefore, the collision force is still
transmitted to the shear key through the rubber pad, increasing the acceleration response
of the substructure. Conversely, the arc-shaped stop girder exhibits a reduction in peak
acceleration magnitude. This is due to the hollow design of the arc-shaped shear key, and
the collision effect between the main girder, and the shear key is weakened through the
deformation of the shear key, indicating that the arc-shaped shear key had a buffering
effect.
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Figure 12. Acceleration time history curves of different shear keys: (a) Al base; (b) Al girder; (c) Al
cap; (d) A2 base; (e) A2 girder; (f) A2 cap; (g) A3 base; (h) A3 girder; (i) A3 cap.

3.4. Strain Response

Figure 13 illustrates the maximum strain envelope curve for the pier concrete, with
T denoting tensile stress and C indicating compressive stress. The maximum strain of
the pier under different shear keys all occurs at the bottom of the pier, close to zero at 0.9
m, and the strain at the top of the pier increases again. This is attributed to the lateral
connection between the double-row piers, with the tie girder and pier forming a node,
making it difficult for large lateral displacement differences to occur in the middle of the
pier, so the strain is close to zero. The strain time history curve of the concrete at the bottom
of the pier is shown in Figure 14. The maximum strains of the concrete for the cases of Al
and A3 are 313 pe and 371 pe, respectively. In the case of A2, the maximum strain of the
concrete is 578 pe, which is 1.8 times that of A1 and 1.5 times that of A3. This is because the
rubber buffer capacity is limited, and the collision force is transmitted to the bottom of the
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pier to a great extent, causing the concrete strain to increase. The contours and extreme
values of the concrete strain time history curves of A1 and A3 are similar, but the concrete
strain of A3 is obviously greater than that of Al in the nonextreme case. This is mainly due
to the collision between the arc-shaped shear key and the main girder, which causes the
arc-shaped shear key to deform. That is, the arc-shaped shear key weakens the collision
force by deformation, and a small part of the force is transmitted to the bottom of the pier,
so the overall force increases but the peak value does not increase too much. This shows
that the arc-shaped shear key can protect the substructure of the bridge.

Figure 14. Strain time history of the concrete at the bottom of the pier: (a) Al; (b) A2; (c) A3.

4. Numerical Simulation
4.1. Finite Element Model of Bridge

According to the results of the shaking table test, the arc-shaped shear key has good
limiting and shock-absorbing performances. In order to further understand the seismic
performance of the arc-shaped shear key, a reasonable numerical simulation method is
necessary. In this section, a three-dimensional model of a scaled bridge is established by
finite element software [44,45], and the seismic performance of the shear key is verified by
comparison with the test results, as shown in Figure 15. In this study, an isotropic elastic
model was used to simulate the material properties, which determined the constitutive
relationship based on the elastic modulus and Poisson’s ratio of the material. During the
simulation, we assumed that the bridge structure did not crack during loading and that
all material behavior is in the elastic phase, i.e., the stress—strain response of the structure
follows a linear relationship and is able to fully return to its original state after unloading.
The main girder was made of C50 concrete with an elastic modulus of 35,000 MPa, a density
of 2500 kg/m?, and a Poisson’s ratio of 0.18. The substructure was made of C30 concrete
with an elastic modulus of 30,000 MPa, a density of 2300 kg/ m?3, and a Poisson’s ratio of
0.18. The sphere of the arc-shaped shear key was made of Q345 steel with a yield strength
of 345 MPa, a density of 7.89 g/cm3, and a Poisson’s ratio of 0.3. The arc-shaped shear key
is simulated by shell elements. In addition, other structures of the bridge are simulated
by three-dimensional solid elements. The mesh division is mainly based on hexahedral
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elements, and is refined in important parts such as bearings and shear keys. The contact
between the bearing and the cap girder and the main girder was binding contact. The shear
key as in binding contact with the cap girder and in friction contact with the main girder.
The dynamic coefficient was 0.1. The bottom of the shaking table moved in the Y direction.
Considering the accuracy of the calculation, the bottom of the model was fixed by remote
displacement, as follows: the displacement in the Y direction was free, the displacements
in the X and Z directions were 0, and the rotation angles in the X, Y, and Z directions were
0. The acceleration was based on the seismic wave used under the experimental conditions,
and the counterweight was applied by the load.

(b) Counterweight simulation

Pier P3 Pier P2

(c) Grid of stops (d) Grid of bearing
(a) Geometry modeling of bridge

Figure 15. Scaled model finite element model.

4.2. Numerical Model Validation

A comparison of the displacements of the main girder between the test results and the
numerical results is shown in Figure 16. It can be seen that under different seismic waves
and shear keys, the finite element results of the main girder were consistent with the test
results. However, when the duration exceeded 8 s, the fluctuation amplitude and frequency
of the finite element results gradually weakened. This difference is due to the fact that
there will be a small amount of energy loss in the numerical simulation, and the energy
input by the seismic wave cannot be fully applied to the model, so the displacement time
history of the main girder of the finite element will gradually weaken. In addition, there
is a certain deviation in the peak displacement of the main girder, and the displacement
of the main girder in the test was large. The reason is that, at the beginning of the test
plan’s formulation, the best efforts were made to follow the principle of similarity theory
to accurately scale the prototype bridge. However, due to the limited size of the shaking
table, the choice of available model materials was limited, resulting in a certain degree of
quality defects in the actual bridge model. In the dimension of time, the experimental data
and simulated data exhibited a slight temporal deviation. The output frequency of the
simulation results had a significant impact on the progress of the model calculations. To
ensure the accuracy of the results while achieving efficient computation, setting the output
frequency of the results to 50 Hz. The collection frequency of the experimental data was
200 Hz, which is much higher than the simulation output frequency, leading to a temporal
deviation between the experimental and simulated data.

In the comparative analysis of the experimental results with the finite element simula-
tion outcomes, the following peculiar phenomenon was observed: at between 8 and 10 s in
the artificial wave response, a divergence in the trend between the measured and simulated
data was identified. Specifically, within this time frame, the experimental data indicated
an increasing trend in the displacement, while the finite element results demonstrated a
decreasing trend. This discrepancy suggests that there may be a discrepancy between the
material response assumed in the simulation and the actual material response of the model.
Furthermore, during the simulation process, the counterweights applied in the experiment
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were emulated in the finite element model by applying equivalent forces, resulting in
an incomplete representation of the inertial effects of certain structural components. The
combined effects of variations in material properties, incomplete consideration of inertial
forces, and the substantial energy of the artificially input waves have led to a deviation in

the trends between the experimental observations and the finite element simulation results.

In addition, there are some factors that cannot be ignored in the test, such as the inaccurate
installation of the shear key and the main girder, and the uneven friction performance of
the rubber bearing. Nonetheless, the experimental data and the simulated data reveal a
general agreement in the overall response trend, and the correlation between the two shows
a high degree of agreement. This verifies the correctness and validity of the experimental
data and numerical simulation results and, thus, confirms the reliability of the simulation
model and the accuracy of the experimental method.
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Figure 16. Test and FEM results in main girder displacements: (a) A1-EL (b) A2-El; (c) A3-EL
(d) A1-CP; (e) A2-CP; (f) A3-CP; (g) A1-RG; (h) A2-RG; (i) A3-RG.

4.3. Comparison of Different Shear Keys

During the shaking table test, the data acquisition equipment was limited, and the rel-
ative displacement of the upper and lower surfaces of the bearing was difficult to measure.
The scaled model was restored by finite element analysis, and the relative displacement
time history of the bearing in the Y direction was obtained, as shown in Figure 17. Accord-
ing to the “Highway Bridge Seismic Design Code” (JTG/T 2231-01-2020) [43], the lateral
allowable displacement of the actual bridge bearing (Table 1) is 60 mm. According to the
scale ratio coefficient, the lateral allowable displacement of the scaled model bearing is
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5 mm. As can be seen from Figure 17, under the action of El Centro, the peak displacement
of the bearing without a shear key was 6.4 mm, and the peak displacements of the bearings
with rubber pad shear key and arc-shaped shear key were 2.94 mm and 2.96 mm, which
were reduced by 54% and 53.7%. Under the action of Cerro Prieto, the peak displacement of
the bearing without a shear key was 6.31 mm, and the peak displacements of the bearings
with rubber pad shear keys and arc-shaped shear keys were 1.28 mm and 1.55 mm, which
were reduced by 79.7% and 75.4%. Under the action of artificial waves, the displacement
peak value of the bearing without a shear key was 3.54 mm, which meets the requirements
of the specification. The displacement’s peak values for the bearing with a rubber pad
shear key and the arc-shaped shear key were 1.27 mm and 1.55 mm, which were reduced
by 64.1% and 56.2%. By comparison, it can be found that the shear key can significantly
reduce the lateral displacement of the bearing under the action of earthquake, avoiding
damage to the bearing due to excessive displacement.

—
<>

5
E 8 A1-CP—— A2-CP —— A3-CP E 4
£ £
E ¢ E3
by by
g 4 g2
£ 2 £1
2 o 20
.g‘ 2 §-1
on -4 o2
= o =
- -6 = -3
S s S
— -10 — 5 .
0 4 6 8 10 12 14 0 2 4 6 8 10 12 14 0 2 4 6 10
Time (s) Time (s) Time (s)
(a) (b) (0

Figure 17. Relative displacement time history of the bearings in the Y direction: (a) El Centro;
(b) Cerro Prieto; (c) artificial wave.

5. Conclusions

In this paper, shaking table tests were carried out on a typical highway continuous-
beam bridge according on a scale of 1/12, and a seismic excitation of 0.4 g was carried
out on the bridge equipped with different blocks under different seismic waves. Its main
girder displacement, acceleration, cap girder displacement, and pier bottom strain were
recorded and analyzed. In addition, the finite element model of the shaking table test
was established, the excitation effect of the shaking table on the bridge was simulated and
analyzed. The main conclusions are as follows:

(1) When PGA = 0.4 g, the main girder and the shear key produced obvious collision.
Because of the interaction between the shear key and the main girder, the rubber pad shear
key and the arc-shaped shear key both reduced the main girder displacement. In the cases
of the El Centro wave, Cerro Prieto wave, and artificial wave, the main girder displacement
reduction rates of the rubber pad shear key reached 36.1%, 39.9%, and 29.1%, and the main
girder’s displacement reduction rate for the arc-shaped shear key reached 29.5%, 43.2%,
and 29.0%.

(2) Under the action of the collision force between the shear key and the main girder,
the displacements of the cap girder with the rubber shear key and the arc-shaped shear key
were greater than that of the cap girder without the shear key. Compared to without the
stopper, the displacement of the cap girder with the rubber shear key was 174.8% of the
former, and the arc-shaped shear key was 168.9% of the former. Therefore, when the shear
key is used for bridge seismic resistance, the substructure’s design needs to be carried out.

(3) Because of the deformation of the arc-shaped shear key, the acceleration responses
of the main girder and the cap girder were similar to that without the stopper. However,
compared with the rubber pad shear key, the acceleration response of the main girder
was reduced by 27.8%, and the acceleration response of the cap girder was reduced by
15.4%. This shows that the arc-shaped shear key had better seismic performance than the
traditional shear key.
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(4) Under different shear keys, the maximum strain of the pier bottom concrete is
different. The maximum strains of the pier bottom with the rubber pad shear key was
578 pe, which is 1.8 times that without the stopper and 1.5 times that of the arc-shaped
shear key. The maximum strains of the pier bottom of the arc-shaped shear key and without
the stopper were close, being 1.18 times that of without the stopper. The increase in the
concrete strain at the pier bottom was caused by the interaction between the shear key and
the main girder. Because of the collision between the shear key and the main girder, the
seismic response of the substructure was amplified, which manifested as an increase in the
concrete strain at the pier bottom.

(5) The finite element method can correctly simulate the dynamic response of the
highway continuous girder, and the displacement time history of the main girder, pier
and bearing can be well reproduced through model calculation. Under the action of the
0.4 g seismic wave, due to the limiting capacity of the shear key, the relative displacement
of the bearing was less than the displacement of the bearing without a stopper, and the
reduction rate of the bearing’s displacement reached more than 50%. The goal of protecting
the bearings can, therefore, be achieved under earthquake action.

This paper observed interesting phenomena and obtained useful insights into the shear
key limit and seismic performances of highway continuous-girder bridges. Nevertheless,
the influence of different shear keys’ design parameters on the bridge limit and seismic
performance still needs further experiments for in-depth research. In addition, the impact
of the collision between the main girder and the shear key also needs to be simulated and
verified again at the energy level.
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Abstract: The structural characteristics of large-span structures inherently differ from those of
conventional multistorey structures, making it challenging to accurately describe the contribution of
various vibration modes to the overall response using traditional dynamic response analysis methods.
Based on the response spectrum method, this paper investigates the influence of the first torsional
mode on the overall effects of large-span structures. It proposes a new metric, called the torsional
mode contribution factor, to characterize the contribution of torsional modes. Focusing primarily on
single-span frames, the study explores the impact of factors such as eccentricity ratio, aspect ratio,
and roof stiffness on the torsional mode contribution factor. Additionally, the relationship between
the period ratio and the torsional mode contribution factor is examined to assess the necessity of
controlling the period ratio. The findings reveal that the contribution of torsional modes to the
overall seismic response varies significantly under different conditions, such as eccentricity ratio,
aspect ratio, roof stiffness, and torsional stiffness. The torsional mode’s contribution is minimal for
small eccentricity ratios, with the response primarily driven by translational modes. As eccentricity
increases, translational-torsional coupling becomes more pronounced, amplifying the influence
of torsional modes on the overall dynamic response. The study also highlights that increasing
roof stiffness and aspect ratios can mitigate torsional effects to a certain extent. Still, excessive
eccentricity ratios and stiffness may result in higher torsional contributions. Additionally, it is found
that increasing torsional stiffness reduces the influence of torsional modes but does not eliminate the
overall torsional deformation. The proposed torsional mode contribution factor offers an effective
way to quantify these effects, demonstrating that traditional control methods, such as period ratio
control, may not fully capture the torsional contributions.

Keywords: elastic plate bent frame structures; torsional mode; torsional mode contribution factor;
mode participation factor; period ratio

1. Introduction

Seismic damage experiences reveal that buildings experience not only horizontal and
vertical vibrations during earthquakes but also torsional vibrations [1]. Investigations
have shown that torsional response during an earthquake significantly degrades seismic
performance, leading to component failure [2] and structural damage or even collapse [3].

Key aspects of seismic design include criteria for determining structural regularity,
controlling torsion, and implementing construction measures. Seismic codes generally re-
strict structural regularity through indicators such as the drift ratio [4-7] and eccentricity [8].
Additionally, the Chinese code JGJ3-2010 “Technical Specification for Concrete Structures of
Tall Buildings” [9] specifies requirements for the period ratio (the ratio of the fundamental
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torsional period to the fundamental translational period) and uses both the period ratio
and the drift ratio as dual control indicators for the planar regularity of structures.

Noncoupled modes of a building structure are either translational or torsional, and the
corresponding noncoupled period ratio reflects the relative magnitude of lateral stiffness
and torsional stiffness [10]. However, long-span buildings are complex, with dense periods
and significant coupling between modes, resulting in coupled period ratios. In such cases,
the period ratio does not have a one-to-one correspondence with torsional stiffness [11].

Currently, the research on torsional regularity indices in seismic design primarily
focuses on rigid roofing systems such as concrete roof slabs, steel-concrete composite roof
slabs, and prestressed concrete roof slabs. The “Code for Seismic Design of Buildings” [7]
stipulates that for rigid roof slabs, horizontal loads are distributed according to the pro-
portion of equivalent stiffness of the lateral force resisting elements; for flexible roof slabs,
they are distributed according to the proportion of the representative value of gravity load
on the tributary area of the lateral force resisting elements. For semi-rigid roof slabs, the
horizontal force distribution can be taken as the average of the two distributions above the
results. Previous research has considered the impact of the rigidity of the roof slab or its
in-plane deformation on the structure. Ruggieri et al. [12] noted that, compared to rigid
roofing, flexible roofing structures have longer resonant periods, and the flexibility of the
roof significantly affects the acceleration at the top of the building and the floor response
spectrum. Sanchez et al. [13] proposed a numerical calculation method for the optimal
design of semi-rigid steel frames, considering the influence of panel stiffness by introducing
second-order effects. Ruggieri et al. [14] pointed out that the in-plane deformation stiffness
of the floor slab affects the overall behavior of the building, such as changing the torsional
coupling effect of the building, thereby affecting the force distribution on columns and
shear walls. He et al. [15] quantified the impact of in-plane stiffness on the distribution of
horizontal loads by defining the horizontal load transfer coefficient. The study explored
the relationship between in-plane stiffness, the lateral stiffness ratio of vertical elements,
and the load transfer coefficient. It defined the concept of a rigid floor slab based on the
values of the lateral stiffness ratio and load transfer coefficient.

For long-span buildings, controlling the period ratio depends on the contribution of
torsional modes to the overall structural response. If torsional modes minimally contribute
to the total effect under seismic action, controlling the period ratio will have little impact
on reducing the dynamic response. Conversely, if torsional modes significantly contribute,
examining the relationship between torsional mode contribution and the period ratio
becomes necessary to determine how to adjust the period ratio to mitigate the overall
structural response.

Several methods have been proposed to reflect the contribution of vibration modes.
Wang et al. [16] conducted modal analysis on frame structures using Ritz vectors to describe
the dynamic characteristics of the structure, pointing out that the closer the spatial distri-
bution of dynamic loads is to the mode shape, the more easily the mode is excited. Oscar
et al. [17], through nonlinear static and dynamic analysis of two 21-storey steel buildings
located in soft soil regions of Mexico City, noted that higher order modes have a significant
impact on the overall nonlinear dynamic response of the steel structures. Feng et al. [18]
proposed the mode contribution ratio as a new criterion for identifying the dominant
modes. The method is validated using 18 typical cases of single-layer reticulated domes,
demonstrating the accuracy of the mode contribution ratio in predicting seismic responses
compared to the traditional method of combining the first thirty modes. Sun et al. [19]
studied the spectral characteristics of single-layer reticulated domes, finding that higher
order modes contribute more to the structural response. Liao et al. [20], through numerical
analysis of single-layer reticulated domes, pointed out that the size of a mode’s participa-
tion factor does not necessarily correlate with its contribution to the dynamic response of
the structure. In some cases, modes with large participation factors contribute little to the
response, while modes with smaller participation factors contribute more.
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This study focuses on the contribution of the first torsional mode to the seismic
response of single-span elastic plate bent frame structures commonly found in public
buildings, introducing the torsional mode contribution factor. By examining factors such
as eccentricity, aspect ratio, and panel stiffness, the study reveals the mechanisms by
which the first torsional mode affects elastic plate bent frame structures and identifies
the lateral force resisting components significantly impacted by the torsional response.
Additionally, the study explores the relationship between the torsional mode contribution
factor and the period ratio to assess the necessity of controlling the period ratio. This
research provides valuable reference points for identifying critical structural components
in the seismic conceptual design of long-span buildings, thereby shortening the design
cycle for structural optimization or reinforcement.

2. Torsional Mode Contribution Factor
2.1. Determination of Torsional Vibration Mode

According to the Chinese code JGJ3-2010 Technical Specification for Concrete Struc-
tures of Tall Buildings [9], “The principal vibration mode of torsional coupling can be
identified by calculating the modal direction factor. When the torsional direction factor
exceeds 0.5, the mode can be considered predominantly torsional”. At present, the modal
direction factor for each mode of a structure [21] can be computed as follows:

For a linear structural system discretized into n degrees of freedom, the equation of
motion under seismic acceleration time history is g () [22]:

[M]ii 4 [Clut + [K]u = —[M]reiig(t) (1)

where M, C, and K are the mass, damping, and stiffness matrices, respectively; u is the
displacement vector of order n, and re represents the seismic direction vector.

The damping matrix C satisfies the conditions for classical damping. Therefore,
Equation (1) can be decoupled in the space spanned by the undamped modal shapes,
resulting in n independent single-degree-of-freedom equations of motion:

q;(#) 4 28iwig; () + wiqi(t) = —7iits(t) 2)

where ¢;(t) presents the generalized coordinate corresponding to the i-th undamped mode
shape ¢; (normalized with respect to the mass matrix); ¢; is the damping ratio of the i-th
mode; w; denotes the natural circular frequency of the i-th undamped mode; +; is the mode
participation factor, defined as y; = ¢! Mr, which reflects the distribution of dynamic loads
across the various modes.

The corresponding seismic force vector for the i-th order mode is:

(F); = [Klfuh = — 24 [Kig); =
, i 3
~ L2 [M)ig); = —r[MIig), ®)
The seismic force applied to j-th node by vibration i-th mode is:
Fj = —yimjg;i 4)
The base shear for the i-th order vibration pattern is:
n n 5
Vi= =) Fi="7)_ mi=vi{o}[M{I} =7 ®)
j=1 j=1

For unit seismic acceleration loads, the base shear of the entire structure is numerically
equal to the total mass of the structure in a given direction and can be expressed by the
following equation:

Fj = —m; ©)
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n n
T
V=Y F=Y m= {1 (M1} )
j=1 j=1
The mass participation coefficient of the i-th order vibration mode under seismic
action in the k-th direction is: 5
Vi

Ymi = mik (8)

where 7,,; presents the modal mass participation factor used in GB 50011-2010 [7]. The
torsional direction factor for the i-th mode can be expressed as:

_ YmT (9)
YmX + Ymy + Ymz + YmT

Xt

where v,,x, Ymy, Ymz are the modal mass participation factors in the X, Y, and Z directions
of the structure; 7,1 is the modal mass participation factor for torsional mode around
the Z axis; at is the torsional direction factor. If a7 > 0.5, the mode is determined to be a
torsional mode.

2.2. Definition of Torsional Mode Contribution Factor

The response spectrum method was used to calculate the torsional response of the
structure under coupled translational and torsional actions. The response spectrum curve
defined in the “Code for Seismic Design of Buildings” GB 50011-2010 (2016 edition) [7] is

given by:
Tg 0.9
aj = T, Kmaxg (10)

]

where Ty is the characteristic period of the site; amax is the maximum seismic influence
coefficient; g is the gravitational constant. The subscript j-th indicates the mode number.
The response spectrum curve is shown in Figure 1.
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Figure 1. Acceleration response spectrum curve.
The modal displacement due to an earthquake is given by:

Yt
U = a0
i< ajQ; (11)
]
where wj is the coupling frequency; ¢; is the modal shape vector; 7; is the participation
factor for the j-th mode, defined as v;; = (pj{M}(pjT, where {M} is the mass matrix of

the structure.
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Applying the fully quadratic combination to the modal combination of Uj, the torsional
coupling displacements under horizontal seismic action are:

m m
Us = | ) ) ol (12)
j=1k=1

where U is the displacement of the standard value of seismic action; pj is the coupling
coefficient of the j-th mode and the k-th mode, which is calculated by:

8,/CiCk(Gj + Argi) AR

122 , 2 2 1 72\)2 (13)
(1-A%) +4§]§k(1+AT))\T+4(§] +0)A%

Pjk =

where {; is the damping ratio of the mode; A7 is the ratio of the self-oscillating period of
the k-th mode and the vibration j-th mode, and the subscripts denote the ordinal numbers
of the k-th mode.

The coupling coefficient pj; of the first-order torsional vibration mode is set to zero,
and then a fully quadratic combination of U]- is performed. Under horizontal seismic action,
the displacement, excluding the torsional effect, is:

Urem = Y. Y. Uil (14)
i=1 k=1
JEG k#ke

where URgp is the displacement excluding the torsional modes, and j;, k; are the modes pri-
marily characterized by torsion. The torsional mode contribution factor can be defined as:

Cu = max{uEK_uREM} (15)
Ukk

When calculating the torsional mode contribution factor, the principal directional
displacement is extracted. For rectangular single-span frames, which typically have a
symmetric planar layout, the mode participation factors in the principal direction are
mainly contributed by the first-order translational mode and the first-order torsional mode.
The principal directional displacement, calculated using the response spectrum method,
can be considered by performing a complete quadratic combination (CQC) of the first-order
translational mode and the first-order torsional mode. According to Equations (11) and (12),
the CQC combination can be expanded as follows:

Ui = Mar
1

16
Uz = %?063903 16)

Uy = \/ o1 U + paaUsi” + 213Uy Usy (17)

where Uy, represents the principal directional displacement at node k, and Uy, and Ugy are
the principal directional displacements at node k contributed by the first-order translational
mode and the first-order torsional mode, respectively. p11, p33 and pi3 represent the
autocorrelation coupling coefficients of the principal direction mode, the torsional mode,
and the coupling between the principal direction mode and the torsional mode, respectively.
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Uk —Urem
Ugk
_ Uy 4 Usi® +2p13 U3 U — Uy
Ciuy = max v > >
VUi + Uz % +2p13 U Usy
us

U 2
1*(%) +2913UT£*1

Cuu = max{

(18)

Ciuy = max <
Usy Usy
() 2010y,

Leta = 5—?’;, then the following can be obtained:

1
Ciuy = max< 1 — 19
oy { v1+ a? + 2p13a } ( )

As the seismic response of elastic plate bent frame structures is relatively minor, more
focus should be placed on the lateral force resisting components. Thus, the connections
between these components and the roof panels are used as reference points for calculating
the torsional mode contribution factor.

2.3. Analytical Model

The study focuses on single-storey elastic plate bent frame structures with rectangular
or quasi-rectangular building plans. These structures are widely used in public buildings,
such as airport concourses and exhibition halls in convention centers. Additionally, as
shown in Table 1, rectangular plans exhibit more pronounced torsional seismic damage
under seismic action [23,24].

Table 1. Comparison of building plane failure rates under earthquake action.

Plan Shape Rectangular  L-Shaped I1-Shaped  Cross-Shaped  H-Shaped Others
Damage ratio (%) 85.0 4.0 8.5 0.05 0.15 24

Long-span buildings have complex forms, with connection methods including rigid
connections and semi-rigid connections [25]. According to the “Code for Seismic Design of
Buildings” (GB 50011-2010, 2016 edition) [7] and the “Code for Design of Steel Structures”
(GB 50017-2017) [26], a rectangular-plan elastic plate bent frame structure was designed
and analyzed, as illustrated in Figure 2. The structure is constructed using Q355B and has
isotropic material properties. The spacing between transverse columns is 24 m, with a
single span. The cross-section of all roof support columns measures 290 x 14, with a height
of 5 m. The roof load is simplified to a permanent load of 1.5 kN/m? and a live load of
0.5 kN/m?. The bottom of the support columns is rigidly connected to the ground, while
the top is hinged to the roof panel.

Figure 2. Schematic diagram of the example model.

The seismic precautionary intensity is 8 degrees (0.20 g), with a site category of type
III, Group I seismic design, a seismic influence coefficient of 0.16, and a site period of 0.45 s.
A bidirectional seismic analysis was conducted, and the results used the envelope of the
bidirectional seismic response spectrum.

The structure’s aspect ratio, ranging from 1.5 to 3, was adjusted by modifying the
number of longitudinal spans or column spacing. Roof stiffness was evaluated by varying
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panel thickness, assuming a 120 mm thick concrete slab with infinite in-plane stiffness
set at 1.00EA. In practical applications, eccentricity typically remains below 5%, but for
this analysis, the upper limit was set at 20%. Detailed parameter variations are shown in
Table 2.

Table 2. Parameters of the calculation model.

Calculation Parameters Parameter

3x12m/4 x12m/5 x 12m/6 x 12 m structures
corresponding to aspect ratios of 1.5/2/2.5/3
respectively.
1.00EA (Rigid plate, 120 mm thick concrete plate)
0.05EA (6 mm thick concrete plate)
0.01EA (1.2 mm thick concrete plate)
0.005EA (0.6 mm thick concrete plate)
Eccentricity 2%, 4%, 6%, 8%, 10%, 12%, 14%, 16%, 18%, 20%.

Longitudinal span x column spacing
(Aspect ratio 1)

Panel stiffness

The Rayleigh—Ritz method was employed to determine the vibration modes of the
structure, ensuring the accuracy of the period ratios. The rigid center of the case study was
located at the geometric center of the slab. By applying additional surface loads to specified
areas, the distribution of the floor mass was adjusted, causing the centroid to deviate from
its geometric center. This setup allowed the case study to simulate torsional effects under
different eccentricities, as illustrated in Figure 3. The additional load was a multiple of the
original structural mass 1. The calculation formula for the eccentric load is as follows:

__ 8pmy
B=1 e

where Fz; is the distributed eccentric force additionally applied to half of the side panels; e
is the eccentric distance, which is the distance between the centroid and the rigid center
within the plane of the structure; f is the eccentricity ratio, defined as the ratio of the static
eccentric distance to the main dimension of the structure; L is the main dimension of the
structure; my is the total mass of the structure; and Sy, is half the area of the roof slab.

eccentricity
Figure 3. Schematic of structural torsion.

3. Properties of Torsional Mode Contribution Factor
3.1. Torsional Mode Contribution Factor Under Different Eccentricities

The eccentricity ratio affects the vibration characteristics of building structures and
increases the torsional effect of the structure [27]. To examine the impact of the eccentricity
ratio on the torsional mode contribution factor, the example of a panel stiffness of 0.01EA is
used. Figure 4 shows the effect of the eccentricity ratio on the torsional mode contribution
factor in elastic plate bent frame structures with different aspect ratios.
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Figure 4. Impact of eccentricity on the torsional mode contribution factor.

As seen in Figure 4, for small eccentricities, the torsional mode contribution factor
increases with an increasing eccentricity ratio. However, for large eccentricities, the tor-
sional mode contribution factor decreases as the eccentricity ratio increases. This indicates
that when the eccentricity ratio is small, the torsional effect of the structure is relatively
weak, and the seismic response is dominated by translational motion. As the eccentricity
ratio increases, the center of mass and center of stiffness gradually deviate, leading to a
significant increase in the torsional effect of the structure under seismic action, and the
torsional mode contribution factor increases accordingly. According to Figure 5, when the
eccentricity increases beyond a certain point, the coupling effect between the translational
and torsional modes becomes stronger, resulting in a reduction in the mode participation
factor of the torsional mode. At the same time, the mode participation factors of the
other modes, primarily governed by the translational mode, increase, and the torsional
component of the torsional mode shifts to other modes.
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Figure 5. Torsional mass participation coefficient in torsional modes under different eccentricities.

3.2. Torsional Mode Contribution Factor Under Different Aspect Ratios

According to Clause 3 of the seismic design code GB50011-2010 Code for Seismic
Design of Buildings [7], “the dynamic characteristics of a structure should be similar
in the two principal axes”. However, in practical engineering, when the building plan
is rectangular or elliptical, the vibration periods of the two principal axes often differ
due to one axis being longer than the other, resulting in significant differences in lateral
stiffness in the two directions. To study the impact of the aspect ratio on the torsional mode
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contribution factor, the case with a panel stiffness of 0.01EA and a longitudinal column
spacing of 12 m was used, with the longitudinal length varied by changing the number of
longitudinal spans n. Figure 6 shows the influence of the aspect ratio on the torsional mode
contribution factor of elastic plate bent frame structures under different eccentricity ratios.
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Figure 6. The impact of aspect ratio on the torsional mode contribution factor (small eccentricity).

From Figure 6, it can be seen that for small eccentricity ratios, the torsional mode
contribution factor increases with an increasing aspect ratio, and the torsional mode contri-
bution factor for structures with larger aspect ratios reaches its peak earlier. This indicates
that the larger the aspect ratio, the smaller the lateral stiffness in the shorter direction,
making the structure more susceptible to torsion.

From Figure 7, it can be observed that at large eccentricities, the torsional mode
contribution factor initially increases and then decreases with the increase in eccentricity,
with structures having larger aspect ratios exhibiting this decrease earlier. The reason
is that as the aspect ratio increases, the mass distribution of the structure becomes more
uneven under the same eccentricity ratio, resulting in a larger eccentric distance. This, in
turn, enhances the coupling effect between translational and torsional modes, causing the
torsional component of the torsional mode to migrate to other modes earlier (as shown in
Figure 5), leading to a reduction in the torsional mode contribution factor earlier than in
other cases.
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Figure 7. The impact of aspect ratio on the torsional mode contribution factor (large eccentricity).
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3.3. Torsional Mode Contribution Factor Under Different Panel Stiffnesses

The roof panel, as a horizontal load transmitting system in spatial structures, coordi-
nates the work of the vertical, lateral force resisting members [28]. For example, a structure
with six longitudinal spans and a column spacing of 12 m (aspect ratio of 3) is used to
illustrate this. Figures 8 and 9 show the influence of roof panel stiffness on the torsional
mode contribution factor under different eccentricity ratios.
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Figure 8. The impact of panel stiffness on the torsional mode contribution factor (small eccentricity).
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Figure 9. The impact of panel stiffness on the torsional mode contribution factor (large eccentricity).

As shown in Figure 8, for small eccentricities with a constant eccentricity ratio, the
torsional mode contribution factor generally decreases as the panel stiffness increases. This
indicates that at small eccentricity ratios, the flexible slab provides weaker constraints on
the lower lateral force resisting members, making the structure more prone to torsion.

From Figure 9, it can be observed that for large eccentricity ratios, the torsional mode
contribution factor generally increases with increasing panel stiffness, showing an overall
inverse relationship between the torsional mode contribution factor and panel stiffness as
the eccentricity ratio increases. This suggests that at large eccentricity ratios, the mass of
the floors tends to concentrate on one side of the plane, making the translational-torsional
coupling effect more significant.

As shown in Figures 10 and 11, even though flexible slabs provide weaker constraints
on the lower lateral force resisting members at large eccentricity ratios, the translational-
torsional coupling in flexible slab structures becomes more severe. The mode participation
factors for both translational and torsional components in the torsional mode are signif-
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icantly smaller than those in rigid slab structures, resulting in a smaller torsional mode
contribution factor for flexible slabs compared to rigid slabs at large eccentricity ratios.
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Figure 10. Torsional mass participation coefficient in torsional modes under different eccentricities.
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Figure 11. Translational (Y) mass participation coefficient in torsional modes under differ-
ent eccentricities.

3.4. Torsional Mode Contribution Factor Under Different Torsional Stiffnesses

When the structure undergoes overall torsion, its members inevitably participate
in resisting torsion [29]. Taking the example of a frame structure with six longitudinal
spans and a column spacing of 12 m (aspect ratio of 3), the overall torsional stiffness of
the structure is adjusted by changing the corner column cross-section specifications to
investigate the effect of different torsional stiffnesses on the torsional mode contribution
factor. Considering the practical engineering scenario, where accidental eccentricity is often
included, the eccentricity ratio in this example is set to 6%. Figure 12 shows the influence
of torsional stiffness on the Torsional Mode Contribution Factor of elastic plate bent frame
structures with different panel stiffnesses under an eccentricity ratio of 6%.

As can be seen from Figure 12, regardless of the panel stiffness, the torsional mode
contribution factor decreases as the torsional stiffness of the structure increases (i.e., as the
corner column cross-sections increase). Furthermore, the larger the panel stiffness (as seen
in Section 3.3), the smaller the torsional mode contribution factor.
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Figure 12. Influence of torsional stiffness on the torsional mode contribution factor.

Extracting the first three translational modes of the frame structure, with corner
column cross-section specifications of 290 x 14 and an eccentricity ratio of 6% due to
accidental eccentricity, reveals that the first-order translational mode in the Y direction
exhibits a noticeable translational-torsional coupling, as shown in Figure 13.

()

Figure 13. Diagrams of the first three translational modes in the example. (a) First-order translational
mode (Y direction); (b) second-order translational mode (X direction); (c) first-order torsional mode.

Figures 14 and 15 show, respectively, the calculation of node «(Ugzy/Ujy) for the
torsional mode contribution factor under different torsional stiffnesses in elastic plate
bent frame structures with accidental eccentricity, and the coupling coefficient between
the first-order translational mode (Y direction) and the first-order torsional mode. From
Figure 14, it can be seen that o decreases as the torsional stiffness increases, indicating
that when the torsional stiffness is low, the displacement in the principal direction (Y
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direction) is mainly contributed by the first-order torsional mode. However, as the torsional
stiffness increases, the displacement contribution from the first-order translational mode
(translational-torsional coupling) increases. Figure 15 shows that the coupling coefficient
between the torsional mode and the first-order translational mode is relatively small, and
the coefficient decreases as the torsional stiffness increases.
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Figure 14. o of elastic plate bent frame structures with different torsional stiffnesses under acci-
dental eccentricity.
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Figure 15. Coupling coefficient between the first-order translational mode (Y direction) and the
first-order torsional mode in elastic plate bent frame structures with different torsional stiffnesses
under accidental eccentricity.

In summary, as the torsional stiffness increases, both « and the coupling coefficient
decrease, which, according to Equation (18), leads to a reduction in the torsional con-
tribution. This indicates that when there is eccentricity in the structure, enhancing the
structure’s torsional stiffness can mitigate the impact of torsional vibration modes, but it
cannot eliminate the structural torsional deformation. The reason is that when the frame
structure has high torsional stiffness, the displacement response in the principal direction is
mainly contributed by the first-order translational vibration mode (coupling of translation
and torsion), and the contribution of other modes to the displacement response is limited.

4. The Relationship Between Torsional Mode Contribution Factor and Period Ratio

When discussing the relationship between the period ratio and the torsional mode
contribution factor, cases where the eccentricity ratio is zero need to be excluded. This
is because, in practical engineering, it is common for structural mass and stiffness to be
distributed unevenly due to construction or usage, leading to a misalignment between the
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center of mass and the center of stiffness, making cases with an eccentricity ratio of zero
rare. Additionally, when the eccentricity ratio is zero, the structure is in a fully symmetrical
state, and the torsional effect is relatively weak or negligible. Using the example of a panel
stiffness of 0.01EA, the aspect ratio is varied by changing the number of longitudinal spans
n. Figures 16 and 17 show the relationship between the period ratio and the torsional mode
contribution factor for elastic plate bent frame structures with different aspect ratios under
varying eccentricity ratios.
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Figure 16. The relationship between the torsional mode contribution factor and period ratio under
different eccentricities (small eccentricity).
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Figure 17. The relationship between the torsional mode contribution factor and period ratio under
different eccentricities (large eccentricity).

As shown in Figure 16, for small eccentricity ratios with consistent values, the torsional
mode contribution factor is positively correlated with the period ratio. Additionally, when
the eccentricity ratio is less than 6%, the torsional mode contribution factor is generally
below 10%, indicating that the contribution of the torsional mode to the overall effect is
limited. From Figure 17, it can be observed that for large eccentricity ratios with consistent
values, the torsional mode contribution factor is not necessarily positively correlated with
the period ratio. Moreover, although the torsional mode contribution factor decreases as
the eccentricity ratio increases, it remains above 10%, indicating that the torsional mode’s
impact on the overall effect cannot be ignored.

In summary, when the eccentricity ratio is small, the contribution of the torsional
mode to the overall effect is not significant, and the dynamic response of the structure is
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mainly contributed by the first-order translational mode (translational-torsional coupling),
with limited contributions from other modes to the displacement response. Even if the
period ratio meets the code limits, it may not effectively limit the structure’s torsional effect.
On the other hand, when the eccentricity ratio is large, even if the period ratio meets the
requirements, the contribution of the torsional mode to the overall dynamic response of
the structure remains significant, which may not necessarily indicate that the structure has
sufficient torsional stiffness to resist seismic loads.

5. Application of the Torsional Mode Contribution Factor

Unlike the period ratio and the drift ratio, current calculation software cannot compute
the torsional mode contribution factor directly. The energy ratio of the structure can be
calculated through the following steps:

(1) Create a three-dimensional model simulating the dynamic behavior of the structure,
and then obtain the mass matrix and stiffness matrix of the structure using calculation
software.

(2)  Use the stiffness matrix and mass matrix to perform a response spectrum analysis of
the mode shapes. Based on Equations (4)—(9), calculate the mode direction factors to
determine the principal direction of each mode and identify the torsional modes.

(3) Set all coupling coefficients related to the torsional modes to zero according to
Equation (13).

(4) Use the complete quadratic combination (CQC) method to combine the mode dis-
placements after excluding the influence of torsional modes, thus determining the
Torsional Mode Contribution Factor.

In seismic design, most structural calculation software provides mass matrices, mode
vectors, and torsional coefficients. Therefore, designers only need to complete steps (2), (3),
and (4).

6. Conclusions

The torsional mode contribution factor proposed in this paper effectively quantifies
the contribution of torsional modes to the dynamic (displacement) response of the structure,
revealing the effects of various parameters such as eccentricity ratio, aspect ratio, and roof
panel stiffness on the contribution of torsional modes. The relationship between the period
ratio and the torsional mode contribution factor is also explored, indicating that the period
ratio may not fully reflect the torsional effect.

(1) The contribution of torsional modes to the dynamic response of the structure varies
significantly under different parameters. The proposed torsional mode contribution
factor can accurately quantify the impact of torsional modes on the overall effect of
the structure.

(2) The eccentricity ratio has a significant impact on the translational-torsional coupling
effect of the structure. For small eccentricities, the torsional mode contribution factor
increases as the eccentricity ratio increases, but once the eccentricity ratio reaches
a certain value, the torsional components of the torsional mode begin to migrate
to other modes due to the translational-torsional coupling effect. At this point, the
torsional mode contribution factor decreases with further increases in the eccentricity
ratio but remains above 20%.

(3) The torsional mode contribution factor reflects the nonuniformity of stiffness in the
two principal directions of the structure. The larger the aspect ratio, the weaker the
lateral stiffness in the shorter direction and the more prone the structure is to torsion,
resulting in a higher torsional mode contribution factor.

(4) When the eccentricity ratios are consistent and relatively small, the torsional mode
contribution factor of flexible slab structures is greater than that of rigid slab structures,
as flexible slabs provide weaker support constraints to the lower members, making
the structure more prone to torsion. For larger eccentricity ratios, although flexible
slabs provide weaker support constraints, the torsional-translational coupling effect
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in flexible slab structures becomes more pronounced, with both the torsional and
translational components of the torsional mode being smaller than in rigid slab
structures, leading to a reduction in the torsional mode contribution factor, although
it remains above 10%.

(5) When eccentricity exists in a structure, selecting an appropriate panel stiffness and
aspect ratio ensures that the contribution of torsional modes remains at a lower level.
It is not always the case that increasing panel stiffness or reducing the aspect ratio
will result in a lower torsional mode contribution during seismic response.

(6) When considering accidental eccentricity, increasing the torsional stiffness of elastic
plate bent frame structures can reduce the influence of the torsional mode. However,
at this point, the displacement response of the frame structure is mainly contributed by
translational-torsional coupling modes, so it is not possible to eliminate the torsional
response of the structure.

(7)  When the eccentricity ratio is small, although the torsional mode contribution factor
increases as the eccentricity ratio increases, it remains below 10%, indicating that
the torsional mode has a limited impact on the overall effect of the structure. In this
case, the dynamic response of the structure is mainly contributed by the first-order
translational mode (translational-torsional coupling), and controlling the period ratio
has little significance. In cases with large eccentricity ratios, where the translational-
torsional coupling is severe, the torsional mode contribution factor exceeds 10%, and
the torsional mode’s impact on the overall effect cannot be ignored. However, as the
eccentricity ratio increases, the period ratio may decrease, meaning that to meet code
requirements, the period ratio must be adjusted by increasing the eccentricity ratio,
which may, in turn, increase the dynamic response.

(8) This study explored the influence mechanisms of various parameters on the torsional
mode contribution factor. The analysis was limited to single-span, single-storey
frames, and future research could extend to more complex cases, particularly those
involving complex plans and multispan structures. Additionally, the current study
mainly focused on elastic seismic responses; future research could explore the non-
linear behavior of the torsional mode contribution factor under elastoplastic seismic
conditions to optimize seismic design further.
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Abstract: This paper focuses on the effect of soil-structure interaction (SSI) on the seismic response of
high-rise RC frame—shear wall structures under far-field long-period ground motions. Elastic-plastic
time-history analyses were performed using ABAQUS. The effects of the ground motion type, soil
type, and structural frequency on the seismic response are analyzed and quantitatively evaluated. On
this basis, the influence mechanism of SSI on the seismic response under far-field long-period ground
motions is discussed and revealed through a ground motion spectrum analysis. The results show that
the consideration of the SSI effect leads to an increase in the displacement response and a decrease in
the shear response. The SSI coefficient of the base shear is all less than 1, ranging from 0.5 to 1. The
SSI effect under far-field long-period ground motions is more pronounced than that under ordinary
ground motions. The shear force reduction in the current code may not be applicable to the structural
design considering the SSI effect under far-field long-period ground motions. The displacement
response amplification of the SSI effect on loess soil (Site 2) is more remarkable than that on sand soil
(Site 1). The SSI effect can reduce the structural frequency, especially for the structures with fewer
floors on the softer soil site. The “bimodal characteristic” of the acceleration response spectrum for
far-field long-period ground motions may lead to shear force amplification when SSI is considered.

Keywords: soil-structure interaction (SSI); far-field long-period ground motion; RC frame-shear
wall structure; seismic response characteristics; elastic—plastic time-history analysis

1. Introduction

Far-field long-period ground motions (FLPGMs) refer to the far-field ground motions
with predominant periods of 1-10 s or longer. The generation mechanism can be concluded
as large earthquakes, effective long-distance propagation, and specific sites such as sed-
imentary basins or alluvial plains [1]. Far-field long-period ground motions have been
recorded and observed in a number of devastating earthquakes in recent decades, including
the 1985 Michoacan earthquake [2], the 1999 Chi-Chi earthquake [3], the 2003 Tokachi-oki
earthquake [4], the 2011 Tohoku earthquake [5], and others. The examples of FLPGM-
related destruction showed that high-rise buildings with longer periods are susceptible
to resonance with far-field long-period ground motions, causing severe damage [6-11].
Figure 1 shows some photographs of the damage to high-rise buildings under far-field
long-period ground motions.
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Figure 1. High-rise buildings damage under far-field long-period ground motions: (a) high-rise

building collapses in Mexico City earthquake, 1985; (b) Tokyo Tower before and after East Japan
earthquake, 2011 [12]; and (c) high-rise building cracks in Wenchuan earthquake, 2008.

Soil-structure interaction (SSI) is a crucial concept in earthquake engineering that
contemplates the interplay between structures and the soil supporting them. During an
earthquake, the ground’s motion transfers to the structure through the foundation. The
structure responds according to its dynamic characteristics and the nature of the ground
movement. Subsequently, the motion of the structure affects the ground motion, resulting
in a complex interplay that is known as soil-structure interaction. High-rise buildings
on soft soils are significantly affected by SSI [13]. The SSI effect reduces the frequency of
the high-rise building structure in the soft soil site, and the period becomes longer [14].
In addition, the site soil filters out the high-frequency components in the seismic wave,
leading to an increase in the low-frequency components [15]. Coupling long-period ground
motions with the SSI effect, high-rise building structures are more prone to resonance, and
cause the amplification of the seismic response and more serious damage.

The SSI effect on structures has been extensively studied in recent years. Forcellini [14]
conducted the seismic fragility analysis on a 20-story building built on a pile foundation, taking
SSI effects into consideration. It is pointed out that SSI helps to reduce the vulnerability of the
system and the mechanisms of site amplification that are driven by SSI effects (kinematic and
inertial interaction). Bolisetti et al. [16] investigated the influence of SSI on low- to medium-rise
buildings through numerical simulations. The results show that SSSI has a negligible effect
on the global spectral accelerations of the buildings in these arrangements. Askouni et al. [17]
investigated the effect of SSI on the seismic response of ordinary asymmetric low-rise RC 3D
buildings, while considering the elastoplastic behavior of RC elements and examining not only
the global but also the detailed characteristics of the structure, such as the redistribution of the
internal seismic forces due to SSI. Fatollahpour et al. [18] investigated the effects of structure—
soil-structure interaction (SSSI) on the seismic response of two 20-story steel moment-resisting
frames equipped with tuned mass dampers (TMDs). The results reveal that the consideration
of SSSI can significantly increase the response of both structures.

However, existing studies on the effect of SSI have rarely involved the structures
under far-field long-period ground motions. Based on the previous discussion, it is clear
that there is a need for studies regarding the SSI effect on the structural response under
far-field long-period ground motions. This paper focuses on high-rise RC frame-shear wall
buildings subjected to far-field long-period ground motions. Through the elastic—plastic
time-history analyses in the ABAQUS finite element program [19], the SSI effects on the
seismic response of RC frame-shear wall structures under far-field long-period ground
motions and ordinary ground motions are compared and analyzed, by varying the soil
types (including the rigid base, sand site, and loess site) and structure periods. And the
mechanism of the SSI effect on the structural response to far-field long-period ground
motions is explored based on the ground motion spectrum analysis.
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2. Structural Modeling and Ground Motion Selection
2.1. Structural Modeling and Validation
According to the current Chinese code [20-22], three RC frame—shear wall structures

with 10, 20, and 30 stories, designated as 510, S20, and S30, were designed. The structural
plane layout diagram is shown in Figure 2.
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Figure 2. Structural plane layout diagram (unit: mm).

The first floor is 4.2 m high and the other floors are 3.3 m high. The total height of
the three structures is 33.9 m, 66.9 m, and 99.6 m, respectively. The seismic precautionary
intensity is 7 degrees, with a peak ground acceleration of 0.1 g. The structures are placed on
the piled raft foundation, with a thickness of 800 mm, a width of 800 mm, and a pile length
of 17 m. The piles were arranged in accordance with the frame columns on the structural
plane layout. There are 20 piles in the plane with a width of 18 m and a length of 24 m. The
structural load was 5 kN/m? for the dead load and 3.5 kN/m? for the live load. The design
period reduction coefficient was set at 0.8, and the structural damping ratio was set at 0.05.
The first and second floors were the shear wall strengthening areas.

The numerical simulation of the structural models was performed by ABAQUS
software [19]. Figure 3 provides the analysis models with and without considering SSI.

The frame beams and columns were modeled by B31 beam elements [23,24], which is
a Timoshenko beam that allows for transverse shear deformation. The floor slabs and shear
walls were modeled by S4R shell elements in ABAQUS, which is a 4-node, quadrilateral,
stress/displacement shell element with reduced integration and a large-strain formulation.
The concrete material was simulated by the concrete damaged plasticity (CDP) model [20].
The steel reinforcement in the beam and shell elements was defined using the Rebar
Layer command. The C3D8R solid element in ABAQUS, an 8-node linear brick reduced
integration with hourglass control, was used to model the pile, raft, and soil. A tie constraint
was applied to connect the structures above and below.

The Drucker—Prager (D-P) model [25] was used for the soil simulation. A viscoelastic
artificial boundary was added at the soil boundary using spring damping. The soil region
was set to be five times the size of the structure. For the contact interaction, the penalty
method imposing frictional constraints was applied in the tangential direction, and hard
contact was used for the normal behavior.

Sand soil and loess soil are the two different types of site soil considered in this study.
Sand soil is characterized by its large particles and gritty texture. It is one of the most
common soil types and is found in various regions around the world. Loess soil is a
type of clay soil that is widespread in semi-arid and arid regions around the world. It is
typically unsaturated and susceptible to collapse (i.e., a sudden decrease in soil volume)
upon wetting [26]. Simply put, loess soil is softer than sand soil. Detailed parameters of
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soil sites are presented in Table 1. Referring to the existing studies [27,28], the soil size was
set as 5 times the structure size to reduce the effect of infinite soil.

(d) (e) (f)

Figure 3. ABAQUS models: (a—c) 510, S20, and S30 without considering SSI; and (d—f) 510, 520, and
S30 considering SSI.

Table 1. Soil site parameters.

Site Tvoe Soil Thickness  Density  Elastic Modulus Poisson Internal Friction Shear Modulus Cohesion
yp Layer (m) (kg/m?) (MPa) Ratio Angle (°) (MPa) (MPa)

Site 1 Sand 1 6 2000 94.08 0.20 15.0 39.20 25 x 1073
(sand soil) Sand 2 6 2100 113.40 0.20 20.0 47.25 35 x 1073
Sand 3 24 2200 135.17 0.20 25.0 56.32 45 x 1073

Site 2 Loess 1 6 1830 75.50 0.31 27.1 28.80 26,5 x 1073
(loess soil) Loess 2 6 1880 66.10 0.33 20.5 24.80 255 x 1073
Loess 3 24 1980 83.70 0.30 19.5 32.20 55.5 x 1073

The existing experimental results were used to validate the numerical simulation method.

The frame modeling approaches were validated by the one-third-scale RC frame structure
shaking-table test by Bracci et al. [29,30]. Table 2 shows the modal analysis results’ comparison
of the simulation results and test results. It can be seen that the simulation error results are
all less than 5%, within a satisfactory range for model validation [31]. Figure 4 shows the
time-history results comparison of the top displacement and base shear. It can be observed in
the figures that the peak values and their occurrence time are closely aligned.
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Table 2. Modal analysis results comparison of the frame specimen.

Period (s) The First Mode The Second Mode The Third Mode
Test results 0.568 0.188 0.127
ABAQUS results 0.575 0.179 0.123
Error (%) 1.2% 4.8% 3.1%
= 30 -
A Modeling results Modeling results
: —— Test results N 20+ Lo t 1 Test results
. < w0} |
[ ky
al 8 0 ) \'%‘
SN V‘ ': | )
7}
o -10F
7
= <
‘ M 20}
- 1 i 1 i 1 i 1 i 1 i =30 . 1 . . .
0 5 10 15 20 25 30 0 5 10 15 20 25 30
Time (s) Time (s)
(a) (b)

Figure 4. Validation of the frame modeling approach: (a) top displacement comparison of the frame
specimen; and (b) base shear force comparison of the frame specimen.

The shear wall modeling approaches were validated using the SW2-1 specimen from
the low-cycle repeated shear wall loading tests by Zhang et al. [32]. Figure 5 shows the
comparison of hysteresis curves. It can be observed that the simulation results show a

good agreement with the test results in the shape of hysteresis curves and the maximum
load-bearing capacity.
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Figure 5. Validation of the shear wall modeling approach.

The SSI modeling approaches were validated by the shaking-table test of the regular
steel moment-resisting frame considering SSI performed by Li et al. [33]. The comparison
of the bottom acceleration results is shown in Figure 6. The simulation results basically
agree with the test results. The peak acceleration during the test was 1.18 m/s?, while the
simulation result was 1.157 m/s2, with a small error of 1.93%.

In conclusion, with an acceptable range of accuracy, the proposed finite element
modeling approaches were reasonable for predicting the seismic behavior of RC frame-
shear wall structures with and without considering the SSI effect.
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Figure 6. Validation of the modeling approach of structure considering SSI.

2.2. Ground Motion Selection and Amplitude Modulation

The seismic event parameter M,,-R [34-36] is used to choose the earthquake event.

Combined with the generation mechanism, far-field long-period ground motions can be
characterized by the site condition, long epicentral distance, long-period content on the
response spectrum, “harmonic-like” cycles (amplified surface waves) on the acceleration
time-history record, and so on. Using Li’s categorization criteria (long-period: f; > 0.4) [37]
as the quantitative condition, the far-field long-period ground motion record selection is
based on visual inspection and subjective evaluation. Twenty commonly used ordinary
ground motion (OGM) and twenty far-field long-period ground motion records from the
1999 Chi-Chi earthquake (M,, 7.6) were selected. Chi-Chi earthquake data are from the
PEER NGA-West 2 database (http://ngawest2.berkeley.edu/). Detailed information on the
selected far-field long-period ground motion records and ordinary ground motions is given
in Tables 3 and 4, respectively. The average acceleration response spectrum of two types of
ground motions was compared with the code spectrum, as shown in Figure 7. It can be
seen that far-field long-period ground motions have distinct low-frequency characteristics
compared to ordinary ground motions.

Table 3. Basic information of selected far-field long-period ground motion records.

Number Station-Component Epicentral Site PGA PGV PGD Recording
Distance (km) Condition (cm/s?) (cm/s) (cm) Duration (s)
1 CHY002-EW 43.97 E 108.18 42.81 38.29 150.00
2 CHY004-NS 71.63 E 93.46 14.73 15.84 150.00
3 CHYO016-NS 97.59 E 104.73 16.31 15.35 150.00
4 CHY076-EW 63.53 E 61.07 23.08 20.66 90.00
5 CHY093-EW 71.92 E 52.73 19.94 15.10 150.00
6 CHY093-NS 71.92 E 64.52 14.37 17.48 150.00
7 ILA003-NS 143.65 E 63.17 19.11 11.27 134.00
8 ILAO05-NS 137.44 D 78.81 15.63 11.60 171.00
9 ILAO055-NS 140.81 E 68.04 23.34 20.89 203.00
10 ILA059-NS 136.25 E 57.33 11.48 12.52 153.00
11 TCUO031-NS 80.09 D 104.32 46.95 28.11 90.00
12 CHY082-NS 55.03 E 61.01 20.94 24.75 90.00
13 ILAO030-NS 136.15 E 69.92 18.67 10.10 90.00
14 1LA032-NS 133.67 D 39.65 8.64 2.40 89.01
15 ILA042-NS 135.89 E 57.79 12.88 10.71 90.00
16 TAP012-EW 151.24 E 60.14 19.11 14.59 127.00
17 TCUO010-EW 132.38 C 74.86 33.20 41.06 90.00
18 TCU117-EW 48.33 E 97.98 43.52 33.80 90.00
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Table 3. Cont.

Number Station-Component Epicentral Site PGA PGV PGD Recording
Distance (km) Condition (cm/s?) (cm/s) (cm) Duration (s)
19 TCU118-EW 43.76 E 65.92 27.18 22.43 90.00
20 TCU118-NS 43.76 E 88.55 29.40 30.06 90.00
Table 4. Basic information of selected ordinary ground motion records.
. Epicentral Site PGA PGV PGD Recordin
Number Station-Component Disrt)ance (km) Condition (cm/s?) (cm/s) (cm) Duration (gs)
1 COALINGA 23.80 B 91.72 4.96 1.92 39.94
2 TIAN]JIN-NS 31.60 C 145.8 26.44 5.21 19.19
3 ELC270 12.98 D 233.49 31.30 18.45 40.00
4 EL-centro 12.98 D 293.42 31.39 21.17 31.02
5 TAFT 38.40 C 175.90 16.97 8.04 54.18
6 TABS 11.80 B 179.35 11.70 5.31 23.78
7 KOBE 22.50 C 241.98 18.74 6.36 40.94
8 ELC180 26.20 C 306.62 29.33 13.17 39.94
9 GRA074 31.20 C 64.88 7.08 13.14 39.94
10 CHALFANTB-BEN270 18.3 C 58.88 3.02 1.05 17.56
11 KERN-COUNTY 42.30 C 174.24 17.86 11.69 54.14
12 NORTHRIDGE 19.60 C 341.42 28.59 11.79 29.94
13 PETROLIA 25.80 B 578.14 39.79 38.01 59.82
14 SANTA-MONICA 17.30 B 362.62 25.33 31.70 59.82
15 SMART133007EW 54.20 C 56.34 2.82 0.85 15.64
16 WHITTIER-NARROWS 23.10 B 214.47 8.93 1.66 39.96
17 CHY036-EW 16.04 C 266.36 40.66 14.99 89.00
18 CHY042-EW 27.47 D 97.54 14.79 12.53 89.00
19 HWA022-EW 58.76 C 118.68 14.22 12.02 76.00
20 HWA022-NS 63.21 C 80.26 10.89 14.42 120.00
100
Code spetrum
Average value of OGM
80 Average value of FLPGM

D
(=)

N
()
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Figure 7. The acceleration spectrum comparison of the code spectrum, and the average spectrum of
20 records for both ordinary ground motion (OGM) and far-field long-period ground motion (FLPGM).

All ground motion records have been carefully checked for baseline correction and
filtering. According to the designed seismic precautionary intensity of the structures,
the peak accelerations of 20 far-field long-period and 20 ordinary ground motions were
adjusted to 35 gal, 100 gal, and 220 gal, respectively. The structural seismic response under

frequent, design-based, and rare earthquake levels was then compared and analyzed.
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3. Seismic Response of RC Frame—-Shear Wall Structures Considering SSI

This part conducts a comparative analysis of the seismic response of RC frame-shear
wall structures (510, S20, and S30) subjected to far-field long-period ground motions and
ordinary ground motions, considering the SSI effect of sand soil (Site 1) and loess soil
(Site 2). The influence of both ground motion types and soil types on the structural seismic
response considering SSI is presented. The results shown below are all the average values
of 20 ground motion records.

3.1. Floor Displacement

Figure 8 shows the floor displacement response considering SSI under two types of
ground motions for the structures on sand soil (Site 1).
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Figure 8. Floor displacement response considering SSI under two types of ground motions for the
structures on sand soil (Site 1): (a) S10; (b) S20; and (c) S30.

It can be observed from Figure 8 that, as the natural vibration period of the structure
increases, the floor displacement also increases. For the S10 structure, the displacement
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follows an approximately straight line along the floors, whereas the S30 structure shows a
slight bending, although the displacement still increases monotonically under earthquakes.
This bending trend in the floor displacement is more pronounced for S30 under far-field
long-period ground motion. The floor displacement under far-field long-period ground
motions is significantly larger than that under ordinary ground motions at the same PGA
level. The unfavorable impact of far-field long-period ground motions on structures with
longer periods is more pronounced, both with and without the SSI effect.

Figure 9 shows the floor displacement under two types of ground motion for the
structures on loess soil (Site 2).
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Figure 9. Comparison of structural floor displacement under two types of ground motions for the
structures on loess soil (Site 2): (a) S10; (b) S20; and (c) S30.

It can be seen in Figure 9 that the floor displacement increases progressively as the PGA
increases. For the 520 and S30 structures, the floor displacement at 220 gal is significantly
greater than that at other PGA levels. For high-rise building structures, coupling the effect
of far-field long-period ground motions and soil-structure interaction, resonance is prone to
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occur, resulting in the amplification of the displacement. This can be attributed to the low-
frequency characteristics of far-field long-period ground motions and the structural period
extension considering SSI. Comparing Figures 8 and 9, it can be seen that the SSI effect is
more pronounced on loess soil (Site 2) than on sand soil (Site 1). And the displacement
amplification is aggravated, especially for the longer-period structures subjected to far-field
long-period ground motions with a high PGA.

3.2. Inter-Story Drift Ratio

The comparison of the inter-story drift ratio of the structures on sand soil (Site 1)
considering SSI under two types of ground motions is shown in Figure 10. According to
the China Code [21,22], the maximum inter-story drift ratio for RC frame-wall structures
should not exceed 1/800 and 1/100 when subjected to seismic action with a PGA of
35 gal and 220 gal, respectively, corresponding to the seismic precautionary objectives of
“no-damage” and “no-collapse.” The limitation is indicated in Figure 10.
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Figure 10. Inter-story drift ratio response considering SSI under two types of ground motions for the
structures on sand soil (Site 1): (a) S10; (b) S20; and (c) S30.
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It can be seen from Figure 10 that the structural deformation under far-field long-
period ground motions is more pronounced than that under ordinary ground motions,
with a larger value of the inter-story drift ratio. For the S20 structure on Site 1 under
far-field long-period ground motions with a PGA of 35 gal, the maximum inter-story drift
ratio exceeds the 1/800 elastic limit, presenting a potential risk for seismic safety. The
drift amplification of far-field long-period ground motions is aggravated as the PGA and
structural period increases. The SSI makes the inter-story drift ratio curve irregular. As
the PGA decreases, the deformation reduces. The inter-story drift ratio curves under
ground motions with different PGA levels have a similar shape. The SSI effect amplifies the
inter-story drift ratio, and the amplification becomes more significant as the PGA increases.

Figure 11 shows the comparison of the inter-story drift ratio of RC frame-shear wall
structures on loess soil (Site 2) under two types of ground motions.
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Figure 11. Comparison of inter-story drift ratio under two types of ground motions for the structures
on loess soil (Site 2): (a) S10; (b) S20; and (c) S30.

It can be inferred from Figure 11 that, as the PGA and the structural period increase,
the maximum inter-story drift ratio also grows. The most significant increase in the inter-
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story drift ratio occurs at the bottom of the structure when the PGA is 220 gal, with the
S30 structure showing a much greater rise compared to the 520 and S10 structures. On
Site 2 conditions, the inter-story drift ratio under far-field long-period ground motions is
noticeably larger than that under ordinary ground motions, while the maximum inter-story
drift ratio of the structure has a smaller value. In the 520 and S30 structures, the inter-story
drift ratio at a PGA of 100 gal is even greater than that at 220 gal in the lower parts of
the structure. For the S30 structure on Site 2 under far-field long-period ground motions
with a PGA of 35 gal, the maximum inter-story drift ratio exceeds the 1/800 elastic limit.
Compared with Figure 10c, it can be inferred that the SSI effect on the seismic response to
far-field long-period ground motions is more significant for the longer-period structures on
the softer soil site.

3.3. Floor Shear

Figure 12 shows the floor shear forces considering SSI under two types of ground
motions for the structures on sand soil (Site 1).
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Figure 12. Floor shear force response considering SSI under two types of ground motions for the
structures on sand soil (Site 1): (a) S10; (b) S20; and (c) S30.
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As shown in Figure 12, the SSI effect has a greater influence on the force response
of high-rise buildings with longer periods. Considering the SSI effect, the floor shear
force decreases remarkably. The shear force under far-field long-period ground motions
is greater than that under ordinary ground motions, especially for long-period structures.
When the PGA is 220 gal, the floor shear force of the S20 and S30 structures increases at
individual floors, resulting in less smooth curves than those of the S10 structure.

The comparison of the floor shear force under two types of ground motions for the
structures on Site 2 is plotted in Figure 13.
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Figure 13. Comparison of structural floor shear force under two types of ground motions for the
structures on loess soil (Site 2): (a) S10; (b) S20; and (c) S30.

As shown in Figure 13, the shear force in the lower floors increases progressively with
the increase in PGA and the structural period, which shows a “convex up and concave
down” trend. The shear force is largest at the bottom floor and smallest at the top. For the
520 and S30 structures under far-field long-period ground motions, the shear force exhibits
a remarkable increase when the PGA increases from 35 gal to 100 gal. The shear force at
100 gal is significantly greater than that under ordinary ground motions at 220 gal.

84



Buildings 2024, 14, 3796

3.4. Base Shear

The base shear response of the structures on sand soil considering SSI under 20 OGMs
and 20 FLPGMs is compared in Figure 14.
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Figure 14. Base shear distribution considering SSI under two types of ground motions for the
structures on sand soil (Site 1): (a) S10; (b) S20; and (c) S30.

It can be observed from Figure 14 that the base shear force considering SSI under
far-field long-period ground motions is significantly greater than that under ordinary
ground motions. The base shear force increases with the increase both in the PGA and the
structural period. Ata PGA of 220 gal, the base shear force of the S30 structure is more
than twice that of the S10 structure. The base shear distribution is more concentrated at the
lower PGA level. The distribution differences between the base shear under two types of
ground motions increase with PGA.

The base shear force distribution of RC frame-shear wall structures on Site 2 under
the selected ground motions is presented in Figure 15.
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Figure 15. Base shear force distribution under two types of ground motions for the structures on

loess soil (Site 2): (a) S10; (b) S20; and (c) S30.

For the 510 structure, the maximum value of the base shear under two types of
ground motions shows little difference. For the 520 and S30 structures, far-field long-period
ground motions exhibit an obvious increase in the base shear compared to ordinary ground
motions. Under ordinary ground motions, the base shear on loess soil has a small value
and concentrated distribution than that on sand soil (Figure 14).

3.5. The Influence of Structural Frequency—Feature on Seismic Response Considering SSI Effect

Three site conditions are considered in this study, including the rigid base, sand soil,
and loess soil. The frequencies of the S10, S20, and S30 structures on the different site
conditions are listed in Table 5. As indicated in Table 3, the first mode is in the x-direction,

the second mode is in the y-direction, and the third mode is the torsion.
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Table 5. Structural frequency—feature under different site conditions.

S10 Structure S20 Structure S30 Structure

Structural Frequency (Hz)  piiiBase  Site1  Site2  RigidBase  Sitel  Site2  RigidBase  Sitel  Site2

First mode 1.76305 0.66637  0.55244 0.84460 057687 051871 0.48345 0.32837  0.29859
(x-direction)
Second mode 1.76523 0.66641  0.55249 0.90861 0.63525  0.55103 0.53590 0.37670  0.34329
(y-direction)

T}(‘tléfsf;g;ie 2.98240 0.66646  0.55354 1.44100 0.66193  0.55136 0.89475 0.66194  0.55103

As shown in Table 5, considering the SSI effect causes a significant decrease in the
natural frequency of the structures. The structural frequency reduction on the loess soil
(Site 2) is more obvious than that on the sand soil (Site 1). Comparing three structures with
different floors, S10 presents the most significant frequency reduction. Take the first mode
(x-direction) on Site 1 as an example: S10 presents a 62.2% reduction from 1.73605 Hz to
0.66637 Hz, while S20 and S30 present 31.7% and 32.1% reduction, respectively. Therefore,
it can be concluded that the frequency reduction becomes more significant as the number
of floors decreases.

In conclusion, the SSI effect can reduce the structural frequency, especially for the
structures with lower number of floors on the softer soil site. The decrease in structural
frequency results in the increase in structural period. This is unfavorable for the structures
under far-field long-period ground motions.

4. Influence Mechanism of SSI on Structural Seismic Response
4.1. Quantitative Analysis of the SSI Effect on Structural Seismic Response

The SSIinfluence coefficient is proposed in this study to quantify the effect of SSI on the
seismic response under far-field long-period ground motions. First, the amplification factor
of the SSI effect on the seismic response is obtained; then, the response under two types of
ground motions is compared. There are two sets of variable parameters in the coefficient,
including whether or not to consider the SSI effect and the types of ground motions. The SSI
effect on the seismic response is compared to that on the rigid base, for far-field long-period
and ordinary ground motions, respectively. The two are then compared to obtain the
influence coefficient. The calculation equations are given below:

USSLFLPGM / URigid, FLP.GM

1ss1,0GM / URigid, OGM
Bss1,FLPGM / ORigid FLP.GM @
e pr—
Bss1,06M / ORigid, 0GM

 VssiepaMm/ VRigid FLPGM

Vssi,oom/ VRigid,oom ®
where ap, ag, and ay are the SSI influence coefficient of the floor displacement, inter-story
drift ratio, and floor shear, respectively; and u, 6, and V are the lateral displacement,
inter-story drift ratio, and shear force of the structures, respectively.

When the SSI influence coefficient is greater than 1, it means the SSI effect on the
seismic response under far-field long-period ground motions is more pronounced than that
under ordinary ground motions. When the coefficient is less than 1, the opposite is true.

4.1.1. SSI Influence Coefficient of Floor Displacement

Figure 16 shows the SSI influence coefficient of the floor displacement (x5) of the
structures on two types of site soil.

It can be seen that, for the structures with different periods, the SSI influence coefficient
presents various trends under different PGA levels. For the S10 structure, the SSI coefficient
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10

at 35 gal is less than 1, while that at 100 gal and 220 gal is both larger than 1. For the S20
structure on loess soil (Site 2), when the PGA is 220 gal, the SSI influence coefficient of the
floor displacement is remarkably greater than 1. A similar phenomenon occurred at a PGA
of 100 gal for the S30 structures. In this case, the SSI effect under far-field ground motions
is more aggravated than that under ordinary ground motions. The SSI influence coefficient
on Site 2 is noticeably larger than that on Site 1, highlighting the significant impact of the

foundation soil type on the SSI effect.
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Figure 16. SSI influence coefficient of floor displacement under two types of site condition: (a) S10;

(b) S20; and (c) S30.
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10

4.1.2. SSI Influence Coefficient of Inter-Story Drift Ratio
The SSI influence coefficient of the inter-story drift ratio of the structures on two types

of site conditions is displayed in Figure 17.
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Figure 17. SSI influence coefficient of inter-story drift ratio under two types of site condition: (a) S10;

(b) S20; and (c) S30.

It can be observed from Figure 17 that the SSI effect on the inter-story drift ratio is generally
consistent with that on floor displacement. The SSI effect on the deformation response of the
structures with different periods exhibits distinct trends. The SSI influence coefficient on
Site 2 is significantly higher than on Site 1, with the bottom floors of the structure being more
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affected. This suggests that far-field long-period ground motion has a more pronounced impact
on the lower parts of the structure which plays a critical role under earthquakes.

4.1.3. SSI Influence Coefficient of Floor Shear

Figure 18 gives the SSI influence coefficient of the floor shear force (ay) on two types
of site conditions.
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Figure 18. SSI Influence coefficient of floor shear force under two types of site condition: (a) S10;
(b) S20; and (c) S30.

For the S10 structures, the SSI influence coefficient of the floor shear is all greater than 1.
This indicates that, for the structures with shorter periods, the SSI effect on the floor shear
under far-field long-period ground motions is more significant than that under ordinary
ground motions. The SSI influence coefficient of the upper structures is greater than that of
the middle and bottom parts. For the S20 and S30 structures, the SSI influence coefficient of
the floor shear force (ay) is greater than 1 when the PGA is 100 gal and 220 gal. That is to say,
for the structures with longer periods, the SSI effect on the floor shear is aggravated when
subjected to the far-field long-period ground motions with higher PGA levels.

90



Buildings 2024, 14, 3796

4.2. SSI Effect on the Maximum Response Under Far-Field Long-Period Ground Motions

The SSI effect on the maximum seismic response is evaluated by comparing it to
the seismic response on the rigid base. It concludes the SSI effect on the base shear, top
displacement, and the maximum inter-story drift ratio. The corresponding influence

coefficients are defined as By, Ba, and Bg, shown as below, respectively:

~ Vssimax
ﬁ A\ V

Rigidity,max

o USST, max
e,
Z’lRigidity,max

o GSSI,max
Po=g———
Rigidity,max

4)
©)

(6)

where By, Ba, and Bg are the SSI influence coefficient of the maximum value of structural

shear force, top displacement, and inter-story drift ratio, respectively.

It can be observed in Equations (4)—(6) that the SSI coefficient is greater than 1, indicating
that the consideration of the SSI effect will result in an increase in seismic response. An SSI
coefficient less than 1 indicates that the SSI effect will reduce the seismic response. The SSI
influence coefficients of the maximum seismic response on two site conditions under far-field
long-period and ordinary ground motions with different PGA levels are plotted in Figure 19.
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Figure 19. SSI influence coefficient of the maximum structural response under two types of ground

motions: (a) PGA = 35 gal; (b) PGA =100 gal; and (c) PGA =220 gal.
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It is evident in Figure 19 that the SSI coefficients of the base shear are all less than 1,
while those of the top displacement and the maximum inter-story drift ratio are all greater
than 1 (less than 3). This means that the consideration of SSI causes the decrease in the base
shear and the increase in the displacement response. Comparing the results on two site
conditions, the SSI influence coefficient of the base shear on the loess site is all less than
that on sand soil, while, for the displacement response, the SSI influence coefficient on the
loess site is all greater than that on sand soil. The SSI coefficient of the base shear is all
less than 1, ranging from 0.5 to 1. Therefore, it can be concluded that loess soil has a more
remarkable effect on the seismic response than sand soil for both types of ground motions.

4.3. Influence Mechanism of Far-Field Long-Period Ground Motions on Structural Response

A previous study [38] has pointed out that far-field long-period ground motions
have a relatively smaller value of PGA but a higher value of PGV, PGD, PGV /PGA, and
PGD/PGA than ordinary ground motions, and exhibit long-duration and low-frequency
characteristics in their time history. When the structural period exceeds 1 s, the velocity and
displacement spectral values of far-field long-period ground motions are higher than those
of ordinary ground motions. The acceleration response spectrum of far-field long-period
ground motions presents “bimodal characteristics” with a second peak appearing when
the period is between 4 s and 7 s [39], as shown in Figure 20.
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Figure 20. The standard acceleration response spectra of far-field long-period ground motion [38].

As mentioned above, the SSI effect reduces the structural frequency. The site soil
filters out the high-frequency components in the seismic wave, leading to an increase
in the low-frequency components. The structures considering the SSI effect are prone
to resonance with far-field long-period ground motions at the second peak. Coupling
long-period ground motions with the SSI effect, high-rise building structures are more
prone to aggravated seismic damage.

The simplified model of the acceleration response spectrum for far-field long-period
ground motions and ordinary ground motions is shown in Figure 21.

According to the different trends over the period, the acceleration response spectrum
can be divided into five parts. When the period is less than 0.1 s, the curves for both types
of ground motions are in the rising stage. When the period is in the range of 0.1 s to the
structural period Tg, both curves remain at their peak values. In the period range of Tg to
Ty, the acceleration response spectra of both ground motions are in the descending stage.
Between the periods of T1 and T, the acceleration response of ordinary ground motions
continues to decrease, while that of far-field long-period ground motions starts to increase
to the second peak. As for the period ranges from T, to 6 s, both types of ground motions
exhibit a declining trend.
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Figure 21. Simplified model of acceleration response spectrum for two types of ground motions:
(a) far-field long-period ground motions; and (b) ordinary ground motions.

When the SSI effect extends the structural period, according to the acceleration response
spectrum of far-field long-period and ordinary ground motions, the following may occur:

Case 1: The structural period is located in region I, where the acceleration response
spectra for two types of ground motions are both rising, and By values are greater than 1,

as shown in Figure 22.

—— LPGMs — OGMs
O O Considering SSI

Saf @ ® Without considering SSI
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- - Lo=—
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Figure 22. Schematic diagram of Case 1.

Case 2: The structural period is located in region II, where the spectral curves for
two types of ground motions show a distinct trend, resulting in the long-period ground
motion having By values greater than 1, while the ordinary ground motions have By values

less than 1, as shown in Figure 23.
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Figure 23. Schematic diagram of Case 2.
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Case 3: The structural period is located in region III, where both spectra show a
downward trend, and By values are less than 1, as shown in Figure 24.

—— LPGMs = OGMs
0 © Considering SSI

Sa @ ® Without considering SSI

1 m vV

0 Ti T T(s)
Figure 24. Schematic diagram of Case 3.

Case 4: With the structural period located in region Il and the period considering SSI
located in region IV, the spectrum curve for ordinary ground motions continues to decline;
that for far-field long-period ground motions rises, but the spectrum value is still less than
that in region III; By values are both less than 1, as shown in Figure 25.

~—— LPGMs = OGMs
0 O Considering SSI
S"‘ ® ® Without considering SSI

10 ) [ 11 vV i Vv

0 V4l 12 1(s)
Figure 25. Schematic diagram of Case 4.
Case 5: The structural period is located in region IV, where the curve for long-period

ground motions rises with By values greater than 1, while that for ordinary ground motions
falls with By values less than 1, as shown in Figure 26.
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Figure 26. Schematic diagram of Case 5.

94



Buildings 2024, 14, 3796

Case 6: The structural period is located in region V, where both spectral curves descend,
and By values are less than 1, as shown in Figure 27.

—— LPGMs =— OGMs
. O O Considering SSI
‘s"‘ @ ® Without considering SSI

I 11 mr v | Vv
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Figure 27. Schematic diagram of Case 6.

For the 510, S20, and S30 structures in this study, the structural periods with and
without considering the SSI effect are all located in the descending region of the acceleration
response spectra for both far-field long-period and ordinary ground motions, resulting SSI
influence coefficients of the base shear (By) are less than 1.

5. Conclusions

In this paper, ABAQUS was employed to conduct numerical simulations aimed at
studying the influence of SSI on the seismic response of RC frame-shear wall structures
under far-field long-period ground motions. Three sets of various parameters are discussed,
including ground motion types (far-field long-period and ordinary ground motions); site
conditions (rigid base, sand soil, and loess soil); and structural period (the 510, S20, and
S30 structures). Then, the mechanism of the SSI effect on the structural response to far-field
long-period ground motions is explored based on the ground motion spectrum analysis.
The main conclusions are as follows:

(1) The SSI effect increases the floor displacement and the maximum inter-story drift ratio.
The displacement amplification is aggravated for the longer-period structures subjected to
far-field long-period ground motions with a high PGA. The unfavorable impact of far-field
long-period ground motions on structures with longer periods is more pronounced, both
with and without the SSI effect. This can be attributed to the resonance motivated by the
coupling of far-field long-period ground motions with the SSI effect.

(2) Considering the SSI effect, the floor shear force decreases. The SSI effect has a greater
influence on the force response of high-rise buildings with longer periods. In the
current code, the SSI effect is considered by reducing the designed shear force on the
assumed rigid base. As a result, the structures are designed with reduced resistance.
However, the SSI effect amplifies the displacement response, especially for the longer-
period structures on softer soil under the strong far-field long-period ground motions.
This is unfavorable for the seismic safety and resilience. That is to say, shear force
reduction may not be applicable to the structural design considering the SSI effect
under far-field long-period ground motions.

(3) Loess soil (Site 2) has a more remarkable effect on the seismic response than sand
soil (Site 1) for both far-field long-period and ordinary ground motions. Due to
the low-frequency characteristics of far-field long-period ground motions and the
structural period extension considering SSI, the resonance at the softer soil site is
more pronounced.
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(4) The SSI effect can reduce the structural frequency, especially for the structures with a
lower number of floors on the softer soil site. The decrease in the structural frequency
means an increase in the structural period. This is unfavorable for the structures under
far-field long-period ground motions.

(5) The SSI influence coefficients of the base shear on two site conditions under far-
field long-period and ordinary ground motions with different PGA levels are all less
than 1 (ranging from 0.5 to 1), while those of the top displacement and the maximum
inter-story drift ratio are all greater than 1 (less than 3). The SSI has a beneficial effect
on the base shear, but an unfavorable effect on the top displacement and the maximum
inter-story drift ratio. The “bimodal characteristics” of the acceleration response
spectrum for far-field long-period ground motions make it possible for the structure
to have an SSI influence coefficient of the base shear By greater than 1.

Future investigations are necessary to validate the conclusions that can be generalized to
all situations. More structure types, structural plane layout, soil types, ground motion types
(i.e., near-fault long-period ground motions), etc. need to be considered in the further analysis.
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Abstract: The individual effects of the main reinforcement corrosion and stirrup corrosion on the axial
compressive behavior of reinforced concrete (RC) columns were evaluated through axial compression
tests on 10 full-scale short columns. The primary experimental parameters were the corrosion location
and the corrosion ratio of the steel bar. The electrochemical accelerated corrosion method was applied
on nine of the columns, including three columns corroded in the main reinforcement, three columns
corroded in the stirrup, and three columns corroded in both the main reinforcement and stirrup.
The full-field displacement of the column and strain of concrete were evaluated using a non-contact
3D-DIC (digital image correlation) technique. The results indicated that, with the increase in the
main reinforcement corrosion ratio, the width of the longitudinal corrosion crack increased. The
transverse corrosion cracks appeared when the stirrup corrosion ratio is larger than 8%, and the
increase in stirrup corrosion ratio increased the crack number, but had little effect on the crack width.
Compared to the non-corroded RC column, the peak load of specimens with main reinforcement
corrosion ratios of 8.02%, 9.01%, and 19.27% decreased by 10.53%, 13.56%, and 19.77%, respectively,
and that of the specimens with stirrup corrosion ratios of 7.08%, 12.33%, and 24.36% decreased
by 11.59%, 12.07%, and 17.15%, respectively. The axial-compressive-load-carrying capacity of RC
columns decreased almost linearly as the corrosion ratio of the main reinforcement increases, while it
exhibited an approximately bilinear degradation as the corrosion ratio of the stirrups increases. The
stirrup corrosion ratio had less effect on the axial compressive loading capacity of the RC column
when it was larger than 7.5%. A model for calculating the axial-compressive-load-carrying capacity
of the corroded RC short columns was developed based on the impact mechanisms of the corroded
main reinforcement and stirrups on the columns’ axial compressive behavior. The calculated results
closely matched the test data, demonstrating that the proposed model can reliably predict the residual
load-carrying capacity of corroded columns.

Keywords: corroded RC column; stirrup corrosion; main reinforcement corrosion; axial compressive

behavior; axial-compressive-load-carrying capacity model

1. Introduction

Steel corrosion due to various reasons such as carbonation and chloride attack is
the main problem that affects the durability of reinforced concrete (RC) structures [1].
Corrosion of steel not only results in a decrease in its cross-sectional area and mechanical
properties, but also induces damage to the concrete cover and deterioration of the bonding
behavior between concrete and steel. All of these factors negatively impact the mechanical
properties of the RC members [2]. The RC column is the main structural member in
building structures, subject to both gravity and lateral forces. The safety of the structure
will be substantially threatened once the performance of the column becomes impaired due
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to steel corrosion. The RC structure with a severely corroded column is more vulnerable to
collapse when subjected to a rare earthquake. Consequently, investigating the mechanical
characteristics of corroded RC columns is essential from an engineering safety standpoint.

Recently, several studies have focused on the mechanical properties of corroded
RC beams and columns. Hou et al. conducted an experimental study on the flexural
performance of RC/ultrahigh toughness cementitious composite (RC/UHTCC) beams [3]
and proposed a strengthening technique that utilizes the UHTCC to repair and reinforce
the corroded RC beams [4]. Goksu et al. [5] and Ge et al. [6] performed experimental
and theoretical studies on corroded RC columns, revealing a significant decline in seismic
performance as the steel corrosion ratio increases. Similar studies and conclusions can
be found in the references [7,8]. According to Dai et al. [7] and Vu et al. [8], the axial
compressive ratio is a critical factor influencing the seismic behavior of RC columns.
Thus, examining the axial compression behavior of corroded RC columns is essential for
accurately assessing their seismic performance.

Understanding the mechanism by which steel corrosion affects the compressive behav-
ior of RC members is crucial for estimating their residual seismic performance, including
moment-axial loading capacity, effective stiffness, deformation capacity, and energy capac-
ity. Wu et al. [9] examined the combined effects of sustained load and steel corrosion on
the axial compression characteristic of RC columns, discovering that, as the corrosion ratio
increases, the peak load declines and is reached at a smaller displacement. Based on the
numerical results and theoretical analysis, Campione et al. [10] and Wang [11] proposed
simple models for the corroded RC columns to access their axial compressive bearing
capacity. In reference [10], the load-carrying capacity of corroded RC columns is considered
as the sum of four different strength contributions, termed the cracked cover concrete,
cracked core concrete, internal area of core concrete, and longitudinal bars. Compared
with the main reinforcement, the stirrup is closer to the concrete surface and smaller in
diameter, which results in more severe corrosion than the main reinforcement in the actual
structure, arousing more research interests. Joshi et al. [12] observed in the experimen-
tal study that, as the stirrup corrosion ratio increases, the confinement effect on the core
concrete diminishes, which has a more pronounced impact on deformation than on axial
strength. Zhang et al. [13], Vu et al. [14] and Andisheh et al. [15] proposed an updated
compressive constitutive model for the confined concrete based on the Mander model [16].
Zhang et al. [17] identified the corrosion ratio, stirrup configuration, and size effect as the
primary parameters for investigating the confinement behavior of square reinforced con-
crete columns based on their test results. They found that, as the corrosion ratio increased,
the brittle failure characteristics of the column became more pronounced. In addition,
Andisheh et al. [18] examined the influence of stirrup corrosion on the axial properties of
the column’s cover concrete to evaluate the moment—curvature relationship of the corroded
columns. Xia et al. [19] investigated the mechanical properties of corroded RC columns
under eccentric compression, discovering that both the stiffness and ultimate compressive
strength, as well as deformation behavior, decrease with the increase in corrosion degree.
Although some scholars have proposed mechanical models to describe the axial com-
pressive properties of corroded RC columns, most existing calculation models primarily
focus on the deteriorating confinement effects of the corroded steel reinforcement on the
core concrete [13-15,17] and the cracking of the concrete cover caused by corrosion [18].
However, these models often fail to adequately consider the impact of steel corrosion on the
buckling behavior of the main reinforcement, which plays a critical role in the significant
degradation of the axial compression performance of RC columns.

Despite this, a substantial amount of research has been conducted on the mechanical
behavior of corroded RC columns, particularly on compressive behavior, providing valu-
able references for evaluating the performance of corrosion damaged columns. However,
most studies have primarily concentrated on columns corroded in the stirrup only or in all
steel reinforcements, without thoroughly examining the distinct influence mechanisms of
the main reinforcement corrosion and stirrup corrosion. In practical engineering, the main
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reinforcement and stirrups in the same RC component exhibit varying corrosion ratios
due to differences in the concrete cover thickness and steel diameter. Furthermore, the
mechanisms by which the main reinforcement corrosion and stirrups corrosion affect the
mechanical properties of RC members are different. Thus, it is crucial to clarify the different
influence mechanism of the main reinforcement corrosion and stirrup corrosion on the
mechanical properties of RC columns, and to develop a proper performance evaluation
model for corroded RC columns that accurately considers the varying corrosion degrees in
the main reinforcement and stirrups.

To this end, this study conducts axial compressive tests on 10 full-scale RC column
specimens to examine the impact of the main reinforcement corrosion and stirrup corrosion
on the axial compressive performance of RC columns. Through a strain analysis of both the
steel reinforcement and concrete, the mechanisms underlying the performance degradation
of corroded RC columns are investigated. Additionally, a calculation model for the axial-
compressive-load-carrying capacity of corroded RC columns—accounting for the different
influence mechanism in the corroded main reinforcement and stirrups—is established,
which can be used to assess the residual performance of corroded RC columns.

2. Experimental Program
2.1. Specimen Details

Ten full-scale RC short column specimens were designed and constructed. The corro-
sion degree of the main reinforcement and stirrup were considered as the main parameters.
The specimen information is shown in Table 1. Nine of the specimens were exposed to
electrochemically accelerated corrosion, while the other one was the non-corroded refer-
ence specimen. The corroded location and corrosion ratios were the main experimental
parameters. All the corroded specimens were divided into three groups, including three
specimens corroded in the main reinforcement, three specimens corroded in the stirrup,
and the other three corroded in all steel reinforcements. The corrosion ratio 7 is defined as
the average mass loss ratio, as shown in Equation (1):

 Am

= @

mo
where Am is the mass loss of the corroded bar, and my is the original mass of the non-
corroded bar. In this study, three corrosion levels, i.e., 10%, 20%, and 30%, were considered,
as shown in Table 1. All specimens were numbered as RC-#s-771, in which #s represents the
stirrup corrosion ratio, while 7; represents the main reinforcement corrosion ratio.

Table 1. Design parameters of specimens.

Specimen No. ml% /% Corrosion Location
RC-0-0 0 0 No corrosion

RC-0-10 10 0
RC-0-20 20 0 Main reinforcement
RC-0-30 30 0
RC-10-0 0 10
RC-20-0 0 20 Stirrup
RC-30-0 0 30
RC-10-10 10 10
RC-20-20 20 20 All steel bars
RC-30-30 30 30

As illustrated in Figure 1, the geometrical dimensions and reinforcement arrangement
of all specimens were identical. The RC column featured a square cross-section with a
side length of 350 mm and a height of 1200 mm, resulting in an aspect ratio of 3.4. The
concrete cover thickness of the column was 20 mm. The hot-rolled ribbed steel bar with
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a designed yield strength of 400 MPa was adopted for both the main reinforcement and
transverse reinforcement. A total of four 20 mm-diameter longitudinal steel bars were
configured as the main reinforcement in each RC column, resulting in a main reinforcement
ratio of 1.02%. Furthermore, 8 mm-diameter steel bars were used as the stirrup. The stirrup
spacing at the middle part of the column is 100 mm, while the stirrup spacing at both ends
of the column is 50 mm to provide effective confinement and prevent the column end from
crushing first. In addition, a 10 mm-wide carbon fiber sheet was wrapped around both
ends of the column to further constrain the column ends.
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Figure 1. Dimensions and reinforcement details of specimen (unit: mm).

According to the testing method specified in the Chinese standard GB/T50081-2019
“test methods of concrete physical and mechanical properties” [20], the axial compressive
strength of the concrete was measured to be 36.6 MPa. The mechanical properties of the
steel reinforcement before corrosion were determined according to the test method in
the Chinese test standard GB/T228.1-2010 “Metallic materials—Tensile Testing—Part 1:
method of test at room temperature” [21]. The mechanical properties of the non-corroded
steel reinforcement are illustrated in Table 2.

Table 2. Mechanical properties of steel reinforcement.

d/mm fy/MPa fu/MPa Es x 105/MPa 1%
8 440 625 1.96 27.5
20 430 624 2.01 25

Note: d is the diameter of the steel bar; fy is the yield strength; f,, is the ultimate strength; ¢ is the elongation rate;
and E; is the elastic modulus.

2.2. Electrochemically Accelerated Corrosion of Specimen

All steel bars were numbered and weighed after rust cleaning before the manufactur-
ing of the specimen to accurately determine the corrosion ratio. In the process of binding
the steel bars, the intersection position of the longitudinal bars and stirrup bars were
isolated by insulation sleeves, and then plastic cable ties were used to bind the steel bars
to ensure mutual insulation. After the casting of the concrete and 28 days of standard
curing of the specimen, the specimen to be corroded was lifted into a water pool for
accelerated corrosion.

The electrochemical corrosion method shown in Figure 2 was employed to accelerate
the corrosion. The specimen to be corroded was completely immersed in a 5% sodium chlo-
ride solution. The main reinforcement and stirrup reinforcement in the same RC column
were connected in parallel with cathodes of separate D.C power supplies. Additionally, cop-
per plates were submerged in the solution and connected to the cathodes of the DC power
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supplies to establish a current circuit with the steel bars designated for corrosion. Separate
current circuits were required for the main reinforcement and the stirrup, respectively.

Electric box

NacCl solution

Specimen  Stainless steel
sheet

Figure 2. Schematic diagram of accelerated corrosion apparatus.

After the column was immersed in the NaCl solution for 72 h, the DC power supply
began to work for accelerated corrosion. Faraday’s law was applied to determine the
corrosion period of the specimen to achieve its designed corrosion ratio. The corrosion
period required to achieved the designed corrosion ratio of the steel reinforcement was
listed in Table 3.

Table 3. Corrosion duration.

Corroded Steel Designed Corrosion  Electric Current Corrosion
Reinforcement Diameter/mm Ratio/% Density/uA/cm?  Period/Day
. 10 39
’ fMam 20 20 78
reinforcement 30 117
400 s E—
10 16
Stirrup 8 20 32
30 47

2.3. Test Setup and Instrumentation

A 10,000 kN hydraulic jack was used for the test, as shown in Figure 3. The spec-
imen was positioned at the center of the machine, and the axial compression load was
directly applied to its base. Three linear variable displacement transducers (LVDTs) were
placed along the centerline of three side surfaces of the column to measure the vertical
deformation during loading, and the remaining side surface was sprayed with speckles to
measure the full-field displacement and strain using the Digital Image Correlation (DIC)
technique. Additionally, eight strain gauges were attached on the middle of the side surface
to obtain the concrete strain. Twelve additional strain gauges were attached to the main
reinforcement and stirrups to measure their strain. Figure 4 presents the layout of the strain
gauges. The axial compression load on the specimen was measured using a force sensor
integrated into the loading machine. All data, including the load, displacement, and strain,
were collected simultaneously through the 3816 N data acquisition system.

The specimen was firstly preloaded to 100 kN to check that both the loading system
and data acquisition system were working properly. At the start of the formal loading stage,
the specimen was subjected the force control mode, with a loading speed of 50 kN/min
until the compression load reached 200 kN. Afterward, the displacement control mode
was applied at a rate of 1 mm/min until the end of loading. Loading was stopped when
either the average axial displacement reached 15 mm or the axial compression load capacity
became unstable.
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Figure 3. Test setup: (a) schematic; and (b) actual image.
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Figure 4. Arrangement of strain gauges: (a) strain gauges on concrete; and (b) strain gauges on steel
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reinforcement.

3. Discussion of Test Results
3.1. Observed Corrosion Damage of Specimens

Due to the volume expansion of the corrosion products, cracks gradually developed on
the surface of the specimen as the corrosion process progressed. The corrosion damage in
the specimen was visually evaluated following the accelerated corrosion process. Figure 5
illustrates the pattern of corrosion cracks. It was observed that, in specimens only corroded
in the main reinforcement, vertical corrosion cracks appeared and widened as the corrosion
ratio of the main reinforcement increased, as presented in Figure 5a—c. Transverse corrosion
cracks appeared on the surface, with an increased number of cracks corresponding to
a higher stirrup corrosion ratio. A similar phenomenon was also observed in the study
conducted by Zhang et al. [17]. However, the corrosion degree of the stirrup had a minimal
impact on the transverse crack width, as illustrated in Figure 5e—f. For specimens RC-10-0,
with a stirrup corrosion ratio of 7.08%, no transverse cracks appeared on the surface of
the specimen. Similarly, the stirrup corrosion ratios of specimens RC0-10, RC0-20, and
RC0-30 were 3.06%, 5.69%, and 6.06%, respectively, and no transverse corrosive cracks
were observed on their surfaces either. For specimen RC10-10, with a stirrup corrosion
ratio of 8.13%, only one transverse crack was present on the surface. According to the
above phenomena, it can be concluded that no significant transverse cracks are likely to
develop on the specimen surface when the stirrup corrosion ratio was less than 8%. In
specimen RC-30-0, which had a stirrup corrosion ratio of 24.36%, localized longitudinal
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cracks formed between several transverse cracks, as depicted in Figure 5f. For specimens
that experienced corrosion in both the main reinforcement and stirrups, both vertical and
transverse cracks developed on the surface, as shown in Figure 5g—i.
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0.15 0.15 b2 02 03
02 i3 : : 015 Y
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035
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Figure 5. Distribution of corrosion cracks: (a) RC-0-10; (b) RC-0-20; (c) RC-0-30; (d) RC-10-0; (e) RC-
20-0; (f) RC-30-0; (g) RC-10-10; (h) RC-20-20; and (i) RC-30-30.

After the loading test, the specimen was dismantled to retrieve the corroded steel bar
and measure their residual mass after removing the corrosion rust. The actual corrosion
ratios are listed in Table 4. As the corrosion progressed, rust accumulated around the steel
bars, gradually obstructing the corrosive cracks and the surrounding concrete pores, thereby
hindering the corrosion process. Consequently, the actual corrosion ratios of the specimens
were generally lower than the designed values, and the efficiency of the corrosion decreased
with an increase in the designed corrosion ratio. For specimens designed to corrode only
in the main reinforcement, since no anti-corrosion measures were applied to the stirrups,
they experienced slight corrosion during the process. Comparing specimens RC-0-10 and
RC-0-20, the latter exhibited a lower corrosion ratio in the main bars but a higher corrosion
ratio in the stirrups. This discrepancy might be due to the failure of insulation measures
during concrete casting, causing electrical conductivity between the main reinforcement
and the stirrups, which not only reduced the corrosion efficiency of the longitudinal bars
but also led to more severe stirrup corrosion. For specimens designed to only corrode in the
stirrups, as the whole specimen was immersed in the sodium chloride solution, the main
reinforcement also experienced slight corrosion. Similar phenomena can be found in the
experimental study conducted by Zhang et al. [17]. Since there is no contact between the
main reinforcement and the stirrup, the corrosion ratio of the longitudinal reinforcement
did not necessarily increase with that of the stirrups, in comparing the specimens RC-10-0,
RC-20-0, and RC-30-0. For specimens designed to corrode in all steel reinforcements, due
to the smaller diameter and reduced concrete cover thickness of the stirrups, the actual
corrosion degree of the stirrups was greater than that of main reinforcement. However,
since both the main reinforcement and the stirrup were connected to the power supply, this
causes the steel reinforcement to be subject to a complex electric field environment, causing
the development of steel corrosion to deviate from expectations.

The corrosion morphology of the steel bars in specific specimens is shown in Figure 6.
It can be observed that, when the corrosion ratio of the steel bars is less than 10%, the
corrosion of both the longitudinal and transverse reinforcement is relatively uniform. How-
ever, as the corrosion ratio increases, the corrosion becomes un-uniform, with noticeable
corrosion pits and even the formation of band-shaped pits. For the stirrups, due to their
smaller diameter, pitting corrosion is more pronounced, and, in some cases, corrosion-
induced fractures occur. As shown in Figure 6¢, multiple fracture points are observed on
the same stirrup.
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Table 4. Actual corrosion ratio of steel reinforcement.

. Design Corrosion Ratio/% Actual Corrosion Ratio/%
Specimen No.
m s m s
RC-0-0 0 0 0 0
RC-0-10 10 0 9.01 3.06
RC-0-20 20 0 8.20 5.69
RC-0-30 30 0 19.27 6.06
RC-10-0 0 10 1.21 7.08
RC-20-0 0 20 0.88 12.33
RC-30-0 0 30 2.61 24.36
RC-10-10 10 10 3.44 8.13
RC-20-20 20 20 12.07 15.48
RC-30-30 30 30 7.61 20.56

(a) (b) (©)

Figure 6. The corrosion morphology of the steel bars in specific specimens: (a) RC-10-10; (b) RC-20-20;
and (c) RC-30-30.

3.2. Damage Evolution of Specimens During Axial Compressive Loading

Throughout the loading process, the specimen exhibited a sequence of failures, in-
cluding the cracking and spalling of the concrete cover, fracture of the stirrups, buckling
of the main reinforcement, and crushing of the core concrete. The full-field strain and dis-
placement of concrete can be obtained by the DIC technique. Figure 7 illustrates the strain
cloud diagram of specimens at the peak load and ultimate state, and the ultimate damage
modes of specimens. For the non-corroded specimen RC-0-0, noticeable cracks emerged
on the concrete surface once the load reached 80% of the peak load. The spalling of the
concrete cover was initiated at the peak load. Following the peak load, the loading capacity
abruptly decreased to 38% of the peak load. Due the effective confinement provided by the
stirrups, the spalling extent of the concrete cover was relatively small, and no significant
buckling of the main reinforcement was observed.

In specimens with corrosion in the main reinforcement, the corrosion cracks began to
extend further and merge with new cracks when the load reached approximately 50% to
80% of the peak load. At the peak load, the spalling of the concrete cover occurred, and the
longitudinal bar buckled (as shown in Figure 7b—d), resulting in a sudden decrease in the
axial compressive force.

For specimens corroded in the stirrup, the transverse corrosion crack had little effect
on the development of loading cracks. The concrete began to crack and crush when the
column is loaded to 56~87% of the peak load. At the peak load, multiple vertical cracks
developed on the surface of the specimen, leading to the spalling of the concrete cover.
Subsequently, the spalling of a significant area of the concrete cover occurred, and the
main reinforcement began to buckle, resulting in a decrease in loading capacity, as shown
in Figure 7e-g. In specimen RC-30-0, which exhibited the most severe stirrup corrosion,
the stirrup fractured after reaching the peak load, causing the noticeable crushing of the
core concrete.
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Figure 7. Strain cloud diagram and failure modes of the specimen: (a) RC-0-0; (b) RC-0-10; (c) RC-0-20;
(d) RC-0-30; (e) RC-10-0; (f) RC-20-0; (g) RC-30-0; (h) RC-10-10; (i) RC-20-20; and (j) RC-30-30.
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For specimens corroded both in the main reinforcement and stirrup, at the peak load,
a large range of the concrete cover spalled, resulting in a suddenly drop in loading capacity.
In specimen RC-10-10, which exhibited a relatively low stirrup corrosion ratio of 3.44%,
the stirrup did not fracture under the peak load. However, for specimen RC-20-20 with
a relatively larger corrosion ratio in the stirrup, the actual corrosion ratio of the stirrups
is 12.07%, and multiple stirrups fractured under the peak load, resulting in an obvious
buckling of the main reinforcement and serious damage of the core concrete.

Based on the observed test phenomena, it can be concluded that the corrosion of both
the main reinforcement and stirrups accelerates the compression damage process of the RC
columns. The corrosion of the main reinforcement results in vertical corrosive cracks in the
concrete cover, which further exacerbates the damage to the concrete cover. Additionally,
non-uniform corrosion causes the main reinforcement to buckle prematurely. The corrosion
of the stirrups reduces their lateral confinement of the core concrete, which accelerates
the buckling of the main reinforcement and the damage of the core concrete, making the
brittleness of the specimens more pronounced.

3.3. Verification of the DIC Measurement

The accuracy of the DIC measurements was assessed by comparing the displace-
ment/concrete strain obtained by the 3D-DIC and LVDTs/strain gauges during the whole
loading process. The displacement readings from DIC were obtained by the virtual ex-
tensometer with two reference points positioned at the bottom and top of the columns,
corresponding to the LVDT locations. Strain readings from DIC were also obtained by
the virtual extensometer with the same position and gauge length with the traditional
strain gauge. The comparison of the vertical load versus deformation curves obtained
from the DIC and LVDTs/strain gauges is illustrated in Figure 8. It is shown that the DIC
deformation readings are in good consistency with the traditional LVDT and strain gauge
measurements in the early-loading stage. However, the data obtained by the LVDT and
strain gauge are more susceptible to premature failure due to the disturbance caused by the
damage of the concrete after the peak load, while the readings recorded from DIC is more
stable during the whole loading process. Accordingly, it can be ascertained that both the
displacement and strain obtained from the DIC measurement can be used in the following
discussion of the test results.
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Figure 8. Comparison of vertical loads versus deformation curves by DIC and traditional measure-
ment method: (a) RC-0-0; and (b) RC-10-10.
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3.4. Axial Load—Displacement Curves

Figure 9 presents the axial load versus displacement curves for the specimens. These
curves can generally be divided into three sections: an ascending section, a descending
section, and a plateau section. As shown in Figure 9, the following observations were
made:

1. As the corrosion ratio of the main reinforcement increases, the stiffness of the speci-
mens gradually decreases, primarily due to the vertical corrosion cracks caused by
the main reinforcement corrosion. During the loading process, the vertical corrosion
cracks expand further, leading to a further reduction in stiffness. In contrast, the
stirrup corrosion mainly results in transverse cracks, which have a minimal impact
on the early-stage damage evolution of the concrete. As a result, the stiffness of the
specimen is minimally impacted by the stirrup corrosion.

2. The bearing capacity of the specimen decreases as the steel corrosion ratio increases.
Compared to the non-corroded column, the peak load of the specimens with main re-
inforcement corrosion ratios of 9.01%, 8.02%, and 19.27% decreased by 13.56%, 10.53%,
and 19.77%, respectively. For the stirrup-corroded specimens with actual corrosion
ratios of 7.08%, 12.33%, and 24.36%, the load-carrying capacity decreased by 11.59%,
12.07%, and 17.15%, respectively, compared with that of the non-corroded specimen.
Figure 10 illustrates the variation in load-carrying capacity with the corrosion ratio. It
is evident that the loading capacity of specimens decreases linearly with the increasing
corrosion degree of the main reinforcement, while the decrease follows a two-phase
degradation trend with the increase in stirrup corrosion degree. The non-uniform
corrosion of the main reinforcement reduces its cross-sectional area, leading to a dete-
rioration in the mechanical properties and premature buckling. Additionally, vertical
corrosion cracks accelerate the concrete compression damage, resulting in the linear
decline in the axial compressive capacity with the increasing corrosion degree of the
main reinforcement. For the columns with corroded stirrups, the lateral confinement
provided by the stirrups on the core concrete and longitudinal bar diminishes as the
stirrup corrosion ratio increases, causing a gradual reduction in the specimen’s axial
compressive capacity. Once the stirrup corrosion ratio exceeds 7.5%, the stirrups’
lateral confinement becomes relatively weak, leading to a reduced influence of stirrup
corrosion on the loading capacity.

3. For specimens corroded in all steel reinforcements, the corrosion ratios of the main
reinforcement and stirrups exhibit noticeable inconsistencies. Comparing specimens
RC-20-20 and RC-30-30 (as shown in Figure 9¢), the main reinforcement corrosion ratio
of RC-20-20 is 58.6% higher than that of RC-30-30, while the stirrup corrosion ratio
is 25% lower. Despite this, the axial compressive bearing capacity of RC-20-20 is 6%
lower than that of RC-30-30. This observation highlights the more significant impact of
the main reinforcement corrosion on the axial compressive capacity of the RC columns.
To further analyze this effect, the degradation of the loading capacity of the RC
columns corroded in all steel reinforcements is plotted in Figure 10, using the corrosion
ratio of the main reinforcement as the horizontal axis. In this group of specimens,
where the stirrup corrosion ratios exceed 8%, the capacity degradation curve closely
resembles that of specimens corroded primarily in longitudinal reinforcement, which
further confirms that, when the stirrup corrosion ratio exceeds 7.5%, its influence on
the loading capacity becomes negligible.

4.  Consistent with the conclusions reported in the existing studies [9], in most cases, the
displacement corresponding to the peak load decreases with the increase in the steel
corrosion ratio. However, there are three specimens in Figure 9a,b (RC-0-20, RC-0-
30, and RC-30-0) whose peak displacement is larger than that of the non-corroded
specimen. The main reason is that the displacement obtained by the DIC technique is
adopted in Figure 9. For the above three specimens, the corrosion degree of the main
reinforcement near the DIC measuring surface is relative larger than the other steel bar.
When approaching the peak load, the longitudinal bar near the DIC measuring surface
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buckled first, resulting in a large vertical deformation on this side, which is larger than
the average vertical displacement of the specimen. According to Figure 7c,d,g, it can
also be seen that the more serious concrete spalling and longitudinal reinforcement
buckling occurred on the DIC measuring surface of these specimens.

5. After reaching the peak load, both the main reinforcement corrosion and stirrup
corrosion contribute to the rapid decline in the axial compressive load. In specimens
with a stirrup corrosion degree exceeding 15%, the stirrup fractured after reaching the
peak load, leading to the buckling of the main reinforcement and significant damage
of the core concrete, ultimately resulting in a rapid decline in the loading capacity, as
shown in Figure 9b,c.
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Figure 9. Axial compressive load—displacement curves of specimens: (a) main reinforcement corro-
sion; (b) stirrup corrosion; and (c) all steel bar corrosion.
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Figure 10. The relationship of ultimate axial-load-carrying capacity versus steel corrosion ratio. Note:
For the curve of specimens corroded in all steel reinforcements, the main reinforcement corrosion
ratio is taken as the horizontal coordinate value.

3.5. Discussion of Material Strain
3.5.1. Strain of Concrete

Figure 11 presents the relationship between the axial compressive load and the vertical
strain of the concrete. It is indicated that the deformation performance of the non-corroded
specimen RC-0-0 is enhanced due to the lateral confinement provided by the stirrups
and the collaborative action of the main reinforcement. At the peak load, the concrete
compressive strain reaches 2800 pe (as shown in Figure 11a), which is significantly greater
than the plain concrete strain corresponding to the peak stress. In the column with the
corroded longitudinal bar, the vertical strain of the concrete at the peak load gradually

110



Buildings 2024, 14, 3884

decreases with the increasing corrosion degree, which indicates the gradually deceasing
deformation capacity of the concrete. Nevertheless, the concrete compressive strain at the
peak load is still above 2000 pe. For the specimens corroded in the stirrup, the maximum
vertical strain of the concrete is about 2000 pe with little plastic deformation. For the
specimen corroded both in the main reinforcement and stirrup, the maximum vertical
strain of the concrete is less than 2000 pe due to the serious damage of the concrete cover.
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Figure 11. Axial compressive load-vertical strain of concrete curves: (a) main reinforcement corrosion;
(b) stirrup corrosion; and (c) all steel bar corrosion.

3.5.2. Strain of Main Reinforcement

The relationship of the axial load versus main reinforcement strain relationships of
the specimen is presented in Figure 12. As illustrated in the figure, the development of the
specimen’s longitudinal steel strain can be roughly divided into two distinct stages. During
the initial loading stage, the strain in the longitudinal steel bar exhibited an approximately
linear increase as the axial compressive load increased. After the yield of the longitudinal
bar, the strain developed more rapidly than the load, as indicated in the smaller slope on
the load-strain curve. For the non-corroded specimen RC-0-0, the main reinforcement did
not buckle due to the good transverse constraint of the stirrup, and an obvious plastic strain
appeared in the main reinforcement. In the specimens corroded in the main reinforcement,
the premature buckling of the longitudinal bars occurred at the peak load due to the
extensive spalling of the concrete cover and the reduction in the steel cross-sectional area.
Consequently, the plastic strain in the corroded main reinforcement was limited. The
plastic strain at the peak load decreased with the increasing corrosion degree, as shown in
Figure 12a. In specimens with corroded stirrups, the reduced confinement provided by the
stirrups led to the buckling of the main reinforcement. The maximum strain in the main
reinforcement decreased as the stirrup corrosion ratio increased, as illustrated in Figure 12b.
For specimens with corrosion in both the longitudinal bars and stirrups, the strain in the
longitudinal bars was approximately 2000 pe, lower than in the other specimens, due to
the combined effects of the main reinforcement and stirrup corrosion.
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3.5.3. Strain of Stirrup

The relationship between the vertical load and the stirrup strain of the specimen
is illustrated in Figure 13. At the initial loading stage, both the core concrete and the
longitudinal bars were in the elastic state with a small deformation; thus, the tensile strain
of the stirrup developed slowly. In the uncorroded specimen and those with minimal
stirrup corrosion, as the load neared its peak, the transverse deformation of the core
concrete became more pronounced, extruding the stirrup and resulting in the rapid growth
of the stirrup strain. The maximum stirrup strain of the specimens with a low corrosion
ratio in the stirrup can reach 1000 e, as shown in Figure 13a. For the specimen corroded in
the stirrup or in all reinforcements, the maximum strain of the stirrup was about 500 pe, as
indicated in Figure 13b,c, indicating that the lateral confinement of the corroded stirrup
to the core concrete and the main reinforcements is significantly diminished, leading to a
decline in both the loading and deformation capacity of the RC column.
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Figure 13. Axial compressive load-strain of stirrup curves: (a) main reinforcement corrosion; (b) stir-
rup corrosion; and (c) all steel bar corrosion.

4. Calculation Model of Axial-Compressive-Load-Carrying Capacity of Corroded
RC Columns

Based on the results discussed above, it can be concluded that the corrosion of the
main reinforcement reduces its cross-sectional area, and increases its slenderness ratio,
which may lead to premature compression buckling of the corroded longitudinal bar
and affect its compressive loading capacity. Meanwhile, the corrosion products of the
main reinforcement led to longitudinal cracks, accelerating the damage progression of the
concrete cover. Stirrup corrosion reduces the lateral confinements of both the core concrete
and the longitudinal bar, thereby impacting their mechanical performance. As a result, the
axial-compressive-load-carrying capacity of the corroded RC columns can be calculated by
the following calculation model:

Nuc = fleAcor + feovAcov + fyeAs @

where N, represents the axial compressive load of the corroded columns; f/. denotes the
axial compressive strength of the core concrete, accounting for the confinement provided by
the steel reinforcement; A, is the area of the core concrete; f{ , and Aoy refer to the axial
compressive strength and sectional area of the unconfined cover concrete, respectively;
and fy. and Aj represent the compressive strength and cross-sectional area of the main
reinforcement, respectively.

4.1. The Axial Compressive Strength of Core Concrete Confined by Corroded Steel Reinforcement

Considering the influence of the stirrup corrosion, Vu et al. [14] proposed the stress—
strain relationship of the concrete confined by corroded stirrups. Accordingly, further taking
into account the effect of the corroded main reinforcement, the concrete axial compressive
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strength considering confinement by both corroded longitudinal bars and stirrups can be
expressed as follows:

fle= (1 —ans)fe(—1.254 +2.254, 1+ 7'3;%/ - 22) ©)

where 75 represents the stirrup corrosion ratio; and « is the coefficient that accounts for the
impact of stirrup corrosion-0.19 for rectangular stirrups, 0.40 for composite stirrups, and
0.51 for spiral stirrups [14]. f. denotes the axial compressive strength of the unconfined
concrete, while fl’ is the effective lateral confinement stress, which considers the detrimental
influence of steel corrosion. The value of f] can be determined using the following formulae:

, 1

f] = Ekepscfysc (4)

0 (w))? s s

(1 B igl 6bcdc)(1 a 2T%)(l a TdC)

ke = 1- Pic (5)
Psc = (1 - Tls)Ps (6)
fyse = (1= as1s) fys 7)
pic = (1 =m)p ®)

where #; represents the corrosion ratio of the longitudinal bar; k. is the effective confine-
ment coefficient; ps and ps. represent the volume stirrup ratio before and after corrosion,
respectively; fys and fys are the yield strength of the stirrup before and after stirrup corro-
sion, respectively; a;s is the strength degradation coefficient of the corroded stirrup, taken
as 0.005 [22]; p; and pj, are the reinforcement ratios of the longitudinal bars before and after
corrosion, respectively; w: is the clear distance between the longitudinal bars; b, and d. are
the center-to-center distances between the stirrup legs along the two orthogonal directions
of the cross-section; and s’ is the clear spacing of the stirrup.

4.2. The Axial Compressive Strength of Corrosion-Damaged Cover Concrete

The axial compressive strength of the corrosion-damaged cover concrete can be calcu-
lated according to the following equation [23]:

r fe
feow = 1+ Keq /20 )

where K is a coefficient relying on the physical properties of the steel reinforcement, with a
value of 0.1 [24]. e, refers to the compressive strain at peak stress, with a value of 0.002,
while 1 represents the average transverse tensile strain at the onset of concrete cracking,
which can be determined using Equation (10):

&1 = (bf - bo)/bo (10)

where bg represents the initial width of the specimen’s cross-section before cracking, and
by is the cross-sectional width of the specimen after cracking due to corrosion expansion,
which can be calculated as follows:

bf = bo + Npgrser (11)
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where 7y, is the number of compression steel bars; and w,, is the total width of the
corrosion expansion cracks, which can be calculated according to the formula suggested by
Molina et al. [25], as follows:

n

Wer = 2 Uicorr = 27T(vps — 1) X (12)
i=1

where 1.y, is the width of the i corrosion crack; v,s is the volume expansion coefficient of
the corrosion product, which is taken as 2 according to Molina et al. [25]; and ) represents
the pitting corrosion depth of the longitudinal bar.

4.3. Compression Strength of Corroded Main Reinforcement

The non-uniform corrosion of the steel reinforcement results in a reduction in its cross-
sectional area and nominal yield strength. The cross-sectional area reduction increases
the slenderness ratio, alters the buckling mode, and further diminishes the compressive
capacity of the reinforcement. Taking into account the above detrimental effects, Li et al. [26]
developed a calculation model for the compressive capacity of the corroded steel bars,

as follows:
Fra = (1 —1.60217;) f (s/D < 15) (13)
yel 0.969°/P~15(1 — 1.6027;)f; (s/D > 15)

where f, and f,1’ represent the nominal compression strength of the steel bars before and
after corrosion, respectively; s is the center-to-center spacing of the stirrup; and D denotes
the steel diameter.

The lateral confinement provided by the corroded stirrups to the longitudinal bar
diminishes as the stirrup corrosion degree increases, which, in turn, impacts the buckling
performance of the main reinforcement. The lateral confinement of the stirrup on the main
reinforcement can be equivalent to a transverse distribution spring constraint, as shown in
Figure 14 [27]. Based on the elasticity theory, the nominal strength of the longitudinal bar
at buckling can be determined as follows [27]:

A i (14)
g AxExEp 5)
(VEs + VEp)
k= Key (16)

where fyo" and Nj bk represent the critical stress and bearing capacity of the longitudinal
steel bar under buckling, respectively; Aj. is the cross-sectional area of the corroded bar; E;
denotes a reduction coefficient of the steel deformation modulus; ] is the inertia moment of
the corroded bar; k is the confinement coefficient of the stirrup on the main reinforcement;
and keq denotes the stirrup stiffness, which is dependent on its position [27].

To account for the combined effects of both the main reinforcement corrosion and
stirrup corrosion, the compressive strength fy.’ of the main reinforcement is taken as the
smaller value calculated according to Equations (13) and (14).
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Figure 14. Schematic diagram of the buckling model of main reinforcement.
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4.4. Validation of the Axial Compressive Loading Capacity Model for Corroded RC Columns

A total of seven groups of test results regarding the axial compressive bearing capacity
of the RC columns were collected for model validation. The comparison of the test and
calculated results is presented in Table 5. The ratio of the calculated results to test results
ranges from 0.85 to 1.28, with an average value of 1.02 and a standard deviation of 0.08.
Therefore, it can be concluded that the calculated results are in good agreement with the

experimental findings, confirming the validity of the calculation model.

Table 5. Comparison of calculating results with test results.

Data Specimen b/ hl o o fad fys! ful s/ o o Nuexp/  Nupre/  Nupre/

Sources No. mm  mm psl% pil% MP MPa MPa mm % ni% kN kN Nu,exp B v

RC-0-0 0 0 5791 5168 0.89

RC-0-10 3.1 9.0 5006 4561 0.91

RC-0-20 5.7 8.2 5181 4559 0.88

RC-0-30 6.1 19.3 4646 4264 0.92

This RC-10-0 7.1 1.2 5120 4959 0.97
research RC-20-0 350 1200 0.67 1.03 36.6 440.0 430.0 100 123 0.9 5092 4925 0.97 091 0.05

RC-30-0 244 2.61 4798 4632 0.97

RC-10-10 8.1 3.44 5356 4772 0.89

RC-20-20 15.5 12.1 4842 4308 0.89

RC-30-30 20.6 7.6 5154 4400 0.85

A-0-0 0 0 3400 3570 1.05

A-0-5 5.5 3 3000 3246 1.08

A-0-10 10.8 7.6 2650 2952 1.11

A-0-15 16.7 9.6 2200 2812 1.28

A-1-5 5.2 3.1 3100 3243 1.05
A-1-10 250 600 423 1.29 40.53 427.2 427.2 100 9.9 75 2700 2067 110 112 0.07

A-1-15 15.2 10.1 2350 2815 1.20

A-2-5 4.5 2.5 3150 3293 1.05

A-2-10 9.2 6.3 2800 3024 1.08

A-2-15 13.2 8.8 2450 2880 1.18

Wu 9] B-0-0 0 0 3450 3652 1.06

B-0-5 1 4.3 3350 3303 0.99

B-0-10 1.4 9.2 3250 3091 0.95

B-0-15 2.5 13.5 3050 2962 0.97

B-1-5 0.8 4.9 3300 3273 0.99
B-1-10 250 600 423 1.29 40.53 468.7 468.7 100 12 9.7 3150 3078 0.98 1.00 0.04

B-1-15 2.1 14.9 3000 2938 0.98

B-2-5 0.9 5.8 3250 3228 0.99

B-2-10 1.1 12 3100 3016 0.97

B-2-15 2 7.4 2900 3146 1.08
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Table 5. Cont.

Data

Specimen

b/ hl

Nuexp/  Nupre/  Nupre/

0, 0, ck/ f S/ f l/ s/ 0, 0,
Sources No. mm  mm psl% pil% j;/IP MyPa MyI’a mm % ni% kN kN Nyexp # v
RC154 0 0 619 541 0.87
RC1S54R2 150 300 1.46 2.01 19.8 377.8 511.2 125 9.2 1.6 519 496 0.95 0.92 0.05
RC1S4R4 21.3 34 480 455 0.95
RC2S1 0 1737 1907 1.10
RC2S1IR1 5.1 0.2 1694 1862 1.10
RC2S1R2 250 500 191 0.72 19.8 377.8 511.2 50 9.5 1.8 1635 1787 1.09 1.10 0.01
RC2S1R3 13.8 2.2 1605 1745 1.09
RC2S51R4 20.3 2.5 1535 1689 1.10
RC252 0 0 1632 1717 1.05
RC2S2CR1 6.4 3.6 1530 1595 1.04
RC252R1 8.6 0.3 1585 1657 1.05
Zhang RC252R2 12.1 24 1548 1585 1.02
[17] RC2S2CR2 250 500 1.37 0.72 19.8 377.8 511.2 70 12.8 5.8 1496 1520 1.02 1.04 0.01
RC2S2R3 15.8 3.2 1503 1546 1.03
RC2S2CR3 17.3 6.5 1423 1482 1.04
RC2S2R4 21.6 3.1 1477 1513 1.02
RC2S2CR4 222 8.9 1337 1423 1.06
RC2S3 0 0 1513 1540 1.02
RC2S3CR1 7.2 2.7 1402 1442 1.03
RC2S3R1 8.2 1.2 1478 1472 1.00
RC2S3R2 12.8 2.2 1425 1429 1.00
RC2S3CR2 250 500 0.91 0.72 19.8 377.8 511.2 105 13.2 7.1 1323 1344 1.02 1.03 0.03
RC2S3R3 15.3 1.6 1386 1432 1.03
RC2S3CR3 15.6 8.7 1309 1314 1.00
RC2S3R4 18.6 1.9 1318 1411 1.07
RC2S3CR4 19.5 9.3 1207 1290 1.07

Note: y and CV are the mean value and coefficient of variation of calculation error for each date set, respectively.

5. Conclusions

Axial compression tests on corroded RC short columns were performed to examine

the effects of the corrosion location and corrosion ratio of the steel reinforcement on the
damage evolution and axial compressive capacity of RC columns. The main conclusions
are as follows:

1.

Longitudinal corrosion cracks developed and widened as the corrosion ratio of the
main reinforcement increased. The transverse corrosive cracks appeared when the
stirrup corrosion ratio is larger than 8%, and the increase in the stirrup corrosion
ratio significantly raises the number of transverse corrosive cracks, although it has a
minimal impact on the width of these cracks.

Both the main reinforcement corrosion and stirrup corrosion accelerate the com-
pression damage process of RC columns. Specifically, the corrosion of the main
reinforcement primarily affects the damage to the concrete cover and the buckling
behavior of the main reinforcement before reaching the peak load, while the stirrup
corrosion mainly influences the damage process after the peak load, hastening the
buckling of the main reinforcement and the damage of the core concrete, which leads
to a more pronounced brittle characteristic in the RC columns.

The axial compressive capacity of the RC column decreases approximately linearly
as the corrosion ratio of the main reinforcement increases, while it exhibits a bi-fold
degradation relationship with the rising stirrup corrosion ratio. Additionally, the
impact of the stirrup corrosion on the axial compressive capacity of the RC column
diminishes when the corrosion ratio exceeds 7.5%.

Taking into account the mechanisms through which the longitudinal and stirrup
corrosion affects the axial compression performance of RC columns, a calculation
model for the axial-compressive-load-carrying capacity of corroded RC columns
has been developed. The theoretical results from this model are in good agreement
with the experimental results, demonstrating that the proposed model can effectively
evaluate the axial compression performance of RC short columns.

This research focuses on the individual effects of the main reinforcement corrosion
and stirrup corrosion on the axial compressive behavior of the RC short column. The
additional eccentricity induced by the premature buckling of the localized longitu-
dinal steel bar is not considered, which will significantly influence the compressive
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behavior of the RC long columns. Therefore, further research is required in order to
investigate the compressive behavior of non-uniformly corroded RC long columns.
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Abstract: Based on the previous axial compression tests by the authors, this study in-
vestigates the eccentric compression behavior of rectangular concrete-filled steel tubular
(RCFST) columns with web-perforated T-shaped stiffeners through finite element analysis.
Finite element models (FEM) of RCEST columns were established and validated against
failure modes and load-displacement curves obtained from axial compression tests. Sub-
sequently, a detailed parametric analysis of RCFST columns under eccentric compression
was conducted, including the stiffening details (i.e., material strength, the number, and
dimension of stiffeners). Results show that the stiffening method enhances the RCFST
ultimate bearing capacity. Increasing the number and dimensions of stiffeners, as well as
the strengths of steel and concrete, leads to higher peak loads, whereas an increase in the
slenderness ratio results in a reduction in ultimate capacity. Finally, an N-M (axial force-
moment) interaction curve calculation method for RCFST columns with web-perforated
T-shaped stiffeners was proposed, simplifying the calculation process for stiffeners and
incorporating the correction factors for eccentric columns. The results indicate that this
method can achieve higher accuracy while ensuring safety, whereas the calculations based
on CECS 28 are overly conservative.

Keywords: RCFST column; eccentric compression; finite element method; ultimate
strength; web perforated T-shaped stiffeners

1. Introduction

Concrete-filled steel tubular (CFST) columns are extensively utilized in engineering
structures, including bridges, heavy-duty workshops, high-rise buildings, and subway
stations [1]. Depending on their cross-sectional shapes, CFST columns can be categorized
into circular, square, rectangular, and polygonal types, among others [2—4]. Due to the
advantages of convenient joint construction, a more flexible structural layout, and higher
flexural stiffness, rectangular CFST (RCFST) columns are increasingly favored by engi-
neers. However, compared to conventional circular CFST columns, RCEST columns exhibit
more complex mechanical behavior due to the non-uniform confinements exerted by the
external steel tubes on the core concrete, making them more susceptible to local buckling,
particularly under eccentric loadings [5].

Extensive studies on RCEST columns [6-10] have indicated that the collapse of most
columns is caused by local buckling of the steel tubes due to the weak interactions between
concrete and steel tubes. To further improve the bearing capacity and ductility of RCFST
columns, scholars have tried various methods to enhance these interactions. Bhartiya and
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Sahoo [11] found that adding reinforcement cages does not improve the local buckling
characteristics of square CFST columns through experimental studies. Ding et al. [12,13]
conducted axial load tests on RCFST columns under spiral hoops and steel reinforcement
and found that welding reinforcing bars on the steel tube can suppress local buckling. Du
et al. [14] adopted fiber-reinforced polymer (FRP) to confine the steel tube and concrete
and found that the local buckling of the specimens confined by FRP lagged behind those
without confinement, indicating that FRP inhibits the buckling of steel tubes. Zhou and
Gan et al. [15,16] proposed a strengthening scheme of welding diagonal stiffeners in steel
tubes and subsequently compared the axial compression and bending performance of
RCFST components with different stiffening forms. The results show that the performance
of the inclined stiffening specimens is the best under the same material strength and steel
consumption. Ge and Usami [17] tested thin-walled square CFST short columns with
longitudinal plate stiffeners and found that longitudinal stiffeners delayed the occurrence
of local buckling, but the enhancement effect on peak load was not significant. Cai and
Long [18] conducted a theoretical study on the elastic local buckling of steel tubes in
RCFST columns with binding bars under axial compression. Their findings indicate that
the presence of binding bars increases the local buckling coefficient, thereby enhancing the
load-bearing capacity of the steel tube. Chen et al. [19] conducted experiments on 12 RCFST
columns with T-shaped stiffeners. The results show that T-shaped stiffeners can suppress
premature local buckling of the tube wall. As long as the T-shaped stiffeners have sufficient
stiffness, even the local buckling of the steel pipe before yielding can be avoided. However,
T-shaped stiffeners have little effect on improving the ductility. To further improve the
mechanical behavior of the interface between steel and concrete, the PBL-type stiffener was
proposed [20]. In this way, the PBL stiffener not only plays a role in stiffening the steel tube
wall, but the concrete-filled-in PBL apertures can act as a “tenon” or shear connector, which
prevents the separation of the steel tube and concrete. Liu et al. [21] carried out bending
and eccentric compression tests and finite element analysis on PBL stiffened square CFST
members. The results show that the strengthening effect of PBL stiffeners on the bearing
capacity of the specimens is not significant, but the flexural stiffness of the specimens is
increased by 20%. Furthermore, Guo and Diao [22] conducted axial compression tests
on 12 square stub columns and compared the mechanical performance of CFST columns
with straight ribs, single PBL, double PBL, PBL diagonal binding ribs, and CFST columns
without stiffeners. The results indicate that the strength index of columns with double
longitudinal PBL stiffeners remains relatively stable, accompanying slight improvements
in both ultimate strength and ductility. In contrast, columns with PBL diagonal binding
ribs exhibit significant enhancements in ultimate strength and ductility while mitigating
the risk of a sudden ductility drop.

Among the existing stiffening methods for RCFST columns, it is evident that different
stiffening forms lead to varying mechanical behaviors, as well as differences in steel
consumption and construction costs. How to find a simple, effective, and economical
stiffening method to delay or avoid local buckling is still an open question. Unfortunately,
existing main specifications, such as EN1994 [23], AISC 360 [24], AS/NZS 2327 [25], and
Chinese standards [26-28], have differences in theoretical basis when calculating the bearing
capacity of RCFST columns, and do not give clear suggestions on stiffening methods. This
situation has hindered the engineering application of stiffened RCFST columns.

Existing studies on PBL-stiffened RCFST columns have demonstrated that the perfo-
rations of ribs can enhance the interaction between the core concrete and the steel tubes.
However, their contribution to improving load-carrying capacity remains limited, as the
perforations weaken the compressive resistance of the stiffeners. In contrast, T-type stiff-
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eners can improve the bearing capacity of RCFST columns but have little effect on the
ductility. Based on previous studies, the authors [29] proposed a novel web-perforated
T-shaped stiffener, as shown in Figure 1, and conducted axial compression tests on eight
RCEST columns. The results indicate that longitudinal stiffeners provide a slight improve-
ment in load-carrying capacity compared to the findings of Chen et al. [19]. However,
the presence of concrete “tenons” helps alleviate the risk of a sharp decline in ductility.
Obviously, compared with the PBL and T-shaped stiffeners, this new stiffening form has
comprehensive advantages. To promote the use of this stiffening form, more research is
still needed.

Web Perforated
T-shaped Stiffener

Steel Tubular

Figure 1. RCFST with web-perforated T-shaped stiffeners.

To examine the eccentric compression behavior of RCFST columns with web-
perforated T-shaped stiffeners, this study conducts a numerical simulation based on
previous tests. Firstly, FEM of RCFST columns with web-perforated T-shaped stiffen-
ers was developed and validated using the axial compression test results by the authors.
Subsequently, a comprehensive parametric analysis of RCFST columns under eccentric
compression was performed, considering key stiffening parameters such as the number
and size of stiffeners and material strength. Finally, based on the findings, a predictive
formula for the ultimate bearing capacity was proposed.

2. Establishment of FEM

2.1. Constitutive Model of Material
2.1.1. Steel

The classical elastic-plastic model [30] was used to describe the behavior of the steel
material. The stress—strain curve was presented in Figure 2a. Similar to Zhang et al. [31],
the stress—strain relationship is divided into four stages: 1. Elastic Segment (OA): This is
a straight line with a slope equal to the elastic modulus; 2. Yield Segment (AB): This is a
horizontal line where the stress remains constant while the strain increases from ¢; to ¢,
where €5 = 10¢y; 3. Strengthening Segment (BC): This is an oblique straight line where
the stress and strain increase from fy and ¢, to fy and €3, where e3 = 100¢1; 4. Secondary
Plastic Flow Segment (After C): This is a horizontal line where the stress remains constant
while the strain continues to increase.
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Figure 2. Stress—strain curves: (a) Steel; (b) Concrete.
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2.1.2. Concrete

In this paper, the concrete damage plasticity model implemented in ABAQUS 2023 [32]
software was used to describe the behavior of the concrete material. To account for the
confinement effect of the steel tube on the concrete, the uniaxial stress—strain relationship
curve proposed by Ding et al. [33] was selected. The stress—strain curve of the concrete is
shown in Figure 2b. Under compression, the stress—strain relation was given by

Aqx+(By—1)x?
1+(1A172;x+81x2 x<1 1)

y =
m x>1
where y = 0/ f., x = €/¢ec; fc and ¢ represent the uniaxial compressive strength of the
concrete and the peak strain under compression. A = 9.1 f&fl/ ? is the ratio of the elastic
modulus of concrete to the peak secant modulus, where f, is the cubic compressive
strength of the concrete; By = 1.6(A; — 1)%is the physical quantity that controls the degree
of decay of the elastic modulus in the ascending segment of the curve; a; is the parameter
for the descending segment of the uniaxial compressive stress—strain curve of concrete.
Considering the confining effect that concrete experiences in practical situations, it is
uniformly taken as 0.15 for calculations.
The tensile behavior of concrete was described as follows:
2
y= N 2)
ap(x—1)24x x>1
where y = 0/ fi, x = €/¢&; fi represents the uniaxial tensile strength of the concrete; ¢; is the
peak strain under tension; A, is the parameter for the ascending segment, taken as 1.306
for calculations, By = 5(A; —1)?/3 = 0.15and a; = 1+ 3 x 10%f2, is the parameter for
the descending segment.
The material properties of steel and concrete are obtained from the tests [29], as shown
in Table 1.

Table 1. Material properties.

Material Thickness (mm) Yield Strength (MPa) Ultimate Strength (MPa)  Elasticity Modulus
Q355 8 480.67 558.00 1.93 x 10°
Q355 10 355.67 523.33 2.13 x 10°
Q235 8 304.50 416.50 1.98 x 10°

Concrete / / 31.20 3.03 x 10*

2.2. Element Type and Meshing

The RCFST columns with web-perforated T-shaped stiffeners discussed here is com-
posed of three main components: the steel tube, concrete, and web-perforated T-shaped
stiffeners. To accurately analyze the stress states of each part during the compression
process of the specimens, solid elements (C3D8R) are used to model the steel tube, concrete,
and stiffeners. The steel tube and stiffeners are combined into a single component for
calculations to reduce the complexity of contact settings, improve computational efficiency,
and avoid issues related to over-constraining that could lead to calculation interruptions.
The mesh size of steel tube and concrete is 20 mm, and the mesh size of stiffener is 10 mm.
During the meshing process, the geometries of the stiffeners and concrete are complex,
necessitating the combination of hexahedral and wedge elements to create an appropriate
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mesh. Especially in the chamfer areas, a sweeping mesh generation method is employed to
handle irregular shapes, ensuring high-quality mesh generation in these regions. Other
regular components are meshed using a structured meshing approach, as illustrated in
Figure 3. In order to enhance the simplicity and computational efficiency of the FEM, it
is essential to minimize any errors that may arise from complex models. Therefore, the
influence of the end plates and the height of the spherical hinges on the compression
behavior of the specimens is disregarded.

@ (b) (c)

Figure 3. The mesh of the FE model: (a) Steel tube; (b) Concrete; (c) Stiffener.

2.3. Definition of Interaction and Boundary Conditions

The contact surfaces between the steel tube and concrete were defined using a surface-
to-surface contact model, with the steel tube acting as the master surface and the concrete
as the slave surface. The normal contact property was defined as "hard” contact, while
the tangential contact was modeled using a "penalty” approach, with a friction coefficient
of 0.25 [34]. Given that the concrete “tenon” within the openings of the web-perforated
T-shaped stiffeners, the relative slip between the stiffeners and the concrete was neglected.
Instead, the stiffeners were embedded in the concrete for analysis using the built-in region
settings. Reference points were established at the top and bottom surfaces of the specimen,
with the top surface coupled to reference point RP1 and the bottom surface coupled
to reference point RP2. Constraints and displacements were applied at these reference
points to simulate the boundary conditions and load application, as observed in the actual
experiments. Finally, reference points RP1 and RP2 were offset to the loading line at the
knife edge, as shown in Figure 4. At reference point RP1, horizontal displacements (U1
and U2) were constrained, while vertical displacement (U3) was allowed to vary to apply
displacement loading. No constraints were imposed on the rotation angles (UR1, UR2, and
UR3) in all three directions to simulate hinged boundary conditions. At reference point,
RP2, displacements in all three directions (U1, U2, and U3) were constrained, while no
constraints were imposed on the rotation angles (UR1, UR2, and UR3).

Eccentric displacement load

RP1:
U1=U2=0

Strong-Axis

Loading Line

|

U1-U2-U3-0

Weak-Axis

Figure 4. The load and boundary conditions of FE models.
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2.4. Validation of FEM

The geometric dimension of the columns is shown in Figure 5. In the figure, B and H
represent the width and height of the rectangular cross-section, respectively. bs; and bgy
denote the height of the stiffener web and the width of the stiffener flange, respectively. ¢
and f; represent the thickness of the steel tube and the thickness of the stiffener, respectively.
D is the diameter of the openings in the stiffeners.

Steel Tube i
Web Perforated A l A
T-shaped Stiffeners > =
B : - . BIP
4 o T 4 b
Concrete o -
: )
f a gl
(a) (b)

Figure 5. Schematic diagram of specimens: (a) 3D diagram; (b) Cross-sectional view.

Currently, there are no test studies on the eccentric compression performance of RCFST
columns with web-perforated T-shaped stiffeners. To validate the rationality and accuracy
of the FEM established, our axial compression test results were used for verification. It
is worth noting that in the verification model, the reference points RP1 and RP2 must be
moved to the center. The material properties, element selection, mesh generation, and
contact settings are exactly the same as in eccentric compression modeling. The load—
displacement curve is illustrated in Figure 6. The FEM exhibits more ideal stress states
in various parts of the specimen. However, differences in stiffness and the descending
segments of the load—displacement curves are observed between the FEM and the experi-
mental results. These discrepancies may arise from initial defects, residual stresses from
specimen fabrication, inherent deformation and measurement errors, etc. Table 2 presents a
comparison of the load-carrying capacities, showing that the discrepancy between the FEM
results and the experimental results remains within 10%, with a maximum error of 5.36%.

12000{ / 20001 7 .
~ : .
{ "\_\. /T
e l ~ —~ .
Z 8000/ §6000« I
3 T )
o} 8 I
~ 4000 — 30004 [
— ~FEM —-— FEM
0 Experiment 0 Experiment
0 10 20 30 40 50 0 10 20 30
Displacement (mm) Displacement (mm)
(a) (b)

Figure 6. Comparison between experimental results: (a) T-CFST-1; (b) T-CFST-5.
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Table 2. Comparison of experimental and FEM-bearing capacity.

No LxHXxB t bs1 bsz ts1 ts2 D Yy Nexp Nrem Error
) (mm) (mm)  (mm) (mm) (mm)  (mm) (mm) (mm) (kN) (kN) (%)
T-CFST-1 2200 x 480 x 320 10 68 60 8 8 20 120 11,502.49 12,118.80 5.36
T-CFST-2 2200 x 480 x 320 10 68 60 8 8 20 120 12,327.30 12,865.70 437
T-CFST-3 1800 x 400 x 266 8 75 60 8 8 25 120 9185.70 9456.80 2.95
T-CFST-4 1800 x 400 x 266 8 58 60 8 8 20 120 8945.40 9393.61 5.01
T-CFST-5 800 x 400 x 266 8 75 40 8 8 25 120 9285.29 9339.66 0.59
Note: L is the length of the column. Nep, is the bearing capacity obtained by the test and Ngy is the bearing
capacity obtained from FEM; Error is calculated by the formula (Nggy — Nexp) / Nexp X 100%.
As shown in Figure 7, both the components in the experiment and the model exhibited
buckling at the midpoint of the column, accompanied by overall instability failure. The
FEM reflects the failure mode observed in the experiment.
5, Mises 5, Mises
(Avg: 75%) (Avg 75%)
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+4.231 x 102 : +4.014 x 10°
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Figure 7. Comparison of failure modes between FE model and test: (a) T-CFST-1; (b) T-CFST-5.
3. Analysis of Eccentric Compression Behavior Mechanism
Specimen 1 (See Table 3) was analyzed in detail to intuitively understand the process
of the specimen from elasticity to yield and final failure.
Table 3. Main parameters of FEM.
No. L (mm) 1 bs; (mm) bs, (mm) ts (mm) D (mm) y (mm) fo (MPa) fy (Mpa)
specimen 1 2200 4 60 60 10 20 120 40 345
L800 800 4 60 60 8 20 120 40 345
12200 2200 4 60 60 8 20 120 40 345
L3600 3600 4 60 60 8 20 120 40 345
L5000 5000 4 60 60 8 20 120 40 345
NSO 2200 0 / / / / / 40 345
NS2+2 2200 4 60 60 8 20 120 40 345
NS4+2 2200 6 60 60 8 20 120 40 345
NS4+4 2200 8 60 60 8 20 120 40 345
BS1-40 2200 4 40 60 8 20 120 40 345
BS1-60 2200 4 60 60 8 20 120 40 345
BS1-80 2200 4 80 60 8 20 120 40 345
BS1-100 2200 4 100 60 8 20 120 40 345
BS2-0 2200 4 60 0 8 20 120 40 345
BS2-30 2200 4 60 30 8 20 120 40 345
BS2-60 2200 4 60 60 8 20 120 40 345
BS2-90 2200 4 60 90 8 20 120 40 345
TS4 2200 4 60 60 4 20 120 40 345
TS6 2200 4 60 60 6 20 120 40 345
TS8 2200 4 60 60 8 20 120 40 345
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Table 3. Cont.

No. L (mm) 1 bs1 (mm) bs, (mm) ts (mm) D (mm) y (mm) f., (MPa) fy (Mpa)
TS10 2200 4 60 60 10 20 120 40 345
C30 2200 4 60 60 8 20 120 30 345
C40 2200 4 60 60 8 20 120 40 345
C50 2200 4 60 60 8 20 120 50 345
C60 2200 4 60 60 8 20 120 60 345
Q235 2200 4 60 60 8 20 120 40 235
Q345 2200 4 60 60 8 20 120 40 345
Q390 2200 4 60 60 8 20 120 40 390
Q420 2200 4 60 60 8 20 120 40 420

Note: fcu and fy represent the compressive strength of concrete poured into steel tubes and the yield limit of steel,
respectively.

3.1. Strain Distribution of Steel Tube and Stiffeners

The strain variation of each component in the web-perforated T-shaped stiffened
RCFST column during the eccentric loading process is analyzed using equivalent plastic
strain (PEEQ) values. A PEEQ value greater than 0 indicates that the material in that region
has yielded and entered the plastic stage. For concrete, a PEEQ value exceeding 0.0033
signifies that the concrete in that area has been crushed.

The strain distribution of the steel tube and stiffeners is illustrated in Figures 8 and 9.
When the load reaches 84.85% of the peak bearing capacity, the steel plate on the com-
pression side of the steel tube yields first, whereas the steel plate adjacent to the stiffeners
remains elastic due to the constraining effect of the stiffeners. Following the yielding of the
compression side steel plate, the stiffeners also yield when the load attains 88.32% of the
peak bearing capacity, with yielding predominantly occurring on both sides of the openings
in the stiffener. Upon reaching its maximum load-bearing capacity, the steel tube and the
stiffeners transition into the plastic region. This transition remains primarily concentrated
on the compression side in the mid-span of the specimen. The stiffeners have a significant
limiting effect on the strain increase in the steel tube wall.

PEEQ PEEQ PEEQ
(Avg: 75%) (Avg: 75%) (Avg: 75%)
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+3.062 x 10t +3.188 x 1073 +2.265 x 1072
+2.449 x 10 +2.550 x 107 +1.812 % 1072
+1.837 = 10 +1.913 x 1073 +1.359 x 1072
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+0.000 = 10° +0.000 x 10° +0.000 x 10°
(@) (b) (0

Figure 8. Strain development of steel tube: (a) Initial yield; (b) Ultimate load capacity; (c) Failure.
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Figure 9. Strain development of stiffeners: (a) Initial yield; (b) Ultimate load capacity; (c) Failure.

3.2. Stress Distribution of Steel Tube and Stiffeners

Figures 10 and 11 show the stress development and distribution of the steel tube and

stiffeners along the strong axis, respectively. The stress distribution and development in

the steel tube are relatively uniform, with a notable reduction in stress in the steel tube wall

near the stiffeners. The involvement of the stiffeners alleviates the overall stress on the steel

tube. Once the load reaches the ultimate bearing capacity, the steel tubes and stiffeners on

the compression side experience significant damage, while the steel on the tension side

begins to engage in load-bearing.
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Figure 10. Stress development of steel tube: (a) Initial yield; (b) Ultimate load capacity; (c) Failure.
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Figure 11. Stress development of stiffener: (a) Initial yield; (b) Ultimate load capacity; (c) Failure.
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3.3. Strain Distribution of Concrete

Figure 12 delineates the progressive failure mechanisms of concrete under eccentric
compression. At 42.83% of the peak bearing capacity, localized plastic deformation initi-
ates at the steel-concrete interface near the perforated T-stiffeners. As the applied force
escalates, the confinement effect induced by the stiffeners significantly mitigates lateral
expansion of the concrete matrix, as evidenced by restrained strain accumulation in adja-
cent regions. Notably, when the loading level approaches 98.83%, compressive crushing
initiates preferentially in the unconfined concrete zones on the compression face, whereas
the stiffener—proximal regions maintain structural integrity due to enhanced triaxial stress
states. Post-peak behavior is characterized by rapid crushing propagation in the compres-
sion zone, contrasting with limited damage evolution near the stiffeners—a phenomenon
attributable to stress redistribution facilitated by the perforated reinforcement system.
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Figure 12. Strain development of concrete: (a) 42.83%Ny; (b) 98.83%Ny; (c) 100%Ny; (d) Failure.

3.4. Stress Distribution of Concrete

The vertical stress profiles along the strong axis, depicted in Figure 13, reveal distinct
mechanical responses in concrete under eccentric loading. Tensile and compressive stresses
are differentiated through positive and negative scalar fields, respectively. Analysis of the
pre-yield phase indicates subdued stress escalation in stiffener-adjacent regions, attributable
to localized confinement effects delaying plasticity initiation. At peak load, the confinement
efficacy of stiffeners is amplified, as evidenced by sustained high compressive stresses
within reinforced zones—even surpassing stress concentrations at steel-concrete interfa-
cial corners. Conversely, tensile-dominated regions exhibit negligible stress modulation,
aligning with concrete’s inherent tensile weakness, which renders stiffener interventions
ineffective in mitigating tensile cracking.

@

Figure 13. Stress development of concrete: (a) 42.83%Ny; (b) 98.83%Ny; (c) 100%Ny; (d) Failure.
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4. Parameter Analysis
4.1. Selection of Eccentricity

To facilitate subsequent parameter analysis, FEM were developed for specimen 1,
considering both strong axis eccentric compression and weak axis eccentric compression.
The eccentricities analyzed were 0.15, 0.3, 0.45, 0.6, 1.0, 1.5, 2.0, 5.0, and 10.0. The resulting
N-M interaction curves are presented in Figure 14. During the process of increasing
eccentricity from 0 to 0.6, the N-M interaction curve of specimen 1 is almost a straight line.
When the eccentricity is 5.0, the specimen basically reaches the maximum bending moment
it can withstand. Therefore, during parameter analysis, eccentricities of 0, 0.6, 1.0, and 5.0
were selected, and a total of 29 models were established. Detailed parameters of all models
were summarized in Table 3.

12500
—o— Strong Axis
10000 - —o— Weak Axis
Z 75001
XL
Z 5000
2500

O T T T T T
0 300 600 900 1200 1500
M (kN'm)

Figure 14. N-M interaction curve of specimen 1.

4.2. Slenderness Ratio

The slenderness ratio is a critical index in column design. It plays an important role in
the strength, stiffness, and stability of columns. The calculation formula is as follows:

A =2v3L/H, 3)

where A represents the slenderness ratio, L is the length of column, and H is the width
of section.

As shown in Figure 15, the larger the slenderness ratio of the column, the greater the
influence of eccentricity. When the eccentricity increases, the maximum load and ultimate
bending moment it can withstand decrease more significantly. As the slenderness ratio
of the specimen increases, the N-M interaction curve tends to approximate a straight line.
This indicates that the eccentric compression performance of the specimen becomes more
similar to that of a pure steel column and is increasingly influenced by compressive stability.
Taking the strong axis as an example, at a load eccentricity ratio of 0.6, the peak axial
load increased by 41.3% as the slenderness ratio varied from 5.8 to 36.1, compared to an
improvement of 36.4% at a load eccentricity ratio of 1. Therefore, when calculating the
bearing capacity and moment of the specimen under eccentric loading, it is necessary to
consider the reductions for different slenderness ratios and eccentric ratios.
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Figure 15. N-M interaction curves of specimens with different slenderness ratio: (a) Strong Axis;
(b) Weak Axis.

4.3. Number and Size of Stiffeners

Compared with ordinary CFST columns without stiffeners, the RCFST columns with
stiffeners have improved axial compression and bending capacities, as shown in Figure 16.
Taking the strong axis and 0.6 eccentricity rate as an example, compared with the NSO
specimen, the Ny of the NS2+2 specimen with four stiffeners increased by 21.1%, and
the Ny of the NS4+4 specimen with eight stiffeners increased by 36.8%. The research
indicates that the addition of each stiffener increases the bearing capacity by approximately
5%. However, the degree of improvement in bearing capacity tends to diminish as the
number of stiffeners increases. Under strong-axis eccentric loading, increasing the number
of stiffeners on the short side of the specimen enhances its bearing capacity. In contrast,
under weak-axis eccentric loading, adding stiffeners to the long side of the specimen leads
to a more substantial improvement in bearing capacity. This indicates that the enhancement
of the bending performance of the specimen provided by the stiffeners comes from the
flange plates, while the openings in the web affect the mechanical properties of the steel
plates. Compared to the N-M curve under strong-axis eccentric compression, the increase
of the number of stiffeners shows a smaller improvement in bearing capacity under weak-
axis eccentric loading. This suggests that small cross-sectional widths can impact the
performance of stiffeners.
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12000+ o NS2+2 120004 —o—NS2+2
—Oo— NS4+2 —o—NS4+2
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< <
Z 6000 { =z 6000+
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Figure 16. N-M interaction curves of specimens with different number of stiffeners: (a) Strong Axis;
(b) Weak Axis.

Figures 17-19 present the N-M interaction curves of RCFST columns under compres-
sion, with varying stiffener heights, widths, and thicknesses. Taking the cross-sectional
area of the stiffeners in specimen 1 as a reference, the change rates in specimens BS1-80 and
BS1-100 are +17.86% and +35.71%, respectively. At a strong axis eccentricity ratio of 0.6, the
ultimate bearing capacity increases by +1.99% and +3.95%, respectively. The change rate of
the cross-sectional area in specimen BS2-90 is +26.79%, with the ultimate bearing capacity
increasing by +3.27%. For specimen TS10, the cross-sectional area increases by +22.77%,
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with a +2.80% increase in ultimate bearing capacity. It can be deduced that increasing the
height of the stiffeners by 1% leads to a 0.111% increase in the ultimate bearing capacity. For
every 1% increase in cross-sectional area from changes in width or thickness, the ultimate
bearing capacity increases by 0.122% and 0.123%, respectively. Compared to increasing the
height, enhancing the width and thickness of the stiffeners has a more significant effect
on improving the compressive performance of the columns. Increasing the thickness of
steel components remains one of the most effective methods to improve the mechanical
performance of steel-concrete composite structures. Moreover, increasing the width of the
stiffeners results in a performance improvement similar to that achieved by increasing their
thickness. This is due to the wider stiffener increasing the contact area with the concrete
during bending, thereby enhancing the restraining effect.
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Figure 17. N-M interaction curves of specimens with different stiffening heights: (a) Strong Axis;
(b) Weak Axis.
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Figure 18. N-M interaction curves of specimens with different stiffening widths: (a) Strong Axis;
(b) Weak Axis.
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Figure 19. N-M interaction curves of specimens with different stiffener thicknesses: (a) Strong Axis;
(b) Weak Axis.
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4.4. Material Strength

Figures 20 and 21 show the N-M interaction curves of stiffened RCFST columns with
different concrete strengths and steel strengths. It is obvious that changing the strength
grade of the material is the most significant factor affecting the bearing capacity of the
specimen. As shown in Figure 20, with the increase of concrete strength grade, the bending
degree of the N-M interaction curve of the specimen becomes greater, indicating that
the eccentric compression performance of the specimen is closer to that of the concrete
column. On the contrary, in Figure 21, with the increase of steel strength grade, the N-M
interaction curve of the specimen tends towards a straight line, indicating that the eccentric
compression performance of the specimen is closer to that of a pure steel column. Therefore,
it is essential to choose the strength of steel and concrete reasonably in the design. The
strength of the steel pipe is not the higher the better, and the strength of the concrete and
the design of the stiffeners should also be considered.
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Figure 20. N-M interaction curves of specimens with different concrete strengths: (a) Strong Axis;
(b) Weak Axis.
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Figure 21. N-M interaction curves of specimens with different steel strengths: (a) Strong Axis;
(b) Weak Axis.

4.5. The Load (N)-Midspan Deflection (A) Curves

The N-A curves provide a detailed depiction of the stiffness, yielding behavior, and
post-peak load-carrying capacity degradation throughout the entire eccentric compression
process of the specimens. Figure 22 illustrates the N-A curves for specimens with different
parameters. The analysis was performed under strong-axis loading conditions with an
eccentricity ratio of 0.6. The column length is 2200 mm. As shown in Figure 22a, com-
pared to CFST columns without stiffeners, the use of stiffeners improves the compressive
capacity of the specimens and reduces the rate of capacity degradation after reaching
the peak load, thereby enhancing their deformation capacity. Figure 22b,c indicates that
altering the height and width of the stiffeners results in similar trends in their influence
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on eccentric compression performance. However, increasing the width of stiffener has
a more pronounced effect on improving the performance of the specimens, consistent
with the conclusions drawn from the analysis of the N-M interaction curves. Figure 22d
shows that changes in stiffener thickness also have a significant impact on the eccentric
compression performance of the specimens, while influencing their stiffness to a certain
extent. Figure 22e,f reveals that increasing the strength of the concrete and steel has a
noticeable effect on enhancing the eccentric compression performance of the specimens.
However, higher concrete strength leads to a more rapid decline in load-carrying capacity
after reaching the peak load, reducing the ductility and deformation capacity. In contrast,
higher steel strength results in a gentler decline in the N-A curves, indicating improved
ductility and deformation capacity.

8000 J 8000 8000
6000 - 6000 - 6000
54000 » §,4000 » 5,40007
Z —— NS0 Z —o—BS1-40 Z ——B520
2000 —o NS2%2 2000 > BSi-60 2000 —>—B52-30
—o— NS4+2 ——BS1-80 ——BS52-60
0 —o— NS54+4 0 —o—BS1-100 0 —o—BS2-90
0 20 40 60 0 20 40 60 0 20 40 60
A (mm) A (mm) A (mm)
(@) (b) (c)
8000 8000 8000
6000 - 6000 - : 6000 -
é 4000 - é 4000 - é 4000 +
z ——TS4 Z ——C30 Z ——Q235
2000 —o—TS6 2000 —o—C40 2000 —o—Q345
—o—TS8 ——(50 —— (39
0 . —e—TSI0 0 . | ——Ce0 0 ) Q420
0 20 40 60 0 20 40 60 0 20 40 60
A (mm) A (mm) A (mm)

(d) (e) ®
Figure 22. N-A curves: (a) 11s; (b) bs1; (¢) be; (d) ts; (€) feus (f) fy-

5. Calculation of Eccentric Bearing Capacity
5.1. Contribution of Concrete

The FEM results demonstrate that the perforated T-stiffeners enhance the confinement
effects on the infilled concrete within the steel tube. The concrete inside the steel tube can
be divided into strong constraint zones and partial constraint zones, as shown in Figure 23.
Taking the stiffeners and steel tube walls as equivalent H-beams embedded in concrete,
and b,, is the web width of the equivalent H-beam. The majority of the area within the
equivalent H-beam flange is a concrete strong constraint zone, with a quadratic parabolic
boundary and the vertex height by of 0.25 times the height by, of the web plate.
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Figure 23. Core concrete effective confinement zone.

The load-bearing capacity of concrete within the stronger constrained zone is deter-
mined by the enhanced compressive strength of confined concrete f.., whereas regions
under moderate confinement utilize the confined concrete strength f.. Following the
Eurocode 8 [35] provisions, the confined concrete strength can be calculated as:

fe(Lo+50k8) & <005

cc — f ft.c (4)
fc(1.125 +2.5kef—i) B >005
fi = ke(tfy/B1+ tfy/By), 5)
A
ke =77, ©)
C

where f . is the compressive strength of confined concrete; f1 is the equivalent uniformly
distributed transverse compressive stress exerted by the steel tube on the core concrete; f.
and fy are the compressive strength of ordinary concrete and the yield strength of steel,
respectively; t is the thickness of the steel tube wall; By and B; are the width and height
of the inner wall of the steel tube, respectively; ke is the effective confinement coefficient
of concrete; A, and A, are the area of strongly restrained concrete and the total area of
concrete, respectively.

When calculating the N-M interaction curve of web perforated T-shaped stiffened
RCFST, it is necessary to consider the bearing capacity at different neutral axis positions of
the specimen section separately. To simplify the calculation, the concrete strength adopts
uniform strengthening strength:

fCa:NC/AC/ (7)

Ne = 0.85(feAp + fecAn) ®)

where f, is the uniform strengthening strength of concrete; N, is the axial compressive
bearing capacity provided by concrete; Ap, is the concrete area of some confined areas.

5.2. Contribution of Steel Tube and Stiffeners

Adding stiffeners inside the steel tubes is an effective structural measure to prevent
or limit local bulging deformation tubes in CFST columns. When the stiffeners possess
sufficient rigidity or exhibit strong interaction with the concrete, they remain unaffected by
the bulging and deformation of the steel tube walls, thereby providing significant restraint
against local buckling.
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In terms of the strength reduction caused by local bulging deformation in the middle
of the tube wall during compression of CFST columns, the Design Specification AS 4100 [36]
provides a formula for calculating the local buckling stress under compression related to
the buckling coefficient of the steel plate:

f o 7T2Es kg
T 1200 02) (/1)

©)

where f is the local buckling stress of the steel tube wall; Eg is the elastic modulus of
steel; vs is the Poisson’s ratio of steel, which can be calculated as 0.30; kj is the buckling
coefficient of the steel plate without stiffeners; b/t is the width to thickness ratio of the steel
plate, where the width b of the steel plate needs to be reduced according to the number
of stiffeners.

Considering the effective width of the steel tube wall of the CFST column, the local
buckling stress of the steel plate, and the regularized width to thickness ratio, the effective
distribution width coefficient p [37] of the single-sided stiffened steel plate that distin-
guishes the difference in ultimate stress states under elasticity and elastoplastic can be
taken as follows:

1 A<05
p=1q58 05<A<1348 (10)
82 A >1348

Ap = 1/Jfoyl, (11)

where A}, is the regularized width to thickness ratio of the steel plate; fy is the yield strength
of steel.

After obtaining the effective distribution width coefficient of the steel plate, the
strength of the steel is reduced by calculating the ratio of the effective width area of
the steel tube to the total cross-sectional area:

Ase
fye :fyITS/ (12)

where fy. is the effective strength of steel; Ase = pbet is the effective width area of the steel
plate; As is the total cross-section area of the steel plate.

Calculate the equivalent of web perforated T-shaped stiffeners as a straight shaped
stiffener according to the principle of equivalent moment of inertia, as shown in Figure 24.
Considering that the opening of the web plate will affect the mechanical properties of
the stiffeners, the thickness of the web plate will be reduced before the stiffeners become
equivalent as a whole. The equivalent thickness of stiffeners can be calculated using the
following formula:

t/s = Ysts + g, (13)
b _

.= Ld, (14)
bsl

where t;’ is the equivalent thickness of web perforated T-shaped stiffeners that are equiva-
lent to straight shaped stiffeners; -5 is the opening reduction coefficient; tg is the thickness
of the stiffener flange plate spread flat to the web plate according to the principle of
equivalent moment of inertia; d is the diameter of the stiffener opening.
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Figure 24. Equivalent principle of web perforated T-shaped stiffener.

According to the analysis results in Section 4.3, when the web perforated T-shaped
stiffeners are eccentrically compressed, changing the number of stiffeners on the steel
tube web has little influence on the eccentric compression performance. To simplify the
calculation and consider the influence of the flange plate of the stiffener on the bending
performance of the specimen, the stiffener on the steel tube web is spread flat to the steel
tube web for calculation, as shown in Figure 25. There are two methods to spread the web
perforated T-shaped stiffeners flat on the steel tube web: (1) Spread the cross-sectional area
of the stiffeners evenly over the steel tube web plate; (2) Use the principle of equivalent
moment of inertia, the stiffeners are equivalent to the steel tube web. When calculating the
N-M interaction curve of web perforated T-shaped stiffened RCFST columns, the thickness
of the steel tube web plate is calculated using the flattened thickness of the stiffeners, while
the thickness of the steel tube remains unchanged.

I T
t -. T

Figure 25. Simplified calculation model of web perforated T-shaped stiffener.

5.3. Derivation Formula for Eccentric Compression

The N-M interaction curves of the strong axis and weak axis eccentric compression of
web perforated T-shaped stiffened RCFST columns are calculated using the same formula,
and are divided into the following three situations based on the different positions of the
neutral axis:

(1) The neutral axis is located in the concrete (0 < x < % —bs1 — 1)

When the neutral axis of the specimen is located in the core concrete area, the stress
distribution of the web perforated T-shaped stiffened RCFST column section is shown in
Figure 26a. At this time, a large part of the concrete is in the tensile zone. If the stress on
this part of the concrete is ignored, the axial force and bending moment can be determined
using the following formula:

N = 4fyaxt1 +fca |:(b - Zf) <g —t+ X) — nst/5b51:| , (15)
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Figure 26. Force diagram of section: (a) 0 < x < % —bg —t; (b) % —bg —t < x < % -t
©4-—t<x<h

(2) The neutral axis is located in the stiffener (% —bg —t<x< % —1)

When the neutral axis of the specimen is located in the stiffener area, the stress
distribution of the web perforated T-shaped stiffened RCFST column section is shown in
Figure 26b. At this point, the area of the core concrete compression zone decreases, and
a portion of the stiffener on one side of the specimen’s flange is in the compression zone
and another portion is in the tension zone. The axial force and bending moment can be
determined using the following formula:

+

N = fya[dt1x 4 nst's(2bsy — h + 2t + 2x)] +fca[ (b —2t)(§ — t+x> — nst’s(stl +x— % +t> }

(3) The neutral axis is located at the flange of the steel tube (% —t<x< %)

When the neutral axis of the specimen is located inside the flange of the steel tube,
the stress distribution of the web perforated T-shaped stiffened RCFST column section is
shown in Figure 26c. At this point, except for a small portion of the steel tube flange being
under compression, most of the cross-section of the specimen is under tension. The axial
force and bending moment can be determined using the following formula:

N = fya [ 2t1(h —2t) +b(2x — h + 2t) + 2nstsbg } + fea[(b—2t)(h — 2t) — 2ngt'sbg |,

3]

Based on the analysis results in Section 4.2, as the slenderness ratio increases, the

M = fyab (20)

shape of the N-M curve for the stiffened RCFST column specimens gradually approaches
a straight line, and the variation in performance amplitude also changes with increasing
eccentricity. When the slenderness ratio is large, neither the steel nor the concrete can
develop its strength, leading to a decline in the overall mechanical performance of the
specimen. Therefore, it is crucial to consider the effects of different slenderness ratios and
eccentricities on the eccentric compression behavior of the specimens. Based on the FEM
results of the eccentric compression performance of the stiffened RCFST columns with

137

(17)

2
(Z—t) —le. (18)

(19)



Buildings 2025, 15, 506

different slenderness ratios under different eccentricities in this paper, a correction factor
for the eccentric compression bearing capacity is derived for cases where the eccentricity e
is greater than or equal to 0.6.

221

1= "5 +0.034e +0.763, (21)

wherein A is the slenderness ratio; ¢ is the eccentric ratio.

5.4. Comparison and Verification of Calculation Methods

The eccentric compression bearing capacity of RCFST columns with web perforated
T-shaped stiffeners was compared using the theoretical calculation method proposed in
this study and the empirical coefficient calculation method of CECS28 [38], as illustrated in
Figure 27. The results of the theoretical method proposed in this paper are more accurate
than those of the empirical coefficient method, and overall, its calculation results are lower
than experimental and simulation results, leaving a certain margin of safety, making it
more suitable for practical engineering design.
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Figure 27. Comparison of calculated and simulated values: (a) Eccentric compression bearing
capacity; (b) Bending moment.

6. Conclusions

(1) Afinite element analysis model for web-perforated T-shaped stiffened RCFST columns
was developed in this study. The model was validated through comparisons with exist-
ing test results, showing a difference within 10% and a maximum error of 5.36%. The
outcomes demonstrate the precision of the FEM presented in this research for predict-
ing the mechanical performance of web perforated T-shaped stiffened RCFST columns.

(2) Web-perforated T-shaped stiffeners can restrain the growth and development of stress
and strain in various parts of the specimen during eccentric compression. They also
help delay the damage of steel tube and concrete while enhancing the compressive
strength of concrete in certain areas.

(3) The effects of L, ns, bs1, bsa, ts, fcu, and fy on the eccentrically loaded capacity of
web-perforated T-shaped stiffened RCFST columns were analyzed. An increase in L
reduces the overall stability of the member, making its mechanical behavior closer to
that of a pure steel column. Enhancing f, and fy improves the load-bearing capacity;
however, increasing f, reduces the ductility and deformability of the columns. The
number of stiffeners has a more significant influence on the bearing capacity of
members under strong-axis eccentric loading, with a smaller impact on the weak axis.
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Among the stiffener size parameters, by, and ts exhibit a more significant influence on
the load-bearing capacity compared to bg;.

(4) A novel method is proposed for predicting the ultimate strength of RCFST columns
with web-perforated T-shaped stiffeners. This method considers the joint load-bearing
contribution of the web-perforated T-shaped stiffeners and the steel tube while ac-
counting for the impact of local buckling of the steel tube on the ultimate strength.
The results indicate that this method can achieve higher accuracy while ensuring
safety, whereas the calculations based on CECS 28 is conservative.
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Abstract: Numerous rural residential buildings exhibit inadequate seismic performance
when subjected to blast-induced vibrations, which poses potential threats to their overall
stability and structural integrity when in proximity to blasting project sites. The investiga-
tion conducted in conjunction with the Qianshi Mountain blasting operations along the
Wenzhou segment of the Hangzhou-Wenzhou High-Speed Railway integrates household
field surveys and empirical measurements to perform modal analysis of rural residential
buildings through finite element simulation. Adhering to the principle of stratified ar-
rangement and composite measurement point configuration, an effective and reasonable
experimental observation framework was established. In this investigation, the seven-story
rural residential building in adjacent villages was selected as the research object. Strong-
motion seismographs were strategically positioned adjacent to frame columns on critical
stories (ground, fourth, seventh, and top floors) within the observational system to acquire
test data. Methodical signal processing techniques, including effective signal extraction,
baseline correction, and schedule conversion, were employed to derive temporal dynamic
characteristics for each story. Combined with the Fourier transform, the frequency-domain
distribution patterns of different floors are subsequently obtained. Leveraging the struc-
tural dynamic theory, time-domain records were mathematically converted to establish the
structure’s maximum response spectra under blast-induced loading conditions. Through
the analysis of characteristic curves, including floor acceleration response spectra, dynamic
amplification coefficients, and spectral ratios, the dynamic response patterns of rural resi-
dential buildings subjected to blast-induced vibrations have been elucidated. Following the
normalization of peak acceleration and velocity parameters, the mechanisms underlying
differential floor-specific dynamic responses were examined, and the layout principles of
measurement points were subsequently formulated and summarized. These findings offer
valuable insights for enhancing the seismic resilience and structural safety of rural residen-
tial buildings exposed to blast-induced vibrations, with implications for both theoretical
advancements and practical engineering applications.
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1. Introduction

As a critical tool in construction projects, engineering blasting technology finds ex-
tensive application across tunnel operations, mining activities, and the development of
hydro-power infrastructure. Its advantages lie in rapid execution, cost efficiency, and
operational adaptability. However, the adverse effects of blasting operations on adjacent
structures are equally concerning, particularly through destructive phenomena such as
building damage or catastrophic collapse, tunnel deformation, fractures in civil and indus-
trial structures, and slope instability in open excavations [1]. Observations from numerous
blasting projects reveal that rural residential buildings are frequently widespread in the ad-
jacent areas. Predominantly constructed in the absence of stringent regulatory frameworks
and failing to align with contemporary seismic design codes, these residential structures
inherently demonstrate structural deficiencies stemming from an emphasis on architectural
aesthetics at the expense of engineering robustness, compounded by construction method-
ologies adapted to localized contextual constraints. Consequently, the dynamic behavior
of such vulnerable dwellings under blast-induced excitations necessitates meticulous sci-
entific investigation to establish empirically grounded assessment protocols for vibration
mitigation and structural reinforcement strategies [2-7].

In the existing research, considerable attention has been directed toward investigating
the characteristics of blast-induced vibrations. Scholars have systematically analyzed the
propagation patterns, spectral signatures, and contributing factors. Empirical evidence
demonstrates that blast-induced vibrations may induce a spectrum of adverse effects
on adjacent rural residential buildings, manifesting from superficial hairline cracks to
catastrophic structural failures [8]. The severity of impacts arises from the synergistic
interaction of multiple variables, encompassing blasting operational parameters (such as
explosive charge weight, detonation sequencing) [9-11], geophysical transmission media
(including subsurface geology and soil typology) [12], and inherent architectural attributes
(such as material resilience and construction methodology) [13]. Notably, peak particle
velocity (PPV) emerges as the primary metric for assessing blast-induced vibrations severity;
frequency is also an important parameter because rural residential buildings respond
differently to vibrations of different frequencies [14,15]. The frequency sensitivity stems
from the structural particularities of rural residential buildings, which often lack modern
seismic fortification measures. Further research indicates that the foundational typology,
the distance of blast sources, and the structural conditions significantly affect the seismic
performance of rural residential buildings [16,17]. For instance, shallow foundations
common in rural residential buildings demonstrate heightened susceptibility to resonant
amplification effects at specific frequency ranges, while age-related material degradation
exacerbates susceptibility to cumulative damage mechanisms. Concurrently, architectural
variables such as irregular mass distribution, non-engineered construction joints, and
substandard reinforcement detailing, prevalent in vernacular building practices, contribute
to stress concentration under dynamic loading regimes such as blast-induced vibrations.

In impact analysis, the elevation amplification effect is one of the key factors to be
considered when assessing the threats. Blast-induced vibrations exhibit a height-directional
amplification phenomenon within building structures, whereby taller constructions demon-
strate progressively greater vibrational intensity at upper levels [18-20]. Through an actual
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engineering blasting test, three-directional peak vibration velocities in high-rise buildings
show marked amplification trends at elevated positions, with intensity increasing propor-
tionally to height [21]. Similarly, the analysis of the blast-induced vibration monitoring
data of a 33-story high-rise building by Faramarzi et al. indicates that both the vertical
vibration velocity and the main vibration frequency have elevation amplification effects,
which are more obvious in the middle and top of the building [18]. Notably, these dynamic
responses demonstrate greater magnitude in mid-story and upper-story locations, suggest-
ing complex interaction mechanisms between incident wave-field and structural resonance
frequencies at increased elevations.

The phenomenon arises from multiple contributing factors, including wave reflection
patterns at structural discontinuities, height-dependent modal participation during vibra-
tion cycles, and potential superposition effects from reflected wave components. Research
indicates that buildings exceeding three stories in height begin to exhibit measurable el-
evation amplification, with effects becoming pronounced above six stories under typical
blasting excitation frequencies [15]. This vertical response gradient necessitates site-specific
monitoring strategies that incorporate elevation-distributed sensor arrays, rather than
relying solely on ground-level instrumentation. Furthermore, the interaction between
incident vibration frequencies and structural natural frequencies becomes particularly
critical at elevated levels [21], where even moderate ground motion inputs may induce
disproportionate dynamic responses due to reduced damping ratios and altered mass
participation factors. For the dynamic response of high-rise buildings subjected to blast-
induced vibrations, it shows that the vertical vibration velocity is usually greater than that
in the horizontal directions [22]. As a complex dynamic system, buildings have different
responses to vibrations of different frequencies on different floors, which may cause certain
frequencies of vibration to resonate or be amplified on specific floors. Research has found
that the amplification effect of structures on energy components of different frequencies is
selective, which means that vibration energy of certain frequencies is more easily absorbed
and amplified by buildings, thereby leading to a greater structural response [23]. These
findings underscore the importance of three-dimensional dynamic analysis in vulnerability
assessments for multi-story buildings subjected to blast-induced vibrations.

Reviewing the current research status of blast-induced vibrations and structural dy-
namic response, there are relatively few studies on specific rural residential buildings, and
there is also a lack of systematic experimental data. Therefore, based on the blasting project
site of Qianshi Mountain in the Wenzhou section of Hangzhou-Wenzhou High-Speed
Railway, and taking the typical rural residential buildings located in the adjacent area of
the blasting site as the research object, this research conducts the dynamic response of the
rural residential building subjected to blast-induced vibrations. This research provides
an important reference basis for evaluating the impact of blast-induced vibrations on
rural residential buildings and provides an important safety reference basis for related
blasting projects.

2. Generalization of Experimental Site
2.1. Geological Conditions of Experimental Site

In order to meet the requirements of railway engineering construction and associated
ancillary projects, comprehensive blasting and excavation works were undertaken on
Qianshi Mountain within the Wenzhou section of the Hangzhou-Wenzhou Railway. The
blasting zone extends 460 m from east to west, with a maximum north-to-south span
of 260 m. The mountain reaches a peak elevation of 90 m, and the total excavation is
approximately 3.8 million cubic meters. The aerial comparison before and after the blasting
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clearly presents the proximity relationship between the blasting source and the village
building complex, as shown in Figure 1. The blast-induced vibrations have a particularly
significant dynamic impact on the adjacent rural residential buildings. In this test, the
blasting construction operation adopts the method of small steps, weak loosening, deep
holes combined with shallow blasting, mainly controlled blasting, and mechanical-assisted
excavation operation is combined with the construction. The unique spatial relative position
characteristics of the test site provide test element guarantees for this research.

Figure 1. Comparison of the current situation of unmanned aerial vehicle (UAV) aerial photography

of the blasting area: (a) before blasting construction; (b) after blasting construction.

The test site is situated within a river terrace-valley system and exhibits pronounced
geological stratigraphic characteristics. The surface water network, comprising seasonal
streams and irrigation ditches, is densely distributed across adjacent agricultural land.
The groundwater level fluctuates at depths of 0-1.0 m below ground level, demonstrating
marked seasonal variations. The upper geological section is a heterogeneous sedimentary
sequence, including clay, silt, silty clay, silty clay interspersed with crushed stones, silty
sand, coarse gravel soil, and the quaternary residual slope accumulation of gravel-bearing
silty clay layers, which were formed through complex sedimentary processes (marine,
alluvial, and fluvial). The underlying bedrock is the fused tuff of the Zhuji Formation of
the Late Jurassic. However, due to the thick overburden, the surface soil with low bearing
capacity may amplify the ground vibration caused by blasting. In accordance with the
requirements of the engineering safety oversight authority, this trial increased the quantity
of blast holes, reduced the charge volume per hole, and employed delayed detonation
techniques to distribute energy more rationally. These measures aim to mitigate risks
associated with rock projection caused by concentrated energy release, while minimizing
the impact of blast-induced vibrations on adjacent structures.

2.2. Relative Positional Relationship

During single blast trials, limitations on the quantity and resources allocated to moni-
toring instrumentation preclude comprehensive testing of all rural residential structures
adjacent to the test site. Consequently, this study selected typical representative rural resi-
dential buildings as its primary research. Field inspections and surveys revealed that the
majority of local rural residential buildings comprise reinforced concrete frame structures
constructed or renovated between 1990 and 2010. A seven-story reinforced concrete frame
structure, exhibiting the greatest architectural prominence and characteristic features of
the region, was chosen as the principal investigation target. Situated approximately 580 m
from the blasting origin, its relative spatial configuration is illustrated in Figure 2.
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The seven-storey rural residential building

Figure 2. The relative positional relationship between the blasting origin and the seven-story rural
residential building.

2.3. Structural Dimension Measurement

Following site inspections and occupant surveys, the selected rural residential obser-
vation structure was constructed circa 2005. It is arranged in an east-west orientation and
adopts a seven-story and seven-bay reinforced concrete frame structure. With the exception
of terraces on the eastern and western extremities of the uppermost floor, the structural
layout remains consistent across all levels. The overall elevation of the building reaches
24 m (including roof structures), establishing it as the tallest rural residence within the
near field. To ascertain geometric dimensions and structural particulars, methodologies
encompassing occupant interviews and direct measurements were employed, utilizing
standard instrumentation such as infrared laser rangefinders, floor thickness gauges, and
steel tape measures. The on-site household investigation is shown in Figure 3.

k¢ 4®Column
! (@Beam
®Slab

Figure 3. The on-site investigation of the rural residential building.

In terms of specific geometric dimensions, the floor height is 2.8 m, the floor slab
thickness is 0.12 m, the thickness of both the interior and exterior walls is 0.3 m, the overall
width of the room is 24.5 m, the depth is 14.9 m, and the width of each room is 3.5 m.
Additionally, an elevator shaft and a staircase are set on the east side, with a width of 3.5 m
and a depth of 2.9 m. The size of the frame columns is 400 mm x 500 mm. The frame beam
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size is 300 mm x 480 mm. The ground floor partially adopts filled partition walls, and
there are no partition walls on the second to seventh floors. The facade layout of the rural
residence building is shown in Figure 4, and its floor plan layout is shown in Figure 5.
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Figure 4. The facade layout of the rural residential building.
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Figure 5. The floor plan layout of the rural residential building.

3. Experimental Design

For the constraints on instrumentation quantity and resource allocation, it is imperative
to identify strategically critical locations for instrument deployment to ensure the relevance
and reliability of measured data. Therefore, during the experimental design, by establishing
a finite element model and combining it with the method of calculating modal analysis, we
can fully grasp the structural modes of rural residential buildings, thereby determining the
key parts of rural residential buildings, designing the observation system, and reasonably
placing the instrument positions.

3.1. FEM Modeling

Considering the substantial computational demands of nonlinear analysis for rein-
forced concrete frame structures, optimization of modeling complexity and calculation
duration is achievable while preserving a reasonably accurate representation of the inherent
dynamic characteristics of the rural residential building. During the modeling process,
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non-structural elements such as partition walls, doors, and windows were intentionally
simplified, as these components do not contribute to load-bearing capacity. Consequently,
the finite element model exclusively incorporates primary structural elements, including
beams, columns, and slabs, which constitute the load-bearing framework of the reinforced
concrete structure.

In terms of material arrangement, the primary reinforcement configuration for the
reinforced concrete frame structure employs HRB400 grade for longitudinal bars and
HPB300 grade for stirrups. Cross-sectional reinforcement detailing has been streamlined
for computational efficiency. Regarding steel reinforcement properties, fundamental pa-
rameters including Density, Young’s modulus, and Poisson’s ratio were established at
7850 kg/m?3, 206 GPa, and 0.3, respectively. Considering the mechanical behaviors of
reinforcing bars and concrete, both fall within the scope of nonlinear analysis. The charac-
teristics of reinforcement after yield can be described by the elastic stage (with the slope
being the Young’s modulus E) and the plastic stage (with a slope of 0.01E after yield)
when the double-line model is adopted for reinforcing bars. A bilinear kinematic harden-
ing model was adopted to characterize reinforcing bars” behavior, effectively capturing
post-yield strengthening effects while maintaining reasonable simulation accuracy. Its con-
stitutive relationship is shown in Figure 6a. The concrete composition was specified as C30
grade, with Density, Young’s modulus, and Poisson’s ratio parameters set at 2500 kg/m3,
300 GPa, and 0.2, respectively. To model the cumulative damage evolution in concrete
elements, an elastoplastic damage-coupled constitutive framework capable of representing
irreversible plastic deformation was selected (The Concrete Damaged Plasticity model)
as outlined in referenced studies [24,25]. Detailed material parameters are tabulated in
Table 1. At present, many building industry research institutes have established standard-
ized concrete constitutive relations through extensive experimental statistics and theoretical
analysis. By adjusting the segmented equations (such as the ascending and descending
segments) and damage parameters, it can cover concrete of different strength grades. In the
elastic stage, the stress—strain relationship is defined by the elastic modulus and Poisson’s
ratio of the concrete. In the inelastic stage, the stress—strain numerical correspondence
directly given by the design requirements is adopted. The specific relationship is shown in
Figure 6b. The contact mode between the steel bars and the concrete is set as embedded,
which means the steel bars are embedded into the concrete.

Jer

0.57,

&

Figure 6. The nonlinear constitutive relationship of the material: (a) The double-curve constitutive
model curve of the reinforcing bar; (b) the uniaxial stress—strain relationship curve of the concrete.
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Table 1. The required CDP model parameters.

Dilation . . . Shape Viscosity
Angle Eccentricity Stress Ratio Coefficient Parameter
30° 0.1 1.16 0.66667 0.0005

In terms of grid division, there exists a critical balance between computational ef-
ficiency and accuracy: excessively coarse meshes compromise the fidelity of numerical
results, while overly refined grids impose disproportionate computational burdens. For
the rural residential building, mesh resolution must be judiciously calibrated to ensure
adequate geometric representation while adhering to the element size guidelines recom-
mended by Kuhlemeyer et al. [26] and Lysmer et al. [27]. This approach optimizes both
analytical precision and computational feasibility.

In terms of boundary conditions and constraint settings, through the part of this field
regarding the vibration of buildings caused by boundary events [28], the rural residential
buildings have reached a state of geotechnical equilibrium following over three decades of
consolidation. Consequently, the foundation boundary may be idealized as a fully fixed
constraint to reflect the absence of further differential settlement. Regarding structural
connectivity, the frame beams and columns, constructed as monolithic cast-in-place ele-
ments, were computationally unified through Boolean merging operations during finite
element assembly, thereby eliminating interfacial discontinuities. While the floor slabs
also comprise cast-in-place concrete, their sequential installation post-dating the primary
frame necessitates distinct boundary treatment. Specifically, the interface between slabs
and the pre-existing frame components was defined using tie constraint formulations to
accommodate coordinated deformation behavior while preserving the methodological
distinction between primary and secondary structural elements.

To facilitate a comprehensive comparison of natural vibration characteristics across differ-
ent stories within the rural residential building and inform the instrumentation deployment
strategy, distinct finite element models were formulated to analyze the global structural
dynamic behavior. Two primary modeling paradigms were adopted. The first simplifies
the structural system by focusing on primary load-bearing components, represented by
a beam—column framework model (denoted as Model A). This configuration incorporates
only the essential gravitational and lateral force-resisting elements. The second paradigm
extends this framework by integrating floor diaphragms, thereby constituting a complete
three-dimensional frame model (denoted as Model B). Both finite element representations
were independently developed to evaluate the influence of slab-frame interaction on modal
response parameters. The specific structural components included in each computational
model are detailed in Table 2, and the finite element modeling is shown in Figure 7.

Table 2. The structural composition of the calculation model.

Model Number Model Name Structural Composition
Model A Beam—column frame model Column + Beam
Model B Complete three-dimensional frame model Column + Beam + Slab
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Figure 7. The rural residential building modeling diagram: (a) Beam—column frame model (Model A);
(b) complete three-dimensional frame model (Model B).

3.2. Modal Analysis of Rural Residential Buildings

Modal parameters of the rural residential building encapsulate their intrinsic dynamic
attributes and serve as the foundational prerequisite for comprehending the global dynamic
response characteristics of structures. The theoretical underpinnings of modal analysis
are firmly rooted in structural dynamics and vibration theory, with the fundamental
objective revolving around the extraction of modal parameters through the resolution of
the structural eigenvalue problem [29,30]. Modern finite element analyses typically employ
advanced eigenvalue solution algorithms to extract modal parameters from the system.
Notable methodologies include the subspace iteration method, the Lanczos algorithm, and
the Automatic Multi-Level Substructuring (AMS). Among these, the Lanczos algorithm is
the most commonly adopted method.

3.2.1. Modal Analysis of Beam—Column Frame Model (Model A)

The rural residential building exhibits planar symmetry, with uniform facade configu-
rations observed across all stories except for the seventh-floor terrace. This architectural
regularity not only streamlines construction procedures but also reduces the complexity
of finite element discretization, thereby enhancing computational efficiency. The natu-
ral frequency spectrum for the initial 20 modes of the beam—column framework model
(Model A) is presented in Table 3, while the corresponding deformation patterns for the
first six vibration modes are illustrated in Figure 8. The modal characteristics provide
critical insights into the dynamic coupling behavior of the structural system, enabling
targeted instrumentation placement for experimental modal analysis.

Table 3. The natural frequency spectrum for the initial 20 modes of beam-column framework model

(Model A).
Frequency Frequency Frequency
Mode (Hz) Mode (Hz) Mode (Hz)

1 1.7028 8 2.2771 15 3.0022
2 1.7601 9 2.3442 16 3.0890
3 1.8004 10 2.5649 17 3.1582
4 1.8612 11 2.7861 18 3.2262
5 1.9579 12 2.9200 19 3.2606
6 1.9794 13 2.9432 20 3.3808
7 2.1325 14 2.9498

Through analysis, the frequencies of the first six vibration modes are 1.7028 Hz,
1.7601 Hz, 1.8004 Hz, 1.8612 Hz, 1.9579 Hz, and 1.9794 Hz, respectively. The characteristics
of Mode 1 are overall bending in the binning direction and longitudinal beam bending,
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and the reaction of the top frame beam is the most obvious. The characteristics of Mode 2
are overall torsional deformation, longitudinal beam bending, and frame column bending.
Among them, the corner columns of the frame columns and the top frame beams have the
most obvious reactions. The characteristics of Mode 3 are the overall bending in the depth
direction, the bending of the crossbeam, and the bending of the frame column. Among
them, the reactions of the frame column and frame beam at the middle part between the
sixth and seventh floors are the most obvious. The characteristics of Mode 4 are overall
torsional deformation, bending of frame beams, and bending of frame columns. Among
them, the reactions of frame columns and frame beams at both ends of the sixth and
seventh floors are the most obvious. The characteristics of Mode 5 are overall torsional
deformation, frame column bending, and beam bending. Among them, the reaction of the
frame beam in the middle part of the depth direction of each floor is the most obvious. The
characteristics of Mode 6 are the overall bending and torsion in the depth direction, as well
as the bending of frame columns and beams. Among them, the reactions of frame columns
and beams at the middle and end parts of the sixth and seventh floors of rural residential
buildings are the most obvious.

Mode 1: fi=1.7028Hz Status:Bending of Transverse Direction, Mode 2: f>=1.7601Hz Status:Torsion of Rural residential building,
Bending of Longitudinal beam, Bending of the Frame column Bending of Longitudinal beam, Bending of the Frame column

- -
Mode 3: /i=1.8004Hz Status:Bending of Longitudinal Direction, Mode 4: fi=1.8612Hz Status:Torsion & Bending of Rural residential
Bending of Transversal beam, Bending of the Frame column building, Bending of the Frame beam, Bending of the Frame column

Mode 5: f5=1.9579Hz Status:Bending of Transverse Direction, Mode 6: f=1.9794Hz Status:Torsion & Bending of Longitudinal Direction,
Bending of Longitudinal beam, Bending of the Frame column Bending of Transversal beam, Bending of the Frame column

Figure 8. The first six vibration modes of beam—column frame model (Model A).
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3.2.2. Modal Analysis of Complete Three-Dimensional Frame Model (Model B)

The natural frequency spectrum for the initial 20 modes of the complete three-dimensional
frame model (Model B) is shown in Table 4, and its vibration patterns in the first six orders
are shown in Figure 9.

Table 4. The natural frequency spectrum for the initial 20 modes of complete three-dimensional

frame model (Model B).
Frequency Frequency Frequency
Mode (Hz) Mode (Hz) Mode (Hz)

1 1.8634 8 6.5160 15 6.5669
2 2.1281 9 6.5168 16 6.5678
3 2.2054 10 6.5177 17 6.5687
4 5.5448 11 6.5185 18 6.5691
5 6.4524 12 6.5190 19 6.5698
6 6.4564 13 6.5463 20 6.6544
7 6.5156 14 6.5621
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Mode 3: £5=2.2054Hz Status:Torsion of Rural residential building, = Mode 4: fi=5.5448Hz Status:Torsion & Bending of Transverse Direction,
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Mode 5: f5=6.4524Hz  Status:Torsion & Bending of Longitudinal Direction, Mode 6: fe=6.456Hz  Status:Deformation of 7F Roof slab
Bending of Longitudinal beam, Bending of the Frame column
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Figure 9. The first six vibration modes of complete three-dimensional frame model (Model B).

Through analysis, the frequencies of the first six vibration modes are 1.8634 Hz,
2.1281 Hz, 2.2054 Hz, 5.5448 Hz, 6.4524 Hz, and 6.4564 Hz, respectively. Among them,
the characteristics of the first three vibration modes are consistent with the part of the
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above-mentioned beam—column structure Model (Model A), due to the addition of floor
slab components, the vibration mode characteristics of each order have undergone certain
changes. Specifically, the characteristics of the first-order vibration mode are the overall
bending in the bay direction and the bending of the frame columns. The floor slabs of each
floor respond uniformly, and the response becomes more obvious as the height of the floor
increases. The characteristics of the second-order vibration mode are the overall bending in
the depth direction and the bending of the frame columns. Its characteristics are similar
to those of the first-order vibration mode, also manifested as the uniform response of the
floor slabs on each floor. As the height of the floor increases, the response becomes more
obvious. The third-order vibration mode feature is the overall torsional deformation of
rural residential buildings. Similarly, the floor slabs of each floor twist along the center
position of the floor slabs, and the corner edges of the floor slabs and the corner columns of
the frame columns react most obviously. The characteristics of the fourth-order vibration
mode are the overall bending in the barium direction of rural residential buildings and the
bending of frame columns. With the increase of floor height, the reaction characteristics also
show a trend of strengthening, weakening, and strengthening. The floor of the sixth floor
hardly reacts, while the floor of the third and fourth floors reacts more obviously with
the roof of the seventh floor. The characteristics of the fifth-order vibration mode are the
overall bending and torsion of rural residential buildings along the depth direction, the
bending of frame columns, and the deformation of floor slabs. With the increase of floor
height, the reaction characteristics also show a trend of strengthening, weakening, and
strengthening. The floor slab of the sixth floor hardly reacts, while the floor slab of the
fourth floor reacts more obviously with the roof slab of the seventh floor. The characteristic
of the sixth vibration mode is the deformation of the roof slab of the seventh floor, and the
reaction is most obvious at the center of the floor slab.

3.3. Natural Vibration Characteristics of Rural Residential Buildings

A comparative analysis of the beam—column framework model (Model A) and the
complete three-dimensional frame model (Model B) of rural residential buildings reveals
the following structured insights:

(1) By comparing the frequency differences of the first 20 vibration modes, it is found
that the overall vibration of the observed objects in the test mainly occurs in the
low-frequency band. Among them, the vibration mode frequencies of the rural
residential building are all within 7 Hz, and the superposition effect of high-order
vibration modes is prominent. Such vibration mode frequency values are caused
by the stiffness, overall height, and structural characteristics of the rural residential
building, which are also related to the overall planar layout of the structure.

(2) By comparing the differences in modes and vibration forms of each order, it is found
that the overall vibration mode characteristics of the first few orders of the structure
are all manifested as binning and depth direction bending, frame column bending,
frame beam bending, overall torsional deformation, floor slab deformation, especially
the reactions of the top layer of the structure are relatively obvious. The main reason
for the differences is also related to its structural and construction characteristics.
Therefore, it is necessary to focus on the layout of instruments in the frame beams,
frame columns, and the top layer of the structure.

(3) Compared with Model A, Model B takes the floor slab into account on this basis.
The floor slab forms a whole, and the vibration mode frequency of the rural resi-
dence building increases as a whole. Many floor slab responses also occur in the
first 20 modes. Moreover, in the characteristics of the fourth and fifth modal vibration
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modes, it is observed that as the height of the floor increases, the reaction character-
istics also show a trend of strengthening, weakening, and strengthening. The floor
of the sixth floor hardly reacts, while the floor of the third and fourth floors reacts
more obviously with the roof of the seventh floor. Therefore, it is not only necessary
to install the instruments on the top floor, but also to pay special attention to the
placement of instruments on the middle floors such as the third and fourth floors, as
well as between adjacent floors.

3.4. Design of Experimental Observation System

In this test, the ETNA-2 digital strong-motion accelerograph produced by Kinemetrics
Co., Ltd. (Pasadena, CA, USA) was employed to acquire blast-induced vibration data. This
instrument is renowned for its exceptional performance and incorporates triaxial EpiSensor
accelerometers, enabling simultaneous recording of ground acceleration components in
the east-west (EW), north-south (NS), and vertical (UD) directions. Key attributes include
its compact form factor, lightweight construction, broad dynamic range (+2 g~£10 g),
robust stability, and user-friendly operation, facilitating straightforward deployment in
field conditions. The technical specifications of the ETNA-2, as outlined in Table 5. The
instrument’s seismic-grade design and compatibility with standard installation protocols
render it suitable for rugged field applications, while its triaxial configuration permits
comprehensive characterization of blast-induced vibrations.

Table 5. The technical specifications of the ETNA-2 digital strong-motion accelerograph.

Sensor
Triaxial EpiSensor force balance
Type: accelerometers, orthogonally
oriented
Full scale range: User selectable at +1 g, +2 g or
+4g
Bandwidth: DC to 200 Hz
Dynamic range: 155 dB+
Digitizer
= 3 24-bit sensor channels for the
ETNA-2 digital strong . internal sensors
seismograph Channels: bandWldth—Optlleed 32-bit
data path

Sample rates and

Acquisition modes: 100sps/ continuous (ring buffer)

To ensure the relevance and efficacy of the observation, the principle of ‘layered
arrangement and composite measurement point layout” along the vertical axis is adopted.
Priority is assigned to monitoring the bottom and top layers to capture the primary global
vibration modes and localized dynamic responses. Simultaneously, practical considerations
such as instrument accessibility, structural compatibility, and measurement repeatability
inform the selection of deployment locations, ensuring the identification of reasonable,
effective, and operationally viable key positions for sensor placement. To facilitate the later
data comparison and analysis, the various deployment positions of the instruments are
named by floor numbers. The corresponding floors from bottom to top are respectively
named the ground, fourth, seventh, and roof levels, as shown in Figure 10. Concurrently,
the instrumentation grid must be systematically aligned with the orthogonal coordinate
framework relative to the building’s geometric axes, wherein the X-axis corresponds to
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the transverse width dimension, the Y-axis to the longitudinal depth dimension, and the
Z-axis to the vertical elevation axis.

Location 4
. The partition wall

. Location 1: Adjacent to the frame column at the ground floor slab
l Location 2: Adjacent to the frame column at the 4th floor slab
X Y Location 3: Adjacent to the frame column at the 7th floor slab
Location 4: Adjacent to the partition wall at the top floor slab

Figure 10. The installation and layout positions of the instruments of the rural residential building.

4. Data Processing and Analysis

In accordance with the designed experimental observation system, the original data
signals observed still need to adopt a series of methods and measures for data processing.
Combined with the technical regulations for strong vibration observation, this section
systematically elaborates the data processing methods:

(a) Time-Domain Analysis: Evaluation of temporal waveforms to quantify peak particle
velocities, acceleration amplitudes, and duration parameters.

(b) Frequency-Domain Analysis: Spectral decomposition via fast Fourier transform (FFT)
to identify modal frequencies and energy distribution across the vibration spectrum.

(c)  Structural Dynamic Characterization: Assessment of dynamic amplification factors
(DAFs) and damping ratios to quantify the vibration transmission characteristics of
the rural residential building.

These analyses facilitate the correlation of field measurements with theoretical predic-
tions of structural response, thereby enabling critical evaluations of building performance
under transient loading conditions.

4.1. Data Processing
4.1.1. Data Pre-Processing

Based on systematic characterization of the test site, the typical duration of the explo-
sion ranges from 0.5 to 3 s. To optimize computational efficiency and mitigate superfluous
background noise processing, a 10 s temporal window is systematically captured for each
event, encompassing 2 s of pre-trigger baseline data and 8 s of post-trigger transient re-
sponse. This protocol ensures comprehensive acquisition of the blast-induced vibration
envelope while minimizing extraneous signal components. After the baseline correction is
completed, it provides a certain reference basis for the later comparative analysis of the
acceleration time history of each measurement point.

4.1.2. Schedule Conversion

Time-history transformation constitutes a critical process in blast-induced vibration
signal analysis, enabling the conversion of acceleration time-domain records into equiva-
lent velocity and displacement histories. The underlying mathematical principle involves
the numerical integration of discrete time-series data through quadrature algorithms [31].
However, the theoretical continuum integration must be approximated via discrete sum-
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mation techniques, for blast-induced vibration signals are inherently non-stationary and
discretely sampled. The discretization process transforms the analytical integral into
a tractable algebraic operation, where the Riemann sum approximation of the area under
the acceleration-time curve yields the corresponding velocity history, and subsequent itera-
tive integration generates the displacement profile. Despite the numerical implementation,
the procedure remains mathematically close to the definite integral operation, thereby
preserving the physical fidelity of the dynamic response reconstruction. The numerical
integration of acceleration time histories to derive velocity and displacement profiles is
typically accomplished through quadrature algorithms such as the Trapezoidal Rule or
Simpson’s Rule [32-34]. The Trapezoidal Rule, as a fundamental method, approximates
the integral as a piecewise linear function, with its discrete formulation expressed as:

ap_1+a

U = U1+ %At, (1)
OUr_1+0

di = dey + = A, ¢)

The approach effectively computes the area under the acceleration—time curve by
summing trapezoidal segments between consecutive data points. While computation-
ally efficient, the Trapezoidal Rule introduces cumulative phase errors proportional to the
square of the sampling frequency, necessitating careful consideration of time-step discretiza-
tion and high-frequency noise filtering to mitigate aliasing effects. By contrast, Simpson’s
Rule employs quadratic interpolation between data points, while offering improved accu-
racy for smooth acceleration histories at the expense of increased computational complexity.
Therefore, when calculating the velocity time history, using the Trapezoidal Rule can take
into account both efficiency and high-frequency noise to meet the requirements of the
calculation results.

4.2. Analysis of Experimental Characteristics of Rural Residential Buildings
4.2.1. Time-Domain Analysis

After systematic pre-processing of raw observational data, including coherent signal
extraction and baseline drift compensation, a corrected acceleration time-history curve
is obtained. Figure 11 illustrates the X, Y, and Z directions” acceleration time histories
recorded at the ground, fourth, seventh, and top floors of the rural residential building.
Key observations include:

(1) The acceleration amplitude variation on the top floor is notably greater than on the
ground floor, while the time-history curve exhibits tail oscillations. This phenomenon
likely arises from the top floor’s reduced mass and stiffness, such as lightweight
roofing materials or ancillary attic structures. As blast-induced seismic waves prop-
agate upward, inertial effects intensify seismic amplification, yielding heightened
acceleration responses accompanied by persistent oscillations.

(2) The variation of the acceleration amplitude in the vertical direction (Z-direction) is
significantly greater than that in the horizontal direction (X and Y directions). The
reason for this phenomenon should be the stiffness of the multi-story reinforced
concrete frame structure in the vertical direction is greater than that in the horizontal
directions. Therefore, the natural frequency of the rural residential building in the
vertical direction is relatively closer to the main shock frequency of blast-induced
seismic waves, which is prone to cause the structure to generate an acceleration
response higher than that in the horizontal directions.

155



Buildings 2025, 15, 2511
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From the ground floor to the top floor of the rural residential building, the overall
change of peak acceleration in three directions is not consistent. It does not gradually
increase according to the height of the building. There is a process of decreasing peak
acceleration in the middle part of the floors.

Presently, the prevailing norms and standards across numerous nations predominantly

adhere to the joint criterion system for blast-induced vibration safety, which integrates peak

particle velocity (PPV) and dominant vibration frequency parameters [35-38]. Within this

safety framework, it is stipulated that when the blast-induced dominant frequency range

falls within 10 Hz < f < 50 Hz, the corresponding permissible particle vibration velocity

threshold ranges between 2.0 and 2.5 cm/s. To facilitate analysis of velocity variation

patterns across different floors in the vertical space, this study examines the time-history

velocity profiles in the X, Y, and Z directions for the rural residential building in Figure 12.

It can be found:

@)

@

The variation in velocity amplitude on the top floor is markedly more pronounced
than on other floors. A comparative analysis of peak velocities between the ground
floor and the top floor reveals that the peak velocity increases from 1.57 x 10~ cm/s to
1.99 x 1073 cm/s in the X-direction. In the Y-direction, it rises from 1.51 x 1072 cm/s
to 3.07 x 1073 ¢m/s, while in the Z-direction, it escalates from 5.63 x 10~ cm/s
t0 9.24 x 1073 cm/s. Consequently, the peak velocity increments in the X, Y, and
Z directions on the top floor exhibit a consistent upward trend, attributable to the
inherent structural rigidity of rural residential buildings.

Analogous to the acceleration time-history patterns, the blast-induced vertical ve-
locity amplitude (Z-direction) demonstrates a considerably greater magnitude than
horizontal components (X and Y directions). Notably, the maximum peak velocity is
recorded in the Z-direction at the uppermost story, reaching 9.24 x 1073 cm/s. While
this velocity remains substantially below the threshold prescribed by safety regula-
tions, the dynamic amplification effect on the upper levels of the rural residential
building is particularly pronounced, indicating significant vibration amplification at
the uppermost floor despite the low absolute velocities.
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Figure 11. The X, Y, and Z directions” acceleration time histories recorded at the ground, fourth,

seventh, and top floors of the rural residential building.
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Figure 12. The X, Y, and Z directions’ velocity time histories conversed at the ground, fourth, seventh,
and top floors of the rural residential building.

4.2.2. Frequency—Domain Analysis

Although the amplitude and duration of the time—domain signal can be intuitively under-
stood, the frequency—domain characteristics cannot be observed for the blast-induced seismic
signal, which belongs to a mixture of interference waves containing various frequency compo-
nents. The Fourier transform constitutes a cornerstone of digital signal processing, with the
discrete Fourier transform (DFT) serving as the optimal tool for frequency—domain analysis [39].
Application of DFT to discretely sampled blast-induced seismic signal enables derivation of
the Fourier amplitude spectrum for acceleration time-histories at each observation point. The
Nyquist frequency resolvable from the 100 Hz sampling rate [40—42] corresponds to a maximum
decomposable frequency component of 50 Hz. The fast Fourier transform (FFT) algorithm
integrated within MATLAB is typically employed in engineering applications, which offers
substantially enhanced computational efficiency relative to the discrete Fourier transform (DFT).
To facilitate comparative analysis of frequency distribution patterns across vertical floors of the
rural residential building, the Fourier amplitude spectra for each directional component were
independently analyzed in Figure 13.
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Figure 13. The X, Y, and Z directions’ Fourier amplitude spectra of the rural residential building.
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(1) A comparative analysis of the Fourier amplitude spectra in the X, Y, and Z directions
for the ground floor reveals that the dominant frequency of the rural residential
building subjected to blast-induced vibrations approximates 33 Hz, and there are also
many dominant frequencies.

(2) By comparing the Fourier amplitude spectrum curves for the X, Y, and Z directions
on the seventh and top floors of the rural residential building, it was observed that
multiple distinct dominant frequencies emerged between 10 and 30 Hz in the Y
and Z directions. The 33 Hz dominant frequency also exhibited more pronounced
amplitudes across all directions. This indicates that both the seventh floor and the top
floor demonstrate comparable amplification effects on specific frequency components
under blast-induced vibrations.

(3) Through comparative analysis of the Fourier amplitude spectra in the X, Y, and Z
directions for the rural residential building, it is evident that the frequency—domain
components of the signals on both the seventh floor and the top floor exhibit greater
complexity. The dynamic amplification effect in rural residential structures manifests
not only through high-frequency oscillations during velocity time histories but also
via broadened frequency bandwidths with the floor height increases. Specifically,
the number of dominant frequencies within the low-frequency range progressively
increases at higher stories, accompanied by the emergence of additional dominant
frequencies with enhanced spectral responses. This phenomenon collectively demon-
strates a multi-frequency band selective amplification effect across vertical stories.

(4) Combining Figures 12 and 13, compared with natural seismic vibrations, blasting-
induced vibrations have the characteristics of higher frequency, faster attenuation of
vibration intensity, shorter duration, and smaller source energy. The spectral charac-
teristics of the measured blasting-induced signals are affected by the explosives (blast
source), the site (propagation path), and the inherent characteristics of the structures.

4.3. Analysis of Dynamic Amplification Characteristics of Rural Residential Buildings
4.3.1. Characteristics of Acceleration Response Spectrum

The response spectrum analysis theory establishes a dynamic relationship between
the structural dynamic characteristics and the properties of the ground motion [43,44].
Based on the motion equation of a single-degree-of-freedom system under ground motion
and combined with the Duhamel integral [45] for solution, the response spectrum of the
structural system can be obtained. If the relative displacement response spectrum, relative
velocity response spectrum, and absolute acceleration response spectrum of the system
are represented by S;, S, and S, respectively, when the damping ratio ¢ of the system is
constant, the absolute acceleration response spectrum can be expressed as:

t
= wp /l:lg(‘t)efé“’(’(t*r) sinwy(t — T)dt| (3)

0 max

Sy = |U(t) + Ug(t)’

max

The acceleration response spectra for the rural residential building systems, computed
with a 5% damping ratio, were derived for various floor levels using a logarithmic coordi-
nate system to emphasize high-frequency characteristics. The horizontal axis (period, T)
spans 0.02-1.28 s on a base-2 logarithmic scale, while the vertical axis (spectral accelera-
tion, Sa) ranges from 0.0001-0.1 on a base-10 logarithmic scale. Floor-specific spectra are
presented in Figure 14 with the following key observations:

(1) The overall contour profiles of acceleration response spectrum curves for the rural
residential building exhibit notable similarities across floor levels. In the X and Y
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directions, spectral accelerations demonstrate an initial rise followed by gradual at-
tenuation with increasing characteristic periods, accompanied by multiple secondary
peaks indicative of complex modal interactions. In the Z-direction, a comparable
trend is observed, marked by a pronounced single peak followed by a gradual decline,
reflecting limited higher-mode participation compared to horizontal responses. These
directional disparities arise from differences in structural dynamics: horizontal re-
sponses are influenced by lateral torsional and flexural modes, while vertical behavior
is governed by axial and short-period flexural modes.

(2) Comparison of acceleration response spectra for the ground, fourth, seventh, and
top floors in X, Y, and Z directions reveals that the abscissa of the primary peak
consistently occurs at 0.03 s across all elevations. This corresponds to the previously
established fundamental frequency of approximately 33 Hz for the site under blast-
induced vibrations, with numerous spectral components aligning with dominant
frequencies observed in corresponding Fourier amplitude spectra. The consistency
of peak locations across floor levels underscores the site-specific vibration response
characteristics governed by blast-related frequency content.

(3) Comparison of acceleration response spectra in X and Y directions across the ground,
fourth, seventh, and top floors reveals consistent amplitude rankings and shape simi-
larities. Spectral magnitudes follow a uniform progression from largest to smallest:
the top floor, the seventh floor, the fourth floor, and the ground floor. No residual
peaks are observed in the Z-direction spectra. Amplitudes increase progressively
with floor elevation, attributable to the structural symmetry of the rural residential
building and central axis instrumentation deployment, which minimizes torsional
effects and emphasizes vertical accumulation of dynamic responses.
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Figure 14. The X, Y, and Z directions’ acceleration response spectrum of the rural residential building.

4.3.2. Characteristics of Dynamic Amplification Coefficient

The standard response spectrum, defined as the relationship between the ratio of
a structural system’s maximum dynamic response (acceleration, velocity, or displacement)
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to the peak ground motion and the system’s inherent properties (natural vibration period,
damping ratio), encapsulates the frequency-selective amplification of blast-induced seis-
mic wave components by the structure. This spectrum quantifies the dynamic response
characteristics of the system under blast loading conditions and is synonymously termed
the dynamic amplification coefficient, categorized into acceleration, velocity, and displace-
ment variants [46]. The acceleration dynamic amplification coefficient derived from this
experimental analysis is expressed mathematically in Equation (4).

ﬁﬂ - 7 (4)
max

The acceleration dynamic amplification coefficients in the X, Y, and Z directions of each
floor of the rural residential building were calculated, respectively, and the comparison
curves are shown in Figure 15. The characteristics are summarized as follows:

(1) The contour profiles of amplification coefficient curves exhibit directional consis-
tency. The acceleration dynamic amplification coefficients demonstrate an initial rise
followed by gradual attenuation as the period increases, which is a trend mirror-
ing the acceleration response spectrum. Notably, directional anisotropy is evident:
the X-direction exhibits a unimodal profile, the Y-direction a trimodal configura-
tion, and the Z-direction a bimodal pattern. These variations reflect differential
modal participation across orthogonal axes, likely stemming from structural asym-
metries, non-uniform stiffness distribution, or anisotropic foundation interactions.
Despite these directional discrepancies, the overall variation pattern aligns with the
acceleration response spectrum, underscoring the frequency-dependent amplifica-
tion mechanism governed by the structure’s dynamic properties and site-specific
excitation characteristics.

(2) The comparison of acceleration dynamic amplification coefficient curves in the
X-direction across the fourth, seventh, and top floors reveals consistent spectral peaks
at a characteristic period of 0.03 s, corresponding to the site’s dominant blast-induced
frequency of 33 Hz. The pronounced amplification effect on the top floor is attributed
to vertical variability in dynamic response, where upper floors exhibit reduced damp-
ing and increased participation in higher-order vibration modes. This trend mirrors
the acceleration response spectrum findings, where spectral magnitudes diminish
with decreasing floor elevation due to cumulative energy dissipation and foundation
proximity effects.

(3) The dynamic amplification effect is most pronounced on the top floor across all di-
rections. This phenomenon reveals selective amplification characteristics at elevated
levels: The directional anisotropy is evident, with distinct response patterns in or-
thogonal axes, alongside spectral selectivity tied to specific characteristic periods.
The top floor’s dominance arises from cumulative modal participation and reduced
damping, as intermediate floors may exhibit comparable or lesser amplification de-
pending on resonance with site-specific excitation frequencies and structural natural
vibration modes.
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Figure 15. The X, Y, and Z directions’ acceleration dynamic amplification coefficients of the rural
residential building.

4.3.3. Characteristics of Spectral Ratio Curve

The acceleration dynamic amplification coefficients in the X, Y, and Z directions of each
floor of the rural residential building were calculated, respectively, and the comparison
curves are shown in Figure 16. The characteristics are summarized as follows:

To elucidate the vertical dynamic characteristics of the rural residential building
under blasting-induced vibrations, the instrument positions at the ground floor level serve
as reference points for the transfer function spectral ratios. Leveraging the acceleration
response spectrum data, spectral ratio curves were derived for each floor relative to the
ground floor reference in the X, Y, and Z directions. By definition, the spectral ratio
at the ground floor ground position equates to a horizontal line at unity (1.0) on the
vertical axis, as depicted in Figure 15. This reference line facilitates comparison across floor
levels, highlighting variations in dynamic amplification with elevation. The spectral ratio
characteristics of each floor are summarized as follows:

(1) The spectral ratio curves for the X-direction acceleration response spectra of the rural
residential building’s ground, fourth, seventh, and top floors reveal distinct peaks
at a characteristic period of 0.40 s, corresponding to a frequency of 2.5 Hz. Notably,
under the characteristic period of 0.12 s, peaks emerge on the top and fourth floors,
whereas the seventh floor exhibits a comparatively smaller spectral ratio value.

(2) The spectral ratio curves for the Y-direction acceleration response spectra of the
rural residential building’s first, fourth, seventh, and top floors similarly exhibit
prominent peaks at a characteristic period of 0.40 s, corresponding to a dominant
frequency of 2.5 Hz. Additionally, the top floor’s curves display distinct peaks under
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the characteristic periods of 0.06 s and 0.10 s, though the fourth and seventh floors do
not exhibit concurrent peaks at these periods.

(3) The spectral ratio curves for the Z-direction acceleration response spectra of the
rural residential building’s ground, fourth, seventh, and top floors exhibit notable
peaks at a characteristic period of 0.07 s, corresponding to a dominant frequency of
14.3 Hz. This observation aligns with the signal spectrum analysis findings, indicating
heightened sensitivity to short-period, high-frequency vertical excitations.
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Figure 16. The X, Y, and Z directions’ acceleration spectral ratio of the rural residential building.

5. Discussion
5.1. The Difference of Dynamic Response

Since acceleration effectively captures the transient structural response to blasting
actions, while velocity reflects energy input and dissipation characteristics, the peak ac-
celeration and peak velocity values at the ground floor reference points exhibit variability
across different rural residential buildings and operational conditions. Consequently, the
peak acceleration and peak velocity data were normalized relative to the ground floor
references, yielding the peak acceleration ratio (PPAR, Equation (5)) and peak velocity ratio
(PPVR, Equation (6)). The inter-floor comparisons derived from these ratios are illustrated

in Figure 17.
PPA
PPAR = — 8¢t (5)
PP. Areference
PPV,
PPVR — ___‘target 6)
PPVreference
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Figure 17. Normalized comparison of peak acceleration and peak velocity on each floor of the rural

residential building.

The longitudinal and transverse stiffness differentials within the structure result in non-
uniform amplification of peak acceleration and velocity at the uppermost story across the
X,Y, and Z axes. Notably, peak acceleration amplifications attain 12%, 56%, and 37% in the
respective directions, while peak velocity amplifications reach 27%, 103%, and 64% across
the same axes. This phenomenon primarily arises from the structural idiosyncrasies of rural
residential construction, wherein the absence of load-bearing elements such as shear walls
between framework columns engenders comparatively greater horizontal stiffness (in X-Y
planes), contrasted with reduced vertical stiffness (along the Z-axis), thereby modulating
vibration response patterns. Furthermore, the progression of peak acceleration across
story heights does not adhere to a linear trend, instead being influenced by interactions
between horizontal and vertical vibration modes. Horizontal vibration signatures exhibit
heightened sensitivity to structural stiffness variations and mass distribution, whereas
vertical oscillations are constrained by rigid connections between floor slabs and framework
components. This latter effect induces pronounced stiffness degradation at the uppermost
structural level, consequently influencing acceleration response dynamics.

In the actual investigation, it was found that the fourth floor (the middle floor) is
used as a storage warehouse. Around the placement of the instruments, some goods and
materials (mainly small keychains, metal hangers, and other small hardware handicrafts)
may have formed “additional mass dampers” [47-51]. The loading situation of the goods
is shown in Figure 18. These items absorbed horizontal medium-to-high-frequency vibra-
tions, thereby dissipating corresponding energy at the fourth floor level and reducing peak
acceleration values. Concurrently, cargo loading altered the local mass distribution of the
structure, suppressing modal participation rates in intermediate zones. This phenomenon
underscores the considerable influence of structural characteristics and internal load distri-
bution within rural residential buildings on their vibration responses. The incorporation of
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measures such as ‘additional mass dampers’ offers a viable means of enhancing structural
vibration performance, thereby reducing damage to rural residential buildings.

The ‘4th floor

Figure 18. The on-site storage investigation on the fourth floor of the rural residential building.

5.2. Optimize Monitoring Point Layout Criteria

At present, the selection and placement of monitoring points for most rural residential
buildings frequently rely on historical practices rather than evidence-based criteria, with in-
dustry standards lacking explicit guidelines regarding critical vibration velocity monitoring
zones in conventional civil structures. Through dynamic response analysis of rural residen-
tial buildings, this study reveals that peak particle velocity (PPV) exhibits marked nonlinear
vertical amplification, with structural summit measurements contributing disproportion-
ately to damage assessments of rural dwellings. The following optimization suggestions
are proposed for rural construction blast-induced vibration monitoring point criteria:

(1) Primary Monitoring Points: Set at ground-bearing wall-column junctions in typical
rural structures to capture basal vibration data inputs.

(2) Supplementary Monitoring Points: Positioned at the four corners and ridge line
midpoints of rooftops in conventional rural buildings to detect PPV amplification
arising from the whip effect.

(3) Selective Monitoring Points: Targeted at weak structural zones based on build-
ing significance, natural frequencies, and foundation conditions. These may in-
clude mid-floor stiffness transition areas, fenestration openings, or other vulnerable
zones. Where feasible, wireless sensor networks are recommended for multi-story
synchronous monitoring.

The horizontal amplification effect at the summit of the rural residential building
manifests as pronounced low-frequency enhancement, indicative of the structural se-
lectivity toward long-period, low-frequency components within blast-induced vibration
signals. Concurrently, to counter velocity amplification at elevated positions, tuned liquid
dampers (TLDs) are advocated for rooftop installations, such as attic spaces, to enhance
low-frequency energy dissipation [52-56]. Based on the findings of this experiment, it
can be surmised that variations in the layout characteristics, floor heights, and structural
stiffness of rural residential buildings significantly influence the dynamic amplification
effect under vibration conditions at blasting sites. The influence of the building structure’s
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slabs also deserves further in-depth analysis. Furthermore, these factors are closely linked
to the conditions of the blasting site and the surrounding environment. The influencing
factors in this domain necessitate further exploration and validation.

6. Conclusions

Based on the dynamic response test of the Mountain Qianshi blasting project in the
Wenzhou segment of the Hangzhou-Wenzhou High-Speed Railway, the dynamic response
characteristics of rural residential buildings subjected to blast-induced vibrations were
analyzed. Through a combination of modal analysis, strong-motion instrumentation, and
advanced signal processing techniques, the study systematically examined vibrational
characteristics and dynamic amplification patterns across different story levels, offering
technical insights into structural performance. The main conclusions are as follows:

(1) Time-domain dynamic characteristic analysis revealed that the acceleration amplitude
variation at the top floor of the structure was markedly greater than that on the ground
floor, with vertical acceleration and velocity amplitudes exhibiting significantly greater
variability compared to the horizontal direction. This phenomenon arises because the
vertical stiffness of the multi-story reinforced concrete frame structure exceeds the
horizontal stiffness, contributing to the observed disparities in dynamic response.

(2) Frequency—domain distribution analysis indicated that rural residential buildings
exhibit a site-specific optimal frequency of approximately 33 Hz under blasting loads,
with multiple advantageous frequencies observed. Notably, the frequency—domain
components of signals recorded on the seventh and the top floor levels demonstrated
greater complexity. As floor elevation increased, predominant frequencies exhib-
ited a tendency to shift toward lower frequency bands. Blast-induced vibration
energy manifested low-frequency concentration and high-frequency attenuation, re-
sulting in a multi-band, multi-directional selective amplification effect across the
structural height.

(3) Analysis of characteristic curves, including floor acceleration response spectra, dy-
namic amplification coefficients, and spectral ratios, indicated that the dynamic am-
plification effect is most pronounced on the top floor of the structure. However, this
amplification did not exhibit a direct proportionality with story elevation. Certain
intermediate floors, such as the fourth story in the Y-direction, also demonstrated
significant amplification under specific periodic conditions. The amplification phe-
nomenon observed at elevated stories exhibited directional selectivity and period-
dependent variability, suggesting a complex interaction between structural resonance
characteristics and blast-induced excitation frequencies.

(4) Analysis of the dynamic response revealed that the “additional mass damper” effect in-
duced by accidental loading facilitated the dissipation of medium and high-frequency
vibrational energy. This energy attenuation manifested as reduced local acceleration
and velocity amplitudes, demonstrating pronounced nonlinear variation across story
heights. Such behavior elucidated the regulatory mechanism through which irregu-
lar construction loading patterns in rural residences influence the redistribution of
blast-induced vibration energy, particularly by leveraging inadvertent mass-damping
effects to modulate structural response characteristics.

(5) Inlight of the experimental findings, the analysis of the disparities in floor dynamic
responses was conducted. Subsequently, optimization criteria for the layout of
monitoring points were proposed, offering valuable insights for further research
and engineering applications. Additionally, practical guidance was provided to
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enhance the seismic resilience and safety of rural residential buildings exposed to
blast-induced vibrations.
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Abstract: A numerical investigation is conducted to examine the mechanical properties
of a novel three-dimensional (3D) isolation bearing. This device is primarily composed
of a lead rubber bearing (LRB), disc springs, and U-shaped dampers. A finite element
model is developed and validated against the previous experimental results. Subsequently,
comprehensive analyses are performed to evaluate the influence of vertical loadings, shear
strains, and the number of U-shaped dampers on the horizontal behavior, as well as the
effects of displacement amplitudes and the number of dampers on the vertical performance.
Under horizontal loading conditions, the bearing demonstrates reliable energy dissipation
capabilities. However, the small lead core design limits its energy dissipation capacity.
Compared with the bearing without U-shaped dampers, the bearing’s energy dissipation
capacity increases by 628%, 1300%, and 2581% when employing 1, 2, and 4 dampers on each
side, respectively. Regarding vertical performance, the innovative disc spring group design
effectively reduces the tensile displacement of the LRB under tension, thereby enhancing
the overall tensile capacity of the bearing. Furthermore, in comparison to their contribution
to horizontal energy dissipation, the U-shaped dampers play a relatively minor role in
vertical energy dissipation.

Keywords: three-dimensional (3D) isolation bearing; mechanical property; disc spring;
U-shaped damper; finite element modeling

1. Introduction

Currently, various horizontal seismic isolation technologies have reached a relatively
mature stage and are widely applied in engineering structures [1]. However, due to the
multi-dimensional characteristics of earthquake ground motions, the vertical responses of
the structures, including long-span structures, cantilever structures, and high-rise buildings,
might be much higher than the horizontal responses, especially when these structures are
located at the epicenter of earthquakes or near fault zones [2,3]. To ensure the safety of
structures, the research and innovation of three-dimensional (3D) isolation technologies
and related devices are still desperately needed.

The prototype of 3D isolation technologies can be traced back to the 1970s, when
Seigenthaler [4] used thick natural rubber blocks as isolation bearings in post-disaster
reconstruction. Over the past half century and more, 3D isolation technologies and devices
have made great progress, and some have been applied in practice. To isolate both hor-
izontal and vertical ground motions, the existing 3D isolation bearings can be classified
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into two categories from the perspective of structural configurations: independent-type
and combined-type. The independent 3D isolation bearings couple horizontal and verti-
cal responses into single components, such as thick rubber bearings (TRBs) [5,6], helical
springs [7], and air springs [8]. Although the construction of such bearings is relatively
simple, their analysis and design is complicated due to the mutual influence of horizontal
and vertical mechanical properties [9]. At present, this type of bearing, especially thick
rubber bearings, is mainly applied in nuclear power facilities [10]. The combined 3D
bearings can be decomposed into horizontal isolation devices and vertical isolation devices,
which are used to isolate horizontal and vertical motions, respectively. In this way, scholars
have creatively developed a variety of 3D isolation bearings.

By integrating a horizontal rubber bearing and disc springs in series, Fujita and
Kato [11], Xiong [12], and Zhao et al. [13] previously conducted 3D isolation bearing
tests. To further improve the tension-resistant capacity and overturn resistance of 3D
bearings, wire rope [14], an anti-extraction device [15], a steel plate damper [16], and
SMA strands [17] were also added to this type of bearing. Kashiwazaki et al. [18] and Mo
et al. [9,19] proposed a 3D isolation bearing composed of rubber bearing and air spring
and completed a shaking table test. Liu et al. [20] and Xu et al. [21] proposed a 3D isolation
device by connecting several inclined laminated lead rubber bearings (LRBs) in series with a
horizontal LRB and completed a series of static tests and a shaking table test. By connecting
a horizontal LRB with multiple hydraulic cylinders in series, Chen et al. [22] developed a
new 3D isolation device. Similarly, Liang et al. [23] developed a new 3D isolation bearing
by connecting a horizontal LRB with a vertical ring spring bearing (RSB) arranged vertically
in series. Based on multiple inclined LRBs, Wei et al. [24] developed an inclined sliding
3D seismic isolation device in which sliders and limiters are also included. The finite
element simulation results show that the device has stable hysteretic performance and good
energy dissipation capacity. Based on a laminated natural rubber bearing improved with
a pre-compressed disc spring, Luo et al. [25] proposed a 3D isolation bearing by adding
spring bearings in series. Scholars [26,27] also sought to develop new 3D isolation bearings,
which are made of LRBs and TRBs in series. The standard LRBs isolate the horizontal
component of earthquakes, and the TRBs can be used for vertical isolation.

Based on friction pendulum bearings, Han et al. [28] developed a 3D isolation device,
using a friction pendulum system to isolate horizontal motions and an air spring to isolate
vertical motions, respectively. Cao et al. [29] developed a 3D isolation bearing with disc
springs as the vertical vibration isolation component and a single friction pendulum as
the horizontal vibration isolation component. The bearing not only achieved vertical
isolation of building structures under environmental excitation but horizontal isolation
under seismic excitation. Cao et al. [30] also presented a 3D isolation bearing to mitigate
the horizontal seismic action caused by earthquakes and the vertical vibration generated
by train operation. The 3D bearing consists of two modules: one is a thick-layer rubber
bearing for vertical vibration isolation and the other is a friction pendulum for horizontal
vibration isolation. Kitayama et al. [31] proposed a 3D isolation system which is composed
of triple friction pendulum isolators acting as a horizontal isolation module and a coil
spring-damper system acting as a vertical isolation module. They further conducted a
series of probabilistic seismic analyses for non-isolated, horizontally isolated, and 3D-
isolated electrical transformers. Connecting a quasi-zero stiffness system with a horizontal
friction pendulum, Zhou et al. [32] developed a 3D bearing and applied it to a high-rise
building model.

Other combined-type 3D isolation bearings have also been proposed in recent studies.
For instance, to address the insufficient energy dissipation capacity and to reduce the
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horizontal constraint imposed by disc springs, Yu et al. [33] developed a 3D isolation
device consisting primarily of disc springs, U-shaped dampers, and a friction pendulum
system. Furthermore, Yu et al. [34] presented a 3D isolator capable of achieving self-
centering behavior under horizontal loadings and exhibiting quasi-zero stiffness under
vertical loadings. The self-centering capability is provided by shape memory alloy U-
shaped dampers (SMA-UDs), and the quasi-zero stiffness (QZS) property is realized by
the negative stiffness of a disc spring (DS) isolator and the positive stiffness of SMA-UDs.
To enhance vertical seismic isolation performance and improve the seismic resilience of
isolation bearings, Sha et al. [35] proposed a 3D isolation bearing integrating a disc-spring
system (DSS), a high-damping rubber bearing (HDR), and a horizontal spring system
(HSS). In this design, the DSS is engineered with low vertical stiffness to optimize vertical
isolation, whereas the HSS contributes a self-centering force that enhances the seismic
resilience of the HDR. This study presents a comprehensive theoretical analysis of both
horizontal and vertical stiffness components. The vertical performance of the 3D isolation
bearing is primarily attributed to the DSS, while the horizontal performance arises from
the combined contributions of the HSS and HDR.

Among existing 3D isolation bearings, the primary horizontal isolation devices are
LRBs and friction pendulum bearings, which are widely adopted due to their mature
technology and ease of manufacture. The vertical isolation devices mainly consist of disc
springs, air springs, ring springs, and helical springs. To further enhance the performance of
these systems, the integration of additional functional components has become increasingly
common. However, from a practical application perspective, the manufacturing complexity
and cost of 3D isolation bearings are critical factors that must be carefully considered.

Inspired by the advantages of LRBs and disc springs, this paper proposes a novel
3D isolation bearing comprising an LRB serving as the horizontal isolation module and
two groups of disc springs acting as the vertical isolation module. Additionally, U-shaped
steel dampers are incorporated to improve the energy dissipation and safety of the bearing.
Compared to existing 3D isolation bearings, the proposed design offers several notable
features: (1) The vertical disc springs are divided into two groups: one for compression
and the other for tension, which enhances the stability of the disc springs and facilitates
independent control of the compression and tension stiffness; (2) The inclusion of U-
shaped dampers allows for a reduction in the lead core diameter of the bearing while
simultaneously enhancing its energy dissipation capacity; (3) The incorporation of wire
ropes serves as a displacement-limiting mechanism, thereby improving the overall safety
of the bearing at extreme displacements.

To evaluate the mechanical performance of the proposed bearing, a numerical inves-
tigation is conducted based on previous experimental data. First, finite element models
are established and validated using the prior horizontal test results by the authors. Subse-
quently, a detailed parametric analysis is carried out to examine the horizontal and vertical
mechanical behaviors of the bearing under various conditions, considering key parameters
such as the vertical load magnitude, the shear or vertical displacement levels, and the
number of U-shaped dampers employed.

2. Configuration and Working Mechanism of Bearing
2.1. Configuration

The structural configuration of the 3D isolation bearing is illustrated in Figure 1. The
bearing primarily consists of disc spring group 1, disc spring group 2, a lower LRB arranged
in series, and U-shaped dampers, along with upper and lower sleeves made of steel plates
and other auxiliary connecting components. Disc spring group 1 comprises five sets of disc
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springs, with each set containing two disc springs connected in parallel and four in series.
Similarly, disc spring group 2 also includes five sets, where each set consists of four disc
springs in parallel and four in series. Disc spring groups 1 and 2 are symmetrically mounted
on the upper and lower sides of the middle steel plate, respectively. The upper end of the
U-shaped damper is connected to the middle steel plate, while its lower end is fastened
via bolts to the lower connection plate of the LRB. The upper sleeve is welded to the top
plate and the middle steel plate, whereas the lower sleeve is welded to the middle steel
plate and merely contacts the upper connection plate of the LRB. Five supporting shafts,
comprising one centrally positioned shaft and four symmetrically distributed around it,
pass through holes in the middle steel plate, with their lower ends welded to the upper
connection plate of the LRB.

7
13
2
11—
10
9
8
¢ Yt % X777

Figure 1. Structural configuration of 3D bearing. 1-Upper plate; 2-Upper sleeve; 3-Stiffeners for
upper sleeve; 4-Lower sleeve; 5-Stiffeners for lower sleeve; 6-LRB; 7-Wire rope; 8-U-shaped damper;
9-Disc spring group 2; 10-Supporting shaft; 11-Middle plate; 12-Disc spring group 1; 13-Hexagon
nut; 14— High-strength cement mortar.

2.2. Working Mechanism

The working mechanism of the bearing can be analyzed from five key aspects: load-
bearing capacity, horizontal isolation behavior, vertical isolation behavior, energy dissi-
pation, and post-earthquake reparability. Regarding load-bearing capacity, disc spring
group 2 provides sufficient vertical stiffness and strength to support the dead load of
the superstructure. Under horizontal loading conditions, the LRB undergoes significant
shear deformation, thereby elongating the structural natural period and dissipating seismic
energy. In terms of vertical loading, when the bearing experiences compressive forces,
disc spring group 2 is compressed while disc spring group 1 remains inactive. Conversely,
under tensile loads, disc spring group 1 is compressed while disc spring group 2 does not
work. This design enables the bearing to function as a specialized device for enhancing
tensile performance. Consequently, the compressive deformations of disc spring groups 1
and 2 help mitigate vertical seismic responses. Additionally, the U-shaped dampers not
only contribute supplementary damping but also moderately increase the initial stiffness
of the bearing. Furthermore, upon yielding, the U-shaped dampers allow for adjustable
horizontal and vertical stiffness characteristics and can be conveniently replaced after
an earthquake.

3. Introduction to Specimen Design
3.1. Design of LRB

In this study, the dead load of the superstructure is set to 1000 kN. The basic parameters
of LRB are presented in Table 1. The selected rubber has a Shore hardness of 40 HA. The lead
core of LRB is made of lead with a purity exceeding 99.9%, a density of 11.3 x 10° kg/m3,
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an elastic modulus of 1.7 x 10* MPa, a Poisson’s ratio of 0.42, and a yield stress of 8.5 MPa.
The internal steel layers, upper and lower sealing plates, and connecting plates are all made
of Q3558 steel, with a density of 7.8 x 103 kg/ m?3, an elastic modulus of 2.1 x 10° MPa,
and a Poisson’s ratio of 0.3.

Table 1. Main parameters of LRB.

Diameter Lead Core Diameter Thickness of Rubber Internal Plate Rubber Layer Rubber Shear
(mm) (mm) Layer (mm) Thickness (mm) Numbers Modulus (MPa)
500 30 7 3 14 0.4
3.2. Disc Spring Groups 1 and 2
As previously mentioned, disc spring groups 1 and 2 are both assembled using
individual disc springs. The selected disc springs belong to standard series A [36,37], made
from high-strength 50 CrVA steel, with an elastic modulus of 2.06 x 10° MPa, a Poisson’s
ratio of 0.3, and a yield strength of 1400 MPa. The main parameters of the individual disc
spring are summarized in Table 2.
Table 2. Main parameters of single disc spring.
Outside Inside Thickness Ultimate Displacement  Free Altitude Bearing Capacity
Diameter (mm) Diameter (mm) (mm) (mm) (mm) (kN)
140 72 8 32 11.2 85.3

To restrict horizontal displacements of the disc spring groups, five supporting shafts
are employed. These supporting shafts utilize composite tubes constructed from 45# steel,
each equipped with a matching hexagonal flange nut. The outer diameter of the selected
steel tube corresponds to series 2 [36,37], with a dimension of 70 mm and a wall thickness
of 17 mm. All steel tubes are filled with micro-expansion high-strength cement mortar.

3.3. U-Shaped Dampers

The U-shaped steel damper is manufactured from Q235B steel, characterized by an
elastic modulus of 2.06 x 10° MPa, a Poisson’s ratio of 0.3, and a density of 7.8 x 103 kg/m?.
The primary parameters of the U-shaped steel damper are listed in Table 3. The damper
is connected to the middle or lower plate of the bearing via two M14 bolts. Additionally,
since the middle and bottom plates feature evenly distributed holes along all four sides,
it is convenient to symmetrically install 1, 2, or 4 U-shaped dampers on each side of the
bearing in both horizontal directions.

Table 3. Main parameters of U-shaped steel damper.

Radius of Arc Breadth (mm) Thickness (mm) Straight Section
Segment (mm) Length (mm)
175 40 25 220

3.4. Sleeves and Other Plates

As illustrated in Figure 1, the upper sleeve and stiffening ribs, the lower sleeve and
stiffening ribs, as well as the upper and middle plates are all constructed from Q355B steel.
The wall thickness of the sleeves is 30 mm, while the stiffening ribs have a thickness of
20 mm. Detailed dimensional specifications can be found in reference [38].
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4. Finite Element Modeling
4.1. Material Constitutive Model

To develop the finite element model of the 3D bearing, five types of material models,
including rubber, lead, steel plate, U-shaped dampers, and disc springs, are needed.

Due to the large Poisson’s ratio and entangled molecular chains, rubber materials can
undergo large deformations without significant volume changes. They are approximately
incompressible materials and have the characteristic of being regarded as isotropic bodies.
Their mechanical properties can be characterized by their elastic strain energy. To simulate
the hyper-elastic characteristics of the rubber material of LRB, the Mooney—Rivlin strain
energy potential function is adopted. This function can be expressed as [39]:

(J-17?

W = Cyo(l1 —3) + Co1(I2 = 3) + D;

)
where W is the strain energy per unit volume; C1g, Cp1, and D, are temperature-dependent
material parameters; I; and I, are the first and second deviatoric strain invariants, re-
spectively; | denotes the elastic volume ratio. The material parameters are calculated
to be Cqp = 0.192 MPa, Cy; = 0.048 MPa, and D; = 0.002 mm?/N. Assuming rubber is
incompressible, so | is taken as 1.

A bilinear elastic—plastic model is employed to simulate the behavior of the lead and U-
shaped damper materials, whereas an elastic model is used for the other steel components.
The corresponding material parameters are summarized in Table 4.

Table 4. Material parameters of steel plate, lead, and U-shaped steel damper.

Material Elastic Modulus Poisson’s Yield Stress Hardening
(GPa) Ratio (MPa) Modulus (MPa)
Steel plate 206.00 0.30 355 -
Lead 17.00 0.42 8.50 17.00
U-shaped damper 206.00 0.30 298.88 2060

To simulate the vertical disc spring groups composed of stacked disc springs, one
approach involves constructing a detailed finite element model of each individual disc
spring. However, this method requires modeling the geometric dimensions, material
properties, and interactions of each disc spring, resulting in high computational costs and
convergence difficulties. Alternatively, a simplified spring element can be used. To reduce
computational complexity, a simplified spring-damper element can be used to substitute
each set of disc springs. Under normal conditions, the stiffness of each disc spring set can

be considered constant and is calculated using the following equations [36]:
_ 4E B

ho\> hof 3(f\*
1= 12 KD? (t) i taly)
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where E represents the elastic modulus of the disc spring; u denotes Poisson’s ratio; ¢

@

S

and h are the thickness and solid height of each disc spring, respectively; f denotes the
deformation of each disc spring; C is the ratio of the outer diameter D to the inner diameter
d; Ky is a correlation coefficient. For a disc spring set with m slices in parallel and 7 in series,
its stiffness is equal to m times K divided by #.

174



Buildings 2025, 15, 2553

Furthermore, the nonlinear damping effect of the disc spring group can be approx-
imated using a constant damping coefficient assigned to each spring set [40]. Based on
Equations (2) and (3), the stiffness of the simplified spring element for each set in disc spring
group 1 is determined to be 18.19 kN/mm, with a damping coefficient of 1.28 kN/(mm/s).
Considering disc spring group 2, the stiffness and damping coefficients of the simplified
spring element of each set are 36.39 kN/mm and 30 kN/(mm/s), respectively.

4.2. Element Type and Meshing

To establish a reliable finite element model, two key factors must be carefully consid-
ered in addition to employing accurate material constitutive models: first, the appropriate
simplification of model components and the interaction mechanics between them; sec-
ond, achieving an optimal balance between element mesh densities and computational
efficiency [41,42]. The finite element model of the bearing is developed using ABAQUS (ver-
sion 6.12) [39]. Based on the structural configuration and experimental observations of the
bearings, the deformation of the bearings is mainly concentrated in the LRB, disc springs,
and U-shaped dampers. Consequently, this study excluded non-critical components,
namely, the supporting shafts, the upper and lower sleeves, as well as the corresponding
stiffening ribs, from the finite element model to enhance computational efficiency and
convergence performance. The functional roles of these components will be elaborated in
the subsequent section.

Given that rubber exhibits typical nonlinear behavior and is nearly incompressible,
the C3D8RH solid element is selected to define the inner rubber layer. The cover rubber of
the LRB is neglected. In addition, the C3D8R solid element is employed to discretize the
upper and lower plates, middle plate, closure plates, inner steel layers, upper connection
plate of LRB, lead core, and U-shaped dampers. From the working mechanism of the
bearing described earlier, it can be inferred that when the bearing is subjected to vertical
compression, the disc spring group 2 is compressed, while the disc spring group 1 remains
inactive. Conversely, under vertical tension, the disc spring set 1 is compressed, whereas
the disc spring group 2 does not function. To accurately simulate the disc spring groups
in this paper, the nonlinear spring/dashpot element, Spring A provided by ABAQUS
software is employed. A total of ten such elements are implemented. Specifically, the upper
five elements are utilized to replace the disc springs of group 1, and the lower five are
employed to substitute the disc springs of group 2.

The detailed finite element model of the novel 3D bearing is illustrated in Figure 2a—e.
It is worth mentioning that the mesh density of the closure plates, each rubber layer, and
each internal steel layer of the LRB within the plane is the same, with 5, 3, and 1 layers
defined along the thickness direction, respectively. To accurately capture the large plastic
deformation of the lead core and obtain its stress and strain distributions, the mesh size
was controlled within 2 mm, as shown in Figure 2d. Figure 2e presents the complete finite
element model of the bearing, with only one U-damper connected to each side.
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Spring/dashpot element

(e)

Figure 2. Finite element model of bearing. (a) Middle plate; (b) Upper connection plate of LRB;
(c) Rubber layer of LRB; (d) Lead core of LRB; (e) Complete FE model.

4.3. Definition of Interaction and Boundary Conditions

To ensure proper force transmission and deformation compatibility among the compo-
nents, the following interaction definitions are established:

Firstly, kinematic coupling constraints are enforced separately between reference point
1 (RP-1) and the top surface of the upper plate, as well as between RP-1 and the side
surfaces of the middle plate. In both cases, all six degrees of freedom, namely, U1, U2, U3,
UR1, UR2, and URS3, are constrained. This approach effectively couples the deformations
of the upper and middle plates, thereby eliminating the need to explicitly model the
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upper sleeve and related stiffeners. In addition, one more kinematic coupling constraint is
implemented between RP-1 and the upper connection plate of the LRB. In this case, only
the U3 degree of freedom (vertical direction) is left unconstrained, while the remaining
five (U1, U2, UR1, UR2, and UR3) are constrained. This ensures that the upper connection
plate of the LRB moves horizontally in conjunction with the upper and middle plates while
allowing free vertical movement. As a result, the explicit modeling of the lower sleeve and
related stiffeners was avoided. Details of these three coupling constraints are presented in
Figure 3a—c.

Secondly, five MPC beam constraints were established on the upper connection plate
of the LRB to simulate the disc spring shafts, as shown in Figure 3d. Ten reference points
were defined at the center positions of the holes on the upper and lower surfaces of the
middle plate to assign the spring elements. Among these, the upper five reference points
serve as the lower nodes of the upper five spring elements, and the lower five reference
points act as the upper nodes of the lower five spring elements. Each reference point is
coupled with the annular region within a 70 mm radius around the corresponding hole on
the upper and lower surfaces of the middle plate.

To establish the 23 coupling constraints mentioned above, a total of 21 reference
points are employed. In the model of the LRB, the inner rubber layers and the inner steel
layers, the upper and lower connection steel plates, the closure plates, and the lead core
are all connected to each other by tie constraints. Finally, the upper end of the U-shaped
dampers is connected to the middle steel plate, and the lower end is connected to the lower
connection plate of the LRB. The connection method of both also uses tie constraints. For
the boundary conditions of the bearing, all translational degrees of freedom of the lower
connection plate are constrained, that is, Ul = U2 = U3 = 0.

AR

A NN

(a) (b)

i LN

¢\

-///lllllm ; lll\‘\'

(c) (d)

Figure 3. Coupling constraints of bearing. (a) Coupling constraint for upper plate; (b) Coupling
constraint for middle plate; (c) Coupling constraint for upper connection plate of LRB; (d) MPC beam
coupling constraints.
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5. Validation of FE Model

The experimental setup and a typical loading photograph are presented in Figure 4.
To validate the accuracy of the finite element (FE) model, Figure 5a—c depict the comparison
between the numerical results and the experimental outcomes regarding the horizontal
hysteretic performance of the bearing under vertical loads of 1000 kN, 1200 kN, and
1500 kN, respectively. In each loading test, the maximum horizontal displacement is set
to 98 mm for three cycles [43], with a loading frequency of 0.01 Hz. The test data shown
in Figure 5 correspond to the third cycle of the compression—shear tests. Further analysis
of Figure 5a reveals that the equivalent stiffness and peak force at 98 mm derived from
the simulation are 7.8% and 13.55% higher than the experimental values, respectively. In
Figure 5b, these differences are 2.9% and 10.92%, respectively. Similarly, in Figure 5c, the
simulated equivalent stiffness and peak force exceed the experimental results by 2.9% and
8.2%, respectively.

Additionally, Figure 5d illustrates the hysteresis behavior of the bearing at various
horizontal shear strain levels: 50%, 75%, 100% (i.e., 98 mm), 125%, and 150%, under a
constant vertical load of 1000 kN. The comparison indicates that the numerical results are
in good agreement with the experimental data. Therefore, it can be concluded that the
finite element model accurately predicts the horizontal hysteretic behavior of the bearing.
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Figure 4. Experimental setup and typical photograph: (a) Experimental setup; (b) Typical
compression—shear test at 100% strain level under vertical load of 1000 kNN.
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Figure 5. Experimental and numerical horizontal hysteretic curves: (a) Under vertical load of 1000 kN;
(b) Under vertical load of 1200 kN (¢) Under vertical load of 1500 kN; (d) At five shear strain levels:
50%, 75%, 100%, 125%, 150% under vertical load of 1000 kN.
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6. Horizontal Performance Analysis

To comprehensively evaluate the influence of vertical loads, shear strains, and the
number of U-shaped dampers on the horizontal isolation behavior of the 3D bearing,
numerical simulations involving 12 loading cases are conducted, as summarized in Table 5.

Table 5. Parametric analysis in horizontal direction.

Load Constant Horizontal Equ?valent Equ.ivalent Horizontal
Parameter . . Horizontal Horizontal Natural
e e Case Vertical Force Displacement . . . .
Classification Number (kN) (mm) Stiffness Damping ratio Period
(KN/mm) (%) (s)
1 1000 [—98, +98] 1.38 12.28 1.71
Vertical load 2 1200 [—98, +98] 1.37 12.34 1.88
3 1500 [—98, +98] 1.36 12.53 2.11
4 1000 [—47, +47] 1.71 12.06 1.53
5 1000 [—74, +74] 1.47 13.27 1.66
Shear strain 6 1000 [—98, +98] 1.38 12.28 1.71
7 1000 [—123, +123] 1.28 11.41 1.77
8 1000 [—147, +147] 1.24 10.38 1.80
0 damper 9 1000 [—98, +98] 0.99 2.35 2.02
1 damper 10 1000 [—98, +98] 1.38 12.28 1.71
2 dampers 11 1000 [—98, +98] 1.70 18.62 1.54
4 dampers 12 1000 [—98, +98] 2.42 25.05 1.29

Based on the numerical simulation results, the equivalent stiffness, equivalent damp-
ing ratio, and natural period of the 3D bearing in the horizontal direction can be further
obtained. The formulas are as follows:

Q01— Q2
Kegpp = =L %2 4
eqh X+ |—X| 4)
Wh
geq,h = 2T Kh X2 (5)
Fy
Ty, = 27 )
8Ky

where Kegh, Geqh and T, denote the equivalent stiffness, equivalent damping ratio, and
natural period of the 3D bearing in the horizontal direction, respectively; Q; and Q;
represent the positive and negative peak shear forces; X and -X are the positive and
negative shear displacements corresponding to Q; and Q», respectively; Wy, denotes the
area of the hysteresis loop in the horizontal load-displacement curve; F, represents the
applied vertical load.

6.1. Different Vertical Loads

To investigate the horizontal hysteresis behaviors of the 3D bearing under varying
load capacities, vertical loads of 1000 kN, 1200 kN, and 1500 kN are individually applied to
the bearing. A sinusoidal excitation with a frequency of 0.01 Hz is horizontally applied in a
displacement-controlled manner.

Figure 6a presents the horizontal hysteretic curves of the bearing under different
vertical loads. It can be observed that the variations in vertical loading result in minimal
differences in the horizontal load-displacement characteristics, indicating that the bearing’s
horizontal hysteresis performance is not significantly affected by changes in the vertical
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load. This behavior is primarily due to the near-incompressibility of rubber and the
reciprocating plastic shear deformation of the lead core. As the vertical load increases, the
equivalent horizontal stiffness of the bearing exhibits a decreasing trend, as illustrated in
Figure 6b. Regarding the horizontal equivalent damping ratio of LRBs, previous studies
have indicated that when the pressure is below 10 MPa, the damping ratio increases linearly
with pressure, while for pressures up to 15 MPa, the increase becomes nonlinear [44,45].
As shown in Figure 6c, the equivalent damping ratio increases with compressive stress,
although the variation remains relatively small. This observation aligns with findings
reported for LRBs. The natural period is closely related to the equivalent stiffness and is
inversely proportional to the square root of the equivalent stiffness when the vertical load
is constant. Consequently, its variation trend is evident, as demonstrated in Figure 6d.
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Figure 6. Horizontal performance of bearing under different vertical loads. (a) Hysteretic curves;
(b) Equivalent stiffness; (c) Equivalent damping ratio; (d) Natural period.

6.2. Different Horizontal Shear Strains

To further investigate the horizontal hysteresis behaviors of the 3D bearing under
different horizontal shear strains, the displacement-controlled loading method is utilized
to simulate the behavior of the bearing under combined compressive and shear loading
conditions. First, a vertical load of 1000 kN is applied, and then sinusoidal excitations are
imposed incrementally. The selected peak shear strains are 50%, 75%, 100%, 125%, and
150%, respectively.

As shown in Figure 7a, under moderate shear strain conditions, the load—displacement
curve of the bearing exhibits a fusiform shape without pinching or noticeable degradation
in strength and stiffness. This phenomenon can be attributed to the contribution of the U-
shaped dampers. Figure 7b illustrates that with increase in the shear strain, the equivalent
horizontal stiffness of the bearing shows a decreasing trend. The reason is that the rubber
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Equivalent damping ratio (%)

molecular chains gradually untangle and align directionally, leading to softening, and the
lead core constantly loses its ability to contribute stiffness. Figure 7c presents the variation
law that as the shear strain changes from 50% to 150%, the equivalent damping ratio of
the bearing changes from 12.06% to the maximum value of 13.27% when the shear strain
is 75%, and then continuously decreases to 10.38%. This trend can be explained such
that as the shear strain increases, the rubber, lead core, and U-shaped dampers transition

from the elastic stage to the plastic stage and subsequently enter the hardening stage.

This process initially leads to an increase in energy dissipation capacity, followed by a
subsequent decrease.
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Figure 7. Horizontal performance of bearing under different shear strains. (a) Hysteretic curve;
(b) Equivalent stiffness; (c) Equivalent damping ratio; (d) Natural period.

6.3. Different Numbers of U-Shaped Dampers

To further study the influence of the number of U-shaped dampers on the horizontal
hysteresis performance of the bearings, compression—shear performance simulations are
conducted for the bearings with different numbers of U-shaped dampers (see Figure 8),
respectively. The loading is controlled by displacement, in sinusoidal form, with the peak
shear strain taken as 100%. The vertical load of 1000 kN remains unchanged during the
loading processes.
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Figure 8. Finite element models with varying numbers of dampers on each side. (a) 0 damper.
(b) 2 dampers. (c) 4 dampers.

Figure 9 presents the horizontal behaviors of the 3D bearings with varying numbers of
U-shaped dampers. It can be observed that as the number of U-shaped dampers increases,
the energy dissipation capacity, equivalent horizontal stiffness, and equivalent damping
ratio of the bearing all increase. Therefore, the U-shaped damper significantly enhances
the horizontal isolation performance of the bearing discussed in this study. Notably,
considering that the lead core diameter (30 mm) used in this bearing is considerably smaller
than that of conventional lead rubber bearings (LRBs), the energy dissipation capacity of
the bearing without U-shaped dampers is markedly limited in the horizontal direction, as
demonstrated in Figure 9a. It is obvious that the addition of U-shaped dampers can partially
substitute for the lead core. In this way, not only is the energy dissipation capacity of the

bearing effectively improved, but also an environmentally sustainable design objective
is achieved.
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Figure 9. Horizontal Performance of bearing with different numbers of U-shaped dampers. (a) Hys-
teretic curves; (b) Equivalent stiffness; (c) Equivalent damping ratio; (d) Natural period.
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7. Vertical Performance Analysis

To explore the vertical isolation performance of the novel device, numerical simula-
tions under 8 loading cases are carried out, as shown in Table 6.

Table 6. Parametric analysis in the vertical direction.

Vertical Equivalent Equivalent Vertical Vibration
Parameter Load Case . . . . . .
Classification Number Displacement Vertical Stiffness  Vertical Damping Period
(mm) (kN/mm) Ratio (%) (s)
1 [—1, +1] 232.68 9.59 0.132
. . 2 [—2, +2] 220.80 11.53 0.146
Vertical displacement 3 [—4, +4] 229.34 10.36 0.137
4 [—6, +6] 237.66 9.34 0.130
0 damper 5 [—6, +6] 227.36 9.08 0.133
1 damper 6 [—6, +6] 237.66 9.34 0.130
2 dampers 7 [—6, +6] 240.49 10.55 0.129
4 dampers 8 [—6, +6] 252.72 9.65 0.126

Similarly, we can also obtain the equivalent stiffness, equivalent damping ratio, and
natural vibration period of the bearings in the vertical direction according to the follow-
ing formulas,

P —-D

Kegy = ———= 7

eq,v Y—|— I_Y| ( )
Wy

geq,v = W (8)
F

T, = 27 glzv )

where Keq,v, {eqv, and Ty are the equivalent vertical stiffness, equivalent damping ratio,
and vertical natural period of the bearing; P; and P; are the maximum and minimum
vertical forces; Y and -Y are the positive and negative vertical displacements corresponding
to Py and Py, respectively; Wy denotes the area enclosed by the vertical load-displacement
hysteresis loop; Fy refers to the vertical loading force.

7.1. Different Vertical Displacements

Figure 10a displays the vertical hysteretic curve of the bearing, which exhibits a
pronounced asymmetry. This characteristic arises since when the bearing is under tension,
only spring group 1 is compressed, and when the bearing is under compression only
spring group 2 is compressed. Moreover, spring group 1 and spring group 2 have different
compressive stiffness. As shown in Figure 10b, with increasing amplitude of the tension-
compression cycles, the equivalent stiffness of the bearing initially decreases and then
increases. This phenomenon can be attributed to the transition of the rubber and lead core
from the elastic phase to the yielding phase, combined with the hardening effect exhibited
by the U-shaped dampers under large displacements. For similar reasons, the energy
dissipation capacity in the vertical direction first increases and then decreases, as illustrated
in Figure 10c.

Figure 11 presents the load—displacement hysteresis curves of spring groups 1 and 2
during the vertical tension—compression cyclic loading process of the bearing. The follow-
ing observations can be made: (1) The mechanical behavior of the spring groups during the
tension—compression cycles aligns with the intended design expectations. (2) Throughout
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the tension-compression cycles, the displacements of the spring groups remain lower
than the overall vertical displacement of the bearing. For instance, when the bearing
undergoes a tensile displacement of 6 mm, the displacements of the central and outer
springs within group 1 are only 1.33 mm and 1.57 mm, respectively. This indicates that the
vertical displacement of the LRB component ranges between 4.43 mm and 4.67 mm, thereby
contributing to an enhancement in the tensile performance of the bearing. (3) Owing to
the deformation of the middle plate, the reaction force generated in the central spring is
always less than that generated in the outer springs.
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Figure 10. Vertical performance of bearing under different displacement amplitudes. (a) Hysteretic
curve; (b) Equivalent stiffness; (¢) Equivalent damping ratio; (d) Natural period.
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Figure 11. Vertical hysteretic curves of springs. (a) Central springs; (b) Outer springs.

Figure 12 shows the stress distributions of the inner rubber layers at different positive
peak displacements of the tension—compression cyclic loading process of the bearing. It can
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be seen that the stress distribution has obvious symmetry, that is, the stress is the greatest
at the center and gradually decreases along the radial direction. To precisely control the
tensile stress on the rubber layer, careful design is needed.
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Figure 12. Stress distributions of rubber layers under different positive displacement amplitudes.
(a) +1 mm; (b) +2 mm; (¢) +4 mm; (d) +6 mm.

7.2. Different U-Shaped Dampers

Figure 13 illustrates the vertical isolation performance of bearings equipped with
varying numbers of U-shaped dampers. As shown in Figure 13a, the energy dissipation
capacity does not significantly change with an increasing number of U-shaped dampers,
indicating that these dampers have a limited effect on enhancing the vertical isolation
performance of the bearings. In Figure 13b, it can be observed that the equivalent vertical
stiffness of the bearings continues to increase as the number of dampers increases, which
is primarily due to the initial stiffness provided by the U-shaped dampers. According to
Figure 13c, the impact of the U-shaped dampers on the equivalent damping ratio of the
bearings is relatively complex. Initially, increasing the number of dampers enhances the
energy dissipation mechanism of the system, specifically through the plastic deformation
of the U-shaped dampers. However, when the number of dampers becomes excessive, they
remain predominantly in the elastic state, thereby reducing the overall energy dissipation
capacity of the bearings.
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Figure 13. Vertical performance of bearing with different numbers of U-shaped dampers. (a) Hys-
teretic curves; (b) Equivalent stiffness; (c) Equivalent damping ratio; (d) Natural period.

8. Conclusions

This study proposes a novel 3D isolation bearing and develops its finite element
model, followed by a series of simulation analyses. The main contributions are summarized
as follows:

(1) A finite element model of the 3D isolation bearing is established. Given the structural
complexity of the bearing, certain components, such as the stiffened sleeves, disc
springs, and support shafts, are simplified during the modeling process. The validity
of the model is confirmed through comparison with existing experimental data. The
results indicate that the finite element model can accurately predict the mechanical
behavior of the bearing.

(2) In terms of load-bearing capacity, the numerical analysis demonstrates that the pro-
posed bearing provides stable load-carrying performance. The distribution of vertical
loads between the LRB and U-shaped dampers can be flexibly adjusted by varying
the number of dampers.

(3) Under compressive-shear loading conditions, the bearing exhibits reliable energy
dissipation characteristics. Although the small lead core design imposes limitations
on energy dissipation, increasing the number of U-shaped dampers significantly
enhances this capability. Specifically, compared with the bearing without U-shaped
dampers, the energy dissipation capacity of the bearing increases by 628%, 1300%,
and 2581% when employing 1, 2, and 4 dampers on each side, respectively.

(4) With respect to vertical performance, the numerical results show that when the
bearing is subjected to a tensile displacement of 6 mm, the displacement of the LRB
remains within the range of 4.43 to 4.67 mm. This indicates that the disc spring group
design effectively mitigates the tensile deformation of the LRB, thereby improving
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its tensile resistance. Additionally, the U-shaped dampers contribute minimally to
vertical energy dissipation compared to their impact on the vertical stiffness and
load-bearing capacity.

(5) This study primarily employs finite element analysis to conduct a preliminary investi-
gation into the mechanical properties of a new 3D bearing. To facilitate further research
and practical application, future studies should include vertical performance testing,
shaking table experiments, and theoretical analysis, which are urgently needed.
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Abstract: This study develops a novel transverse steel damper (TSD) to enhance the
seismic performance of tall-pier girder bridges, featuring superior lateral strength and
energy dissipation capacity. The TSD’s design and arrangement are presented, with its
hysteretic behavior simulated in ABAQUS. Key parameters (yield strength: 3000 kN; initial
gap: 100 mm; post-yield stiffness ratio: 15%) are optimized through seismic analysis
under near-fault ground motions, incorporating pulse characteristic investigations. The
optimized TSD effectively reduces bearing displacements and results in smaller pier top
displacements and internal forces compared to the bridge with fixed bearings. Due to the
higher-order mode effects, there is no direct correlation between top displacements and
bottom internal forces. As pier height decreases, the S-shaped shear force and bending
moment envelopes gradually become linear, reflecting the reduced influence of these modes.
Medium- to long-period pulse-like motions amplify seismic responses due to resonance
(pulse period ~ fundamental period) or susceptibility to large low-frequency spectral
values. Higher-order mode effects on bending moments and shear forces intensify under
prominent high-frequency components. However, the main velocity pulse typically masks
the influence of high-order modes by the overwhelming seismic responses due to large
spectral values at medium to long periods.

Keywords: tall-pier girder bridge; seismic performance; near-fault ground motions;
transverse steel dampers

1. Introduction

In recent years, numerous highway bridges have been constructed across Western
China, with many piers exceeding 40 m and some even surpassing 100 m [1]. Due to their
ability to span wide canyons and steep terrain, tall-pier girder bridges have been widely
used in mountainous regions [2]. However, these bridges are often near active faults and
face severe challenges from near-fault pulse-like ground motions [3]. Earthquakes such
as the 2008 Wenchuan M8.0 [4], 2010 Yushu M7.1 [5], 2013 Lushan M7.0 [6], and 2017
Jiuzhaigou [7] events have revealed serious threats to the seismic safety of tall-pier bridges.

To improve seismic performance of bridges under earthquakes, many strategies have
been employed. For instance, isolation bearings, such as high-damping rubber bear-
ing (HDRB) [8,9], lead—rubber bearing (LRB) [10-12], and friction pendulum bearing
(FPB) [13-15] have been widely used to reduce seismic responses of bridges. The isolation
principle of these bearings is to elongate the fundamental period of the structure while
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absorbing earthquake energy [16]. Earthquake-induced inertial forces transmitted to the
substructure from the superstructure can be reduced, while displacement responses are
often enlarged. Fluid viscous damper (FVD) is an alternative device popularly used in
long-span bridges [17-19], which upgrades seismic performance by dissipating earthquake
energy and limiting bearing displacement. Usually, these isolation bearings and FVDs are
effective for improving longitudinal seismic performance of bridges, but their suitability for
reducing transverse seismic responses is insufficient. Specifically, elongating the transverse
fundamental period of tall pier bridges is problematic due to the risk of falling girders. In
addition, there is often little space to arrange FVDs in the transverse direction and allow
them to function fully in tall pier bridges.

Currently, the combination of isolation bearings and shear keys is the main solution
for the transverse seismic design of bridges. Reinforced concrete shear keys (RCSKs) are
widely used in abutments and pier caps, which can serve as structural fuses to limit the
inertial force transmitted to the substructure [20,21]. However, the strength of RCSKs
degrades quickly after concrete cracking and rebar yielding, and they are not easy to repair
once damaged. To address this issue, various steel shear keys have been developed. Zhou
et al. [22] investigated the low cycle fatigue performance of a metallic hysteretic damper.
Yue et al. [23] proposed a novel shear key and developed an analytical model based on
experimental mechanical behavior. Huang et al. [24] introduced an arc-shaped shear key
capable of effectively limiting girder displacement and enhancing energy dissipation.

These shear keys have been applied in various bridges. Bi et al. [25] compared the
seismic responses of simply supported beam bridges with and without shear keys through
numerical simulations. Xiang et al. [26] suggested setting the shear key strength at 50% to
60% of the pier yield strength for optimal control. Ozsahin et al. [27] studied the appropriate
gap between shear keys and superstructures in simply supported beam bridges, finding
that reasonable gap control helps suppress excessive deck rotation and damage. Abbasi
et al. [28] explored the effects of shear keys on seismic responses in different frame bridges,
which can control overall bridge behavior under moderate earthquakes. Wu [29] analyzed
shear key force distribution in skewed bridges, recommending increased gaps to reduce
stress and proposing a simplified design method for low seismic zones. Shen et al. [30]
validated the effectiveness of transverse steel dampers in controlling transverse seismic
responses in suspension bridges under near-fault motions.

The aforementioned studies provide a useful reference for transverse seismic design
of bridges. However, though existing steel dampers exhibit strength enhancement after
yielding, they may not provide sufficient yield strength, plastic dissipated energy, and
anti-torsion ability, since they are often composed of several parallel steel plates [22-24].
Moreover, existing publications concerning transverse shear keys mainly focus on cable-
stayed bridges [22] and suspension bridges [30], as well as girder bridges with mid and
short piers [26-29]. To date, little research has been conducted on seismic improvement
using shear keys for tall-pier girder bridges. Compared to mid and short piers, inertial
forces generated by mass distributed along tall piers are considerable and can exceed those
induced by the superstructure [31]. Tall-pier girder bridges possess longer fundamental
structural periods, potentially augmenting dynamic responses under pulse-like motions
containing long-period velocity pulses [32-34]. Their seismic performance is notably
influenced by higher-order modes [35], often resulting in mid-height plastic hinges within
piers [36]. Therefore, it is important to investigate the seismic performance of tall-pier
girder bridges equipped with shear keys under near-fault pulse-like ground motions.

In this study, a novel transverse steel damper (TSD) is proposed to improve the seismic
performance of tall-pier girder bridges. First, the detailed design and implementation

191



Buildings 2025, 15, 2666

scheme of the TSD within the bridge system are described. The hysteretic behavior of the
TSD is simulated using ABAQUS 2024, and a simplified analytical model is established.
Second, key TSD parameters are optimized based on the seismic responses of the bridge
under near-fault ground motions. Third, the influence of pulse periods and velocity pulses
on bridge seismic responses is explored. Finally, significant conclusions are summarized.

2. Analytical Model and Seismic Input
2.1. Overview of the Bridge

A multi-span tall-pier composite girder bridge is selected for this investigation, as
shown in Figure 1a. The substructure consists of tall piers with variable hollow cross-
sections, while the superstructure is a double-box prestressed steel-concrete composite
girder. In this bridge, pier No. 2 (87.4 m) is classified as the tall pier, pier No. 4 (61.0 m) as
the mid pier, and pier No. 1 (46.3 m) as the short pier. C30 concrete is used for the piles

and pile caps, whereas C40 concrete is specified for the piers and pier caps.

Concrete deck

Steel block

Steel box

Rubber
L,
pad

Bearing pad

Bolt

Tall pier with .
Pier cap
rectangular mm——————————
hollow section
—

Connecting

plate Bearing pad

Mild steel

TSD

—— e —— —— ———_—————_— e —_—_————————————————————— i —

Figure 1. Basic information about the tall-pier girder bridge: (a) Layout of the bridge; (b) Arrangement
of HDRBs and TSDs.

High damping rubber bearings (HDRBs) are installed between the concrete bearing
pads and the bottom of the steel box girder. The detailed design parameters are presented in
Table 1, according to the vertical load and the HDRB standard [37]. To restrict superstructure
displacement responses under strong near-fault earthquakes and enhance the bridge’s
seismic performance, a novel transverse steel damper (TSD) is proposed. As illustrated in
Figure 1b, the TSDs are positioned on both sides of each pier cap.
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Table 1. Design parameters of the HDRB.

Vertical Load Compressive Equivalent Dimension (mm)
Bearing . Stiffness Damping Ratio

Capacity (kN) (kN/mm) (%) Transverse  Longitudinal Height
HDRB 13,864 2713 15 1070 1070 414

&
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2.2. Hysteretic Behavior of the TSD

The TSD is designed to meet the following objectives: (1) provide good displacement
adaptability without compromising energy dissipation capacity, thereby accommodating
the bridge’s daily deformation requirements; (2) establish a clear and reliable horizontal
load transfer path to ensure energy dissipation efficiency and safety under seismic loading;
(3) facilitate straightforward modeling in finite element platforms for numerical analysis.
Additionally, traditional X-shaped steel plate dampers are prone to torsional failure under
in-plane torsional responses potentially induced by non-uniform motions.

To satisfy these requirements, a novel TSD is developed in this study (Figure 2). The
device incorporates a hollow steel plate at its top to enhance overall yield strength and
resistance. The core energy-dissipating component consists of three rectangular steel plates
and six additional 8 mm slotted steel plates to enhance energy dissipation capacity. Based
on this configuration, a detailed finite element model of the TSD is established using
the ABAQUS platform and analyzed under cyclic loading. As shown in Figure 3a, the
equivalent stress cloud indicates stress concentration primarily within the slotted steel
plates, verifying the mechanical reliability of the TSD. The force-displacement hysteretic
curve of the TSD is shown in Figure 3b, exhibiting full and symmetric loops that indicate
excellent energy dissipation capacity. Consistent with the existing literature, the hysteretic
behavior of the TSD can be characterized by a widely adopted bilinear model.

Figure 2. The configuration of the novel TSD.
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Figure 3. Numerical simulation: (a) stress cloud of the TSD at 120 mm (unit: MPa); (b) hysteretic
curves of the TSD.
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To determine the optimal TSD parameters, a sensitivity analysis of seismic responses
in the tall-pier girder bridge will be conducted in the next section. The specific parameters
investigated are detailed in Table 2. Cases 1-18 examine the effect of yield strengths from
1000 kN to 6000 kN, with the initial gaps at 80 mm, 100 mm, and 120 mm and the post-yield
stiffness ratio at 5%. Cases 19-36 evaluate the effect of initial gaps from 40 mm to 140 mm,
with the yield strengths at 2000 kN, 3000 kN, and 4000 kN and the post-yield stiffness ratio
at 5%. Cases 37-46 evaluate the effect of post-yield stiffness ratios from 5% to 25%, with the
yield strengths at 3000 kN and the initial gaps at 80 mm and 120 mm. Furthermore, bridge
models without TSD (the no-TSD model) and with fixed bearings (the fixed HDRB model)
are also provided to check the effectiveness of the TSD.

100

150

Table 2. Parameters for the optimization of the TSD.

Yield Strength Initial Gap Post-Yield Stiffness Ratio
Case Parameter (kN) (mm) (%)
1 1000 80 5
2 2000 80 5
3 3000 80 5
4 4000 80 5
5 5000 80 5
6 6000 80 5
7 1000 100 5
8 2000 100 5
190 Different yield strength 431888 }88 g
11 5000 100 5
12 6000 100 5
13 1000 120 5
14 2000 120 5
15 3000 120 5
16 4000 120 5
17 5000 120 5
18 6000 120 5
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Table 2. Cont.

Yield Strength Initial Gap Post-Yield Stiffness Ratio
Case Parameter (kN) (mm) %)
19 2000 40 5
20 2000 60 5
21 2000 80 5
22 2000 100 5
23 2000 120 5
24 2000 140 5
25 3000 40 5
26 3000 60 5
3; Different initial gap 2888 18000 g
29 3000 120 5
30 3000 140 5
31 4000 40 5
32 4000 60 5
33 4000 80 5
34 4000 100 5
35 4000 120 5
36 4000 140 5
37 3000 80 5
38 3000 80 10
39 3000 80 15
40 3000 80 20
41 Different post-yield 3000 80 25
42 stiffness ratio 3000 100 5
43 3000 100 10
44 3000 100 15
45 3000 100 20
46 3000 100 25

2.3. Finite Element Analytical Model

A three-dimensional (3D) finite element model of the tall-pier girder bridge is es-
tablished in SAP2000, as shown in Figure 4a. The superstructure and substructure are
modeled using 3D elastic frame elements. The girder’s secondary dead load is applied as
equivalent distribution mass. HDRBs and TSDs are modeled using a bilinear hysteretic rule
(Figures 3b and 4b). The mechanical parameters of HDRBs are listed in Table 1. Pile-soil
interaction is accounted for via the m-method (Figure 4c) [38], with equivalent spring
stiffness calculated and calibrated using the distributed spring model. The values of m
for tall piers are based on the bridge’s geotechnical report and Specifications for Design of
Foundation of Highway Bridges and Culverts [39].

2.4. Selection of Ground Motions

To investigate the influence of pulse characteristics on the transverse seismic perfor-
mance of tall-pier girder bridges under near-fault earthquakes, a series of ground motions
are selected from the NGA-West2 database. The primary information on the selected
ground motions is shown in Table 3. The pulse-like record RSN 181 from the Imperial
Valley-06 station is used for TSD parameter optimization.

195



Buildings 2025, 15, 2666

Distributed
spring model

Soil springs

=

Equivalent
lumped spring
model

Equivalent
spring stiffness

No.1, No.4, and No.5 No.2 and No.3
z(m) | m (kNm") | z(m) m, (kN/m”
0 7,500 0 10,000
2:5 7,500 25 10,000
5.0 15,000 5.0 15,000
75 15,000 7.5 15,000
10.0 15,000 10.0 15,000
12.5 15,000 12:5 25,000
15.0 15,000 15.0 25,000
17.5 25,000 17:5 25,000
20.0 25,000 20.0 25,000
22:5 25,000 22.5 25,000
25.0 25,000 25.0 25,000
27.5 25,000 275 25,000
30.0 25,000 30.0 25,000
©

Figure 4. Analytical model: (a) FEM model; (b) bilinear hysteretic rule; (c) pile-soil interaction.

Table 3. The selected ground motions.

Tg

RSN Earthquake M. Ry (km) PGA (m/s?) PGV (m/s) ©) Tp () Note
181 Imperial Valley-06 653 135 4341 1.216 0822 3773  rortheTsD
optimization

2466  Chi-Chi Taiwan-03 6.2 3.52 2.005 0.3 082 1057 g oo

2495  Chi-Chi Taiwan-03 62 2237 4.565 0.698 Lo72 1379 A 9

2627  Chi-Chi Taiwan-03 62  14.66 5.168 0.614 0654 0924 pm =

2457 Chi-Chi Taiwan-03 62  19.65 1.838 0327 0919 318 .o

2734  Chi-Chi Taiwan-04 6.2 6.2 1.838 0327 0435 2436 p PR 9

3317  Chi-Chi Taiwan-06 63 3597 1.264 0.342 1426 3255 pm =<

1244 Chi-ChiTaiwan 762  9.94 3.783 1.088 1.033 5341 .
P Long-period

1475  Chi-Chi_Taiwan  7.62  56.12 1.062 0457 0876 5285 ' OEC0

1510 Chi-Chi_Taiwan  7.62  0.89 3.045 1.048 1033 4.998 pm =

1513 Chi-Chi_Taiwan  7.62  10.97 5.8067 07054 05422 -

2370  Chi-Chi_Taiwan-02 59  45.89 0.2989 0.0284 07067 - Non-pulse

2381  Chi-Chi Taiwan-02 59 4277 0.4352 0.0574 08263 -

To specifically examine pulse period effects on seismic responses, four groups of
near-fault records from the Chi-Chi Taiwan station are collected. Note that the bridge’s
fundamental transverse period is 3.06 s, and records RSN 2457, 2734, and 3317 (mean pulse
period Tpm = 2.959 s) are chosen to represent medium-period motions. Using this group as

a baseline, short-period motions (Tpm = 1.12 s) and long-period motions (Tpm = 5.208 s) are
determined. In addition, three non-pulse records (RSN 1513, 2370, and 2381) are included
for comparison. The acceleration response spectra of these records, scaled to a peak ground

acceleration (PGA) of 1.0 g, along with their mean spectra, are shown in Figure 5. Reflecting
the seismic intensity at the bridge site, a PGA of 0.3 g is used for both TSD optimization
and pulse characteristic investigations.
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Figure 5. Acceleration response spectra: (a) record for TSD optimization; (b) short-period records;
(c) medium-period records; (d) long-period records; (e) non-pulse records; (f) mean spectra.

3. Optimization of the TSD
3.1. Different Yield Strength Variations

Under strong earthquakes, excessive displacements may exceed bearing capacity
limits, increasing girder unseating and structural failure risks. The TSD effectively controls
maximum transverse bearing displacements, though its efficiency depends critically on
the yield strength. Insufficient yield strength provides inadequate displacement resistance,
while excessively high values amplify pier seismic responses. Parametric analyses are
performed to determine the optimal TSD yield strength. Displacement responses of the tall
pier with different yield strengths are shown in Figure 6. The force-displacement hysteretic
curves of the TSD are shown in Figure 7. The corresponding bending moment and shear
force at the pier bottom are shown in Figure 8.

As Figure 6a indicates, TSD displacement decreases with increasing yield strength,
implying that a higher yield strength enhances the TSD’s lateral resistance. Figure 6b
shows that HDRB transverse displacement gradually decreases with increasing yield
strength, with significant reductions compared to the no-TSD model. Figure 6c reveals
that pier top displacement increases as yield strength increases and is larger than in the
no-TSD model but smaller than in the fixed HDRB model. The opposite trend between
Figure 6b,c indicates that enhancement of yield strength can effectively limit horizontal
girder displacement but augment pier top displacement since more inertial forces are
transmitted to the substructure. Moreover, HDRB displacement with an 80 mm initial
gap is smallest when the yield strength ranges from 2000 kN to 6000 kN, yet produces
the largest top displacement. Though a 120 mm initial gap results in the smallest pier top
displacement, it yields the largest HDRB displacement when the yield strength exceeds
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3000 kN. This is mainly because the strength enhancement of the TSD occurs earlier at a
smaller initial gap and dissipates less earthquake energy, as shown in Figure 6c. Figure 7
indicates that higher yield strength reduces TSD energy dissipation capability. Nearly
linear hysteretic behaviors are observed when the yield strengths are 4000 kN and 6000 kN.
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Figure 6. Displacement responses with different yield strengths: (a) TSD; (b) HDRB; (c) pier top.
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Figure 7. Hysteretic curves of the TSD with different yield strengths: (a) initial gap 80 mm; (b) initial
gap 100 mm; (c) initial gap 120 mm.
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Figure 8. Bottom internal forces with different yield strengths: (a) bending moment; (b) shear force.

Figure 8a demonstrates a significantly increasing bending moment at the pier bottom
with higher yield strength. While TSD-equipped bridges exhibit a larger moment than the
no-TSD model, the bending moment with initial gaps of 80 mm and 100 mm will be larger
than that in the fixed HDRB model when yield strength is over 4000 kN. Figure 8b shows
increasing shear forces at the pier bottom with a higher yield strength. It is noteworthy that
the shear force exceeds that of the fixed HDRB model when yield strength reaches certain
thresholds. Compared to the fixed HDRB model, the TSD with large yield strength may
produce larger bottom internal forces, even though pier top displacements are smaller.
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3.2. Different Initial Gap Variations

Under strong seismic excitations, bearing responses are significantly influenced by
the TSD'’s initial gap. The bearing—TSD interaction alters internal force transmission paths
and displacement responses during seismic events. The maximum displacement responses
of the tall pier with different initial gaps are shown in Figure 9. The force-displacement
hysteretic curves of the TSD are shown in Figure 10. The corresponding bending moment
and shear force at the pier bottom are shown in Figure 11.
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Figure 9. Displacement responses with different initial gaps: (a) TSD; (b) HDRB; (c) pier top.
3000 4000 5000 —
—s—40mm —— 60mm —— 80mm —s—40mm —— 60mm —— 80mm 40mm 60mm 80mm
2500 F—+— 100mm—=+— 120mm—<— 140mm ~ —— 100mm—— 120mm—— 140mm ~4000 100mm 120mm—== 140mm
g Z3000} zZ
r 33000
£2000}+ 8
3] 52000
< <
E-IOOO 3 g
— = 1000
0 : - - petle
0 20 40 60 80 100 0 10 20 30 40 50 60 70
Displacement (mm) Displacement (mm) Displacement (mm)
(a) (b) (c)

Figure 10. Hysteretic curves of the TSD with different initial gaps: (a) yield strength 2000 kN;
(b) yield strength 3000 kN; (c) yield strength 4000 kN.
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Figure 11. Bottom internal forces with different initial gaps: (a) bending moment; (b) shear force.

Figure 9a shows a complex trend of TSD displacements with varying initial gaps
under different yield strengths. Figure 9b indicates that bearing displacements all increase
with larger initial gaps up to 100 mm and are substantially smaller than in the no-TSD
model. Overall, displacements of the TSD and HDRB decrease as yield strength increases
from 2000 kN to 4000 kN. Figure 9c shows that pier top displacement gradually decreases
as the initial gap increases, achieving a stable trend earlier with smaller yield strength.
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These displacements are larger than those in the no-TSD model due to the greater inertial
force transmitted to the pier cap. Overall, pier top displacements fall below those in the
fixed HDRB model when the initial gap exceeds 80 mm for yield strengths of 3000 kN and
4000 kN. For a yield strength of 2000 kN, the pier top displacement stabilizes after 80 mm,
with all displacements below those in the fixed HDRB model. Figure 10 shows fuller
hysteretic loops at a smaller yield strength, indicating better energy dissipation capacity.

Figure 11a shows that for TSD models with yield strengths of 2000 kN and 3000 kN,
bending moment gradually decreases with increasing initial gap, and greater yield strength
leads to a larger bending moment. Figure 11b shows that with increasing initial gap,
bottom shear force fluctuates, which may be due to higher-order mode effects. In addition,
a higher yield strength leads to larger shear forces, which are larger than those in the
no-TSD model. However, when yield strength is 4000 kN, both bending moment and
shear forces are nearly always larger than in the fixed HDRB model for initial gaps below
100 mm, which is different from the variation observed for pier top displacement (Figure 9c).
Both pier top displacement and bottom internal forces approach the levels in the no-TSD
model when the initial gap increases. However, HDRB displacements do not approach
the levels in the no-TSD model as the initial gap increases. This is mainly because the
seismic responses of piers (especially shear force) are mainly contributed by their own
mass instead of the steel girder mass. As the initial gap increases, inertial forces of the steel
girder transmitted to the substructure are reduced, bringing responses close to those of
the no-TSD model. Nonetheless, the existence of the TSD will limit girder displacement
and dissipate earthquake energy, leading to an obvious reduction in HDRB displacement
compared to the no-TSD model.

3.3. Different Post-Yield Stiffness Ratio Variations

The maximum displacement responses of a tall pier with different post-yield stiffness
ratios are shown in Figure 12. The force—-displacement hysteretic curves of the TSD are
shown in Figure 13. The corresponding bending moment and shear force at the pier bottom
are shown in Figure 14.
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Figure 12. Displacement responses with different post-yield stiffness ratios: (a) TSD; (b) HDRB;
(c) pier top.

Figure 12a shows that TSD displacements under a 100 mm initial gap generally
decrease when post-yield stiffness ratios are over 10%, as increased stiffness provides
greater post-yield strength that limits further deformation. A pronounced drop in TSD
displacement occurs at a 15% post-yield stiffness ratio. Figure 12b indicates slightly decreas-
ing HDRB transverse displacements with higher stiffness ratios, remaining substantially
smaller than in the no-TSD model. In addition, models with larger initial gaps exhibit
greater HDRB transverse displacement responses. Compared to yield strength and initial
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gap, the post-yield stiffness ratio exerts a weaker influence on bearing displacement control,
as it primarily affects restoring force rather than energy dissipation capacity. While higher
stiffness ratios usually enhance post-earthquake re-centering and reduce residual displace-
ment, their contribution to energy dissipation is often limited, as shown in Figure 13.
Figure 12c shows pier top displacements in models with TSD consistently exceeding those
in the no-TSD model, but remaining below levels in the fixed HDRB model. Furthermore,
a slight increase in pier top displacement occurs with higher post-yield stiffness ratios,
attributable to enhanced impact forces and reduced energy dissipation.
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Figure 13. Hysteretic curves of the TSD with different post-yield stiffness ratios: (a) initial gap 80 mm;
(b) initial gap 100 mm.
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Figure 14. Bottom internal forces with different post-yield stiffness ratios: (a) bending moment;
(b) shear force.

Figure 14 shows that the no-TSD model has the smallest bottom bending moments
and shear forces. Bridges with TSDs exhibit smaller bending moments than the fixed HDRB
model. However, for an initial gap of 80 mm, shear forces exceed those in the fixed HDRB
model, which contradicts the trend observed for pier top displacements (Figure 12c). This
occurs because shear forces are more susceptible to higher-order mode effects.

3.4. Seismic Performance Comparisons

Considering bearing displacement, top displacement, and bottom bending moment
responses, the optimal parameters for the TSD are defined as a yield strength of 3000 kNN,
an initial gap of 100 mm, and a post-yield stiffness ratio of 15%. This combination provides
a balanced energy dissipation capacity and effective control of internal forces. Note that
there is no direct corresponding relationship between pier top displacements and bottom
internal forces (especially shear force), which is quite different from the behaviors in mid-
and short-piers [25-27]. To further illustrate the seismic performance of the tall-pier girder
bridge, displacement and internal force envelopes for the optimized TSD model, no-TSD
model, and fixed HDRB model are shown in Figure 15. In addition, simulations using
reinforced concrete shear keys (RCSKs) are also presented, where the four-line skeleton
and hysteretic rules of RCSKs can be found in [40].
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Figure 15. Envelope curves: (a) pier displacement; (b) pier bending moment; (c) pier shear force.

Figure 15a shows that the displacement envelope of the optimized TSD model is
smaller than that of the fixed HDRB model and RCSK model but larger than that of the no-
TSD model. The RCSK model exhibits a larger displacement envelope than the TSD model
and slightly smaller than that of the fixed HDRB model. Figure 15b shows that the bending
moment envelope of the TSD model exhibits an S-shape, with the bending moment within
the lower 50 m of pier height reduced compared to the fixed HDRB model. The bending
moment envelope of the TSD model is lower than that of the RCSK model within the lower
35 m. The significant bending moment in the pier’s mid-height region may also induce
a secondary plastic hinge away from the bottom [41,42]. Figure 15c demonstrates more
complex shear force envelope shapes. Although the bottom shear forces are nearly identical
for all models except the no-TSD model, shear forces along the pier body are obviously
reduced when using the optimized TSD. This indicates that higher-order modes disrupt
the linear correlation between top displacement and bottom internal forces in tall piers.

The time history curves of the top displacement, HDRB displacement, and bottom
bending moment are shown in Figure 16. As seen, the pier top displacement and pier
bottom bending moment are greatly reduced with the optimized TSD. The RCSK model
can reduce pier top displacement and bottom bending moment, but it produces larger
HDRB displacement than the optimized TSD model, since its strength degrades after the
peak point. The axial force-bending moment (PM) curves for the key bottom section under
different conditions are shown in Figure 17. The optimized TSD model remains entirely
within the equivalent yield envelope throughout, ensuring elastic behavior at the pier
bottom. However, obvious damage occurs at the pier bottom for the fixed HDRB model,
since its PM curves break through the sectional equivalent yield envelope. Therefore, the
proposed TSD parameters (yield strength: 3000 kN, initial gap: 100 mm, post-yield stiffness
ratio: 15%) are validated as suitable for this bridge.
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Figure 16. Time history curves: (a) top displacement; (b) HDRB displacement; (c) bottom

bending moment.
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Figure 17. P-M curves of the bottom section.

4. Influence of Pulse Characteristics

For tall-pier girder bridges, the influence of higher-order modes is significant and
cannot be neglected. Furthermore, the effect of near-fault pulse-like motion characteristics
on the seismic responses of tall piers remains to be explored. Therefore, this section employs
12 near-fault pulse-like motions listed in Table 3 to investigate the effects of the pulse period
and velocity pulse characteristics on bridge seismic responses.

4.1. Effect of Pulse Period

The displacement envelopes of piers are shown in Figure 18. Displacement magnitude
generally increases with pier height. As shown in Figure 18b, the maximum displacement
responses occur under medium-period pulse-like motions, primarily due to resonance
arising from the close match between the bridge’s fundamental structural period (3.06 s) and
the pulse period (Figure 5c). Significant displacements also arise under long-period pulse-
like motions, reflecting the slender tall-pier bridge’s sensitivity to high spectral accelerations
in the low-frequency range of motions (Figure 5d). Notably, displacement responses under
short-period and non-pulse motions are similar, which is primarily explained by the nearly
overlapping mean spectra beyond 1.8 s (Figure 5f). The spectral amplification for short-
period pulse-like motions occurs between 1.2 s and 1.8 s, which is far away from the
fundamental structural period of the tall-pier girder bridge (3.06 s).

The bending moment envelopes of piers are shown in Figure 19. Figure 19a,d reveal
that the tall pier exhibits an S-shaped moment distribution under short-period and non-
pulse excitations, indicating significant higher-order mode influence. Additionally, the
large moment at the mid-height suggests a potential second plastic hinge region that is
distinct from the conventional plastic hinge at the pier bottom. As pier height decreases,
the mid pier shows only a slight S-shaped moment distribution. The contribution of
higher-order modes diminishes substantially with reduced pier height. For the short pier,
bending moment envelopes become nearly linear, demonstrating a significant reduction in
higher-mode effects.

The fundamental structural period plays a crucial role in bending moment responses.
Tall-pier girder bridges typically exhibit longer structural periods, shifting resonance away
from motions with dominant high-frequency components. Consequently, bending moment
responses under short-period motions and non-pulse motions are reduced. Conversely,
significant bending moment amplification occurs in tall piers subjected to medium- to long-
period excitations. This amplification stems primarily from tall piers” lower stiffness and
complex higher-order mode shapes, where the fundamental structural period aligns more
closely with pulse periods, inducing pronounced resonant responses. Further analyses
reveal that medium-period motions induce higher bending moments than long-period
motions due to closer matching between the fundamental structural period and pulse
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period, intensifying moments at the pier bottom. Therefore, resonance effects from period
matching critically determine the magnitude and distribution of seismic responses in

tall-pier girder bridges under near-fault motions.

Height (m)

&

Figure 18.

100

Figure 19.

260 —=— RSN2466 (Short pier)
< —O— RSN2466 (Mid pier)
5 —A— RSN2466 (Tall pier)
=40 —m— RSN2495 (Short pier)

S

—O—RSN2495 (Mid pier)
—&— RSN2495 (Tall pier)
~—#—RSN2627 (Short pier)
—O—RSN2627 (Mid pier)
N ) ) +IRSN2627. (Tall pielr)

50 100 150 200
Displacement (mm)

@
Pl

4@‘_._ RSN 1244 (Short pier)

77 —O—RSNI244 (Mid pier)
—4A— RSN1244 (Tali pier)
—=— RSN1475 (Short pier)
—O—RSN1475 (Mid pier)
—A— RSN1475 (Tall pier)
—#— RSN1510 (Short pier)
—O—RSN1510 (Mid pier)
~—#4—RSNI1510 (Tall pier)

L L L L L L

L
100 200 300 400 500 600 700 800
Displacement (mm)

(0)

250 280

Displacement envelopes:

—=&— RSN2466 (Short pier)
— O — RSN2466 (Mid pier)
— A RSN2466 (Tall pier)
—=— RSN2495 (Short pier)
- O RSN2495 (Mid pier)
A —- RSN2495 (Tall pier)
o 4 A —=—RSN2627 (Short pier)
(g& AA 4 - O~ RSN2627 (Mid pier)
Fip 3 ha A’A — 4~ RSN2627 (Tall pier)
M
~ AA

,,

-

&

&

b C

\AA

AR

R TAA

. e VI :

5 10 15 20 25 30 35
Bending moment (10*<kN-m)

(a)

—m— RSN1244 (Short pier)
- ® -RSN1244 (Mid pier)
— - RSN1244 (Tall pier)
—=— RSN1475 (Short pier)
- @ -RSN1475 (Mid pier)
— A RSN1475 (Tall pier)
—#—RSNI510 (Short pier)
~ ® ~RSNI510 (Mid pier)

40

20
Bending moment (10*xkN-m)

()

30 40 50 60 70 80 90

Height (m)

ol
0

Height (m)

—=— RSN2457 (Short picr)
—O—RSN2457 (Mid pier)
—4A— RSN2457 (Tall pier)
—&— RSN2734 (Short pier)
—O— RSN2734 (Mid pier)
—&— RSN2734 (Tall pier)
—#—RSN3317 (Short pier)
—O—RSN3317 (Mid pier)
—A—RSN3317 (Tall pier)

200 400 600 800 1000 1200
Displacement of pier (mm)

A

7" —®— RSN1513 (Short pier)
7 —o— RSNIS13 (Mid pier)
¢ —A—RSNI1513 (Tall pier)
—#— RSN2370 (Short pier)
—O0—RSN2370 (Mid pier)
—&— RSN2370 (Tall picr)
—m— RSN2381 (Short pier)
—O—RSN2381 (Mid pier)
—A—RSN2381 (Tall pier)
L L L s

50

100 150 200 250 280
Displacement (mm)

(d)

(a) short-period motions; (b) medium-period motions;
(c) long-period motions; (d) non-pulse motions.

100 —=— RSN2457 (Short pier)
ﬁ = ® = RSN2457 (Mid pier)
30 | e — - RSN2457 (Tall pier)
AAA —=— RSN2734 (Short pier)
&*I\ - ® - RSN2734 (Mid pier)
‘E60 & A — & - RSN2734 (Tali pier)
T [t A A\.\ —m—RSN3317 (Short pier)
) od \ AA - ® - RSN3317 (Mid pier)
£40 A A~ RSN3317 (Tall pier)
e G N
oo A A N
20+ . ; ‘\
| @ am A A
0 - e vwA L o, L
0 20 40 60 100 120 140
Bending moment (10*xkN-m)
100 (b)
—=— RSN1513 (Short pier)
- & -RSNi313 (Mid pier)
g0 2 — A~ RSN1513 (Tall pier)
—=—RSN2370 (Short pier)
- @ -~RSN2370 (Mid pier)
B \ — A RSN2370 (Tall pier)
E% o 'F‘& —=—RSN2381 (Short pier)
= L 4“ ~ ® -RSN2381 (Mid pier)
il @ —A-- RSN2381 (Tall pier)
e 4
20+
~AUSA
oL L DR .
0 5 10 15 20 25 30 35 40

(c) long-period motions; (d) non-pulse motions.

Bending moment (10*xkN-m)

(d)

Bending moment envelopes: (a) short-period motions; (b) medium-period motions;

The shear force envelopes of piers are shown in Figure 20. Unlike displacement and
bending moment responses, tall piers exhibit distinct S-shaped distributions under all
four input motion types, indicating significant higher-order mode effects. This occurs
because shear force is primarily induced by inertial forces from the partial mass, while
bending moment is also influenced by the distance to the supports. For tall piers, shear
forces decrease from the base to approximately 50 m height due to accumulated inertial
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forces from the middle to lower regions. Above 50 m, shear force distributions become
less consistent, likely affected by complex pier-superstructure interaction. Medium piers
show weakened S-shaped distributions, reflecting diminished higher-mode influence.
For piers below 50 m, shear force envelopes progressively become linear along the pier,
indicating that the dynamic responses are predominantly governed by the fundamental
structural mode.
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Figure 20. Shear force envelopes: (a) short-period motions; (b) medium-period motions; (c) long-
period motions; (d) non-pulse motions.

To clarify the interaction mechanism between TSD and higher-order mode effects, the
seismic response envelopes without the TSD under short-period motions are shown in
Figure 21. Comparing Figures 19a and 21b, it can be drawn that the TSD will exacerbate
higher-order mode effects, as evidenced by the S-shaped envelopes. This can be attributed
to the fact that the TSD will indirectly increase the horizontal stiffness of the tall pier by
limiting the pier top displacement when collision occurs. Meanwhile, the energy dissipation
capacity of the TSD may reduce the seismic responses from higher-order modes, resulting
in smaller pier top displacement and bottom bending moment. Given that shear forces
mainly depend on local mass, the influence of the TSD and higher-order modes on shear
force is more complex, which will be investigated further through additional simulations
in future work.
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Figure 21. Seismic response envelopes without the TSD: (a) displacement; (b) bending moment;
(c) shear force.
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4.2. Effect of Velocity Pulse

The wavelet analysis framework [43] and the method proposed by Baker et al. [44] are
used to separate the main velocity pulse from the original pulse-like motions, as shown
in Table 3. Each motion is decomposed into two components: the main velocity pulse
and the residual velocity component. The time history curves of the original waves and
the separated components are shown in Figure 22. The spectral decomposition of the
medium-period motions is shown in Figure 23, indicating that the main velocity pulse
mainly affects the spectral values around the pulse periods. Similarly, the main velocity
pulse of short-period motions and long-period motions primarily affects spectral values
in the high-frequency range and low-frequency range, respectively. This decomposition
assesses the dominant influence of the main velocity pulse on seismic responses of the
tall-pier girder bridge.

Displacement, bending moment, and shear force envelopes of the tall pier under
original and residual motions are compared in Figure 24. Removal of the main velocity
pulse significantly reduces displacement and bending moment responses, with reductions
exceeding 50% in some cases. This confirms the critical role of the main velocity pulse
in triggering resonant responses in tall-pier bridges, highlighting the strong coupling
between the fundamental structural period and pulse period. Comparisons in Figure 24e,f
show evident shear force reductions under medium- and long-period motions after pulse
removal. For short-period motions, however, shear distributions display a marked increase
at the pier bottom in some cases, despite moderate reductions at the pier top. Furthermore,
bending moment and shear force envelopes exhibit a more obvious S-shape, indicating
that residual high-frequency components excite higher-order modes more obviously after
removal of the main velocity pulse. However, higher-order mode effects induced by high-
frequency components are masked by dominant seismic responses from large spectral
values in medium to long periods.

Furthermore, TSD’s sensitivity to the residual component is analyzed using record
RSN2734, and the seismic responses for different TSD parameters are shown in
Figures 25 and 26. The variation trends of pier top displacement and bottom bending
moment under the residual component are similar to those from the original wave, though
their values are much smaller due to the removal of the pulse component. Both pier top
displacement and bottom bending moment under the residual component increase with
increasing yield strength, while decreasing with increasing initial gap. In addition, the
influence of the post-yield stiffness ratio on pier top displacement and bottom bending
moment under the residual component is also not obvious.
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Figure 24. Seismic responses: (a) displacement (original); (b) displacement (residual); (c) bending
moment (original); (d) bending moment (residual); (e) shear force (original); (f) shear force (residual).
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5. Conclusions

This study proposes a novel transverse steel damper (TSD) with enhanced lateral
strength and energy dissipation capacity. Based on a six-span tall-pier girder bridge, seismic
responses under varying TSD parameters are systematically analyzed, while the influence
of pulse characteristics is investigated. The key findings are summarized below:

(1) The novel TSD is modeled and validated under cyclic loading using ABAQUS,
demonstrating excellent hysteretic behavior and mechanical stability. It provides a viable
solution for lateral restraint and energy dissipation in tall-pier girder bridges.

(2) The use of TSDs effectively reduces bearing displacements while increasing pier-top
displacements and pier-bottom internal forces as additional inertial forces are transmitted
to the pier cap. However, displacements and internal forces in the bridge with TSDs are
smaller than those in the bridge with fixed bearings.

(3) As yield strength increases, bearing displacements decrease, while pier-top dis-
placements and pier-bottom internal forces increase. Conversely, larger initial gaps increase
bearing displacements but reduce pier-top displacements and pier-bottom internal forces.
However, the post-yield stiffness ratio exhibits a negligible influence on the seismic re-
sponses of tall-pier bridges. The optimized parameters are a yield strength of 3000 kN,
an initial gap of 100 mm, and a post-yield stiffness ratio of 15%. The displacements and
internal forces of the pier are greatly reduced using these parameters.

(4) Tall piers develop S-shaped bending moment distributions under short-period and
non-pulse motions, while S-shaped shear force distributions manifest under all motions
owing to higher-order mode effects. As pier heights decrease, the influence of these modes
progressively diminishes, evidenced by bending moment and shear force distributions
transitioning toward linear profiles along the pier height.

(5) Medium-period pulse-like motions maximize seismic responses due to resonance
(pulse period ~ fundamental structural period). Long-period pulse-like motions also
generate large seismic responses owing to the susceptibility of tall-pier girder bridges
to high spectral accelerations in the low-frequency range. Under short-period and non-
pulse motions, however, seismic responses remain minimal since pulse periods and site
characteristic periods are far from the fundamental structural period.

(6) Removing the main velocity pulse significantly reduces pier displacements and
internal forces. However, more pronounced S-shaped envelope distributions are found in
bending moments and shear forces under residual motions, implying significant higher-
order mode effects. This indicates that higher-order modes exhibit greater sensitivity to the
residual high-frequency components of pulse-like motions. Furthermore, these effects are
masked by dominant responses from large spectral values in medium to long periods.

Despite its promising numerical performance, the TSD faces practical challenges
that require attention before its implementation in real bridges. First, TSD installation
requires sufficient space and is easy to replace, particularly in retrofits. Second, long-term
durability concerns arise due to steel’s susceptibility to corrosion. Third, low-cycle fatigue
performance requires experimental validation, and hysteretic behavior should be calibrated
using measured cyclic responses.
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