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Preface

This reprint, Marine Geotechnical Engineering and Marine Civil Engineering Construction, presents
a collection of recent studies addressing key challenges and emerging developments in offshore
and marine civil engineering. The contributions cover a wide range of topics, including offshore
foundations, pipeline—soil interactions, cyclic behavior of marine soils, geotechnical improvement
technologies, offshore pile foundations, and sustainable marine infrastructure systems.

This volume begins with investigations into offshore pile foundations and lateral bearing
mechanisms. Wang et al. study a novel offshore rubber airbag branch pile system and examine
its horizontal bearing behavior through numerical simulations and theoretical model development.
Their work highlights the role of pile geometry, buried depth, and vacuum-induced resistance
mechanisms in improving lateral performance under marine loading conditions. Cheng et al.
investigate the uplift behavior of offshore pipelines buried in a spatially varying clayey seabed. By
incorporating random field modeling and probabilistic finite element analysis, the study evaluates
how spatial variability in soil strength influences uplift resistance and failure probability, providing
insights for reliability-based offshore pipeline design.

Several contributions focus on the mechanical behavior and improvement of offshore
geomaterials. Liu et al. examine the influence of the mixing degree between coarse and fine
particles on the strength characteristics of offshore and coastal foundation materials. Du et al.
investigate the stiffness degradation of organic matter-disseminated sand under cyclic loading,
providing experimental observations relevant to long-term marine foundation performance. Zhou
et al. report an experimental study on the preparation of highly active bacterial suspensions
for microbially induced carbonate precipitation (MICP), contributing to sustainable ground
improvement technologies for marine environments.

Offshore foundation systems and pile behavior are another major focus of this volume. Wang et
al. conduct sensitivity analyses on factors affecting the bearing capacity of suction bucket foundations
in soft clay. Guo et al. study the load-carrying behavior of large open-ended pipe piles in cohesionless
soils, while Wang et al. develop a new p-y curve formulation for laterally loaded large-diameter
monopiles in soft clays. Xu et al. further investigate uplift capacity calculations for suction caissons
in sand under different drainage conditions. These studies collectively advance the understanding of
offshore foundation responses under complex marine loading and soil conditions.

In addition, Liu et al. investigate geopolymer grouting materials with varied mix proportions,
contributing to the development of environmentally friendly and high-performance grouting
technologies for marine and underground engineering applications.

Overall, this reprint highlights recent advances in marine geotechnical engineering through
a combination of experimental studies, theoretical developments, numerical simulations, and
engineering applications. The Guest Editors hope that this collection will serve as a useful reference
for researchers, engineers, and practitioners working in offshore engineering, marine infrastructure,
and sustainable geotechnical systems, while also encouraging interdisciplinary collaboration and

future innovation in the field.
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Abstract: In this work, a new type of marine rubber airbag branch pile has been presented, and
the influences of the exposed length L of the pile, size of rubber airbag branch and depth Sy of
rubber airbag branch embedded in soil on the horizontal bearing capacity of the pile, have been
investigated using numerical simulations. Simulation results were used to modify the eigenvalue
equations of the horizontal bearing capacity. The results also showed that reverse displacement and
the bending moment of the rubber airbag branch pile were lower in pipe piles with larger diameters,
and the horizontal bearing capacity was more stable. At small horizontal displacements of the pile
top, horizontal bearing capacities of large-diameter pipe piles were slightly higher, while for the pile’s
top horizontal displacements of above 10 mm, horizontal bearing capacities of rubber airbag branch
piles became significantly greater than those of the large-diameter pipe piles. Based on assumptions,
the calculation equations of vacuum negative pressure and friction force between the rubber airbag
branch and soil were derived. The equations for calculating the characteristic horizontal bearing
capacities of rubber airbag branch piles were also derived and were modified based on simulation
results. The calculation results confirmed the improvement in the accuracy of the modified equations.

Keywords: rubber airbag branch pile; numerical simulation; horizontal bearing capacity; vacuum
negative pressure; equation correction

1. Introduction

With the continuous development and exhaustion of marine resources, particularly
the invention of offshore wind power generators as a novel energy source, there is little
harmful impact on the environment and is economical and practical; therefore, wind power
generators have become extremely popular around the world. Today, about two-thirds
of single pile foundations are being used to resist the lateral loads created by sea winds,
currents and waves as well as seismic waves. The impact forces of these loads have great
impacts on pile horizontal displacements [1]. Based on the analytical results obtained for
the horizontal bearing capacities of marine high pile foundations, pile exposed lengths
and pile foundation forms were found to have great influences on the horizontal bearing
capacities of these structures. In addition, soil resistance around piles varied nonlinearly
with depth. Obtaining an accurate calculation of the mechanical characteristics of pile-soil
is difficult [2,3]. Therefore, in this research, the form of offshore pile foundations was
improved to change their horizontal force transfer mechanisms, which provided a solution
for the problem of insufficient horizontal bearing capacity and a large displacement of high
pile foundations.

Currently, theoretical models, in situ test methods and finite element numerical models
are often used for the investigation of horizontal bearing characteristics of pile foundations.

Sustainability 2022, 14, 7331. https:/ /doi.org/10.3390/su14127331 1 https://www.mdpi.com/journal/sustainability
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However, finite element numerical simulations are widely applied because they are not
restricted by the environmental conditions of the field [4,5]. Jeong [6] investigated the
load distribution and deformation of drilling wellbores under lateral loads through field
load tests and P-Y curves, and found that the main factor affecting drilling precision was
wellbore stiffness. Mahdi Taha K et al. [7] In order to determine the advantages of the pile
with wings, four embedded ratios were used to model the flexible and rigid pile types
with different wings and sizes. The results showed that adding wing plates to the pile can
improve the lateral force of the pile and greatly reduce the lateral deflection of the pile.
Poorjafar Aysan et al. [8] summarize the small-scale laboratory simulation results of pile
behavior under a lateral load, considering parameters, such as a short or long pile, a single
or group pile, spacing and stiffness or flexibility. The results showed that the short pile
had rigid movement, the displacement of the surrounding soil occurred along the total
length of the pile, and the pile rotated around a point; however, the long pile had flexible
movement in the long part of the pile. Francisco Gonzalez et al. [9] proposed an equivalent
linear boundary element—finite element model that considered soil degradation at the
pile—soil interface, which was used to approximate the lateral time-harmonic response of
piles. Amar Bouzid Dijillali [10] proposed a new P-Y formula containing a new P-Y shape
and a new initial stiffness and coded it in the existing Winkler computer program. Through
the study of three cases in the literature, the results of the new formula were verified.
Deendayal Rathod et al. [11] carried out a series of indoor model tests on instrumented
model piles embedded in slopes with different length—diameter ratios. Endi et al. [12]
found that the P-Y curves obtained, based on the API standards, were safe, while the “M”
method was unsafe; however, the results obtained from the “M” method were closer to
the experimentally measured values. Ahmed Sahli et al. [13] discuss the compilation of
the calculation program for the safety modeling and verification of the pile limit state in
the current structural foundation. Accordingly, the reliability technology is applied to the
probability analysis of piles, where the finite element method (FEM) is combined with the
boundary element method (BEM), and Mindlin’s basic solution is used to model the soil by
boundary element, which is suitable for considering three-dimensional infinite half-space.

The cross-section shape of the pile, theoretical analysis and calculation method of
pile-soil interactions all have a great influence on the design bearing capacity of the pile. At
present, there are few types of research on reducing the horizontal displacement of the pile
by applying transverse binding force, and the method of changing the cross-section shape
of the pile cannot weaken the relative stiffness of the pile and soil. Although the variable
section pile can improve the horizontal bearing capacity of the pile, it is easy to cause
the pile-soil separation phenomenon at the variable section of the pile under a long-term
cyclic load. Moreover, the study shows that the P-Y curve is more conservative than the M
method, and the M method is closer to reality. Therefore, in the current work, a new type of
rubber capsule supporting piles was proposed. The ABAQUS software was used to analyze
the horizontal bearing characteristics of different rubber airbag branch pile sizes, buried
depths Sy, exposed lengths of pile above the soil surface Ly and horizontal displacements of
pile top. The results were compared with those obtained for large-diameter pipe piles. On
this basis, the equations for calculating the characteristic values of the horizontal bearing
capacity of rubber airbag branch piles were derived.

2. Horizontal Bearing Mechanism of Rubber Air Bag Branch Piles

Rubber airbag branch piles are mainly composed of large-diameter pipe piles and
hollow rubber airbag branches. In Figure 1, R is the external radius of the rubber sac
ascot and r is the pile diameter. Due to the characteristics of rubber materials, such as
high density, low rigidity and easy deformation [14,15] and the physical and mechanical
characteristics of marine muddy soft soils with low permeability, the rubber airbag branch
compresses soil when it is pressurized in the soil. The air and water in the joint between the
surface of the rubber airbag branch and soil are gradually eliminated, and the air pressure
is decreased, resulting in negative vacuum pressure. When the pile body is subjected to
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a horizontal load, the soil and rubber airbag branch work cooperatively and a mutual
suction-and-pull action occurs, resulting in the generation of resistance to the horizontal
load and an increase in the horizontal bearing capacity of piles. In addition, the cross-
sectional areas of rubber airbag branches are larger than those of pile bodies. A relatively
closed space is created from the pile end to the rubber airbag branch. When pile bodies
undergo horizontal displacement, a vacuum negative pressure is generated on the pile side
opposite to the direction of displacement to resist the displacement of the pile, which acts
on the pile body in the form of an arc transverse surface load. Because of the circular shape
of the rubber airbag branch, no matter whether the pile top is subjected to the load from
any horizontal direction, the rubber airbag branch generates lateral restraint on the pile

body.

Rubber airbag branch
outside radius

| / | 1

‘ : —': | Pile diameter

| \ r / /

Large diameter Rubber airbag Rubber airbag
pipe pile branch branch pile
(a) (b)

Figure 1. (a) Schematic diagram of rubber airbag branch pile; (b) plan of rubber airbag branch.

Due to the favorable elastic deformation properties of rubber airbag branch materials,
it is difficult for the pile to fully play its role in very small pile displacements. Therefore,
due to bearing demand, fine steel wires could be embedded to improve the rubber airbag
branch tensile’s bearing capacity to decrease large tensile deformations due to the elastic
properties of rubber materials during tension.

3. Finite Element Numerical Simulation and Result Analysis
3.1. Establishment of Finite Element Model of Rubber Airbag Branch Pile

The ABAQUS finite element simulation software was applied to establish a rock-
socketed pile foundation. The established pile was a large-diameter pipe pile with outer
and inner diameters of 5 and 3.25 m, respectively, a wall thickness of 1.75 m and a buried
depth of 55 m. Moreover, the rock-socketed depth was 5 m and the pile body exposed
lengths Ly were 0, 5, 10, 15 and 20 m. To decrease the amount of stress transferred from
the pile to the soil boundary through a horizontal load, a cylindrical model with a radius
of 25 m and depth of 70 m, where 0-50 m was a clay layer and 50-70 m was a rock layer,
was adopted. The Mohr-Coulomb constitutive and linear elastic constitutive models were
used for the simulation of the clay layer. A linear elastic constitutive model was applied
for rock stratum, pile and rubber airbag branch. In order to avoid relative slippage, the
pile-rubber airbag branch and pile bottom-rock layer contacts had to be bound. A penalty
function was applied for the rubber airbag branch surface-soil body and pile body-soil
body contacts. Pile-rock surface contact was considered to be a rough contact. To realize the
transformation of pile top horizontal displacement from a small horizontal displacement
to a large horizontal displacement, the horizontal displacement range of the pile top was
considered as 0~50 mm with an interval of 2 mm. Table 1 summarizes the physical and
mechanical parameters of the soil layer, rubber airbag branch and pile, and Figure 2 shows
the mesh division of the model.
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Table 1. Physical parameters of each component [16].

Modulus P01s.s on Cohesion Severe Internal Friction
Ration Angle
Clay layer 30 MPa 0.3 25 kPa 19.23 kN/m 14°
Rock stratum 400 GPa 0.3 R 27 KN/m —_—
_ Rubber 10 MPa 0.3 - 10 kKN/m S
airbag branch
Pile 38 GPa 0.3 —_— 25 kN/m —_

(a) (b) ()
Figure 2. (a) Pile grid division; (b) rubber airbag branch grid division; (c) component grid division.

3.2. Simulation Conditions

By analyzing the horizontal loading mechanism of rubber airbag branch piles, it was
concluded that their horizontal bearing capacities were mainly affected by the pile body
exposed length L, rubber airbag branch size and buried depth Sy in soil. In this section,
these three influencing factors are compared and analyzed under the following combination
of working conditions.

The exposed length of high pile foundations is generally long. Without an external
force constraint, pile top displacement, due to a horizontal load, is relatively large and
bending deformations can easily occur. By comparing rubber airbag branch piles and
large-diameter pipe piles at various exposed lengths L, the effect of Ly on horizontal
bearing capacities was explored when horizontal displacement deformation occurred on
the pile top. Table 2 summarizes the specific combination of working conditions for this
test.

Table 2. Combination of different lengths of exposed pile.

R (m) Height (m) Sp (m) Lo (m)
5 2 5 0/5/10/15/20

It was found that an increase in the height and outer radius of rubber airbags increased
soil contact areas, which affected the negative vacuum pressure and friction force of rubber
airbag branches. In addition, with the increase in the rubber airbag branch height, the
soil around the pile was separated, affecting the pile’s horizontal bearing capacity. In
order to evaluate the effect of the rubber airbag branch size on pile top horizontal bearing
capacities, both Ly and Sy were fixed at 5 m. Tables 3 and 4 summarize the combined
working conditions of the test.
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Table 3. Combination of different heights.

R (m) Height (m) So (m) Lo (m)
5 1/1.5/2 5 5

Table 4. Combination of different rubber airbag branch outer radius conditions.

R (m) Heigh (m) So (m) Ly (m)
3.125/3.75/5 2 5 5

The buried depth Sy of rubber airbag branch in the soil also affected pile horizontal
bearing capacity; especially, horizontal reactions of rubber airbag branch at various pile
body positions affected pile bending performance. In order to explore the effects of rubber
airbag branch on the two properties of the buried depth Sy of rubber airbag branch and
the length Ly of pile above the soil surface, the relationship between pile top horizontal
displacement and bearing capacity, and that between pile top horizontal displacement
and pile body bending moment were compared and analyzed. Table 5 summarizes the
combined conditions applied in this experiment.

Table 5. Combination of different outer radius conditions.

R (m) Height (m) So (m) Ly (m)
5 2 5/10/20 5

3.3. Result Analysis
3.3.1. Comparative Analysis of Different Exposed Pile Lengths

According to the working conditions given in Table 2, at the pile top horizontal
displacements of 2 mm~50 mm, the comparison results of the exposed lengths L of the
straight pile and rubber airbag branch pile outside the pile were different, as shown
in Figure 3. It was seen that an increase in Ly decreased the pile horizontal bearing
capacity. The pile top horizontal bearing capacity was increased with the increase in pile
top horizontal displacement at a growth rate of an almost straight line; also, the growth
rate of the horizontal bearing capacity of rubber airbag branch piles was greater than that
of the large-diameter pipe piles. However, the horizontal bearing capacity of rubber airbag
branch piles with small pile top horizontal displacements was smaller than that of the
large-diameter pipe piles. In Figure 3a, at a pile top horizontal displacement of 12 mm,
the horizontal bearing capacities of rubber airbag branches and straight piles were 2827
and 2880 kN, respectively. At a pile top horizontal displacement of 14 mm, the horizontal
bearing capacities of rubber airbag branches and vertical piles were 3369 and 3364 kN,
respectively. It was seen that the horizontal bearing capacity of the rubber airbag branch
pile was higher than that of the large-diameter pipe piles at pile top displacements of
12-14 mm. In Figure 3b—e, the pile top horizontal displacements were 4~6, 4~6, 6~8 and
8~10 mm, respectively. The bearing capacities of the rubber airbag branch piles exceeded
those of vertical piles. At Ly values of 0, 5, 10, 15 and 20 m, the horizontal displacements of
rubber airbag branches and large-diameter pipe piles reached 50 mm and the difference
in the horizontal loads they were able to carry were 1510, 1891, 1090, 656 and 410 kN,
respectively. The obtained results showed that by increasing L, the horizontal bearing
capacity of the rubber airbag branch pile was first increased and then decreased under
large pile top displacements.
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Figure 3. (a) 0 m external exposure of pile Ly; (b) 5 m external exposure of pile Ly; (c) 10 m external
exposure of pile Ly; (d) 15 m external exposure of pile Ly; (e) 20 m external exposure of pile Lg.

Based on the five comparison results mentioned above, the effect of Ly on horizontal
displacement was generated from the fact that when the pile top was exposed to horizontal
loads, the flexural rigidity of the pile first played a role and then transferred to the soil
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under the constraint of the soil reaction around the pile. However, the length Ly of the
pile above the soil surface directly depended on flexural strength, which resulted in a
decreased horizontal bearing capacity of the pile. As the length of the pile’s exposed
part was increased, the distance of horizontal load transfer to soil was increased and the
extension of time for the reaction of soil around the pile to exert its effect along with the
horizontal bearing capacity of the pile was also decreased. When the rubber airbag branch
entered the soil along with the pile, some parts of the soil and pile were separated. In
the process of pile top horizontal load transfer, part of the soil reaction around the pile
was missing. Therefore, when the pile top horizontal load was transferred to the rubber
airbag branch, the rubber airbag branch first produced tensile deformation with pile body
displacement direction and, then, extrusion deformation occurred in the opposite direction
of the pile body horizontal displacement. In this process, the horizontal load-bearing
capacity of rubber airbag branch piles was not high enough to make up for the loss of
soil reaction around the pile and the horizontal bearing capacity of rubber airbag branch
piles was less than those of large-diameter pipe piles. However, as pile top horizontal
displacement occurred, the tensile and extrusion deformations of rubber airbag branches
gradually reached their limit values. Pile horizontal bearing capacity was increased due to
the horizontal load resistance generated by rubber airbag branches.

3.3.2. Comparative Analysis of Different Sizes of Rubber Airbag Branches

By comparing the working conditions given in Tables 3 and 4, Figures 4-6 were
obtained. It was seen from Figure 4 that, the horizontal bearing capacities of rubber airbag
branch piles with different heights were greater than those of large-diameter pipe piles and
the increased rates for horizontal bearing capacities with pile top horizontal displacements
were greater than those of straight piles. At a pile top horizontal displacement of 50 mm, the
horizontal bearing capacity of the straight pile was 6876 kN, while the horizontal bearing
capacities of the rubber airbag branch pile were 8923, 9039 and 8767 kN at disc heights of 1,
1.5 and 2 m, respectively. It was found that the bearing capacity of the rubber airbag branch
pile was 2163 kN higher than that of the straight pile at a pile height of 1.5 m. Based on
the findings of quantitative analysis, the rubber airbag branch height was 1 m, which was
greater than the horizontal bearing capacity at pile heights of 2 m and less than 1.5 m. It
was seen that too large separation areas of pile and soil negatively affected the function
of rubber airbag branches. An increase in rubber airbag branch height did not always
improve pile horizontal bearing capacity.

10.000
8000
6000

4000 4

2000

—a— Height of rubber airbag 1m

- Height of rubber airbag 1.5m
—4— Height of rubber airbag 2m
0 v Vertical pile

Horizontal bearing capacity/kN

0 10 20 30 40 50

Displacement of pile top/mm

Figure 4. Influence of rubber airbag branch height on horizontal bearing capacity of pile.
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Figure 5. (a) 10 mm pile top horizontal displacement; (b) 20 mm pile top horizontal displacement;
(c) 30 mm pile top horizontal displacement; (d) 40 mm pile top horizontal displacement; (e) 50 mm
pile top horizontal displacement.
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Figure 6. The influence of the outer radius of rubber airbag branch on horizontal bearing capacity.

To understand the effect of rubber airbag branch height on pile body horizontal
displacement, pile body horizontal displacements of 10, 20, 30, 40 and 50 mm were analyzed.
As shown in Figure 5, compared with the large-diameter pipe piles, rubber airbag branches
imposed certain constraints on pile horizontal displacements. However, increasing rubber
airbag branch height had little effect on pile horizontal displacement. In Figure 5a, the
reverse horizontal displacement position along the pile body showed that the reverse
horizontal displacement position of the large-diameter pipe pile was 26.2 m, while at
the rubber airbag branch heights of 1, 1.5 and 2 m, the reverse horizontal displacement
positions of the rubber airbag branch piles were 26.5, 26.8 and 27.5 mm, respectively. It was
seen that the reverse horizontal displacement point of the rubber airbag branch pile was
lower than that of the large-diameter pipe pile and the reverse horizontal displacement
point of the rubber airbag branch pile was gradually decreased with an increase in the
rubber airbag branch height.

It can be seen in Figure 6 that pile horizontal bearing capacity could be improved by
increasing the outer radius R of the rubber airbag branch. The horizontal bearing capacities
of the piles were 8641, 8925 and 8767 kN for a pile top displacement of 50 mm, rubber airbag
branch height of 2 m and the R values were 1.25 and 1.5 and 2, respectively. Compared
with large-diameter pipe piles, horizontal bearing capacities were increased by 1765, 2049
and 1891 kN, respectively, and a maximum horizontal bearing capacity was obtained for
an r value of 1.5R. An increase in horizontal bearing capacity showed that pile horizontal

bearing capacity could not be continuously increased by the increase in the rubber airbag
branch outer radius.

3.3.3. Comparative Analysis of Different Rubber Airbag Branch Buried Depths S

Figures 7 and 8 were derived by comparing the different working conditions of rubber
airbag branch buried depth Sy values. It can be seen in Figure 7 that the maximum pile
bearing capacities of 8767, 8502 and 8343 kN were obtained for the Sy values of 5, 10 and
20 m, respectively. It was concluded that deeper rubber airbag branches decreased pile
bearing capacities. When pile top horizontal displacement was within 4 mm, straight pile
bearing capacity was greater than that of the rubber airbag branch. Pile top horizontal
displacement was within 18 mm and pile bearing capacity was smaller than that of the
pile at a buried depth of rubber airbag branch at 5 m. It was seen that the soil reaction
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loss around the pile, due to different buried depths of rubber airbag branches, affected the
improvement of pile horizontal bearing capacity.
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Figure 7. Influence of buried depth Sy of rubber airbag branch on bearing capacity.

By evaluating the effects of different buried depths of rubber airbag branches on pile
bending moments, as shown in Figure 8, it was clearly seen that the bending moment
of large-diameter pipe piles in the first and second inflection points appeared near the
pile body of 5 and 8 m, respectively. However, the bending moment was changed in a
relatively gentle trend after the first inflection point at 5 m of the rubber airbag branch pile.
Analyses showed that the reason for the second turning point of a large-diameter pipe
pile was that when the soil reaction around the pile increased with the depth, the rubber
airbag branch pile and soil reaction around the pile resisted the pile top horizontal load
under the action of the rubber airbag branch. Therefore, there were no obvious inflection
points near the pile body of 8 m. From Figure 8a, it was concluded that the maximum
bending moment of the rubber airbag branch was less than that of a large-diameter pipe
pile at a pile top horizontal displacement of 10 mm. The maximum bending moment was
slowly decreased with the increase in Sp. Compared with Figure 8, the maximum bending
moment of rubber airbag branch piles was lower than those of large-diameter pipe piles
and the maximum bending moment was increased by increasing the pile top horizontal
displacement. At a pile top horizontal displacement of 30 mm and with Sy values of 5 and
10 m, the maximum pile body bending moments were greater than those of large-diameter
pipe piles. At a pile top horizontal displacement of 50 mm and with Sy values of 5 to 20 m,
the maximum bending moments of the rubber airbag branch pile bodies exceeded those of
the large-diameter pipe piles. However, from the overall curve change in the pile bending
moment, the variation range of the rubber airbag branch pile curve is smaller, and the
horizontal bearing performance of the rubber airbag branch pile is more stable than that of
large-diameter pipe piles.

10
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4. The Horizontal Bearing Capacity Characteristic Value of Rubber Airbag Branch
Piles

4.1. Formula Correction for Bearing Capacity Characteristic Value of Large Diameter Tubular Piles

When there were no measured horizontal bearing capacities for single piles, the char-
acteristic value of pile horizontal bearing capacity played an important role in engineering
and it was still taken as important reference data in designs [17]. The equations of the
horizontal bearing capacity characteristic value of a single pile are given in China’s existing
standards. Using these equations, the horizontal bearing capacity of the rubber airbag
branch pile was studied. The equation of the horizontal bearing capacity characteristic
value is given in Equation (1):

a’El EI
Ry, = 0.75—— == 1
ha Ve X0a, @ mbg (1)

where Ry, is the horizontal bearing capacity characteristic value; “a” is the pile horizontal
deformation coefficient; EI is pile bending stiffness; X, is the allowable pile top horizontal
displacement; V is the pile top horizontal displacement coefficient; m is the counterforce
growth coefficient of horizontal foundation; by is the pile calculation width.

The above equation does not take into account pile exposed length. Generally, this
equation can be applied for piles with short exposed lengths and pile diameters of less
than 0.8 m, while large-diameter piles are employed for marine pile foundations [18,19].
Therefore, the applicability of the equation was verified by comparing the results obtained
from the normative equation with numerical simulation results. The horizontal bearing
capacities of small-diameter pipe piles with a pile length of 25 m, an outer diameter of 0.8 m
and an inner diameter of 0.52 m were compared with the above-mentioned large-diameter
pipe pile, as shown in Figures 9 and 10. After analyzing relevant specifications, the value of
“M” in the equation was taken as 600 MN/m?. After calculation, it can be seen in the figure
that the normative equation was more suitable for pipe piles with short exposed lengths
and small pile diameters, but not for large-diameter pipe piles.

800 -
700 1
600 -
500
400
300 -

200

d —a—Calculated value
) —e— L,=0 Simulation value
0 H —a— L,=2 Simulation value

-100 T T T T T T T T T T T
0 10 20 30 40 50

Horizontal bearing capacity/kN

Displacement of pile top/mm
Figure 9. Comparison of horizontal bearing capacities of small-diameter pipe piles.

Because of the limitations of the applicable scope of the normative equation, the
exposed length Ly of a large-diameter pipe pile was taken as the most influential parameter.
A correction factor was added to the canonical equation, as expressed in Equation (2):

01 =tL3 4 uld 4+ vl +w 2)

where L is the pile exposed length; t, 1, v and w are undetermined coefficients; and (; is
the correction coefficient of the equation for large-diameter piles.

12



Sustainability 2022, 14, 7331

35.000
—a—Calculated value
30,000 - —e— L, =0 Simulation value
> —a— L =2 Simulation value
-
‘?}25,000 .
)
o
£-20.000
(5]
0
-l
£ 15,000 1
(5]
Lo
s
g 10.000 4
5
=
& 5000
Z
04

Displacement of pile top/mm

Figure 10. Comparison of horizontal bearing capacities of large-diameter pipe piles.

As shown in Figure 11, the variation in horizontal bearing capacities of large-diameter
pipe piles with Ly values of 0, 5, 10, 15 and 20 m were analyzed in a pile top displacement
range of 2-50 mm. It was seen from the figure that pile horizontal bearing capacity was
linearly changed with the increase in pile top horizontal displacement. It was also seen
from the figure that by increasing pile top horizontal displacement, the horizontal bearing
capacity of the pile was changed almost linearly. By analyzing the difference between
the calculated and simulated values, the variation law of the horizontal bearing capacity
for large-diameter pipe piles with exposed length was derived. As shown in Figure 12,
the relationship between the calculated value-simulated value ratio and pile exposed
length was fitted; it was also seen that the error after fitting was lower and the values of
undetermined coefficients t, u, v and w were obtained. The modified calculation equation
of large-diameter pipe pile bearing capacity was stated as Equation (3).

a3El

X

Rp, = (—0.02L3 + 1.28L3 — 31.47Lg + 353.19) x 102 x 0.75

X0a 3)
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Figure 11. Horizontal bearing capacity of large-diameter pipe piles with different exposed lengths.

Characteristic, simulated and modified normative values of large-diameter pipe piles
bearing capacity were compared at Ly values of 0, 4, 12 and 20 m. As shown in Figure 13,
it can be seen that the modified characteristic value of horizontal bearing capacity of
large-diameter pipe piles was reasonable.

13
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4.2. The Characteristic Value of Bearing Capacity for Large-Diameter Rubber Airbag Branch Piles
4.2.1. The Equation of the Resistance of Horizontal Load for Rubber Airbag Branch Piles

Vacuum negative pressure was mainly generated due to soil density as well as a
cohesive force and suction force among water molecules. The resistance to a horizontal
load due to a rubber airbag branch pile lateral displacement in clay was similar to the
processes of drainage and consolidation in low-permeable soils, which required great
suction forces to discharge. Refs. [20-22] In this section, negative vacuum pressure and
horizontal resistance due to negative friction force were adopted as the main reference
forces. In addition, the following assumptions were made: rubber airbag branch pile
tension was in the form of small deformation; at a pile top displacement of 0, the rubber
airbag branch did not play a role and F was considered to be 0; the soil was uniform and
atmospheric pressure inside the soil was not changed by the depth and remained at a
constant value. The equations of the horizontal resistance of the rubber airbag branch pile
were derived as presented in Equations (4)—(6):

F=F +25 4)

R =pE0 ®
E kY yhtana+c k) yhtané +c ©)
2 tan ¢ ~ h/(R+7)

where F is the resultant force of negative vacuum pressure and horizontal friction; F; is
negative vacuum pressure; F; is horizontal friction; P is pressure; R is the outer radius of
the rubber airbag branch; r is pile radius; / is the rubber airbag branch dish height; ¢ is
the rubber airbag branch horizontal plane and surface projection angle, ¢ = arctan[i/(R +
r)]; k is the coefficient of soil side pressure, k = v/(1 + v); v is Poisson’s ratio; vy is the soil
weight, take the value of 19.23 kN/ m3; § is the soil internal friction angle, take the value of
14; ¢ is the soil mass cohesive force, take the value of 25 kN /m?2. Other coefficients can be
obtained from the text or conversion.

4.2.2. Establishment of the Characteristic Value of Horizontal Bearing Capacity

The rubber airbag branch pile was found to be similar to the variable section pile and
could be divided into different sections based on the position of the rubber airbag branch
pile installed in the pile. However, rubber airbag branch rigidity was greatly different
from pile rigidity and therefore, an equivalent substitution method could not be applied
for making the equivalent substitution between the rubber airbag outside radius and pile
diameter. Therefore, in this section, it was assumed that the foundation reaction coefficient
did not change with the pile depth and deformation at the divided pile section, which
could be continuous without additional stress. By assuming the displacement and rotation
angle of the rock-socketed pile bottom to be zero, the rubber airbag branch horizontal force
acted on the pile body in the form of the resultant force. Employing boundary conditions
at the pile bottom, a backward calculation method was developed. A single rubber airbag
branch pile was divided into three sections, as shown in Figure 14. Similarly, when the pile
body acted on n rubber airbag branches, its amplitude was divided into 2n + 1 sections.
Under the action of horizontal load, the shear force transferred along the pile body and
created a horizontal displacement and the pile section at the rubber airbag branch received
a reverse horizontal resultant force of F. The equations of single branch and #n branches
were established as Equations (7) and (8).

a3El
Q1+ Q2+ Q3 — F=¢18283 % 0~75T(AX1 + Axy 4 Axz) ()
X

3

a’El

Q1+ Qo+...+ Qo1 —nF— = (18283 X 0.757‘/ (AX1 + Axp+ ... AxZn—l—l) (8)
X
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n
where Y Qy,41 is the pile horizontal bearing capacity with n rubber airbag branches;
i=0

n

Y Axp,41 is the pile top horizontal displacement with n rubber airbag branches, (n =0, 1,
i=0
2,3,...);and {, and (3 are correction factors related to pile exposed length Ly and rubber

airbag branch buried depth S in the equation of rubber airbag branch pile, respectively.
Other parameters are the same as above.
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Figure 14. Diagram of force exerted on rubber capsule branch.

The calculation and simulation values of the horizontal bearing capacity of the rub-
ber airbag branch pile are compared. By applying the slope ratio method, as shown in
Figures 15 and 16, the {, and {3 correction coefficients could be obtained, as stated in
Equations (9) and (10), respectively.

0o = (0.112L3 — 4.3813 + 32.23L + 1058.89) /10° 9)

{3 =342 x 10735y + 1.14 (10)

where S is the rubber airbag branch pile’s buried depth.

4.3. Verification of Bearing Capacity Eigenvalue Equation of Rubber Airbag Branch Pile

According to the working conditions described in Tables 2 and 3, calculated and
simulated horizontal bearing capacity characteristic values before and after modification
were compared and analyzed, as shown in Figures 17 and 18. It can be seen from the
figure that, at a pile top horizontal displacement of 50 mm and with Ly values of 0, 5,
10, 15 and 20 m, the differences between corresponding, uncorrected, calculated, and
simulated values were 19,100, 22,663, 25,881, 27,802 and 28,978 kN, and those between
the corrected, calculated, and simulated values were 1389, 803, 588, 378 and 351 kN,
respectively. At Sy values of 5, 10 and 20 m, the corresponding differences were 22,663,
21,992 and 23,087 kN, respectively. The differences between the modified calculated and
simulated values were 803, 936 and 830 kN, respectively. By analyzing the difference values,
the corrected calculated values were found to be close to the simulated values and the
corrected error was controlled within the range of 10%. Due to the complexity of soil mass’
physical and mechanical parameters, there were too many influencing factors, making it
impossible to accurately calculate the contact force between the pile-soil and rubber airbag
branch pile-soil mass interfaces. Moreover, the correction coefficient of fitting {1, {2, {3

16
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had certain errors. By multiplying corrected coefficients {1, {» and (3, the overall error was
amplified and it was concluded that the horizontal bearing capacity characteristic value of
the modified rubber airbag branch pile was greater than the simulated value. However, a
comparison of the calculation and comparison results revealed that the calculated values
after the addition of the correction coefficients {», and {3 were closer to the simulation
values, and their accuracy was higher than the calculated values before adding correction
coefficients, which played a certain role in the accuracy of the calculation results.
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Figure 18. (a) 5 m burial depth of rubber airbag branch; (b) 10 m burial depth of rubber airbag branch;
(c) 20 m burial depth of rubber airbag branch.

5. Conclusions

Using the ABAQUS numerical simulation software, a rubber airbag branch pile with
a diameter of 5 m was developed to combine the pile exposed length and different pile
top horizontal displacements to explore the horizontal bearing performance of piles. The
relationship between pile top horizontal displacement and pile horizontal bearing capacity
was also investigated under different rubber airbag branch sizes and soil buried depths.
The following conclusions were made:

(1) The horizontal bearing capacities of piles with large pile top displacements were
obviously higher than those of the pipe piles under the action of a rubber airbag
branch bearing tray, which indicated that the rubber airbag branch bearing had a
transverse constraint on the pile. As Ly was increased, pile horizontal bearing capacity
was also rapidly decreased.

(2) The increase in the rubber airbag branch height and radius did not increase pile
horizontal bearing capacity, however, an increase in pile top horizontal displacement
enhanced the increase rate of horizontal bearing capacity compared to that of the
large-diameter pipe piles. Under the lateral constraint of the rubber airbag branch pile,
the reverse displacement position and reverse pile bending moment were decreased
and pile horizontal bearing capacity was more stable.

(3) Aburied depth of rubber airbag branch also increased pile horizontal bearing capacity.
The horizontal bearing capacity was increased with an increase in the buried depth
from 5 to 10 m.
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(4) The equation for the rubber airbag branch bearing capacity characteristic value was
also derived. After modification, the modified equation of the horizontal bearing
capacity characteristic value of the rubber airbag branch pile could be applied as a
reference in designs.
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Abstract: The behavior of buried offshore pipelines subjected to upheaval buckling has attracted
much attention in recent years. Numerous researchers have made great efforts to investigate the
influence of different soil cover depth ratios, soil strengths and pipe-soil interfaces on failure mech-
anisms and bearing capacities during pipeline uplift. However, attention to soil spatial variability
has been relatively limited. To address this gap, a random small-strain finite element analysis has
been conducted and reported in this paper to evaluate the influence of the random distribution of
soil strength on pipe uplift response. The validity of the numerical model was verified by compari-
son with the results presented in the previous literature. The spatial variation of soil strength was
simulated by a random field. The effect of soil variability on the failure mechanism was determined
by comparing the displacement contours of each random realization. Probabilistic analyses were
performed on the random uplift capacity obtained by a series of Monte Carlo simulations, and the
relationship between the failure probability and the safety factor was also determined. The findings
of the present work might serve as a reference for the safety designs of pipelines.

Keywords: pipelines; finite element analysis; random field; failure mechanism; uplift capacity

1. Introduction

Offshore oil and gas projects have experienced rapid growth in recent decades.
Pipelines, as a safe, effective and swift transportation means, have been deployed widely
for the conveyance of hydrocarbons from offshore fields to other processing facilities [1-3].
Generally, the pipelines are buried into the seabed to diminish external forces acting on
them, which are caused by waves or human activities (see Figure 1). The transportation of
fluids through the pipeline under very high temperatures and pressure conditions leads to
thermal expansion, thus making it susceptible to buckling [4,5]. For buried pipes, upheaval
buckling is a major current focus for oil and gas projects and, in this scenario, its resistance
is affected by the shear strength and the submerged unit weight of the soil cover.
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Figure 1. Problem geometry in this study.

Numerous works have been conducted to investigate the uplift capacity and failure
mechanism for pipelines, including experimental works and numerical modeling [6-9].
In existing studies, the influence of soil weight, soil cover depth, pipeline-soil interface
and other factors has been extensively investigated. For instance, Liu et al. [9] conducted
vertical pullout tests on pipelines of different diameters and at different buried depths and
proposed a nonlinear soil resistance model to simulate the bearing capacity of the pipeline.
Brennan et al. [8] carried out a series of centrifuge experiments in bulk clay to evaluate
the effect of backfill on the uplift capacity. Maitra et al. [7] performed small-strain finite
element analyses to investigate the influence of soil cover depths, soil-pipeline interfaces
and soil properties on the uplift behavior of pipelines in clay and proposed a generalized
framework to evaluate pipeline uplift capacity. As for the failure mechanism of soil due
to pipeline uplift, many scholars have pointed out that it can be divided into global soil
failure and local soil failure [5]. A shallowly buried pipeline is prone to the former failure
mode, in which the failure zone extends up to the seabed surface. As the soil cover depth
increases, the latter failure mode occurs, characterized by soil flow around the pipeline.
And there is a specific soil cover depth where failure mode transitions often take place.

Previous studies have undoubtedly contributed to readers’ understanding of the up-
ward buckling of pipelines. However, the soil in most of these analyses is treated as an
idealized material, with homogeneous or linear increases in shear strength. In nature, the
inherent properties of soil deposits generally vary spatially [10-18]. It has been widely rec-
ognized that such spatial variability in soil parameters can cause the mechanical behaviors
of offshore structures to deviate from the results of deterministic analyses. Frequently, the
spatial distributions of soil properties are treated as a random field and several random
finite element analyses have been undertaken to explore the responses of offshore structures
in spatially random soils. Charlton and Rouainia [19] undertook a probabilistic analysis on
the bearing capacity of skirted foundations under combined vertical-horizontal-moment
loadings and constructed several probabilistic failure envelopes. Cheng et al. [20] carried
out a large deformation random element analysis to investigate the uplift responses of
helical anchors in random clay, and the failure mechanisms and pullout capacities of an-
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chors under different statistical characteristics are extensively analyzed. Luo and Li [21]
combined large deformation finite element analysis, small-strain finite element analysis and
random field theory to analyze the combined bearing capacities of spudcans considering
installation effects in spatially varying soils.

In this paper, a random small-strain finite element (SSFE) analysis was conducted to
study the uplift behavior of pipelines in a spatially varying clayey seabed. The validity
of the numerical strategies adopted in the current study was verified by comparisons
with previous numerical research. The soil’s undrained shear strength was simulated as a
random field and realized in the finite element software ABAQUS 6.14 in the form of field
variables. The effect of the random distribution of soil strength on the failure mechanism
and uplift capacity was determined by Monte Carlo simulations. Finally, for the random
uplift capacity of pipelines buried at different depths, the relation between different failure
probabilities and safety factors was determined. The results obtained in this paper may
facilitate design guidelines to take into account spatial variability in soil properties.

2. Modeling of Spatially Variable Soil

As pointed out in past literature, the soil’s undrained shear strength (i.e., sy) sig-
nificantly affects the failure mechanism of a pipeline as well as the uplift capacity, thus
sy was modeled as a random field in this study for representation of spatial variability.
According to the studies of Yi et al. [22] and Cheng et al. [20], sy can be considered to
follow a normal or lognormal distribution. In this paper, the lognormal distribution was
adopted to avoid the appearance of negative s, values. Then, the statistical characteristics
of the random variable can be quantified by the coefficient of variation (i.e., COV) and the
correlation length (i.e., ). With reference to Phoon and Kulhawy [10], the typical coefficient
of variation of s, (i.e., COV;,) ranges from 0.1 to 0.5. As such, the COV;, = 0.3 was chosen
as a typical value. Furthermore, the correlation length in the horizontal direction (i.e., 6},)
is usually larger than the correlation length in the vertical direction (i.e., fy). Following
Charlton and Rouainia [23], the correlation lengths of 8, = 6D and 6, = D were selected
(where D denotes the pipeline diameter).

For purpose of carrying out random finite element analyses, several efficient methods
have been developed for the generation of random fields. Examples of these methods are
as follows: the spectral representation method, the Karhunen-Loeve expansion method, the
linear estimation method and the modified linear estimation method (MLEM). The MLEM,
proposed by Liu et al. [24], was employed in this study because of its efficiency.

3. Finite Element Methodology
3.1. Small-Strain Finite Element Analysis Model

Pipelines are often used for long-distance transport, resulting in a very large length—
diameter ratio. Therefore, a small-strain finite element (SSFE) analysis, based on the plane
strain assumption, was adopted in this study to simulate the pipeline uplift process in
order to improve computational efficiency.

Figure 2 depicts the typical mesh and the boundary dimensions of the two-dimensional
finite element model. To ensure minimal boundary influence on the uplift response of the
pipeline, the distance between the outer side of the pipeline and the lateral sides of the
model as well as the distance between the lower part of the pipeline and the bottom of the
model were set to 5D [5]. Meanwhile, the lateral faces of the model were constrained in the
perpendicular direction, and the bottom boundary was restricted in all directions.
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Figure 2. Exemplar finite element mesh and boundary conditions (H/D = 2).

The soil domain was discretized using 4-node bilinear plane strain quadrilateral
elements (i.e., CPE4). A finer mesh with a size of 0.01%D was prescribed in the vicinity of
the pipeline since such a mesh size was adopted by Maitra et al. [5]. The elastic-perfectly-
plastic Tresca constitutive model was adopted to model the behavior of the soil. The clayey
seabed was assumed to be undrained and the Poisson’s ratio (v) of 0.49 was employed [25].
Although an undrained condition implies a Poisson’s ratio of 0.5, a smaller value, like the
one used in this paper (0.49), promotes numerical stability and efficiency without affecting
the computed uplift capacity of a pipeline. The Young’s modulus of clay (E) was set to be
500 times the soil’s undrained shear strength (E = 500s,). Having considered the practical
ranges documented in the existing literature, a pipeline of a diameter of 1 m was selected.
The magnitudes of the parameters used to define the soil and the pipe are summarized in
Table 1. The stiffness of a pipeline is markedly greater than that of clay, thus the pipeline
was modeled as a rigid body in this study [26-28]. In addition, for numerical expediency,
the pipeline—soil interface was considered as rough with an infinite interface tensile strength
(i.e., rough full tension condition) and the Tie constraint in ABAQUS was used for modeling
such contact, which avoided considering the pipeline-soil interface elements. Meanwhile,
the wished-in-place assumption was adopted and the pipeline was embedded at various
anticipated depths. The displacement-controlled approach was employed to model the
uplift process. A reference point was specified on the top of the pipeline and a vertical
displacement was applied to the reference point. Then, the uplift capacity of the pipeline
was obtained by outputting the reaction force of the reference point.

Table 1. The magnitudes of the pipe and soil parameters.

Parameter Symbol Property Value Units
Pipe diameter D 1 m
Soil density o 1600 kg/m?3
Poisson’s ratio v 0.49
Undrained shear strength Su 30 kPa
Young’s modulus E 500sy MPa
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3.2. Validation of the Numerical Model

In order to verify the validity of the above-mentioned SSFE method, the uplift capacity
factor N, obtained in this paper was compared with the results obtained in earlier studies.
Here, Ny can be calculated by the following equation:

Ny = Vu/(Dsu) (1)

where V,, is the ultimate uplift capacity.

Maitra et al. [5] carried out a series of small-strain finite element analyses to explore
the uplift behavior of the pipeline in uniform clays. A range of soil cover ratios (i.e., H/D
ratios, where H represents the initial soil cover depth of the pipeline.) between 0.5 and 6
were considered. Table 2 illustrates the comparisons of the Ny, value for the rough pipelines
under full tension. It can be seen that for pipelines at different depths, the calculated
results from this study agree well with the work of Maitra et al. [5], with a maximum
discrepancy of about 1%. Furthermore, when the soil cover depth ratio H/D was less
than 2, N, increased with the increase of H/D and reached a maximum value when H/D
equaled 2 and remained constant as H/D increased, indicating a critical depth ratio for
H/D = 2. According to the study of Kumar et al. [4], in the case of a full tension condition,
H/D = 2 is the critical depth ratio for a failure mechanism to transition from a global
failure to a local failure. The results of this study also indicate this trend. Furthermore,
according to Randolph and Houlsby [29], for a lateral-loaded cylindrical pile with the local
shear failure mechanism, the analytical solution of its bearing capacity factor is 11.94, while
the ultimate bearing capacity factor obtained in this paper was 12.11. These results are
in good agreement with each other. Therefore, it can be concluded that the SSFE method
adopted in this paper can effectively simulate the uplift process of a pipeline.

Table 2. Comparison of uplift capacity factor between this study and previous numerical analysis.

H/D N, (Maitra et al. [5]) N, (This Study)
0.5 9.02 8.98

1 10.47 10.59

2 11.98 12.11

3 11.98 12.11

4 11.98 12.11

5 11.98 12.11

6 11.98 12.11

3.3. Random SSFE Analysis

Starting from this section, the undrained shear strength of the clayey seabed was
considered as a random field and the random SSFE analyses were conducted. Six H/D
values (i.e., 0.5, 1, 2, 3, 4 and 5) were considered, which are representative of typical soil
cover depth ratios. The mean value of the soil’s undrained shear strength (i.e., ys,) was
set to be 30 kPa. It should be noted herein that the random SSFE analysis in this study
was a univariate analysis. Considering that s, was a random variable obeying lognormal
distribution, there was a direct linear relationship between Young’s modulus E and soil
strength (i.e., E = 500sy), resulting in E being a dependent random variable related to s,.
In addition, other model details for random SSFE analyses, such as boundary dimensions,
mesh size, element type, etc., were the same as those noted in Section 3.1.

4. Results and Discussions
4.1. Failure Mechanism in Deterministic and Random Soil

The effect of the spatial variation of the soil’s undrained shear strength on the failure
mechanism of the soil surrounding the pipeline is presented in this section. Figure 3a—d
plot the displacement contours of the soil around the pipeline with the soil cover ratio
H/D of 0.5, 1, 2 and 3 in the deterministic soil with s, = 30 kPa, respectively. It can be
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seen that in all the deterministic analyses, when pipeline upheaval buckling occurred,
the displacement contours of the soil were symmetrical and the failure mechanism was
closely related to the value of H/D. For pipelines with a H/ D less than 2, the failure zone
extended to the seabed surface, corresponding to the global failure mode. However, when
H /D was greater than or equal to 2, a localized circumferential soil flow surrounding the
pipeline occurred. This is consistent with the conclusions obtained by Kumar et al. [4],
which suggested that critical soil cover depth ratios for both the global and local failure
modes was 2 for rough pipelines under full tension in uniform soils.

v/

Displacement (m)
0.20
0.18
0.16
0.14
0.12
0.10
0.08
0.06
0.04
0.02

(b)

0

(a)
A

(0 (d)

Figure 3. Uplift failure mechanisms for pipelines embedded at different depths in deterministic soils:
(@H/D =05;(b)H/D=1;(cH/D =2;(d) H/D = 3.

Figures 4 and 5 depict the displacement contours and the corresponding soil’s undrained
strength distribution in the random soil with pipeline soil cover depth ratios of 0.5 and 1,
respectively. As can be seen from the figures, when the soil cover depth ratio was relatively
small (i.e., H/D = 0.5, 1), the failure mechanism in the random realizations was similar
to the results in the deterministic analysis. The displacement contour extended up to the
seabed surface, presenting a global failure mode as a whole. Meanwhile, due to the random
distribution of the soil’s undrained shear strength, the displacement contours became asym-
metric. Random bearing capacity factors (i.e., Ny ran) deviated from the deterministic results
(i.e., Ny get), due to the existence of soil variability. In this study, Ny ran Was calculated by the
following equation:

Nuyran = Vuran/ (Dﬂsu ) (2)

where V, ran denotes the uplift capacity in random soils.
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Figure 4. Displacement contours and corresponding soil’s undrained strength of two random

realizations at 0.5D depth: (a,b) displacement contours; (c,d) soil’s undrained strength.
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Figure 5. Displacement contours and corresponding soil’s undrained strength of two
realizations at 1D depth: (a,b) displacement contours; (c,d) soil’s undrained strength.

random

It should be noted that Figure 4a shows the displacement contour when the random
uplift capacity factor of the pipeline with H/D = 0.5 reached its maximum and its soil
strength distribution corresponded to that shown in Figure 4c. Furthermore, Figure 4b
plots the displacement contour when the uplift capacity factor was the smallest and its soil
strength distribution corresponded to that shown in Figure 4d. This correspondence also
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applies in the results shown in Figures 5-7. The influence of the spatial variability of s, on
the failure mechanism was illustrated by establishing the relationship between the uplift
capacity factor, the failure zone and the strength of the soil around the pipeline.

Displacement (m)
0.20
0.18
0.16
0.14
0.12
0.10
0.08
0.06
0.04
0.02
0

|

sy (kPa)
90

(c) (d)

Figure 6. Displacement contours and corresponding soil’s undrained strength of two random
realizations at 2D depth: (a,b) displacement contours; (c,d) soil’s undrained strength.

Taking the pipeline with H/D = 0.5 as an example, the failure zone in Figure 4a was
larger than the deterministic result shown in Figure 3a and meanwhile, the soil strength
around the pipeline was obviously greater than 30 kPa, which gave rise to the random
uplift capacity factor (Ny ran = 13.48) being significantly larger than the deterministic result
(Ny,det = 8.98). By comparison, combined with Figure 4b,d, it is clear that a smaller failure
zone and smaller soil strength around the pipe lead to a smaller random uplift capacity
factor (Ny ran = 5.63).

Figure 6 presents the displacement contours and corresponding soil strengths of
pipelines with soil cover depth ratios of 2 in random soils. It was found that the failure
mechanism in random soils was dependent on soil cover depth, but the results were
different from the deterministic analysis due to the random distribution of soil strength. In
uniform soil (ignoring soil variability), H/D = 2 was the critical soil cover depth ratio, that
is, when H /D was greater than or equal to 2, the soil failure mode corresponded to the local
failure mode. However, as shown in Figure 6a, when there existed a stronger interlayer
around the pipeline, the displacement contour extended to the soil surface, showing a
global failure mode. Conversely, as shown in Figure 6b, when the soil strength around the
pipeline was weak, the failure mechanism corresponded to the local failure mode. This
indicated that in random soils H/D = 2 was insufficient to ensure that the soil failure
mode was the local failure one. For the pipeline with H/D = 2 in the spatially variable soil,
the larger and smaller soil surrounding the pipeline made the failure modes to be global
failure mode and local failure mode, respectively.
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Figure 7. Displacement contours and corresponding soil’s undrained strength of two random
realizations at 3D depth: (a,b) displacement contours; (c,d) soil’s undrained strength.

Figure 7 shows the displacement contours and corresponding soil strengths of pipelines
with H/D = 3. It was found that no matter whether the strength of the soil surrounding
the pipeline was strong or weak, the failure zone would not extend to the soil surface, that
is, the failure mechanism was the local failure mode. This means that when the spatial
variability of soil was considered, the critical soil cover depth ratio of the rough pipelines
under full tension was 3. For the foundation of different buried depths in spatially random
soils, Li et al. [30] pointed out that the critical value of the buried depth ratio was 3, which
agrees well with the results presented in this paper.

4.2. Uplift Capacity Factors for Pipelines at Various Depths

In the present study, Monte Carlo simulations were carried out for each random
realization of soil strength for pipelines with different soil cover depth ratios. Then the
statistical characteristics of random uplift capacity factors were determined. Generally, the
errors of the Monte Carlo approach decrease with an increase in the number of simulations
Nsim. Thus, simulation accuracy can only be guaranteed once ngpy, is large enough. Figure 8
displays the results of the convergence analyses for the number of simulations required
for pipelines with different soil cover depth ratios. It was found that in all random SSFE
analyses, the mean and standard deviation of Nyran converged over 200 simulations.
Given that six soil cover depth ratios were considered in this paper, a total of 1200 random
realizations of soil’s undrained shear strength were performed for Monte Carlo simulations.
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Figure 8. Variation trend for the mean and standard deviation of Ny ran with the number of Monte
Carlo simulations. (a) Mean of Ny ran. (b) Standard deviation of Ny ran-

Figure 9 shows the uplift capacity factors of pipelines buried at different depths in
deterministic and random soils. Also plotted in the figure is the mean value of the random
uplift capacity factor (i.e., yn,,,,)- It was found that, due to consideration of the spatial
variability of the soil strength, the bearing capacity factor was distributed in a large range,
fluctuating between 5.5 and 18. Moreover, similar to the deterministic analyses, yin; ..
increased as the soil cover depth ratio (H/ D) increased and tended to be a constant value
after H/ D reached the critical depth ratio (i.e., H/D = 3), which was due to the transition
from a shallow global failure mode to a deeply buried local failure mode. At the same time,
for pipelines in random soils, y,, ., Was smaller than that of the results of the deterministic
analysis at the same soil cover depth ratio. This phenomenon has also been observed in
other random finite element analyses, which can be attributed to the fact that once soil
variability is taken into account, the failure zone tends to follow the weakest path, thereby
reducing the bearing capacity [30].
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Figure 9. Uplift capacity factors of pipelines buried at various depths in deterministic and
random soils.

Based on the above discussion, it can be suggested that the random distribution of the
undrained shear strength of the soil significantly affected the uplift capacity factor of the
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pipeline, so it was necessary to carry out probabilistic analyses on its bearing capacity. For

the random uplift capacity factor Ny, ran of different soil cover depth ratios, the goodness-of-
fit test was carried out. In this paper, the Kolmogorov—-Smirnov (K-S) normal distribution
goodness-of-fit test was used to verify whether Ny ran conformed to the lognormal distribu-

tion. Table 3 lists the mean and coefficient of variation of Ny
at various depths and the calculated p-values. As can be seen,
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Figure 10. Histogram and fitted lognormal distribution of pipelines with embedment ratio H/ D of:

(a) 0.5; (b) 1; (c) 2; (d) 3; (e) 4; (£) 5.
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Table 3. Uplift capacity factor statistics in random soil and the K-S test results.

H/D PN,y ran COVp,,... p-Values
0.5 8.65 0.13 0.88
1 9.96 0.15 0.61
2 11.21 0.16 0.72
3 11.77 0.16 0.92
4 11.77 0.16 0.86
5 11.77 0.17 0.83

Regarding the bearing capacity of foundations in spatially variable soils, Griffiths
and Fenton [32] suggested that failure can be defined as a situation where the random
bearing capacity is less than the deterministic bearing capacity. This definition was also
adopted in the current study—the failure was able to be expressed as when a was less than
1, where & = Ny ran/ Ny get- Then, the failure probability was calculated by the cumulative
probability of a. Figure 11 shows the cumulative probability of « under different soil cover
depth ratios. It was seen that the probability of less than 1 was more than 50%, which
means that ignoring the spatial variability of soil led to a high failure probability. For this
reason, a safety factor (SF) was introduced to reduce the deterministic bearing capacity
and the failure probability was defined as the probability that the random uplift capacity
factor (Ny,ran) was less than the reduced capacity factor (N, get/ SF). Since Ny ran followed
a lognormal distribution, the failure probability can be calculated as follows:

@ ll'l(Nu,det/SF) — Hin Nuy,ran

P(Nyran < Ny det/SF)
U'In Nu,ran

®)

where @ denotes the cumulative function of normal distribution, p, N, ., and Gin N, o
respectively denote the mean and standard deviation of the natural logarithm of Ny ran.

1.0

= S S
B =) e}
T T T

Cumulative probability

=
)
1

1.6

Figure 11. Cumulative probability of « for pipelines with different embedment ratios.

Table 4 summarizes the corresponding failure probability expressed in percentage
for different safety factors. It was observed that the failure probability decreased sharply
with the increase of the safety factor. In engineering applications, the failure probability is
usually set at 1-0.1%, to ensure the safety of the structure [30]. For this reason, the safety
factor corresponding to the failure probability below 1% was calculated and the results are
shown in Table 5. It was seen that for pipelines with different soil cover depth ratios, a
safety factor of 1.6 would ensure that the failure probability was less than 1%.
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Table 4. Failure probabilities for different SF and soil cover depth ratios.

H/D
SF
0.5 1 2 3 4 5

1 52.95 70.45 74.49 63.87 58.97 59.29
1.2 13.76 19.06 21.83 22.02 17.14 20.76
1.4 1.89 1.92 2.31 4.24 2.60 4.43
1.6 0.17 0.09 0.12 0.54 0.25 0.67
1.8 0.01 / / 0.05 0.02 0.08

2 / / / / / 0.01

Note: / represents that failure probability is less than 0.01%.

Table 5. Safety factors for different failure probabilities and soil cover depth ratios.

H/D
Failure Probability (%)
0.5 1 2 3 4 5
1 1.46 1.45 1.46 1.54 1.49 1.56
0.1 1.64 1.60 1.61 1.75 1.67 1.78
0.01 1.77 1.70 1.71 1.89 1.81 1.94

5. Conclusions

A two-dimensional random small-strain finite element analysis was carried out to
study the uplift behavior of pipelines buried at various depths considering soil strength
spatial variability. First, the reliability of the finite element model used in this paper was
verified by comparisons with the results of past research. Then, the soil strength was
simulated as a random field and a random finite element analysis was conducted using the
Monte Carlo framework. Finally, the failure mechanism of each random realization of soil
strength was compared and the probability analysis of the random uplift bearing capacity
was performed. The major observations can be listed as follows:

(1) For rough pipelines under full tension, the random distribution of soil strength
significantly affected its upward upheaval failure mechanism. When the spatial variability
of soil was considered, the critical soil cover depth ratio corresponding to the transition of
the failure mode from global to local failure was 3.

(2) For pipelines with different soil cover depth ratios, ignoring the soil variability
would lead to a failure probability of more than 50%, resulting in an unconservative design.

(3) The failure probability would decrease sharply with the increase of the safety factor
and a safety factor of 1.6 was required to satisfy the failure probability of less than 1%. This
means that when considering the spatial variability of soil strength, a design guideline can
specify a safety factor of 1.6 to reduce the deterministic results for achieving a target failure
probability.

It is important to note that this study mainly focused on the uplift behavior of pipelines
under different soil cover depth ratios when considering the spatial variability of soil
strength and the conclusions obtained are only applicable to rough pipelines under full
tension in specific soil strength configurations. The response to the upheaval buckling of
pipelines was also affected by other factors, such as soil weight and the pipe-soil interface,
etc., which require further research.
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Abstract: The variability in strata of foundation soil in marine environments makes it tedious to
design foundations for offshore structures. Hence, it is essential to investigate and evaluate the
strength properties of this type of soil. This study investigates the variability of the soil strata (which
is quantified by the index of the mixing degree between coarse and fine particles) and its influence
on the stability of the soil by mixing coarse and fine particles at varying proportions. A series of
discrete element method triaxial shear tests were conducted on binary geotechnical mixtures with a
varying proportion of coarse content (25%, 50% and 75%) and different mixing degrees (ranging from
0.0 to 1.0). The macroscopic results show that the peak shear strength increases with an increase in
mixing degree, and the increase is more obvious with increasing coarse content, while the critical
shear strength is independent of the mixing degree. The main evaluation of the number, mean normal
force and distribution of the coarse—fine (cf) contact helps to clarify the meso-mechanisms that result
in the variations in peak shear strength and critical shear strength with mixing degree. The increase
in the peak strength may primarily be due to the increased number and globalized distribution of
coarse—fine contact. However, the decreased contact force of coarse—fine contact counterbalances the
strength gain due to the increased number and globalized distribution, which maintain the stability
of the critical strength.

Keywords: granular mixtures; meso-mechanism; mixing degree; shear strength

1. Introduction

Binary geotechnical mixtures are ubiquitous in nature, especially in marine geotechnical
engineering. As the direct support of offshore or coastal facilities, it is important to consider the
stability of binary geotechnical mixtures during the construction and operation of offshore and
coastal installations [1]. For example, as one of the main foundation forms of marine structures,
the bearing capacity of the soil around the pile must be considered in the calculation and design
of the screw anchor [2]. However, the formation and evolution of binary geotechnical mixtures
offshore or in coastal regions is a natural morphodynamic process, predominantly affected by
currents, tides, waves, and even storm surges [3,4]. The complex formation process results in
distinct stratification of the offshore and coastal soils, i.e., uneven mixing between coarse and
fine particles. For example, the stratigraphical results from the Shetland Islands show distinct
stratification of coarse and fine particles, which is confirmed to have been caused by three
tsunamis between 8000 and 1500 years ago [5]; some artificial activities also create layered
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coastal foundations [6]. Previous studies have shown that the uniformity of mixing between
particles affects the local and even the global properties of granular materials [7,8]. However,
this effect has not been systematically studied in the aspect of foundation stability in marine
geotechnical engineering. In other fields of geotechnical engineering, some researchers have
begun to pay attention to the influence of the interparticle mixing degree on the strength of
the mixture. Azéma et al. [7] analyzed the effect of the mixing degree on shear strength using
the discrete element method (DEM). They reported that the shear strength was not affected by
the mixing degree. Although, it was observed that they considered the mixing of only disks
and rods of the same diameter in 2D, which cannot represent the actual difference in size
between rock and soil particles observed in the binary geotechnical mixtures. Dong et al. [9]
performed a strength analysis for a soil-rock mixture by preparing three specimens at different
mixing proportions. However, they did not give the quantitative description of the mixing
proportions; hence, their conclusions could not be applied to other projects.

Therefore, the variability of the soil strata was quantified by the index of mixing degree
between coarse and fine particles. And the mixing degree index proposed by Liu et al. [10],
which can be obtained by the simple analysis of borehole sampling results, was used in
this study to guide the preparation of specimens in this paper. The strength analysis of gap-
graded binary geotechnical mixtures under different mixing degrees was carried out using
a verified DEM model, which is an effective way to study the mechanical and structural
behaviors of binary geotechnical mixtures from a micromechanical perspective [11,12]. The
macroscopic trend and meso-mechanism of the variation in strength with mixing degree
was analyzed intuitively.

2. Index of Mixing Degree and DEM Model Verification Result

The calculation principle of the mixing degree index and the verification process of the
DEM model have been described in detail by the authors in [10], which is more to validate
the usefulness of mixing degree and the DEM model. The research object in [10] is for a
loose sample generated by the limitation of experimental instruments, and is completely
different from the compacted sample used to analyze the stability of subgrade in this paper.
Therefore, only these two results are concisely described here.

2.1. Index of Mixing Degree

The greatest shortcoming of the existing indices is that obtaining particle information
is difficult to realize in marine geotechnical engineering; for example, all of the particle
positions [13], the local particle concentration [14], particle number ratio [15], relative posi-
tion ratio [16], contact number ratio [17], and bed height ratio [18]. In marine geotechnical
engineering, the most common way to obtain particle information is through borehole ex-
ploration, which can indicate the distribution of different particles along the depth direction.
Thus, the most applicable mixing index for this field should be based on the information
obtained from borehole exploration.

Hence, after the improvement based on the index of Dai et al. [19], a new index
is proposed and illustrated in combination with Figure 1. Figure 1 shows the content of
particle A (A represents one kind of particle in a binary mixture) as a function of normalized
depth H/HM (H is the actual height when the content of particle A is Vf, and HM is the
binary mixture height). When the content of particle A is assumed to be Vf, Line 1 and
Line 2 represent the two states of complete separation (Md = 0) and homogeneous mixing
(Md =1), respectively. Line X arbitrarily represents a mixing degree between 0 and 1.
As long as a point on Line X does not perfectly coincide with Line 2, it is in the state
of segregation, and the distance from this point to Line 2 directly reflects the degree of
segregation at its corresponding height. Based on this principle, the improved mixing
degree index adopted in this paper can be represented as follows:

As

Md=1 —
Ai+Aii

M
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where As is the area enclosed by Line 2 and Line X, and A; and Aj; represent the area of
the upper left and lower right rectangles enclosed by Line 1, Line 2 and the coordinate
axes, respectively.

Line 1
1B /me

Coarse content, Vf

Normalized depth, H/HM 1

Figure 1. Calculation diagram of mixing degree.

Several researchers have focused on the relationship between coarse particle content
and shear strength of binary geotechnical mixtures [20-22]. The results show that when the
coarse particles content of a binary geotechnical mixture is outside the range of 25-75%,
the physical and mechanical properties of the binary geotechnical mixture are usually
affected by only the fine or coarse particles. Therefore, the coarse content of the tested
binary geotechnical mixture specimens were 25%, 50% and 75%. In addition, combined
with the following test dimensions, the specimens tested using the numerical simulations
in this paper were divided into six layers, on average, for preparation. The coarse content
as a function of normalized depth H/HM and the prepared specimens are as shown in
Figure 2.
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Figure 2. The coarse content as a function of normalized depth H/HM for the prepared specimens:
(@) Vfo = 25%; (b) Vfo = 50%; and (c) Vfq = 75%.

2.2. DEM Model Verification Result

The reliability of the numerical simulation results were verified using PFC3P to re-
produce large-scale triaxial tests. The samples were prepared from particle packings with
different coarse particle contents (25%, 50% and 75%) and Md values (0.0, 0.2, 0.4, 0.6,
0.8 and 1.0). Both the simulation and physical experiments were carried out with the
same specimen size, which was @ x H = 300 mm x 600 mm (where @ is the diameter
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and H is the height). The particles in the numerical simulation (NS) were spheres, and
the particles used in the physical experiments (PE) were Yuhua pebbles, which have rela-
tively smooth surfaces. According to previous numerical simulation findings, the particle
size enlargement method has little influence on the mechanical behavior of the particle
materials [23,24]. Therefore, considering both the size effect and calculation efficiency, the
particle sizes assumed in the numerical simulations were doubled compared with those of
the physical experiments. In the process of preparing samples for the physical experiments
and numerical simulations, first, a mixture was made according to the Md index in Figure 2,
which determines the coarse and fine particle contents in each layer. Then 18 samples are
prepared from particle packings with three coarse particle contents (25%, 50% and 75%)
and six Md values (0.0, 0.2, 0.4, 0.6, 0.8 and 1.0), respectively. The sample preparation
process and quantity in Section 3 are similar. In the numerical simulation, the friction
coefficient between particles was set as 0.6, which is consistent with the real particles and
the calibration results in the physical experiment. This was also the main reason why
the samples were relatively loose. The comparison results are as shown in Figure 3. For
convenience, each sample is identified by test category and coarse content. For example,
75%-PE and 25%-NS represent physical experiment samples with a coarse content of 75%
and numerical simulation samples with a coarse content of 25%, respectively.
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Figure 3. Reliability verification of the numerical simulation.

Figure 3 shows that the shear strength q/p’ (where ¢ is the deviatoric stress and p’ is
the effective mean stress) increases with an increase in the mixing degree index. It can
be observed that the increasing trends for both the physical experiment and numerical
simulation results at the same mixing degree index are highly consistent. Although the
q/p’ values in the physical experiments are higher than those in the numerical simulations
by approximately 0.6-0.8, the result is acceptable when the shape factor is taken into
account [22-26]. This is because the physical experiments used real particles, whose
shapes deviate from spherical particles, while the numerical simulations use ideal spherical
particles. Relevant studies have also proven that when the shape index of certain aggregate
particles deviate from the spherical shape, generally, its shear strength is approximately
50% higher than that of spherical particles, with a maximum of 80% [25-29]. Therefore, it
was appropriate to use these parameters in this paper to carry out numerical simulation
and analyze the meso-mechanism of the influence of mixing degree on the shear strength
of the studied binary geotechnical mixtures.
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3. Specimen’s Properties and Simulation Parameters
3.1. Specimen’s Properties

The size and other parameters of the simulated specimens were exactly the same
as those in the verification test, and the details are as follows. According to the research
results of Medley [20] and Xu et al. [30], the soil/rock threshold was divided according
to the limit of 0.05L. (L. is the minimum specimen size, normally 300 mm). Therefore,
particles with a diameter of more than 15 mm were defined as “rock”, which are referred
to as “coarse particles” in this paper, and particles with a diameter of less than or equal
to 15 mm were defined as “soil”, which are referred to as “fine particles” in this paper.
Therefore, considering both the size effect and calculation efficiency, the diameter of the
coarse particles was 40-60 mm, and the diameter of the fine particles was 5-15 mm.
Because the fine and coarse particle sizes were evenly distributed in their respective ranges,
the average particle size ratio of the coarse and fine particles was 5, meeting the size
requirements of crystallography. That is, when a fine particle could exactly fit in the
void formed by four tangent coarse particles of the same size, the size ratio between
them is 4.45 [31].

The preparation of a specimen was divided into three steps: (1) Six small closed
cylinders with sizes @ x H = 300 mm x 100 mm were generated and filled with particles
according to the coarse contents listed in Figure 2. (2) All the particles were bound by an
open cylinder, a bottom disk and a top disk, and then the small cylinders were removed.
The initial contact forces and velocities were decreased to O for the 5 cycles before the
20000 test cycles, to eliminate the large contact forces between particles in steps (1) and (2),
respectively. (3) The specimen was subjected to isotropic compression. Meanwhile, a
servo-control mechanism acted on all the walls to ensure the required confining stress of
500 kPa. The assembly was considered to reach equilibration when the ratio of the mean
static unbalanced force to the mean contact force was less than 10~ and the tolerance of
the stress from the walls was less than 0.5%. The details are shown in Figure 4, where
Figure 4a—c corresponds to steps (1)-(3). The friction coefficients between the particle—-
particle and particle-wall contacts were set to 0 to obtain the densest assemblies [32], which
correspond to the compacted aggregates.

100
mm

600
mm

(a) (®)
Figure 4. Specimen preparation process: (a) generate particles; (b) eliminate the large contact forces;
(c) prepare specimen.

The series of simulations were carried out using a simple linear force-displacement con-
tact law, which resembled the Hertz-Mindlin model, in terms of both the microscopic and
macroscopic mechanical behaviors of granular material with spherical and non-spherical
particles [25,33]. It has been used in several previous studies [34-36]. For the linear model,
the main microscopic parameters are the normal contact stiffness ky, shear contact stiffness
ks and the coefficient of friction y, between particles. The k, and ks mainly affect the
macroscopic elastic modulus of the particle aggregates and are assigned by the effective
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modulus E,, based on the linear contact model in PFC3P (k, = %WEC), where R,
and Ry, are the radii of the spheres in contact. The y, mainly affects the shear strength. The
selection of these parameters has been verified in [10], and the reliability has also been
verified, as presented in Figure 3. Specifically, the effective modulus E* was 1 x10° Pa,
the friction coefficient y, between particles was 0.6, the friction coefficient between the
particles and wall was 0O, the value of ky /ks was 4/3, the damping constant p was 0.7, and
the particle density p was 2650 kg/m?.

Three coarse particle contents (25%, 50% and 75%) and six Md values (0.0, 0.2, 0.4,
0.6, 0.8 and 1.0) of assemblies were prepared at their densest condition for the genera-
tion procedure. Quantitative relationships between mixing degree and strength indices,
as well as stress—strain relationships were investigated. In addition, the relationships
between mixing degree and particle-scale characteristics, such as coordination number,
fabric structure, contact types, contact numbers and forces, were studied. Moreover, the
accuracy of the stress—force—fabric based on the branch vector frame was analyzed, and
any fabric anisotropies affected by mixing degree were evaluated in the peak and critical
states. This detailed analysis of fabric anisotropies allowed us to determine the microscopic
mechanisms underlying the dependence of shear strength on mixing degree.

3.2. Simulation Parameters

In conventional triaxial tests, the effective mean stress (p') and deviatoric stress (g) are
respectively defined as:
p=(o1+0+03)/3 2)

q=(01—03) 3)

where 01 denotes the axial stress and 0, = 03 denote the lateral stresses. The axial strain
(¢1) and the volumetric strain (ey) can be estimated from the boundary displacements:

&1 = (hi —he)/h; 4)

ey = (0 —100)/ v ©)

where hj and h. are the initial height and current height of the specimen, respectively, and
vp and v are the initial volume and the current volume, respectively. The dilatancy angle
(1) is defined in triaxial tests as follows:

dey /deq

24 dSV/dSl (6)

siny =

The internal angle of friction (¢), which reflects the shear strength of granular materials,
in the peak or critical state, can be defined as follows:

o—o3 _ 3q/p
0 +03 q/p’ +6

sing = (7)

A positive correlation between the angle of internal friction (¢) and the effective stress
ratio (q/p’) has been established, so it is appropriate to use q/p’ to represent the shear
strength of the binary geotechnical mixtures.

4. Results and Analyses
4.1. Macroscopic Variation in Strength with Mixing Degree
4.1.1. Shear Strength

This study focused on quantifying the influence of the mixing degree on the macro-
scopic characteristics, especially the shear strength (7/p’), and identifying their relationship
to the micro-characteristics, which cannot be observed in physical experiments. Hence,
all of the assemblies were sheared to approximately 40% of &; to explore the macroscopic
behaviors at both the peak and critical states.
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The relationships between the shear strength ratio (q/p’) and the axial strain ¢; for the
various mixing degrees are presented in Figure 5. Since there is no quantitative analysis
presented here and there will be a considerable amount of overlap if all 18 curves in this
paper are presented, only the results of Md = 0.0 and Md = 1.0 for each tested coarse content
are presented here. It can be observed that the g/p’ value rapidly rises to the peak value
within a strain value (g1) of 0.00-0.02, then gradually declines within &; = 0.02-0.15, and
eventually approaches the critical state. When ¢; is greater than 0.30, the curve is more
stable. Hence, the average value of q/p’ within the axial strain interval [0.30, 0.40] is taken
as the critical strength.
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Figure 5. The q/p’ versus axial strain ¢, for specimens with different mixing degrees.

The influence of the mixing degree on the peak shear strength (q/p’ p) and the critical
shear strength (q/p’.) are as depicted in Figure 6. The q/p’ p increases with an increase in
mixing degree, and the increasing trend is more obvious with increasing coarse content.
However, q/p’. fluctuates slightly within a certain range. The peak shear strength exhibits
a monotonic increase as the mixing degree increases, and the critical shear strength was
found to be independent of the mixing degree.
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Figure 6. The peak and critical shear strengths as a function of mixing degree.

4.1.2. Volumetric Strain and Dilatancy Angle

As the contact between the binary geotechnical mixture particles is nonplanar, the
particles are staggered, which leads to the behavior of particle translation and rotation
on the shear plane during the shear process, along with the change in volumetric strain.
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Figure 7 shows the evolution of the volumetric strain &, with the axial strain ; and presents
the relationship between the results of volumetric strain against the axial strain. It can be
seen that, at the initial stage of the test, there was no significant difference in strain values
for respective specimens until the critical state was attained. This behavior is inconsistent
with the volumetric strain behavior of typical dense granular materials [27,37].
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Figure 7. Evolution of the volumetric strain (ey) with the axial strain (g1).

As it is difficult to distinguish the change in volumetric strain with mixing degree in
Figure 7, the peak shrinkage value and critical dilatancy value are shown in Figure 8 in
detail. The volumetric strain (shrinkage value) of the specimen in the peak state increases
with an increase in mixing degree, while the volumetric strain (dilatancy value) at the
critical state is not affected by the change in mixing degree. In fact, both the peak strength
and critical strength of soil are closely related to volumetric strain, e.g., the critical point
from shrinkage to dilatancy corresponds to the peak shear strength of soil, while the stable
dilatancy state corresponds to the critical shear strength [38]. Therefore, it can easily be
explained why the variation trend of volumetric strain with mixing degree in the peak or
critical state is highly consistent with the variation trend of strength with mixing degree.
The volumetric strain has a significant influence on both the peak strength and critical
strength, and the quantitative analysis is carried out below.
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Figure 8. The peak shrinkage and critical dilatancy as a function of Md.
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Volume expansion can be indicated in terms of the dilatancy angle (). The maximum
dilatancy angle is called the peak dilatancy angle ¢, which is closely related to the peak
shear strength [39]. Figure 9 displays the variation in the peak dilatancy angle with mixing
degree. The peak dilatancy angle is not influenced by the mixing degree of the specimen,
except that it increases slightly in the specimen with Vf = 75%. This is quite different from
the trend of the peak shear strength with the mixing degree. It could be that the variation
in the peak shear strength in specimens with different mixing degrees is not directly related
to the peak dilatancy angle.
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Figure 9. The peak dilatancy angle and dilatancy coefficient as a function of Md.

Bolton [38] describes the relationship between the dilatancy angle and shear strength
with Equation (8), which is a simplification of an expression presented by Rowe [40]:

Pp = Pc + ahp (8)

where ¢, and ¢ represent the peak friction angle and critical friction angle, respectively,
and « is the dilatancy coefficient, which represents the contribution of dilatancy to the peak
shear strength and, to a certain extent, varies with different soil properties. The evolution
of the dilatancy coefficient with the mixing degree is shown in Figure 9. For all samples
with a given coarse content, the dilatancy coefficient increases significantly with an increase
in mixing degree. This implies that the contribution of shrinkage to peak shear strength is
more obvious in specimens with higher mixing degrees. It is also proven that the variation
in peak shear strength is directly related to the peak dilatancy angle.

4.2. Mesomechanism of the Variation in Strength with Mixing Degree

The macroscopic analysis shows that the coarse content only affects the variation
degree of the shear strength with mixing degree. Hence, the subsequent microscopic
analysis takes the result of the specimen with a 50% coarse content as the bench mark for
the subsequent analysis.

4.2.1. Contact Number

The coordination number is an important parameter for measuring the internal struc-
tural characteristics of granular mixtures. The coordination number depends on the type
contact between particles. The contact networks in this study were divided into three
subnetworks: (i) a coarse—coarse (cc) contact network, (ii) coarse—fine (cf) contact network,
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and (iii) fine—fine (ff) contact network. The overall coordination number can also be divided
into three partial coordination numbers Z, Z, and Zg, defined as follows [35,41]:

Zee = 2Cec/ Ne )
Zo =2Cy/N (10)
Zge = 2Cg/ N (11)

where Cy, indicates the contact number corresponding to the m contact type (m can be cc,
cf and ff). N is the total number of all the particles, N is the number of coarse particles and
N is the number of fine particles.

Hence, the partial coordination number represents the number of different contact
types. The coordination is used to quantify the extent to which the different contact
types contribute to the shear strength [42]. Figure 10 shows the evolution of the partial
coordination numbers and the contribution of each contact type to the shear strength with
the mixing degree, where Sc., S¢¢ and Sgf represent the contributions of the cc contacts, cf
contacts and ff contacts to the shear strength, respectively. It can be clearly observed that, in
the peak and critical state, the partial coordination number and the contribution to the shear
strength of different contact types follow the same trend. The partial coordination number
and the contribution to the shear strength of cc contacts and ff contacts monotonically
decrease with an increase in mixing degree, and those of cf contacts monotonically increase
with an increase in mixing degree. An intuitive explanation for these results is that as
the mixing degree increases, the distribution of coarse and fine particles changes from
polarized to uniform. Hence, the contacts between coarse and fine particles become more
common, accompanied by the inevitable decrease in the number of contacts between fine
particles and between coarse particles. Then, the puzzle is whether the change in the
number of contacts affects the shear strength. For example, in the case that the numbers
of cc and ff contacts decrease with increasing mixing degree, the increase in peak shear
strength with an increase in mixing degree seems to be due to the increased number of cf
contacts, while the critical shear strength is independent of these changes. The contribution
of different contacts to shear strength varies significantly; this could be attributed to the
change in contact numbers.
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Figure 10. Evolutions of the partial coordination number and the contribution of each contact type to
the shear strength with Md.
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4.2.2. The Fabric Structure

Gong et al. [43] divided the fabric structure of a binary mixture into four types (51, 52,
S3 and S4) according to different coarse contents (i.e., Vf < 30% in S1; 30 < Vf < 48% in
S2;48 < Vf <70% in S3; Vf > 70% in S4). And the contribution of contact type to strength
was varied in different structures (i.e., ff > cf > cc in S1; cf > ff > cc in S2; cf > cc > ff in
S3; cc > cf > ff in 54). It is worth pointing out that the results in Figure 10 do not strictly
satisfy this rule. In other words, all the samples in Figure 10 belong to the S3 structure as a
whole, but not all the contributions of contact type to shear strength meet the condition of
cf > cc > ff. This is attributed to the mixing degree. It was found that the mixing degree has
a direct influence the change of local coarse content, which leads to the differences in local
fabric structure from the whole, as shown in Figure 11.

Md=0.0 Md=0.2 Md=0.4 Md=0.6 Md=0.8 Md=1.0

performance

critical

Figure 11. The variation of local fabric structures with depth.

It can be seen from Figure 11, when the mixing degree is low (i.e., Md = 0.0 and 0.2),
the local fabric structures are only S1 and 54 in the sample. Therefore, in both peak and
critical states, cc contact plays a dominant role in contribution to the strength, followed by
ff, and finally cf. With the improvement in mixing degree (i.e., Md = 0.4 and 0.6), S2 and
S3 fabric structures gradually appeared in the middle of the sample, and the contribution
of cf contact to strength began to increase in the overall performance. When the samples
were uniformly mixed (i.e., Md = 1.0), S3 dominated the local fabric structure, and cf
contact played a dominant role in the contribution to strength; this is consistent with the
previous studies [43—45]. It should be pointed out that the analysis object is the sample with
Vf =50%, and the value is at the junction of the S2 structure and S3 structure. Therefore, in
the peak state, the contribution of cc contact to strength is greater than that of ff contact (the
overall performance is biased to S3), while in the critical state, the contribution of ff contact
to strength is greater than that of cc contact (the overall performance is biased to S2).

In general, the analysis results of Figures 10 and 11 show that with the mixing degree
increased, the most intuitive change on the mesoscopic level is that the cf contact number
and its contribution to strength increases gradually. However, this change causes different
results in peak and critical state; the peak strength gradually increases and the critical
strength remained constant, which need further discussion.

4.2.3. Contact Force

In fact, the variation in the contributions of each contact type to the shear strength
may be caused by two factors: the contact number and the contact force. When the contact
numbers are insufficient to explain the variation in shear strength, the magnitude of the
contact force is taken into account. The mean normal contact force f,, is defined as the
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average of the overall normal contact force of the contacts. Similarly, f,_m represents the
mean normal force of m contact type (m can be cc, cf and ff). Table 1 enumerates the contact
numbers and the mean normal contact forces f_ _m of various specimens.

Table 1. The contact numbers and the mean normal contact forces f,, _m of various specimens.

State Specimen fo_cc(N) £ cf(N) fo fEN) faN) Cec Cet Ces
1=0.0 2795.68 250.28 117.78 149.95 403 756 36,211
1=02 2796.66 246.22 126.88 160.88 362 2062 33,239
peak =04 2664.39 250.87 125.23 162.89 309 3083 30,310
1=06 2936.14 248.44 127.54 164.82 227 5230 27,208
=038 2833.42 256.10 129.67 161.64 116 6714 25,614
I=1.0 3272.87 255.50 124.99 169.73 96 7802 20,904
1=00 2104.77 326.81 114.41 144.26 398 1173 31,348
=02 2153.30 312.60 113.70 149.69 343 2099 27,270
N =04 1997.71 302.12 113.09 154.18 312 3006 24,827
critical 1=06 1853.70 290.62 106.88 154.75 210 4627 20,895
=08 1718.37 27428 96.98 139.63 97 5863 19,102
I1=1.0 1649.24 245.63 99.41 136.64 76 6657 18,589

It can be observed that, for all the specimens, f,_cc is the largest, followed by £, _cf,
and fn_ff is the smallest, which is consistent with previous numerical results [42,46,47].
With an increase in mixing degree, in the peak state, f,_cc, f,_cf and f__ff all fluctuate
within a certain range, while C¢. and Cg decrease significantly and C increases obviously.
Thus, the increase in contribution of cf contacts to peak shear strength is undoubtedly
determined to be caused by the increase in the cf contact number. In the critical state, f,,_cc

and f,,_ff decrease slightly, C.c and Cg; decrease significantly, while f, _cf decreases and
C,f increases significantly with increasing Md. At this point, it can be revealed that the
effect of the increase in cf contact number on the critical strength is offset by the decrease
in the other five factors (e.g., fn_cc, 7n_cf, j‘n_ff, Cec and Cy), especially fn_cf, resulting
in the stability of the critical shear strength. However, such a simple conclusion does not
seem sufficient to explain the mechanism of the change in critical shear strength. Therefore,

further analysis needs to be carried out on the distribution of contact types.

4.2 4. Distribution of Contacts

Apart from other factors (e.g., shape and size), the most intuitive influence of mixing
degree on the specimen is the change in the distribution of coarse and fine particles,
resulting in different contact distributions. Based on the results obtained, as presented in
Table 1, the cf contact type is the most noteworthy. Therefore, the change in the distribution
of cf contacts in specimens with different mixing degrees is shown in Figure 12. In Figure 12,
the blurred green and blue spheres represent coarse and fine particles, respectively, while
the solid red bars represent cf contacts. It can be seen clearly that the distribution of cf
contacts gradually changes from a sporadic distribution at the interface when Md = 0.0 to a
global distribution at Md = 1.0. This means that with the increase in mixing degree, the
number of cf contacts in the sample increases and the distribution becomes more uniform.
The magnitudes of f,_cf and f, were compared in order to ascertain if the influence
of cf contact number on the shear strength is controlled by the contact distribution in
the specimen.

The network of contacts that are used to carry forces can be divided into two subnet-
works, using strong and weak contacts [48]. The strong contacts can carry larger forces
than the mean normal contact force f,, whereas the weak contacts carry smaller forces than
the mean normal contact force f,,. In the shearing of granular materials, strong contacts can
work together to transfer force, and the weak contacts provide stability under the forces
propagating along the strong contacts. By comparing the values between the mean normal
contact forces f,, and f,_m, it is not difficult to find that f,_cc and f,_cf are much larger
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than f_, while f,_ff is less than f,. These results indicate that the cc and cf contacts are
dominated by strong contacts, whereas the ff contacts are dominated by weak contacts.
It is clear that only an increase in C can offset the effect of the reduction in f,_cc, f,,_cf,
f._ff, Ccc and Cgr and maintain the stability of the critical shear strength: with the increase
in mixing degree, cf contacts gradually spread through the strong contact network from
the interface throughout the specimen. At this point, the strong contacts, which can trans-
fer forces, are homogeneously distributed throughout the whole specimen. This further
confirms the claim that the increase in peak shear strength is caused by the increase in the
cof contacts. which have a similar distribuition in the critical state.

Md = 0.0 Md=02 Md=04

Md=0.6 Md=038 Md=1.0
Figure 12. Distribution of cf contacts in the specimens when ¢; = 0.4.

4.2.5. Force-Fabric Anisotropies

In terms of micromechanics, the force—fabric anisotropies can be regarded as the
source of the shear resistance of granular materials [25,49,50]. In order to establish the
relationship between macroscopic strength (4/p’) and microscopic force-fabric anisotropies
of cohesionless granular materials under triaxial condition, the following formula is
usually used:

q/p" = 0.4a. + 0.4a, + 0.6a; (12)

where 4., an, and a4; indicate the normal contact anisotropy, normal contact force anisotropy,
and tangential contact force anisotropy, respectively, which can be calculated from the
generalized fabric and force tensors, and have been confirmed by previous studies [48,51].

In the three subnetworks mentioned earlier, Equation (12) can also be represented as

k
q/p =Y &m(0.4a2 + 0.4a + 0.6a}") (13)

m=1

where ¢, denotes the weighting parameter of the mth subnetwork (i.e., the cc, cf and ff
contacts); al reflects the anisotropy coefficient of contacts in the mth subnetwork and is
obtained by restricting the equations of a, to the mth subnetwork.

Figure 13 shows the variations in anisotropies with Md. It can be seen from Figure 13
that, in both states (the peak state and the critical state), 0.4a, dominates the strength,
followed by 0.4a, and then 0.6a;. The difference is that, in the peak state, both 0.4a. and
0.6a; decrease slightly with an increase in Md, while 0.4a, increases significantly, which
means that the increase in peak strength is mainly caused by the increase in 0.44a;,. In the
critical state, both 0.4a, and 0.64; increased with the increase in Md, while 0.4a. decreased
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significantly. This implies that the contributions of these two changes in the strength offset
each other and maintain the stability of the critical strength.
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Figure 13. Variations in anisotropies with respect to Md.

Considering that the force—fabric anisotropies in the binary geotechnical mixture are
determined by the three subnetworks, as quantified in Equation (13), Figure 14a—c shows
the evolution of the anisotropies for the various contact types as a function of Md. In the
cc contact network, in the peak state, 0.4a., 0.4a, and 0.6a; all decrease significantly with
an increase in Md, while at the critical state, 0.4a. decreases slightly, 0.4a, is relatively
stable, and 0.6a; increases slightly. In the cf contact network, 0.4a., 0.4a, and 0.64; are all
significantly increased with the increase in Md in the peak state, while 0.4ay, is significantly
increased, 0.4a. shows a downward trend, and 0.64; is basically stable in the critical state. In
the ff contact network, all the force—fabric anisotropy coefficients show a slight downward
trend regardless of the peak or critical state.
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Figure 14. Evolutions of anisotropies of different contact types as a function of Md: (a) cc contact;
(b) cf contact; (c) ff contact.

It can be seen that, in the peak state on the premise, the force—fabric anisotropies in
the cc and ff contact networks decrease, and increase significantly in the cf contact network,
which results in an increase in peak strength. In the critical state, although the force—fabric
anisotropies of the sub-contact network change to some extent, the trend of these changes
is relatively gentle, and plays a role in mutual cancellation, resulting in the stability of the
critical strength. This result confirms the previous conclusion that the change in strength is
mainly caused by the changes in the cf contact number and contact force.

4.3. Influence of Coarse Content on the Increased Range of Peak Shear Strength

As shown in Figure 6, under the same mixing degree, the peak shear strength in-
creases monotonically with increasing coarse content (which is increased from 25% to
75%). This is consistent with the results of previous studies on homogeneous specimens;
that is, the maximum peak shear strength appears at a coarse content of approximately
75% [52,53]. However, another noteworthy phenomenon is that the increased range of peak
shear strength with mixing degree is not consistent under different coarse contents. This
means that the mixing degree has different influence levels on the peak shear strength of
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binary geotechnical mixtures with different coarse contents. Figure 15 shows the curve
of normalized peak shear strength changing with mixing degree, where the values of
the homogeneous specimens (Md = 1.0) are taken as the control. In order to make the
conclusion more convincing, the results of samples with 37.5% and 62.5% coarse contents
are added here. It can be clearly seen that the higher the coarse content, the more the peak
strength is affected by the mixing degree. Specifically, as the coarse and fine particles in the
specimens change from homogeneous mixing (Md = 1.0) to complete separation (Md = 0.0),
the peak shear strength of the specimens decreases by 11.7% at 25% coarse content, while it
decreases by 17.2% at 50% coarse content and decreases by 26.4% at 75% coarse content.
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Figure 15. Normalized peak shear strength as a function of mixing degree.

Some previous studies have shown that the binary geotechnical mixture exhibits many
“optimal properties” when the coarse content is approximately 75%, and all of them show
monotonically increasing properties with coarse content range of 25-75%. For example,
the minimum void ratio results in the maximum peak shear strength [52]; in this case,
the cf contact number and mean normal force also reach the maximum, while the sliding
fraction of the cf contact is the minimum [54]. The cf contact is proven to be the main factor
affecting the peak shear strength in this paper. On the other hand, for granular materials,
the shear strength mainly depends on the interlocking effect of particle accumulation [55].
Meanwhile, a previous study shows that the average degree of interlocking of a particle
increases with increasing coarse content [43]. The above conclusions show that when the
coarse content is 75% and the specimen is homogeneously mixed (Md = 1.0), all the indices
correspond to the peak shear strength. The mixing degree changes the local coarse content
of the specimen. Regardless of the coarse content, the homogeneous specimen gradually
exhibits complete segregation with further mixing degrees; that is, coarse and fine particles
occupy separate parts of the specimen, as shown in Figure 2. Hence, there is no doubt that
the closer the homogeneous specimen is to the “optimal state”, the more obvious the loss
in strength when the mixing degree gradually changes to 0.0. That is, the closer the coarse
content is to 75%, the more the peak shear strength is affected by the mixing degree.

According to the definition of Scholtes et al. [56], the degree of interlocking of a
particle p can be estimated through the assessment of its mean internal moment mP, and
Gong et al [43] further stated that the average degree of interlocking (ADI) of a particle in
the sample can be defined as: ADI =} ,cn m?P/N. Therefore, the evolution of ADI with
respect to Vf is illustrated in Figure 16, which can be used to quantify the interlocking effect
of samples with different coarse contents. It was clearly observed that the evolutions of ADI
in the samples of Md = 0 and Md = 1 with Vf are roughly consistent. Specifically, the ADI
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value increases with the increase in Vf, and the increased range is wide continuously. This
is in agreement with the conclusion of Gong et al [43]. It can be seen that the difference of
ADI between Md = 0 and Md = 1 increases with the increase in Vf, and the increased range
increased sharply with the increase in Vf. Thus, the higher the Vf the more the interlocking
effect of the sample is affected by the mixing degree. This result, as an example, can be used
to explain why the closer the coarse content is to 75%, the more the peak shear strength is
affected by the mixing degree.

8 - -1 2.0
—a— Md=00-—=— Mi=1.0 A
71 | -0 The differcnce between . g
/ :
Md =0.0 and Md= 1.0 ‘
6 -

' q12 &0
=5 =
X X
S’ S’
3 . 3

o o]
< 4 o 108 =
,l"_;i 7
- g a
3 -
404
l_f:::: 5
2 O
: e O
e
T T . T 1 T r T 1 T T 0.0
0.2 0.3 0.4 0.5 0.6 0.7 0.8

Coarse content, Vf

Figure 16. Evolution of the average degree of interlocking of a particle in the sample ADI with respect
to Vf.

5. Conclusions

In this paper, the effect of the mixing degree on both the peak and critical shear
strengths of binary geotechnical mixtures was quantitatively analyzed through verified
DEM simulations. The results can guide the construction of marine geotechnical engineer-
ing, such as more accurate calculation of foundation stability and screw anchor bearing
capacity. The samples with three coarse contents (ranging from 25% to 75%) and six
mixing degrees (ranging from 0.0 to 1.0) were prepared to create specimens of binary
geotechnical mixtures. Both the macroscopic trends of the variations in strength and the
meso-mechanisms of the variations in strength were meticulously examined. The main
findings are summarized as follows:

(1) The peak shear strength increases with increasing mixing degree, while the critical
shear strength is not affected. This trend is consistent with that of volumetric strain
with increasing mixing degree, and the variation in peak shear strength is directly
related to the peak dilatancy angle.

(2) The variations in both the peak and critical shear strengths are mainly affected by
the cf contact type. Specifically, when the mixing degree increases, the mean normal
force of cf contacts does not change, while the increase in the number of cf contacts
and their global distribution contribute to the increase in peak shear strength. The
increase in the cf contact number and the changes in the distribution of cf contacts
from local to global offset the influence of the reduction in the mean normal forces
of the cc, cf and ff contacts and the cc and ff contact numbers, which results in stable
critical shear strength.

(38) The force-fabric anisotropies of the whole contact network and three subnetworks
are evaluated. The force—fabric anisotropies of the whole contact network explain
the microscopic mechanism of the strength. The increase in peak strength is mainly
caused by the increase in 0.44,. And the increase in 0.4a, and 0.6a;, with a decrease
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in 0.4a, offsets each other, which maintain the stability of the critical strength. The
meticulous analysis of the force—fabric anisotropies of three subnetworks affords a way
to explain the micro-mechanisms that result in the dependency of the contributions of
different contact types to the strength on the mixing degree.

(4) The range of coarse contents conformed to the definition of binary geotechnical
mixture and the influence of the mixing degree on the peak shear strength increases
with increasing coarse content. This means that with a higher coarse content, a
greater influence of the mixing degree on the shear strength performance of binary
geotechnical mixture should be considered.
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Abstract: A suction bucket is the foundation for the development of offshore wind power technology
in the deep sea, and its stability is crucial to the superstructure of the wind power generation system.
Combined with soft clay soil strata along the Chinese coast, the bearing capacity of suction bucket
foundations was studied using a numerical model. Sensitivity factors such as soil strength with
random space distribution, dimensions of foundation, wind and wave loads in different directions,
and cycle times were considered. The results show that the normalized foundation bearing capacity
coefficient increases with the increase of the foundation length—-diameter ratio. When the foundation
length-diameter ratio is less than 1.0, the foundation bearing capacity coefficient is more sensitive to
the soil non-uniformity coefficient than the length-diameter ratio. When the length—-diameter ratio of
the suction bucket is large enough, the influence of the soil non-uniformity coefficient on the bearing
capacity of the suction bucket foundation gradually diminishes. When the direction of wind and
wave loads is 15°, the bearing capacity of the suction bucket foundation is the weakest. Under the
cyclic loads, the shallow soil strength weakens faster in the initial stage and the attenuation rate of
soil strength slows down in the latter stage.

Keywords: soft clay; offshore wind power; suction bucket; bearing capacity; sensitivity

1. Introduction

Offshore wind power has increasingly been a promising alternative to traditional
energy. It is one of the most critical issues that the proper selection of foundation type for
the construction of offshore wind power. To date, due to the advantages of fast installation
and low cost, the monopile foundation [1-3] is one of the most widely used foundations
where the water depth is less than 30 m. However, the difficulty and cost of monopile
installation will rapidly increase as the depth of the sea increases, which is not conducive
to developing deep-sea wind power. Hence, new types of foundations are constantly
developed for the deep sea [4,5]. For instance, the multi-pod foundation is suitable for
water depths of 30-50 m, but it is difficult to transport and too complicated to install;
the jacket foundation is suitable for water depths between 30-60 m, but it has a long
manufacturing and installation cycle as well as a high cost that decreases rapidly with the
deepening of water depth; the floating foundation is suitable for water depths above 50 m,
but it is challenging to design and has the potential to tilt, shake, and overturn. The suction
bucket in particular (Figure 1) is a novel deep-sea foundation suitable for water depths
above 30 m [6-10]. Compared with the above foundation types, it has the advantages of
convenient installation, lower cost, and recyclability.
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Figure 1. Schematic diagram of suction bucket foundation.

As a new type of foundation for offshore wind power, the suction bucket is primarily a
large-diameter barrel with an open bottom and a closed top, which is an alternative form of
single pile foundation. The suction bucket has the advantages of low cost, simple construc-
tion process, integrated construction, fast installation, and secondary use, which can be
better applied to a deep seabed foundation. Meanwhile, the suction bucket foundation [11],
which has been effectively developed in recent years, can better resist the large horizontal
load and bending moment of wind turbines (Figure 2).

Rotor blades

Sea

uction caisson

Soil

Figure 2. Suction bucket foundation in a wind power generation system.
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The study on the bearing capacity characteristics of the suction bucket has attracted
much attention. In sand and saturated soft clay, a simple method for estimating the horizontal
ultimate bearing capacity of suction bucket foundations has been proposed [12,13]. However,
the movement of the foundation rotation center and the complex stress distribution in
practical engineering have not been taken into account by this method. Therefore, the
calculated bearing capacity was different from the practical engineering. The effect of
several swipe loading schemes on the bearing capacity of suction bucket foundations
in saturated soft clay and sandy soil has been studied by some scholars. It is worth
mentioning that Wu K. and Zhang Y.K.’s results [14,15] are only applicable to foundations
in the shallow sea with a small length—diameter ratio. The failure envelope surface of the
deep-sea foundations with a large length—diameter ratio needs further study. The limitation
of this method is that the actual loads were simplified to the vertical load (V), horizontal
load (H), and bending moment (M), which were acted on the midpoint of the top surface
of the suction bucket without the horizontal cyclic load. To solve this issue, Wang J.H. [16]
studied the effect of vertical loads on the horizontal cyclic bearing capacity of the suction
bucket and simulated the suction bucket foundation in soft clay under various vertical
and horizontal cyclic loads. According to the results, the vertical load affects the cyclic
load amplitude and the number of cycles that lead to the instability and failure of the
foundation. The larger the vertical load, the smaller the cyclic load amplitude when the
foundation is damaged with the same number of cycles. Therefore, in practical engineering,
the vertical load effect caused by various upper fan specifications should be considered
and the horizontal bearing capacity should be checked.

According to the Code for Design of Wind Turbine Foundations for Offshore Wind
Power Projects (NB/T 10105-2018) [17], the service life of wind turbines should not be less
than 25 years. During its 25-year service life, the suction bucket foundation not only bears
the long-term effects of its weight and the vertical load transmitted by the superstructure,
but also frequently bears the combined effects of horizontal cyclic loads and bending
moments caused by wave, ocean currents, wind, etc. When utilized as an offshore wind
turbine foundation, it frequently bears larger horizontal loads than vertical loads so that
the horizontal load becomes the main controlling load for design. Based on previous
engineering experience [18,19], continuous horizontal cyclic loading on the foundation
in soft clay will lead to a decrease in soil strength and stiffness, ultimately leading to the
destruction of suction bucket foundations before reaching the designed horizontal load.
Therefore, it is not entirely reliable to determine the stability of the structure only by relying
on the ultimate bearing capacity in the static state. To ensure the accuracy of stability
analysis, it is necessary to design a numerical method to accurately predict the ultimate
bearing capacity of the suction bucket under horizontal cyclic loads. In this paper, the
length—diameter ratio of the suction bucket, soil heterogeneity, the angle between wind
and wave loads, and the number of cycles were considered in order to study the bearing
characteristics of the suction bucket foundation in saturated soft clay. It is instructive to the
analysis of bearing capacity stability in practical engineering.

2. Establishment the Numerical Model
2.1. Overview of the Model
2.1.1. Parameters of the Model

A three-dimensional finite element model of interaction between a single suction
bucket and soft clay was established for offshore wind power. The truncated soil model
has a radial diameter of 10D (D is the diameter of a suction bucket) and a depth of 6L
(L is the length of a suction bucket) [9,14] to ignore boundary effects (Figure 3a). The
dimensions of the soil model were verified to be correct by numerical simulation. To
improve the computing efficiency, a half model of the bucket-soil system was used for the
finite element analysis as the numerical model is symmetrical. The boundary conditions of
the soil are as follows: the fixed constraint at the bottom, the lateral radial displacement in
the directions of X and Y at the constrained flank of half-cylinder, and the displacement
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in the direction of X at the constrained symmetric cross section. A schematic diagram
of the model forces is shown in Figure 3b. F; represents the force transmitted by the
superstructure, p represents the pressure difference between the pressure inside the bucket
and the atmospheric pressure, Fgicin and Fgc_out Tepresent the frictional forces generated by
the inside and outside of the bucket wall against the soil, and Fq represents the shear force.

10D =, s Witer Fy
Suction bucket il h ' '
[ i} i
] 1t i} i ; I
B friccout Ffric-in
il HHH?INH?
(b)

Figure 3. The dimensions and forces of the model. (a) Dimensions. (b) Forces.

The linear elastic constitutive model with elastic modulus was used to simulate
the suction bucket, as shown in Table 1. The Mohr-Coulomb elastoplastic constitutive
model [13,14,16] is used to simulate the soil, as shown in Table 2. It is assumed that the soil
interacts with the suction bucket under completely undrained conditions [2,9,14].

Table 1. Parameters of suction bucket.

Parameters Elasticity Poisson’s Ratio Effective
Modulus/GPa Weight/(KN-m—3)
Bucket 210 0.125 23
Table 2. Parameters of soil.
. . . , . Effective Cohesive Internal Friction Dilatancy
Parameters Elasticity Modulus Poisson’s Ratio Weight/(KN-m?) Force/KPa Angle/(°) Angle/(")
Soil 5005, 0.49 8 20 15 0.1

2.1.2. Mesh

Both the suction bucket and the soil use an integral three-dimensional solid element
(C3D8R) with an 8-node hexahedral linear reduction grid (Figure 4). Near the bucket-soil
contact surface, cell meshes are densely divided, whereas the mesh is sparse in the soil
away from the contact surface [20]. Thus, the calculation time is much shortened and the
accuracy of the calculation result is improved.

2.1.3. Interaction between Contact Surfaces

To simulate the shear transfer and relative displacement between the suction bucket
and the soil, the contact pairs are defined by the bucket-soil surfaces, including inner, outer,
top, and bottom surfaces. The master-slave surfaces contact algorithm is used to choose
the master surface. The master surfaces are the surfaces of a suction bucket with high
stiffness, and the slave surfaces are the surfaces of soil with low stiffness. The contact pair
use face-to-face contact and finite sliding. The tangent behavior of the contact pairs is in the
form of a Mohr—Coulomb friction penalty function, and the sliding friction coefficient of
the interface is y = tan(0.75¢) [21] (¢ is the internal friction angle of the soil). The normal
behavior of the contact pairs is in the form of hard contact, and the suction bucket and soil
can be separated.
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Figure 4. Finite element model.

2.1.4. Initial Geo-Stress Balance

The initial geo—stress was balanced before loading the horizontal cyclic loads by the
ODB import method, and the initial geo-stress field was applied to the ground [22]. When
the displacement in the direction of Z (U3) reaches 1075, the additional deformation caused
by soil self-gravity is essentially eliminated [23,24].

2.2. Expression of Load

The W3600M-116 offshore wind turbine from China (with 3.6 MW installed capacity) is
taken as an example in this paper. H (H = 80 m) is the distance between the hub center and
the top surface of the foundation, and Gy (G = 5200 KN) is the weight of the superstructure
transmitted to the foundation. Wind and wave loads are equivalent to horizontal cyclic
loads, and cyclic loads are loaded in their respective directions.

Horizontal cyclic loads are defined by periodic amplitude curves in ABAQUS [25].
Fourier series are used to represent periodic amplitude curves.

When t > t(, the amplitude expression is:

N
a=Ag+ Y [Ancosnw(t—ty) + Bysinnw(t — to)] (1)

n=1

When ¢ < t(, the amplitude expression is:
a = AO (2)

In Equations (1) and (2), w is the circular frequency and its value is w = 271f; f is the
frequency; tj is the start time; Ay is the initial amplitude; and A, is the coefficient of the
Cos coefficient and By, is the Sin coefficient (n =1, 2,3 ... N).

2.3. Determination of Horizontal Cyclic Load

The most dangerous condition, according to most studies, is when the wind and wave
loads on the suction bucket foundations are in the same direction. Wind and wave loads
are treated as horizontal cyclic loads exerted on the model in this paper (Figure 5). The
magnitude, direction, position, and method of loads exerted are all in accordance with the
Load Code for the Design of Building Structures (GB50009-2001) [26] and the data of wind
and wave loads for an offshore test site in the East China sea. The height of wind load is
80 m over the seabed surface, the frequency is 0.15 Hz, while the height of wave load is
10 m over the seabed surface, the frequency is 0.1 Hz, according to the specifications and
practical engineering. The amplitude of wind load is F,ing = 334000sin(0.37tt), and the
amplitude of wave load is Fyave = 811000 sin(0.27tt).
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F ring=33400sin(0.37)

 —
—_—

Frrare=811000sin(0.2n¢)

—

Figure 5. Forces of suction bucket foundation and offshore fan.

2.4. Verification of Finite Element Model

The Equation (3) was used to calculate the relationship between the bearing capacity
coefficient and length—diameter ratio (L/D):

NH,s = Hult,s/ASum (3)

where Ny, is the horizontal ultimate bearing capacity coefficient; H,; ; is the horizontal
ultimate bearing capacity; A is sectional area of the suction bucket; and S, is the strength
(kPa) of the seabed.

To verify the trustworthiness of the established finite element model, it was compared
to existing results [27]. Gelagoti F. et al. set parameters for homogeneous clay, such as
L/D =0.2~1, S, = 60 kPa, and applied vertical load V = 0 and horizontal force with the
method of controlling displacement. In this paper, the same parameters are used, with the
exception that the length—diameter ratio (L/D) is increased to 2. When L/D is equal to
1, the calculated results are very close to those found in the literature, with a margin of
error of less than 5% (Figure 6). In Figure 6, the horizontal coordinates represent the length-
diameter ratio of a suction bucket, and the vertical coordinates represent the horizontal
ultimate bearing capacity coefficient.

15 Verification by finite element]
Gelagoti et al.

5
T

Hult, s/ ASum

Figure 6. Verification of horizontal bearing capacity coefficients [27].
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3. Results
3.1. Bearing Capacity Characteristics with Different Length-Diameter Ratios

The normalized bearing capacity is independent of the diameter of the suction bucket
foundation, according to trial calculations and previous studies [28]: suction bucket di-
ameter D = 9 m; suction bucket length L = 4.5, 9, 13.5, and 18 m; length—diameter ratio
L/D=0.5,1,1.5, and 2; and suction bucket wall thickness t = 0.1 m.

Assuming that the soil is homogeneous S, = 5 kPa, the Equation (3) was used to
calculate the relationship between the bearing capacity coefficient and length—-diameter ratio
(L/D). The Figure 7 presents horizontal bearing capacity coefficient with different length—
diameter ratios. In Figure 7, the horizontal coordinates represent the length—diameter ratio
of a suction bucket, and the vertical coordinates represent the horizontal ultimate bearing
capacity coefficient.

\

=3
T

Coefficient of horizontal bearing capacity

1 1 1 1 1
0.0 0.5 1.0 1.5 2.0
/D

Figure 7. Horizontal bearing capacity coefficient with different L/D.

3.2. Bearing Capacity Characteristics with Different Soil Non-Uniformity Coefficients

Normally consolidated soft clays are widely distributed in the Gulf of Mexico, the
South China Sea, and Southeast Asia, and their undrained shear strength S, increases
linearly with depth [29,30], according to Equation (4):

Sum =KZ + SuO (4)

where K is the soil non-uniformity coefficient; Z is the soil depth (m); and S, is the
undrained shear strength of the surface layer. The dimensionless soil non-uniformity
coefficient K is used to represent the strength non-uniformity of the soil, according to
Equation (5):

where p is the growth gradient of undrained shear strength along the Z-axis, which is
typically 1 to 2.5 kPa/m, p =1, 1.5, 2, and 2.5 kPa/m are used in this paper; D is the suction
bucket diameter (m); and S,,9 is the undrained shear strength of surface layer.

Five values (K =0, 1, 2, 5, and 10) are used to investigate the impact of uneven
coefficient distribution on bearing capacity characteristics, where K = 0 indicates that
the foundation soil is homogeneous soil. The values of K, p, and S, are shown in
Table 3. The horizontal bearing capacity coefficient with different non-uniformity co-
efficients is presented in Figure 8. In Figure 8, the horizontal coordinates represent the
length—-diameter ratio of a suction bucket, the vertical coordinates represent the horizontal
ultimate bearing capacity coefficient, and the different colored curves represent different
soil non-uniformity coefficients.
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Table 3. Parameters of K, p, and S;q.

K =pD/S,0 p/(kPa-m~1) Suo/kPa
0 0 5
1 1 5
2 1.5 7.5
5 2 4
10 2.5 2.5
20 - [-m—K=0
o K=1 -
A k=2 v
v K=5 ¥ A
18+ [Le—K=10 JE _—
£ / _®
% 16
§:|4 =
g 12+
2
10
8 1 1 1 |
0.5 10 15 2.0

LD
Figure 8. Horizontal bearing capacity coefficient with different non-uniformity coefficients.

3.3. Bearing Capacity Characteristics with Different Angles between Wind and Wave Loads

According to Byrne, B.W., and Houlsby, G.T. [31], the wind and wave load directions
are not the same and there is a certain angle between them. According to Seidel [32], the
massive horizontal cyclic load induced by wind, wave, and flow does not have a fixed
direction, and the included angle of wave load during the service of the offshore fan may
exceed 90°. As a result, the wind and wave loads exerted on the offshore fan are not in a
single direction, and there is a specific angle 6 between them (Figure 9).

Waveload
Wind load

Figure 9. Angles between wind and wave loads.
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Generally, the wave load is relatively stable and does not change the direction of action
rapidly, whereas turbulent wind causes the wind load to shift the direction rapidly [33].
One-way instability does not occur when the wind and wave loading angle exceeds 45 de-
grees. As a result, four working conditions of different angles were selected in this paper
to investigate the bearing capacity characteristics of the suction bucket. Each working
condition is shown in Table 4.

Table 4. Working conditions of wind and wave loading directions.

Working Conditions Wind Loading Direction Wave Loading Direction
A 0° 0°
B 0° 15°
C 0° 30°
D 0° 45°

According to the static ultimate bearing capacity and the horizontal displacement
corresponding to the ultimate state obtained above, the foundation is judged to have failed
when the cyclic displacement amplitude of either of them reaches the ultimate displacement
value under the corresponding working condition or if the overall rotation angle of the
foundation is 0.05 rad and the corresponding number of cycles when the foundation fails is
obtained. The difference in the bearing capacity characteristics of the foundation at different
load angles was judged using the number of cycles to failure as an index to compare the
bearing characteristics of the foundation. The number of cycles to failure with different
wind and wave loading directions is presented in Figure 10. In Figure 10, the horizontal
coordinates represent the angle between wind and wave loads, and the vertical coordinates
represent the number of cycles in case of foundation failure.

2100
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Cycles at failure
)
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=]
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o
(=3
(=]
0

/
|

600

0 1 1 1 1 1 1 1 1 1
0 5 10 15 20 25 30 35 40 45

Angle/®

Figure 10. The number of cycles to failure with different wind and wave loading directions.

3.4. Bearing Capacity Characteristics with Different Number of Cycles

Considering the fatigue limit state of the offshore fan foundation and the fact that it
will undergo approximately 10 million cyclic loads over the course of a 25-year service
life [34], the number of cyclic loads will have a significant impact on the accumulated
deformation of the foundation, causing the superstructure to reach the normal limit state
ahead of schedule [35]. As a result, it is critical to study the impact of the number of cycles
on the foundation. Figure 11 presents the attenuation of horizontal bearing capacity after a
different number of cycles. In Figure 11, the horizontal coordinates represent the number
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of cycles and the vertical coordinates represent the horizontal bearing capacity. Figure 12
presents the soil strength weakening at different depths. In Figure 12, the horizontal
coordinates represent the percentage of the attenuation of bearing capacity after different
number of cycles to the bearing capacity in the initial state and the vertical coordinates

represent the depth of the soil.
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Figure 11. Attenuation of horizontal bearing capacity after different number of cycles.
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Figure 12. Soil strength weakening at different depths.
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4. Discussion
4.1. Sensitivity Analysis of Factor in Length—Diameter Ratios

From the above comparisons of the results from the bearing capacity characteristics
with different length—diameter ratios, the horizontal bearing capacity coefficients are re-
spectively calculated while L/D = 0.5, 1.0, 1.5, and 2.0. The horizontal bearing capacity
coefficient is 8.8 when L/D = 0.5. The horizontal bearing capacity coefficient increases to
11.2 when L/D is increased to 1.0. The horizontal bearing capacity coefficient increases to
13.2 when L/D is increased to 1.5. The horizontal bearing capacity coefficient increases to
15 when L/D is increased to 2.0. The horizontal bearing capacity coefficient grows con-
stantly as L/D increases, while the rate of increase of bearing capacity drops progressively
from 4.8 to 4 and 3.6. When the length-diameter ratio is small, the horizontal bearing
capacity coefficient increases with the increase of the length-diameter ratio, but the rate of
increase slows down. The bearing capacity coefficient of the suction bucket remains essen-
tially unaltered when the length—diameter ratio is reasonably big and reaches a specific
depth. In other words, the buried depth only affects the suction bucket’s bearing capac-
ity characteristics within a particular range. The impact is minimal when the threshold
is exceeded.

4.2. Sensitivity Analysis of Factor in Soil Non-Uniformity Coefficients

From the above comparisons of the results from the bearing capacity characteristics
with different soil non-uniformity coefficients, the horizontal bearing capacity coefficients
(K=0,1,2,5,and 10) are respectively calculated. When the length—diameter ratio is 0.5,
the horizontal bearing capacity coefficients (K =0, 1, 2, 5, and 10) are 8.8, 10.8, 12.2, 14.2,
and 16 respectively. It indicates that the horizontal bearing capacity coefficient increases
as the non-uniformity coefficient K increases. When the length—diameter ratio is 2.0, the
horizontal bearing capacity coefficients (K =0, 1, 2,5, 10) are 17, 18.4, 19, 19.4, respectively. It
verifies that the influence of soil unevenness coefficient on the bearing capacity coefficients
is greater than the influence of the length—diameter ratio when the length—diameter ratio is
small, while the length—diameter ratio is large enough, the influence of soil non-uniformity
coefficient on the bearing capacity of the suction bucket foundation gradually diminishes.

4.3. Sensitivity Analysis of Factor in Angles between Wind and Wave Loads

From the above comparisons of the results from the bearing capacity characteristics
with different angles between wind and wave loads, when the wind and wave loading
angle is 15° to 30°, the bearing capacity characteristic of the foundation is weakened to
some extent compared to the loading direction collinearity. The reason for this is that the
type of load exerted on the foundation varies. Although the value is minor, the wind load
causes a substantial bending moment in the foundation, making the bearing characteristics
in the direction of about 15° to 30° weaker than in the direction of 0°. Furthermore, the
lateral displacement of the wave load promotes the foundation’s instability. The results
show that a particular load angle causes the foundation’s bearing capacity to deteriorate,
putting the suction bucket foundation in jeopardy.

4.4. Sensitivity Analysis of Factor in Number of Cycles

As can be seen from the above comparisons of the results and from the bearing
capacity characteristics with different number of cycles, the horizontal bearing capacity of
a suction bucket foundation initially decreases rapidly as the number of cycles increases.
The horizontal bearing capacity had decreased by more than 95% after 100 cycles. The
weakening of soil strength is related to the attenuation of horizontal bearing capacity after
cyclic loading. The plastic strain will appear after the soil has been subjected to cyclic load.
The accumulation of plastic strain leads to soil strength weakening, and the degree of soil
strength weakening decreases gradually as plastic strain accumulates.

The soil stress at different depths decreases with the increase in the number of cycles
after the suction bucket is subjected to the horizontal cyclic load, and the shallow soil stress
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decreases much more than deep soil. After about 100 cycles, the soil stress at shallow
gradually increases and is basically stable, whereas the soil stress at deep continues to
decrease but the amplitude becomes low. As a result, when a suction bucket is subjected
to cyclic loading, the strength of shallow soil deteriorates rapidly because it serves as the
primary source of horizontal bearing capacity, whereas the strength of deep soil deteriorates
slowly. The strength of deep soil causes attenuation even when the horizontal bearing
capacity is essentially stable.

5. Conclusions

A numerical model of the interaction between the suction bucket and saturated soft
clay was established. The sensitivity of different factors affecting the bearing capacity of
the suction bucket foundation, including length—diameter ratios, soil heterogeneity, angles
between wind and wave loads, and the number of cycles was analyzed. Based on the above
results and discussion, the following conclusions can be drawn:

1. The relationship between the horizontal bearing capacity coefficient and the length-
diameter ratio and the soil unevenness coefficient has been established through numeri-
cal simulation, and the results show that the length—diameter ratio and the unevenness
coefficient are positively correlated to the horizontal bearing capacity coefficient.

2. When the length—diameter ratio of suction bucket is less than 1.0, the influence of
the soil non-uniformity coefficient on the bearing capacity of the suction bucket
foundation is greater than length—diameter ratio.

3. When the length—diameter ratio of the suction bucket is more than 2.0, the influ-
ence of soil non-uniformity coefficient on the bearing capacity of the suction bucket
foundation gradually diminishes.

4. When the angle between wind and wave loads is 15° to 30°, the bearing capacity of
the suction bucket foundation is lower than the bearing capacity when the wind and
wave loads are collinear.

5. The attenuation of soil strength is rapid within 60 cycles. Because the shallow soil
layer is the primary provider of horizontal bearing capacity during the initial cycles,
the rate of strength attenuation in the shallow soil is faster than that in the deep soil
under initial cyclic loads.

6.  The attenuation of soil strength is slow after 100 cycles. Because the strength of
shallow soil is relatively stable after 100 cycles, the reason for the subsequent slow
strength attenuation is that the strength of deep soil decreases.
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Abstract: Most previous studies investigating the use of microbial-induced calcium carbonate precip-
itation (MICP) to reinforce foundations have indicated that the final curing effect can be improved
by changing the nutrient environment parameters during the MICP reaction. However, using such
methods to improve the construction process increases the construction cost and the impact on the
surrounding environment. This study was conducted to determine if we could prepare a bacterial
suspension with high activity in a short period of time by examining the effects of inoculation time,
the concentration of the inoculated bacterial suspension, and shaker speed during expansion to
determine whether sporosarcina pasteurii would vigorously grow. Based on the analysis of the
pattern of activity variations in the bacterial suspension, the most appropriate growth scheme for
preparing high-activity bacterial suspensions when using MICP to strengthen structures in the South
China Sea was proposed. In terms of the results, it was found that the trend of changes in activity and
the peak time of maximum activity in the bacteriophage cultured under low-speed conditions in the
expanded culture tended to be the same. The value of the bacteriophage’s activity was low. During
medium speed culture of the bacterial suspension, urease activity peaked much higher than that of
the other comparison groups, with the medium speed bacterial broth having the highest peak. As a
result of the prolonged shaking incubation time, the effect of prolonged shaking on urease activity in
the bacterial suspension was mainly reflected in the fact that the activity decay cycle of the colony
itself was slowed.

Keywords: South China Sea environment; microbial-induced carbonate precipitation; training
program; urease activity; change rule

1. Introduction

Due to the policy of “One Belt, One Road,” China is paying increasingly more attention
to developing and constructing islands and reefs in the South China Sea. Calcareous sand
is widely distributed in the South China Sea, and its particles are irregular in shape, rich in
micropores, and easily broken, which easily causes uneven settlement of the foundation;
therefore, it should be appropriately treated during its development and construction [1,2].
Despite the maturity of traditional foundation treatment methods (such as vibratory punch-
ing), they do not apply to calcareous sand foundations, and the construction is difficult,
expensive, and not environmentally friendly.

In recent years, MICP technology has emerged as a research hotspot in civil engineer-
ing at home and abroad, and is widely used for sand reinforcement [3-6], restoration of
ancient sites [7-10], and remediation of contaminated soils [11-14]. The advantages of this
type of construction are its ease of construction, low cost, and environmental friendliness.
The main mechanism of reinforcement is as follows: in its metabolism, sporosarcina pas-
teurii produces urease, which hydrolyzes urea in the environment to form carbonate, which
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combines with calcium ions in the environment to create CaCOj crystals that can function
as cement. The main chemical reaction equations can be summarized as follows [15-17].

CO(NH,), + 2H,0 — H,CO3 + 2NH;

H,CO;3 + 2NHj; <» 2NH, + 20H™
H,CO3; — H" + HCO;
HCO; +20H™ +H" + CO3™ + 2H,0
0% +Ca*" > CaCO; |

Researchers Masahiro Fujita et al. [18,19] found that the high pH of the solution af-
fected the growth of bacteria, resulting in a weaker curing effect of MICP. As determined by
Lv et al. [20], calcium carbonate precipitates were strongly influenced by temperature, solu-
tion pH, bacterial suspension concentration, and colloidal solution concentration, with the
size of the resulting calcium carbonate crystals increasing with temperature. Liang et al. [21]
investigated the effect of cement content on the physical and mechanical properties of
reinforced ISO standard sand specimens. Tan et al. [22] demonstrated that binder con-
centrations less than 1 mol/L had a good effect on geotechnical properties. At a cement
content of 0.25 mol/L, the permeability and/or long-term stability of geotechnical soil was
significantly increased, however, it took longer, while at a cement content of 0.5 mol/L, the
calcium carbonate content and unconfined compressive strength of the specimens were
relatively high. Al Thawadi [23] and Lai et al. [24] found that high cement concentrations
delayed or even terminated the MICP process, with the delay effect gradually accounting
for the obvious when cement concentrations exceeded 1 mol/L. Cement concentrations
up to 2.5 mol/L will lead to the termination of the calcium carbonate production process
during MICP. Han et al. [25] investigated the effect of three different calcium salt-urea
nutrient salt solutions on the consolidation of liquefiable sand by MICP and found that
a Ca(CH3COOQO),-urea nutrient salt consolidation was the most effective. Zhao et al. [26]
found that Ca(CH3COQ), was more suitable as a calcium source than CaCl, or Ca(NO3),,
and its pore size distribution was wider after consolidation by the MICP process. The
specimens had a wider range of pore sizes and higher strength. Cheng et al. [27] inves-
tigated the effect of four calcium sources and Ca®* concentrations on the induction of
calcium carbonate precipitation by autonomously screened UPB1 bacteria, with CaCl, as
the calcium source producing the most stable rhomboid-type calcium carbonate with the
highest deposition efficiency at a Ca>* concentration of 0.25 mol/L. In a study by Maleki
Kakelar et al. [28], using different injection steps (reaction time, fixative, and number of
injections), the sand sample strength increased from 0.25 MPa to 1.55 MPa when the calcium
carbonate content increased from 7.7% to 18.9%. Typically, MICP studies are carried out
under nutrient-sufficient conditions. Yusuf Atay Ers an et al. [29] used a special elastomeric
strain to increase the yield of CaCOj precipitation in low-nutrient environments, which
greatly improved the efficiency of nutrient utilization in the environment.

Even though most of the existing studies alter the nutrient environment parameters
of the MICP construction process in order to increase its performance, such alterations
may increase construction costs and have adverse effects on the surrounding environment,
such as imbalances in the proportion of elements in the environment and eutrophication of
the water column. This study investigated the origin of the MICP process (i.e., the ability
of bacteria to hydrolyze urea), developed a highly active bacterial suspension in a short
time by optimizing the culture protocol of sporosarcina pasteurii, and performed variation
pattern analysis to determine the most suitable conditions for preparing an active bacterial
suspension for MICP in the South China Sea. The growth, reproduction, and metabolism of
microorganisms are closely related to external factors and are influenced by environmental
conditions. To reduce the influence of environmental factors on the test results and enhance
the project’s practicality, the test site was chosen in Haikou, China.
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2. Materials and Methods

Before preserving strains may be used for expanded cultures, they must first be
activated and stimulate their bacterial activity. Current preservation methods include
liquid paraffin, sand preservation, vacuum freeze drying, preservation in liquid nitro-
gen, and subculturing [30]. The strains used in this study were maintained primarily
through subculturing.

The test procedure is illustrated in Figure 1. The liquid medium needs to be prepared
first. After sterilization in an autoclave, the prepared medium is cooled on a sterile bench
until it is ready for use. As soon as the preserved culture medium has been taken out
from the refrigerator, it is brought to room temperature on the sterile bench. The room-
temperature medium is inoculated on the aseptic table and the medium sealed to prevent
contamination. After inoculation, the broth is incubated in a constant temperature shaker. It
is important to note that the activity of the strain is tested after incubation, and the activation
process is repeated until the activity of the bacterial suspension is fully stimulated. After
activating the strain, the nutrient solution is added to the liquid medium in a set proportion
for incubation and the temperature and speed of the shaker are set according to the
experimental protocol.

& pH=9 121 °C
MnSO,H,0 10mg -
% | M
NiCl»6H,0 24mg i NaOH Imol/L
L) i
NH,Cl 10g ‘ | | ﬂ%
Yeast Extract Powder 20g w D
—_— — | | —_—
L
= L
[
Configuring the culture medium Adjust pH High temperature sterilization
- Conductivity
=

30°C
D | |
— —

-/

Stationary culture Measuring activity Concussion culture Sterile environment inoculation

Figure 1. Schematic of the experimental procedure.

The strain used in the test was sporosarcina pasteurii, a Gram-positive bacterium pur-
chased from the General Microbial Strain Repository of China. In geotechnical engineering,
this bacterium is the most commonly used and is typically ovoid and approximately 1 mm
to 3 mm in size.

Based on the study by Chu et al. [31-33], the parameters of the media used in this
experiment are listed in Table 1. The solid and liquid media were used in this experiment.
The solid medium is used for the long-term preservation of the strains and the liquid
medium is used for the activation and expansion of the bacteria. In this case, the solid
medium had the same nutrient composition as the liquid medium, differing only in the
inclusion of agar for solidification.

Figure 2 shows the experimental apparatus and the experimental operations used
during the experiment.

Wiffin et al. [34] found a linear relationship between the amount of urea hydrolyzed in
solution and the value of conductivity change so that conductivity values may be used as
an indirect index of urease activity. A bacterial suspension of 2 mL was added to 18 mL of
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urea solution containing a concentration of 1.5 moles per liter, and the mixture was stirred
thoroughly.

Table 1. Composition and proportion of culture medium.

Ingredients Content/L
MnSO4-H,O 10 mg
NiCl,-6H,O 24 mg
NH4Cl 10g
Yeast extract 20g
Agar powder 15 g (for solid media)

Figure 2. Experimental process diagram. (a) Preparation of chemicals to be used; (b) configuration
of liquid medium; (c) sterilization of liquid culture media; (d) dispensation of liquid medium and
cooling to room temperature; (e) inoculation of bacterial suspension; (f) stationary culture; (g) shaking
of culture; (h) detection of urease activity.

The conductivity change values were measured over 5 min using a conductivity meter,
and the actual conductivity change (mS/cm/min) was used to characterize the urease
activity. Where the following equation can express the relationship between the rate of
change in conductivity and urease activity,

U=Cx11.11
uAR:% x 10 x 11.11
quﬁxlo

5
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where U is the amount of urea hydrolyzed (mM); C is the conductivity change value (mS/cm);
U 4R is the actual urea hydrolysis rate (mM urea/min); Cg and C; are the conductivity values
at minute 6 and minute 1, respectively; and U, is the urease activity (mS/cm/min).

Three parallel groups were tested using the gradient method, and the mean value of
the urease activity was used as the standard value to characterize the results. The colonies
were expanded under different experimental conditions, and the level of urease activity
was assessed at the end of the experiment. Experimental conditions included the volume
of inoculation (1%, 2%, 3%), rotational speed (160 rpm, 190 rpm, 220 rpm), and time of
shaking in cultivation (12 h, 24 h, 36 h, 48 h). The effect of bacteria broth prepared for a
period of time (12 h, 24 h, 36 h) was studied at 30 °C. The specific experimental protocols are
summarized in Table 2. This study aimed to assess the most appropriate culture protocols
and recommendations for using highly active bacterial suspensions in the environment of
the South China Sea for future applications.

Table 2. Experimental conditions.

Cultivation Time (h)

. Interval of
Experimental Inoculation Rotational 48 h in Total Temperature Activity
Number Volume (%) Speed (rpm) Shake Culture Stationary 0 Measurement
(h) Culture (h) (h)
A1z 12 36
Ajps 24 24
A136 ! 36 12
A1 48 0
Ap 1o 12 36
Aoy 24 24
Agz6 2 160 36 12 30 12
Agag 48 0
Az 12 36
Az 24 24
As36 > 36 12
Az 48 0
Bi12 12 36
Bioa 24 24
Bi.36 ! 36 12
Bi.ag 48 0
Ba.12 12 36
Boo4 24 24
Bo.36 2 190 36 12 30 12
Bo.ag 48 0
Bs12 12 36
B34 24 24
Bs-36 ’ 36 12
B33 48 0
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Table 2. Cont.

Cultivation Time (h)

A Interval of
Experimental Inoculation Rotational 48 h in Total Temperature Activity
Number Volume (%) Speed (rpm) Shake Culture Stationary (@) Measurement
(h) Culture (h) (h)
A1 12 36
A1y 24 24
A1 ! 36 12
Aqys 48 0
Ar1p 12 36
Agog 24 24
A 2 220 36 " 30 12
Ag8 48 0
Az 12 36
Az oy 24 24
Az 36 3 36 12
Az g 48 0
3. Results

The purpose of this chapter is to discuss the effects of different experimental condi-
tions on the expanded culture of the bacteriophage. The effect of different experimental
environments on bacterial culture activity was investigated using single factor analysis.
The control experiments in the article were set up with three parallel control groups with
the same experimental conditions, and the results of the three experimental groups were
plotted in a line graph. The upper end of the error bar represents the maximum value of
the measured experimental results in the three groups, and the lower end of the error bar is
the minimum value of the experimental results in the three groups, and the average value
of the three experimental results is taken as the characteristic value.

3.1. Test Results
3.1.1. Effect of Inoculum Volume on Urease Activity

As shown in Figure 3, the trend of urease activity U, and the time point of peak activity
were both consistent, the effect of inoculum level on peak activity was not significant, and
the stability of peak activity was better when a 3% inoculum volume was selected. In both
the shaking and static incubations, the peak urease activity was reached after 24 h (up to
0.36 mS/cm/min). In general, the higher the inoculum volume, the faster the decay of
urease activity.

As can be seen in Figure 4, the pattern of variation in urease activity between bacterial
suspensions varied based on the inoculum used. The urease activity was 2% higher than
1% if the culture was shaken only for 12 h. The urease activity decayed rapidly if shaking
was not continued for 12 h. As to this point, the 1% inoculum had slightly less decay,
but the activity would remain stable if left to stand. If the shaking was continued for a
period of 12 h, the activity of the 1% inoculum tended to decrease, whereas in the other two
groups, the opposite is true. With increasing inoculum levels, urease activity changed from
increasing to decreasing after 24 h of shaking if the broth was left to stand. When shaking
was continued, urease activity increased in all groups, and the higher the inoculum level,
the more significant the increase.
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Figure 4. Variation in urease activity with rotational speed of 190 rpm at (a) 12 h; (b) 24 h; (c) 36 h;
(d) 48 h.
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As shown in Figure 5, the activity of different inoculum volumes varies with time
during vacuum incubation at a speed of 220 rpm. As can be observed from Figure 5, the
inoculum volume did not have much influence on the shaking culture when the speed was
220 rpm. During the shaking culture and the 12 h of resting time for each group, urease
activity was always maintained within a certain range and stable. The activity of urease
varied with time and inoculum amount, with the highest activity (0.32 mS/cm/min) at 1%
inoculum after 36 h.
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Figure 5. Variation in urease activity with rotational speed of 220 rpm at (a) 12 h; (b) 24 h; (c) 36 h;
(d) 48 h.

3.1.2. Effect of Rotational Speed on Urease Activity

As shown in Figure 6, the urease activity varies with time when incubated at different
rotational speeds. The urease activity increased with the increase in rotation speed in all
time periods. The activity of the bacteria cultured at high speed (220 rpm) remained stable
after resting, the activity of the bacteria cultured at medium speed (190 rpm) decreased and
then stabilized after resting, and the activity of the bacteria cultured at low speed (160 rpm)
continued to decay slowly after resting. The urease activity of all groups increased to
varying degrees with increasing shaking time after 2 days of incubation. The urease activity
of the medium and high-speed cultures was more stable, and the medium-speed culture
was slightly better, while the urease activity of the low-speed shaking culture began to
decay after reaching its peak at 24 h, and the activity decayed more quickly under rest.

In Figure 7a, the values of urease activity were 190 rpm, 220 rpm, and 160 rpm,
respectively, and in the medium and high-speed shaking cultures, values of urease activity
were closer. Following 36 h or 48 h of shaking the cultures, the values of urease activity
were similar in low and high-speed cultures, but not as good as the medium-speed culture.

78



Sustainability 2022, 14, 9748

0.6 06
—=—160rpm |Inoculation volume: 1 %| —8— 160rpm (Inoculation volume: 1 %
—®—1%0mpm |Shake culture time: 12 h —o—190mom |shae culture ime: 24 h
—&—220rpm —d— 220 rpm
os | (a) 05 &)
= e
Eosl Soaf
E =
- <
Sos| Sasl
- =
£ G :
3 E
S o2 E 2 02 =
g £
= 01l
01}
00 . . . .
0.0 1 I 1 L 12 2 36 48
12 24 36 48 .
Time 'h Time /
0.6

—&— 160rpm \Tnoculation volume:1 %
—— Eﬂfl’m Shake culture ime: 36 h 08
sl —i— 220 rpm (© —8— 160rpm  [Inoculation volume: 1 %)

—#—130mpm  (Shake culture time: 48 h

—a 20rpm @

05+

04 L

Urease activily U, /[(mS/cm/min)
=
[

Urgase activity U, {mS/an/mir)

03
02 )
02
o1t
ol
00 . . . .
12 24 36 48 00 L . L
12 P2 36 48
Time /h Time /h

Figure 6. Urease activity after inoculation with 1% of the bacterial suspension with different shaking
culture times at (a) 12 h; (b) 24 h; (c) 36 h; (d) 48 h.
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Figure 7. Urease activity after inoculation with 2% of the bacterial suspension with different shaking
culture times at (a) 12 h; (b) 24 h; (c) 36 h; (d) 48 h.
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Based on Figures 6-8, it can be concluded that, with the increase in inoculum, the
pattern of change in urease activity of the bacterial bacterial suspension incubated at low
speed was always virtually the same. On the other hand, the activity of the medium to
high-speed shaking culture for 12 h gradually changed from stable to decaying after resting,
and the activity of the shaking 24 h after resting became larger. After 36 h of shaking, the
activity of the medium-speed culture was significantly higher than the activity of the other
two groups in both the shaking period and the resting period, and the inoculum level had
only a minor effect on the urease activity of the high- and low-speed shaking cultures.
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Figure 8. Urease activity after inoculation with 3% of the bacterial suspension with different shaking
culture times at (a) 12 h; (b) 24 h; (¢) 36 h; (d) 48 h.

3.1.3. Effect of Shake Culture Time on Urease Activity

In Figure 9, the urease activity is depicted at different times after inoculation with a
range of bacterial suspension concentrations and after expansion of the culture at multiple
speeds. The urease activity values of all groups increased significantly from 12 to 24 h in
the shaking culture, with a peak value of 0.36 mS/cm/min. After 24 h, the urease activity
of all the bacteria began to decay, and the shorter the shaking culture time, the faster the
decay rate, and the longer the shaking culture time, the higher the final urease activity
value. Even if the culture was shaken for only 12 h and left to rest, the urease activity
decayed continuously, and with the increase in the inoculum, the final urease activity value
decayed to 0.12 mS/cm/min, which is about 1/3 of the peak value. It is recommended to
use it immediately following a peak in urease activity at 24 h.

As shown in Figure 10, urease activity varies with time when incubated at varying
rotational speeds. The urease activity increased with an increase in rotation speed across all
time periods. In terms of bacterial activity, the bacteria cultured at a high speed (220 rpm)
remained active, the bacteria cultured at a medium speed (190 rpm) decreased and then
stabilized, and the bacteria cultured at a low speed (160 rpm) continued to decay. After two
days of incubation, the urease activity of all groups progressively increased with increasing
shaking time. While the urease activity in both medium- and high-speed cultures was
more stable and the medium-speed culture was slightly better, the urease activity in the
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low-speed shaking culture began to decline after reaching its peak at 24 h, and the activity
decayed more quickly under rest.
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Figure 9. Urease activity at different moments of expansion with 160 rpm rotation speed after
inoculation with (a) 1%; (b) 2%; (c) 3% bacterial suspension.
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Figure 10. Urease activity at different moments of expansion with 190 rpm rotation speed after

inoculation with (a) 1%; (b) 2%; (c) 3% bacterial suspension.

The results in Figure 11 show that when incubation was carried out for only 12 h, the
urease activity varied with the inoculum level, with the low inoculum level maintaining
the activity for a longer period. In contrast, the medium and high inoculum levels declined
after 12 h. When shaking time reached 24 h and above, the urease activity values and the
changing pattern were almost similar for all groups at all time periods, and the urease
activity values were always maintained within a certain activity range. When the rotation

speed is high, using a low inoculum level and a short shaking time is recommended.
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Figure 11. Urease activity at different moments of expansion with 220 rpm rotation speed after
inoculation with (a) 1%; (b) 2%; (c) 3% bacterial suspension.

3.2. Discussion of Peak Urease Activity

To replenish the bacterial suspension in time and to avoid prolonging the construction
process, a bubble map of the peak urease activity and the corresponding program parame-
ters can be used to produce a bacterial suspension with the target urease level. By replacing
scattered points with individual bubbles, the bubble map represents three-dimensional
information instead of a scattered point map. As shown in Figure 12, the X axis represents
the volume of inoculum, the Y axis represents time, and the Z axis represents the size of
the bubbles. In addition, the color mapping allows visualization of the peak activity that a
culture of bacteria can achieve under specific conditions.

It was observed that the high-activity-value bubbles were mainly distributed in the
region of inoculum > 2% and shaking incubation time > 36 h. Under the conditions of
suitable inoculum level, the peak urease activity could be greatly increased after 24 h after
continued incubation, while when the inoculum level was too low; the effect after 48 h of
incubation was almost identical to that of 12 h of incubation under optimum conditions.
In this experiment, the urease activity values of the bacterial suspension prepared using
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Scheme B2-36 were the highest at all time points. Table 3 lists the experimental conditions
when the activity of the bacterial solution reached its maximum value.
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Figure 12. Bubble map of urease activity peak.
Table 3. Urease activity peak and scheme.
12h 24h 36 h 48 h
1% 0.38 0.36 0.36 0.42
Number Bi3s Ci36 Bi.24, Bi.as, C1.12, Ci04 Biag
2% 0.42 0.42 0.48 0.52
Number Ba.36 Ba.36 Bo.36 Ba.36
3% 0.42 0.40 0.46 0.50
Number B3.36 B3.36 B3.36 Bs.36, B3.a8

It was found that incubating the bacterial suspension at low rotational speed had a
relatively small effect on the peak of urease activity, and the trend in activity change and
the time point of peak activity tended to be similar. Nonetheless, as the speed of shaking
incubation was increased and the incubation time was extended, there were significant
differences in the peak activity and the pattern of change in the bacterial suspension as a
function of the inoculum level. An inoculum level of 2% was found to be most effective.

The pattern of urease activity change between the two protocols differed as the shaker
speed was varied. Generally, the urease activity levels were low for the medium and high
speeds, whereas the values for the low speed were higher. The peak urease activity of the
medium-speed condition was much higher than that of the other two conditions in the
optimum environment.

The effect of prolonging the shaking time on the urease activity of the broth was
mainly in terms of “slowing down the decay of activities” and “promoting the increase in
activities”. The continued shaking of the bacterial suspension will promote the maintenance
of urease activity if the urease activity of the broth has reached its peak; if the urease activity
of the broth has not reached its peak, extending the shaking time will promote the increase
in urease activity.
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Following 36 h of shaking at the optimal inoculum and speed, the urease activity
values significantly increased both in shaking and standing cultures, and for economic
reasons, the standing culture should be used. At all test time points, the highest levels of
urease activity were measured for the solution prepared in accordance with protocol By.3¢,
which involves inoculation of 2% bacterial suspension under 190 rpm rotation speed and
shaking for 36 h.
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Abstract: Degradation of stiffness will occur in sand under cyclic loading. Organic matter-disseminated
sand (OMDS) is a special sand in the northeast and western coastal region of Hainan Island. Through
the stress-controlled dynamic triaxial test, the natural moisture content, vibration amplitude and
consolidation ratio of OMDS under three types of cyclic loads (sine wave, triangular wave and
rectangular wave) were studied. The results showed that the soil stiffness decreases with the increase
in vibration times. The increase in natural moisture content and vibration amplitude, and the
reduction in the consolidation ratio accelerate the softening of soil stiffness. Furthermore, based on
the test results, an empirical formula was derived to reflect the rule of soil stiffness softening.

Keywords: organic matter-disseminated sand (OMDS); dynamic deformation; stiffness degradation;

softening index

1. Introduction

With the construction of the Hainan free trade port, many structures are to be built in
coastal areas. Organic matter-disseminated sand (OMDS) is a special sand in the northeast
and western coastal region of Hainan Island, shown in Figure la. Figure 1b shows the
scanning electron microscope photos of OMDS. It can be seen that the surface of the OMDS
particles are obviously smoother, and there are fewer pores in the surface, which indicates
that the organic matter has been immersed in pores and adsorbed to the surface of the
sand particles, forming a film that wraps around the sand particles. The influence of
waves, traffic and earthquakes on OMDS’s foundation should be of concern in engineering.
In a wide range of studies, traffic loads could be approximately equivalent to triangular
waves and sine waves, and wave loads could be equivalent to rectangular waves [1]. With
the increase in dynamic cyclic load amplitude, the dynamic strain, porosity and pore
pressure of soil increase, the internal structure of soil is reshaped as well, which induces
the stiffness degradation of soil [2-4]. Under the cyclic load, the cumulative deformation of
soil varies with vibration cycles [5,6], and due to the nonlinearity of soil, the stiffness acts
in a complicated manner [7,8].

The characteristics of the long-term deformation and stiffness softening of soil under
cyclic loading has been researched extensively by various countries’ scholars. Moni-
smith et al. [9] proposed an exponential model for the relationship between the plastic
strain of soft clay and vibration cycles. Introducing dynamic stress and static strength, Li
and Selig [10,11] revised the Monismith function model and established a new function
model. Idriss et al. [12] analyzed the relationship between the degradation index and
vibration cycles, and established a functional relationship to describe the quantitative atten-
uation rule of soil cyclic stiffness. Yao et al. [13] modified the Idriss formula and redefined
the softening index to describe the stiffness degradation of soft clay. Chai et al. [14] and
Parr et al. [15] studied the dynamic characteristics of clay through dynamic triaxial tests,
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and obtained the double logarithmic relationship between dynamic strain and vibration
cycles. Huurman [16] suggested that the stiffness degradation of sand was related to the
cyclic stress ratio and vibration cycles. Yasuhara et al. [17] proposed a modified model
function describing the relationship of the degradation index and vibration cycles based on
the dynamic triaxial test of soil under cyclic loading. Tan et al. [18] analyzed the results of
the cyclic triaxial test and cyclic simple shear test of cohesive soil with different plasticity
indexes. Wang et al. [19] established a functional relationship between the degradation
index and vibration cycles, and obtained the fracture toughness ratio of clay through the
function. Huang et al. [20] introduced the dynamic deviatoric stress parameter into a
functional model describing the relationship of the degradation index and vibration cycles.
Cao et al. [21] established a stiffness degradation function for marine soft soil, and the
relationship of the degradation index and vibration cycles was obtained by the function.
Hong et al. [22] carried out a series of stress-path triaxial tests, with local strain measure-
ments, to achieve path-dependent stiffness degradation curves of medium-dense Toyoura
sand. Iraji et al. [23] modified the nonlinear Pastor-Zienkiewicz—Chan constitutive model
to simulate the stiffness degradation of dense sands at dynamic loading. Mei et al. [24]
analyzed the development laws between the axial permanent strain of coarse-grained soil
and vibration cycles. Liu et al. [25] found that the softening index was exponentially related
to cumulative pore pressure and cumulative strain.

In summary, it can be seen that the stiffness softening of clay, silt and sand under cyclic
loading has been studied, while the dynamic properties of sand with organic matter are
different from those of general sand. There are few reports on its stiffness degradation. In
this study, the degradation laws of skeleton curves on OMDS samples were studied under
three cyclic loadings with various natural moisture contents, consolidation ratios, confining
pressures and vibration amplitudes.

WD18 .0mm 10.0kV x550

Figure 1. OMDS photos: (a) on-site photo; (b) SEM photo.

2. Materials and Methods
2.1. Materials

The OMDS [26] was obtained from a site in Hainan Province, the upper layer soil
to 1.2 m depth was cultivated soil, and the lower layer was OMDS, the sand used in this
experimental study was extracted at depth ranging from 2 m to 5 m by thin-walled tube
sampler. The coefficient of uniformity C, was 2.07, the coefficient of curvature C. was
1.25, the main physical parameters and particle grading curves are shown in Table 1 and
Figure 2, respectively.
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Table 1. Main physical parameters of OMDS.

Organic Natural Moisture Natural Minimum dry Maximum Dry Specific Gravit
Content/% Content/% Density/g-cm—3 Density/g-cm—3 Density/g-cm—3 P y

5.32 12.23 1.617 1.570 1.723 2.62

100

80

60

40

Percentage finer/%

20

10 1 0.1 0.01

Particle diameter/mm

Figure 2. Grading curve of OMDS.

2.2. Sample Preparation

The OMDS samples were first air-dried and then passed through a sieve with opening
size of 5 mm. Fully mixed with water and placed for 24 h, the sieved soil was cast into
cylindrical molds which had 39.1 mm diameter and 80 mm height, as shown in Figure 3.
First, the pumping saturation method was used for saturation, and then the back-pressure
saturation was carried out by the dynamic triaxial instrument, until the sample saturation
reached 95%. Lastly, the fully saturated samples were consolidated under the condition of
isotropic consolidation.

(b)

Figure 3. Compacted OMDS samples: (a) compaction tool; (b) OMDS samples.
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2.3. Scheme of Dynamic Triaxial Test

In this study, the dynamic responses of OMDS under multiple cyclic loading waves
were studied, and the influence of vibration amplitude and vibration cycles was considered

as well; therefore, DDS-70 dynamic triaxial test equipment shown in Figure 4 was adopted.
The DDS-70 system can automatically generate sine waves, triangular waves and rectan-

gular waves with various frequencies, the maximum frequency is 10 Hz. The confining
pressure of the test was 100 kPa. Because the frequency had little influence on the sand
sample [27], the test frequency was set 1.0, and the test process was undrained. The test

scheme is shown in Table 2.

static
control

computer dynamic
control part

E=————————

cyclic loading unit

y

S —

&

J — specimen
LUK
L

— ——

pressure chamber

Figure 4. Schematic drawing of DDS-70.

Table 2. Scheme of dynamic triaxial test.

e TN

date acquisition
and processing

Consolidation Na.t ural Vibrating
Sample . Moisture Wave Form
Ratio o Load/N
Content/%
10% sine, triangular, rectangular 25, 70, 110, 150
1.0 18% sine, triangular, rectangular 25,70,110, 150
24% sine, triangular, rectangular 25,70,110, 150
10% sine, triangular, rectangular 25,70,110, 150
OMDS 1.5 18% sine, triangular, rectangular 25,70,110, 150
24% sine, triangular, rectangular 25,70, 110, 150
10% sine, triangular, rectangular 25,70,110, 150
2.0 18% sine, triangular, rectangular 25,70,110, 150
24% sine, triangular, rectangular 25,70,110, 150
3. Results

3.1. Skeleton Curve

The skeleton curve demonstrates the relationship between the dynamic shear stress
(tq) and the dynamic shear strain (4) [28,29], which could be expressed in terms of the
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dynamic axial stress (4) and the dynamic axial strain (e4), as shown in Equations (1) and
(2) [30,31].
7q = 0.504 1)

Ya =¢€q(1+p) (2)

where T4 is the dynamic shear stress; o4 is the dynamic axial stress; 4 is the dynamic
shear strain; ¢4 is the dynamic axial strain; and y is the Poisson’s ratio. Since the lateral
displacement of the samples were not measured in this study, it was not possible to
experimentally determine the Poisson’s ratio value. Therefore, instead of using 74 and 74,
04 and &4 were used to construct the skeleton curve.

Figure 5 shows the skeleton curves of ODMS samples with varying moisture contents
and consolidation ratios, and under four confining pressure levels when the wave form
was a sine wave. It can be seen that, with the increase in confining pressure, o4 became
larger at an identical 4. Moreover, a lower moisture content and larger consolidation ratio
in general resulted in the increase in ¢4 at an identical e4. The above variation law between
dynamic stress and dynamic strain under various wave forms was basically the same.
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Figure 5. Skeleton curves of OMDS samples under dynamic triaxial test: (a) sine wave, 10% moisture
content, 1.0 consolidation ratio; (b) sine wave, 10% moisture content, 2.0 consolidation ratio; (c) tri-
angular wave, 10% moisture content, 1.0 consolidation ratio; (d) rectangular wave, 10% moisture
content, 1.0 consolidation ratio; (e) sine wave, 18% moisture content, 1.0 consolidation ratio; (f) sine
wave, 18% moisture content, 2.0 consolidation ratio; (g) triangular wave, 18% moisture content,
1.0 consolidation ratio; (h) rectangular wave, 18% moisture content, 1.0 consolidation ratio; (i) sine
wave, 24% moisture content, 1.0 consolidation ratio; (j) sine wave, 24% moisture content, 2.0 consoli-
dation ratio; (k) triangular wave, 24% moisture content, 1.0 consolidation ratio; (1) rectangular wave,
24% moisture content, 1.0 consolidation ratio.

3.2. Characteristics of Stiffness Degradation

Dynamic modulus is an important parameter of soil dynamic characteristics, which
can reflect the stiffness characteristics under dynamic loads. Dynamic elastic modulus, Eg,
is one dynamic modulus, which is defined as the ratio between o4 and ¢4, plotted in Figure 6.
It can be seen that, under conditions of the same moisture content and consolidation ratio,
the various wave forms, E4, became smaller at a given ¢4 when the confining pressure
was reducing.
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S w=10% A 300kPa
4 k=1.0 v 400kPa
=]
E
=
z .
g 34
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0 T T T T T T T T

0.00 0.05 0.10 0.15 0.20

Dynamic axial strain, £,/%
(a)

Figure 6. Cont.
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Figure 6. Variation in E4 and e¢g4 of OMDS samples under dynamic triaxial test: (a) sine wave;
(b) triangular wave; (c) rectangular wave.

The degradation index, é4, can be used to quantify the attenuation of cyclic stiffness [8].
In the stress-controlled dynamic triaxial test, the ratio of the dynamic elastic modulus in
the Nth cycle and the first cycle (i.e., the ratio of En:Eq) is the degradation index 6.

_ En _ oa/(ea)n _ (ea) ®)

By og/(ed);  (ea)n

dq

where (eq)n and (e4)1 are the axial dynamic strain in the Nth and 1st cycle respectively, and
04 is the dynamic axial stress.

3.2.1. Effects of Vibration Amplitude

Figure 7 shows the relationship of the degradation index and vibration cycles under
various vibration amplitudes. It can be seen that the degradation index curve decreased
sharply with the increase in vibration cycles under various cyclic loads, which indicates
that the soil would be destroyed with fewer vibration cycles. Since the 64—N relationship
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is largely independent of the vibration amplitude, there was no critical stress for OMDS
under cyclic loading, which was different from clay.

1.0
; a,=100kPa
1.0
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3 047
1)
w2 [ ]
| |
o2l ® F=T0N
4 [=LI0N v
v F=150N
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Nitimes

Figure 7. Relationship of degradation index and vibration cycles under various vibration amplitude.

3.2.2. Effects of Natural Moisture Content

Figure 8 shows the relationship of the degradation index and vibration cycles under
various natural moisture contents. As observed, with the increase in vibration cycles, the
degradation index curve tended to decrease rapidly in a nonlinear form, the variation
range was smaller when the natural moisture content was smaller and the degradation
degree was not obvious; when the natural moisture content reached 24%, the degradation
index was larger than the other groups. This was consistent with the results reported by
Zhong et al. [32] and was attributed to the fact that with the increase in moisture content,
the water film surrounding the sand particles became thick, and the spacing between the
sand particles increased. As a result, the interaction between the sand particles became
weaker, which made the sand particles prone to dislocation deformation and the stiffness
of OMDS prone to delegation. Figure 8 also shows that the curvatures of the degradation
curves of various natural moisture contents were larger than those of vibration amplitude;
the variation in natural moisture content had much influence on the degradation index.
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Figure 8. Relationship of degradation index and vibration cycles under various natural moisture contents.
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3.2.3. Effects of Consolidation Ratio

Figure 9 shows the relationship of the degradation index and vibration cycles under
various consolidation ratios. As observed, the degradation index curve decreased rapidly
with the increase in vibration cycles. When the consolidation ratio k. = 2.0, the variation
rate of the degradation index curve was smaller than the other groups, which indicates
that the pores’ volume of soil decreased after consolidation, and the pores” water pressure
also decreased in order to prevent the soil from instability or failure under vibration load.
This was consistent with the results reported by Huang et al. [33] and was attributed to
the fact that the larger the consolidation ratio, the greater the axial consolidation pressure,
the higher the compaction degree of OMDS sample, the stronger the ability to resist elastic
deformation, and the slower the stiffness degradation of OMDS. Figure 9 also shows that
the curvature of the degradation index curve with different consolidation ratios was larger
than that with different natural moisture contents, which shows a greater influence of the
consolidation ratio on the degradation index.
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Figure 9. Relationship of degradation index and vibration cycles under various consolidation ratios.

3.2.4. Effects of Wave Form

Figure 10 shows the relationship of the degradation index and vibration cycles under
various wave forms. As observed, the degradation index curves of OMDS showed nonlin-
ear variation with the increase in vibration cycles under three kinds of wave loads. Under
the same vibration cycles, the attenuation degree caused by the rectangular wave load was
significantly greater than that by the sine wave and triangle wave. It was found that the
soil was prone to degrade under the load of the rectangular wave. This was consistent with
the results reported by Cao et al. [21] and was attributed to the fact that the work of the
rectangular wave was much greater than that of the sine wave and triangle wave under the
same vibration frequency, and the energy dissipation of soil was much greater as well.
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Figure 10. Relationship of degradation index and vibration cycles under various wave forms.

4. Degradation Model for OMDS
Based on the analysis of the test results and previous research, the functional relation-
ship between the degradation index and vibration cycles of OMDS was established and is

shown as
6; =1+ mN" 4)

where m and n are test parameters, obtained by regression analysis; N and J4 are the
vibration cycles and degradation index, respectively.

In this paper, Equation (4) was used to calculate the relationship between the degrada-
tion index and vibration cycles of OMDS under various influence factors, and the results
were compared with those of dynamic triaxial test (see Figure 11).
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Figure 11. Fitting of degradation index under different cyclic loading wave forms.
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The fitting results show that the application of Equation (4) can effectively simulate
the softening curves of OMDS under cyclic loads with various amounts of moisture and
wave forms such as the sine wave, triangular wave and rectangular wave, which can meet
the needs of engineering construction (Table 3).

Table 3. Fitting parameters.

Fitting Parameters

Wave Form Moisture Content/%

m n R2

10 —0.01416 0.67934 0.87

Sine wave 18 —0.05232 0.47059 0.90
24 —0.09039 0.38753 0.89

10 —0.00783 1.09822 0.79

Triangular wave 18 —0.00592 1.19321 0.82
24 —0.00447 0.8703 0.85

Rectaneul 10 —0.00837 1.03818 0.79
ecvjnvgu ar 18 ~0.00134 1.02179 0.82
ave 24 —0.00157 1.00179 0.88

5. Discussion

Table 4 compares the degradation models constructed by several researchers, which
were adopted to fit the degradation curve of OMDS with various moisture contents under
sine wave cyclic loading, as shown in Figure 12 and Table 5.

Table 4. Degradation models.

Researcher Degradation Model Reference
Idriss et al. dg =N [12]
Yasuhara et al. 0q =1—dIgN [17]
Yao et al. 54 =10N"-1 [13]
This paper o4 =1+ mN" Present work

7;=100kPa
£=1.0
k=10
w=10%
sin¢ wave

0.8

0.6

0.4 -

i

Softening index, d,

025 s i e N e e

B Experiment Em
curve fitting of this paper

0.0 4 = = -curve fitting of Yasuhara ct al.
- - - - curve fitting of Yao ct al.

1 =-+= curvc fitting of Idriss ct al.
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(a)

Figure 12. Cont.
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Table 5. Fitting effect of models based on the experimental data.

Residual Error Square Sum

Sample Wave Form Moisture Content (%)
Idriss Model Yasuhara Model Yao Model This Paper
10 1.198 1.058 1.279 0.016
OMDS Sine wave 18 1.472 1.239 1.617 0.007
24 1.332 1.267 1.427 0.007

It can be seen that the stiffness degrades obviously in the initial stage of cyclic loading,
and the performances of all four models are consistent. However, the stiffness degradation
index of OMDS still decreases faster with the increase in vibration cycles. Then the degra-
dation model of this paper can better represent this feature of OMDS under cyclic loading.
The other three models show that the degradation index tends to stabilize as the vibration
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cycles increases, which is more suitable for the stiffness degradation characteristic of clay
under cyclic loading.

6. Conclusions

The dynamic triaxial test of OMDS under different loads, consolidation ratios, natural
moisture contents and wave forms was studied and analyzed, and the conclusions could
be drawn as follows:

(1) Under cyclic loading, the soil stiffness decreases with the increase in vibration cycles.
The increase in natural moisture content and vibration amplitude, and the reduction in the
consolidation ratio accelerates the degradation of soil stiffness. The reason is that a higher
moisture content results in the reduction in the interaction force between sand particles
so that sand particles are prone to dislocation deformation; a lower consolidation ratio
results in the decrease in sand compactness so that the ability to resist elastic deformation
becomes weaker.

(2) The degradation index of stiffness decreases rapidly with the increase in vibration
cycles, which indicates that the soil can be destroyed with fewer vibration cycles. The
degradation index curves of the four load amplitudes are close to each other, which
indicates that there is not a critical stress, which is different from cohesive soil. The
variation amplitude of the degradation index curve is smaller when the moisture content
is lower. The curvature of the degradation index curve with the same consolidation ratio
is larger than that with different moisture contents. Among the different wave forms, the
rectangular wave has the most obvious effect on the degradation index of OMDS.

(3) A degradation model for OMDS was established. Based on this model, the degra-
dation index under various natural moisture contents and wave forms was fitted and
analyzed. The degradation model of this paper can better represent the features of OMDS
under cyclic loading.
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Abstract: Large-diameter open-ended pipe piles typically refer to pipe piles with diameters larger
than 0.91 m. These piles, when properly designed and constructed, could provide high load-carrying
capacity against axial loading, uplift, and overturning in the offshore environment. The current
American Association of State Highway and Transportation Officials (AASHTO) specification for
pipe piles is based on the database collected from piles with diameters less than 0.61 m and is,
therefore, insufficient for the design of large-diameter open-ended pipe piles. This paper introduces
an experimental program to investigate the static load-carrying behavior of open-ended pipe piles.
Two types of restriction plates, i.e., one-hole plate and four-hole plate, were designed and installed
inside the pipe to study their influence on the loading bearing behavior. Beside the laboratory-scale
pile experiments, the testing program was augmented with geotechnical centrifuge experiments,
which upscale the dimensions of model piles close to the size used at the field scale. The combined
laboratory and geotechnical centrifuge experiments help to analyze the load-carrying behavior of
pipe piles with different pile diameters, types of restriction plate, and embedment depths. The
experimental results indicate that the formation of a soil plug is crucial to mobilize the bearing
capacity of pipe piles. The restriction plate helps to form the soil plugging, which leads to a higher
end bearing capacity. The selection of types of restriction plate should be determined on a case-by-case
basis with considerations of mechanical performance and pile drivability.

Keywords: large-diameter open-ended pipe pile; restriction plate; driven pile; geotechnical centrifuge
modeling; pile modeling

1. Introduction

Large-diameter Open-Ended Pipe Piles (LDOEPPs) are steel or prestressed concrete
pipe piles with diameters larger than 0.91 m [1]. These piles, when properly constructed,
could provide high load-carrying capacity against axial loading, uplift, and overturning,
even in poor soil conditions [2,3]. The initial uses and experiences with LDOEPPs are ac-
quired in the offshore industry [4,5]. They are becoming attractive in other areas, such as the
transportation engineering, due to savings in construction costs and project schedules [1].
As these piles can be driven into the ground through water, there is no need to build a
cofferdam, as is required for the construction of conventional drilled shafts. A US national
survey on the use of LDOEPPs conducted by the state Department of Transportations
(DOTs) in the US indicated that 44% of state DOTs have had experience with LDOEPPs in
recent years [1]. An example application in California showed the use of large open-ended
pipe piles for a bridge project had reduced the foundation construction time by half and
led to a cost saving of $2.8 million [6].

Despite the advantages in offshore engineering projects, there are also challenges in the
design and construction of this type of piling, due to the limited experience at present. As
a pile is driven into the ground, soil is squeezed inside the pipe and forms an arching effect
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within the soil column, which prevents further soil intrusion, but significantly increases
the inner unit frictional resistance [7]. The bearing capacity and drivability of open-ended
pipe piles depend largely on the degree of soil plugging [8,9]. A fully plugged pipe pile
behaves like a closed-ended pile [10]. Experience also indicates that this type of pile cannot
be treated merely as a scaled-up version of a standard driven pile. Bradshaw et al. [11]
measured the load transfer curves from a static load test performed on a 1.8 m-diameter
pipe pile in silty soils in Rhode Island and reported a smaller loading carrying capacity
compared to conventional piles.

Various experimental studies have been conducted aiming to understand the soil
plug formation mechanism inside LDOEPPs [12-14]. By using photo-elastic materials,
Dijkstra and Broere [15] demonstrated the force transmission and arching effect at the
bottom of a soil plug. Laboratory experiments also indicated that there is a significantly
high load transfer over the bottom of a soil plug, which is about three to four times the pile
diameter [16,17]. Field tests on large-diameter pipe piles have shown that a relatively large
displacement is required to fully mobilize the plug resistance [11]. Numerical methods,
such as the finite element method and discrete element method, were also used to study
the mechanical performance of open-ended pipe piles under axial loads [18-21]. Factors
determining the plugging mechanism include: hammer-pile impact, construction distur-
bance (driven pile or jacked pile), pile diameter, pile length to diameter ratio, mechanical
soil properties, and friction at the soil-pile interface [22-26]. There are also studies focusing
on the potential corrosion of steel materials in long-term service life [27].

Recently, engineers and researchers have proposed various geometric designs, includ-
ing the use of pile sleeves, for LDOEPPs to control the formation of soil plugging inside the
pipe pile. Kumara et al. [28] showed that the installation of a small inner sleeve at the bot-
tom of pipe piles could increase the degree of soil plugging. Kien and Ito [29] implemented
an external spiral wing (700 mm in diameter) at the bottom of a 355 mm-diameter steel pipe
pile to improve the bearing capacity. In this study, the soil plugging mechanism of pipe
piles in cohesionless soils, particularly in relation to the pipe diameter, is presented. Two
innovatively designed restriction plates, i.e., a one-hole plate (Figure 1) and a four-hole
plate, were installed inside the model pipes and compared by conducting laboratory and
geotechnical centrifuge load tests. The results may help to further the understanding of the
load carry behavior of LDOEPPs.

Radial stiffening
plates \ /
Restriction plate |

Circular opcning/

7

= Restriction plate

Q/J Soijﬂxplug I
[ ' I
Qann T‘ 1111 T
: N7
h—r = I ‘ — —
| Photograph of LDOEPP [+ : </ I W

Figure 1. Photograph (left) and schematic (right) of a large-diameter open-ended pipe pile with a
restriction plate designed by the authors.
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2. Current Design Practice

This section summarizes seven commonly used design methods for LDOEPPs to
facilitate a brief understanding of the current design practice. In general, the soil plugging
effect determines the load-carrying behavior of LDOEPPs and, therefore, should be properly
considered in the pile design.

2.1. Soil Plugging Effect in Pipe Pile Design

Most of the design experience of LDOEPPs are accumulated in the offshore industry [2,4,30].
The American Petroleum Institute (API) recommends that the total axial resistance is the
sum of the external shaft friction and the end bearing on the pipe wall annulus plus the
total internal shaft friction (i.e., plug resistance) or the end bearing of the pile, whichever is
the less, as given in Equation (1) [31]:

Qc = Qf,c + min{Qtipr Qann + Qp} 1)

where Q. is the total resistance of an open-ended pipe pile; Qy . is the shaft friction provided
by the outer soil-pile interface; Qy;, is the tip resistance of the whole cross section; Qann is
the resistance of the pipe tip annulus; and Q, is the plug resistance.

As the open-ended pipe pile is driven underground, soils are squeezed into the pipe
and form a soil column inside, called the soil plug. There are frictional contact forces on
the pile—soil plug surface, which mobilize soil particles moving downwards. As these soil
particles inside the soil plug are confined by the pipe wall, the pile driving process squeezes
the soil column to form a densely-packed soil plug, which significantly increases the normal
contact force on the pile-soil plug surface, and, in turn, leads to higher frictional forces.
Under certain conditions, the soil column inside the pipe pile may be fully plugged and
the driving and bearing behavior of an open-ended pipe pile is like that of a close-ended
pipe pile.

In the current design practice, the plugging effect is usually considered in terms of two
factors, pile dimension and soil mechanical strength [32-35]. Some additional parameters
that can be acquired during the pile installation, such as the Incremental Filling Ratio (IFR)
and the Plug Length Ratio (PLR), have been incorporated to describe the degree of soil
plugging [14,36]. The typical definitions of IFR and PLR for LDOEPPs are provided in
Equation (2). When the IFR equals zero as the length of soil plug remains constant under
driving, the pipe pile is considered to be fully plugged and the base resistance is regarded
as equivalent to a closed-ended pile. The API design practice also indicates that the plugged
or unplugged condition needs to be verified, based on static analyses, i.e., a pile can be
driven in an unplugged condition but behaves as plugged under static loads [31].

IFR = AL,/AL, PLR = L,/L 2)

where ALy is the plug length increment; AL is the pile driving increment; L, is the length
of soil plug; and L is the driving length of pipe pile.

2.2. Comparison of Different Design Methods

A literature review was conducted on the state of practice of the design methods for
LDOEPPs [37]. Table 1 compares seven major design criteria of LDOEPPs for offshore and
transportation projects, which include the API design practice [31], the Federal Highway
Administration (FHWA) recommended method [38], the Norwegian Geotechnical Institute
(NGI) method [39], the Finnish National Road Administration (FinnRA) method [40], the
China Ministry of Construction (CMC) code for deep foundations [41], the Imperial College
Pile (ICP) method [42], and the University of Western Australia (UWA) method [43]. These
design criteria can be classified into two groups depending on the different descriptions
of soil plugging: (1) the explicit approach, that considers annulus tip resistance as well as
plug resistance, such as the API design practice, the FHWA method, and the NGI method;
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and (2) the implicit method, that considers equivalent tip resistance, such as the FinnRA
method, the CMC Code, the ICP method, and the UWA method.

For the API, FHWA, and NGI methods, the plug resistance and annulus resistance
are calculated and compared with the tip resistance within the total cross-sectional area of
the pile. The soil plugging state is determined and the smaller value is used as the pile tip
resistance. However, there are major differences in determining the plug resistance, as the
formation mechanism of the soil plug is still unclear. The inner unit shaft friction in the
NGI method is assumed to be three times larger than the outer unit friction considering
soil arching. The API method assumes the inner and outer unit shaft frictions are the same,
while in the FHWA method, the inner unit friction is assumed to be 0.33 to 0.50 of the outer
unit friction, and the annulus unit resistance is also reduced by half [31,38,39].

Table 1. Comparison of different design methods for LDOEPPs.

Method

Pile Tip
Resistance

Basic Principle

Feature

Determinant Factors

API Design Practice [31]

FHWA Method [38]

Inner unit shaft friction

) ) equals outer unit friction Soil property
Soil strength acquired - —
through laboratory or Inner unit shaft fI‘lCthljl is Soil property, pile
Lesser of annulus in-situ test 1/2~1/3 of outer unit . 7
. L .. . diameter, pile shoe
+ plug resistance friction; reduction in unit . )
configuration

and tip resistance

tip resistance

Inner unit shaft friction is

Cone tip resistance,

NGI Method [39] CPT based approach three. times outer unit relative density, etc.
friction in sand
Fully plugged as pile
. ) o length-diameter ratio Soil property, pile
FinnRA Method [40] A plugging coefficient (L/D) > 10 in moraine, length-diameter ratio
to describe degree of and L/D > 15 in sand
China Deen Foundati soil plugging
ina Deep Foundation Fully plugged as L/D>5 Pile length-diameter ratio
Code [41] Eaui .
quivalent tip
resistance CPT data are used to Cone tip resistance, pile
ICP Method [42] classify plugged or diameter, relative density,
CPT based approach unplugged pile driving depth

UWA Method [43]

IFR is used to describe
plugging mode during

Cone tip resistance, pile
diameter, IFR

installation

In the FinnRA and CMC methods, the soil plugging effect is considered implicitly by
implementing a plugging coefficient for the pile tip resistance, as shown in Table 1. The
plugging coefficient is determined by the pile length—diameter ratio (L/D), and a fully
plugged pile has a plugging coefficient of 0.8 [40,41]. From the CMC code, pipe piles with
a length—diameter ratio larger than 5 is assumed to be fully plugged, while in the FinnRA
method, the critical pile length—diameter ratio is 10 in moraine conditions and increases to
15 in sand. These two methods are easy to implement but lack the consideration of complex
soil conditions, e.g., various soil types.

Both the ICP and UWA methods are based on the in-situ Cone Penetration Test (CPT)
results [42,43]. In the ICP method, piles are divided into plugged or unplugged mode
according to the pile diameter and soil condition. The tip resistance is assumed to be
proportional to the cone tip resistance as measured in the CPT test. In the UWA method,
the IFR has been used as a way of correction for tip resistance. However, in-situ large scale
tests provide evidence that the CPT-based method provides a reliable prediction on the skin
friction while the accurate estimation of the end bearing capacity is still challenging [44].
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3. Experimental Program

The load-carrying behavior of pipe piles in cohesionless soils was investigated by
conducting laboratory-scale and geotechnical centrifuge experiments. The experimental
program, that combined different pile configurations, i.e., different pile diameters, types of
restriction plates, and embedment depths, is introduced in this section.

3.1. Laboratory-Scale Pile Static Load Test

As the field-scale pile load tests are time-consuming and inefficient, we started the
tests with small diameter pipe piles in the laboratory to study the bearing behavior of pipe
piles with the customized restriction plate. There is no scaling-up implemented in this part
of work. For the laboratory-scale experiment, a series of tests were conducted on pipe piles
of three different diameters (i.e., 51-mm, 102-mm, and 152-mm in diameter) in combination
with different configurations of the restriction plate (i.e., no restriction plate, restriction
plate with one circular hole, restriction plate with four circular holes), as shown in Figure 2.
The restriction plates were designed to provide additional confinement to the soil plug to
increase the inner frictional force. The area of one of the holes was equivalent to the area of
four holes.

Load cell

Pipe pile
0.45 m

1.05 m| [Restridtion IO.SSL
plate

poil plug

1-Hole restriction plate ~ 4-Hole restriction plate

©0.75m

Figure 2. Setup of laboratory-scale experiment of pipe piles with different restriction plates.

The geometric dimensions of pipe piles tested in the laboratory-scale experiment are
listed in Table 2. The tests were conducted with one case for each scenario. The restriction
plates were cut using a water jet cutter and glued to the specified location with epoxy at a
height of 0.35 m from the bottom. A position of 0.35 m for the restriction plate corresponded
to a further driving depth of 0.10 m after the soil plug reached the restriction plate surface.
It was shown that this was enough to achieve a fully mobilized soil plug without disturbing
the stress concentration at the pile tip. A customized loading system was developed for
the laboratory pipe pile test to provide enough vertical force without loading eccentricity.
The maximum vertical loading capacity of the load cell was 17.8 kN and the maximum
displacement range of the loading piston was 17.8 cm, meeting the experimental needs in
our trial test.

The cylindrical sand box, that had a diameter of 0.75 m and a height of 1.05 m, is
shown in Figure 2. The air-pluviation method was used in preparing the soil samples,
in which sand grains were poured layer by layer through a single pipe with a constant
pouring height of around 30 cm and a steady deposing intensity. After pouring sand into
the sand box, the soil sample was slightly densified by tapping the box walls uniformly
with a rubber hammer to achieve a relative density of 74% and a density of 1.604 g/cm?,
which were the same as used in the centrifuge tests. After each loading test, the soil samples
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were removed and refilled with the same preparing procedure. Before each test, the pipe
piles were driven into the sand manually by dropping a 10 kg hammer from a height of
15 cm to simulate the pile driving, and the final embedment depth was 0.45 m with a
variance less than 1 mm. The thickness of the bottom sand layer below the pile tip was at
least four times that of the pile diameter, and the diameter of the drum was at least five
times that of the pile diameter, which helped to minimize the potential boundary effect [45].
It should be noted that the pile installation would densify the sands around the pile, and
its influence has been neglected for simplicity in this study.

Table 2. Geometric dimensions of model piles for laboratory-scale experiment (restriction plate is
located 35 cm above pile tip, and embedment depth is 45 cm for all piles).

Pile No. Plate Type Inner Diameter, mm  Wall Thickness, mm Diameter of Plate

Holes, mm
1 Pipe 50.78 1.55 N.A.
2 One-hole 50.78 1.55 25.39
3 Four-hole 50.78 1.55 12.70
4 Pipe 99.09 1.49 N.A.
5 One-hole 99.09 1.49 49.55
6 Four-hole 99.09 1.49 24.77
7 Pipe 148.76 2.01 N.A.
8 One-hole 148.76 2.01 74.38
9 Four-hole 148.76 2.01 37.19

A stepwise loading sequence was applied on top of the pile to mobilize the ultimate
resistance of pipe piles [46]. The increment of loading levels was calculated by estimating
the failure resistance (at movement exceeds 15% of pile diameter) divided by fifteen loading
levels. Once prepared, the vertical loading force was applied to the pipe pile to drive it
into the sand box with a constant velocity of 1.0 mm/s until reaching the preset force
value. The loading frame had a maximum limit of 25,000 N for the axial loading force
with considerations of possible buckling. From trial tests, the model piles achieved the
full displacement in dry sand quickly, in less than two minutes (around 100 mm cap
displacement). To ensure reaching the steady state, each loading level was maintained for
5 min after reaching the preset force value.

For LDOEPPs, a relatively large cap displacement is required to fully mobilize the
pile’s base resistance. The conventional Davisson offset method may underestimate the
base resistance, especially for piles with diameters larger than 0.6 m. For this reason,
some agencies (e.g., Florida DOT) use a modified Davisson offset method to determine
the ultimate bearing capacity of piles that are 0.6 m or larger [1]. The displacement at the
strength limit is defined as the offset of D/30 plus the elastic deformation of piles, where
D is the pile diameter, see Equation (3). This modified Davisson’s method was used to
calculate the bearing capacity of the pipe piles. However, it should be noted that agencies
may choose more conservative methods in the pipe pile design.

Sg=PL/AE+ D/30 (©)]

where S f is the maximum allowable pile displacement, in m; P is the axial load, in N; L is
the pile length, in m; A is the cross-section area of the pile, in m?; E is the elastic modulus of
the steel pipe, in Pa, using a value of 200 GPa in this study; and D is the pile diameter, in m.

3.2. Centrifuge Pile Static Load Test

The geotechnical centrifuge experiment was conducted to scale up the pile dimensions
to approximate field sizes. The centrifuge experiment tests small-scale models under
high gravitational levels to simulate the stress state of field conditions [47]. By using the
centrifuge, the dimensions of the prototype models (e.g., pile diameter and pile length)
were scaled up by the applied gravity acceleration, according to established scaling laws,

107



Sustainability 2022, 14, 12223

as shown in Table 3 [48]. For example, a 1 cm-diameter model pile tested under a gravity
of 100 g represents the behavior of a 1 m-diameter prototype pile under gravity of 1 g.

Table 3. Scale factors for geotechnical centrifuge modeling.

Quantity Symbol Units Scale Factor
Length L L 1/N
Volume \Y L 1/N°3
Mass M M 1/N°3
Gravity g L/T? N
Time T T 1/N
Force F ML/ T? 1/N?
Moduli E M/LT? 1
Strength S M/LT? 1

The geotechnical centrifuge at Case Western Reserve University (CWRU) was used for
this study. The centrifuge payload capacity was a 20 g-ton with a maximum acceleration of
200 g for static tests and 100 g for dynamic tests. The internal dimensions of the specimen
box were 53.3 cm (length) by 24.1 cm (width) by 17.7 cm (height). Similar to the laboratory
experiments, pipe piles with different diameters, in combination with different types of
restriction plates, were tested for their bearing performance. Pipe pile models were made
of steel and the restriction plates were made from 3D printed polylactic acid to achieve the
most accurate dimensions. The design of the restriction plates were the same as that shown
in Figure 2.

The model setup of the geotechnical centrifuge experiment is shown in Figure 3. The
customized loading system consisted of an actuator, a load cell, and a linear variable
differential transformer. The maximum range of the load cell was 1330 N. Nine model
pipe piles were tested under different centrifugal accelerations of 1 g, 10 g, 30 g, and
50 g, respectively. The 1 g test was conducted in the soil container without spinning. The
geometric dimensions of the model piles are provided in Table 4. The inner diameters of
these piles were 19.0 mm, 25.4 mm, and 38.4 mm. The embedment depth of the model pile
was 8 cm. As the model piles were scaled up by different factors, the embedment depth
of prototypes would be different. The wall thickness influenced the soil squeezing inside
the pipe. In this study, we assumed the influence of wall thickness on soil plugging was
negligible as it is generally much smaller compared to the pile inner diameter. For each of
the pile diameters, a one-hole or four-hole restriction plate was included for comparison
with the open-ended pipe pile. The restriction plates were installed 4.0 cm up from the pile
tip. Due to the limitation of the soil container in height, the embedded depth of the pile
was set at 8.0 cm in this study so that the restriction plate was engaged with soil with a
significant driving distance of 4.0 cm before the load test.

The air-pluviation method was used in soil sample preparation. The pipe pile model
was installed by hammer driving to simulate the installation in field conditions. The
installation was conducted under a 1 g environment. Before the loading process, the
specimen box was spinning to the target acceleration to reach the balance under gravity.
Similar to the 1 g laboratory-scale test, a stepwise load was applied on top of the model
piles under target centrifugal accelerations. There are studies showing the installation
method may lead to different pile bearing behaviors in the centrifuge modeling [49]. Li
et al. [50] compared the traditional pile installation at 1 g with the in-flight installation at
50 g, and concluded that the in-flight pile installation leads to a denser neighboring soil
and a higher bearing capacity. In this paper, the potential influence of the pile installation
method and the changing soil relative density were not considered. To achieve the ultimate
bearing capacity in a short time period, there were six loading stages and four unloading
stages implemented during the centrifuge test. The magnitude of each loading stage was
determined by a trial test. The loading force was applied through the actuator with a
self-defined servo mechanism, and usually it took less than 15 s to achieve the target force.
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The cap displacement and load force were recorded in real time during the test, and the
steady state was determined case-by-case based on the cap displacement. Each loading
state was held for around 45 s to ensure the pile reached the steady state.

Centrifuge
Acmamasm e,

LVDT
Actuator

Load cell

0o IS.O cm
17.7jcm

Restriction plate

24.1 ¢cm

Figure 3. CWRU 20 ton-g geotechnical centrifuge machine and test setup (LVDT: linear variable
differential transformer).

Table 4. Geometric dimensions of model piles for centrifuge experiment (restriction plate is located
4 cm above pile tip, and embedment depth is 8 cm for all piles; all the piles were tested under 1 g,
10 g, 30 g, and 50 g).

Pile No. Plate Type Inner Diameter, mm  Wall Thickness, mm Diameter of Plate

Holes, mm
10 Pipe 19.0 0.9 N.A.
11 One-hole 19.0 0.9 9.50
12 Four-hole 19.0 0.9 4.75
13 Pipe 25.4 0.9 N.A.
14 One-hole 25.4 0.9 12.70
15 Four-hole 25.4 0.9 6.35
16 Pipe 38.4 0.9 N.A.
17 One-hole 38.4 0.9 19.20
18 Four-hole 38.4 0.9 9.60

3.3. Soil Properties

The soil used in the testing program was silica sand provided by Oglebay Norton
Industrial Sand Inc., a commercial supplier in north Ohio. The maximum and minimum
bulk densities were 1.67 g/cm3 and 1.43 g/cm?, respectively. The mean particle diameter
was 0.20 mm from the sieve analysis, with a uniformity coefficient of 2.10 and a coefficient
of gradation of 1.22. The sand was classified as poorly graded sand (SP), based on the
unified soil classification system [51]. The ratio of pile inner diameter on the sand’s Dy
was 68 for the 19.0 mm-diameter model pile. A direct shear test was conducted to measure
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Soil plug length, cm

the internal friction angle of sand specimens under dry conditions, and the normal stress
ranged from 50 kPa to 200 kPa. With a relative density of 75% prepared in the direct shear
test, which was similar to the sand sample used for the pile load test, the deduced internal
friction angle was 31.6 .

4. Experimental Results

The testing results of the laboratory and centrifuge pile loading experiments are
presented in this section. The ultimate bearing resistance of pipe piles with different pile
diameters and types of restriction plates was compared.

4.1. Ultimate Resistance from Laboratory-Scale Experiment

The length of soil plug was recorded before and after the pile load test by measuring
the surface height of soils inside the pipe pile, and the results are shown in Figure 4. In
general, a shorter soil plug, as in Figure 4a, indicated a more compacted soil column after
pile installation. If there was no plugging, the soil plug length should equal the penetration
depth, i.e., 45 cm. If the pipe pile was fully plugged, the soil plug length should be much
lower than 45 cm, as was the case for all the 51-mm piles and 102-mm piles with restriction
plates. During the pile installation, it was observed that the restriction plate was effective in
facilitating the soil plugging, especially for 51-mm and 102-mm piles. For the 152-mm piles,
the length of soil plug was similar with or without the restriction plate. Figure 4b plots the
measured soil plug length after the load test. As the piles were driven downward, the soil
plug length was expected to increase, except for the fully plugged condition, in which it
would remain the same. By comparing the plug length increment before and after the pile
load test, one can see that all the 51-mm piles were in a fully plugged condition, while only
the 102-mm piles with restriction plates were fully plugged, which was consistent with our
discussion from Figure 4a. For the 152-mm piles, the soil plug length increased for pipe
pile and the pile with 1-hole plate, indicating an unplugged condition.

I P%pe pi_le o I Pipe pile
Pipe with 1-hole plate g 57 Pipe with 1-hole plate
| Pipe with 4-hole plate o i Pipe with 4-hole plate
Embedmentdepth: 43¢ 442441443 §D 45 Embedment depth: 44,6
e 5 45 cm [y
39.8 o |
%ﬂ 40 L 398 _—
i f 36.436.5
,,,,,,,,,,,,,,,,,,,,,, 5 B
@ 35 Locatiot 5 cip
‘ ‘ 30 : : : ‘
102 mm 152 mm 51 mm 102 mm 152 mm
Diameter of pile Diameter of pile
(a) (b)

Figure 4. Measured soil plug length from experiments: (a) before load test; and (b) after load test.

The load-displacement curves of different-sized piles are provided in Figure 5. The
modified Davisson’s offset [1] was plotted as well, based on Equation (3). The intersect
between the load—displacement curve and the offset line determines the ultimate bearing
capacity of pipe piles. As the elastic deformation of model piles was small, the Davisson’s
offset approximates a horizontal line in Figure 5. Each loading curve represented one testing
case under that scenario. For the 51-mm piles shown in Figure 5a, all these piles were
fully plugged, and the bearing capacities were similar. The effectiveness of restriction plate
was more obvious for the 102-mm and 152-mm piles. With the installation of restriction
plates, the ultimate bearing capacities of 102-mm piles increased from 2.9 kN to 4.2 kN
(or by 45%) with the one-hole restriction plate, and to 6.5 kN (or by 124%) with the four-
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hole restriction plate. Similar observations existed for the 152-mm piles, as shown in
Figure 5c. With the installation of the restriction plate, the soil plug was confined vertically,
leading to an increase in inner frictional force on the pile-soil plug surface. The four-hole
restriction plate provided better confinement than the one-hole restriction plate. In general,
the use of a restriction plate significantly improved the load bearing capacity, and the
four-hole restriction plate was more effective than the one-hole restriction plate with the
same opening plate area.
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Figure 5. Load-displacement curves of pipe piles in laboratory load tests: (a) 51-mm diameter piles;
(b) 102-mm diameter piles; and (c¢) 152-mm diameter piles.
4.2. Ultimate Resistance from Scaled Centrifuge Experiment
The soil plug length was been recorded in the centrifuge experiment, as the manual
installation of small model piles might introduce variances, which could be large by scaling
up the pile dimensions. Figure 6 plots three examples of load—displacement curves of
different-sized model piles under 50 g. The axial load was scaled by a factor of 2500, while
the cap displacement was scaled by a factor of 50 following Table 3. The modified Davis-
son’s offset was also plotted in these figures, following Equation (3), in which it consists
of an offset based on pile diameter and an offset for elastic deformation. The inclination
was relatively small due to the small elastic deformations of these piles. Compared to the
laboratory-scale experiments, there were similar observations in terms of the ultimate bear-
ing capacity of the pipe piles. The use of a restriction plate confined the vertical motion of
the soil plug which led to a higher ultimate bearing capacity, and the piles with a four-hole
restriction plate had the best load carrying performance.
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Figure 6. Examples of load—displacement curves of pipe piles in centrifuge experiments under 50 g:
(a) 19.0 mm-diameter model piles (0.95 m-diameter prototype); (b) 25.4 mm-diameter model piles
(1.27 m-diameter prototype); and (c) 38.4 mm-diameter model piles (1.92 m-diameter prototype).

The ultimate bearing capacities of prototype piles (after applying the scaling law)
under different centrifugal accelerations (i.e., 1 g, 10 g, 30 g, and 50 g) are listed in
Appendix A. The laboratory-scale and centrifuge experiments contain data that repre-
sent the load-carrying behaviors of pipe piles of different pile diameters, types of restriction
plates, and embedment depths. The location of restriction plate was also different for
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different prototype piles. In the design practice, the location of restriction plate was mainly
determined by the soil conditions, e.g., in northern Ohio, the restriction plate was placed
one meter below the bearing dense sand layer. In these experiments, the location of the
restriction plate was designed below the embedment depth with a sufficiently long mobi-
lizing distance during the pile driving. As the soil plug was fully mobilized after driven
and soil plug confinement was more obvious at the bottom pile, well below the restriction
plate, the degree of soil plugging was similar for piles with different restriction plate loca-
tions. Considering this, these experimental data were compiled in Appendix A without
considering the difference in restriction plate locations.

It was also noted that the measured ultimate bearing capacity was slightly lower
than the data reported by other researchers. The primary reason was the different relative
density of the sand samples. The sand samples prepared through the air-pluviation method
tended to form a loose packing state, while the ultimate bearing capacity of the pipe pile
was quite sensitive to the relative density. Besides, the embedment depth also influenced
the skin friction and the tip resistance.

5. Further Discussions

In this section, the experimental data from the laboratory-scale and centrifuge ex-
periments are synthetized and analyzed by comparing the normalized bearing capacity
and equivalent tip resistance over different pile diameters. A soil plug coefficient, which
describes the degree of soil plugging inside the pipe pile, is also proposed.

5.1. Normalized Bearing Capacity

To compare the bearing capacity of pipe piles of different diameters, a simplified
normalization process was used by dividing the bearing capacity by the cross-section
area (to determine unit bearing capacity) and the vertical earth pressure at the pile tip (to
account for confinement effects by the embedment depth), as given in Equation (4). Figure 7
plots the normalized unit area bearing capacity versus the pile diameter. A fully plugged
open-ended pile behaved as a close-ended pile with a higher end bearing capacity. As a
result, the normalized unit area bearing capacity was much higher for small diameter piles.
As the pile diameter increased, the bearing capacity was provided by the inner frictional
force and the normalized unit area bearing capacity became stable. The figure also shows
that large-diameter pipe piles with a restriction plate generally had a high normalized unit
area bearing capacity, particularly for pipe piles with four-hole restriction plates.

Junorm = Qu/(APgH> (4)

where g, n0rm is the normalized unit area ultimate bearing capacity of the pile; Q, is the
ultimate bearing capacity derived from the modified Davisson’s criteria; A is the cross-
section area of the pile; p is soil bulk density; g is the gravitational acceleration; and H is
the embedment depth of the pile.

The variance of normalized bearing capacity over pile diameter is primarily due to
the different bearing mechanisms of pipe piles. For a small diameter pipe pile, it is easier
to form a fully plugged condition after driven. As it behaves as a close-ended pile, the
normalized bearing capacity is generally higher. As the diameter increases, the bearing
capacity is provided by the frictional force on the inner pile surface, which is smaller than
the direct bearing resistance of soils at the pile toe. As a result, the normalized bearing
capacity decreases over pile diameter.
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Figure 7. Normalized bearing capacity of prototype piles over pile diameter.

5.2. Equivalent Tip Resistance

The above normalization does not separate shaft resistance from the ultimate bearing
capacity. Therefore, the concept of equivalent tip resistance in the FinnRA [40] and CMC [41]
methods was adopted to better quantify the load-carrying performance of pipe piles over
different pile diameters. The equivalent tip resistance was calculated by subtracting the
external shaft resistance from the total bearing capacity. As the ratio of pile embedment
depth to pile diameter is smaller than 10.0, a triangular earth pressure distribution is
assumed to estimate the external shaft resistance, as given in Equation (5) [52]. The
frictional angle on soil-steel interface was 18.1° as measured from the direct shear test,
in which the bottom shearing box was replaced with a steel plate with similar surface
roughness as the pipe pile, and the top shearing chamber was filled with sand.

fs = tand-kspgH 5)

where f; is the unit frictional resistance of the external shaft; J is the frictional angle of
soil-pile interface; and k; is the coefficient of lateral earth pressure.

The sorted data on equivalent tip resistance over pile diameter are visualized in
Figure 8. With the installation of a restriction plate, a remarkable improvement in end
bearing capacity was obtained. The average increment in equivalent tip resistance for
pipe piles with one-hole restriction plates was 91% compared to the same-sized pipes, and
increases to 155% for pipe piles with four-hole restriction plates, as also see Appendix A.
Figure 9 plots the equivalent tip resistance of pipe piles versus the pile diameter. The pile
piles with diameters smaller than 0.15 m were not incorporated as they are not commonly
used in engineering practice. The Terzaghi’s theoretical bearing capacity was also plotted
for comparison, see Equation (6) for details:

qu = 0.508DSy Ny + pg HNg (6)

where g, is the theoretical ultimate bearing resistance; D is the pile diameter; N, and N,
are Terzaghi’s bearing capacity factors, and were 20.7 and 33.0 from Meyerhof’s recommen-
dation; S, is the shape correction factor; H is the embedment depth of model piles.
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Figure 8. Histogram of equivalent end bearing capacity of different prototype piles.
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Figure 9. Equivalent end bearing capacity of prototype piles over different pile diameters.

For pipe piles of a given diameter, Terzaghi’s bearing capacity theory estimates a
linear relationship between the theoretical bearing resistance and the embedment depth
(see Equation (6)). Figure 10 compares the equivalent tip resistance of different model
piles over different embedment depths. For piles with a small embedment depth, the
contribution on tip resistance mainly came from the first term in Equation (6), which
is determined by pile diameter. As the embedment depth increased, the second term
(determined by embedment depth) dominated the tip resistance, and the variance of
equivalent tip resistance for large embedment depth piles, in Figure 10, became small. It
was also observed that the equivalent tip resistance did not follow a linear relationship
with the diameter or the embedment depth, as the resistance of the LDOEPPs was provided
by the inner pipe friction rather than the tip bearing assumed by Terzaghi’s theory.
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Figure 10. Equivalent end bearing capacity of prototype piles over different embedment depths.
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5.3. Soil Plug Coefficient

The end bearing capacity of open-ended pipe piles depends highly on the degree of
soil plugging. A fully plugged pipe pile has similar behavior to a close-ended pipe pile, and
the bearing capacity can be estimated by Terzaghi’s theoretical bearing resistance. As the
pile diameter increases, the equivalent end bearing capacity decreases and there are relative
motions between the pile and soil plug. The degree of soil plugging can be described by
a defined soil plug coefficient, which equals the equivalent tip resistance divided by the
theoretical ultimate bearing resistance, as is given in Equation (7). Values of the soil plug
coefficient range from zero to one, and a fully plugged pipe pile corresponds to a value
of one. The calculated soil plug coefficient of the model piles is listed in Appendix A. For
LDOEPPs driven in dense sands, the pile diameter is one of the most important determining
factors on the pile’s plugging state. Figure 11 plots the calculated soil plug coefficients over
pile diameters ranging from 0.15 m to 1.92 m. It is shown that the soil plug coefficient for
small-diameter piles might exceed 1.0, indicating a much higher end bearing resistance
than the theoretical calculation. A possible explanation was that the fully plugged pipe
pile behaved as a closed-ended pile. As the pile was driven downwards for a significant
distance, soils around the pile tip were densified, which introduced additional resistance
on the pile tip.

&= o tip/ Gu %

where « is the soil plug coefficient; q;ltip is the equivalent tip resistance; and g, is the
theoretical ultimate bearing resistance.

The critical diameter for pipe piles is defined as the pile diameter corresponding to
a soil plug coefficient of one. Below the critical pile diameter, the pipe pile is regarded
as fully plugged. The critical pile diameter of pipe piles without restriction plates was
0.08 m, and increased to 0.30 m for pipe piles with one-hole restriction plates and 0.70 m
for pipe piles with four-hole restriction plates. Equations (8)-(10) give the power law
regressions between soil plug coefficient and pipe pile diameter, taking into consideration
the critical pile diameter. With these equations, the equivalent tip resistance of LDOEPPs
with different restriction plates driven in sand could be estimated, and the total bearing
capacity of the pile equaled the equivalent tip resistance plus the shaft resistance. It should
be noted that the regressed soil plug coefficient showed a high variance due to limitations
in experimental setups, and each test was conducted once without a parallel case. The
primary goal of the soil plug coefficient model is to provide a simplified approach for
bearing capacity estimation; however, due to limitations of this study, the usage should be
determined on a case-by-case basis.

For open-ended pipe piles:

o =0.3276D7946 D > 0.08 m ®)
a«=1.0, D <0.08m

For open-ended pipe piles with one-hole restriction plates:

a = 0.6693D9342 D > 030 m ©)
a=10,D<030m

For open-ended pipe piles with four-hole restriction plates:

a=0.8688D79424 D > 0.70 m

a«a=10,D<070m (10)
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Figure 11. Calculated soil plug coefficient of prototype piles over pile diameters with and without a
restriction plate.

5.4. Limitations of Current Research

While this study covered a wide range of pile configurations in cohesionless soils
with/without restriction plate, there were a few simplifications adopted, considering
the complexity of this problem. In the geotechnical centrifuge experiment, the potential
influence of particle size and relative density was generally ignored in scaling up the model
piles. With the implementation of restriction plates, soil particles are confined in the vertical
motion, which means soil arching forms easily, as is shown in Figure 12. Current experience
indicates that the arching effect is also determined by soil grain size and relative density.
Further study is needed to improve the current understanding. A comparison between the
geotechnical centrifuge test and full-scale experiment may also be helpful in clarifying this.
Due to equipment limitations, the embedment depths of prototype piles were within 5.0 m.
Here we assumed the bearing mechanism of restriction plates was similar over different
embedment depths as the soil plug was fully mobilized. The proposed soil plug coefficient
simplified the estimation of pile end bearing capacity. However, due to the complexity of
soil plug formation and the limitations of this study, there is still room for improvement, as
can be seen from the high variance shown in Figure 11.

! !

Restriction

plate

Arching
surface

Pipe pile

Pipe pile with one-hole plate  Pipe pile with four-hole plate

Figure 12. Force transmission and formation of soil arching inside soil plug.
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6. Conclusions

In this paper, the current design practice for LDOEPPs was reviewed by comparing a
few design methods used by different international associations. An experimental program,
including laboratory-scale and geotechnical centrifuge pile load tests, was conducted to
study the load-carrying behavior of pipe piles covering a wide range of pile diameters and
embedment depths. The results were used to analyze the influence of soil plugging and the
bearing behavior of LDOEPPs. Two innovatively designed restriction plates, i.e., a one-hole
plate and a four-hole plate, were implemented inside the pipe piles and their effectiveness
in facilitating the soil arching discussed. With certain simplifications and assumptions for
the soil plug coefficient, a new method was proposed for a quick estimation of the bearing
capacity of LDOEPPs with different restriction plates.

By comparing the normalized bearing capacity of pipe piles with different pile di-
ameters, it was shown that small-diameter pipe piles tend to form a high degree of soil
plugging, compared to large-diameter pipe piles. By using a restriction plate, the soil plug
can be forced to form inside the pipe pile, which was proven by the laboratory-scale and
centrifuge models. A four-hole restriction plate mobilizes more end bearing resistance than
a one-hole restriction plate with the same plate opening area. While a higher end bearing
capacity may cause drivability issues in the pile construction, the selection of one-hole and
four-hole plates should be assessed on a case-by-case basis with considerations of mechan-
ical performance and pile drivability. The experimental results were synthetized into a
new method for bearing capacity evaluation by introducing a soil plug coefficient, which
accounted for the effects of the soil plug as well as two different types of restriction plates.
Overall, this study provides some insights into the behaviors of LDOEPPs. The integrated
laboratory and geotechnical centrifuge experiments help to explain the formation of soil
plugging. Due to schedule and resource constraints, the coverage of this study was not
exhaustive. The design recommendations to account for the soil plug effect need to be
further validated with the practice data, and other factors, e.g., pile corrosion, should be
addressed in future study.
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Abstract: Grouting materials require not only high ultra-early-stage strength of the stone body, but
also proper working performances, such as high fluidity and fast setting time, as well as good stability.
Compared with the traditional pure cement grout, geopolymer grouting material has the advantages
of fast setting time, high fluidity, good slurry stability, and high early strength of the slurry stone
body, which is beneficial to reuse solid waste resources and can be applied to the conditions of rapid
construction or repair work to a certain extent. This paper presents an experimental investigation
into the performance variation of geopolymer grouting material with varied mass fractions of raw
materials, and the grouting performance of geopolymer material with optimal mix proportion is also
presented. The study is implemented by employing the designed experimental schemes, focused on
fluidity and setting times, as well as ultra-early-stage (4 h, 8 h, 12 h, 16 h, 20 h, and 24 h) mechanical
strength. The experimental result demonstrates that both ground granulated blast-furnace slag
(GGBS) content and the mass ratio of activator solution to solid have influence on the working
performance of geopolymers, and both GGBS content and activator concentration have influence
on the mechanical strength of geopolymers. Furthermore, the variance analysis demonstrates that
the fluidity of geopolymer material is dominantly affected by the mass ratio of activator solution
to solid, the setting time of geopolymer material is mainly influenced by GGBS content, and the
mechanical strength of geopolymer material is mainly affected by activator concentration. Moreover,
the recommended mix proportion of geopolymer grouting material is proposed in this study, in
which the replacement rate of GGBS is 45%; the modulus and concentration of modified sodium
silicate activator are 1.5 and 75%, respectively; and the mass ratio of activator solution to solid is
1.5. In the recommended mix proportion, the geopolymer material has excellent comprehensive
performance to implement grouting operation, in which the compressive and tensile strengths of
the stone body reach 12.2 MPa and 0.8 MPa in 4 h, and reach 21.2 MPa and 2.1 MPa in 24 h. The
fluidity is 223 mm, the initial setting and final setting times are 50 min and 57 min, the slurry stability
of geopolymer material is good without liquid precipitation, in which the setting time is far less
than 2 h. This work provides the experimental foundations for investigating the performance of
geopolymer grouting material, which is also expected to provide reference for the further application
and promotion of geopolymer materials used for grouting operations in rapid construction or repair
work.

Keywords: geopolymer material; varied mix proportion; working performance; ultra-early-stage
mechanical strength; experimental investigation

1. Introduction

Grouting materials require not only high ultra-early-stage strength of the stone body,
but also proper working performances, such as high fluidity and fast setting time, as
well as good stability [1]. In comparison to conventional cementitious grouting materials,
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geopolymer is an excellent grouting material with obvious advantages of fast hardening and
high early strength, as well as corrosion resistance and high temperature resistance [2—4],
which is beneficial to reuse solid waste resources and can be adopted in infrastructure
construction, such as tunneling work [5-8]. Moreover, geopolymer is a kind of inorganic
cementitious material, developed from raw materials with rich aluminosilicate, as well as
synthesized by the action of an alkali activator, in which the curing reaction of geopolymer
is different from the hydration of portland cement. As mentioned above, the application of
geopolymer material as grouting material also requires high strength slurry stone body
as well as proper working performance, and the factors that affect the performance of
geopolymer material are complex and diverse. Among them, the type of raw materials
adopted in mix proportions is one of the main influencing factors, in which the commonly
used raw materials include metakaolin, fly ash, and blast furnace slag at present, and the
potential pozzolanic activities of different kinds of raw materials are quite different. In
view of previous investigations, the alkali activator and ground granulated blast-furnace
slag (GGBS), as well as metakaolin (MK), are dominant compositions of geopolymer at
present [9-12]. The commonly used metakaolin and blast furnace slag have higher potential
pozzolanic activities than fly ash [13,14], in which the content of Si and Al in metakaolin
is higher as well as conducive to the polymerization reaction [14], and blast furnace slag
contains some calcium ions as well as being conducive to the early strength of stones at
the same time. Moreover, another major factor affecting the performance of geopolymer
is the composition of the alkali activator, in which many alkaline solutions can realize
alkali excitation reaction, whereas NaOH solution and water glass composite solution
are commonly used as the alkali activator in consideration of economic benefits, process
conditions, and actual effects. The existing literature has studied the influence of the
alkali activator on the performance of geopolymer material. The systematical investigation
of the content of sodium hydroxide, sodium silicate, and water in the alkali activator,
influencing the mechanical properties of geopolymer material, has been realized, in which
the mechanical properties of geopolymer material is firstly increased and then decreased
with the increase of alkali equivalent [15,16].

As described above, the mechanical strength and its growth rate as well as the working
performance of setting time and fluidity are the main influencing factors of geopolymer
material used for grouting application. In view of previous literatures, several researchers
have carried out relevant studies from different perspectives on using the advantages
of geopolymer materials for grouting operation in the rapid construction or repairing
work [17-19], which is expected to obtain geopolymer grouting materials with suitable
working performance and high physical strength. The existing research demonstrate that
the factors affecting the mechanical properties of geopolymer material have been studied
to a certain extent, and the application of geopolymer as grouting material has also been
explored accordingly. Especially, the aforementioned mechanical strength and working
performances of geopolymer material are varied with different types of raw materials
in mix proportions [9,20-22], such as the very high activator concentration, which can
easily induce the flash coagulation of geopolymer, and the material performance can
show different trends with the increased amount of activator in the range of different
alkali excitation dosage [23-25]. However, there are relatively few factors affecting the
performance in the current research of geopolymer-based grouting material unfortunately,
and there is no corresponding research on ultra-early-stage mechanical performance of
geopolymer material used for the rapid grouting reinforcement of broken rock mass within
a few hours, at present. Therefore, the performance of geopolymer grouting material with
varied mix proportions has not yet been clearly understood until now, which may lead
to an incomplete performance of geopolymer material in grouting operation, and there is
therefore, an urgent requirement for the further study of the performance of geopolymer
material used for grouting reinforcement.

In this paper, the experimental investigation into the ultra-early-stage mechanical
strength and the working performances of fluidity and setting times in geopolymer material
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is implemented with varied mass fractions of raw materials in mix proportions. The study
focuses on the performance variation of geopolymer materials influenced by varied mass
fractions of raw materials with different mix proportions [26-29], considering the influence
of four factors of ground granulated blast-furnace slag (GGBS). Sodium silicate modulus,
activator concentration, as well as the mass ratio of activator solution to solid in the different
mix proportions [30-32], in which the metakaolin mixed with slag is used as raw material,
sodium hydroxide, and sodium silicate composite solution are used as activators. The
optimum mix proportion of geopolymer with excellent material properties is recommended
and used for grouting operation in the process of rapid construction or repair work, since
high mechanical performance within a few hours and the excellent working performance
of geopolymer grouting material are required in the rapid grouting and reinforcement of
broken rock mass. The study promotes the comprehensiveness of geopolymer performance
and application research, and further explores the performance potential of geopolymers
in the early stage. Additionally, the possibility of using geopolymer as a rapid grouting
material for strengthening broken rock mass with excellent working performance, in
which the slurry fluidity, viscosity, setting time, and water separation rate and other
working properties, as well as ultra-early-stage (4 h, 8 h, 12 h, 16 h, 20 h, and 24 h)
mechanical properties, including compressive strength and tensile strength, are studied
through experimental tests.

2. Experiment Design of Geopolymer Material with Varied Mass Fractions of Raw
Materials in Mix Proportions

The experiment is designed to investigate the performance variation of geopolymer
material influenced by varied mass fractions of raw materials in different mix proportions,
in which the geopolymer is made of dry powders mixed with alkali-activated solution.

2.1. Selected Raw Materials in Geopolymer

Figure 1 demonstrates the typical raw materials selected in the mix proportions,
in which the dry powders are composed of metakaolin (MK) and ground granulated
blast-furnace slag (GGBS). Table 1 shows the ingredients and mass fractions of the used
compositions, GGBS and MK, in which GGBS is S95 level and MK is produced by Hunan
Chaopai Technology Co., Ltd. Figure 2 demonstrates the granularity distribution of cumu-
lative volume content versus particle size in the compositions of GGBS and MK. Moreover,
the alkali-activator is made from the mixed solutions of sodium hydroxide and sodium
silicate, in which the sodium hydroxide solution is produced using water and tablets with
analytical purity, and the sodium silicate solution has 34% concentration with 3.3 molar
ratio of SiO; to NayO.

Figure 1. Typical raw materials selected in geopolymer material.
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Table 1. Ingredients of metakaolin and ground granulated blast-furnace slag.

Mass Fraction of Compositions (%)

SiO, Al,O3 Na,O TiO, K,O MgO Fe, O3 CaO LOI
MK 44.29 37.22 0.62 0.5 0.13 0.14 0.36 0.39 14.98
CaO SiO, AL, O3 MgO SO3 TiO, MnO Fe, O3 K,O
GCBS 36.91 33.98 15.22 9.27 1.81 0.80 0.59 0.62 0.41
lgg —=— GGBS ..'f..‘
80 «— MK o =

60

Cumulative volume content (%)
i
(a2

0.01 0.1 100

Particle size (mm)
Figure 2. Granularity distribution in the compositions of MK and GGBS.

2.2. Design of Experimental Scheme

Table 2 demonstrates the designed schemes of experimental investigation into the
performance of geopolymer material with varied mass fractions of raw materials in mix
proportions, including GGBS content (A), sodium silicate modulus (B), activator concen-
tration (C), as well as the mass ratio of activator solution to solid (D), in which B and C
are molar ratio of SiO; to NayO in sodium silicate solution and the mass ratio of modified
sodium silicate solution to activator solution, respectively. The sodium silicate modulus (B)
can be changed by adding NaOH flakes with analytically pure levels in the solution, and
activator concentration (C) is varied by adjusting water in the mix proportion and keeping
for 12 h thereafter. Moreover, variance analysis is implemented to clarify the experimental
result, in which the variance is the difference between maximum and minimum values
of the statistical data [32]. The three levels of GGBS content (A) are 25%, 35%, and 45%,
respectively; those of sodium silicate modulus (B) are 1.3, 1.4, and 1.5, respectively; those of
activator concentration (C) are 55%, 65%, and 75%, respectively, and those of the mass ratio
of activator solution to solid (D) are 1.4, 1.5, and 1.6, respectively, which are determined
with referencing to previously implemented tests.

Table 2. Designed schemes of experimental investigation.

Factor Compositions

Scheme

A B C D
1 25% 1.3 55% 1.4
2 25% 14 65% 15
3 25% 15 75% 1.6
4 35% 1.3 65% 1.6
5 35% 14 75% 1.4
6 35% 1.5 55% 1.5
7 45% 1.3 75% 1.5
8 45% 14 55% 1.6
9 45% 1.5 65% 1.4
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2.3. Setup and Specimen Characteristics

Figure 3 shows the setup of a truncated circular die and a VICAT instrument, which
were respectively adopted to test the fluidity and setting time of geopolymer material
with varied mass fractions in mix proportion. The setting time of geopolymer material is
recorded by VICAT instrument, and the fluidity of geopolymer material is determined as
the maximum diameter of geopolymer material freely flowing on a glass plane over 30 s,
which is tested by lifting the truncated circular die after fully filling with stirred grout.

 VICAT
istrument

Figure 3. Setup of truncated circular die and VICAT instrument.

Moreover, the compressive and flexural strengths of the stone body are also tested by
a compression tester and a bending tester, in which all the specimens are cured in air condi-
tion with 20 &+ 2 °C temperature. The bleeding rate of the geopolymer is determined using
the measuring cylinder with 1000 mL capacity, in which the mixed batch of geopolymer is
poured into the measuring cylinder with 850 mL volume. The initial height of geopolymer
and height after keeping stationary for 2 h are recorded during the testing process, and the
bleeding rate of geopolymer is accurately calculated by the following equation:

_ho—m

B= 0 M)

where B is the bleeding rate, /iy and /h; are the initial height and height after keeping
stationary for 2 h.

3. Performance Variation of Geopolymer Material with Varied Mix Proportions
3.1. Test Results

In the performance requirements of grouting material for rapid grouting reinforce-
ment of broken rock mass, the early mechanical strength and strength growth rate of
the stone body are the most important indicators. In view of previous studies, some
scholars have conducted relevant research from different perspectives on employing the
advantages of rapid setting and early strength in geopolymer materials used for grout-
ing operations. These were conducted to obtain grouting materials with an appropriate
working performance and a high physical strength of stones, in which the obtained 1d
maximum compressive strength of alkali-activated geopolymer slurry stone body was 5.53
MPa [33]. Table 3 shows the statistical analysis of compression and tensile strengths of
slurry stone body from test results, in which 4 h, 8 h, 12 h, 16 h, 20 h, and 24 h represent
4h,8h,12h,16 h, 20 h, and 24 h; f. and f; are the compression and tensile strengths of
geopolymer material, respectively. It can be seen that the maximum compressive and
tensile strengths of the stone body after the solidification of geopolymer grout are 12.2
MPa and 0.8 MPa after 4 h, and the maximum compressive and tensile strengths are 21.2
MPa and 2.1 MPa after 24 h. As discussed above, the compressive strength of 4h slurry
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stone body obtained from this study can reach 12 MPa, which is obviously larger than
the 1d maximum compressive strength of geopolymer slurry stone body with 5.53 MPa in
the existing literature. Therefore, the mass fractions of raw materials in mix proportions
proposed in this study have certain advantages from the perspective of early mechanical
strength of slurry stone body.

Table 3. Statistical analysis of compression and flexure strengths of stone body from test results.

Seh 4 h (MPa) 8 h (MPa) 12 h (MPa) 16 h (MPa) 20 h (MPa) 24 h (MPa)
cheme
fc ft fc ft fc ft fc ft fC ft fC fi'
1 1.8 0.5 2.4 0.5 1.7 0.6 2.5 0.6 2.3 0.7 22 1.2
2 44 0.2 6.1 0.6 6.1 0.9 7.4 1.3 7.6 1.3 9.6 1.6
3 51 0.8 72 0.9 8.5 1.2 10.8 1.6 12.2 1.8 13.4 2.0
4 42 0.7 53 1.1 6.0 1.2 7.1 1.4 9.3 1.6 10.8 1.7
5 7.6 0.7 9.5 0.9 10.2 1.2 14.2 1.5 16.8 2.0 18.6 2.3
6 1.4 0.3 1.8 0.5 2.1 0.6 22 0.8 3.5 0.9 3.8 1.0
7 12.2 0.8 141 1.2 18.0 1.7 19.5 1.9 20.8 2.0 21.2 2.1
8 0.5 0.5 0.9 0.6 14 0.7 2.0 0.8 3.4 1.2 4.1 1.4
9 6.2 1.1 8.9 1.2 10.1 1.6 11.8 1.6 12.7 1.7 14.1 1.8
Table 4 demonstrates the statistical analysis of slurry performance from test results.
The good fluidity of the fresh grout is a necessary condition for grouting operation, and
the maximum fluidity of the fresh grout is 231 mm. Moreover, the proper setting time
represents the pumpability and timeliness of the slurry, and the proper time interval
between the initial setting time and the final setting time is conducive to the subsequent
construction process at the same time. It can be seen that the initial setting time of the
slurry described in this paper ranges from 35 min to 62 min, the final setting time ranges
from 46 min to 72 min, and the interval between the initial setting time and the final setting
time ranges from 6 min to 15 min.
Table 4. Statistical analysis of slurry performance from test results.
Factor Compositions . Setting Time (min)
Scheme Fluidity (mm)
A B C D Initial Setting Final Setting
1 0.25 1.3 55% 14 201 54 63
2 0.25 14 65% 15 208 56 65
3 0.25 1.5 75% 1.6 215 59 66
4 0.35 1.3 65% 1.6 227 52 60
5 0.35 1.4 75% 1.4 212 48 54
6 0.35 1.5 55% 1.5 221 58 63
7 0.45 1.3 75% 15 223 50 57
8 0.45 1.4 55% 1.6 229 54 61
9 0.45 1.5 65% 1.4 213 46 54

Based on the statistical analysis of the aforementioned mechanical strength and work-
ing performance, the optimal mix proportion of the geopolymer material is determined
by comprehensively considering the significance of each index, in which the replacement
rate of mineral powder is 45%, the modulus and concentration of the modified sodium
silicate activator are 1.5 and 75%, respectively, and the mass ratio of activator solution to
solid is 1.5.

3.2. Working Performance Variation

As one of the main performance indexes of grouting operation during the process
of rapid construction or repairing work, fluidity affects the diffusion ability of geopoly-
mer grouting material and also relates to the difficulty of grouting operation. Figure 4
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demonstrates the fluidity variation of geopolymer influenced by varied mass fractions of
raw materials in mix proportions, in which the influence from varied mass fractions of
GGBS content (A), sodium silicate modulus (B), activator concentration (C), and the mass
ratio of activator solution to solid (D) are studied. It can be clearly seen that all the fluidity
results of the tested geopolymer materials are larger than 200 mm, which are little changed
with the increasing content of sodium silicate modulus (B) and activator concentration (C);
whereas those tend to gradually increase with the increasing mass ratio of activator solution
to solid (D). Moreover, the geopolymer fluidities are increased with the increasing GGBS
content (A), whereas the fluidity increment is reduced thereafter, in which the adsorbability
of composite powder is relatively decreased with the increase of GGBS content (A), the
metakaolin (MK) itself has strong adsorbability, and the free water in the slurry increases
with a certain mass ratio of activator solution to solid (D), and then the fluidity of the slurry
is thus increased.

@ Fluidity with varied A @Fluidity with varied D
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Figure 4. Geopolymer fluidity with varied mass fractions of raw materials in mix proportion.

Grout setting time is a key indicator of grouting operation in the process of rapid
construction or repair work. Setting time that is too short is not conducive to field operation,
which cannot guarantee the slurry diffusion range, since it is easy to cause blockage of
grouting machines and tools. Through analysis of the initial setting time and final setting
time of the slurry, the influence trend of each influencing factor on the setting time of
the slurry is obtained. Figure 5 demonstrates the setting times variation in geopolymer
with varied mass fractions of raw materials in mix proportions, in which the influence
from varied mass fractions of GGBS content (A), sodium silicate modulus (B), activator
concentration (C), and the mass ratio of activator solution to solid (D) are studied. It can
be clearly seen geopolymer has the advantage of a short setting time far less than 2 h, in
which the initial setting time is varied from 35 min to 62 min, and the final setting time is
varied from 46 min to 72 min; the interval of both is ranged from 6 min to 15 min. There are
few changes in both initial and final setting times with the increasing content of sodium
silicate modulus (B) and activator concentration (C), whereas those are decreased with
the increasing GGBS content (A). Especially, both initial and final setting times are first
increased with the increasing mass ratio of activator solution to solid (D), whereas the
time increment is reduced thereafter. This behavior is quite different from ordinary cement
slurry. Moreover, the geopolymer has good stability without liquid precipitation in the
experiment, which is probably due to the short setting time being far less than 2 h, as well
as the water retaining capacity of metakaolin (MK) in geopolymer materials.
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Figure 5. Setting times with varied mass fractions of raw materials in mix proportion.

The mineral powder contains calcium ions, which have a stronger charge attraction
than sodium ions. Therefore, the initial setting time and final setting time of the slurry are
reduced with increasing GGBS content (A). In view of previous literature, the theoretical
reaction model of the geopolymer includes three processes: dissolution, recombination,
and polycondensation [34]. The coagulation time is the performance of the reaction rate to
a certain extent, in which the dissolution, recombination, and polycondensation processes
overlap each other when the activator concentration (C) is low, and the gel is wrapped
around the undissolved aluminosilicate, inhibiting the reaction and resulting in an increase
in the coagulation time. On the contrary, the reaction has an obvious sequence and the
dissolution and polycondensation processes are clearly different when the activator con-
centration (C) is high, in which the reaction rate is also faster and the coagulation time is
reduced [34]. The increase in the mass ratio of activator solution to solid (D) separates the
distance between solid particles, and the spatial flocculation structure can’t be formed in
time, which increases the coagulation time of geopolymer material.

This implies that both sodium silicate modulus (B) and activator concentration (C)
have little effect on the working performance of geopolymer material. However, both
GGBS content (A) and the mass ratio of activator solution to solid (D) have influence on the
working performance of geopolymer material, in which the implemented variance analysis
demonstrates that the fluidity is dominantly affected by the mass ratio of activator solution
to solid (D), and the setting time is mainly influenced by GGBS content (A).

3.3. Mechanical Strength Variation

In the special requirements for rapid grouting reinforcement, the early mechanical
strength of the slurry stone body is one of the most important indexes among all the
performance indexes. Figure 6 demonstrates the compressive and tensile strengths in
geopolymer material with varied mass fractions of raw materials in mix proportions,
in which the influence from varied mass fractions of GGBS content (A), sodium silicate
modulus (B), activator concentration (C), and the mass ratio of activator solution to solid
(D) are studied. It can be clearly seen that there are few changes in the compressive
and tensile strengths with the increasing content of sodium silicate modulus (B) and the
mass ratio of activator solution to solid (D), whereas those are linearly increased with
the increasing GGBS content (A) and activator concentration (C). This implies that both
sodium silicate modulus (B) and the mass ratio of activator solution to solid (D) have little
effect on the mechanical strength of geopolymer. However, both GGBS content (A) and
activator concentration (C) have influence on the mechanical strength of geopolymer, in
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which the implemented variance analysis demonstrates that the mechanical strength is
mainly affected by activator concentration (C) in the mix proportions.
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Figure 6. Mechanical strength with varied mass fractions of raw materials in mix proportion. (a) Com-
pressive strength variation. (b) Tensile strength variation.

4. Performance of Geopolymer Material with Recommended Mix Proportion

In view of the above experimental investigation, the aforementioned Scheme 7 in
Table 2 is recommended as an optimum mix proportion of geopolymer material used for
grouting operation in the process of rapid construction or repair work, in which GGBS
content (A) and activator concentration (C) are 45% and 75%, respectively, sodium silicate
modulus (B) is 1.3, and the mass ratio of activator solution to solid (D) is 1.5.

Figure 7 demonstrates the geopolymer material with recommended mix proportion,
as well as the scanning electron microscope (SEM) image with 10,000 times, in which dense
internal structure can be clearly observed in the geopolymer material with recommended
mix proportion. Table 5 shows the working performance and mechanical strength of
geopolymer with recommended mix proportion, in which the initial and final setting
times are 49 min and 57 min, respectively, and the fluidity is 223 mm. This means the
recommended geopolymer has good fluidity and an appropriate setting time for slurry
diffusion in grouting operations. Moreover, the ultra-early-stage mechanical strength of the
recommended geopolymer adequately satisfies the requirements of grouting reinforcement.

(b)

Figure 7. Recommended geopolymer material and SEM image. (a) Geopolymer material with
recommended mix proportion. (b) SEM image at 10,000 times.
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Table 5. Working performance and mechanical strength of recommended geopolymer material.

Strength (MPa)

Composition Setting Time (min)
Fluidity (mm) Compressive Tensile
A B C D Initial Final 4h 24h 4h 24h
45% 1.3 75% 1.5 223 49 57 12.2 21.2 0.8 2.1

The performance of the slurry stone body left by the grout with good stability can
ensure good homogeneity, and the slurry stability is also one of the key factors to ensure
the effect of grouting operation in the process of rapid construction or repair work, in
which the water separation rate is generally taken account by an index for calibrating the
stability of slurry, and the slurry is considered as stable if the water separation rate is less
than 5% within 2 h. Different from the traditional cement slurry, the setting time of the
geopolymer grouting material in this study is far less than 2 h, in which the metakaolin
in the composition system of the geopolymer grouting material has the characteristics of
strong water retention, as well as being similar to that of kaolin at the same time, and the
recommended geopolymer grouting material thus has good stability in this study.

5. Conclusions

In this paper, the experimental investigation into the performance variation of geopoly-
mer grouting material with varied raw materials is implemented by employing the designed
experimental schemes, in which the applicability, ultra-early-stage working performance,
and mechanical performance of geopolymer material used for grouting operation in the
process of rapid construction or repairing work are studied through tests with varied mix
proportions. Range analysis is adopted to investigate the specific working performance
of the fresh grout and the physical strength of the slurry stone body, as well as the perfor-
mance impact of geopolymer grouting material induced by the substitution rate of ground
granulated blast-furnace slag (GGBS), sodium silicate modulus, activator concentration,
and the mass ratio of activator solution to solid. Moreover, the recommended mix propor-
tion of geopolymer grouting material is proposed, the grouting performance of geopolymer
material with optimal mix proportion is also presented, and the following conclusions can
be drawn.

(1) Both sodium silicate modulus and activator concentration have little effect on the
working performance of geopolymer, whereas both GGBS content and the mass ratio
of activator solution to solid have influence on the working performance of geopoly-
mer, in which the variance analysis demonstrates that the fluidity is dominantly
affected by the mass ratio of activator solution to solid, and the setting time is mainly
influenced by GGBS content.

(2) Both sodium silicate modulus and the mass ratio of activator solution to solid have
little effect on the mechanical strength of geopolymer, whereas both GGBS content
and activator concentration have influence on the mechanical strength of geopolymer,
in which the variance analysis demonstrates that the mechanical strength is mainly
affected by activator concentration.

(3) The geopolymer material with the recommended mix proportion has good fluidity
and appropriate setting time for slurry diffusion in grouting operations and the ultra-
early-stage mechanical strength of the recommended geopolymer material adequately
satisfies the requirement of grouting application, in which a dense internal structure
can be observed in the image obtained by scanning electron microscope (SEM).

(4) Considering the working performance of the fresh grout and the physical strength
of the slurry stone body, the optimal mass fractions of raw materials in mix propor-
tion of geopolymer material used for grouting operation is suggested, in which the
replacement rate of mineral powder is 45%, sodium silicate modulus and activator
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concentration are 1.5 and 75%, respectively, and the mass ratio of activator solution to
solid is 1.5.

(5) Compared with the traditional pure cement grout, the geopolymer grouting material
has obvious advantages in rapid construction or repairing work, as well as green and
environmental protection, mainly manifested in the strong early mechanical strength
of the slurry stone body and excellent working performances of fluidity and setting
time, as well as good stability without liquid precipitation, in which the setting time
is far less than 2 h.

(6) In the recommended mix proportion, the geopolymer material has excellent compre-
hensive performance to implement grouting operation, in which the compressive
and tensile strengths of the stone body reach 12.2 MPa and 0.8 MPa in 4 h, and
those reach 21.2 MPa and 2.1 MPa in 24 h. The fluidity is 223 mm, the initial setting
and final setting times are 50 min and 57 min, respectively, and the slurry stability
of geopolymer material is good. Specifically, the aforementioned 4 h compressive
strength of slurry stone body in the geopolymer grouting material with recommended
mix proportion can reach 12.2 MPa, which has an obvious advantage over existing
geopolymer material.
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Abstract: In harsh offshore environmental conditions, the monopile foundations supporting offshore
wind turbines must be designed for lateral loads such as winds, waves, and currents. The Beam on
Nonlinear Winkler Foundation (BNWF) method has been widely used because of its clear concept and
lower calculation cost. The selection of a reasonable p—y curve is critical to the calculation accuracy of
this method. This paper clarified the defects of widely used API p—y curves for soft clays and then
proposed a new p—y curve with better versatility and applicability. The suitability of the proposed
p-y curve was validated by comparing it with the calculation results from the three-dimensional
finite element method (3D FEM). Compared with the API p—y curve, the proposed p-y curve can
better predict the lateral behavior of large-diameter piles in soft clays, such as the load-displacement
curve of the pile head, lateral deflection profile, and bending moment profile. The research findings
can provide guidance for the design of monopile foundations supporting offshore wind turbines in
soft clays.

Keywords: p—y curve; lateral loading; large-diameter monopile; BNWF method; soft clays

1. Introduction

Natural resources such as coal, petroleum, and natural gas are being consumed at
an alarming rate, hence many countries are actively promoting green and sustainable
new energy technologies. Wind energy is one of the most promising new energies due
to its advantages of cleanness and renewability. In addition, compared with land-based
wind energy, offshore wind energy is attractive for its various advantages including high
speed, low wind shear, low turbulence, and high output. The urgent demand for wind
power is promoting the development of construction technology for offshore wind turbines
(OWTs) [1]. The design of the foundations supporting OWTs is extremely important
because it may account for as much as 30% of the total cost of a typical offshore wind
project [2,3]. Nonetheless, the large diameter monopile foundation remains by far the
most popular foundation type being deployed in more than 75% of the currently installed
OWTs [4,5]. In harsh offshore environmental conditions, pile foundations must be designed
for lateral loads because OWTs are always subjected to such loads caused by winds, waves,
and currents.

The Beam on Nonlinear Winkler Foundation (BNWF) method based on the p—y curve
is widely used to analyze the behavior of laterally loaded piles. McClelland and Focht [6]
first proposed the concept of a p—y curve by comparing the measured curve of lateral
soil resistance versus the pile lateral deflection with the soil stress—strain curve in the
consolidated undrained tests. Matlock [7] proposed a p—y curve model for piles installed
in clay based on limited pile load tests at the Sabine River site, which was adopted by the
API RP 2GEO (American Petroleum Institute (API)) [8] and is widely used in industry. In
the BNWEF approach, the pile is simulated as an elastic beam while the soil is idealized
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as a series of discrete nonlinear springs along the depth of the pile. The nonlinear p—y
springs describe the relationship between the local lateral soil resistance p and the pile
lateral relative displacement y. The BNWF method based on the p—y curve is actually a
simplified method ignoring the soil continuity.

In recent decades, some new p-y curves for soft clay have been proposed to analyze
the lateral behavior of piles. The hyperbolic equation, initially proposed by Kondner [9] and
later identified by Georgiadis et al. [10] as a suitable formulation, is used to define the shape
of the p—y curves. Dewaikar and Patil et al. [11] developed an improved method for the
construction of hyperbolic p—y curves, in which the initial stiffness of the p—y curve is taken
to be increasing with depth. Jeanjean [12] proposed a hyperbolic tangent p—y curve and
verified its rationality using the centrifugal test and finite element simulation results of pile
in clays. Klinkvort and Hededal [13] performed a series of centrifuge tests to investigate
the behavior of a rigid pile loaded with a high eccentricity and presented a reformulation
of the p—y curve. Rathod et al. [14] developed new p—y curves for piles located on crests
of soft clay with different sloping ground surfaces under static lateral loading by carrying
out a series of laboratory model tests. Zhu et al. [15] modified the hyperbolic tangent p—y
curve by introducing an additional constant and verified its rationality using the field
tests of offshore driven piles. Xu et al. [16] found that the hyperbolic method yields larger
prediction errors than the API method and proposed a modified p—y approach based
on field measurements. The p-y curve method has been developed to better simulate
lateral responses based on model tests and numerical simulation results [17-24]. The above
research mainly focus on the p-y curve under lateral monotonic loads.

The pile cyclic lateral response was also analyzed by developing cyclic p—y hysteresis
curves based on the Beam on Nonlinear Winkler Foundation (BNWF) method. In these
models, some pile-soil interaction characteristics are simulated using specific components
such as spring, dashpot, drag cell, and gap cell to capture the dynamic hysteretic behavior
of the soil-pile interface [25-29]. However, the introduction of too many components
usually makes the implementation of the model more complex. In addition to the p-y
method, the three-dimensional finite element method (3D FEM) was also used to analyze
the lateral response of piles even though it requires larger costs of calculation [30-38]. The
3D FEM can better simulate the pile—soil interaction because both the pile and soil are
simulated by continuum elements. Compared with the method, although discrete the
p-V springs do not rigorously capture the soil continuum behavior, the BNWF method
based on the p—y curve has still been widely utilized because of its clear concept and less
calculation cost.

At present, the API p—y curve for soft clay [8], which is most widely used in industry,
is proposed based on the specific field test of small diameter piles. Its applicability to
larger diameter pile foundations, such as large-diameter steel pipe piles for offshore wind
turbines, has been questioned. P—y curves with better applicability urgently needs to be
developed. This research has two main objectives: (a) clarify the defects of widely used
API p-y curve for soft clays and (b) develop a new p-y curve of soft clay with better
applicability for large diameter monopile foundations.

In order to achieve the above research purposes, the BNWF method based on the p-y
curve and three-dimensional finite element method for analyzing the lateral responses of
monopile are developed based on ABAQUS software; then, the accuracy of the proposed
two methods are verified using the field test results of pile in soft clays [7]. Subsequently,
the lateral responses of monopiles with different diameters are simulated employing the
two methods. The defects of the API p—y curve are clarified by comparing the calculated
results obtained by the two methods. Based on the above findings, a new p—y model for
soft clay is proposed and the good applicability of the model to large diameter monopiles
is validated by the above three-dimensional numerical simulation results. The novelty of
this study is that a new p—y model with variable parameters was proposed, which is more
versatile and offers a wider applicability to represent different soft clay and pile diameters.
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Compared with the API p—y curve, the proposed p—y curve can better predict the lateral
behavior of large diameter monopiles in soft clays.

2. Two Methods for Analyzing Lateral Responses of Piles in Soft Clays
2.1. Beam on Nonlinear Winkler Foundation (BNWF) Method

The BNWF model is developed based on ABAQUS software [39] to simulate the
lateral monotonic load tests on teel pipe piles installed in soft clay at a site near the Sabine
River [7]. The test pile had an outer diameter of 0.324 m with a wall thickness of 12.7 mm.
The total length of the pile was 13.1 m with an embedded depth of 12.8 m. The lateral load
was applied at 0.3 m above the ground surface. The average undrained shear strength of
clays s, = 14.4 kPa, effective unit gravity y = 7.85 kN/m?, elastic modulus of pile material
Ep =210 GPa, density p = 1820 kg/m?, and Poisson’s ratio v = 0.33 were all utilized.

The schematic diagram of the BNWF model is shown in Figure 1. The pile is discretized
by 128 two-dimensional beam column elements (B21 element) and the length of each
element L, = 0.5 m. A nonlinear spring element is set at each element node to simulate the
pile-soil interaction. The elastic modulus of the nonlinear spring is set according to the API
p-y curve for soft clay. The spring resistance force F=p - L, - D (D is the outer diameter of
the pile). The continuous variation of the elastic modulus of spring reflects the nonlinear
relationship between the spring resistance force F (or lateral soil resistance) and the spring
displacement y (the pile lateral relative displacement). The API p—y formula and relevant
parameter values for this study are as follows:
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Figure 1. Schematic diagram of BNWF model for laterally loaded pile in soft clays.
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where p is the mobilized lateral resistance (kPa); y is the local pile lateral displacement (m);
Y50 is the pile lateral displacement at half of ultimate soil resistance (m); and ysp = 2.5e50D,
€50 is the strain at one-half the maximum deviator stress in laboratory undrained compres-
sion tests of undisturbed soil samples. €59 = 0.02 in this study. D is the pile diameter and
D =0.324 m. v is effective unit weight of soil (kN/ m3) and v =7.85kN/ m?. pu is the
ultimate resistance (kPa); py, = 3s, + vz + Jsuz/D forz < z, and p, = 9s, forz > z,. s
is the undrained shear strength (kPa) and s, = 14.4 kPa; z is the depth below the original
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Depth (m)
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seafloor (m); ] is the dimensionless empirical constant with values ranging from 0.25 to 0.5
having been determined using field testing, and | = 0.5 in this study:.

Figure 2a,b compare the calculated lateral deflection and bending moment profiles
along the pile and those evaluated from the field measurements for four different pile head
load levels. It can be seen that the calculated responses agree well with the test results
for all load levels despite the slight deviations. One reason for the slight deviation is that
the soil strength is idealized as uniform strength, but it is not uniform in the field test.
Another reason is the limitation of the BNWF method itself, i.e., it ignores the continuity
of soil, which will cause the error of calculation. This good agreement demonstrates that
the developed BNWF model based on ABAQUS software can well predict the increase
in lateral deflection and bending moment profiles with the increasing load level and the
location of the maximum bending moment for different load levels. It also demonstrates
the ability of the developed model to predict the lateral monotonic behavior of the pile in
soft clays.
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Figure 2. Comparison between calculated and measured test results based on the BNWF method.
(a) Lateral deflection profile (b) Bending moment profile.

2.2. Three-Dimensional Finite Element Method (3D FEM)

A three-dimensional finite element model is established by employing the finite
element software ABAQUS to simulate the interaction between soft clay and the pile
foundation considering the specific conditions for Matlock’s filed tests. Exploiting the
symmetries of the geometry and loading conditions, the model simulates only one half of
the system, as shown in Figure 3, to improve the computational efficiency. A sensitivity
study indicates that a model of size 20 D x 50 D (the cross section is a semicircle and D is the
pile diameter) is sufficient to avoid boundary effects on the simulation results. The pile and
the soils are all simulated using 5466 8-node linear brick elements with reduced integrations
(C3D8R). Normal horizontal constraints are applied to the vertical boundaries and fixed
constraints are applied to the bottom boundary. The top boundary is fully free. Lateral
loads are applied to the pile according to the loading condition in the above field tests.

136

180



Sustainability 2022, 14, 15102

16.34m(50D)

6.48m
(20D)

Figure 3. Three-dimensional finite element model for laterally loaded pile in soft clays.

The interaction between the monopile and surrounding soil is simulated utilizing the
surface-to-surface contact method. The surface of the pile is defined as the master surface
(relatively stiff) and the soil surface in contact with the pile is defined as the slave surface
(relatively soft). Hard contact is set in the normal direction of the contact surface, which
allows separation between the interface elements when they are subjected to tension. The
penalty contact method is used in the tangential direction. When the two surfaces are
in contact, the interface behavior is governed by Coulomb’s friction theory. The critical
friction shear stress 7.,;; at the contact surface can be expressed by 7., = y - p¢ in terms
of the frictional coefficient ;2 and contact pressure p., with p = 0.3 in this study. When the
shear stress at the contact surface exceeds 7., the tangential slip occurs.

The behavior of clay is simulated by employing the elastic-perfectly plastic constitutive
model with Mises yield criterion. The model parameters include the soil elastic modulus,
Poisson’s ratio, and shear strength, which can be determined using the laboratory tests or
field tests. In this study, the model parameters are set according to the research of Mat-
lock [7] and Hong et al. [37] as shown in Table 1. The material behavior of the hollow steel
pipe pile is simulated using the linear elastic constitutive model. The model parameters are
set according to the above steel properties. During the finite element simulation, geostatic
stress balance analysis shall be carried out first, i.e., gravity is applied to the soil domain to
establish the initial stress field. Meanwhile, the initial displacement field is set to 0. Then,
lateral monotonic behavior of the pile is analyzed.

Table 1. Constitutive model parameters and relevant calculation parameters.

Soil Elastic Soil Soil Shear . ffse‘;five Pile-Soil
Parameter Modulus Poisson’s Strength . . Frictional
(Mpa) Ratio (kPa) Unit Weight - thicient
P a (KN/m?)
Value 8 03 14.4 7.85 03
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Figure 4 shows the comparison between the calculated results and test results of
the lateral deflection and bending moment profiles along the pile for four different pile
head load levels. The calculated results agree with the test results in the overall trend
although there is some deviation. One reason for the deviation is that the soil strength is
idealized as uniform strength, but it is not uniform in the field test. Another reason is that
it is a simplification to use the elastic-perfectly plastic constitutive model to simulate the
stress—strain responses of the soil; when more advanced constitutive models are adopted,
better calculation results can be expected. This comparison demonstrates that the developed
three-dimensional finite element model based on ABAQUS software can well predict the
lateral monotonic behavior of the pile in soft clays.

Depth (m)
[=)}

(a) (b)
Figure 4. Comparison between calculated and measured test results based on 3D FEM. (a) Lateral
deflection profile (b) Bending moment profile.

3. Lateral Behavior Analysis of Monopiles with Different Diameters
3.1. Numerical Model

Two methods for analyzing horizontally loaded piles, namely the BNWF method and
3D finite element method, have been established and validated, respectively, in Section 2
above. It should be noted that the BNWF model is actually a two-dimensional simpli-
fied calculation model of the pile—soil interaction; the accuracy of the calculation results
employing this model mainly depends on the rationality of the p—y curve, hence it has
certain limitations when using the currently questionable API p—y curve. In comparison,
the three-dimensional finite element method has a better applicability for different pile
diameters and site soil characteristics, although the calculation cost is relative larger. In this
chapter, the above two methods will be used to simulate the lateral behavior of monopiles
with different diameters. Using 3D finite element simulation results as a relatively correct
reference standard, the limitation of the current API p—y curve is clarified by comparing
the calculation results obtained from two methods.

Four diameter piles (1 m, 2 m, 3 m, 5 m) were selected to build both two-dimensional
BNWF models and 3D finite element models. The total length of all piles is 60 m with
an embedded depth of 50 m and the wall thickness is 30 mm. A lateral load of 2 MN is
applied at the pile head (10 m above the mud surface). The three-dimensional finite element
models of the four diameter piles are shown in Figure 5. In the 3D numerical model, the
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constitutive models and material parameters of pile and soil, pile—soil contact condition,
boundary conditions, etc. are consistent with those in Section 2 above, which will not be
repeated here due to space limitations. The setting of the two-dimensional model is also
consistent with those in Section 2 except for the different pile sizes.

Lateral load

Lateral load

70m

Y

'%

(a) Diameter=1m (b) Diameter =2 m

Lateral load

Lateral load
ﬂ -
|
[ ~
\l
60m x

(c) Diameter =3 m (d) Diameter =5 m

75m
75m

Figure 5. 3D finite element model for laterally loaded pile with different diameter in soft clays.

3.2. Comparison of Predicted Lateral Behavior for Two Methods

Figure 6 compares the lateral response of piles with various diameters obtained using
the BNWF method based on the API p—y curve and 3D FEM when the pile head load equals
250 kN. It can be seen from Figure 6a that the nonlinearity of pile head load—displacement
curve becomes more significant as the pile diameter decreases. The displacement of the pile
head is greater for the smaller pile diameter under the same lateral load. The prediction
result of displacement based on the BNWF method is larger than that of the 3D FEM, which
indicates that the BNWF method underestimates the bearing capacity of piles. As shown in
Figure 6b, the lateral deflection of the pile along the depth (range from —10 to 10) increases
significantly as the pile diameter decreases, which is because the pile becomes more flexible
due to the decrease in the stiffness. The lateral deflection profile obtained by the BNWF
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method is larger than 3D FEM and the difference between the two calculation results is
more significant for the smaller diameter piles. It can be observed from Figure 6¢ that the
bending moment of the pile along the depth increases significantly as the pile diameter
increases and the location of the maximum bending moment moves downward gradually.
The bending moment profile obtained by the BNWF method is larger than 3D FEM and the
difference is more significant for the larger diameter piles. From the above comparison, it
can be concluded that the BNWF method based on the API p—y curve will overestimate the
deflection and bending moment and underestimate the ultimate bearing capacity of the
large diameter pile.
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Figure 6. Comparison of lateral response of piles obtained by BNWF method (API p—y curve) and
3D FEM. (a) Load—displacement curve of pile head. (b) Lateral deflection profile. (c) Bending

moment profile.
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3.3. Limitations of API p—y Curve for Soft Clay

The pile-soil interaction is simulated through the surface—surface contact mode for the
3D finite element model. The soil resistance value P at a certain depth of the pile shaft is
calculated by extracting the contact force on the contact surface. Figure 7a shows the typical
distribution of the calculated contact normal force (CNF) and the contact shear force (CSF)
around the pile. Figure 7b shows the diagrammatic sketch for the x-direction component of
the CNF (CNF1) and the x-direction component of the CSF (CSF1) at a certain position on
the pile cross-section. Figure 7b,c shows the typical distribution of CNF1 and CSF1 around
the pile. It can be observed that CNF1 is the largest in the x-axis direction and the smallest
at the edges on both sides of the section (almost 0); on the contrary, CSF1 is the smallest
(almost 0) in the x-axis direction and the largest at the edges on both sides of the section.

(CSF1
<%IFl
"

(a) Distribution of CNF and CSF (b) Sketch for the CNF1 and CSF1
.« CNF1
\v‘ N\ »’( “f‘ A;J “’L
(c) Distribution of CNF1 (d) Distribution of CSF1

Figure 7. Typical distribution of the calculated contact normal force (CNF) and contact shear
force (CSF).

The soil resistance P at a certain depth of the pile shaft can be determined by the sum
of CNF1 and CSF1 around the pile, as represented by:

1=

P =Y (CNF, +CSF) @)

I
—_

where 7 is the number of nodes outside the pile cross-section at a certain depth of the pile
shaft. Then, the p—y curve can be determined based on the numerical simulation results.
Figure 8 compares the API p—y curve with the p—y curve obtained using the 3D finite
element method. These p—y curves correspond to different depths (depth =1m, 3 m, 5m,
and 10 m) for various pile diameters (diameter = 1 m, 2 m, 3 m, and 5 m). For these larger
diameter piles, there are significant difference between the API p-y curve and the p-y
curve obtained using the 3D finite element method. The comparison demonstrates: (1) the
API p-y curve significantly underestimates the ultimate soil reaction of soft clays and the
degree of the underestimation increases as the soil depth increases; (2) the API p—y curve
significantly underestimates the initial stiffness of soft clays. This conclusion can well
explain why the BNWF method based on the API p—y curve overestimates the deflection
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and bending moment while it underestimates the ultimate bearing capacity of the large
diameter pile.

200 o m g BEEEEEEEEE 200 F s R HE SR HE SR
180} 5 P 180} 27
- v s
160 - 3 g SRS 160 A
~ - 7 g g 5 o 05 BB A S GRS e A
140 + w B e e O IR R 140 F / e
s v - - ’ -
= 120} = 120
-3 & | 1 emmmmmm oo e
< 100 2 10F -7 .
o =% -
B0 i 7 . o e Cie s = it i i R T i o it 80t
60 | 60F 1
40 a0l l:’:
20 = = 3D FEM, Depth=Im — = 3D FEM, Depth=3m 20} 1] = = 3D FEM, Depth=1m — = 3D FEM, Depth=3m
i [l —— BNWF API p-y, Depth=1m —— BNWF API p-y, Depth=3m = BNWF API p-y, Depth=Im ~——— BNWF API p-y, Depth=3m
ol — = 3D FEM, Depth=5m — = 3D FEM, Depth=10m ol = = 3D FEM, Depth=5m — = 3D FEM, Depth=10m
—— BNWF API p-y, Depth=5m ~——— BNWF API p-y, Depth=10m —— BNWF API p-y, Depth=5m —— BNWF API p-y, Depth=10m
0.00 0.02 0.04 0.06 0.08 0.10 0.12 0.14 0.00 0.05 0.10 0.15 0.20 0.25 0.30
y (m) y (m)
(a) (b)
= T T T T T 200+ [
200+ it = -
P 180 1
180 F T -
LT 160 F AT s E e = EEE e s e s e
160 % g S ES = PR
’ e B 140 F P
140 s, ¢
4 = 120f
R A P e B T e s e i i i e R e i e e s
2, = 100
= 100t S
8oF b, - T M e T e e =T e ———
ol JAA T T e e o - - - 60}
40+ 40F
¥ - — = 3D FEM, Depth=Im — = 3DFEM, Depth=3m
— = 3D FEM, Depth=1m ~ = 3D FEM, Depth=3m 20+ Y B B
20+ BNWE API p-y, Depth=1m BNWE API p-y, Depth=3m — BNWEF API p-yLDep!h—Im — BNWF API P31 Depth=3m
ol ~ = 3D FEM, Depth=5m ~ = 3D FEM, Depth=10m ot 3D FEM, Depth=5Sm § 3D FEM, Depth=10m B
—— BNWF API p-y, Depth=5m  —— BNWF API p-y, Depth=10m . ) —ENWEARLp:y, Deptieom,  ——BNWE ARLp:y; Depth=10m
000 005 010 015 020 025 030 035 040 045 0.0 0.1 0.2 0.3 0.4 0.5 0.6 0.7
y (m) y (m)

(0) (d)

Figure 8. Comparison of the API p-y curve and the p-y curve obtained by 3D finite element method.
(a) Diameter = 1 m, (b) Diameter = 2 m, (¢) Diameter = 3 m, and (d) Diameter = 5 m.

4. New p-y Curve for Soft Clay
4.1. New p—y Formula and Parameter Influence

In order to improve the shortcomings of the API p-y curve, a new p-y curve is
proposed in this section, as shown in the formula:

A
B'Gmax'y y
p: 1- D-pmax (3)
A'D Bpmax+y

where Gmax is the maximum shear modulus and Gmay is usually considered to be a multiple
of s, for soft clay according to the engineering experience (e.g., typical range of Gpax =
from 300 s, to 1800 s,,); parameters A and B control the shape of the p—y curve. pmax is the
ultimate lateral soil resistance, which is calculated based on the expression proposed by
Murff and Hamilton [40] for shear strength profiles approximately linearly increasing with
depth, ie.,:

Pmax = Np *Su

Ny =12 —4-exp( %)

{=025+0.05-A forA <6 (4)

=0.55 forA>6

A =540/ (su1- D)
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where s, is the undrained shear strength of soil at the point in question; N) is a nondimen-
sional lateral bearing factor; 7/ is the soil submerged unit weight; z is the soil depth below
the original seafloor; D is the pile outside the diameter; s,o is the shear strength intercept at
the seafloor; and s, is the rate of increase in shear strength with depth.

In order to investigate the influence of the relevant parameters on the p—y curve, the
soil properties are assumed as follows: s, = 14.4 kPa (s,0 = 14.4 kPa, s,,; = 0 in Equation (4));
Gmax =500 s, = 7.2 MPa; pile diameter D = 3 m; pmax = 170 kPa according to Equation (4)

when soil depth z = 15 m.

A series of A values are set to investigate its influence on the shape of the p—y curve
(B =1 for all cases). Figure 9a,b show the p—y curves and the normalized p-y curves (p is
normalized by pmax and y is normalized by D) for various A values. It can be observed that
the decrease in the soil stiffness (tangent modulus) becomes slower as the displacement
increases and the variation of the p—y from linear to nonlinear becomes more gradual
and starts earlier as A increases. It is found that the p—y (or normalized p-y) curve has
insignificant change when A is less than 0.01 and hence A usually ranges from 0.1 to 10 to
fit the actual p—y curves. It is worth noting that the current model can be simplified into
Kondner’s hyperbolic p—y model [9] when A = 1, as represented by:

A=0.01~10
——A4=0.5

Hyperbolic

0.0 0.2 0.4 0.6 0.8 1.0
y (m)

(a)
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0.8 -
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(b)

Figure 9. Effect of parameter A on the proposed p-y curve. (a) p-y curve (b) normalized p-y curve.

p:

1

B-Gmax
D

Y
y

Pmax

©)

For this case, the initial maximum tangent modulus of the p—y curve is B - Gmax/D.

A series of B values are set to investigate its influence on the shape of the p—y curve
(A =1 for all cases). Figure 10a,b show the p—y curves and the normalized p—y curves for
various B values. Contrary to the effect of parameter A on the p-y curve, the decrease
in the soil stiffness (tangent modulus) becomes faster as the displacement increases, and
the variation of p—y from linear to nonlinear becomes more abrupt as B increases. When
parameter B exceeds 10, it has little effect on the p—y (or normalized p—y) curve and hence
B usually ranges from 1 to 10 to fit the actual p—y curves. Obviously, the proposed p-y
model with variable A and B is more versatile and offers wider applicability to represent

different soft clays and pile diameters.
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Figure 10. Effect of parameter B on the proposed p-y curve. (a) p-y curve (b) normalized p-y curve.

4.2. Effect of Pile Diameter and Soil Depth on p—y Curve

The soil layer parameters are set as in Section 4.1, then different D values are set to

investigate the effect of pile diameter on the shape of the p—y curve (A =1, and B = 3).

Figure 11a,b show the p—y curves and the normalized p—y curves for various D values. It
can be observed from Figure 11a that the decrease in the soil stiffness (tangent modulus)
becomes slower as the displacement increases and the ultimate lateral soil resistance pmax
becomes smaller as D increases. However, the normalized p—y curves for different pile
diameters are completely consistent, as shown in Figure 11b.
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Figure 11. Effect of pile diameter D on the proposed p-y curve. (a) p—y curve (b) normalized
p-y curve.

Different z values are set to investigate the effect of soil depth on the shape of the
p-y curve (A =1, and B = 3). Figure 12a,b shows the p-y curves and the normalized p-y
curves for various z values. As expected, the ultimate lateral soil resistance pmax becomes
larger and the increasing rate of pmax decreases gradually as the soil depth increases, as
shown in Figure 12a. However, the normalized p—y curves for different soil depths have an
insignificant difference, as shown in Figure 12b. Hence, it can be approximately considered
that the normalized p—y curve at different depths is unique.
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Figure 12. Effect of soil depth z on the proposed p—y curve. (a) p—y curve (b) normalized p-y curve.

4.3. Validation of New p—y Formula
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The normalized p-y curves corresponding to different depths for various pile diame-
ters can be obtained according to the above 3D finite element analysis results, as shown
in Figure 13. The proposed p-y curves (A = 1 and B = 3) and API p—y curves are plotted
also in the figure. It can be observed that the proposed p-y curves can generally fit those
obtained from 3D numerical simulation well. However, as a comparison, the API p—y
curve significantly underestimates the soil stiffness. It should be noted that the proposed
normalized p—y curve does not correspond to a specific soil depth, which is due to the fact
that the soil depth has an insignificant effect on the shape of the normalized p—y curve, as
described in Section 4.2 above. This comparison reflects the superiority of the proposed
p-y curve over the API p—y curve.
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Figure 13. Comparison of the proposed normalized p—y curves and those obtained from 3D numerical

simulation. (a) Diameter = 1 m. (b) Diameter = 2 m. (c) Diameter = 3 m. (d) Diameter =5 m.
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The lateral responses of the piles with various diameters are predicted employing the
BNWEF method based on the proposed API p—y curve. The prediction results are compared
with the 3D finite element results on Section 3.2, as shown in Figure 14. The prediction
results including the load—displacement curve of the pile head, lateral deflection profile,
and bending moment profile agree well with the 3D finite element results. This comparison
demonstrates that, compared with API p—y curve, the proposed p—y curve can better predict
the lateral behavior of piles in soft clays and has better applicability to large-diameter piles.
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Figure 14. Comparison of the lateral responses of piles obtained using the BNWF method (proposed
p-y curve) and 3D finite element method. (a) Load-displacement curve of pile head. (b) Lateral
deflection profile (c¢) Bending moment profile.

5. Summary and Conclusions
5.1. Main Conclusions

(1) The BNWF method based on the p—y curve and 3D FEM for analyzing the lateral
responses of monopiles are developed based on ABAQUS software and the accuracy
of the two methods is validated using the field test results of the piles in soft clays.

(2) The lateral responses of monopiles with different diameters are simulated by em-

ploying the two methods. It is found that the BNWF method based on the API p—y
curve overestimates the deflection and bending moment while it underestimates the
ultimate bearing capacity of the large diameter pile.
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(3) The API p-y curve significantly underestimates the ultimate soil reaction of soft clays
and the degree of the underestimation increases as the soil depth increases; it also
significantly underestimates the initial stiffness of the soft clays. These findings are
supported by previous research results [12,15].

(4) A new p-y model with variable parameters A and B was proposed that is more versa-
tile and offers wider applicability to represent different soft clay and pile diameters.
The current model can be simplified into the hyperbolic p—-y model when A =1.

5.2. Significance and Application

As the most popular foundation type for supporting offshore wind turbines, large
diameter monopile foundations must be designed for lateral loads such as winds, waves,
and currents. The Beam on Nonlinear Winkler Foundation (BNWF) method has been
widely used because of its clear concept and lower calculation cost. Compared with
the three-dimensional finite element method, the BNWF method is easier to implement
numerically. This method can be realized using ABAQUS software or, alternatively, by
using other special calculation software for pile foundation such as LPILE or by compiling
simple MATLAB programs. Hence, it has better applicability in engineering practice. The
selection of a reasonable p—y curve is critical to the calculation accuracy of this method. This
paper proposes a new p—y curve with better versatility and applicability. Compared with
the API p—y curve, the proposed p—y curve can better predict the lateral behavior of piles
in soft clays, such as the load—displacement curve of the pile head, lateral deflection profile,
and bending moment profile, and has better applicability to large-diameter piles. However,
it should be noted that the proposed p-y curve is mainly applicable to soft clay and not to
other types of soil such as stiff clays and sands. When applied to engineering practice, the
proposed p—y model can play a good role in the design of monopile foundations supporting
offshore wind turbines in soft clays.
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Abstract: Uplift capacity of suction caissons is one of the main concerns in the design of jackets with
multi-caissons supported offshore wind turbine. The uplift movement of suction caissons leads to soil
stress variation and increases the difficulty to predict the uplift capacity. In this paper, a calculation
method considering soil stress release and differential pressure contribution is proposed to predict
the uplift capacity of caisson. Firstly, a series of numerical simulations based on the SANISAND
model are conducted to study the uplift responses of suction caisson in sand, and it is verified with
centrifuge test results. Considering the soil drainage condition during caisson being pulled out, the
fully drained, partially drained and undrained are divided, and an equation is provided to assess
differential pressure beneath the caisson lid incorporating the effects of main factors. Based on the
above simulation results, a calculation method is proposed to calculate the uplift capacity of caissons.
The prediction results are compared with the centrifuge model tests and previous studies, which
indicate that the prediction accuracy is much improved. This proposed method contributes to the
more accurate assessment of uplift capacity of suction caisson in sand.

Keywords: suction caisson; uplift capacity; calculation method; drainage condition; differential pressure

1. Introduction

In recent years, offshore wind energy has developed rapidly due to the characteristics
of high wind speed, low turbulence and no occupation of farmland [1]. A variety of
offshore wind turbine (OWT) foundations have emerged, e.g., gravity, monopile, suction
caisson, jacket foundation, floating foundation, etc. For water depth of more than 30 m, the
jacket foundation is always recommended [2—4]. The jacket with multi-caissons has great
conveniences in transportation and installation, becoming a popular foundation form for
OWTs [5].

During service, a large overturning moment generated by environment loads is ap-
plied to the jacket with multi-caissons supported OWT, and it is mainly transmitted to
every caisson in the form of axial load [6,7]. The OWTs may be suddenly subjected to
extreme environmental loads, such as a storm, resulting in transient tensile loading on
upwind caisson, causing it at the risk of being pulled out.

The uplift capacity of suction caisson consist of differential pressure beneath the
caisson lid and skirt wall friction [8-10]. The obvious permeability of sand results in
a significant seepage field in soil domain [11], which has a prominent influence on the
development of differential pressure. Pore pressure was a simulated transmission in
numerical simulation by adding a thin layer of “water elements” between caisson lid and
soil [12-17]. Vaitkunaite [18] conducted a series of large-scale model tests to study the
development of differential pressure under axial loading. Hong [19] studied the influence
of pullout velocity on drainage conditions through model experiments, which neglected
the scale effect so that the impact of seepage cannot be amplified into the prototype.
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The seepage field also has a significant impact on the soil stress state, causing the
change in uplift capacity of suction caisson. Considering the soil stress reduction [20],
Houlsby [21] proposed an analytical solution to calculate the tensile capacity of suction
caisson under rapid loading, and the cavitation effect and soil liquefaction were considered.
However, the calculation accuracy depends on the determination of stress reduction region,
which brings difficulty to the engineering application. Senders [22] conducted a series
of centrifuge tests to investigate the development of differential pressure and skirt wall
friction during caisson being pulled out, and proposed a spring—damper model to predict
the differential pressure beneath the lid and skirt wall friction. Vicent [23,24] performed
model tests to investigate the impacts of loading rate and embedment depth on the pullout
capacity of caisson foundations in sand.

The design code DNVGL [25] pointed out that the design of suction caisson will be
conservative when the drainage mechanisms cannot be determined with good confidence.
In the codes API [26] and OWA [27], the capacity of suction caisson is designed separately
aiming at fully drained and undrained two conditions. The soil exhibits various failure
mechanisms under different drainage conditions during caisson being pulled out [18,28].
However, these previous studies and design codes have not clearly classified the drainage
conditions in sand and no suitable calculation scheme of differential pressure is provided.

In this paper, the SANISAND model is adopted to study the uplift responses of suction
caisson considering the influence of stress state on soil mechanical responses. The effects
of soil permeability, pullout velocity, aspect ratio, lateral earth pressure coefficient and
soil-structure interface friction angle on the instantaneous pullout responses of caisson are
studied. Then, the various drainage conditions are divided and an equation is proposed to
evaluate the differential pressure during caisson pullout. Under different pullout velocity,
the variation range of uplifted capacity and soil stress state are investigated. Then, the
calculation method of uplift capacity is proposed combining the above simulation results.
Compared with the centrifuge tests and preceding studies, the accuracy of the proposed
method is validated.

2. Numerical Model and Its Verification
2.1. Finite Element Model

An axisymmetric model was built to research the pullout characteristics of suction
caisson in sand using ABAQUS [29]. It is assumed that the caisson was “wish-in-place”,
ignoring its installation process. As shown in Figure 1, the finite element model consists of
caisson, homogeneous saturated sand and a thin layer of soft “water elements”. The tensile
loading was applied by vertical displacement and its action point was caisson centre.

Tensile loading
=

Water element .

Homogeneous saturated sand

Figure 1. Finite element model.

150



Sustainability 2023, 15, 454

2.1.1. Mesh Element

The mesh element CAX4 was used to simulate the caisson, and the element CAX4P
containing pore pressure calculation was used for homogeneous saturated sand. The
mesh width near the skirt reaches 0.05 m, which is fine enough verified by the mesh
sensitivity study.

A thin layer of soft “water elements” was adopted to simulate the trapped water
between the caisson lid and internal soil plug [12,13,30]. As normal coupled pore fluid
elements, the water elements were defined as isotropic liner elastic property with high
permeability and elasticity. The permeability coefficient was set to a high value of 1 m/s,
and the Young’s modulus and Poisson’s ratio were 10~ kPa and 0, respectively. In this
way, the water elements can transfer pore pressure without transmitting effective stress.

2.1.2. Interface Properties and Boundary Conditions

The water elements were tied to the caisson lid and soil plug to maintain displacement
coordination. The interfaces between skirt wall and soil were simulated using the master-
slave contacts. The ultimate shear stress is calculated by the Coulomb criterion and can
be expressed by oy, where y is the friction coefficient of soil-structure and o7, is the
horizontal soil stress on caisson. The elastic sliding distance of skirt-soil interface was set to
0.5 mm [15]. Ignoring the tangential behavior between caisson tip and soil, the separation
was allowed.

In Figure 1, the left boundary is the symmetry axis of this model, and the right
boundary is only constrained to lateral displacement and free for drainage. The bottom
boundary is fixed, and the top boundary is free surface with zero excess pore pressure. The
radius and the depth of soil domain are 2.5D and 5L, respectively, which can eliminate the
boundary effects [14].

2.1.3. Soil Constitutive Model

The boundary surface soil model proposed by Dafalias [31,32], which is developed
from the concept of critical state soil mechanics and belongs to one kind of SANISAND
models [33], is chosen in this paper. The soil constitutive model has been certified to be
able to simulate the sand stress-strain relationships under unidirectional and cyclic loads.
This model is applicable for a range of relative density, from loose to medium dense, under
different drainage conditions and consolidation stresses. Based on the framework of critical
state soil mechanics, the bounding surface and phase transformation surface (determining
the sand dilates or contracts) are imported.

2.2. Model Verification

Senders [22] performed a series of centrifuge tests to investigate the uplift charac-
teristics of suction caisson at 100 g. For the model caisson, its outer diameter, skirt wall
thickness and length are 60 mm, 0.4 mm and 60 mm, respectively. The interface friction
angle of soil structure J is 22°. The seabed is the silica sand with relative density D, = 60%,
mass median diameter D5 = 0.2 mm, initial void ratio e = 0.7357 and the internal friction
angle ¢ = 43°. Silicon oil was used as the pore fluid and the permeability coefficient k
is 2.3 x 107* m/s. The buoyant unit weight o’ and specific weight of water 7, are both
10 kN /m3. According to the results of centrifuge tests, Senders [22] calculated the lateral
earth pressure coefficient, which is equal to 0.8. For the silica sand used in centrifuge
tests of Senders [22], Tran [34] conducted a series of laboratory tests to measure its basic
parameters. Based on the laboratory tests of Tran [34], Shen [15] calibrated the SANISAND
model parameters of silica sand.

The centrifuge tests are divided into drained uplift (the air hole of caisson lid is opened)
with the pullout velocity of 0.1 mm/s and partially drained uplift (the air hole of caisson
lid is closed) with the pullout velocity of 0.1 mm/s and 0.5 mm/s. Figure 2 shows the
comparison of simulation results with centrifuge tests. For the differential pressure (in
Figure 2a) of skirt wall friction (in Figure 2b) and total vertical force (in Figure 2c), their
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initial state cannot be predicted precisely, perhaps ignoring the soil disturbance during
the suction installation process of the caisson. The comparison of normalized results (in
Figure 2d) shows that differential pressure, skirt wall friction and total vertical force can be
forecasted approximatively at the end state (w = 0.015D). Moreover, this paper focuses on
the uplift responses of caisson at the end state, so the calculation error can be ignored at the

initial state.
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Figure 2. Comparisons between simulations and centrifuge tests: (a) differential pressure; (b) skirt

wall friction; (c) total vertical force; and (d) comparison of normalized results at w = 0.015D.

2.3. Simulation Parameters

According to the test results of [22,35-37], the uplift responses of suction caisson are
relevant with the pullout velocity when the vertical displacement exceeds 0.02D, and the
caisson cannot meet the functional requirements at the same time. Therefore, the tensile
loading when the vertical displacement of caisson reaches wy = 0.02D is regarded as its
uplift capacity in this paper, and the responses of seepage, pore pressure, soil stress field,
etc., are investigated later at this state.

The Dogger Bank sand in the North Sea is adopted in the next simulations with
dig = 0.087 mm, dgp = 0.174 mm, emax = 0.865 and enin, = 0.597. The basic parameters of this
paper’s simulations are listed in Table 1. Blaker and Andersen [38,39] conducted a series of
laboratory tests on Dogger Bank sand [40]. Based on the laboratory test results, Shen [15]
calibrated the SANISAND model parameters of Dogger Bank sand, which are listed in

Table 2.
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Table 1. The basic parameters of this paper’s simulations.

Properties Values
Caisson

Diameter, D (m) 10
Skirt length, L (m) 10

Skirt wall thickness, t5 (m)
Friction coefficient of soil-structure, i

0.1 (ts/D = 0.01)
0.5

Material property Rigid body
Seabed soil

Permeability coefficient, ky (m/s) 5x 107
Initial void ratio, es 0.658
Buoyant unit weight, 4/ (kN/m?) 10
Specific weight of water, vy, (kN/m?) 10

Earth pressure coefficient, K 0.45
Water element

Element thickness, f;, (m) 0.2
Young’s modulus, Ey, (kPa) 10~3
Poisson’s ratio, 11, 0
Permeability coefficient, ky, (m/s) 1

Initial void ratio, ey, 0.658

Table 2. Parameters of the SANISAND model for Dogger Bank sand [15].

Parameter Variable Value
Elasticity Go 206
v 0.05
Critical state M, 14
M, 1.05
Ac 0.007
€c0 0.75
€0 0.699
14 0.7
Yield surface m 0.05
Plastic modules ho 7
o 0.98
n? 29
Dilatancy Ay 1.6
nd 2
Fabric-dilatancy tensor Zmax 0
cy 0

3. Prediction of Differential Pressure Beneath Caisson Lid
3.1. Seepage Responses of Uplift Caisson

During the uplift progress of caisson, the pore pressure gradually accumulates, and a
seepage field is formed in the soil domain. The enlargement of soil permeability results in
the faster dissipation of pore pressure in the caisson and less accumulation of differential
pressure beneath the caisson lid. Similarly, the decrease in pullout velocity generates longer
pore pressure dissipation time and weakens its accumulation rate. The reduction of aspect
ratio shortens the seepage length, causing a shorter dissipation time. Figure 3 shows that
the differential pressure decreases with the soil permeability, and increases with the pullout
velocity and aspect ratio, which are consistent with the previous descriptions.

The pore pressure fields for v = 0.001 mm/s, v =1 mm/s and v = 100 mm/s are shown
in Figure 4. For lower pullout velocity, the pore pressure inside the caisson gradually
dissipates along the depth and its distribution is approximately stepped (see Figure 4a).
However, the high pullout velocity generates larger cumulative pore pressure inside caisson,
which is identical with Figure 3b, and the seepage field is developed to the deeper and
farther seabed (see Figure 4b,c).
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Figure 3. Differential pressure beneath caisson lid: (a) effects of permeability; (b) effects of pullout
velocity; and (c) effects of aspect ratio (the caisson diameter is constant).

(a) (b) (c)

Figure 4. Pore pressure field (unit: kPa): (a) k=5 x 107% & v = 0.001 mm/s; (b) k=5 x 107° &
v=1mm/s;and (c) k=5 x 107° & v = 100 mm/s.

Figure 5 shows the soil relative displacement and flow direction for v = 0.001 mm/s,
v=1mm/s and v = 100 mm/s. When the pullout velocity is 0.001 mm/s (in Figure 5a),
the soil around skirt wall moves approximatively along the uplift direction. The soil flow is
inapparent, presenting the characteristics of partial shear failure. As shown in Figure 5b,
the high pullout velocity (v = 1 mm/s) results in the soil flow from the outside to the inside
at the caisson tip and the direction of soil flow is accordant with the seepage, and the failure
mechanism is closed to partial tensile failure. As the pullout velocity further increases
(v =100 mm/s, in Figure 5c), the scope of soil flow continuously expands, which presents
the characteristics of overall reverse failure.
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Figure 5. Soil displacement field: (a) k=5 x 107® & v = 0.001 mm/s; (b) k=5 x 107% & v =1 mm/s;
and (c) k=5 x 107° & v = 100 mm/s.

3.2. Differential Pressure Equation
3.2.1. Equation Deduction

During a certain time step At, seepage will fill the void beneath the caisson lid with a
certain amount of fluid [22], and the soil plug will be uplifted because of the differential
pressure and internal skirt wall friction (see Figure 6). Therefore, the vertical pullout
displacement AL is consisted of gap length ALg,, and plug height AL,j,,. According to
Senders [22], ALgap can be expressed as:

ALgap = kigooSt = k—F— At )
YwSave

where iy is the average hydraulic gradient along the drainage path, p is the differen-
tial pressure beneath caisson lid. sg is the equivalent average seepage length, and the
normalized seepage length 54, /D is a function of L/D [12-16], which can be defined as:

SHUE
D

=h(L/D) )

Tensile loading

JTL T

o p Mudline

plug|

Plug

Figure 6. Displacement diagram of pullout suction caisson.

The normalized differential pressure %% can be expressed as:

p_ ALgy . Swve _ ALgap o AL Save

oD Atxk D AL  Atxk D @)
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Differential pressure, p/y, D

Combining Equation (2) and Equation (3) can be expressed by:

p_ _BLlgy o (L
~oD - AL kM D @

Further, the gap length AL, is equal to vertical pullout displacement AL minus plug
height AL,

ALgap ALppug
AL~ T AL ©)
Considering the soil plug is constrained by internal skirt wall friction, plug height
ALpp,g/ AL is associated with the earth pressure coefficient K and interface friction angle of
soil-structure 6. Furthermore, gap length ALg,,/AL is also correlated with K and 4.
Based on the above, the determination of normalized differential pressure p/v,D
should consider the comprehensive impacts of pullout velocity v, permeability coefficient
k, aspect ratio L/D, earth pressure coefficient K and interface friction angle of soil-structure
J. The shear stress acting on skirt wall is calculated by ¢}, Ktand, so the influence of K and §
is inseparable [20,21] and their impacts are reflected by the combination of Ktand.

3.2.2. Effect of Normalized Pullout Velocity

The differential pressure for different permeability coefficients (0.2ky, ko, 5ko) under
various pullout velocity is shown in Figure 7a. The differential pressure is positively
associated with pullout velocity and negatively relevant with permeability coefficient,
which is consistent with the results of Section 3.1.
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Figure 7. Differential pressure beneath the caisson lid (L/D = 1.0): (a) relationship with pullout
velocity; and (b) relationship with normalized pullout velocity.

Based on Equation (1), the average hydraulic gradient along the drainage path can be
defined as: ize = p/ (YwSave)- The caisson pullout velocity may be given roughly as: v = k-igpe
according to Darcy’s law [17]. Therefore, the differential pressure beneath the lid can be
expressed by

p= v/ k- YwSave 6)

Normalized the pullout velocity by permeability coefficient (see Figure 7b), the differ-
ential pressure shows a high correlation with v/k and increases with it. This is coincident
with Equation (6), which uniformly used Darcy’s law to describe the seepage inside caisson.
It is worth mentioning that Darcy’s law applies to fluid flow in the range of Reynolds num-
ber R, <10 [41,42]. For the Dogger Bank sand used in this paper, its effective particle size d1g
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is 0.087 mm, and the dynamic viscosity coefficient of water / is 1.01 x 107® m? /s at a pres-
sure of 101.325 kPa and a temperature of 20 °C [43]. The calculation of Reynolds number is
defined as R, = vs};@ [44], where vs represents the fluid flow velocity. Therefore, the applica-

tion range of Darcy’s law can be expressed as: Usﬁﬂ < 10, namely vs < 10%/djp = 116 mm/s.
On account of the formation of gap between caisson lid and soil during the caisson being
uplifted, the fluid flow velocity is always less than the pullout velocity. Under the limit
state, the soil plug is completely pulled out, that is, soil plug ALy, is equal to vertical
pullout displacement AL and v, is approximately equal to v. Therefore, the pullout velocity
v <116 mm/s can be regarded as a conservative condition to define the application scope
of Darcy’s law, and v/k is less than 2.32 x 10* for the Dogger Bank sand used in this paper.

Considering the large fluid flow velocity where Darcy’s law is not applied, a wider
range of uplift velocity is selected and the normalized pullout velocity v/k is from 1075 to
108. The changes in differential pressure are shown in Figure 8, and the calculation data is
fitted by hyperbolic tangent curve, which can be expressed as:

8.61xtanh(0.3 g} +0.87)—6.07 /k < 10%
€ ; UK >
f(o/k) = { (25+anh(0.43 18§ ~0.09)-0.025 1 7k < 1t @)

o Calculation data
Fitting curve

Fitted by hyperbolic tangent curve:

Differential pressure, In (p/y, D)
L
T

or y=A-tanh (B-x+C)+D
-8 A B C D
861 03 087 -607 wk<10*
-0 25 043 -0.09 -0.025 vik>10*
(o]
_12 C 1 1 1 L 1 1 1
" -2 0 2 4 5 8

Normalized pullout velocity, Ig (v/k)
Figure 8. Differential pressure for different normalized pullout velocity (L/D = 1.0).

3.2.3. Effect of Aspect Ratio

From Section 3.1, the enlargement of aspect ratio extends the seepage length, so the
differential pressure increases with it. For v/k from 107> to 10® and L/D = 0.5, 1.0, 1.5 &
m = 0.5, the variation in differential pressure is shown in Figure 9a. For different normalized
pullout velocity, the correlation between differential pressure and aspect ratio is shown in
Figure 9b.

The differential pressure is seldomly generated at a low pullout velocity correspond-
ing to v/k < 10~!. As the pullout velocity increases, the differential pressure gradually
accumulates corresponding to 10~ < v/k < 10%. According to the analysis of Section 3.2.2,
Darcy’s law is still satisfied at this time. With the further increase of pullout velocity, the
enlargement of differential pressure is limited corresponding to v/k > 10*. Meanwhile,
Darcy’s law is not suitable for describing the seepage response inside caisson. The bottom
and top boundaries (see Figure 9b) are defined as the separatrices of different drainage
conditions [24]. Therefore, the soil inside caisson is closed to fully drained condition for
v/k <1071 [45], partially drained for 10~! < v/k < 10* and undrained for v/k > 10*.
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Figure 9. Differential pressure for different aspect ratio and normalized pullout velocity: (a) in three
dimensions; and (b) in two dimensions.

Taking the results of L/D = 1.0 as a benchmark, the calculation data is fitted by
piecewise linear equation to consider the effects of aspect ratio, which can be expressed by:

1, v/k <1071
¢(L/D) ={0.236L/D +0.764, 107! < v/k < 10* 8)
0.212L/D + 0.788, 10* < v/k

3.2.4. Effect of Ktand

The combined influence of Ktand is reflected by changing the friction coefficient of
soil-structure, which is associated with interface friction angle. According to [46], § = 10°
(corresponding to y = 0.176) and d = 35° (corresponding to y = 0.700) can be treated as the
relative smooth and rough soil-structure interface, respectively. Therefore, for v/k from
1072 to 10% and m = 0.1, 0.3, 0.5, 0.7 and L/D = 1.0, the variation of differential pressure is
shown in Figure 10a. For different normalized pullout velocity, the correlation between
differential pressure and friction coefficient of soil-structure is shown in Figure 10b.
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Figure 10. Differential pressure for different friction coefficient of soil-structure and normalized
pullout velocity: (a) in three dimensions; and (b) in two dimensions.
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As normalized pullout velocity v/k increases, the differential pressure enlarges and
the soil inside the caisson presents various drainage conditions, but the impacts of friction
coefficient on seepage is not significant. Therefore, the effects of Ktané can be expressed as:

j(K,8) =1 ©)

3.2.5. Verification of Differential Pressure Equation
Combined with the above, the differential pressure equation can be defined as:

p = f(v/k)-g(L/D)-j(K,6) * vwD (10)

The curve of differential pressure equation (DPE curve) is also divided into three
segments corresponding to various drainage conditions.

Figure 11 shows the comparisons of DPE curve with three groups of test results. In
Section 2.3, the initial void ratio of silica sand used in [22] centrifuge tests is 0.7357, soil
permeability coefficient is 2.3 x 10~* m/s and aspect ratio L/D is 1.0. The DPE curve
coincides well with the two tests (v = 0.1, 0.5 mm/s).
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Figure 11. Comparisons between test results and DPE curve.

Marek [47] conducted a series of experiment investigations for caisson foundations
in sand subjected to rapid uplift. The initial void ratio of Lubiatowo sand used in Marek
(2020) experiments is 0.64, soil permeability coefficient is 1.54 x 107> m/s and aspect ratio
L/Dis 1.0. The pullout velocity combines 5, 8.5, 19, 30, 110 and 450 mm/s. The DPE curve
presents a better prediction for differential pressure.

Hong [19] performed a series of 1 g tests to research the effects of drainage conditions
on the pullout characteristics of caisson foundations in sand. The initial void ratio of
sand used in Hong [19] tests is 0.826, soil permeability coefficient is 3 x 10~* m/s and
aspect ratio L/D is 1.0. The pullout velocity includes 0.1, 0.5, 2.5, 5, 10 and 20 mm/s. The
DPE curve coincides well with Hong [19] tests with v = 0.1 mm/s and 0.5 mm/s. As the
pullout velocity increases, the change in differential pressure is slight and mismatches the
prediction results of DPE curve. The possible reason is that the scale effect of seepage cannot
be satisfied in a 1g test, causing the impacts of differential pressure to not be amplified into
the prototype.

4. Calculation Method of Uplift Capacity
4.1. The Uplift Capacity Mechanism of Suction Caisson

For a certain seabed, there are little differential pressure beneath caisson lid and
tiny soil plug inside caisson when the pullout velocity is small [48-50]. As the pullout
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velocity increases, the differential pressure gradually accumulates and soil plug expands.
Neglecting the interaction between caisson and plug, the overall bearing mode is shown
in Figure 12a, including uplift loading Fio, external skirt wall friction Fg; ¢, gravity
Wiiug + Weai and bottom force Fyopt0,, which can be expressed by:

Frot = Ffri_out + Wplug + Weai + Fpottom (11)

F tot

p
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| | |
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Figure 12. Bearing capacity mechanism: (a) overall bearing mode; (b) soil plug module; and (c)suction
caisson module.

Dividing the overall bearing mode into soil plug and suction caisson modules, their
force modes are shown in Figure 12b,c, which can be expressed as:

p* 7TD1'2/4 + Ffri_in = YWplug + Fyottom (12)

FV = Ftot - Wcai =p* 7TD1‘2/4 + Ffri_in + Ffri_out (13)

where p is the differential pressure beneath the lid and can be calculated by Equation (10).
Ffi_in is the internal skirt wall friction.
The calculations of internal and external skirt wall friction can be expressed as:

L
Fpvi in = /0 o dz - (Ktand),(rD;) (14)

L
Ffvi out = /O o dz - (Ktans),(Dy) (15)

where 07, is the vertical effective stress. D; and D, are the internal and external diameters of
caisson, respectively.

The differential pressure contributes to the uplift capacity of suction caisson, and
the skirt wall friction is also changed due to the seepage field in soil domain. The uplift
capacity Fy is normalized by the fully drained uplift resistance, and the relationship
between the normalized uplift capacity F, against the normalized pullout velocity v/k is
shown in Figure 13. Under fully drained condition, the uplift capacity is mainly contributed
by skirt wall friction. As the pullout velocity increases, the seepage effect is gradually
prominent, and the differential pressure accumulates beneath the caisson lid. The uplift
capacity can reach 10 times or more of the fully drained resistance, showing an undrained
response. Further, with the decrease in interface friction coefficient of soil-structure, the
uplift capacity gradually enlarges. Therefore, the design of suction caisson is conservative
when the drainage condition is not considered [25].
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Figure 13. Normalized uplift capacity against the normalized pullout velocity.

4.2. Fully Drained Capacity
4.2.1. Soil Stress State

For the fully drained condition, the effects of differential pressure can be ignored,
and the pivotal point is how to determine the soil effective stress acting on the skirt wall,
namely o7, [20,21]. Extracting the soil effective stress around skirt wall along the depth
(in Figure 14), the soil stress at the pullout state is different from in situ soil stress. One
possible factor is that the soil around skirt is disturbed due to the relative movement of the
soil-structure interface, leading to the variations of soil stress field.

0.0
N . Internal skirt External skirt
N -o- vk=10" —=—vy/k=10"
S - o k=10 —e—v/k=107"
02 5 - A= k=107 —A—v/k=10"
< -v- k=102 —w—v/k=107?
~
[
=04
=5
)
[=]
0.6 -
0.8 L
0.0 0.2 0.4 0.6 0.8

Soil effective stress, o,y 'D

Figure 14. Soil effective stress along the depth.

4.2.2. Soil Stress Release Model

Houlsby [20,21] proposed an analytical model to reflect the stress reduction effects
of seabed soil during caisson being pulled out. For caisson internal side, assuming that
the internal skirt friction results in uniform reduction of soil vertical stress, it generates
proportional decrease in soil-skirt normal contact stress [14]. Based on this assumption, the
vertical soil stress on internal skirt is calculated by:

! " (Ktand),;(rtD); 40! (Ktané).
iy, oK) (xD), _,  dch(Kiano) -
dz nDi /4 D;

L L L
/ A 2 = o —
/0 o,dz = v Z; [exp( Zi) 1+ Zi] (17)
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D.
Zi= g 18)

(Ktand);
For caisson external side, it is supposed that there is a uniform soil stress release region
within a certain range outside the skirt. Assuming that the stress release region is in a
cylindrical soil ring outside the skirt, the outer diameter of release region is defined as
D,, = mD, (m is the outer diameter coefficient), and the vertical soil stress on external skirt

is calculated by:
do), ,  0,(Ktand),(nD), , 4o, (Ktand),
To oy Do o oy ZTo 2o (19)
dz (D3, — D3)/4 (m? —1)D,
/La’dz — o Z2exp( =L ) —14+ L (20)
0 =TT 2 P Zo Zy
D, (m* -1
> = L (21)
4(Ktans),

Considering the effects of normalized pullout velocity v/k and Ktand on the range
of stress release region, the soil effective stress (caisson aspect ratio L/D = 1.0; soil depth
z = 5.0 m) along the radial direction of caisson is shown in Figure 15. Under fully drained,
the change in normalized pullout velocity v/k has negligible impacts on the soil stress
state (in Figure 15a). As shown in Figure 15b, the reduction of soil stress increases with the
friction coefficient of soil-structure, presenting that the degree of soil disturbance enlarges,
but the range of soil release region does not change. Next, the soil stress presents an
approximately linear attenuation within the stress release region. At x/D = 0.7 in Figure 15,
it is found that the curve of soil effective stress turns and soil stress no longer decreases
along radial direction, and the position of x/D = 0.7 is defined as the outer boundary of
stress release region. Therefore, the outer diameter of stress release region is defined as
Dy =14D,(m=14)forL/D=10&z=5.0m.
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Figure 15. Soil effective stress along the caisson diameter: (a) considering the effects of v/k; and
(b) considering the effects of Ktand.

Figure 16 shows the soil effective stress for L/D =0.5and z=1.0,3.0 m, L/D = 1.0 and
z2=1.0,3.0,50,70mand L/D=15and z=1.0, 3.0, 5.0, 7.0, 10.0, 12.0, 14.0 m. Referring to
the above method for defining the outer diameter, the gray area in Figure 16 is the stress
release region. The outer diameter coefficient m is approximately linearly related to depth
z, which is different from the assumption of Houlsby [21], and m is expressed as:

m = 0.08z + 1.0 (22)
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Figure 16. Soil effective stress along the caisson diameter at different depth.

Combined with the previous analysis and the assumption of Houlsby [21], it is further
supposed: (1) there is a stress disturbance zone that expands along the depth, and the
outer diameter coefficient m is linearly related to depth z; and (2) the vertical earth pressure
within the stress release region is calculated according to the soil stress at x = (Do + D) /2.

The diagram of stress release model proposed by this paper is shown in Figure 17. For
the soil slice in the range z = h; to z = h; + Ah (Ah is small enough, and m is regarded as a
constant value in the range of Ah), its vertical force equilibrium inside the caisson remains
the same (see Equations (16)~(18)), and that outside the caisson can be expressed as:

hi+Ah hi + Ah h; Ah
! dz = ~' 72 <_l> _ <_l> = 23
Z /hi 0-‘0 z ’)/ 0 [exp Zo exp Zo + ZO } ( )

where Z, and m can be referred to Equations (21) and (22), respectively.
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Figure 17. Soil effective stress along the caisson diameter at different depth.

4.2.3. Verification of Soil Stress Release Model

Combined with Equations (14)~(23), the analytical solution of total skirt wall friction is
shown in Figure 18, which is compared with the simulation solution and analytical solution
proposed by Houslby [21]. The analytical solution of this paper, which considers the
variation of the stress release range along the depth, is closer to the simulation solution than
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adopting fixed outer diameter coefficient (i = 1.2, 1.5 in Figure 19) proposed by Houslby
et al. (2005) [21]. Moreover, the analytical solution of Houslby et al. (2005) [21] increases
with the value of m, so its accuracy depends on the determination of stress release range.

Analitical solution Houlsby et al. (2005)
20k (This paper method) (m=1.2) (m=1.5)
m LID=05  ----- L/ID=05 --—-L/ID=0.5
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Figure 18. Comparison of simulation solution with analytical solution (fully drained).
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Figure 19. Soil effective stress around caisson along depth (a) internal skirt and external skirt;
(b) internal skirt.

In Figure 18, the difference value between analytical solution of this paper and simula-
tion solution obviously enlarges with the friction coefficient of soil-structure, and total skirt
wall friction is underestimated by 12.06% at L/D = 1.5 & m = 0.7. Under the constraint of
surrounding soil, the soil dilatancy caused by interface shear stress generates an increase in
the normal effective stress. However, this dilatancy effect is affected by the interface friction
angle between the soil and skirt wall. As the sand reaches the interface limit friction force,
slippage first occurs at the interface between the soil grains and the skirt wall, and relative
sliding and dilatancy no longer occurs inside the sand [14]. As the interface roughness of
soil-structure increases, the soil dilatancy intensifies before the sand reaches the interface
limit friction force, causing the increment of soil stress produced by soil dilatancy to also
enlarge. The stress release model neglects the increase in soil stress caused by soil dilatancy,
so the difference enlarges with the friction coefficient.

According to Section 2.2, Senders [22] conducted a group of centrifuge test under fully
drained. The skirt wall friction measured in centrifuge test is compared with the analytical
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solution, which is summarized in Table 3. For the analytical solution of Houslby et al.
(2005) [21], although the calculation results can be closer to the centrifuge test by adjusting
the value of m, it is difficult to obtain the accurate value of m for every project, which brings
difficulty to the engineering application.

Table 3. Comparison of centrifuge test (Sender [22]) with analytical solution (fully drained).

Calculation Method Skirt Wall Friction (kN) Relative Error
Centrifuge test Senders [22] 1750 .
Houlsby et al. (2005) 124937 —28.6%
Analytical solution m=12
Houlsby et al. (2005) 1543.75 —11.8%
m=15
Stress rfelease model 1478.27 —15.5%
this paper

(Relative error less than 0 indicates underestimation)

In this paper, the outer diameter coefficient m is defined as a depth dependent pa-
rameter and its expression is given in Equation (22). The analytical solution of this paper
method is 1478.27 kN with an error of —15.5% (in Table 3). Although the result is conser-
vative, it facilitates the application of the project and improves the prediction accuracy of
uplift capacity.

4.3. Undrained Capacity

In sand, two cases need to be considered for tensile loading: slow (fully drained)
loading and rapid (undrained) loading [27]. For fully drained condition, the calculation
method of uplift capacity is introduced in Section 4.2. Then, for the undrained condition,
the uplift resistance contributed by differential pressure enlarges the uplift capacity of
suction caisson, but the soil effective stress inside and outside the caisson is also being
changed. Figure 16 shows the soil effective stress around skirt wall along depth. The soil
effective stress outside caisson is enhanced due to seepage, but the large pore pressure
in the caisson leads to soil liquefaction. The reduction of soil effective stress is severe,
resulting in nearly half of the soil (0~0.5L, Figure 19b) being liquefied (soil strength loss
reaches to 95% [51,52]).

Assuming that the increase in outer skirt wall friction due to seepage force is the same
as the decrease in inner that [23,24], a simplified calculation method of uplift capacity [27]
is expressed as:

11,2
Fy = px aD?/4+ L [(Keand),(nD;) + (Ktand), (Do) (24)

which can be simplified as:

,Y/hZ
2

Fy = p* nD?*/4 + 2nD-—Ktand (25)

The comparison of total vertical force is shown in Table 4 for L/D = 1.0. The rela-
tive error is less than 5%, presenting good prediction accuracy of uplift capacity. Under
undrained condition, the differential pressure has a pivotal effect on anti-pullout of caisson
(see Figure 13), and its evaluation is the key to the calculation of suction bucket uplift capac-
ity. The influence of friction coefficient is reflected in skirt wall friction, whose contribution
is smaller than differential pressure. Therefore, the influence of friction coefficient on uplift
capacity is insignificant in Table 4.
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Table 4. Comparison of simulation with analytical solution.

Total Vertical Force (kN)

Fricti ffici Relative E
riction Coefficient Simulation Solution  Analytical Solution elative Error

0.1 96,489 91,813 —4.85%

0.3 98,063 93,227 —4.93%

0.5 99,541 94,640 —4.92%

0.7 100,368 96,054 —4.30%

5. Conclusions

Considering the soil drainage conditions during caisson being pulled out, the fully
drained, partially drained and undrained are divided. An equation is proposed to evaluate
the development of differential pressure beneath the caisson lid, which can quantify its
contribution to uplift capacity under undrained. Further, the calculation method consider-
ing soil stress release is proposed to calculate the uplift capacity under fully drained. Key
conclusions from this study are summarized below:

(1) During caisson being pulled out, the differential pressure is positively associated
with normalized pullout velocity v/k and aspect ratio L/D, but the impacts of lateral earth
coefficient K and interface friction angle of soil-structure J on seepage is not significant.
When the normalized pullout velocity v/k is less than 1071, the differential pressure is
seldomly generated, presenting the fully drained response. The enlargement of differential
pressure is limited and the soil inside caisson is closed to undrained condition for v/k > 10%.

(2) Under fully drained condition, the uplift capacity of suction caisson is basically
undertaken by skirt wall friction. The soil effective stress around skirt wall has been
reduced due to the relative slippage between soil and caisson. On account of the stress
reduction, a stress release model, considering the variation of stress release range along the
depth, is proposed to calculate the skirt wall friction. Compared with the previous method
of fixing the range of stress release region, it facilitates the application of the project and
improves the prediction accuracy of uplift capacity.

(3) Under undrained condition, the uplift capacity of suction caisson can reach 10 times
or more of the fully drained resistance due to the differential pressure acting on the caisson
lid. However, the reduction of soil effective stress inside caisson is severe, and nearly half of
the soil is liquefied. The differential pressure has a pivotal effect on anti-pullout of caisson,
and its impact is calculated based on the proposed differential pressure equation. Then, a
simplified method is proposed to calculate the uplift capacity, which is composed of skirt
wall friction and differential pressure, showing good prediction accuracy.
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