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Masonry is a construction material that has been used throughout the years as a structural or
non-structural component in buildings. Masonry can be described as a composite material made
up of different units, diverse types of arrangements with or without mortar, and used in many
ancient public buildings as well as with the latest new technologies being applied in construction.
Research in the multiple relevant fields, as well as crossing structural with non-structural needs,
is crucial for understanding the qualities of existent buildings and to develop new products and
construction technologies.

This special issue on “Masonry Buildings: Research and Practice” is intended to address and
promote the discussion related to the different topics to do with the use of masonry in the construction
sciences and in practice, including theory and research, numerical approaches and technical applications
in new works, and repair actions and interventions in the built environment, connecting theory and
application across topics from academia to industry.

The outcome was ten high-quality contributions authored by international experts from nine
different countries, such as Bosnia and Herzegovina, Croatia, Egypt, Greece, Indonesia, Italy, Nepal,
Portugal and Slovenia, which are presented and discussed, with several approaches giving an additional
contribution to the state of the field.

Three submitted papers are related to non-structural masonry elements, and in particular the effect
of infill masonry walls in the seismic behavior of RC (recinforced concrete) structures. Though the effect
of these non-structural elements in buildings’ behavior is well known, they are usually not considered
during design, however, the studies presented provide some additional contributions. Kalman, Šipoš,
and Strukar present a methodology to estimate the contribution of infill in masonry-infilled frame
response based on a bi-linear approach, and the methodology was developed using neural networks
supported by an experimental database [1]. Furtado et al. present a particular case of a post-earthquake
study in Nepal of a 15-story infilled and reinforced concrete structure, in which the model was
calibrated with experimental data collected on site and the strategies that need to be considered with
regards to the influence of infill masonry in linear analyses, with and without damages, have been
analyzed, discussing the effects of the masonry particularly in the torsional response of the building [2].
Previous studies have shown the influence of the masonry infill walls in structural response, associated
in several cases with non-structural damage, and De Risi et al. provides an important contribution
based on the available data collected after the L’Aquila earthquake in Italy that was used to estimate
the repair costs for infills in a damage scenario [3]. The development of proper models and their use in
real structures for assessing structural and non-structural damage is important for the estimation of
direct and indirect losses due to earthquake events, which is a key aspect to help mitigate seismic risks.

The other papers are related to the use of masonry as a structural element. Indeed, Bayuaji
and Biyanto present a work using an artificial neural network to predict the deflection deformation
caused by dynamic loads [4]. The modeling of the structural behavior, as well as the mechanical
characteristics of masonry structures and the materials comprising it, is still an open issue to this day,
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even considering the non-homogeneous and anisotropic nature of masonry [5], as well as that of the
materials comprising it. It is also worth considering all the uncertainties that are common, especially
in traditional materials, that are leading the research in the use of advanced technologies, like the use
of artificial neural networks, which have emerged over the last decade. Take, for example, the already
discussed infill masonry as an attractive meta-modelling technique that is applicable to a vast number
of scientific fields, including material sciences [6].

Three papers have focused on the characterization and evaluation of the structural behavior
of existent masonry buildings in very different locations, as well as their typologies and materials
used. Two of the papers have focused on seismic assessment and strengthening. Domingues et al.
present a complete case of the typological and mechanical characterization of granite stone masonry
walls frequently found in old Portuguese urban centers, describing the different in situ and laboratory
experimental campaigns, the results of which provide an understanding of the local buildings, and
also show how the results can be used for further analysis [7]. Ademović et al. present a seismic
assessment of the vulnerability of a typical multi-story residential unreinforced load-bearing masonry
building in Sarajevo, Bosnia and Herzegovina, built without seismic concerns. This represents an
important part of the masonry building stock built between the 1920s and 1960s in this city and in the
Balkan region in general [8]. Like the work presented previously, also in this study, the use of site and
laboratory tests is presented and discussed to support the structural assessment. At the end, a brief
discussion is presented about strengthening solutions to reduce the seismic vulnerability. On the same
topic, Fathalla and Salem perform a numerical parametric study also motivated by seismic assessment
and retrofitting, focused on a typical four-story, load-bearing building in Giza, Egypt [9] for different
earthquake zones, studying different retrofitting strategies based on carbon fiber reinforced polymer.
These papers have highlighted the importance of in-situ investigations and laboratory tests, allowing
for a better definition of necessary materials and reducing some uncertainties, while also presenting
different numerical approaches to perform the seismic assessments and to study different retrofitting
solutions that are needed for buildings built without regard to seismic concerns around the globe.

Unreinforced stone masonry is one of the most common materials used in monuments all around
the world. The last group of papers published in this special issue presents three different case
studies on this topic. It is well known that, regarding monuments, each case should be studied as a
singular incident, however, researchers and engineers can learn from the different cases reported in the
literature. The first case study is related to research into the causes of the damage in the cylindrical
masonry shell structure in St. Jacob’s church in Dolenja Trebuša, Slovenia [10]. Based on a numerical
analysis, it was possible to understand the influence of the different possible causes, namely dead
loads, settlements, differential temperatures and extreme events like earthquakes. Based on the results
obtained, a monitoring plan and the study of a strengthening strategy are discussed. The other two
cases are mainly focused on the seismic assessment and retrofitting of existent monuments. The first
of these is focused on the seismic strengthening of the Bagh Durbar Heritage Building, located in
Kathmandu, Nepal [11], which was damaged after the earthquake of 2015. ased on the numerical
analysis, it was possible to preserve and improve the seismic safety of the ancient building. The second
case is related to the assessment of an unreinforced stone masonry Basilica-style church, located in
Greece, and focused on the long-term, permanent, and uneven foundation settlement, combined with
seismic forces generated from relatively strong earthquake ground motions in the area [12].

From all the cases presented, it is possible to conclude that the behavior of new RC masonry-infilled
structures or old masonry structures is complex, and with some limitations and simplifications, can be
simulated with numerical models in order to assess the effects of external loads and evaluate
performance under extreme events, like earthquakes. The use of these numerical models, which can
be more simply performed only with elastic properties, or in more advanced ways by exploring
the non-linear behavior of the materials, should be based on data from the site, from experimental
data, and with the information provided by other researchers in the same field. The knowledge thus
acquired can increase confidence in structural analyses, and in even more complex problems when the
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intention is to study retrofitting solutions. It should also be highlighted that all types of masonry that
are faced with immense variability in terms of materials and construction techniques even now have a
relative lack of relevant in situ and laboratory tests. Consequently, it is essential to keep improving
numerical models with reliable experimental data, which allows the use of either more simplified or
more complex models that provide reliable results.

Author Contributions: All authors contributed to every part of the research described in this paper.

Funding: This research received no external funding.

Conflicts of Interest: The authors declare no conflict of interest.
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Abstract: No-fines lightweight concrete wall with horizontal reinforcement refers to an alternative
material for wall construction with an aim of improving the wall quality towards horizontal loads.
This study is focused on artificial neural network (ANN) application to predicting the deflection
deformation caused by dynamic loads. The ANN method is able to capture the complex interactions
among input/output variables in a system without any knowledge of interaction nature and without
any explicit assumption to model form. This paper explains the existing data research, data selection
and process of ANN modelling training process and validation. The results of this research show
that the deformation can be predicted more accurately, simply and quickly due to the alternating
horizontal loads.

Keywords: wall; hysteresis; dynamic; no-fines lightweight concrete; artificial neural network

1. Introduction

Indonesian territory is prone to earthquake disasters occurring as a consequence of its position.
As it is the point of the interaction of four tectonic plates, including Australian, Eurasian, Pacific,
and Philippine, moreover, it is the place in which two primary earthquake courses (Circum-Pacific
Earthquake Belt and Trans Asiatic Earthquake Belt) pass through. Over the last five decades, dozens
of large earthquakes occurred in Indonesia and they have led to many casualties. It is worth noting
here that even the conventional force-based seismic design approach is strongly connected to the
deformation capacity parameter through the force-reduction factor which is used in the estimation of
design force of structures in the force-based seismic design approach. Furthermore, the deformation
capacity plays a crucial role in seismic assessment and retrofitting of existing structures, which has
become one of the main research topics in structural engineering.

This phenomenon can be minimized through awareness of unreinforced masonry building,
even for the non-engineered building construction. A simple house construction commonly uses a
brick masonry wall which, when a horizontal force (earthquake) occurs, can lead to total and immediate
collapse starting from the damage and the collapse in the part of masonry wall followed by other
building structures. This happens since the masonry wall in a simple house is used as a structural
part supporting the lateral loads (limited friction) due to the earthquake load. Seismic behaviour of
masonry walls was specifically discussed for its shear capacity drives in several papers [1,2].

The displacement capacity is a key parameter in the seismic design and assessment of structures.
Unfortunately, our current state of knowledge of the displacement capacity of masonry walls is
limited. On the one hand, the available experimental data has pronounced variability, so it is not

Buildings 2018, 8, 62; doi:10.3390/buildings8040062 www.mdpi.com/journal/buildings4
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possible to identify rational values for the displacement capacity of masonry walls based only on
such experimental data and, on the other hand, there are no reliable analytical models for either the
displacement capacity or the force–displacement relationship of masonry walls [3].

In general, the displacement capacity of masonry walls is a very complex value; it is influenced
not only by the failure mode but also by many other factors such as the constituent materials, geometry,
boundary conditions, and pre-compression level. Currently, we are still not able to take into account
properly the influences of all factors affecting the displacement capacity of masonry walls due to
inhomogeneous experimental data and a lack of reliable analytical models.

The assessment of the nonlinear seismic behaviour of masonry walls represents a subject of great
importance, however it is rather difficult to solve.

The behavior of unreinforced masonry wall panels subject to dynamic excitation such as seismic
loading is very complex and—up to today—not yet entirely investigated and understood. There are
neither instructions for the determination of the seismic input onto the wall nor a concept for the
approximation of the dynamic stability leaving it up to the structural engineer to find a practicable
method for the seismic verification. Quite often the seismic input is hence determined by using the
definition for non-structural components that may be an acceptable approximation in many cases.
However, there are no guidelines specifically for vital non-structural components and for components
that represent a potential risk. Including a seismic verification using a realistic model and realistic
response spectra that take into account the filtering effects of the structure is required. They are not
explained clearly by Eurocode 8 [4].

The deformation occurring under lateral loading on unreinforced masonry wall was explained
Bourzam [5] which the element’s stiffness depends on the mechanical properties of constituent material,
the geometry and boundary conditions. When subjected to a lateral load V, a confined masonry wall
generates a horizontal deflection δ. This lateral displacement is the sum of the deflection due to flexure
and the deformation due to shear as defined in the Equations (1)–(5). The detail correlation lateral load
(V) and horizontal deflection as deformation of unreinforced masonry wall under lateral loading is
figured on Figure 1.

δ =
Vh3

αEeqv Iw
+

1.2Vh
Geqv Aw

(1)

V = Ke δ (2)

where:

Ke = the effective stiffness of confined wall
Iw = tl3/12, moment inertia of the wall’s cross section
Aw = area of the wall’s horizontal
1.2 = the shear coefficient for rectangular cross-section
α = coefficient depends on the boundary condition, α =3 for cantilever panel and α =12 in case of
fixed-ended wall
EEquation = modulus of elasticity equivalent

GEquation = shear modulus equivalent

Eeqv =
Em Am + 2Ec Ac

Am + 2Ac
(3)

Geqv =
Gm Am + 2Gc Ac

Am + 2Ac
(4)

After substituting the value of V from Equation (2) into Equation (1) and rearranging its different
terms, the general equation for the effective stiffness of confined masonry wall in the elastic domain is
obtained and expressed as follows:
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Ke =
Geqv Aw

1.2h
[

1 + μ
Geqv
Eeqv

(
h
l

)2
] (5)

μ = coefficient describes the applied restraint conditions of the wall, μ = 3.33 for cantilever walls and
μ = 0.83 in case of fixed-ended walls.

 

 

 

 

 

 

δ 

Figure 1. Deformation of unreinforced masonry wall under lateral loading.

This clearly shows that further research into this field of seismic engineering is inevitable.
The outcome of the research should be a new verification concept that allows for a quick and easy
verification based on limit values and also provides guidance for a more advanced investigation of
the dynamic stability using displacement-based approaches. It is interesting to observe the model
of an artificial neural network [6–9] of dynamic capacity of no-fines lightweight concrete wall with
or without any horizontal reinforcement. As the name implies, no-fines lightweight concrete is a
conventional lightweight concrete which eliminates the engagement of fine aggregate, in order to
achieve some advantages. For example, it won’t segregate and is cheap.

Modelling with an artificial neural network (ANN) [10] refers to the Black Box modelling in
which the input is installed with a proper output. This model consists of connections and processing
elements (neurons).

In common, the structure of the ANN is multilayer perceptron (MLP). Figure 2 illustrates the
MLP structure consisting of input, hidden and output layer.

Cybenko [11] explained that the ANN model using the function of tangent hyperbolic activation
in a hidden layer and linear function in its layer output is able to predict the accuracy of all modelled
systems. Because of that, Equations (6)–(19) used to arrange the ANN modelling.

To determine the weight, for example by connecting ŷi output to ϕi input, needs an attempt called
training/learning. In training, the weight is adjusted to obtain the network output suitable with the
process or target output. This learning algorithm will continuously adjust the weight until the target
desired is reached. MLP can be written mathematically as follows:

yi = Fi

[
nh

∑
j=1

Wi,j. f j

( nφ

∑
l=1

wj,lφl + wj,0

)
+ Wi,0

]
(6)

The learning algorithm used in this research was Levenberg Marquardt Algorithm. Though being
more complex in comparison with the back-propagation algorithm, this algorithm is able to provide
a better result. The derivation of this algorithm can be seen in Norgaard [12] and can be explained
as follows.

6
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Input layer 
(ϕι)

Hidden layer Output layer 
(ŷi)

ϕ1

ϕ2

f1(.)

ϕ3

f2(.)

F1(.)

F2(.)

[wi,j] [Wi,j]

ŷ1 

ŷ2 

ϕ4

Figure 2. Structure of multilayer perceptron.

Training Data refers to a set of inputs u(k) paired with the desired output of y(k) as given below:

ZN = {[u(k),y(k)]|k = 1, . . . ,N} (7)

The objective of this learning is to determine the weight that might be from the data pair given.

ZN → w (8)

Thus, the network can result in an estimation of output of y(k) that is equal or closer to the output
of y(k). The error estimation will be approached using mean square error criterion:

VN(w, ZN) = L(i)(w)

= 1
2N ∑ [y(k)− ŷ(k|w)]T [y(k)− ŷ(k|w]

(9)

The weight obtained:
w = arg min

w
VN(w, ZN) (10)

w(i+1) = w(i) + μ(i) f (i) (11)

wi refers to the recent weight, f (i) denotes the direction of searching and μ(i) is the extent of step.
Levenberg Marquardt is a standard method for the minimization of mean square error criterion.
This algorithm has λ parameter to maintain convergence. The value of λ is controlled by the ratio
between the decrease of actual value and the prediction value.

r(i) =
VN(w(i), ZN)− VN(w(i) + f (i), ZN)

VN(w(i), ZN)− L(i)(w(i) + f (i))
(12)

where:

L(w(i) + f ) =
N

∑
k=1

(
y(k)− ŷ(k|w)− f T ∂ŷ(k|w)

∂w

)2
= VN(w

(i), ZN) + f TG(w(i)) +
1
2

f T R(w(i) f (13)

G shows a gradient of criteria by referring to the weight and R refers to the approach of Hessian.
If the ratio gets closer to one, L(i) (w(i) + f ) approaches VN, and λ should be reduced through some
factors. Conversely, if the ratio is little or negative, λ should be added. The Levenberg Marquardt
algorithm can be summarized as follows.

1. Select the vector of initial weight of w(0) and the initial value of λ(0) where w refers to the weight
and λ is given the initial value.

2. Determine the direction of searching in which I refers to the matrix of identity.

[
R(w(i) + λ(i) I

]
f (i) = −G(w(i)) (14)

7
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Thus, f is obtained and put into

w = arg min
w

VN(w, ZN) (15)

w(i+1) = w(i) + μ(i) f (i) (16)

If the objective function in the current iteration is less than the previous iteration or VN (w(i) +
f (i), ZN) < VN (w(i), ZN); thus, the current weight has been added to be a new weight w(i+1) = w(i) + f (i).
For this, the new searching direction of searching is the old searching direction λ(i+1) = λ(i). If not,
finding new λ must be found from the r value.

r(i) =
VN(w(i), ZN)− VN(w(i) + f (i), ZN)

VN(w(i), ZN)− L(i)(w(i) + f (i))
(17)

If r(i) > 0.75 thus λ(i) = λ(i)/2.
If r(i) < 0.25 thus λ(i) = 2 λ(i).

where V is calculated from the equation of Levenberg Marquard L

VN(w, ZN) = L(i)(w)

= 1
2N ∑ [y(k)− ŷ(k|w)]T [y(k)− ŷ(k|w]

(18)

L(i)(w(i) + f (i)) = (λ(i) f (i)T f (i))− ( f (i)T G) (19)

3. If the criteria are achieved, the calculation is terminated. Conversely, if the criteria are not
achieved yet, it must be started from step 2.

2. Research Method

Table 1 shows the specimen of no-fines lightweight concrete wall was made into 2 (two) variations:
no-fines lightweight concrete wall without horizontal reinforcement (lightweight concrete wall, LCW)
and no-fines lightweight concrete wall with horizontal reinforcement with 6 mm-diameter with the
distance of 200-mm inter-reinforcements (lightweight concrete wall with horizontal bars, LCWHB-200)
as shown in Figures 3 and 4.
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Figure 3. LCWHB-200.
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Figure 4. LCW.

Table 1. Dimension of the specimen of no-fine lightweight concrete wall.

Code LCW LCWHB-200

Size (mm)
Column 100 × 100 100 × 100

Beam 100 × 100 100 × 100

Number of Steel
reinforcements 4 Ø8 4 Ø8

Confinement distance Ø6-150 Ø6-150

Horizontal reinforcement - Ø6-200

The constituent materials of no-fines lightweight concrete wall in this research was structured
from the binding material of 50-kg Portland cement type I (Indocement), PDAM water at Structure
Laboratory, Department of Civil Engineering of Gadjah Mada University, 10–20 mm diameter aggregate
originated from Kemiri Village, Pakem Sleman. PDAM has acronym Perusahaan Daerah Air Minum,
Indonesia regional water utility company. In addition, the reinforcement steel used in forming the
reinforced concrete frame was the ISPAT steel, the company was set up as a 60,000 tpa Greenfield
project, for rolling from Surabaya with 8-mm plain steel reinforcement (fy = 341.62 MPa) as the
column reinforcement and practical beam. The 6-mm reinforcement (fy = 263.06 MPa) was used as the
shear reinforcing and horizontal reinforcement on the wall. The no-fines lightweight concrete wall
was planned with the stress force on the average of 4.45 Mpa, elasticity modulus on the average of
1632.75 Mpa, splitting tensile was on the average of 0.248 Mpa, and adhesive reinforcement in no-fine
concrete at 1.661 Mpa (34.62% of the adhesive reinforcement in normal concrete). No-fines lightweight
concrete has a weight of 1572 kN/m2, 94.3% lower than the red brick. The ready-mix normal concrete
with fc’ = 25.90 MPa for sloof beam with the ratio of Portland Cement:Sand:Coarse Aggregate = 1:2:3.

The equipment used in the research is included loading frame, load cell, crane, rigid floor,
hydraulic jack and hydraulic pump machine with the capacity of 50 tons, data lodger, and computer.
6 units of 50-mm Linear Variable Differential Transformer (LVDT) with the accuracy of 0.01 mm and
all was connected to data lodger were used to measure the level of deflection. Set up of the test on
those three specimens can be seen in Figure 5.
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Hydraulic Jack

Loading Frame

Computer
Data Loger

LVDT

Rigid Floor

Figure 5. Test Setting.

Cyclic lateral load was given as unidirectional with the axis of wall strength referring to American
Society for Testing Materials (ASTM) E 2126-02a Method B (amplitudes of the Reversed Cycles).
The lateral load was given to the specimen with alternating direction until reaching the yield in which
it was then continued to reach a collapse (failure) and loading was based on the displacement control.

Meanwhile, data obtained from the test above was used to make an ANN-based model that can
be used to predict the horizontal deflection by entering the input condition that would be predicted.
ANN will predict in an interpolation and extrapolation of horizontal deflection. Here, the model of
ANN proposed to predict the horizontal deflection (force and deviation) was developed by means
of MATLAB R2013 (TechSource Systems Pte Ltd, Singapore) MATLAB 7.1. Figure 6 presents the
structure of the artificial neural network model in which the force was the input data and deflection
was the output.

Neural Network
Horizontal Deflection

Loading Force

Un-loading Force

Figure 6. The Proposed model of artificial neural network (ANN) for the force and deflection.

3. Results and Analysis

This neural network model used a FIR (Finite Impulse Response) structure. It was characterized
by placing the variable of input model from the input itself. The input data used in this study was

10



Buildings 2018, 8, 62

1217 data points for the no-fines lightweight concrete wall without the horizontal reinforcement
unreinforced and 2688 data points for the no-fines lightweight concrete wall with the horizontal
reinforcement unreinforced. The equation, Equation (20) of model output can be presented as follows:

Ŷ = f (U1, U2, U3) (20)

The artificial neural network model of the no-fines lightweight concrete used MLP; trained by
Marquardt algorithm conducted in 200 iterations. The neural model was trained with training data to
determine the weight value. Then, the weight used for the validation of neural models by using other
input and output data. The goodness of system identification was measured by using Equation (21),
Root Mean Square Error (RMSE), which can be written as follows:

RMSE =

√√√√√ N
∑

i=1
(yi − ŷi)

2

N
(21)

The best RMSE obtained from the no-fines lightweight concrete with the reinforcement was at
0.2629 for training and at 0.7701 for validation. Meanwhile, the best RMSE obtained in the no-fines
lightweight concrete wall without reinforcement was at 0.0431 for training and at 0.0462 for validation.
The trained neural network model was also validated in a set of data that was not used for network
training (Figures 7 and 8). Using fixed values of the weights that obtained in training phase, the neural
networks should produce the predicted output from the new input data. Figure 9 and 10 illustrate the
validation phase.

These results confirm that no-fines lightweight concrete with the reinforcement provides better
results than without bar steel horizontal. The mechanical properties of horizontal reinforcement
improved the strength behavior of no-fine lightweight concrete as the wall element. This is shown
in the RMSE results and images on training and validation. Figure 7 shows the training for no-fines
lightweight concrete wall with the horizontal reinforcement showing a more orderly and non-random
pattern, as well as Figure 9 as a validation image showing similar trends. These are different with
Figures 8 and 10. They were figured as training and validation for no-fines lightweight concrete
without the reinforcement.
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Figure 7. Training for no-fines lightweight concrete wall with the horizontal reinforcement.
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Figure 8. Training for no-fines lightweight concrete wall without the horizontal reinforcement.
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Figure 9. Validation for no-fines lightweight concrete wall with the horizontal reinforcement.
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Figure 10. Validation for no-fines lightweight concrete wall without the horizontal reinforcement.
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The correlation coefficient R that shows at Equation (22) what proportion of the variation of
the predicted values can be attributed to the linear relationship with the actual values is given by
the formula:

R =
Sxy√

Sxx × Syy
(22)

The experimental deflection of the no-fines lightweight concrete wall due to cyclic load is
illustrated in Figures 11 and 12. The correlation coefficients are 0.9927 for deflection of no-fines
lightweight concrete wall with reinforcement and 0.9955 for deflection of no-fines lightweight concrete
wall without reinforcement which was distributed evenly on both sides of the line, which indicates an
excellent performance of the model.
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Figure 11. Predicting the accuracy of neural-network system for no-fines lightweight concrete wall
with the horizontal reinforcement.
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Figure 12. Predicting the accuracy of neural-network system for no-fines lightweight concrete wall
without the horizontal reinforcement.

4. Conclusions

The development of a model using ANN to predict the deflection due to the dynamic force
in no-fines lightweight concrete wall comprising 2 input variables and 1 output variable has been
presented in this paper. The model structure was referred to as perceptron multilayer. In general,
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the neural network is designed to be able to anticipate the nonlinear and complex interactions between
input/output variables and no-fines lightweight concrete wall. Therefore, the ANN model can be used
as an alternative model to predict the deformation more accurately, simply and quickly due to the
alternating horizontal loads on a no-fines lightweight concrete wall.
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Abstract: The estimation of direct and indirect losses due to earthquakes is a key issue in the
Performance Based Earthquake Engineering framework. In commonly adopted loss computation
tools, no specific data related to masonry infill panels, widespread in moment-resisting-frame
residential buildings, are available to perform a probabilistic assessment of losses. To fill this gap,
specific fragility and loss functions have been recently proposed in the last years. To assess their
validity and estimate the relevance of the repair costs due to infills after earthquakes with respect
to the total reconstruction process, the present work analyses the Reinforced Concrete residential
buildings with masonry infills struck by the 2009 L’Aquila (Italy) earthquake, focusing on the dataset
of “lightly” damaged buildings, where only damage to masonry infills occurred. Based on available
data related to these buildings, the observed damage scenario after L’Aquila earthquake is first
obtained. The repair costs for infills are estimated given this damage scenario. The resulting estimated
repair costs are then compared with the actual repair costs presented in the available literature. The
percentage influence of infills on the total repair costs due to earthquakes for residential buildings is
lastly computed, resulting on average equal to the fifty percent.

Keywords: RC buildings; masonry infills and partitions; damage analysis; repair costs due to infills;
post-earthquake surveys

1. Introduction

Earthquakes certainly represent a paramount kind of natural hazard due to the current impossibility
to predict their occurrence and significant impact on civil structures worldwide in terms of social
consequences, direct and indirect losses, and risk of casualties. FEMA P-58 [1] explicitly proposes
a seismic performance assessment methodology for buildings according to the Performance-Based
Earthquake Engineering (PBEE) concept [2], namely combining seismic hazard, structural response,
damage analysis and associated consequences, the latter defined in terms of repair costs, repair time, and
casualties. FEMA P-58 is also accompanied by a Performance Assessment Calculation Tool (PACT) [3],
a user-friendly electronic calculation tool, including a repository of component-by-component
(structural and non-structural) fragility and consequence data, which allows performing the probabilistic
assessment of losses, as described in the FEMA P-58 methodology.

Several works over the last few years have carried out an estimation of the post-earthquake
damage [4] and total repair costs (e.g., [5,6], among others). In particular, after the 2009 L’Aquila
(Italy) earthquake, a systematic analysis of the actual costs for reconstruction was carried out, both for
repairing and retrofitting activities [7–11]. Some of these studies also highlighted that no specific data
related to masonry infill panels in typical moment-resisting-frame residential buildings are accounted
for in the PACT tool [11,12]. This gap is particularly important for typical Mediterranean building stock,
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especially for Reinforced Concrete (RC) Moment Resisting Frames (MRF), generally characterized
by masonry exterior infills and partitions. The analysis of post-earthquake damage data in [7,13–16]
highlights the key role played by damage to the masonry infills and partitions. Therefore, seismic
performance assessment of infilled RC frames needs to take into account also the contribution of these
components in estimating properly the expected seismic performance of RC MRF both in terms of
seismic response [17] and loss estimation [18]. To fill the above-mentioned gap, specific fragility and
loss functions have been recently carried out in [12] and [18]. These proposals need to be compared
with actual repair costs, specifically related to the masonry infills, obtained from real post-earthquake
damage surveys, to assess their validity and estimate the relevance of the repair costs due to infills
with respect to the total reconstruction process. This is the core of this work.

To this aim, the present work analyses the RC residential buildings with masonry infills struck
by the 6 April 2009 L’Aquila earthquake, focusing on the dataset of “lightly” damaged buildings.
“Lightly” damaged buildings are defined herein as those buildings where only damage to masonry
infills occurred. The evaluation of repair costs can thus be made by neglecting the contribution due to
repair activity to other structural components (e.g., vertical structures, horizontal structures, stairs, and
roofs). All these buildings, in the Abruzzi region, after the 2009 earthquake, have been charged with a
post-earthquake usability in-situ assessment procedure [4], providing for each building a very useful
description of the damage severity and extent and its resulting usability rating. The observed damage
scenario for the investigated building stock is obtained and analysed in detail.

The repair costs for infills are then estimated, starting from the cost analysis related to a single
infill panel reported in Del Gaudio et al. [18], and by means of its extension to the whole analysed
dataset of buildings. The resulting estimated repair costs are lastly compared with the actual repair
costs properly analysed in Dolce and Manfredi [19], depending on the building’s usability rating, to
compute the percentage influence of infills on the total amount of all the repairing activities.

2. IN-SITU Post-Earthquake Damage and Safety Assessment

In-situ surveys are significantly important for a rapid response to earthquake emergency. Their
primary goal is to judge the usability of inspected buildings, defining if they can still be used with a
reasonable level of safety. Secondly, these data, properly elaborated, can also be used to provide statistics
about damage to buildings after a seismic event, as recently published by the Italian Department of
Civil Protection through the Da.D.O. platform (“Database di Danno Osservato” [20]).

A well-consolidated post-earthquake usability assessment procedure was proposed in the past
by Baggio et al. [4], and it was widely used in Italy in the aftermath of recent events, from the 1997
Umbria-Marche earthquake to present day, thus representing the base of the above-mentioned Da.D.O.
platform. These post-earthquake survey data are synthetically reported in the so-called AeDES
(Agibilità e Danno nell’Emergenza Sismica, Usability and Damage in Post-Earthquake Emergency)
form [4].

In general, the parameters collected by the AeDES form can be grouped into five macro-sections:

• Building identification: data related to the municipality and position of the building;
• Building description: number of stories, average storey height, average surface, construction and

renovation age, use and utilisation (Figure 1);
• Building typology: information on vertical and horizontal (masonry or RC) structures, on the

presence of tie rods or tie beams, of isolated columns, of mixed type structures among others, on
plan and elevation regularity;

• Damage: (3 + 1) damage levels are considered (“Null”; “D1: Slight”; “D2–D3: Medium-Severe”;
“D4–D5: Very heavy”) based on European Macroseismic Scale [21] classification, with explicit
indication about the damaged portion of the whole building (<1/3, 1/3–2/3, >2/3) for different
structural components (vertical structures, floors, stairs, roofs, infills/partitions);

16



Buildings 2019, 9, 122

• Usability: six usability judgements are reported as a function of the risk conditions detected on the
structure for structural and non-structural components (or external risk), and eventual short-term
countermeasures are suggested.

 
Figure 1. Extract of the AeDES form for building description—adapted from Baggio et al. [4].

Note that only residential buildings are analysed in the following (Figure 1).
The analysed damage can be related to vertical structures, floors, stairs, roofs, infills, or can

be pre-existing damage. The “structural” damage can be also related to infills and partitions, thus
recognising their primary role in structural responses. Possible damage grade and extent in infills is
described in Section 2.1, as suggested in the AeDES user manual [4]. How this damage description can
provide a usability judgment is the objective of Section 2.2.

2.1. Damage to Infills According to the Aedes Form

As for the other structural components, the damage grade to infills can be defined as “Null”, “D1:
Slight”, “D2–D3: Medium-Severe”, or “D4–D5: Very heavy”. Damage extension can be reported in the
following ranges: “<1/3”, “1/3–2/3”, “>2/3” of the whole building.

Damage grade D1 (“Slight”) is a damage level that does not significantly change the behaviour of
the building and does not affect the safety of the building’ occupants. Particularly for infills, slight
detachments (<1 mm) of the infill panels from the surrounding beams/columns can occur, with eventual
cracks (<1 mm width) due to the participation of the infill to the total lateral strength of the building.
This damage level for infills can contribute to the definition of a “low” total damage level in the
building, unless there is a certain degree of risk of out-of-plane collapse due to the eventual absence of
connection between the panel and other structural components.

A more severe damage level (“D2–D3: Medium-Severe”) can significantly change the building’s
lateral strength, which will be lower in the case of a subsequent similar seismic shaking, even if without
any collapse risk. The infill panel can present cracks (between 1 and 5 mm) due to detachment from the
surrounding elements, diagonal cracks up to “some” millimetres, and quite evident corner crushing
with some localized bricks expulsions. If a big number of infill panels (high extent) are affected by this
damage level, the total structural risk can be “high”; otherwise, a lower damage level can be evaluated
case-by-case for less significant damage.

Damage grade D4–D5, defined as “Very heavy” damage, significantly modifies the structural
response leading to a possible partial or total collapse of the building. Cracks’ width and extension
on the infills are significantly more severe than for the previous damage level. Some examples of
Medium-Severe and Very Heavy damage to infills are shown in Figure 2.
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(a) (b) (c) 

Figure 2. Examples of Medium-Severe and Very Heavy damage to infills: horizontal and vertical cracks
between infill and beams/columns—widespread damage D2–D3 and locally D4–D5 (a); damage D4–D5
to infills (b); damage D4–D5 with out-of-plane collapse of one infill leaf (c)—adapted from [4].

2.2. Post-Earthquake Usability Rating According to the Aedes Form

The damage extent and severity for structural and non-structural elements are lastly converted in
a usability judgment for the analysed building [4]. Six usability judgments can be selected for each
building, from “A” to “F” (Figure 3). In particular:

• “A” (“Usable building”) does not mean that the building has not suffered any damage, but that
the repair of damage is not a necessary condition for the usability of the building;

• “B” (“Temporary Unusable”) requires short-term countermeasures to reduce the risk to the
occupants to an “acceptable” level; the building is unusable until these countermeasures
are realized;

• The judgment “C” (“Partially Unusable”) is like “B” but related to only a part of the building;
• “D” is a case in which a further or more expert investigation is required;
• “E” (“Unusable building”) means that the building cannot be used at all and short-term

countermeasures are not enough. Damages could be repaired, but the repairing activities
must be considered as part of the “reconstruction process”;

• “F” is related to external risk sources.

 

Figure 3. Usability judgments according to the AeDES form—adapted from Baggio et al. [4].

Only usability judgment “A”, “B” and “E” will be considered in the following analyses reported
herein, since the other usability judgements are related to exterior risk (“F”), or to not definitive
analyses (“D”), or to a not-known unusable portion of the building (“C”).

Note that the information about the usability judgment is particularly important since generally it
is strictly related to the reconstruction refund level for each building [9,10,19]. In this work, the repair
costs due to infills, estimated as explained in the following sections, will be compared with the total
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actual reconstruction cost (reported in [19]), depending on the usability judgment, to highlight the
percentage incidence of the infills on the whole repair cost.

3. Post-L’Aquila 2009 Earthquake Observed Damage to RC Buildings

In this work, the attention is focused on the well- and sadly- known L’Aquila 2009 seismic
event, whose main characteristics are briefly described in Section 3.1. After this event, an extensive
post-earthquake survey campaign was performed, based on the AeDES form to evaluate the produced
damage to residential buildings and to judge the usability of those buildings, as mentioned in Section 2.
Thanks to this data collection, a subset of buildings are investigated herein, as explained and described
in Section 3.2, to obtain an “observed” damage scenario (Section 3.3) allowing, in the end, to identify
post-earthquake repair costs due to infills, one of the main aims of this work.

3.1. Seismic Input Description

On 6th April, 2009, an earthquake of magnitude Mw = 6.3 struck the Abruzzo region, heavily
affecting the area in the proximity of L’Aquila city, and killing 308 people. The area near the epicentre,
in the neighbourhood of L’Aquila Municipality, was seriously damaged, resulting in IX–X grade of
MCS (Mercalli–Cancani–Sieberg) macro-seismic scale.

The related ShakeMap in terms of Peak Ground Acceleration (PGA) and spectral ordinates (PSA)
(for periods of vibration, T, equal to 0.3, 1 and 3 sec) can be derived by means of the Italian National
Institute of Geophysics and Volcanology (INGV) procedure [22]. The ShakeMap in terms of PGA
is shown in Figure 4. The map is derived by means of the software package ShakeMap®by using
different Ground Motion Prediction Equations and signals registered by Italian Strong Motion Network
(Rete Accelerometrica Nazionale, RAN) and the Italian National Seismic Network (RSN).

Figure 4. Shakemaps derived by the Italian National Institute of Geophysics and Volcanology (INGV)
for PGA.

3.2. Investigated Database: “Lightly Damaged” Infilled RC Buildings

The dataset of buildings investigated in this work is made up of the MRF residential RC
buildings located in the Abruzzi region, which after the 2009 earthquake have been involved in the
post-earthquake usability assessment procedure by means of the AeDES form [4]. The focus herein has
been first restrained from an original sample of 12223 to a subset of 7597 residential MRF RC buildings
(for further detail, see [13]) from those collected in the Da.D.O. platform [20]. Among these data, only
the buildings characterized exclusively by damage to infill panels are considered herein, since the aim
of this work is the evaluation of repair costs due to infills in RC buildings, neglecting the contribution
of repairing activity to other structural components (namely vertical structures, horizontal structures,
stairs, roofs). An extract of the AeDES form is reported in Figure 5, to highlight the selection process
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among all the forms available in the Da.D.O platform. Therefore, only buildings for which the AeDES
form reported damage to exterior infills and interior partitions and “Null” damage to all the other
structural components are considered for the following analyses (as shown by the blue box in Figure 5).
These buildings are defined herein as “lightly damaged buildings”. The resulting database analysed
herein is thus composed of 5095 RC buildings. The related frequency distribution of number of stories,
year of construction, plan area (A), and suffered PGA during the main seismic shock are reported in
Figures 6 and 7.

 

Figure 5. Damage description according to the AeDES forms and analysed damage—adapted from
Baggio et al. [4].

 
 

Figure 6. Frequency distributions of number of stories, plan area (A) (“na” = not available), year
of construction, and PGA suffered during the L’Aquila 2009 earthquake for the analysed subset
of buildings.
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(a) (b) 

  
(c) 

Figure 7. Cross-correlation in the frequency distributions for the analysed subset of buildings: number
of storeys (from 1 to 7)—plan area (a), year of construction—plan area (b), number of storeys—year of
construction (c).

Figure 6 shows that three-storey buildings are the most common; additionally, a relevant percentage
of buildings have two or four stories. The major part of these buildings has a plan area varying between
50–300 square meters, was built after 1972, and was struck by a PGA level in the range of 0.30–0.50 g.
In Figure 7, it can be noted that the tallest buildings have the highest plan surface. No other evident
trends between year of construction and number of stories or plan area can be found (Figure 7).

3.3. Observed Damage Scenario

Based on data described in the previous section, the observed damage scenario is obtained and
shown in this section. To obtain such a damage scenario, some assumptions are necessary, particularly
in relation to the damage metric definition for infill panels.

Over the past years, authors have proposed definitions of different Damage States (DSs) through
observation on the extent and severity of cracking patterns on the panels or the failure of brick units.
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Some other research works also relate such damage levels to the achievement of the peak strength of
the infilled frame or the achievement of given lateral strength reduction thresholds. Typically, three or
four DSs have been defined in the literature, corresponding, for increasing damage level, to (i) the
onset of cracking and first detachment between infill panel and the surrounding RC frame, (ii) the
widening of previous damage pattern, (iii) the crushing and spalling of a significant portion of bricks
and (iv) the partial/total collapse of the panel.

European Macroseismic Scale (EMS-98) [21], first, proposes three DSs specifically for infill panels
in RC frames, as a function of a qualitative description of damage (Table 1): fine cracks (DS1), large
cracks (DS2), collapse (DS3). DS4 and DS5 are also defined in the EMS-98 scale, but they are basically
related to damage suffered by RC members (in the specific case, RC buildings). Therefore, due to the
scope of the present work, these latter two DSs will be neglected in the following analyses.

Table 1. Correspondence of damage level according to EMS-98 and AeDES form (each background
color represents the related DS in the following figures).

DS
EMS-98 [21] AeDES form [4]

Damage Description Damage Severity Damage Extent

DS0 No Damage D0—Null Damage None

Negligible to Slight damage:
Fine cracks in partitions and infills.

D1:
Slight

<1/3
DS1 1/3–2/3

>2/3

Moderate damage:
Cracks in partition and infill walls

D2–D3:
Medium—Severe

<1/3
DS2 1/3–2/3

>2/3
Substantial to Heavy damage:

Large cracks in partition and infill walls,
failure of individual infill panels

D4–D5:
Very Heavy

<1/3
DS3 1/3–2/3

>2/3

Similar to EMS-98, AeDES survey forms [4] define three DSs, as explained in Section 2, reporting
a more accurate and detailed damage description with a quantitative indication of crack width for
each one. A certain degree of correlation can be found between these two damage scales, as reported
in Table 1.

Starting from the damage metric reported in Table 1, the collected buildings with damage to
infills can be classified in DS1, DS2, or, DS3, depending on the information reported on the related
AeDES form. The resulting “observed” damage scenario is shown in Figure 8a, reporting the number
of buildings in each DS, where the DS of the whole building is assumed as the maximum observed
damage level identified in the AeDES form for that building. In summary, 2406 buildings present no
damage to infills and partitions (and no damage to vertical structures, roofs, stairs, etc.). A total of
1943 buildings fall within the damage level DS1, 555 are in DS2, and a smaller portion (191 buildings)
presents a damage level DS3.

For each building, the maximum damage level shown in Figure 8a can be attained with different
damage extents, as shown in Figure 5 and Table 1. Figure 8b additionally shows the distribution of
the damage extent (“<1/3”, “1/3–2/3”, “>2/3”) that defined the maximum achieved DS. Note that, for
each given maximum DS, the prevalent damage extent is “<1/3”, namely the maximum achieved
damage is generally quite concentrated in a small portion of the building. Together with this maximum
damage level, with its extent in a certain portion of the building, a less severe damage—distributed
in other portions/stories of the buildings—can (co)exist. The information about this “co-existing”
damage is shown in Figure 9, depending on the maximum achieved damage level. For all buildings
with maximum damage level DS1 (1943 buildings), different damage extent can be present; their
complement to the unity is assumed to be in DS0. About buildings with maximum damage level
DS2 (555 buildings), a certain extent of less severe damage (DS1) or not damaged portions of the
whole building (DS0) can be present, as shown in Figure 9. Similarly, for a building with a maximum
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damage level equal to DS3, some portions of the building with a damage level DS0, DS1 or DS2 can be
present. Such information should be considered for a realistic repairing cost estimation, as explained
in Section 4.

 

(a) (b) 

Figure 8. “Observed” maximum damage scenario for “lightly damaged” RC buildings (a), and details
about the extent of the maximum damage in each DS (b).

Figure 9. “Coexisting” damage given the maximum damage level (Number (#) of buildings is in
logarithmic scale).

Further analysis of the observed damage scenario reported in Figure 8a can be carried out by
means of the decomposition of the whole scenario depending on plan area, number of storeys, year of
construction of the analysed building stock, or depending on the suffered PGA during the seismic
event, as shown in Figure 10. It can be noted that:

• For high-rise buildings, a more severe damage level (i.e., higher percentage of DS2 and DS3) is
observed, likely due to the generally higher seismic vulnerability of higher buildings, (all the
other main characteristics being the same);
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• Construction age is not a significant parameter in the definition of damage trend;
• A higher plan area is associated with more severe damage levels;
• Damage severity increases for higher values of PGA, as expected.

  

  

Figure 10. Analysis of the observed damage scenario for “lightly-damaged” RC buildings depending
on the PGA of the event, year of construction, number of storeys and plan area of the buildings.

4. Repair Costs Estimation for Masonry Infills

The repair cost estimation performed herein belongs to “component-level” loss prediction
methodologies [1,3,5]. Only repair costs due to infills are analysed and presented, to show their
percentage incidence on the total repair costs and to provide a lower bound for the actual repair costs
for infilled RC buildings.

The repair costs estimation provided in this section is directly derived from: (i) the cost analysis
related to a single infill panel and (ii) the “observed” damage scenario reported and commented in the
previous section, as explained in Sections 4.1 and 4.2.

4.1. Repair Cost Evaluation for A Single Masonry Infill Panel

First, a list of considered macro-activities is needed. To this aim, the main operations in repairing
a single infill panel damaged during a seismic event has to be defined, as reported in Table 2.
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Each group of activities—from a) to g)—is made of a list of elementary actions, established
on engineering judgement to restore the infill panel to its undamaged state, according to Del
Gaudio et al. [18], where the corresponding unit cost (cj) has been evaluated from the Price List
of Public Works in Abruzzi Region [23].

Summing up the product of the unit cost (cj) and the area of intervention (Aj,DSi) for all the activity
groups, the total cost of restoration CTOT

DSi of an infill panel damaged during a seismic event for a given
damage state (DSi, with i = 1, . . . ,3) can be evaluated as reported in Equation (1):

CTOT
DSi =

{a,b,c,d,e,f,g}∑
j

cjAj,DSi (1)

Note that Del Gaudio et al. [18] reported the repair costs related to four conditions: the first one
was related to a light cracking damage; the second one to an extensive cracking damage; the third one was
assumed as the “economically convenience” limit to repair without demolish/reconstruct; the fourth one
corresponds to the total infill collapse/failure condition [18]. Therefore, the cost related to the light cracking
damage has been used for DS1; that related to the extensive cracking damage for DS2; that related to the
“economically convenience” limit to repair without demolish/reconstruct is neglected in what follows; lastly
the one related the total infill collapse/failure condition has been used herein (Figure 11) to determine the
repair cost of buildings characterized by the DS3 according to the definition of EMS-98 (in which the
total failure of the infill is assumed).

 

Figure 11. Repair costs (CTOT
DSi ) for double leaf hollow clay bricks.

Hence, CTOT
DSi has been evaluated as suggested in [18] for three panel typologies (panel without

openings, panel with window opening and panel with door opening), by means of a Monte Carlo
simulation technique, considering a number of 1000 simulations varying the length dimension of the
infill panel from 4.00 m to 5.00 m and assuming the panel height equal to 2.75 m. It is assumed herein
that the clay infill panel is realized with a double leaf cavity masonry wall with (hollow + hollow)
panel, constituted by (12 × 25 × 25) cm hollow clay brick (void percentage > 55%) for exterior leaf and
(8 × 25 × 25) cm hollow clay brick (void percentage > 55%) for interior leaf, with thermal insulation,

26



Buildings 2019, 9, 122

as generally widespread in the L’Aquila region [24]. Openings are assumed as constituted by wood
frames with plan dimensions of (1.20 × 2.20) m2 or (0.90 × 1.50) m2, for door or window opening,
respectively. The resulting CTOT

DSi for each panel typology at DSi (with i = 1, . . . ,3) are reported in
Figure 11.

Note that the values in Figure 11 can be considered as expected (mean) values of economic losses
for restoring a damaged infill partition after an earthquake. A dispersion value around them may be
considered due to variability related to different professional practices or considering uncertainty in
contractor pricing strategies. However, this aspect is not investigated herein.

The above reported remarks and resulting data reported in Table 2 are related to exterior infill
panels, namely to infills belonging to the external skin of the building. To obtain a realistic repair cost
prediction for a whole building, the interior partitions should also be considered. Therefore, some
hypotheses are assumed herein to evaluate the repair cost of interior infill partitions with cement
mortar and (8 × 25 × 25) cm hollow clay bricks, starting from the costs obtained for the corresponding
(hollow + hollow) double leaf exterior infill panel. Such assumptions and their results are summarized
in Table 3, where the activities to be subtracted/added to the total cost of an exterior infill are listed
and quantified. Additionally, the equivalent length of interior infill panels (Lint,x and Lint,y) along the
two main orthogonal directions (x and y) is determined by assuming that the geometric percentage of
interior infills (with thickness sw,int) was equal to the 50% [25] of the geometric percentage of exterior
infills (with thickness sw,ext), as shown in Equations (2) and (3):

sw,int(Lint,x)= 0.5[sw,ext(2Lx)]→ Lint,x =
sw,ext

sw,int
Lx (2)

sw,int
(
Lint,y

)
= 0.5

[
sw,ext(2Ly)

]
→ Lint,y =

sw,ext

sw,int
Ly (3)

where sw,int = 80 mm and sw,ext = 200 mm are assumed. As a consequence, the Lint,x – to – Lint,y ratio
results coherent with the plan aspect ratio (PR = Lx/Ly).

Table 3. Definition of the repair cost for interior infill partitions starting from the costs of exterior infills.

(Hollow +Hollow) Panel without Openings: Exterior Infill
CTOT

DS1 CTOT
DS2 CTOT

DS3

77 105.3 285.8

subtract

Scaffolding with steel scaffolding and
multi-directional ring-lock rosettes, with fiberglass

monofilament netting for scaffolding enclosure
25.7 25.7 25.7

Demolition of single leaf masonry brick
with mechanical equipment - 1.4 13.8

Construction of double leaf cavity masonry wall (12 × 25
× 25) cm hollow clay brick for exterior leaf

and (8 × 25 × 25) cm hollow clay brick for interior leaf
- 7.3 72.6

add Interior infill partition with cement mortar and
(8 × 25 × 25) cm hollow clay bricks - 2.6 26.3

Costs for interior partition with hollow clay brick 51.3 73.5 199.9

4.2. Probabilistic Evaluation of Repair Costs Due to Infill Panels for a Whole RC Building

The total repair cost estimation due to infills in a RC building obviously starts from the repair
cost related to a single infill panel, but additionally requires the definition of some Random Variables
(RVs) to identify the complete configuration of the damaged infills throughout the whole building,
belonging to a building stock. The necessary RVs, assumed here with uniform probability density
functions, are listed below:

• Plan Area (A), assumed as a continuous RV within the ranges presented in Figure 6;
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• Plan aspect Ratio (PR), assumed as a continuous RV within the range [1; 2.5] (as suggested in [16]
for a building stock in the same geographic area)

• Damage Extent (DE), assumed as a continuous RV within the ranges [0; 1/3], [1/3; 2/3], [2/3; 1] (as
in the AeDES form)

• Presence of Openings (OP), assumed as a discrete RV among the cases: “no opening”,
“window”, “door”

Therefore, for each building belonging to the collected database, starting from its own plan area
range and damage extent range from the related AeDES form, 1000 random samples are generated in
a Monte Carlo simulation approach, thus assuming Aj, PRj, DEj, OPj with j = 1, . . . ,1000. Then, the
following cascading quantities can be defined for each building and for each sample j:

• Longitudinal (Lxj) and Transversal (Lyj) plan length:

Lxj = Aj/PRj; Lyj = Aj/Lxj (4)

• Exposed infills area (S): Plan perimeter (P) × Building height (H) (the latter defined as the number
of stories (ns) multiplied by the inter-story height, h, assumed equal to 3 meters), as in Equation (4):

Sj = Pj × H = 2(Lxj + Lyj) × ns × 3 m (5)

• Damaged infills area at DSi (SDSij): Exposed infills area × Damage Extent at the damage level DSi,
as in Equation (5):

SDSij = Sj × DEij (6)

• Repair cost at a given DSi (RCDSij): Damaged infills area at DSi × Repair cost at that DSi, as shown
in Equation (6):

RCDSij = SDSij × CTOT
DSi (7)

• Mean total repair cost TRC, as the sum of RCDSi, for i = 1, . . . ,3, averaged among all the samples.

5. Resulting Repair Costs for Infills and Discussion

The result of the procedure described in Section 4 is summarized in Figure 12, in terms of TRC per
the total plan area unit (average plan surface × number of stories) in Euro (€)/m2 and depending on the
maximum observed DS. Mean and median values, 16th and 84th percentiles are shown in Figure 12
and reported in Table 4 for each maximum DS.

Figure 12. TRC due to infills depending on the maximum attained DS.
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Table 4. Median, 16th and 84th percentiles for TRC depending on the maximum DS.

TRC (€/m2) Mean Median 16th Percentile 84th Percentile

DS1 36.96 29.63 9.45 61.3

DS2 87.05 77.43 27.72 139.23

DS3 228.86 202.7 77.1 378.5

A further de-composition of these costs is performed and explained below. The TRC reported in
Figure 12 can be disaggregated as shown in Figure 13, depending on the maximum damage level to
investigate about the influence, if any, of the parameters number of stories, age of construction, and
average plan surface on the outcome TRC/m2.

Figure 13. Trends of TRC/m2 with number of storeys, age of construction, and average plan surface
depending on the maximum achieved DS (the figure shows 50th, 16th and 84th percentiles).
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Figure 13 highlights that the age of construction is generally not significantly influent on the
total repair cost per square meter. On the contrary, the TRC/m2 very slightly decreases for increasing
number of storeys and more significantly decreases with the average plan area. Such a trend seems
to be counter-intuitive, due to the (opposite) trends of damage distribution, shown in Figure 10.
Actually, DSs distributions are related to the maximum observed damage level, which is generally
quite concentrated in a small portion (“<1/3”) of the building (Figure 8b). Therefore, when TRC is
divided by the whole plan surface (average plan surface x number of stories), a decreasing trend is
observed with increasing average plan surface or number of stories. Additionally, the decreasing
trend is more evident depending on the average surface, likely because for increasing plan area, the
percentage incidence of the (at least) exterior infills decreases, thus leading to a reduction of the TRC
per surface unit.

Comparison with the Actual Repair Costs

The usability judgments carried out in the aftermath of the seismic event have been strictly related
to the (mean) total actual repair cost and, consequently, to the reconstruction refund level, as reported
in [19] and [9]. Therefore, the mean actual costs depending on the usability judgments can be a useful
term of comparison for the mean repair costs due to infills estimated herein, to highlight the percentage
incidence of the infills on the total actual repair cost. To this aim, first a correlation between the usability
judgment and the damage extent and severity should be assumed, in compliance with the AeDES
form. According to the AeDES form (as explained in more detail in Section 2), the damage level D1,
whatever the extent, generally leads to the definition of a “low” structural risk for the building, namely
to a usability judgment “A” (i.e., “Usable building”). Therefore, DS1 as defined above, is completely
included within the usability judgment “A”, together with the damage level DS0. AeDES manual [4]
also suggests that, if a big number of infill panels (high extent) are interested by damage level D2–D3,
the total structural risk can be “high”; otherwise, a lower structural risk level can be evaluated for less
significant damage. Therefore, when D2–D3 has an extent “<2/3”, usability judgment “B” is obtained.
When the extent of the damage level D2–D3 is “>2/3” or the building reaches the damage level D4–D5,
its usability rating is “E”. In summary, the complete assumed correlation between DSs by EMS-98,
AeDES damage grade and extent, and AeDES usability judgments is reported in Table 5.

Table 5. Assumed correspondence between usability judgments and damage levels according to
EMS-98 and AeDES form (background colors are used in the figures to tag each DS or usability
judgment).

DS

EMS-98 [21] AeDES form [4]

Damage Description Damage Severity
Damage
Extent

Usability
Judgement

DS0 No Damage D0—Null Damage None

ANegligible to Slight damage:
Fine cracks in partitions and infills.

D1:
Slight

<1/3
DS1 1/3–2/3

>2/3

Moderate damage:
Cracks in partition and infill walls

D2–D3:
Medium—Severe

<1/3
DS2 1/3–2/3 B

>2/3
Substantial to Heavy damage:

Large cracks in partition and infill walls,
failure of individual infill panels

D4–D5:
Very Heavy

<1/3
DS3 1/3–2/3 E

>2/3

Starting from this definition of usability rating, the percentage of buildings with “A”, “B”, and “E”
judgements can be obtained, as reported in Figure 14. Note that the main difference between the DSs
distribution (shown in Figure 8) and the usability judgments distribution is the attribution of damage
level D2-D3 for an extent “>2/3” to the most severe usability rating (“E”).
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Figure 14. Usability judgments frequency and related damage extent.

In summary, a total of 4349 buildings result in “A” rating; 478 buildings have judgement “B” and
268 buildings “E”. Note that in the following analyses, to evaluate the repair costs for “A” buildings,
only those actually damaged are considered (namely only buildings in DS1), since buildings in DS0
clearly do not require any repairing activities.

The estimated repair costs are the same already evaluated in the previous Section, but now
TRC/m2 is plotted depending on the usability rating, as shown in Figure 15 (and in Table 6), where
16th, 50th and 84th percentiles are reported together with the mean values (red crosses).

Figure 15. TRC depending on the usability judgment (costs for judgment “A” only consider buildings
in DS1).

Table 6. Mean, median, 16th and 84th percentiles for the estimated TRC depending on the usability
judgment (costs for judgment “A” only consider buildings in DS1).

TRC (€/m2) Mean Median 16th Percentile 84th Percentile

A 36.94 29.63 9.43 61.28

B 74.33 68.17 24.07 117.97

E 211.77 180.78 94.36 332.20

The actual repair costs can be obtained from Dolce and Manfredi [19], depending on the usability
judgments, specifically for those buildings that, after the post-L’Aquila earthquake in-situ surveys,
have been classified:
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• As “B” rating, or
• In usability judgment “E” with “high risk due to damage to infills and slight structural damages”

(defined as “E according to O.P.C.M. 3779” in [19]), the latter representing the subset of data with
“E” rating more similar to the dataset analysed in this work (“lightly-damaged buildings”).

The actual repair costs include building safety measures, eventual demolition, transportation and
landfill disposal, repair and finishing activities, services (sanitary and electrical equipment, plumbing),
other non-structural components (floors, roof and chimney, lights . . . ), technical works, charges for
design and technical assistance [26]. These actual repair costs are shown in Table 7 and compared with
the estimated TRC reported above. Note that no actual costs can be obtained for “A” usability rate,
because they were not explicitly reported in [19].

Table 7. Comparison between mean estimated TRC and mean actual repair cost.

Usability
Judgement

Mean Estimated
TRC

(€/m2)

Mean Actual Cost
(Dolce and Manfredi [19])

(€/m2)

Mean Estimated TRC/
Mean Actual Cost

(-)

A 36.94 not available -

B 74.33 183.76 0.40

E 211.77 342.35 * 0.62

* “E according to O.P.C.M. 3779”.

Table 7 clearly shows that the predicted repair costs due to masonry infills represent a lower
bound for the total actual repair cost for the analysed buildings dataset, as expected. The mean
estimated TRC does not include the repairing of the structural components (even if very slight damage
for the considered buildings dataset), services (sanitary and electrical equipment, plumbing) and other
non-structural components (floors, roof and chimney, lights . . . ). The reparability analysis of these
additional components would require the exact knowledge of the disposal of the services with respect
to the infill panels distribution or some arbitrarily assumptions on the floor replacement, for example.
Such “additional activities” can represent up to a maximum of 50% of the total repair cost depending
on the damage grade and extent on the vertical structural components ([26,27]). Additionally, the mean
TRC estimated herein consider the minimum damaged infill area to be repaired/replaced, without
any conversion in a minimum effective (integer) number of infill panels, conversion that would be
quite arbitrary. This circumstance is much more emphasized for “B” Usability judgements, where a
predicted-versus-actual TRC ratio equal to 0.4 is observed. As a matter of fact, for these buildings,
the predicted repair activities concerning the demolition/construction of masonry infill panels and
plaster removal/application are restricted to only 10% and 30%, respectively, of the exposed area. These
percentages have to be considered as the minimum strictly necessary in compliance with the damage
classification reported by the AeDES form. Likely, the actual area of intervention could be affected by a
stronger level of invasiveness, well beyond this conventional limit, producing a higher actual TRC.

In conclusion, the repair cost due to masonry infills only, including all the activities listed in
Table 2, represent an average of 50% of the total actual repair cost. This outcome is in good agreement
with a recent study by [26], which investigated a specific case-study building among those collected
after the post-L’Aquila earthquake survey defined as “E according to OPCM 3779”. It shows that
infills represent about 55% of the sum of costs related to services (sanitary and electrical equipment,
plumbing), structural components, infills and partitions, other non-structural components (floors, roof
and chimney, lights . . . ), in tune with the outcome obtained herein.

It could be stated that repair costs (as per the evaluation) should be multiplied by a factor equal
to 2, on average, to obtain the actual total repair cost, for lightly-damaged RC residential buildings.
Further studies are certainly necessary to confirm the outcome obtained and commented herein.
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6. Conclusions

In commonly adopted loss computation tools (e.g., PACT tool [3] proposed by FEMA P-58 [1]), no
specific data related to masonry infill panels, as widespread in moment-resisting-frame residential
buildings, are available to perform a reliable probabilistic assessment of losses. To fill this gap, specific
fragility and loss functions have been recently carried out in the literature, e.g., by Del Gaudio et
al. [18], as adopted in the present study. This proposal has been compared herein with actual repair
costs, specifically related to masonry infills, obtained from real post-earthquake damage surveys to
estimate the relevance of the repair costs due to infills with respect to the total reconstruction process.

To this aim, Reinforced Concrete (RC) residential buildings with masonry infills struck by the
2009 L’Aquila earthquake have been analysed, focusing on the dataset of 5095 “lightly” damaged
buildings, where only damage to masonry infills (or no damage at all) occurred. All these buildings
have been assessed with a post-earthquake usability in-situ assessment procedure (Baggio et al., [4]),
which provided a comprehensive description of the damage severity and extent. The observed damage
scenario for this building stock has been obtained and analysed, starting from the Damage States
(DSs) definition (from DS1 to DS3, increasing damage severity) by the EMS-98 (Grunthal [21]), and
AeDES survey forms (Baggio et al. [4]). In summary, 2406 buildings presented no damage to infills and
partitions (and no damage to vertical structures, roofs, stairs, etc.). A total of 1943 buildings were in
damage level DS1, 555 were in DS2, and a smaller portion (191 buildings) presented a damage level
of DS3.

The repair costs for infills have been estimated given the observed damage scenario, starting from
the cost analysis related to a single infill panel reported in Del Gaudio et al. [18] and extending to the
whole analysed dataset of buildings. Mean values of these costs resulted in a range from about 37
€/m2 to about 230 €/m2, passing from DS1 to DS3. They were not affected by the age of construction
of the buildings; only slightly decreasing for an increasing number of storeys and more significantly
decreasing with the average plan area. The predicted repair costs due to masonry infills have been
lastly compared with the related actual repair costs reported in Dolce and Manfredi [19], specifically
related to buildings with damage to infills and only slight damage to structural components. The
predicted repair costs due to masonry infills resulted equal, on average, to 50% of the total actual
repair cost.

It is worth noting that the predicted costs estimated in this work refer to a specific infill typology,
commonly adopted in the L’Aquila region. Nevertheless, this study can be extended in future research
to other infill typologies, also considering different kinds of doors/windows technology and materials,
or variability of the estimated costs. Therefore, further studies are certainly necessary to support the
outcomes obtained herein.
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Abstract: In order to test the reliability of neural networks for the prediction of the behaviour of
multi-storey multi-bay infilled frames, neural network processing was done on an experimental
database of one-storey one-bay reinforced-concrete (RC) frames with masonry infills. From the
obtained results it is demonstrated that they are acceptable for the prediction of base shear (BS) and
inter-storey drift ratios (IDR) in characteristic points of the primary curve of infilled frame behaviour
under seismic loads. The results obtained on one-storey one-bay infilled frames was extended to
multi-bay infilled frames by evaluating and comparing numerical finite element modelling(FEM)
modelling and neural network results with suggested approximating equations for the definition of
bilinear capacity by defined BS and IDRs. The main goal of this paper is to offer an interpretation
of the behaviour of multi-storey multi-bay masonry infilled frames according to a bilinear capacity
curve, and to present the infilled frame’s response according to the contributions of frame and infill.
The presented methodology is validated by experimental results from multi-storey multi-bay masonry
infilled frames.

Keywords: masonry; infilled frames; capacity curve; bilinear approximation; neural networks;
database

1. Introduction

The use of masonry infilled frames is very common for most types of building, accordingly state
of the art of masonry infilled frame behaviour [1–3] in general is known but there is still no suggestion
of regulations on how to model or use it properly in structural analysis.

The use of neural networks in the civil engineering field is already approved [4,5] however the
application of neural networks for the prediction of infilled frame behaviour is rare. There are only
a few studies [6–8] that have explored this topic. With a lack of available data from experiments of
masonry infilled frames and with the uncertainty of numerical modelling, this research area needs to
be further investigated. In order to connect most of the previously published data with new valuable
conclusions, an experimental database of masonry infilled frames was collected. It was limited to only
one-storey, one-bay infilled frames according to the availability and uniformity of the structural type.

Previous assumptions based on the monolithic behaviour of confined masonry [9] will be
evaluated and validated for the possible monolithic behaviour of masonry infilled frames in this study.
The methodology is based on the processing of the collected database with neural networks, accurate
FEM modelling of infilled frames, a bilinear approximation of observed results and the capacity curve
range definition with validation by multi-storey multi-bay infilled frame experimental results.

The experimental database of infilled frames is expressed with general geometric and material
input and output data based on inter-storey drift ratios (IDR) and base shear (BS) in two stages of
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behaviour. First, damage indication introduced by the first major crack in the infill, which is presented
by a decline of the initial stiffness of infilled frames. The second stage is related to the maximum
strength of the infilled frame where the infill and RC frames still act together as monolithic elements.
Inputs and outputs are then used for the prediction of behaviour by neural network processing.
The number of hidden neurons is defined according to suggested equations by the amount of input
and output data. The Levenberg-Marquardt learning algorithm is used for neural network processing
to obtain output data.

Numerical FEM models of infilled frames are defined in order to connect predicted results from
neural networks based on one-storey one-bay infilled frame with results from calibrated numerical
multi-bay models.

A comparison and definition of the relation of IDRs and BSs between one- and multi-bay infilled
frames is based on the contribution of infill in infilled frames in regard to bare frames. According to
the results, new equations are defined, and their accuracy confirmed for both regular and irregular
bay lengths.

The applicability of presented equations for capacity curve definition is verified on multi-storey
multi-bay experimental models.

These relations present the connection between behaviour measures expressed by IDRs and BSs
from one-storey one-bay to multi-storey multi-bay real buildings. They present the first proposed
relations which are limited to RC frames with fully infilled frames and behaviour based on capacity.

2. Experimental Database of Infilled Frames, EDIF

The results of experimental tests conducted on one-story one-bay infilled reinforced-concrete
frames with masonry infill are collected, systematized and processed in the Experimental Database
of Infilled Frames called EDIF [7]. The tests that were observed had no shear connection, outside
adhesion between the frame and infill, and no openings in the infill.

The database was obtained from a previous work by the authors [7] in which a large number
of in-plane lateral tests reported in the literature were considered. Although many tests have been
performed since then, the database is still representative of the typical lateral behaviour of masonry
infilled frames.

The collected experimental database contains 113 published tests (Table 1) based on all available
data including material and geometric properties from RC frame and masonry infill, type and size of
load, failure mode, and capacity values obtained from the capacity curves. Although the initial goal
was to create a database that has identical parameters for a large number of samples, some parameters
were omitted as they were incomplete or unavailable (transverse reinforcement of columns and beams,
material properties of mortar and masonry units, masonry shear strength, the maximum drift).

Table 1. Experimental database: authors and samples list.

Author Year Laboratory Scale Load No of Samples

Combescure [10] 2000. LNEC, Lisbon 1:1.5 C 1

Colangelo [11] 1999. L’aquila, Italy 1:2 C 11

Cavaleri [12] 2004. - 1:2 C 1

Lafuente [13] 1998. U.C.V. Caracas, Venezuela 1:2 C 10

Kakaletsis [14] 2007. - 1:3 C 2

Dukuze [15] 2000. - 1:3 M 23

Žarnić [16,17]
1985. Institute for Testing and Research in

Materials and Structures (ZRMK), Ljubljana
1:2

C
1

1992. 1:3 3

Al-Charr [18] 1998. USACERL, Illinois 1:2 M 2

Angel [19] 1994. University of Illinois, Champaign 1:1 C 7
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Table 1. Cont.

Author Year Laboratory Scale Load No of Samples

Mehrabi [20] 1994. University of Colorado, Boulder 1:2
C 8

M 3

Crisafulli [21] 1997. - 1:1.33 M 2

Fiorato [22] 1970. University of Illinois, Urbana 1:8 C 3

Yorulmaz [23] 1968. University of Illinois, Urbana 1:8 M 7

Benjamin [24] 1958. Stanford University, California

1:2.94

M

5

1:1.33 2

1:1 1

1:4 5

1:2.38 7

Zovkić [25] 2012. Faculty of Civil Engineering,
Osijek, Croatia 1:2.5 C 9

According to the analysis of the most influenced parameters [7], the input data (Table 2) that were
used for this study are:

• a—height to length ratio,
• b—ratio of moments of inertia of beam to column,
• g—ratio of column width to the thickness of masonry infill,
• rc—reinforcement ratio of column,
• fy—yield strength of the reinforcing steel,
• λh—stiffness ratio (Equation (1)),
• V—axial load on columns.

The parameter λh is a measure of the relative stiffness between the frame and masonry infill; a
greater λh corresponds to a more flexible frame. It can be determined using the following equation:

λh = h
4

√
Ei·t· sin(2θ)

4Ec·I·hw
(1)

where:

• h—height of frame between the beam axis,
• hw—height of masonry infill,
• Ec—modulus of elasticity of column,
• Ei—modulus of elasticity of masonry infill,
• I—moment of inertia of the column,
• θ—whose tangent is equal to the relation between height and length of infill.

For evaluation of the performance of infilled frame structures the measured resistance envelope
curve from experiments is presented by bilinear curve using the equal energy rule. Therefore, two
points are obtained on the idealized bilinear curve defined by IDR and BS in the first cracking point
(IDRc and BSc) and maximum point (IDRm and BSm) of the capacity curve. The first cracking point is
characterized by a sudden decline in stiffness and the maximum point is associated with the maximum
lateral capacity of the system. Post-ultimate behaviour could not be determined from the available
data since that region was not observed in most of the tests. In Table 2 are given output data including
both IDRc and BSc, and IDRm and BSm from neural network processing and they are expressed as
dimensionless because of the simplicity in neural network modelling.
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Table 2. The range of input and output data in the EDIF Database.

Statistical
Function

Input Data Output Data

a b g rc
fy

(MPa)
λh

V
(kN)

IDRc IDRc
BSc

(kN)
BSc

(kN)

min 0.33 0.60 1 0.01 203.37 1.78 0 0.01 0.03 55.9 76.95
max 2.28 8.00 6.1 0.04 607 8.56 2343.75 0.55 2.91 2278.4 2563.2

average 0.74 2.04 2.01 0.02 406.94 3.68 599.06 0.13 0.72 594.64 878.22

3. Neural Network Modelling

Neural networks have demonstrated their capability in dealing with highly nonlinear relationships
between the applied load and the measured displacement values [26]. In this paper, neural networks
are designed to examine their capability in estimating the values of output data from EDIF database
for the performance of infilled frames.

The employed neural network is a multi-layer neural network with a fully connected configuration.
Totally, 113 data sets were obtained from experimental tests. The early stopping method is used for
training neural networks. According to this method, data are divided into three groups of training,
testing and validation. Herein, 70% of data was randomly allocated to training and the rest are equally
divided between validation and testing data. The testing data set presents the unseen data set that was
not included in the training of neural networks.

The Levenberg–Marquardt (LM) backpropagation algorithm was employed for training the neural
networks by using the Matlab ANN toolbox. Moreover, the gradient descent weight/bias learning
function was used with a hyperbolic tangent function as the activation function for neural network
processing. To avoid the saturation of neural networks, the input and output data were scaled to [0, 1].
The training of data was stopped when the MSE in the validation set started to increase signifying that
the ANN generalization stopped increasing. General neural network parameters of used NN model
are presented in Table 3.

Table 3. The values of neural network parameters used in NN model.

Parameters ANN

Number of input layer units 7
Number of hidden layers 1

Number of hidden layer units 3, 5, 8
Number of output layer units 1

Learning rate 0.01
Performance goal 0

Maximum number of epochs 10,000

It has been shown in many damage identification studies that the application of one hidden
layer is adequate for accurate prediction [27,28]. The number of hidden layers was determined by
the analysis of empirical criteria (Table 4) according to the suggestions from different authors [29,30]
based on the number of input data Ni and number of outputs (in this study No = 1, neural networks
processing was done always with only one output). As is visible in Figure 1, the most frequent values
are three, five and eight neurons. Accordingly, further analysis was done with those three suggestions
in order to obtain the best results with neural network processing.

As it can be seen from Table 5, the best performance was achieved when the hidden layer had five
neurons. For the evaluation of accuracy, performance measures used are: mean absolute error (MAE),
root mean squared error (RMSE), mean absolute percentage error (MAPE) and coefficient of correlation
(R). These performance measures are based on average values from four output data observed.
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Table 4. Empirical criteria for the number of hidden neurons Nh.

No Method and Reference Nh Number of Nh

1. Hecht-Nielsen (1987) [30] ≤2·Ni 14
2. Hush (1989) [30] 3·Ni 21
3. Popovics (1990) [31] (Ni + No)/2 4
4. Gallant (1993) [31] 2·Ni 11
5. Wang (1994) [30] 2·Ni/3 5
6. Masters (1994) [30] (Ni + No)1/2 3
7. Li (1995) [29] ((1 + 8 Ni)1/2 − 1)/2 3
8. Tamura (1997) [29] Ni + 1 8
9. Lai (1997) [31] Ni 7

10. Nagendra (1998) [31] Ni + No 8
11. Zhang (2003) [29] 2Ni/n + 1 19
12. Shibata (2009) [29] (Ni·No)1/2 3
13. Sheela (2013) [29] (4 Ni

2 + 3)/(Ni
2 − 8) 5

Figure 1. Range of number of hidden neurons according to Ni = 7, No = 1.

The obtained results from the processed neural networks are presented in Figure 2. All output data
(BS and IDR) results for training, validation and the testing set are presented. As it can be seen from the
correlation coefficients (R), all four output data are successfully predicted. It is evident that the trained
neural networks demonstrate capability for the generalization of processed neural networks. It can be
concluded that NNs can be used for accurate estimation of capacity curve of masonry infilled frames.

Table 5. Statistical performance of ANN models.

ANN Model

Neural
Network Label

Learning
Algorithm

No. of Hidden
Nodes

MAE 1 RMSE 2 MAPE 3 (%) R 4

LM_3 Levenberg-
Marquardt

3 13.709 0.926 13.157 0.829
LM_5 5 10.0265 0.481 11.633 0.919
LM_8 8 12.189 0.558 17.844 0.886

1 Mean absolute error (MAE), 2 root mean squared error (RMSE), 3 mean absolute percentage error (MAPE) and 4

coefficient of correlation (R).
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Figure 2. Results of neural network processing for 5 hidden neurons.(a) for IDRc training set; (b) for
IDRc validation set; (c) for IDRc testing set; (d) for IDRm training set; (e) for IDRm validation set; (f) for
IDRm testing set; (g) for BSc training set; (h) for BSc validation set; (i) for BSc testing set; (j) for BSm
training set; (k) for BSm validation set; (l) for BSm testing set.
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4. Definition of Models for Numerical Nonlinear FEM Analysis and Neural Network Processing

The accepted numerical FEM model for masonry infill is implemented in Seismostruct 2018 [32]
and calibrated according to multi-storey multi-bay infilled frame experimental results [33]. Infilled
framed models (Figure 3) applied for analysis with neural networks and nonlinear numerical analysis
are based on different length to height ratios of frames with a medium type of masonry infill (according
to value of compressive strength). The accuracy and relation between numerical models and prediction
was carried out for equivalent and various frames with two and three bays.

Reinforced concrete frames with height of 375 m has different bay length (A frame–3 m, B frame
–4 m, C frame–5 m). Cross-section dimensions are kept constant for all three bay lengths, columns
with 50 × 50 cm, and beams with 30 × 50 cm. The RC frames are designed according to seismic
regulations [34]. Therefore, material properties for concrete members are based on concrete class
C30/37 with reinforcement B500, with reinforcement ratio of 2% of the cross sections. Pushover analysis
was carried out in order to evaluate the capacity of infilled frames.

Figure 3. Infilled frame models.

The masonry infill type is defined according to compressive strength values. In order to define the
basic material properties of the masonry infill (compressive strength of the masonry and the stress-strain
relation in compression), verified recommendations are used for determining the compressive strength
of masonry infill based on the masonry and mortar strength according to Hendry and Malek [35]
presented in Equation (2):

fk = 0.334fb
0.778fm

0.234 (2)

For the analysis, as is stated earlier and according to Table 6, the medium type of masonry infill was
used, which is the most commonly used masonry unit—a clay block with vertical hollow perforations,
with dimensions of 29 × 19 × 19 cm and 10 MPa masonry unit compressive strength.

Table 6. Definition of masonry infill type based on the compressive strength.

Masonry Infill Type

Compressive Strength

Masonry Unit
fb (MPa)

Mortar
fm (MPa)

Masonry Infill
fk (MPa)–Equation (2)

Weak—ytong block 3 10 1.35

Medium—hollow clay block 10 5 2.92

Strong—solid brick 20 5 5.01

A definition of the behaviour in compression is determined according to the recommendations of
Kaushik [36] as is presented in Figure 4.
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Figure 4. Stress-strain relation for three masonry infill types according to Kaushik [36].

For nonlinear FEM analysis, Mander’s model [37] for concrete and Menegotto-Pinto’s model [38]
for reinforcement are used to define the force-based plastic hinge (FBPH) fiber elements, while masonry
infill model is based on inelastic infill panel element (Table 7) defined by strut/shear curve properties [32].
The masonry infill wall was modelled as the infill panel model with calibrated parameters of hysteretic
behavior. The initial diagonal width w1 was determined according to proposal of Stafford et al. [39].
It is based on the parameter λh which presents a measure of the relative stiffness of the frame to infill.
The reduced area Ams2 of the compressed diagonal depends on the stiffness coefficient λh, according to
the recommendations of Decanini [40]. Corresponding deformations were determined according to
the limit states: the start of reduction of the initial area Ams1 corresponds to the deformation at the end
of linear elastic behaviour (εm/3) while the Ams2 secondary area is reached at 70% of the maximum
compressive stress and the associated strain corresponds to the 1.5 × εm (Figure 5).

Ams2 

Ams1 

ε1 ε2 εm 

0.7×fk’ 

fk’ 

0.3×fk’ 

0.0025 0.005 0.0075 0.01250.01 

ε ε ε ε λ θ∗
( )

ε

Figure 5. Stress-strain relation for masonry axial compression and the definition of limit states
corresponded to the variability of areas and related axial strain.

Table 7. Material and geometric properties for nonlinear FEM model of masonry infill.

Masonry
Infill

fk

(MPa)
Ei

(MPa)
εm εu ε1 ε2 λh

fmθ∗
(MPa)

Ams1

(m2)
Ams2

(%Ams1)

A
2.92 1610 0.0030 0.0083 0.001 0.0045

2.47
0.273

0.494 76.37

B 2.51 0.563 76.17

C 2.48 0.637 76.28

fk—compressive strength of masonry; Ei—modulus of elasticity of masonry; εm—strain at maximum axial stress;
εu—ultimate strain; ε1—strut area reduction strain; ε2—residual strut area strain; λh—relative panel-to-frame stiffness
parameter; fmθ∗—compressive strength; Ams1—initial area of strut; Ams2—final area of equivalent diagonal strut.

Unfortunately, the damage pattern type cannot be evaluated with this numerical model. This
model can only give the information of RC members damage, but if we have only masonry infill
damage it cannot be directly defined. Therefore, the structural performance levels for masonry infilled
frames defined by values of IDRs [41] can be used for evaluation of possible damage in a composite
system but not separately for every component individually.
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4.1. Results of Analysis and Prediction of Neural Networks

The results of the predicted characteristic points of the capacity curve and the numerical calculation
are verified on the basis of a relative error between values obtained from neural networks and numerical
modelling values.

In Figure 6 the force-displacement curves for reinforced concrete frames without infills (bare
frame—BF) and with infills are shown in order to detect the contribution of bearing capacity and
the stiffness of infill and frame separately. An infilled frame has eight-fold greater stiffness and
1.5-fold larger ultimate capacity than the bare frame. Verification of the use of neural networks for the
one-storey, one-bay frame is shown in Table 8, where relative errors are shown for each of the models.
By comparing the results of neural networks and modelling, it can be concluded that yield strengths are
very close, while, secondary stiffness is somewhat smaller (25%), unlike initial stiffness. The average
relative error values are satisfactorily small (<10%), so it can be concluded that numerically obtained
results, and prognosis results using neural networks are equivalent.

  
(a) (b) (c) 

Figure 6. Capacity curves of RC infilled frames A (a), B (b) and C (c) with and without masonry infill
in comparison with NN results.

Table 8. Evaluation of compatibility of neural networks processing for infilled frames A, B and C.

Capacity Curve
Data

A_IF B_IF C_IF A_NN B_NN C_NN

IDRc (%) 0.04 0.054 0.067 0.038{5} 0.053{2} 0.066{1}

IDRm (%) 0.49 0.50 0.51 0.46{8} 0.5{2} 0.54{6}

BSc (kN) 357.92 447.04 545.96 363{2} 462{3} 565{3}

BSm (kN) 663.83 719.69 815.47 658{1} 742{3} 818{1}
1—values in braces { } presents relative error from data obtained by neural networks in regard to results from
numerical analysis.

From the comparison of the bare frame with an infilled frame by observing the two areas (yield
and ultimate) can be concluded that:

• in the cracking area the infill wall retains 80% load capacity, while the RC frame assumes 20%
load capacity (10% per column);

• in the area of the maximum strength, the infill takes on average 40%, while the frame or each of
the columns assume 30% of the load capacity.
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According to these values it can be concluded that by adding an additional frame to the initial
one, the bearing capacity in the yield area will be increased by 90%, while in the range of the maximum
load for each new additional frame bearing capacity will be increased by 70%.

4.2. Application of Neural Networks on Multi-bay Frames with Same Bay Length

Previous considerations and conclusions will be extended to multi-bay frames with the same bay
length for two or three bays (Figure 7). Multi-bay frames cannot be directly applied and processed by
neural networks in this paper, however they are expressed and included in approximation formulas
with factors depending on the number of bays.

Figure 7. Infilled frame models—multi-bay models with same bay length.

Bilinear approximation (BA) equations:

IDRc,i = IDRc(NN)·(1 + 0.3·(i− 1)) (3)

IDRm,i = IDRm(NN) (4)

BSc,i = BSc(NN)·(1 + 0.9·(i− 1)) (5)

BSm,i = BSm(NN)·(1 + 0.7·(i− 1)) (6)

where:

• IDRc,i—inter-storey drift Ratio at cracking point of multi-bay infilled frame,
• IDRm,i—inter-storey drift Ratio at maximum capacity point of multi-bay infilled frame,
• BSc,I—base shear at first cracking point of multi-bay infilled frame,
• BSm,i—base shear at maximum capacity point of multi-bay infilled frame,
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• IDRcy (NN)—inter-storey drift ratio at cracking point of one story one bay infilled frame obtained
by NN

• IDRm (NN)—inter-storey Drift Ratio at maximum point of one story one bay infilled frame
obtained by NN

• BSc (NN)—base shear at cracking point of one story one bay infilled frame obtained by NN
• BSm (NN)—base shear at maximum point of one story one bay infilled frame obtained by NN
• i = 2 ..., n—number of bays of multi-bay frame.

Multi-bay frames with equal bays (Figure 6) are obtained by adding one (AA, BB, CC) or two
(AAA, BBB, CCC) additional equal ranges to the initial frame (A, B, C). For each of the models, results
from nonlinear analysis are obtained by pushover method in Seismostruct 2018 [32] and are shown in
the following pictures and tables.

Bilinear approximation equations are then used for the calculation of the same responses by the
use of neural network results (Table 8) from one-story one-bay infilled frames.

An acceptability of the Equations (3)–(6) is shown in Figure 8 and Table 9, for multi-bay frames
with two and three bays. The curves show the results of the nonlinear analysis for three observed
frames, while the bilinear curves show solutions observed by a bilinear approximate equations (BA).

Figure 8. Capacity curves for multi-bay frames with same bay length.

Table 9. Evaluation of accuracy of proposed bilinear approximation equations for equal bay length.

Frame Type Frame Combination IDRc (%) IDRm (%) BSc (kN) BSm (kN)

A

AA_IF 0.053 0.47 656.83 1129.91

AAA_IF 0.067 0.47 996.97 1617.87

AA_BA (3)-(6) 0.049{5} 0.46{1} 689.7{9} 1118.6 {2}

AAA_BA (3)-(6) 0.061{10} 0.46{2} 1016.4 {2} 1579.2 {2}

B

BB_IF 0.08 0.48 846.43 1253.28

BBB_IF 0.093 0.47 1219.77 1827.99

BB_BA (3)-(6) 0.069{14} 0.5{4} 877.8{4} 1261.4{1}

BBB_BA (3)-(6) 0.085{9} 0.5{6} 1293.6{6} 1780.8{3}

C

CC 0.08 0.55 1005.25 1386.18

CCC 0.107 0.55 1405.98 2046.39

CC_BA (3)-(6) 0.086{7} 0.54{2} 1045.25{4} 1406.96{2}

CCC_BA (3)-(6) 0.1056{1} 0.54{2} 1525.5{9} 2045{1}
1—values in brackets { } represent relative error from data obtained by BA with respect to results from
numerical analysis.
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Relative errors for the multi-bay frames with equal bays are small. The average value of error
for two and three bays for A frame is 4%, for B frame is 6% and for C frame is 4%. According to the
observed results it can be concluded that the capacity curve for multi-bay frame with same bay length
can be accurately calculated (94%) by the proposed bilinear approximation equations.

4.3. Application of Neural Networks on Multi-Bay Frames with Different Bay Length

The same idea from the previous section was applied to multi-bay frames with different bay
lengths (Figure 9). The following equations are suggested:

IDRcr,i = IDRc1(NN) + 0.3
n∑

j=2

IDRcj(NN) (7)

IDRmr,i =
1
n

n∑
j=1

IDRmj(NN) (8)

BScr,i = BSc1(NN) + 0.9
n∑

j=2

BScj(NN) (9)

BSmr,i = BSm1(NN) + 0.7
n∑

j=2

BSmj(NN) (10)

where:

• IDRcr,i—inter-storey drift ratio at cracking point of multi-bay infilled frame with different
bay length,

• IDRmr,i—inter-storey drift ratio at maximum capacity point of multi-bay infilled frame with
different bay length,

• BScr,I—base shear at first cracking point of multi-bay infilled frame with different bay length,
• BSmr,i—base shear at maximum point of multi-bay infilled frame with different bay length,
• IDRcj (NN)—inter-storey drift ratio at cracking point of one story one bay infilled frame obtained

by NN
• IDRmj (NN)—inter-storey drift ratio at maximum capacity point of one story one bay infilled

frame obtained by NN
• BScj (NN)—base shear at cracking point of one story one bay infilled frame obtained by NN
• BSmj (NN)—base shear at maximum point of one story one bay infilled frame obtained by NN
• i = 2, ..., n—number of bays of multi-bay frame
• j = 1, ..., n—ordinal number of bay in multi-bay frame

In Figure 10, the results for two-bay frames with combinations of A, B and C frames of different
bays are shown. The curve shows the results from nonlinear FEM modelling of the two bay frames,
while the bilinear curves show the initial results obtained by neural networks (ANN, BNN), and bilinear
curves of approximating Equations (7)–(10), which are compared with the results of the nonlinear
analysis (Table 10).
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Figure 9. Infilled frame models—multi-bay models with different bay length.

For the AB and BA models, the greatest deviations are for IDRs with an average relative error
of 9%. The average relative error for all four observed output values for the combination of AB and
BA frames is 6% and 5%, respectively. As the results for frames with the same combination, but
different frame distributions are not the same, it has been proved that the first frame is the one that
contributes most to the behaviour of the multi-bay frame, with 100% value for both the yield area and
the maximum capacity range, as it is assumed in bilinear approximation equations.

For the combination of frames A and C, the MRE is 7%, while for combination of the AC and CA
frames MRE is 2%.

 

Figure 10. Cont.
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Figure 10. Capacity curves for multi-bay frames with different bay length.

After the results showed the applicability of the approximate Equations (7)–(10) for the different
bay length ranges in two-bay frames, further analysis was performed for frames having a different
length in three bay frames (Figure 11).

Table 10. Evaluation of accuracy of proposed bilinear approximation equations for different bay length
for frames with two bays.

Frame Type Frame Combination IDRc (%) IDRm (%) BSc (kN) BSm (kN)

A/B

AB_IF 0.06 0.44 764.33 1198.25

BA_IF 0.06 0.44 765.62 1198.61

AB_BA (7)-(10) 0.054{10} 0.48{9} 777.8{2} 1173.4{2}

BA_BA (7)-(10) 0.064{7} 0.48{9} 787.8{3} 1199.8{0}

A/C

AC_IF 0.067 0.48 829.41 1292.75

CA_IF 0.08 0.48 898.88 1291.81

AC_BA (7)-(10) 0.058{13} 0.5{4} 870.5{5} 1226.6{5}

CA_BA (7)-(10) 0.077{3} 0.5{4} 890.8{1} 1275.8{1}

B/C

BC_IF 0.08 0.49 934.02 1359.93

CB_IF 0.08 0.49 986.58 1357.18

BC_BA (7)-(10) 0.073{9} 0.52{6} 970.5{4} 1314.6{3}

CB_BA (7)-(10) 0.082{2} 0.52{6} 980.8{1} 1337.4{1}
1—values in braces { } presents relative error from data obtained by BA in regard to results from numerical analysis.

With the use of Equations (7)–(10), the prediction of the behaviour of multi-bay frames with
different bay lengths resulted in very small deviations (maximum error was 11%) in relation to values
obtained by nonlinear modelling (Table 11). Accordingly, the acceptability of approximation and
applicability for multi-bay frames has been demonstrated, regardless of the type (equal or different
length of bay), number of bays and their distribution.
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Figure 11. Multi-bay frame models and capacity curves for multi-bay frames with different bay length.

Table 11. Evaluation of accuracy of proposed bilinear approximation equations for different bay length
for frames with three bays.

Frame Type Frame Combination IDRc (%) IDRm (%) BSc (kN) BSm (kN)

A/B/C

ABC_IF 0.08 0.45 1197.65 1848.31

ABC_BA (7)-(10) 0.073{8} 0.5{11} 1286.3{7} 1746{6}

BCA_IF 0.085 0.47 1275.44 1857.63

BCA_BA (7)-(10) 0.084{1} 0.5{6} 1296.3{2} 1772.4{5}

CAB_IF 0.09 0.48 1285.47 1840.39

CAB_BA (7)-(10) 0.093{4} 0.5{4} 1306.6{2} 1795.2{3}
1—values in braces { } presents relative error from data obtained by BA in regard to results from numerical analysis.

The primary curves of reinforced-concrete multi-bay frames with masonry infills are compared
with the results of neural networks for one-bay frames and using the approximation Equations (3)–(10).
From the comparison it is concluded that the behaviour of multi-bay frames can be predicted with an
accuracy of at least 92%. The results of neural networks have shown that the prediction of behaviour
with respect to the BS of reinforced frames with masonry infills is very realistically with a small average
error of 5% for cracking capacity, and 4% for maximum capacity.
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Equation suggestions used to determine the primary curves of the multi-bay frames include the
rules that the first frame fully participates in the multi-bay frame capacity. The following frames in the
sequence involve 90% for the cracking area, or 70% for the maximum range. For the determination of
IDRs at the ultimate capacity, the mean value of all individual frames in a series of multi-bay frames
is relevant.

5. Validation of Proposed Equations on Mult-Storey Multi-Bay Infilled Frames

In order to determine the applicability of the neural networks trained on the experimental database
of masonry infilled frames, the evaluation of the expressions for multi-bay frames of different and
the same lengths on multi-bay structures was performed. As neural networks emerged as a result
of single-storey and single-bay frames, approximation models were developed. It is based on the
assumption that masses and loads from all floors can be transferred to the columns of the ground
floor. In multi-bay models, each of the bays is taken as a one-bay frame (Figures 12–14). Definition of
the vertical forces that act on columns for input data in neural networks processing are determined
according to the boundary conditions and the assumption that both forces are mutually equivalent.

Figure 12. Approximation model for multi-storey multi-bay infilled frame IFS.

 

λ

Figure 13. Approximation model for multi-storey multi-bay infilled frame Patras.

Validation was performed on experimental samples: two-storey IFS building [42], three-storey
Patras building [43] and four-storey building designed according to EC2 and EC8 [44]. Since all of
the frames that were used for validation are multi-storey structure, the gravitational load from the
floors is modelled as a nodal force, acting on the columns of the ground floor. It represents its own
weight of columns, beams, slabs and masonry, together with load of 2 kN/m2. The Patras multi-storey
muti-bay frame (Figure 13) consists of the three floors, of which only the ground floor and the first
floor are filled with masonry infills (uneven distribution of masonry infill by height of the structure)
with two bays. Since the bays have different bay length, for the application of approximation formulas

51



Buildings 2019, 9, 121

it was necessary to use expressions (7–10). Although the second floor was a bare frame example, the
same procedure was applied as in the IFS frame; floor masses are represented by a vertical load on
the one-bay columns. The EC8 four-storey two-bay frame (Figure 14) was simplified by the use of
approximate terms on a two one-storey one-bay frames of 4 and 6 m.

λ

Figure 14. Approximation model for multi-storey multi-bay infilled frame EC8.

Neural network processing is done on previously trained neural networks with new input data
from Table 12, calculated according to the loads from Table 13.

Table 12. Input data for neural network processing.

Buildings a b g rc fy λh N

IFS 0.87 1 2.66 1.76 240 2.65 21.2

Patras
4m 0.875 0.76 3.57 2.00 555.0 2.22 194.9

6m 0.583 0.76 3.57 2.00 555.0 2.12 146.7

EC8
4m 0.875 0.76 3.57 2.35 553.5 2.47 233.3

6m 0.583 0.76 3.57 2.35 553.5 2.38 309.5

Table 13. Load on columns on one-story one bay approximated frames.

Buildings V1 (kN) V2 (kN) V3 (kN)

IFS 21.2 21.2 -

Patras 194.85 292.49 146.66

EC8 233.26 464.02 309.52

An approximation of IFS infilled frame consisted of a one-storey one-bay frame with the
corresponding load, the vertical concentric forces representing the mass of the floor. As for the
symmetrical system, equations for the equal length bays (3)–(6) were applied for the approximation.
By comparing the results obtained from numerical modelling on the IFS frame and the application of
approximate expressions of capacity curve, it can be concluded that the obtained values have sufficient
acceptability that approves their application for multi-storey and multi-bay frames. The largest relative
error in the IFS frame was 8%, while the mean relative error was 4.5% (Table 14, Figure 14).

The same principle was used for Patras and EC8 buildings. Obtained results are presented in
Figure 15 and Table 14. It can be concluded that proposed bilinear Equations (7)–(10) can be used for
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both uniformly and non-uniformly distributed infilled frames. For the Patras frame, MRE was 8% and
for EC8 frame error was 7%.

Figure 15. Multi-storey multi-bay frame models capacity curves.

Table 14. Evaluation of accuracy of proposed bilinear approximation equations for multi-storey
multi-bay frames.

Buildings Approximation IDRc (%) IDRm (%) BSc (kN) BSm (kN)

IFS
IFS_NN 0.08 0.65 7.8 10.3

IFS_IF 0.104 0.65 14.82 17.51

IFS_BA (7)-(10) 0.104{0} 0.67{3} 13.7{8} 17.13{2}

Patras

Patras 6m_NN 0.09 0.7 290 420

Patras 4m_NN 0.05 0.54 250 380

Patras_IF 0.11 0.69 446.24 711.25

Patras_BA (7)-(10) 0.105{5} 0.62{9} 515{14} 686{4}

EC8

EC8 4m_NN 0.05 0.54 250 380

EC8 6m_NN 0.07 0.73 290 450

EC8_IF 0.071 0.635 511 695

EC8_BA (7)-(10) 0.08{11} 0.615{3} 451.15{13} 701.65{1}
1—values in braces { } presents relative error from data obtained by BA in regard to results from numerical analysis.

6. Conclusions

The main idea of study was definition of the contribution of infill in masonry infilled frame
response. According to the conducted experimental database and successfully processed neural
networks results, further application in term of behaviour prediction was indispensable. The limit of
direct use of neural network results was based on the fact that structural system which is used was a
one-storey one-bay infilled frame. Therefore, the equations for definition of capacity curves for real
buildings of infilled frame were proposed.

The attempt to simplify multi-bay infilled frames and the connection with obtained neural network
results are presented by bilinear approximation equations for IDRs and BS for two behaviour ranges:
cracking and maximum load. Equations were suggested for equal and different bay length.

In order to validate proposed method, multi-storey multi-bay frames with experimental results
are used for evaluation. As it is presented the method was fully approved with the prediction of
the characteristic values of the primary curve, displacement and forces, regardless of the number of
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floors, the difference of the bays and the unequal distribution of the masonry infills by the height of the
structure with a mean accuracy of 92%.

It can be concluded and confirmed that approximate bilinear equations can be reliably applied for
masonry infilled frame behaviour prediction. The contribution of masonry infill can be quantitatively
summed for the prediction of the infilled frames capacity curve.

Direct contribution is based on the conclusion that the known response of a one-storey one-bay
infilled frame can be used for the prediction of a multi-storey multi-bay infilled frame response.
The initial response of one-storey one-bay frame can be defined by neural networks or by nonlinear
FEM model, as it is approved that used FEM model is accurate and correct. According to this method
the monolithic behaviour of masonry infilled frames is approved.

A performance based assessment can be implemented by using the proposed procedure in
correspondence with the known performance levels for masonry infills based on IDR values.
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Abstract: Following the strong earthquake on April 25, 2015 in Nepal, a team from the University of
Porto, in collaboration with other international institutions, made a field study on some of the most
affected areas in the capital region of Kathmandu. One of the tasks was the study of a high-rise settle
of buildings that were damaged following the earthquake sequence. A survey damage assessment
was performed to a 15-storey infilled reinforced concrete structure, which will be detailed in the
manuscript. Moreover, ambient vibration tests were carried out to determine the natural frequencies
and corresponding vibration modes of the structure. The main aim of this manuscript is to present a
numerical study concerning the influence of the masonry infill walls in the structure seismic response.
For this, three numerical models were built discriminating the situations with and without damage
and nondamaged infill walls. Validation and calibration of the numerical model was ensured by
comparing the numerical frequencies with those obtained from ambient vibration tests. In addition,
linear elastic analyses were carried out, using real accelerograms from the Gorkha earthquake to
assess and quantify the major differences between the models in terms of inter-storey drifts ratios,
inter-storey shear forces and seismic loadings.

Keywords: Nepal earthquake; high-rise reinforced concrete structure; masonry infill walls; ambient
vibration test; survey damage assessment; numerical modelling

1. Introduction

Recent earthquakes demonstrated that the masonry infill walls have an important contribution in
the seismic response of the reinforced concrete (RC) structures. Most of the structural and seismic codes
consider the infill panels as nonstructural elements, which according to post-earthquake damages
report and to several experimental studies is not correct. As a result, even light to moderate earthquake
shaking/acceleration or drift levels can cause damage to the infill walls and this damage may result in
life safety hazards, immediate evacuation and loss of function of buildings, limiting the use of internal
spaces. In many cases, the influence of the infill panels showed to be the reason of extensive damages
or even the buildings collapses [1,2].

Three failure mechanisms were observed in most of the analysed cases along the last major
earthquake events and also after the Gorkha earthquake. The first is associated with cases where
masonry walls do not extend towards all the inter-storey height for openings, leaving a short portion
of the columns clear, creating a short-column mechanism. The second is associated also with the
short-column mechanism but induced by the stair-slabs connected to the column. In both mechanisms,
the non-consideration of the nonstructural infill panels, or of the secondary elements (as the staircases)
in the design, may not represent the real behaviour of the columns, underestimating the column
stiffness and, consequently, of the forces attracted, leading to unexpected shear failure [3]. The failure
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of several structural elements was observed after the Gorkha earthquake due to this specific mechanism,
according to some authors. Finally, the third and last one is related to the vertical stiffness irregularity
due to the irregular distribution of the infill panels, which can lead to the concentration of the
deformation in the storeys with less presence of these elements [4]. A high reduction of the infill panels
on the ground floor is quite common in Nepal for commercial purposes or garages, which increase
their seismic vulnerability. Several collapses were observed during the Gorkha earthquake. Finally,
the local failure of the infill panel, characterized by the detachment of the panel from the envelope
frame, diagonal cracking, shear sliding was also reported following the Gorkha earthquake, as well
was observed in the last major earthquakes in Europe.

During the past three decades, the number of RC buildings in Nepal has increased considerably,
mostly built by the landowners or local builders, too dependent on previous knowledge and experience
which has led to insufficient detailing, bad quality of materials or lack of proper design rules and
practice. The construction of RC buildings in Nepal presents several weaknesses on the quality
control of materials (improper vibration of concrete, improper size of the aggregates and steel bars
with insufficient ductility) and reduced construction quality (reinforcement detailing and provisions,
and insufficient percentage of reinforcement), which have a direct impact on the bearing capacity as
well as the deformation capacity of the structural elements. Another important issue regarding the
seismic vulnerability of these types of structures is related to decreasing number of masonry walls on
the ground floor, leading to the high potential to develop soft-storey mechanisms, and subsequent
partial/total collapse of some buildings. However, it should be mentioned that the major part of the
collapses and extensive damages that occurred in the Gorkha earthquake were related to masonry
buildings and historic constructions [5].

Regarding the high-rise RC buildings’ (with 10–18 storeys) performance from the earthquake of
April 25, 2015, it was observed that most of the damage was related to the infill walls [6–8]. Figure 1
shows the structure damage of a 14-storey RC and from the observation of the vertical profile of the
building, the damages are concentrated the first seven floors of the structure, as can be seen in Figure 1a.
The damages are composed by detachment of the walls from the envelope frame (Figure 1b), diagonal
cracking (Figure 1c) and some slight out-of-plane detachment of the wall from the frame. The reduced
level of damage suits the proper seismic behaviour of these structures, which were designed as per
the Indian National rules and standards. Even though, in many cases, damage was limited to the
infill panels, it is worth noting that in many of these structures, the occupants had to be moved for
temporary shelter (for some, more than a year) due to safety issues related to possible failure of the
panels and until all repairs are complete. In some cases, the high costs associated with the repair of the
buildings exceeded the structural costs of construction.

 
a) 

 
b) 

 
c) 

Figure 1. Fourteen-storey reinforced concrete structure damaged after the Gorkha earthquake:
(a) distribution of the damages from the first to the seventh storey; (b) detachment of the walls
from the envelope frame; (c) diagonal cracking with slight out-of-plane detachment of the wall.

The main aim of the present manuscript is to study the effect of infill panels in the seismic
response of a 15-storey infilled RC structure. For this, three numerical models were built discriminating
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the situations with and without damage and nondamaged infill walls. Comparing the numerical
frequencies with those obtained from the ambient vibration tests ensured validation and calibration of
the numerical model. In addition, linear elastic analyses were carried out, using real accelerograms
from the Gorkha earthquake to assess and quantify the major differences between the models in terms
of inter-storey drifts ratio, inter-storey shear forces and seismic loadings.

2. Case Study

2.1. Introduction

The study of the infill masonry walls influence in the seismic response of a RC structure was
carried out based on the study of an existent structure in Nepal. The RC building is located in
Kathmandu, is a 15-storey height, and is dated from 2012. Throughout the present section, the
structure will be deeply described such in architectural or structural components. Posteriorly, the
infill masonry walls characteristics and disposition will be detailed. An extensive damage survey
assessment performed after the Gorkha earthquake focusing on the infill masonry walls’ damages will
be also included. Finally, ambient vibration tests were carried out to achieve the building structure
vibration modes and corresponding natural frequencies. The major results of the testing campaign
will be included within this section.

2.2. General Description

The building is a residential structure, located in the small town of Satdobato and belongs to
a large luxury development composed of small houses and four high-rise structures (Figure 2a).
The building is located at the left side of those grouped together. The structure is composed of two
underground floors and 15 storeys (Figure 2b). The ground-floor height is 4 m and the others are 3.2 m
high—a total of 48.8 m high.

 
a) 

 
b) 

Figure 2. Global overview of the high-rise structure under study: (a) location of the houses and the
high-rise buildings; and (b) front view.

The tower is composed by RC frames filled with masonry infill walls made with solid clay bricks
aligned according to the longitudinal and transverse direction and two stiff RC cores destined to the
elevator boxes. The RC frames are composed by beam-column elements with spans relatively small.
The beams are typically composed by two cross-sections, namely 300 × 600 mm and 230 × 600 mm.
On the other hand, the columns are composed of 8 types of cross-sections, which are constant in
height and very robust, as can be observed in Figure 3 and is described in Table 1. The longitudinal
and transverse reinforcement is different among the different storeys. Complete detailing of all the
cross-sections and reinforcements can be found in [9].
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Figure 3. Case study: columns cross-section.

Table 1. Case study: columns cross-section and nomenclature.

Dimensions [mm] Color Columns Nomenclatures

900 × 300 Fluorescent green P2 | P5 | P29 | P32 | P55 | P58

970 × 300 Pink P16 | P43 | P46

1125 × 300 Hot pink P18 | P20

1100 × 300 Baby blue P49 | P51

855 × 300 Yellow P40 | P42

800 × 300 Grey P22

645 × 300 Gray P34 | P35

750 × 300 Blue Remaining columns

The solid RC slabs are supported by RC frame resisting system and have two different thicknesses:
125 mm and 110 mm. Two stiff RC cores destined to the elevator boxes are distributed in the middle
alignment of the structure (red in Figure 3).

Concerning infill masonry walls, two different types of walls were noted from the visual
inspection, namely: (i) Façade walls made with two leaf-panels, where each two rows of bricks are
connected through one single row disposed perpendicularly, for a total thickness of 230 mm–250 mm;
(ii) internal partition walls made with single rows of solid bricks with a total thickness of 150 mm.
The solid bricks dimensions are 240 × 115 × 57 mm (length × thickness × height). A cement mortar
was used for the horizontal and vertical bed joints, as well as for the plaster, which was approximately
2–3 cm thick.

Regarding the plan distribution of the infill panels, it was found the distribution was different
between the ground floor and the remaining floors. At the ground floor, the major part of the walls
did not exist to allow for the passage of people (Figure 4a). Through the observation of the plan
disposition of the infill walls, some asymmetry is visible, which could introduce some torsion effect in
the structure dynamic response. However, this could not be analysed without also considering the
vertical structural elements, which also presents some asymmetry. Concerning the vertical disposition
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of the infill walls seems to present also some asymmetry, since there is a high number of infill panels
was observed in the top storeys, as can be seen in Figure 4b.

a) b) 

Figure 4. Distribution of the infill masonry walls: (a) ground floor; and (b) remaining floors.
Where Par_€ means infill panel number €.

2.3. Damage Survey Assessment

Globally, the structural seismic performance was positive since the structural damages observed
were slight to moderated. Figure 5 shows the vertical profiles of the structure from two different
orientations, from which it becomes clear that the damage extension is higher in the bottom storeys
(until 7th storey). Regarding the damages observed throughout the building’s façades, only a few RC
columns located in the ground floor suffered cracking and spalling of the concrete. It was not observed
any column affected in the top storeys of the structure. Otherwise, the infill masonry walls suffered
extensive damages. Diagonal cracking occurred in most of the cases followed by the detachment from
the envelope frame. Out-of-plane collapse along the buildings’ façade was not observed, which is
justified by the robustness of the façade walls.

From the survey assessment of the interior of the building, it was observed that several panels
detached from the surrounding frame and suffered diagonal cracking (Figure 6a,b). Due to the high
stiffness of these infill panels, and a consequently reduced capacity to accommodate lateral distortions,
shear sliding cracking was visible in some situations (Figure 6c). This damage was followed by the
detachment of the panel from the surrounding envelope frame. Lastly, it was observed that some
nonconfined interior partition walls suffered out-of-plane collapse (Figure 6d).

 
a) 

 
b) 

Figure 5. Survey damage assessment of the building: (a) north façade; (b) south-east façade.

61



Buildings 2019, 9, 39

 
a) 

 
b) 

 
c) 

 
d) 

Figure 6. Survey damage assessment of the interior of the building: (a) diagonal cracking in façade
wall; (b) diagonal cracking in interior partition wall; (c) sliding cracking in interior partition wall of
storey 1; and (d) out-of-plane collapse of interior partition wall.

2.4. Modal Identification Through Ambient Vibration Tests

The modal identification combines experimental techniques with analytical methods
characterization of the dynamic properties of a structure. It is often used to support the inspection and
assessment of structures, when it is aimed to study the structural behaviour due to dynamic loadings
such as wind or earthquake, or when it planned to determine the structural properties such as the
lateral stiffness [10].

With the aim of obtaining the natural frequencies and the corresponding vibration modes of the
damaged structure, ambient vibration tests were carried out. For this, three seismometers GeoSIG
(GSR-18) were used. Each seismometer allows to recording acceleration signals of three orthogonal
directions and assuming specific conditions of trigger, reading and sampling rates. Series of 900 s
duration were considered, with defining sampling rates of 250 Hz. The adopted time series lengths for
each setup were essentially limited by restrictions for the tests’ duration; still, the presented results show
that they were adequate for identifying of the most relevant natural frequencies. Each seismometer
was set to work independently, avoiding the use of cables and minimizing the work associated with
test preparation.

This was made possible by resorting to internal clock synchronization. The tests consisted in
successive vibration measurements in building points, corresponding to different locations in the
building plan (at the top story) and along the building height. The vibration data was collected through
four different test setups, in which the seismometer number 3 (here designated S03) was the reference.
This reference seismometer was placed in the center of the building plan, close to the elevators core at
the 16th storey during all setups. In the first setup, seismographs S01 and S02 were placed on floor 16
in the left block of the building to capture the local torsion mode. The second test setup was comprised
by two seismometers placed at two opposite corners (16th storey) aiming to capture the global torsion
mode of the structure. Finally, in the third and fourth setup all seismometers were in the same plan
location of the reference seismometer. The difference among the test setups was the position of the
seismometers along the vertical height of the structure, namely in the setup 3 and 4, seismograph S01
and S02 were placed at the 10th storey and 13th storey, and the 4th storey and 7th storey, respectively.
Figure 7 shows the floor layout for all setups.
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a) b) 

  
c)  d)  

Figure 7. Ambient vibration tests: schematic layout of the seismometers disposition (a) Setup 1;
(b) Setup 2; (c) Setup 3, and (d) Setup 4.

The determination of the natural frequencies and corresponding vibration mode shapes of
the building is based on the acquisition of the acceleration measurements. For this purpose, the
ARTeMIS [11] software for analysis and signal processing was used. The peak picking and the
frequency domain decomposition (FDD) methods were used. Concerning the peak picking method,
natural frequencies were identified from the peaks of the normalized average power spectra of the
measured accelerations in each section, if the dynamic output in resonance is due only to one vibration
mode shape. The modal identification was performed through the application of the enhanced
frequency domain composition method (EFDD). The EFDD technique theory can be found in [12].
The spectral density matrices obtained from the analysis is plotted in Figure 8. From the plot 6 points
are indicated which correspond to the structure natual frequencies. The 5-point red star is related
to the first mode (translational mode along direction X—Figure 9a) equal to 0.61 Hz, and the blue
one is related to the second mode (translational mode along direction Y—Figure 9b) equal to 0.75 Hz.
Regarding the diamond scatter, it starts with the green one and it corresponds to a natural frequency
equal to 1 Hz and is related to a torsional mode (Figure 9c). The gold diamond scatter corresponds
to a second order vibration mode equal to 2.39 Hz (Figure 9d). Finally the gray and yellow diamond
scatters correspond also to second order vibration modes equal to a natural frequency of 2.46 Hz and
2.78 Hz, respectively.

Figure 8. Ambient vibration test: normalized single values of spectral density matrices.
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f1=0.61Hz 

a) 

 
f2=0.75Hz 

b) 

 
f3=1.00Hz 

c) 

Figure 9. Cont.
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f4=2.39Hz 

d) 

Figure 9. Ambient vibration test results: vibration modes corresponding to (a) 1st frequency; (b) 2nd
frequency, (c) 3rd frequency and (d) 4th frequency.

3. Numerical Modelling

3.1. Introduction

The present section aims to detail the modelling strategies adopted within this work. Thus, it
will start with the description of RC structural members modelling and then the modelling of the
nonstructural elements. 3D numerical models were built in the software SAP2000 [13]. Three different
numerical models were built considering different strategies related to the infill masonry walls, namely:
(1) structure without infill masonry walls—Model 1; (2) structure with infill masonry walls (not
considering existent damage)—Model 2; and (3) structure with damaged infill masonry walls—Model 3.
The input material properties considered, as well as all the remaining modelling assumptions, will
be discussed.

3.2. RC Structure Modelling

The numerical modelling of the building under study started by considering the plan and vertical
disposition of the structural elements according to the structural drawings. Beams and columns were
modelled through bar elements. Regarding the modeling of the two central RC cores, both were
modelled using finite elements (plate elements) with dimensions that correspond to each thickness
(Figure 10a). The slab modelling was performed by considering the rigid diaphragm at the storey
levels, meaning each one behaved as rigid body (Figure 10b). Differences between infill masonry
walls and rigid diaphragm concerning the dynamic action can be found in [14]. The modelling of the
staircases was neglected since their contribution in terms of stiffness was considerably lower than the
RC core’s stiffness. However, the staircases’ mass contribution was considered. A 3D view of the bare
frame numerical model is shown in Figure 10c.
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a) 

 
b) 

 
c) 

Figure 10. Numerical modelling of RC structure: (a) detail of the RC cores and slabs connection;
(b) plan view; (c) 3D view.

Regarding the global vertical load, it was assumed a value of 5.09 kN/m2 plus a variable load
of 2.0 kN/m2. The concrete compressive strength was assumed to be 20 MPa. A concrete elasticity
modulus of 33 GPa and a tensile strength of 2.9 MPa was adopted.

3.3. Infill Masonry Walls Modelling

Many different approaches can be assumed to simulate the infill masonry walls seismic behaviour,
starting from strut model concept [15–19] to detailed micro-modelling approaches [20]. Concerning the
infill masonry walls modeling, the one-strut model approach was adopted, proposed by Al-Chaar [21]
(Figure 11), which basically simulate the stiffness and strength contribution of the infills to the RC frame
by the connection of the strut to the beam-column joints. Concerning the strut modelling parameters,
the equivalent strut width, w, calculated for each infill panel was calculated according the Paulay
and Priestley [22] proposal, which is given by Equation (1). The consideration of the infill panels’
openings and quantification of the existent damage was achieved by the application of reduction
factors according to the Al-Chaar [21] proposal. The authors suggested the application of the reduction
factors R1 and R2 that affect the equivalent strut width. Thus, the effective reduced strut width, wred,
was calculated according to Equation (2). The reduction factor R1 is related to the openings dimension,
which is only applied if the panel area is lower than 60% of the panel area. For infill panels in which
the openings area is higher than 60% of the panel area, some authors suggest to not consider the
contribution of the wall in terms of strength and stiffness. The reduction factor R1 was determined
according to Equation (3).

w = 0.25 × d (1)

wred = w × R1 × R2 (2)

R1 = 0.6 ×
(

Aopening

Apanel

)2

− 1.6 ×
(

Aopening

Apanel

)2

+ 1 (3)

Regarding the consideration of a reduction factor that considers the level damage, Al-Chaar [21]
suggests the use of R2, which can assume different values depending on the damage severity.
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For example, in the case of a panel without damage, the coefficient R2 is assumed as 1. Table 2
summarizes the R2 reduction factor according to the panel geometry and level of damages.

Both simulate the infill masonry wall’s in-plane behaviour through one equivalent strut
(Figure 11).

 
Figure 11. Infill masonry walls numerical modelling strategy: equivalent one strut model (w—strut
width; Lw—panel length; Hw—panel height; H—inter-storey height; L—storey length).

Table 2. R2 reduction factor.

Hw/t Moderated Damages Extensive Damages

≤ 21 0.7 0.4
> 21 0—Repairing strategies are needed

Two different numerical models were built with infill masonry walls: one without consideration
of the damages and one considering the infill’s damages. The quantification of the level of damage
will be explained in Section 4, since the calibration was performed considering the natural frequencies.

4. Modal Analyses

4.1. Introduction

Throughout the present section, the modal analyses results will be presented and discussed.
Starting from the model without infill masonry walls (Model 1) then the results from the model
considering the infill masonry walls (Model 2) and, finally the results of the model considering the
damaged masonry infill walls (Model 3). All the numerical model results will be compared with the
experimental results; thus, the impact of the infill masonry walls presence in the structure vibration
modes will be discussed. The comparison and discussion of the modal analyses results from the
three numerical models will be presented in terms of natural frequencies and vibration modes of
the structures.

4.2. Model Without Infill Masonry Walls—Model 1

From the modal analysis of the model without infill masonry walls it was collected the first four
vibration modes and the corresponding natural frequencies and are summarized in Table 3.
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Table 3. Modal analysis results: model without infill masonry walls (Model 1).

Schematic Layout Vibration Mode Deformed Shape Natural frequency [Hz]

  

f1 = 0.52

 

f2 = 0.57

  

f3 = 2.14

f4 = 2.37

4.3. Model with Infill Masonry Walls (Not Damaged)—Model 2

From the modal analysis of the model with infill masonry walls (not damaged), first four vibration
modes and the corresponding natural frequencies were collected and are summarized in Table 4.

From the comparison between the numerical (Model 1 and Model 2) and the experimental
frequencies, it can be observed that, as expected, that the frequencies of the model without infill
masonry walls (Model 1) are quite lower than the experimental ones. The first and second frequencies
are 15% and 25% lower, respectively. This is justified by the absence of infill masonry walls that results
in the reduction of the global structure lateral stiffness. Regarding the model considering infill walls
(Model 2), it is observed that the numerical frequencies are higher than the experimental ones. This can
be accepted, since the experimental results are related to a structure with the panels damaged. The first
frequency is 28% and the second one is 15%, respectively. A brief summary of the modal analysis
results of the Model 1 and Model 2 is presented in Table 5.
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Table 4. Modal analyses results: model with undamaged infill masonry walls.

Schematic Layout Vibration Mode Deformed Shape Natural Frequency [Hz]

 
 

f1 = 0.78

f2 = 0.86

 

f3 = 2.52

 

f4 = 2.86

Table 5. Modal analysis results: model with undamaged infill masonry walls.

Type of Results
Natural Frequencies

1st Vibration Mode 2nd Vibration Mode

Experimental 0.61 0.75
Model 1 0.52 0.57
Model 2 0.78 0.86

4.4. Model with Infill Masonry Walls (Damaged)—Model 3

The assignment of different levels of damage to the infill masonry walls was based in the
Al-Chaar [21] proposal, and a reduction factor R2 variation between 0.7 and 0.4 was considered
according to the state of damage. Due to the high number of panels, it is very difficult to assume a
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reduction factor for each panel. Thus, three different levels of damages were assumed based on the
survey damage assessment (Figure 12).

Table 6. Modal analysis results: model with infill masonry walls (damaged)—Model 3.

Schematic Layout Vibration Mode Deformed Shape Natural Frequency [Hz]

 
 

f1 = 0.65

f2 = 0.77

 

f3 = 2.26

 

f4 = 2.56

For the first level of damage, a reduction factor of 0.3 was assumed between the 1st and 6th
storeys. For the second level of damage, between the 6th and 10th storeys, a reduction factor of 0.5
was assumed. Finally, for the third level of damage, a coefficient of 0.7 was assumed. From the modal
analysis of the model with infill masonry walls (damaged), the first four vibration modes and the
corresponding natural frequencies were collected and are summarized in Table 6.
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g

  

Figure 12. Schematic layout of the infill masonry wall level of damages assumed.

4.5. Global Comparison

From the global comparison of the results from the modal analyses, it can be noticed that the
presence of the infill masonry walls increases the global lateral stiffness and thus the natural frequencies.
However, the present study shows that the impact of the infill panel damages results in the reduction
of the natural frequencies. At this point, the experimental results are important to discern which
modelling strategy is more appropriate to simulate this structure. Table 7 summarizes the results from
the modal analysis obtained by the three numerical modes and in the ambient vibration test. By the
analysis of the first natural frequency (translational mode along direction X), the highest and the lowest
value were achieved by Models 2 and 1 respectively. Model 2 is 28% higher than the experimental one
and Model 1 is 15% lower. Concerning the comparison between the Model 3 and the experimental one,
a small difference was obtained, namely 5% higher.

The second vibration mode, characterized by a translational mode along direction Y, similar
results were found; the highest result was obtained by Model 2 with a frequency equal to 0.86 Hz (15%
higher than the experimental one) and the lowest result was obtained by Model 1 (24% lower than the
experimental one). Once again, Model 3 reached the result with higher accuracy, namely 0.77 Hz (2.6%
higher than the experimental one). Similar observations can be drawn for the third vibration mode.

Table 7. Modal analyses results: global comparison.

Model
Vibration Modes

f1 f2 f3

Model 1 0.52 0.57 2.14
Model 2 0.78 0.86 2.52
Model 3 0.65 0.77 2.26

experimental 0.61 0.75 2.39

5. Linear Elastic Dynamic Analysis

5.1. Introduction

With the aim to assess the effect of the presence of infill walls in the structural response of the
building, linear elastic dynamic analyses were carried out. Since this specific study is not related to
the seismic vulnerability assessment of the structure, it was intended to perform only one dynamic
linear elastic analysis with only one accelerogram for all the three numerical models. The selected
accelerogram was the Gorkha earthquake, which is plotted in Figure 13. From the analysis of the
spectral acceleration, it can be observed that the peak spectral acceleration occurs for natural periods
between 0.24 s to 1.1 s. Looking for the natural periods of the numerical models, it seems that Model 2
(with undamaged infills) is the one closest to this range of natural periods (T = 1.25 s). This indicates
that Model 2 will be the one subjected to higher seismic loading demands in this analysis.
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For this analysis a stiffness reduction of the RC elements was considered according to the Greek
code recommendations [23], which indicate reduction factors in structural analyses and assessment,
and not the design of new structures. A reduction factor of 0.2 was considered for internal columns,
0.4 for external columns, 0.5 for cracked stiffness cores, 0.3 for noncracked stiffness cores and 0.6
for beams.

The analysis results will be analysed and discussed in terms of inter-storey displacements profiles,
inter-storey drift ratios, inter-storey shear and inter-storey seismic loading. Four vertical alignments
were analysed with the aim of accurately assessing the structural response (Figure 14).

 
a) 

b) 

c) 

Figure 13. Linear elastic dynamic analysis: (a) accelerogram (direction X); (b) accelerogram (direction Y);
and (c) spectral acceleration.
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a) b) 

Figure 14. Linear elastic dynamic analysis: vertical alignments under study (a) plan view; (b) 3D view.

5.2. Inter-storey Displacements And Drift Ratio Profiles

Figure 15 presents the maximum inter-storey displacements of Model 3 along the four vertical
alignments, from which it is easy to identify similar behaviour. It can be observed that the results from
alignments A and D are similar as well as the results from the alignments B and C. It is possible to find
that the maximum and minimum displacements in the alignments A and D occurred along direction Y,
on the other hand in the alignments B and C occurred along the direction X. This difference can be
justified by the torsional effect characterized by the geometry of this structure.

Based on this maximum and minimum inter-storey displacements, it can be also concluded that
the A and D alignments along the direction X are 30% lower than the results obtained by the B and C
alignments. The same does not occur for the inter-storey displacements along direction Y, where the
results are quite similar. Once again this can be justified by the torsion effect.

 
a) 

 
b) 

 
c) 

 
d) 

Figure 15. Linear elastic dynamic analysis result: maximum inter-storey displacement of Model 3
(a) alignment A; (b) alignment B; (c) alignment C and; (d) alignment D.

We also studied the level of the expected infills damage based on the relationship between the
maximum inter-storey drift (ISD) ratio and the corresponding level of expected damage proposed
by different authors. Based on the strut model, Magenes and Pampanin [24] proposed an empirical
damage evaluation of the infill panels that corresponded to certain limit state, depending on the
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axial deformation. FEMA-306 [25] and FEMA-307 [26] documents indicates also reference values of
ISD ratio. The drift limit proposed for brick masonry is 1.5%, and the drift limit for the beginning
of the diagonal cracking which is 0.25% can also be found in these documents, as can be observed
in Figure 16.

 

Figure 16. Relationship between maximum ISD ratio and infill masonry damage level proposed
by FEMA-306.

From the analysis of the maximum inter-storey drift (ISD) ratio profiles (Figure 17), along the
alignment A, the following observations can be drawn, namely:

(i) In all the numerical models, in both directions, the higher ISD ratio values occurred in the
intermediate storeys (between storeys 3 and 7);

(ii) Globally, it can be observed that the higher ISD ratios occurred in the direction Y, with exception
of Model 3 where it is observed the opposite. This can be justified by the irregularity of the
damages observed in the infill masonry walls, which reduced the global lateral stiffness and
strength and increased the lateral deformation;

(iii) From the comparison between all the numerical models, it can be observed that Model 1 reached
the highest ISD ratio values along the direction X, by achieving a maximum value of 0.85%.
Model 2 reached the lowest one with a maximum ISD ratio of 0.43%. Concerning the response of
Model 3, the impact of the infill panel damages increased the ISD ratio to a maximum value of
0.72%, which is 15% lower than the value obtained by Model 1 (Figure 16);

(iv) Concerning the direction Y (Figure 16), different results were found since Model 2 and Model 3
reached similar response by reaching a maximum ISD ratio around 0.57%. On the other hand,
Model 1 reached again the maximum ISD with a value of 0.83%.

(v) Regarding the drift limits, it is possible to observe that along the damages are concentrated in
the storeys above the 8th; most of them had diagonal cracking as observed in situ and reported
in Section 2.3. The numerical results are quite similar—from the ISD ratio envelope of Model
2 and the storeys that exceeded the drift limits, as well as in comparison with the observed
post-earthquake damages.

A similar trend was observed in the alignment C, however higher ISD ratios were achieved.
Starting from the results of Model 1 (Figure 18a), the maximum ISD reached in the direction X is 26%
higher than the one in direction Y. The storeys that obtained high level of ISD were the storeys between
2 and 8.

Concerning Model 2 (Figure 18b), lower differences were noticed in both directions. In fact,
a small variation of around 5% is observed with the highest one along direction Y. In this case, it is not
visible a special concentration of the drift demand along the building height.

Finally, from the analysis of the Model 3 response, the higher level of ISD ratios along the direction
X is again visible, which reached a maximum value of 77% higher than the one reached in direction Y.
The higher levels of drift occurred along the storeys 2 until 9, with storey 4 having the maximum ISD.
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From the global analysis of the ISD ratios, a similar trend is once again visible, namely in the
direction X the Model 1 and 2 achieved the highest and the lowest values (Figure 18b), respectively.
Model 3 reached a maximum drift of 0.73%, which is 38% lower than the one reached by Model 1.

Concerning direction Y, once again Model 1 reached the maximum ISD ratio followed by the
Models 2 and 3, respectively. The maximum value was around 0.92%, which is 39% and 42% higher
than the Models 2 and 3, respectively as observed in the alignment A results.

Finally, regarding the drift limits exceedance it is possible to draw the same observations
performed for the alignment A, which basically shows that the storeys between the 2nd and 8th
storeys were most affected by the earthquake motion.

 
a) 

 
b) 

 
c) 

 
d) 

 
e) 

Figure 17. Linear elastic dynamic analysis result: maximum inter-storey drift ration (alignment A)
(a) Model 1; (b) Model 2; (c) Model 3; (d) global comparison (Direction X); and (e) global comparison
(direction Y).

 
a) 

 
b) 

 
c) 

 
d) 

 
e) 

Figure 18. Linear elastic dynamic analysis result: maximum inter-storey drift ration (alignment C)
(a) Model 1; (b) Model 2; (c) Model 3; (d) global comparison (Direction X); and (e) global comparison
(direction Y).
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5.3. Inter-storey Shear and Seismic Loading Envelopes

Concerning the analysis of the inter-storey shear, the maximum shear reached in each storey was
extracted from the results, which are plotted in Figure 19. From the results it is possible to observe
that the higher values were reached along the direction X (except Model 3). From the plots, it is visible
that in Model 1 reached lower maximum storey shear variation along the storey height (Figure 19a).
Otherwise, Model 3 was the one where a larger difference was noticed (Figure 19c). Model 2 appears
to be an intermediate situation, such in direction X or Y (Figure 19b). From the global comparison
along direction X (Figure 19d), it is possible to observe that Model 3 achieved results about 15% higher
than Model 1 and 8% more than Model 2. The presence of the infill walls resulted in the increment of
the storey shear, which could lead to significant impact on the frame columns and/or beam-column
joints. Concerning direction Y (Figure 19e), it can be observed that the maximum values were reached
by Model 2, followed by the Model 1 and then Model 3. Model 1 results were about 23% higher than
that of Model 3, which is very similar to the model without infill walls.

 

 
a) 

 
b) 

 
c) 

 
d) 

 
e) 

Figure 19. Linear elastic dynamic analysis result: maximum storey shear (a) Model 1; (b) Model 2;
(c) Model 3; (d) global comparison (Direction X); and (e) global comparison (direction Y).

Finally, concerning the maximum seismic loading (Figure 20), it is visible that once again the
higher values can be found along direction X in Model 1 and in Model 2. In other hand, Model 3
reached the higher maximum seismic loading along direction Y. By analysing the envelopes, it is
possible to observe that in Model 1, the maximum seismic loading occurred for the storeys 8, 7 and 6
and the maximum ones in the 14th and 15th storeys (Figure 20a). Higher differences among storeys
are visible in Model 2 (Figure 20b), namely the maximum values were reached along Storeys 5, 6 and 4
and finally in 14 and 15. Finally, in Model 3 (Figure 20c), the maximum seismic loadings were reached
in the 8th, 7th and 9th storeys and finally in the top storeys (15 and 14).

From the global comparison between the numerical models it seems that along the direction X
from the bottom until the 6th storey that Model 2 reached higher seismic loadings. From the 6th storey
until 14th, Model 3 exceeded Model 2’s seismic loadings. On the 15th storey, Model 1 achieved the
highest value (Figure 20d). Finally, along direction Y, it seems that Model 2 always reached the highest
seismic loadings when compared with the remaining ones. From the plot (Figure 20e), it is visible that
the maximum seismic loadings were about 20% and 10% higher than Model 1 and 3 respectively.
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a) 

 
b) 

 
c) 

 
d) 

 
e) 

Figure 20. Linear elastic dynamic analysis result: maximum seismic loading envelope (a) Model 1;
(b) Model 2; (c) Model 3; (d) global comparison (Direction X); and (e) global comparison (direction Y).

6. Conclusions

The main aim of this manuscript was to study the impact of the infill masonry walls presence in
the seismic performance of a 15-storey high-rise building located in Nepal. The building was subjected
to the Gorkha earthquake sequence in 2015 and was visited by an international team that performed a
complete damage survey assessment report (herein presented). From the damage assessment, it was
concluded that the major part of the observed damages found were related to the presence of infill
masonry walls, namely local failure such as diagonal cracking, shear sliding cracks and detachment of
the panel from the envelope frame. It was concluded that due to the high flexibility of the RC structure,
the infill walls were subjected to significant deformations, which resulted in the observed extensive
damages. Due to the seismic design of the RC structural elements, significant damages within the
structural elements were not observed.

Ambient vibration tests were carried out to collect the vibration modes and the corresponding
natural frequencies of the building under study. From the results, it was visible that the first and second
vibration modes are characterized by slight torsion, which is due to the building geometry. The results
obtained were used to calibrate the numerical model built in the software SAP2000. Additionally, two
different numerical models were also built, considering different modelling strategies related to the
infill masonry walls (without infill walls and with undamaged infill walls).

From the modal analysis, it was possible to observe that the infills presence increased the
frequencies about 30%. Any modification of the of the vibration modes due to the infill’s presence was
not visible. From the comparison between the models with undamaged and damaged infill panels, it
was found that neglecting the panel damage could result in differences between 10–20%.

Linear elastic analyses were carried out to assess the impact of the infill panels in the expected
dynamic response of the structure. From the results, it was observed that the infill panels presence
increased significantly the storey shear, and the maximum base shear about 20%. This important
increasing of shear loadings due to the infills’ presence is very important, since in the case of structures
designed only to support gravity loads, it should be analysed carefully if the building’ foundations
and vertical elements are capable to support those shear loadings. From the results, it can be also
concluded that the presence of the infill walls reduced the ISD ratio, however when compared
with the drift limits proposed by FEMA-306, it was observed that a large part of the infill panel’s
damages occurred above the 8th storey. It was also observed that the presence of infill masonry walls
contributed to the increasing of the torsion effect. From this study, it is evident that the infill masonry
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walls played an important role in the seismic performance of the structure, highlighting the need to
consider these elements during the design of new structures and/or the structural safety assessment
of existing structures.
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Abstract: A significant number of old unreinforced load-bearing masonry (URM) buildings exist in
many countries worldwide, but especially in Europe. In particular, Bosnia and Herzegovina has an
important stock of masonry buildings constructed from the 1920s until the 1960s without application
of any seismic code, due to their nonexistence at that time. With the 1963 Skopje earthquake,
this class of buildings were shown to be rather vulnerable to seismic actions, which exhibited
serious damage. This article assesses the seismic vulnerability of a typical multi-storey residential
unreinforced load-bearing masonry building located in the heart of Sarajevo, which may be exposed
to an earthquake of magnitude up to 6 by Richter’s scale. The buildings of this kind make up to 6%
of the entire housing stock in the urban region of Sarajevo, while in Slovenia this percentage is much
higher (around 30%). The analysis of a typical building located in Sarajevo revealed its drawbacks
and the need for some kind of strengthening intervention to be implemented. Additionally, many
structures of this type are overstressed by one to two additional floors (not the case of the analyzed
structure) constructed from 1996 onwards. This was due to the massive population increase in the
city center of Sarajevo and further increased the vulnerability of these buildings.

Keywords: unreinforced load-bearing masonry; strengthening intervention; non-linear analysis

1. Introduction

Bosnia and Herzegovina lie in the heart of South Eastern Europe, which is marked as one of
the European regions with rather complex tectonic formations. Many researchers investigated this
region, i.e., Northwestern Balkans, Northwest Bosnia and Herzegovina. One of the features which
makes South Eastern Europe interesting for researchers, is the fact that all the earthquakes that struck
this region until now were earthquakes with a shallow focus. Uniform hazard spectra for this region
were produced by several researchers [1,2] after the study of the influence of deep and shallow
geology. In 2018, the seismic hazard map for Bosnia and Herzegovina, defined in terms of peak
ground acceleration (PGA) with a return period of 475 years (Figure 1), as defined in Eurocode 8,
was constructed, and is now part of the National Annex in BAS EN 1998-1: 2018 [3].

When considering 1944 recorded earthquakes, the focal depth of 64% of them is only 10 km, while
earthquakes with a focal depth in the range from 11 to 20 km make up 30% of the sample and around
4.5% of the earthquakes were with a focal depth in the range from 21 to 30 km; which leaves just 1.7%
with a focal depth larger than 30 km [4]. The shallow focus is one of the most destructive features of
earthquakes in Bosnia and Herzegovina [5,6].
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Figure 1. Seismic hazard map for Bosnia and Herzegovina in terms of peak ground acceleration (PGA)
(475 years return period) [3].

In this paper, a building structure built in 1957 and typical of the Balkans region is elaborated.
These type of buildings can be found in all towns in Slovenia (Figure 2a) and they make up to 30%
of the entire housing stock in Slovenia [7]. According to the national census [8], the buildings of
this type make up 6% of the housing in the urban part of the Sarajevo city center. This construction
type was built from 1920 until 1963 in the entire region of ex-Yugoslavia, especially in the Republic
of Macedonia, Montenegro, and Bosnia and Herzegovina, mainly in the urban areas. At that time,
no seismic codes existed in this region, so these structures were constructed with no seismic regulations.
The 1963 Skopje earthquake showed the drawbacks of this type of structures (Figure 2b), which were
severely damaged due to inadequate wall concentration in the predominant earthquake direction,
low resistance of the loadbearing system, high height of the unreinforced masonry structure (URM),
etc. It is only after this catastrophic event that these type of structures were addressed in the first
Temporary Seismic Code produced in 1964 and later upgraded after the 1969 Banja Luka earthquake
(which had a focal depth of only 25 km, and a magnitude of 6.4 by Richter’s scale). This was one of
the most devastating earthquakes registered in this region. Due to the vast devastation caused by the
Banja Luka earthquake, micro-zonation of the urban part of the city was done in 1972. According to
that data, the expected average ground acceleration for Banja Luka is 0.18g [9]. Regardless of this fact,
the area of Banja Luka in the seismological map of Bosnia and Herzegovina was defined as an area of
maximum registered intensity of 9 by the Mercalli–Cancani–Sieberg intensity scale [10] for a return
period of 500 years. More recently, Lee et al. [11] conducted the micro-zonation of Banja Luka in the
light of performance-based earthquake-resistant design.
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(a) (b) 

Figure 2. (a) Typical building in Slovenia; (b) devastation of a typical building after the 1963 Skopje
earthquake [4].

According to the new seismic hazard code for Bosnia and Herzegovina, defined in terms of
peak ground acceleration (PGA) with a return period of 475 years (Figure 1), Sarajevo can experience
earthquakes with a peak ground acceleration of 0.18g [3]. Such conditions make this structure rather
vulnerable as it was constructed without the application of any seismic measures.

As this structure is typical for the wider region of the Western Balkans, the main purpose of this
research is to investigate the seismic safety of the building if exposed to ground motions compatible
with Eurocode 8 [3]. On the basis of obtained numerical results, possible intervention measures for
improving the seismic response of the structure are also analyzed and proposed.

2. Description of the Case Study

The analyzed building is located in the urban part of Sarajevo (Figure 3a,b) and it has a rectangular
plan, with length L = 38 m and width B = 13 m (Figure 3c). The total height of the structure with the
basement is 21 m (Figure 3d). The main load bearing walls are located in the Y direction, while the
load bearing walls in the X direction are attenuated by many openings. The structure is composed of a
basement made of reinforced concrete walls. Dimensions of the walls differ and the inner walls in the
Y direction are 38 cm thick, while in the X direction the thickness of the outer walls is 30 cm and of two
inner walls is 25 cm. The walls in both directions on all the floors are made of solid brick masonry
(dimensions of bricks 250 × 120 × 65 mm) and a façade part (non-load bearing) made of hollow bricks
125 mm thick. The slabs are made of semi-prefabricated “Herbst” concrete hollow elements, joists,
and a concrete slab of 6 cm. The total thickness of the slab at the storey’s is 26.5 cm, and the same
construction is kept for the roof with thickness increased to 43.5 cm. The structure is an unreinforced
masonry building with prefabricated slabs, behaving as rigid diaphragms [5,6].

The vulnerability of the building under study is connected to several issues. One of the essential
requirements for adequate seismic response is not satisfied, as there is the lack of load-bearing elements
in one of the structure’s main directions. The loadbearing walls are mainly placed in the transversal
direction (Y), while walls in the longitudinal (X) direction are weakened by a large number of openings
(Figure 2). The structure has a basement, ground floor, and five storeys, and it was constructed as
an unreinforced masonry building. The walls are made of solid bricks connected with lime mortar
providing a low compressive strength of masonry. By taking into account the EMS 98 [12], the structure
is associated with vulnerability class C. This structure (unconfined masonry, at most 60 years old with
reinforced concrete floors) can have different damages grades. For a seismic intensity VII, the damage
grade would be 2 (moderate damage), and as the intensity increases the damage grade increases by one
level: Seismic intensity VIII provides substantial to heavy damage; seismic intensity IX provides very
heavy damage and seismic intensity X provides destruction. Additionally, according to the regulations
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regarding technical standards for the construction of buildings in seismic areas from 1991 [10], there is
a clear limitation regarding the number of storeys for unreinforced masonry structures in respect to
the seismic intensity level, as shown in Table 1.

Table 1. Allowed number of storeys for different masonry structures [10].

Type of Masonry Structure
Seismic Intensity Degree

IX VIII VII

URM - G + 1 G + 2
Confined masonry G + 2 G + 3 G + 4

Reinforced masonry G + 7 G + 7 G + 7

(G stands for ground floor).

This type of structure is characterized by two longitudinal façade walls with a large number of
openings, while in the transverse direction the exterior walls have only one opening at the height
of each floor. Other transverse (inner) walls have door openings of 2.3 m2–6.9 m2. The total area
of the openings in the basement for the longitudinal direction is 19.8%. In the transverse direction,
openings in the outer wall occupy only 8.6% of the wall surface. A significant percentage of the
aperture is located in the longitudinal walls in the amount of as much as 46% of the wall surface.
Thus, the lateral resistance in the longitudinal direction is significantly lower than the lateral resistance
in the transverse direction.

Sarajevo is located in the seismic intensity zone VII, thus limiting the number of storeys to G + 2
(see Table 1), while the analyzed structure is G + 5. It is evident that the limitation according to Table 1
is not respected, as this regulation was enforced only in the 1980s.

  
(a) (b) 

 

 

(c) (d) 

Figure 3. (a) Analyzed building located in Sarajevo; (b) east façade; (c) plan view of the typical floor
and labeling of coordinates (X and Y); (d) typical cross section.
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In order to obtain the necessary information regarding the physical and mechanical characteristics,
several on-site and laboratory tests were done. Laser distancemeters and total stations were used for
verification of the geometric data and as a result, drawings of the building were produced (Figure 3b–d).
Brick units and concrete compressive strengths were determined on samples from the building
(Figure 4a). Five series of two bricks were taken out from representative locations in the structure
and their compressive strength was tested in accordance with the ex-Yugoslavian standards [13]
(Figure 4b). Locations of the extracted brick samples are marked by numbers from 1 to 5 (Figure 4a).
The mean value of brick compressive strength was 19.4 MPa, while the minimum value was 13.4 MPa
putting it into a class of M15 (15 MPa), which fulfills the requirements for a load-bearing wall [13].
Compressive strength of concrete was determined using six cylindrical samples in accordance with the
regulations defined in standard [14]. The mean value of concrete compressive strength was 25.1 MPa,
while the minimum value was 22.8 MPa putting it into a class of MB25, which is equivalent to C20/25 in
Eurocode 2 [15], and the reinforcement was ø = 14 mm, type of steel GA240/360 (smooth bars with yield
stress 240 MPa, and 360 MPa ultimate strength). Based on results from the experimental campaign,
the calculated compressive strength of masonry according to Eurocode 6 [16] was 4.1 N/mm2, which
was used as the basis for the calculation of other mechanical characteristics. The slabs were made out
of concrete class C20/25 and a reinforcement ø = 8 mm and the same type of steel was used as in the
basement. All other characteristics were determined from the characteristic compressive strength of
the concrete according to Eurocode 2 [15].

p g g

 
 

(a) (b) 

Figure 4. (a) Location of the samples for determination of the compressive strength of bricks; (b)
tested sample.

The building, depicted in Figure 3a, was modelled using a finite element model (FEM) and
the equivalent frame model (EFM), with the application of DIANA [17] (Figure 5a) and 3MURI [18]
(Figure 5b), respectively. DIANA software [19–24], as well as 3Muri [24–30], have been widely
applied to model masonry structures. The structure was modeled with a curved shell (quadrilateral
element CQ40S type) element. In FEM an element size was 0.25 m having a total of 84,523 nodes and
28,522 elements, while in the EFM, the number of 3D nodes was 218, 34 2D nodes, and 506 elements
for the entire structure (Figure 5a,b). In FEM only half of the structure was modeled and analyzed as
the structure is symmetric, employing in total 15,759 CQ40S elements and 45,443 nodes (Figure 5c).
The applied adequate boundary conditions are indicated in Table 2. Material nonlinearity properties
of masonry [31] were taken into account with the application of the total strain fixed crack model,
as defined in DIANA [17]. The post-cracked shear behavior was introduced by a very low shear
retention factor. The physical and material characteristics taken in the analysis are given in Table 3.
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(a) (b) 

 
(c) 

Figure 5. Models used for safety assessment: (a) Finite element model (FEM) in DIANA; (b) EFM in
3MURI; (c) FEM model in DIANA (only half is modelled to keep the computational effort acceptable).

Table 2. Constrain Summary.

Support Translation Rotation

Plane of symmetry X Y; Z
Base of structure X; Y; Z X; Y; Z

Table 3. Physical and material characteristics.

Element
Thickness

(m)

Compressive
Strength f c

(N/mm2)

Compressive
Fracture Energy

Gfc (N/mm)

Tensile
Strength f t

(N/mm2)

Tensile Fracture
Energy Gt

(N/mm)

Modulus of
Elasticity E

(N/mm2)

Poisson
Ratio υ

Density �
(kg/m3)

Masonry

Façade
walls 0.375

4.07 6.51 0.20 0.10 4070 0.20

2700*

Inner
walls 0.250 1900

Element
Thickness

(m)
Compressive Strength f c

(N/mm2)
Tensile Strength f ct (N/mm2)

Modulus of
Elasticity E

(N/mm2)

Poisson
Ratio υ

Density �
(kg/m3)

Concrete

Façade
walls 0.380

24 2.2 30,000 0.20

2400
Inner
walls 0.250

Floor 0.265 2190

Roof 0.435 2050

* On the basis of experimental test, the value of density of this type of masonry is 1900 kg/m3, however, in order to
take into account the non-bearing façade walls in respect of the mass, the value has been proportionally increased,
while keeping the thickness of d = 25 cm enabling the stiffness to remain intact.
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Dynamic characteristics of the structure are important for understanding its dynamic behavior
under earthquake actions. The natural frequencies and mode shapes of the entire structure were
determined by modal analysis. The first eigen frequency in FEM was 2.19 Hz, while in EFM it
amounted to 1.96 Hz and the first mode in both cases was the translation in the X direction [5,6,29].
Furthermore, the values of frequencies are consistent with the data provided by Tomaževič [32],
indicating: “For higher structures even up to 11-storeys the value are close to 2 Hz even though
buildings have been built with different materials”. This was used as a verification parameter of the
model as no ambient vibration tests were conducted on the structure.

Figure 6a shows the labeling of the walls in the structure in the two directions as well as the
numbers of the nodes on the top floor of the structure. The node used to monitor the top displacement
is located at the axis of symmetry in the center of the structure (referred to as node 44014) (Figure 6b).
For more details regarding the numerical model of the structure and material characteristics the reader
is referred to references [5,6].

  
(a) (b) 

Figure 6. (a) Location of the nodes; wall labeling; (b) location of the control node 44014.

3. Results of the Unstrengthened Configuration

The FEM model was used to perform pushover and time history analysis, while the EFM model
was only used to conduct pushover analysis. Comparing the pushover curves obtained from the two
models, the difference in the maximum load coefficient was in the range of 6.4% to 6.9%, which is
considered as an acceptable range [5,6]. Here, the load coefficient is the ratio between the base shear
forces due to pushover (y direction) and the sum of all vertical loads (z direction).

Results show that the EFM model is stiffer in comparison to the FEM model. The difference in
the stiffness could be attributed to the rigid connections between the spandrel and the pier elements.
Spandrels mainly influence the boundary conditions of piers [33]. The time history analysis in FEM
was compared with pushover analysis in EFM just in the view of distribution of pattern damage and it
was evident that it follows the same sequence [5,6]. The location of the cracks were around the opening
and, as the windows are very close to the corner of the walls (75 to 100 cm), this is weakening the
connection between the walls causing additional concentration of stresses and crack development.
The major damage is concentrated on the ground floor. The two models gave results that were in
excellent correlation, however for the sake of computational efficiency, it was decided to continue the
further analysis with the EFM model.

In order to generate the response of the structure to various PGA values, the structure was exposed
to the short-period 1979 Petrovac strong earthquake motion registered at Montenegro. This acceleration
record is commonly used for seismic structural assessment throughout the region [34,35]. In order
to take into account the ground motion in Sarajevo, according to the new seismic hazard map,
the accelerogram from the Petrovac earthquake (with a PGA of 0.43 g) was scaled down to 0.1 g
(Figure 7) and 0.2 g. Seismosignal software [36] was used for scaling and filtering the acceleration
record. The code response spectrum used in the EFM model is presented in Figure 8 for 0.1 g.
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Figure 7. Petrovac earthquake acceleration scaled to 0.1 g [36].

 

Figure 8. Elastic response spectra for Sarajevo according to Eurocode 8 for 0.1 g.

Due to the earthquake action of 0.1 g, in the Y direction, formation of typical diagonal cracks
(Figure 9a) were noticed with concentration of the damage at the ground level (Figure 9b) (connection
between the concrete basement and masonry structure) after 24 seconds.

  

(a) Wall W-Y6 (b) Wall W-X1 

Figure 9. (a) Typical diagonal X-shaped crack due to shear in the perpendicular wall; (b) concentration
of damage at the ground floor in the longitudinal wall (0.1g scaled accelerogram).
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On the other hand, it was only after 3.89 seconds that the structure showed significant damage,
which caused the collapse of the structure, when the structure was exposed to 0.2 g of the same
earthquake (Figure 10a,b).

 
(a) Wall W-Y6 (b) Wall W-X1 

Figure 10. (a) Damage of the perpendicular wall; (b) longitudinal wall due to 0.2 g scaled accelerogram.

From Figure 11 it is evident that, once the structure is exposed to the Petrovac ground motion
scaled to 0.2 g, it undergoes very large displacements with a maximum of 29.33 cm after only 3.89 s,
which is 2.6 times larger than when the structure was exposed to a 0.1 g scaled accelerogram. It is
evident that these types of structures are highly vulnerable to such seismic actions and strengthening
measures should be proposed.

 
Figure 11. Displacement of the node 44014 at the top floor due to action of 0.1 g (indicated by a blue
color) vs 0.2 g scaled accelerogram (indicated by the red color).

The maximum displacement in the case of 0.1 g is rather small and it amounts to 11.38 cm while
for the case of higher seismic activity (0.2 g) the displacement increased to 29.33 cm, which is 2.6 times
larger. The maximum inter-storey drift per each floor was calculated separately (as it does not happen
simultaneously). The maximum value of inter-story drift of each floor was identified, and an envelope
of the inter-story drift was created. Further, the maximum inter-storey drift (envelope) moved from 0.8
% to 5.8 % (Figure 12) as the PGA increased from 0.1 g to 0.2 g, making the structure more vulnerable,
and showing that severe damage will occur if exposed to an earthquake of higher PGA (0.2 g).
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Figure 12. Maximum inter-storey drift for PGA 0.1g and PGA 0.2g scaled accelerograms.

The hysteresis curve originated by the 0.2 g scaled accelerogram was determined for the control
node 44014 and the relationship between the seismic coefficient (ratio between base shear and gravity
forces) and displacement has been obtained as shown in Figure 13. The maximum seismic coefficient of
0.37 was reached while the maximum displacement was 29.3 mm. From Figure 13, energy dissipation
was observed due to flexural and shear phenomena. However, in order to understand the behavior of
a structure besides the amount of dissipated energy, it is important to know the equivalent viscous
damping ratio and dissipated energy ratio.

 
Figure 13. Envelope of the hysteresis curve in the transversal direction.

The structural analysis of the case study was also performed with the EFM (additional information
could be found in references [5,6,29]). Here, only the results in the X direction of the façade walls
will be shown. Damage was again concentrated in the lower floor of the structure with bending and
compression failure at the ground level of the structure (Figure 14). The observed damage shown in
Figure 14 (damage in masonry piers) is consistent with the damage observed on the building after the
Skopje earthquake (Figure 2b). As results obtained by both FEM and EFM approaches regarding the
pushover analysis were in a very good agreement, it was decided not to report the respective results
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here. In addition, due to the much less computational time required, it was decided to conduct further
analysis in the X direction utilizing only the EFM approach. As stated before, one of the major flaws of
this type of building is the nonexistence of adequate number of load bearing walls in the longitudinal
(X) direction and the large number of openings causing a lower lateral stiffness in this direction with
respect to the transversal (Y) direction.

  
Figure 14. Façade walls damage of the original structure after exposure to PGA = 0.1 g.

4. Strengthening Intervention (EFM Model)

The proposed strengthening method followed here is a combination of traditional and modern
strengthening techniques. This envisaged solution includes the construction of four new walls
(Figure 15a) and strengthening the ground floor with fiber reinforced polymers (FRP) where
concentration of damage was observed, see Figure 14. In this way, the structure moved from inadequate
to the adequate positioning of the structural walls in plan [32]. The walls were positioned in such
a way as to keep the symmetry of the structure and in that way circumvent possible undesirable
torsional effects. The new walls are made of solid clay bricks connected with lime mortar in order to
be compatible with the existing walls. The four new structural walls were built in place of existing
separation walls in order to not affect the serviceability of the structure, besides being the most
convenient location. The walls are founded on new continuous wall footings connected to the existing
foundation. The two longitudinal walls surrounded with a red rectangle in Figure 15b were reinforced
at the ground floor with carbon FRP bidirectional strips, having thickness of 2 mm and a width of
200 mm and spaced every 0.5 m, see Sd in Figure 15c. The used FRP material has the following
mechanical properties: E = 240,000 MPa (modulus of elasticity), f fd = 3182 MPa (tensile strength) and ε

= 1.45% (ultimate elongation), area of the corresponding strips is 2 × 200 mm2.

 
 

 
(a) (b) 

Figure 15. Cont.
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(c) 

Figure 15. Strengthened structure (a) 4 additional walls; (b) FRP at the ground level; (c) FRP modeling
in 3MURI [18].

The comparison of the performance of the unstrengthen and strengthened structure exposed to
the elastic response spectra as defined in Eurocode 8 [37] for PGA equal to 0.1 g and 0.2 g and C soil
type (Figure 16), shows that the strengthening procedure adopted could not overcome the problem of
seismic vulnerability of this type of structures for larger earthquake motions. The structure has an
adequate behavior if exposed to a smaller PGA, however bending failure occurs at the lower floors of
the structure with the increase of PGA.

 

Figure 16. Pushover curves of the unstrengthen and strengthened structures, with performance
points for PGA = 0.1 g and PGA = 0.2 g (Dmax—demand displacement and Du—ultimate capacity
displacement).

Both analyses satisfied the Damage Limit State (DLS) check according to Eurocode 8 [37].
However, the structure exposed to the excitation of 0.2g did not pass the Ultimate Limit State (ULS)
check, where the obtained value of q* (the relationship between the elastic response force and the
yield strength of the equivalent system) as defined in reference [38] was 4.90, which is larger than the
maximum acceptable value of 3 [38], while in the case of 0.1g this value was equal to 2.45. The available
ductility (the ratio between the ultimate displacement and the elastic limit displacement) was 16.78 for
the two analyzed cases. If the structure is to be exposed to an earthquake with PGA of 0.1g this
intervention would be acceptable (Figure 17). However, this cannot be stated for an earthquake of a
higher magnitude, where the concentration of damage due to bending is seen on the lower levels of
the strengthened building (Figure 18) causing major damage on the masonry spandrels.
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Figure 17. Wall damage after exposure to PGA = 0.1 g—satisfactory behavior of the structure.

  
Figure 18. Wall damage after exposure to PGA = 0.2 g—inadequate behavior of the structure.

5. Conclusions

This article addresses the assessment of the seismic vulnerability of a typical URM building in
Sarajevo, which is characteristic of the Balkan region, from Macedonia to Slovenia. Assessment of
existing structures and determination of their vulnerability to seismic actions and possible intervention
methods should be seen as a preventive measure for seismic risk mitigation. According to the hazard
seismic map of Bosnia and Herzegovina, Sarajevo can expect earthquakes of up to 0.2g, giving a
good basis and reason for assessment of structures that were built from 1920 to 1965 without the
application of a seismic code, as such codes did not exist in this territory at that time. The vulnerability
of these typologies is more than evident and adequate strengthening procedures should be planned
and implemented in order to be in line with preventive measures. Focus should be put on earthquake
awareness and mitigation of structural vulnerability so that in the case of future earthquakes, seismic
losses are minimized and lives saved. It is an unfortunate fact that this type of structure has not been
strengthened and, on the contrary, additional floors have been added on to it, which makes them even
more vulnerable to future seismic actions.
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24. Ademović, N.; Oliveira, D.V. Seismic Assessment of a Typical Masonry Residential Building in Bosnia and
Herzegovina. In Proceedings of the 15th World Conference on Earthquake Engineering, Lisbon, Portugal,
24–28 September 2012; pp. 1–10.

25. Marques, R.; Lourenço, P.B. Unreinforced and confined masonry buildings in seismic regions: Validation of
macro-element models and cost analysis. Eng. Struct. 2014, 64, 52–67. [CrossRef]

26. Formisano, A.; Iaquinandi, A.; Mazzolani, F.M. Seismic retrofitting by FRP of a school building damaged by
Emilia-Romagna earthquake. Key Eng. Mater. 2015, 624, 106–113. [CrossRef]

27. Paparo, A.; Beyer, K. Modelling the seismic response of modern URM buildings retrofitted by adding RC
walls. J. Earthq. Eng. 2015, 20, 587–610. [CrossRef]

93



Buildings 2019, 9, 30

28. Cattari, S.; Lagomarsino, S. Seismic assessment of mixed masonry-reinforced concrete buildings by non-linear
static analyses. Earthq. Struct. 2013, 4, 241–264. [CrossRef]
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Abstract: Essential for any intervention in existing buildings, a thorough knowledge of both structural
and material characteristics is even more important in the case of traditional stone masonry buildings,
due both to the variability of this technology’s properties and the degradation buildings might have
sustained. In Portugal, a number of in situ and laboratory experimental campaigns has allowed
us in recent years to expand the knowledge on the mechanical properties of stone masonry walls.
Nevertheless, the existence of different wall typologies built with the same material necessitates
that this characterization takes into account the various regional constructive cultures. This paper
presents the results obtained through an in-situ characterization campaign carried out in the old urban
center of Viseu, for which there is no information available in the literature. Granite stone masonry
walls of two different buildings were analyzed and characterized considering their geometrical and
material features, contributing to the identification of stone masonry typologies present in the city’s
old urban center. Flat-jack testing yielded resistance and deformability parameters to be used both
in safety evaluation and intervention design. The properties obtained can be said to be consistent
with those deriving from other experimental campaigns, conducted in granite walls of different
typologies, throughout the country. Simultaneously, relevant conclusions about the use of flat-jacks
to characterize this type of stone masonry were drawn.

Keywords: masonry characterization; mechanical properties; in situ test campaign; granite masonry;
flat-jack testing; old urban center; regional constructive cultures

1. Introduction

When intervening in existing buildings, and with a view to preserving historical and material
authenticity, no action should be conducted without being absolutely necessary. To ensure this,
a deep knowledge of structural and material characteristics, constructive technologies and techniques,
changes made over time, and current state of the building is fundamental [1]. This necessity is all the
more pressing when dealing with stone masonry buildings, as their structural behavior is significantly
different from recent buildings (generally consisting of reticulated reinforced concrete structures),
besides also presenting high typological and mechanical variability, which are quite dependent of the
local material availability and constructive tradition.

The characterization of the mechanical behavior of granite stone masonry, a typology common
in the North and Center-North of Portugal, has already been the subject of some studies conducted
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both in situ [2,3] and in laboratory [4–7]. Nevertheless, the existence of various regional constructive
cultures, resulting in different wall typologies built with the same material, leads to the need for
such characterization to take into account the specific locations where these walls are representative.
Regarding the specific case of the city of Viseu, it is worth mentioning that information concerning
the mechanical properties of granite stone masonry walls in its old urban center is absent. Therefore,
and aiming at providing data that can help to retain the original structural system of these buildings,
while ensuring structural safety, this work intends to offer a first contribution to the characterization of
these elements. It is intended, namely, and apart from geometrical and material characterization which
can contribute to the identification of stone masonry typologies frequent in the old urban center of
Viseu, to quantify resistance and deformability parameters to be used both in safety evaluation and
intervention design. Thus, this paper presents and discusses the results obtained from an in situ test
campaign conducted in the old urban center of Viseu. Granite stone masonry walls of two different
buildings were analyzed and characterized considering their geometrical and material characteristics.
Flat-jack testing technique was used to obtain resistance and deformability parameters to be used
both in safety evaluation and intervention design. Relevant conclusions about the use of flat-jacks to
characterize this type of stone masonry were also drawn.

2. The City of Viseu: Brief Urbanistic and Constructive Characterization

The city of Viseu plays an important role in the history of Portugal, as it is markedly linked
to the figure of Viriathus, a tribal leader who resisted the Roman invasion. In fact, since Roman
times, Viseu has assumed a prominence in the nearby settlements. Following the ancient Roman
urbanistic tradition, the city developed around two main roads, the cardus, oriented North-South,
and the decumanus, oriented East-West. This influence can still be seen today, as both roads evolved to
be prominent axis of the city’s old urban center (Figure 1).

Figure 1. View of the old urban center of Viseu.

It was during the XVI century that Viseu started expanding outwards towards its ancient walls.
It was also by this time that the area nowadays known as Rossio started gaining importance; by the
XIX century, it would have become the new civic center of the city, with the construction of the town
hall building. Nowadays, with 73,518 inhabitants in its urban perimeter [8], Viseu is the second biggest
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city in the Região Centro of Portugal, as well as the largest urban center outside both metropolitan
areas and the littoral of the country.

As to the constructive system of the buildings from the old urban center of the city of Viseu,
namely in what pertains to the vertical resisting elements, the abundance of granite stone makes
this the most common material with which to build masonry walls, as is common in the Northern
Region of Portugal. The granite used in the construction of the traditional masonry buildings of
the old urban center of Viseu came from different quarries between the Douro and Mondego rivers.
The larger and well-cut granite stone blocks were used in the construction of churches, palaces (today
museums), cathedrals since they were not covered or rendered. The fragmented granite stone was
commonly used for traditional building construction from one to four stories high inside the city
walls. Nevertheless, and despite its abundance, no information related to the mechanical properties of
granite stone masonry walls from the old urban center of Viseu exists in the literature. Besides stone,
different materials and constructive processes can be found, namely timber “tabique” walls for the
inner (often non-resisting) walls, or “taipa”, an earth-based material, for the walls in the upper floors.

Aiming at safeguarding and potentiating the city’s cultural heritage, both tangible and intangible,
the Viseu City Council has recently promoted the project Viseu Património. It is in this scope that the
campaign described in this paper was conducted.

3. Typological, Geometrical and Material Characterization of Stone Masonry Walls

Due to its architectural and historical significance, the buildings studied in this campaign (named
Orfeão de Viseu and Águas de Viseu) have been selected by the City Council to be part of the first phase
of the project Viseu Património, within the framework of which they will be object of intervention
resorting to the “best practices” in heritage conservation. The main objective is that these two
buildings/interventions can become models of interventions for future conservation and rehabilitation
works in the old urban center of Viseu.

Figure 2 shows the location of these buildings in the old urban center of the city. In the following
subsections, each building is briefly described, and the geometrical and material characteristics of the
walls studied in each one of them are presented.

Figure 2. Buildings studied in this campaign: Orfeão de Viseu (green) and Águas de Viseu (dark blue).
The light blue line marks the old urban center’s limit (adapted from map kindly made available by the
Viseu Urban Rehabilitation Society Viseu Novo).
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3.1. Orfeão de Viseu

The building located in the number 149 of Rua Direita (the ancient commercial artery in the city)
housed between 1955 and 2006 the headquarters of Orfeão de Viseu, a cultural society dedicated to arts
and music. Structurally, the building follows the traditional constructive technology, with load-bearing
stone masonry walls and timber floors and roofs. Of unusually large dimensions for the area in which
it is located, it is known that it was partially rebuilt after a fire in 1926 [9]. Figure 3 presents the main
façade of the building, as well as the plans of the ground floor and the first floor.

(a)

(b) (c)

Figure 3. Orfeão de Viseu: (a) main façade of the building, (b) plan of the ground floor and (c) the
first floor.

In its interior, it is worth mentioning the stairs, with a balustrade in wrought iron, and the stairwell
covered with flower motive tiles, dating from 1912 (Figure 4). In the main hall, located in the first
floor, it is possible to observe railroad tracks that were used as part of the walls’ structural system.
As for the partition walls, and apart from stone masonry, “tabique” walls are present. The presence of
a structurally elaborate timber roof is also worth mentioning.
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(a) (b)

Figure 4. View to (a) the staircase with the tiles; and (b) the “tabique” walls.

A 50 cm thick interior load-bearing wall, located in the main hall and parallel to the main façade,
was studied in this building, Figure 5a. As can be seen in Figure 5b, stone masonry was visible without
the need to remove any plaster. The masonry consists of gray granite stones, with both rectangular
and square shape, and cream color mortar. In general, a length of around 70 cm, for the biggest
rectangular stones, and around 20 cm, for the square ones, can be observed. Rectangular stones present
a length/height ratio of approximately 3. The presence of wedges was not significant.

(a)

(b)

Figure 5. Identification of the studied wall. (a) location in the building; (b) testing area.
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Due to access limitations, it was not possible to observe the inner side of the wall, and thus it was
not possible to infer about the existence of multiple leaves and/or through stones. It must be pointed
that, due to repointing, the apparent dimension of the stones may not correspond to their actual
dimension, as a result of mortar overlapping along their contour. As for the cross-section, the wall was
found to be composed of two leaves, with a poor to reasonable degree of connection. The existence of
an inner core, of weaker quality, was in any event ruled out. This last conclusion was further reinforced
by the observation, resorting to videoscopy, of another wall’s interior in the same room.

3.2. Águas de Viseu

The building dates back to the 1920s, and has three fronts, facing Rua Dr. Luís Ferreira (the ancient
Rua do Comércio), Rua D. Duarte and Travessa de São Domingos (Figure 6). Besides the ground floor,
it counts three floors and an underground basement.

(a) (b)

Figure 6. Águas de Viseu: (a) view to Rua do Comércio; and (b) view to Rua D. Duarte.

Despite it being classified as a structure with “relevant architectural and heritage value”,
the building is presently in an advanced state of degradation, see Figure 7.

Figure 7. Cont.
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Figure 7. Severely decayed structural elements.

As in the previous case study, an internal load-bearing wall was studied, this time located at
the ground floor and perpendicular to the façade facing Rua D. Duarte, Figure 8a. As can be seen
in Figure 8b, also in this case, stone masonry was visible without the need to remove any plaster.
Due to the presence of different minerals, such as quartz, mica and feldspar, stones present various
colors, ranging from gray to yellow and pink. The mortar, of a gray color, appears to evidence recent
repointing. Stones were rather irregular, both in shape and dimensions. The assemblage was markedly
irregular, at times with stones laid with their larger dimension alongside the vertical. The presence of
wedges was not significant.

(a)

(b)

Figure 8. Águas de Viseu: (a) building plan with the identification of the studied wall; (b) view to
the wall.
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The wall was found to be composed of two leaves, with an interior non-cohesive core
(sacco masonry). Both the interior leaf and the inner core are 25 cm thick. It was not possible to
measure the outer leaf thickness, but a 25 cm thickness is equally plausible. A total thickness of 75 cm,
at ground level, would then be expected. Regarding the inner core, it was possible to observe that the
wall was filled with roughly-shaped granite stones of about 10–15 cm long, laid in a random manner
(Figure 9a), linked by lime mortar and earth (Figure 9b). Some small wooden elements, such as wood
splinters, were also found in the inner core of the masonry wall, see Figure 9c.

(a) (b)

(c)

Figure 9. Wall’s inner core. (a) roughly-shaped granite stones; (b) lime mortar and earth;
(c) wood splinters.

3.3. Mechanical and Visual Characterisation of the Stone

The need to locally disassemble the masonry required collecting some granite stones as well,
which could be then used to perform mechanical characterization tests in laboratory, namely to estimate
their compressive strength. For this purpose, one sample of granite stone was extracted from the wall
and prepared in laboratory to perform a uniaxial compression test, which took place in the Laboratory
of the Civil Engineering Department of the University of Aveiro, Portugal, following the Portuguese
standard NP EN 1926 [10].

Figure 10 presents the test sample, the test procedure and the final appearance of the sample after
tested. The results obtained in the compressive test are presented in Table 1, where L, D, m and γ

stand respectively for the length, diameter, mass and specific weight of the test specimen and fcb is the
maximum compressive strength recorded in the compressive test.
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(a) (b)

(c)

Figure 10. Compression test. (a) stone specimen; (b) experimental apparatus; (c) appearance of the
specimen after the test.

Table 1. Results of compression tests.

L (mm) D (mm) m (kg) γ (kN/m3) fcb (N/mm2)

126 84 1.77 24.85 32.7

Despite being low, the value of compressive strength obtained can be considered to be consistent
with the range of values expected for ancient granites [4,11]. It is however important to stress that
since only one sample could be tested (due to several constraints, namely related with the extraction of
stone material in quantity and with enough quality/integrity to be tested in lab) the representativeness
of the result is not fully guaranteed. Even so, this result was important to identify current state
of meteorization of this granite and to better understand its mechanical characteristics, which is
considered a relevant output since no other similar tests could be found in the literature for the granite
present in the old urban center of Viseu.

Visual analysis of the granite samples showed the simultaneous occurrence of various types of
granite. It was possible to note the existence both of coarse-grained porfiroid granite, composed of
biotite, muscovite and feldspar fenocrystals, as well as of medium-grained gneissic granite,
also composed of biotite and muscovite. In both types, weathering was observed, namely in the
yellow coloration around the biotite crystals, signaling the oxidation of ferrous oxides. This could help
to explain the low compressive strength value obtained in the uniaxial test, as granites experience a
reduction of strength when subject to this phenomenon [12].

Moreover, it is worth noting that compressive and shear strength of masonry are dependent on
the masonry fabric and arrangement, mechanical properties of the stone, mortar and their percentage,
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as well as the presence of voids. Besides, it is important to underline the fact that the dimension of the
stone blocks and their arrangement are responsible for the development of preferential and alternative
load. Masonry walls with the lowest percentage of mortar and voids lead to the highest values of
maximum stress and Elastic Modulus.

4. Mechanical Characterization of Stone Masonry Walls Through Flat-Jack Technique

Flat-jack testing is recognized as one of the most versatile techniques for the in situ characterization
of the mechanical behavior of masonry walls under compression [13,14]. Through flat-jack testing
it is possible, namely, to obtain information regarding the in situ stress level, as well as resistance
and deformability characteristics. Because it involves only the execution of one or two cuts of small
dimension and thickness, which can be filled after the test is finished, this technique is usually
considered as a semi-destructive procedure.

Flat-jack technique has been widely and successfully applied in several past studies, namely in
regular brick and stone masonry walls [15]. However, the use of this technique in irregular stone
masonry has been the subject of relatively few studies [13,16–19]. In these walls, not complying
with all standards’ requirements is a contingency that must be taken into account. Among these,
instructions regarding the minimum length of the jack, which is defined on the basis of the single
masonry units’ length, are often difficult to follow. In this regard, it is worth remembering that
standards directing this procedure date back to the beginning of the 1990s, when this technique,
already widely used in brick masonry, was still rarely applied in stone masonries, and especially in
those with irregular morphology (as still today). Moreover, geometrical variability of stone masonry
contributes for the low reliability of results obtained in a localized area in the wall [18]. Difficulty in
finding regular mortar joints represents a further complexity when applying flat-jack in irregular
masonries, as the cut(s) must then be made through the stones [20]. Geometrical characteristics of stone
masonry also influence the choice of the points where measuring devices are to be located. Likewise,
causing irregular distributions of stone and mortar, and, thus, areas with different behavior, they can
cause localized anomalies through rotations of the devices, which influence the results. Besides these,
the experience acquired through this campaign has allowed us to identify further limitations of the
application of flat-jack testing to irregular masonries. It is acknowledged that a larger number of
flat-jack tests is necessary to obtain more reliable results to better match with morphological and
constitution features of masonry fabric. Complementarily, other non-destructive testing techniques,
such as sonic tests, tube-jack testing as well as destructive testing techniques such as: shear tests,
in-plane and out-of-plane testing, chemical tests, etc., should be considered and combined namely for
structural evaluation and damage assessment of historical constructions.

In Portugal, flat-jack testing has been used in several studies, namely those conducted by
Roque [21], Pagaimo [22], Vicente et al. [13], Ferreira [23], Miranda [3] and Simões et al. [19].
Nevertheless, taking into account the aim of the present paper, it must be noted that flat-jack testing
campaigns aiming at characterizing granite stone masonry are still scarce.

4.1. In Situ Experimental Campaign

As already referred, flat-jack testing allows obtaining information regarding both the in situ stress
level of the wall section as well as resistance and deformability characteristics. For this, different testing
procedures are conducted, namely, the single and the double flat-jack test. These procedures are
described in the American standards ASTM C1196-91 [24] and ASTM C1197-91 [25] and in the European
recommendations RILEM MDT. D. 4 [26] and RILEM MDT. D. 5 [27].

4.1.1. Single and Double Flat-Jack Testing

Single flat-jack testing is based on determining the stress needed to restore the initial geometry of a
wall, which has been disturbed by eliminating the wall’s initial vertical stress by means of a horizontal
cut. After this cut, and the corresponding lowering of the distance between reference points located,

104



Buildings 2019, 9, 18

above and below, in the same vertical alignment transversal to the cut, a flat-jack is introduced in the
slot and afterwards pressurized by means of a hydraulic system, so that stress is being transmitted
to the surrounding masonry and the initial distance between reference points is eventually restored.
The average existing stress level (σm) can thus be computed as:

σm = km × ka × p (1)

where km is a dimensionless factor taking into account the flat-jack rigidity, ka is the ratio between
the area of the jack effectively in contact with the masonry and the total area of the jack, and p is the
pressure measured within the flat-jack.

Due to the anisotropic behavior of masonry, single flat-jack testing is not a suitable procedure
for the determination of deformability properties. For this purpose, the double flat-jack testing,
consisting of two vertically aligned flat-jacks introduced in parallel slots, is used. The portion of the
wall located between the jacks can be thus tested under uniaxial compression, therefore obtaining
a relatively reliable estimate of the Young’s modulus (E) value from the stress-strain curve. Using a
horizontal displacement transducer, it is further possible to compute the Poisson’s ratio (ν).

According to ASTM C1197-91 [25], double flat-jack testing overestimates the value of the Young’s
modulus by 15 to 20%. It must nevertheless be recalled that this value applies for brick masonry; it is
to be expected that the deviation will be greater in stone masonry [14].

4.1.2. Equipment and Testing Protocol

The following equipment was used:

• Flat-jacks: BOVIAR MPA—A semicircular flat-jacks, with dimensions 350 × 260 × 4 mm,
and maximum service pressure 60 bar, Figure 11a. According to the calibration certificate, a km
value of 0.902 was assumed for all the flat-jacks used in this campaign.

• Masonry cutting equipment: HUSQVARNA k970—Ring cutting machine, with a 300 mm eccentric
diamond blade disk, allowing a cut depth of 270 mm.

• Pressurizing equipment: manual hydraulic ENERPAC pump, with a 500 bar capacity and a 3 L
reservoir, Figure 11b. The pressure applied is controlled using a pressure reading manometer.
The hydraulic system and the flat-jacks are connected via high pressure hoses.

• Displacement transducers: GEFRAN displacement transducers, with a 50 mm stroke,
provided with self-aligning ball-joints. The displacement transducers were attached to the
masonry by means of 5 mm threaded rods, applied with chemical anchor, at a depth of 50 mm,
Figure 12.

• Data acquisition and log system, consisting of a load cell, a NATIONAL INSTRUMENTS
acquisition unit, a laptop and acquisition software developed in the LabVIEW environment [28].

(a) (b)

Figure 11. Equipment used in this campaign: (a) semicircular flat-jacks and (b) hydraulic pump.
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Figure 12. Displacement transducers attached to the wall.

Figure 13 shows the single flat-jack testing. As presented, three vertical reference alignments
were considered. In order to estimate the effective flat-jack loaded area, the procedure proposed by
Gregorczyk and Lourenço [29] was adopted: a sheet of carbon paper, sandwiched between two sheets
of ordinary paper, was placed between the jack’s surface and the surrounding masonry (this set was
prepared in the shape of the jack). In this way, the areas where the jack comes into contact with the
masonry are marked in the paper and can be measured (Figure 14).

(a) (b)

Figure 13. Single flat-jack testing: (a) conducted in the Órfeão de Viseu and (b) in the Águas de
Viseu (b).

Figure 14. Contact area between the flat-jack and surrounding masonry.
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Due to the manifest poor condition of some of the carbon papers after removing of the flat-jacks
and considering the deformation visible in the flat-jacks, in those cases, coefficient ka was estimated
based on visual observation.

It is important to mention that, although humidity and temperature of the walls can slightly affect
the results [13], such conditions were not possible to control during the tests.

Usually, the initial distance between reference points is not attained simultaneously in the various
alignments. This is due, among other factors, to different stone and mortar distributions (areas with a
larger proportion of mortar will sustain greater deformation, comparatively to others with a greater
quantity of stone). To take this into account, the stress level that restores the initial wall geometry was
assumed to be the average of the values that do so in the various alignments. Double flat-jack tests
were conducted in the same areas where single flat-jacks had already been conducted, thus taking
advantage of the existing cut. Figure 15 shows the double flat-jack testing being conducted.

(a) (b)

Figure 15. Double flat jack testing conducted in Orfeão de Viseu (a) and in Águas de Viseu (b).

5. Results and Data Interpretation

Two single flat-jack tests and one double flat-jack test were conducted in Orfeão de Viseu,
whereas one single flat-jack test and two double flat-jack tests were conducted in Águas de Viseu.
Tests are named according to the buildings (O—Orfeão de Viseu; A—Águas de Viseu) and type of
test (S—single flat-jack test; D—double flat-jack test). Figures 16–18 show the evolution of the relative
displacements in the different alignments, depending on the flat-jack pressure and the estimation
of the corresponding in situ stress level, for all tests conducted. Pressure increments of 0.5 MPa,
corresponding to 5 bar, were applied in the double flat-jack tests.

From the displacement results, the in-plane stress is estimated by the average of the four
deformation measurements obtained from the three alignments. In the case of the Orfeão de Viseu,
the low deviance of the displacement readings is a good indicator of the test evolution. Lower values
for the single flat-jack test OS1 and OS2 where obtained since the test was carried out on first floor.
As for the Águas de Viseu, the test was carried out on the ground floor, which is why the in situ stress
value are higher than those obtained in Orfeão de Viseu. Moreover, in the case of Águas de Viseu the
displacement readings were more variable.
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(a) (b)

Figure 16. Single flat-jack test OS1: (a) identification of the vertical alignments; (b) evolution of the
relative displacements for each vertical alignment and estimation of the in-situ stress.

(a) (b)

Figure 17. Single flat-jack test OS2: (a) identification of the vertical alignments; (b) evolution of the
relative displacements for each vertical alignment and estimation of the in-situ stress.

(a) (b)

Figure 18. Single flat-jack test AS1: (a) identification of the vertical alignments; (b) evolution of the
relative displacements for each vertical alignment and estimation of the in-situ stress.
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Figures 19–21 present the average stress-strain curves obtained for the double flat-jack tests
conducted for the same walls and locations. For both buildings, failure was not reached and the
maximum stress values attained range between 0.75 to 1.0 MPa. For the three tests, the masonry
presented a high percentage of stone in the tested areas and also good fabric, even though there were
generalized small dimensions and irregular stone blocks used. In the case of test AD1, this location
revealed lower deformability in comparison to the other tested locations.

(a) (b)

Figure 19. Double flat-jack test OD1: (a) identification of the vertical alignments; (b) average
stress-strain curve.

(a) (b)

Figure 20. Double flat-jack test AD1: (a) identification of the vertical alignments; (b) average
stress-strain curve.

Table 2 shows the estimated in situ stress that was obtained in the single flat-jack tests, and the
maximum stress applied (which represents a lower limit of the wall’s compressive strength). As one
can understand from the analysis of the values given in Table 1, in the case of Orfeão de Viseu, the value
of maximum stress recorded in the double flat-jack test is more than 10 times higher than those
determined in the single flat-jack test, which is revealing of the high compressive safety level that these
structures generally present.
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(a) (b)

Figure 21. Double flat-jack test AD2: (a) identification of the vertical alignments; (b) average
stress-strain curve.

Table 2. Flat-jack test results (in situ stress).

Orfeão de Viseu Águas de Viseu

OS1 OS2 OD1 AS1 AD1 AD2
in situ stress (kPa) 68 70 – 99 – –

Maximum stress (kPa) – – 915 – 1098 1119

The Young’s modulus was obtained through graphical analysis, taking into account the slope
of the stress-strain curves, namely the slope of the secant stiffness. Different portions of the curve
(corresponding to different percentages of the maximum strength) can be analyzed, leading to different
values for the Young’s modulus. Figure 22 presents the different options for evaluation of the Young’s
modulus that were considered in this paper.

Figure 22. Representation of the different Young’s modulus.

Table 3 presents the estimation of the values for the different Young’s modulus that were computed,
with a 15% reduction coefficient [26].

Regarding these values, it is important to stress here that several authors and code documents
suggest that they can be affected by a non-neglectable variation resulting from the lateral confinement
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conditions of the masonry portion tested. ASTM standard C197-91 [25], RILEM TC 76-LUM [30],
Binda [31], Noland et al. [32], all refer to variations for in situ stress up to 24%, overestimation of
maximum stress of about 15% and overestimation from 10 to 20% of the elastic modulus.

Table 3. Flat-jack test results (Young’s modulus).

Building Orfeão de Viseu Águas de Viseu

Flat-jack Test OS1 OS2 OD1 AS1 AD1 AD2

E0 (MPa) – – 1994 – 833 1716
Esec 30% (MPa) – – 486 – 833 983

Esec 30–60% (MPa) – – 157 – 319 175
Esec failure (MPa) – – 84 – 195 89

Finally, Table 4 presents the values of maximum stress applied and Young’s modulus obtained in
other experimental campaigns aiming at characterizing granite stone masonry walls in the North of
Portugal, in situ [3] and in laboratory, conducted in wall panels collected from existing buildings [6].

Table 4. Granite stone masonry experimental campaigns results.

Experimental Campaign Maximum Stress (kPa) Young’s Modulus (MPa)

Miranda, 2011 [3] 49–840 800–3300
Almeida, 2013 [6] 2500–3940 220–320

As can be observed, the values obtained in the experimental campaign presented herein
are consistent with those reported by other authors for granite stone masonry walls in Portugal.
Nevertheless, it must be recalled that some typological differences exist between the walls studied in
this paper and in those campaigns, namely, in what concerns the number of leaves and their connection
level. This feature must be taken in account when comparing mechanical properties. In fact, the studies
by Miranda [3] and Almeida [6] mentioned above concern walls typical from the old urban center of
Porto, representing a peculiar typology, based on granite stones with medium to large dimensions
(with a diagonal length up to 1.10 m), and assembled in roughly horizontal alignments. As to the
construction technique, stones are first put in place and only then is mortar applied along the stone’s
border. This represents a constructive process unique to a specific geography, and the results obtained
in those walls are not easily extrapolated to stone masonry walls from different areas in Northern
Portugal. This peculiarity reinforces the pioneering character of the research described in this paper.

6. Conclusions

The work presented in this paper intends to offer a contribution to the typological and mechanical
characterization of granite stone masonry walls frequent in the Portuguese old urban centers. With this
intent, an in situ characterization campaign was carried out in the old city center of Viseu, Portugal,
under the scope of which two traditional stone masonry buildings were used as case studies. From this
experimental campaign, some general conclusions can be drawn:

Flat-jack testing is a relatively simple and economical testing procedure that is extremely useful
in in situ characterization of stone masonry walls. In fact, as discussed in this manuscript, the level of
rigor achieved with this technique is clearly consistent with that needed for practical rehabilitation
or strengthening interventions [23,33]. It must nevertheless be mentioned that a skilled operator is
necessary in order to guarantee the desired reliability.

Moreover, when dealing with irregular stone masonry walls, the difficulty in following all the
requirements stated in the standards are evident. Among these, one must mention the difficulty in
locating a suitable area to open the cuts (preferably a horizontal joint, difficult to locate with a suitable
extension in this kind of masonry), the dimension of the stones (which conditions the dimension of the
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jacks to be used), the possibility that the cutting releases filling fragments (which affects the original
load paths) or causes local stone crushing, and the difficulty in positioning the displacement measuring
equipment. All of this introduces subjectivity in the results interpretation procedure. A uniformized
flat-jack testing procedure suitable for application in irregular stone masonry walls is thus desirable in
order to guarantee that not only are the values obtained representative of the wall, but also that values
resulting from different campaigns are comparable [14,34,35].

Determining the effective area of the flat-jack in contact with the masonry is determined to be a
decisive conditioner of the results’ reliability. Some considerations on the adopted procedure are thus
desirable. It was found that, besides requiring sensitivity from the analyst and thus being thus open
to subjectivity, this procedure presents the disadvantage that the flat-jack removal may damage the
carbon paper set, thus rendering its analysis even more difficult. Estimating the effective loaded area
and resorting to visual observation of the jack, after its removal, can be a suitable alternative. On the
other hand, and even when it is possible to keep the integrity of the carbon papers during flat-jack
removal, this operation may cause the marking of areas exclusively derived from this procedure,
and not from the jack pressurizing, resulting in underestimated stress values.

Regarding the use of this experimental technique to characterize specific type of masonry (granite
stone masonry), it is worth noting that due to the characteristics of these walls, there is often the need
to resort to heavy techniques/equipment to remove the flat-jacks or the cutting equipment from the
wall, leading to the disassembly of the testing area. In some cases, the damage suffered by the walls as
a result of these operations is clearly unacceptable. Furthermore, when the disassembling is required
during the slot cutting, conducting the flat-jack test becomes altogether impossible.

The relationship between stress values measured from the single flat-jack test and maximum
stress attained for each test site are indicators of the level of safety of the masonry tested in respect to
vertical loading. The test results show that maximum stress values are considerably higher than the in
situ stress, which leads to high safety factors (ratio between maximum stress value reached and the
in situ stress) in respect to vertical actions, characteristic feature of this type of masonry, with a ratio
between 11 and 13.

As a final note, the authors would like to underline that this work reports and discusses a first
study of this kind conducted in the old urban center of Viseu, so further characterization campaigns
are encouraged in order to improve the reliability of the assumptions made and to validate some of
the results and conclusions presented.
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16. Uranjek, M.; Bosiljkov, V.; Žarnić, R.; Bokan-Bosiljkov, V. In situ tests and seismic assessment of a
stone-masonry building. Mater. Struct. 2012, 45, 861–879. [CrossRef]

17. Lombillo, I.; Thomas, C.; Villegas, L.; Fernández-Álvarez, J.; Norambuena-Contreras, J.
Mechanical characterization of rubble stone masonry walls using non and minor destructive tests.
Constr. Build. Mater. 2013, 43, 266–277. [CrossRef]

18. Andreini, M.; de Falco, A.; Giresini, L.; Sassu, M. Mechanical characterization of masonry walls with chaotic
texture: Procedures and results of in-situ tests. Int. J. Archit. Herit. 2014, 8, 376–407. [CrossRef]

19. Simões, A.; Bento, R.; Gago, A.; Lopes, M. Mechanical characterization of masonry walls with flat-jack tests.
Exp. Tech. 2016, 40, 1163–1178. [CrossRef]

20. Gelmi, C.; Modena, C.; Rossi, P.P.; Zaninetti, A. Mechanical characterization of stone masonry structures in
old urban nuclei. In Proceedings of the 6th North American Masonry Conference, Philadelphia, PA, USA, 6–9 June
1993; Hamid, A.A., Harris, H.G., Eds.; The Masonry Society: Longmont, CO, USA, 1993; pp. 505–516.

21. Roque, J. Reabilitação estrutural de paredes antigas de alvenaria. Master’s Thesis, Universidade do Minho,
Guimarães, Portugal, 2002.

22. Pagaimo, F. Caracterização morfológica e mecânica de alvenarias antigas: Caso de estudo da vila histórica
de Tentúgal. Master’s Thesis, Universidade de Coimbra, Coimbra, Portugal, 2004.

23. Ferreira, T. Avaliação da vulnerabilidade sísmica de núcleos urbanos antigos: Aplicação ao núcleo urbano
antigo do Seixal. Advanced Studies Thesis in Rehabilitation of Built Heritage, Universidade do Porto, Porto,
Portugal, 2010.

24. ASTM. ASTM C 1196-91: Standard Test ASTM C1196-91, Standard Test Method for in Situ Measurement of
Masonry Deformability Properties Using the Flatjack Metho; ASTM: West Conshohocken, PA, USA, 1991.

25. ASTM. ASTM C 1197-91: Standard Test ASTM C1197-91, In-Situ Compressive Stress within Solid Unit Masonry
Estimated Using Flat-Jack Measurements; ASTM: West Conshohocken, PA, USA, 1991.

26. RILEM. RILEM Recommendation MDT.D.4: In-situ stress tests based on the flat jack. International union of
laboratories and experts in construction materials, systems and structures (RILEM), RILEM TC 177-MDT:
Masonry durability and on-site testing. Mater. Struct. 2004, 37, 491–496. [CrossRef]

113



Buildings 2019, 9, 18

27. RILEM. RILEM Recommendation MDT.D.5: In-situ stress-strain behaviour tests based on the flat jack.
International union of laboratories and experts in construction materials, systems and structures (RILEM),
RILEM TC 177-MDT: Masonry durability and on-site testing. Mater. Struct. 2004, 37, 497–501. [CrossRef]

28. LabView SignalExpress; National Instruments: Austin, TX, USA, 2010.
29. Gregorczyk, P.; Lourenço, P.B. A review on flat-jack testing. Engenharia Civ. 2000, 9, 39–50.
30. De Vekey, R.C. General recommendations for methods of testing load-bearing unit masonry. Mater. Struct.

1988, 21, 229–231. [CrossRef]
31. Binda, L. Sonic tomography and flat-jack tests as complementary investigation procedures for the stone

pillars of the temple of S. Nicolò l’Arena (Italy). NDT E Int. 2003, 36, 215–227. [CrossRef]
32. Noland, J.; Atkinson, R.; Schuller, M. A review of the flat-jack method for nondestructive evaluation.

In Proceedings of the Nondestructive Evaluation of Civil Structures and Materials, Boulder, CO, USA,
15–17 October 1990.

33. Santhakumar, A.R.; Mathews, M.S.; Thirumurugan, S.; Uma, R. Seismic Retrofitting of Historic Masonry
Buildings—Case Study. Adv. Mater. Res. 2010, 133, 991–996. [CrossRef]

34. Giordano, A.; Cascardi, A.; Micelli, F.; Aiello, M.A. Theoretical study for the strengthening of a series of
vaults in a cultural heritage masonry building: A case study in Italy. In Proceedings of the 10th International
Masonry Conference (10IMC), Milan, Italy, 9–11 July 2018; pp. 2510–2531.

35. La Mendola, L.; Lo Giudice, E.; Minafò, G. Experimental calibration of flat jacks for in-situ testing of masonry.
Int. J. Archit. Herit. 2018, 1–11. [CrossRef]

© 2019 by the authors. Licensee MDPI, Basel, Switzerland. This article is an open access
article distributed under the terms and conditions of the Creative Commons Attribution
(CC BY) license (http://creativecommons.org/licenses/by/4.0/).

114



buildings

Article

Parametric Study on Seismic Rehabilitation of
Masonry Buildings Using FRP Based upon 3D
Non-Linear Dynamic Analysis

Eissa Fathalla and Hamed Salem *

Structural Engineering Department, Faculty of Engineering, Cairo University, Giza 12613, Egypt;
eissa.tokyo.concrete@gmail.com
* Correspondence: hamedhadhoud@yahoo.com; Tel.: +20-1006044741

Received: 22 July 2018; Accepted: 30 August 2018; Published: 4 September 2018

Abstract: Unreinforced load-bearing masonry (URM) buildings represent a significant portion of
the non-engineered old buildings in many developing countries aiming to reduce the construction
cost. The walls of those buildings are developed to resist gravity loads. Lateral loads induced by
earthquakes or wind may cause severe their damage. In the current study, a numerical investigation
is carried out for a seismic assessment of a typical four-story, load-bearing building in Giza, Egypt.
The full 3D nonlinear dynamic analysis is carried out using the Applied Element Method (AEM),
which proved to be efficient in such case where partial or total collapse is expected. The study
includes two earthquake zones in Egypt called zone (3) and zone (5B), which are the actual studied
building seismic zone and the highest seismic activity zone in Egypt, respectively. Carbon fiber
reinforced polymers (CFRP) laminates with different thicknesses and different configurations are used
in strengthening unreinforced masonry walls to study the efficiency of the proposed rehabilitation
technique on a realistic structure.

Keywords: AEM; load-bearing masonry walls; seismic rehabilitation

1. Introduction

Load-bearing masonry buildings represent a significant portion of the old buildings in Egypt.
Those buildings are mostly non-engineered and constructed without engineering supervision.
Their walls are mainly used to resist gravity loads. Lateral loads induced by earthquakes (EQ) or
the wind are not taken into account; therefore they may cause severe structural damages. Therefore,
seismic rehabilitation of such buildings is believed to be crucial for upgrading their lateral capacity.
They also may need to be upgraded to meet more extreme design seismic requirements.

Currently, many researchers focus on the use of innovative strengthening techniques involving
fiber reinforced polymers (FRP) materials [1]. FRP can be used for strengthening structural members in
the form of laminates or sheets. It appears that the use of FRP composites to strengthen unreinforced
masonry walls might be a powerful technique to enhance both in-plane and out of plane behavior of
walls where it was investigated in previous research studies both experimentally and numerically [2–12].

In the current study, a numerical investigation is carried out for seismic rehabilitation of a
four-story, load-bearing building located in Giza, Egypt by using carbon a fiber reinforced polymer
(CFRP). The magnitude of earthquakes used in the current study is according to the Egyptian design
code for loads [13]. The study includes two earthquake zones in Egypt known as zone (3) and zone
(5B) with design magnitudes of 15% and 30% of the gravitational acceleration, respectively. The full 3D
nonlinear dynamic analysis is carried out using the Applied Element Method (AEM) [14]. The AEM is
based on a discrete crack approach and is capable of predicting the nonlinear structural behavior as
well as local damage and total collapse. Therefore, it is believed to be efficient for the current study
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where partial or total collapse is expected. CFRP laminates with different thicknesses and different
configurations are used in strengthening the URM walls to study the efficiency of the proposed
strengthening technique.

2. The Applied Element Method

The AEM simulates the structure by virtually dividing it into small elements that are connected by
normal and shear springs positioned at specific contact points around the surface of the elements [14].
Each assembly of springs represent the deformations and stresses of a particular volume. The AEM
has been considered a reliable method to track the collapse of structures passing through all the phases
of the application of loads, elastic stage, cracking initiation, reinforcement yield, rupture, elements
separation, and collision with ground and adjacent structures. Maekawa’s compression model [15]
is used for concrete modeling under compression, which is shown in Figure 1a. For concrete shear
springs, the linear relation of shear stress and shear strain is assumed until the cracking of concrete
occurs. Then the shear stresses drop, as shown in Figure 1b. The level of the drop depends on aggregate
interlocking and friction at the crack surface. For reinforcement springs, Figure 2 shows the model,
which is previously presented for cyclic loading of reinforcing steel bars [16] and is used in AEM.
The authors utilize the constitutive models of concrete to simulate the masonry structure in which they
both have the same general trend [17]. Moreover, we validate our method by previous experimental
program, where the validation results are shown in the following section.

Figure 1. (a) Axial stresses in concrete springs due to relative displacement. (b) Shear stresses in
concrete springs due to relative displacement.

Figure 2. Stresses in steel springs due to relative displacement.

Although the Finite Element Method (FEM) is a well-established and robust structural analysis
method, it may not be the optimum solution for the scope of the present study. Many drawbacks are
associated with the FEM progressive collapse analysis. The elements’ separation, falling, and collision
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with each other are complicated to simulate. Previous research studies [18–20] showed that the
computations associated with the simulation of collapses of real structures based on conventional FEM
are very costly; therefore they followed another approach based on multibody models. Even though the
progressive collapse analysis is possible in the explicit-integration FEM [21,22], it still has drawbacks
that the element separation is introduced through erosion of highly stressed elements and the element’s
size should be as small as possible to enable such erosion acceptably, which causes the computations
to be very costly and impractical when analyzing real structures. Additionally, cracks are introduced
due to these elements’ erosion, where the crack width equals to the removed elements’ size. Thus,
no shear transfer is possible across the crack surface and there is no opportunity for the crack closure,
which does not allow correct modelling of members’ seismic behavior. Consequently, in the current
study, the numerical analysis was carried out using the AEM, where it is widely validated and has
shown considerable agreement with real cases. It also covers many cases such as static, dynamic,
and collapse cases [22–34]. The software used in the analysis is Extreme Loading for Structures (ELS®,
Charlotte, NC, USA) [35], which is based on the AEM.

3. Validation of the Analysis Method

The experimental results of Santa Maria et al. [8] are used for validating the AEM results.
Santa Maria et al. [8] carried out an experimental program to study the behavior of masonry walls
externally reinforced with CFRP and subjected to in-plane cyclic loading. This experiment was carried
out on six full-scale masonry walls. Two of the walls were not retrofitted (control) and the rest were
retrofitted with CFRP strips that have different configurations and reinforcement areas, which are
shown in Table 1 and Figure 3. The specimens were subjected to an in-plane cyclic load under a constant
uniformly distributed vertical load of 98 kN. The loading setup of the experiment is shown in Figure 4.

Table 1. CFRP reinforcement of the tested walls [8].

Specimen Name
Reinforcement
Configuration

Strip Width (mm)
Total Area of

Reinforcement (m2)
Ratio of FRP

Reinforcement (%)

MLC-00-CA-SF-01 - - - -
MLC-00-CA-SF-02 - - - -
MLC-00-CA-FX-01 Diagonal 300 3.37 0.2
MLC-00-CA-FX-03 Diagonal 200 2.25 0.13
MLC-00-CA-FH-02 Horizontal 150 1.78 0.42
MLC-00-CA-FH-04 Horizontal 100 1.19 0.28

Figure 3. Configuration of exterior reinforcement for the experimental program [8].
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Figure 4. Horizontal displacement program for the cyclic shear tests [8].

The tested specimens were modeled using ELS software (version 3.1, Applied Science International,
Morrisville, NC, USA). Two models are adopted for each tested wall, which are described below.

1. Walls are modeled with real brick configurations and connected with mortar joints (Masonry
mesh), which is shown in Figure 5.

2. Walls are modeled with simplified quadrilateral mesh including average properties of brick and
mortar, which is shown in Figure 6 where the masonry wall is divided in the wall plane to 40 × 40
discretized elements.

Figure 5. Walls modeled as masonry mesh.

Figure 6. Walls modeled as simplified mesh 40 × 40.

The Material properties of the masonry are shown in Table 2. Since the CFRP laminates are not
expected to carry compressive forces, the compressive strength is chosen to be a small value (0.35
N/mm2) in order to permit simulation’s computations. Interface elements are utilized in the simulation
program for modeling the epoxy material in which the de-bonding of the CFRP laminates can be
simulated if it occurs.
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Table 2. Material properties of the experimental program.

Material Type Bricks Mortar CFRP (0.13 mm) Epoxy

Young’s Modulus N/mm2 6618 10,000 230,000 3000
Compressive Strength N/mm2 11 25 - 80

Tensile Strength N/mm2 0.85 5 3500 50
Specific Weight kN/m3 18 22 19 12

For the masonry mesh, two materials were used including one for bricks and the other for mortar.
The stiffness of the material used in the case of modeling walls as simplified mesh was an average of
mortar and bricks. Since bricks were weaker than mortar, cracking was governed by bricks. Figure 7
shows the numerical model for the retrofitting scheme of the walls using CFRP, where the CFRP are
attached to the walls using an epoxy adhesive material.

Figure 7. Configuration of exterior reinforcement for the numerical model.

A comparison of hysteresis loops of tested walls for both the experimental model and the
numerical model for the masonry panel (SF-01 or SF-02), (FX-01), and (FX-03) are shown in Figures 8–10,
respectively. The obtained results show that the AEM with utilizing the concrete constitutive laws
is an acceptable and reasonable accurate method for the analysis of the masonry walls. It is evident
that the experimental and the numerical model are in close agreement for both the masonry mesh and
the simplified mesh (40 × 40). Therefore, it is decided to use the simplified mesh for the modeling of
masonry walls to reduce the problem size for the full-scale model analysis of the multi-story building.

Figure 8. Comparison of experimental and analytical results for the URM wall (SF-01 or SF-02).
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Figure 9. Comparison of experimental and analytical results for the FX-01 wall panel.

Figure 10. Comparison of experimental and analytical results for the FX-03 wall panel.

4. Case Study

4.1. Description of the Studied Structure

The investigated case study is an existing four-story residential building located in the Faisal
district in Giza, Egypt and is constructed with load-bearing masonry walls. Figure 11 shows a picture
of the building while Figure 12 shows the plan of the typical floor showing dimensions of walls (W),
doors (D), and openings (O). All floors are 3 m high. Since no data is available for the reinforced
concrete (RC) slab reinforcement, bottom reinforcement is reasonably assumed with a diameter of
8 mm and 200 mm spacing in both directions along with an additional top reinforcement with a
diameter of 8 mm and 200 mm spacing, as shown in Figure 13. It should be noted that the staircase is
omitted in the model for simplicity. The RC slabs are supported on RC beams at the walls locations,
where these beams are directly supported on the masonry bearing walls, which is similar to a prior
construction practice in Egypt. A detailed three-dimensional model is built using ELS by taking into
consideration all structural components. Figure 14 shows different views of the numerical model.
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Figure 11. Case study building.

Figure 12. Typical floor plan of the studied case.

Figure 13. Reinforcement details of the reinforced concrete slabs.
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Figure 14. Different views of the numerical model.

4.2. Material Properties

Properties of concrete, reinforcement, bricks, CFRP (width = 0.5 m and thickness = 0.5 mm),
and epoxy are listed in Table 3.

Table 3. Material properties of the studied case.

Material Type Concrete Bricks CFRP Epoxy Steel Reinforcement

Young’s Modulus N/mm2 22,000 6618 230,000 3000 200,000
Compressive Strength N/mm2 25 10 0.35 80 -

Tensile Strength N/mm2 2.5 1 3500 50 360
Specific Weight kN/m3 25 19 18 12 78

Ultimate Strength N/mm2 - - - - 520

4.3. Loads

The self-weight of the structure, the floor weight, the live loads, and the earthquake load are
applied to the studied structure. The floor and live loads on the slabs are considered equal to 2.0 kN/m2

and 2.5 kN/m2, respectively. The ultimate load combination given by the ECP [13] is used (1.12 D.L +
0.25 L.L + S) where D.L is the dead load, L.L is the live load, and S is the seismic load. The coupled
orthogonality effect is not considered in this paper in order to study the effect of strengthening of each
direction separately. This load combination is applied to the building for 20 s, which is the duration of
the applied earthquake.

4.4. Earthquake (EQ) Characteristics

In the current research, two earthquake magnitudes are considered.

1. First case. Design earthquake magnitude according to the actual location of the building in Giza
(Zone 3), where the peak ground acceleration equals 0.15 g.

2. Second case. Design earthquake magnitude according to the most active seismic location in Egypt
(zone 5B), where the peak ground acceleration equals 0.3 g.

Artificial acceleration time history records are created from the response spectrum using SIMQKE
software (version 2.1, Massachusetts Institute of Technology, Cambridge, MA, USA) [36], as shown in
Figure 15. The basis of SIMQKE software is creating random amplitudes and phase angles derived
from a stationary power spectral density function of the motion. An envelope function of the form,
shown in Figure 16, [36] is used to simulate the transient character of a real earthquake.
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Figure 15. (SIMQKE) software conversion from response spectrum to earthquake time history
acceleration [36].

Figure 16. Intensity envelope function used to simulate the transient character of real earthquakes [36].

The simulated final motion z(t) is shown Equation (1).

z(t) = I(t)
n

∑
k=0

sin(ωnt + Φn) (1)

z(t): Simulated final motion; I(t): Deterministic envelope function; n: The nth contributing sinusoid
function; ωn: Frequency content of the nth contributing sinusoid function; Φn: Phase angle of the nth
contributing sinusoid function.

The final motion represented by Equation (1) represents a motion stationary in frequency content
with maximum acceleration approximately equal to the target maximum acceleration. The software
uses a frequency range bounded by 0.5 ωlow and 2.0 ωhigh, where ωlow and ωhigh define the range
for the required values of the response spectrum. The frequency step is ωn+1 = 0.005 ωn, where it is
purposed to be a fraction of the smallest value of half-bandwidth.

The elastic response spectra (RS) of the ECP design code and the utilized artificial earthquakes
(produced by SIMQKE) of zone 3 and zone 5B [13] are shown in Figures 17 and 18, respectively.
Figures 19 and 20 show the acceleration time history of earthquakes for both studied cases.
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Figure 17. Design code and utilized artificial earthquake response spectrum of case (1).

Figure 18. Design code and utilized artificial earthquake response spectrum of case (2).

Figure 19. Acceleration time history of earthquakes in case (1).

Figure 20. Acceleration time history of earthquakes in case (2).

4.5. Case Studies

Table 4 shows the studied cases where the building with non-retrofitted walls represents the
reference case. In the retrofitted cases, the walls are retrofitted with CFRP laminates of width 0.5 m
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and thickness 0.5 mm. Figures 21 and 22 show the retrofitting scheme for the walls in both cases
including solid walls only and solid walls with openings, respectively. For solid walls, the CFRP is
attached to the walls in the form of two intersecting diagonal strips. Since CFRP are not expected to
resist compression forces, the two diagonal implementations are essential to resist the reversed cyclic
loading during the earthquake application. As for the openings, the CFRP is attached in parallel to the
sides of the openings.

Table 4. Studied cases.

Studied Cases (Legend) Earthquake Direction Earthquake Zone Retrofitting Scheme

E.Q. X- ZONE 3 X 3 -
E.Q. Y- ZONE 3 Y 3 -

E.Q. X- ZONE 5B X 5B -
E.Q. Y- ZONE 5B Y 5B -

E.Q. X- ZONE 5B- SW X 5B Solid walls
E.Q. Y- ZONE 5B- SW Y 5B Solid walls

E.Q. X- ZONE 5B- SW & OP X 5B Solid walls & openings
E.Q. Y- ZONE 5B- SW & OP Y 5B Solid walls & openings

Figure 21. Retrofitting scheme (for solid walls only).
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Figure 22. Retrofitting scheme for both solid walls and openings.

5. Numerical Results

The behavior of the studied building in resisting seismic loads and the efficiency of retrofitting
using CFRP sheets are investigated with regard to the overall structural integrity, stability, and the
damage level induced in the building due to the seismic action. In the following subsections,
the deformed shapes of the studied building have a magnification factor of 20.

5.1. Reference (Non-Retrofitted) Case in Zone 3

As shown in Figures 23 and 24, the building is proven to maintain its global stability with
minimal local damage during earthquake loading in the x-direction and the y-direction, respectively.
The studied mid-rise masonry load-bearing building shows good behavior in resisting earthquakes in
zone 3.

Figure 23. Deformed shape for the case (E.Q. X- ZONE 3).
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Figure 24. Deformed shape for the case (E.Q.Y- ZONE 3).

5.2. Reference (Non-Retrofitted) Case in Zone 5B

In this case, the building collapses entirely. A progressive collapse is observed for seismic loading
in both directions, which is shown in Figures 25 and 26. The collapse starts by the failure of the bearing
walls at the ground floor. In other words, the mid-rise masonry load-bearing building cannot resist
earthquake loads for seismic zone 5B and retrofitting of the masonry walls would be necessary.

Figure 25. Progressive collapse of the building for the case study (E.Q. X- ZONE 5B).

Figure 26. Progressive collapse of the building for the case study (E.Q.Y- ZONE 5B).

5.3. Case of Retrofitting Solid Walls in Zone 5B

Figures 27 and 28 show the final damage after the application of the earthquakes loading in the
x-direction and the y-direction, respectively. The building is proven to maintain its global stability with
the high local damage that occurs around the wall’s opening. The externally bonded CFRP laminates

127



Buildings 2018, 8, 124

are proven to be an efficient technique for strengthening the masonry mid-rise walls bearing building
subjected to seismic loads.

Figure 27. Damage obtained for the case study (E.Q. X- ZONE 5B- SW).

Figure 28. Damage obtained for the case study (E.Q. Y- ZONE 5B- SW).

Figure 29 shows the major principal strain contours at the ground floor walls for the case of the
earthquake loading in the y-direction. The principal strain contours give a good indication of a cracking
pattern with the lighter colors at the location of crack localization. Figure 30 shows the normal stresses
versus time in the CFRP attached to one of the ground floor walls. As seen in Figure 30, the stresses in
the CFRP do not reach its tensile strength (3500 N/mm2) and the CFRP, therefore, do not rupture in
the analysis. A sudden increase in the CFRP stresses is evident at time equals to 2.0 s. The sudden
increase of the FRP stresses is explained by the crack occurrence in the walls at the location of the
CFRP laminate, which could successfully bridge the crack and eventually maintain the wall stability.
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Figure 29. Principal strain contours of walls at the ground floor.

Figure 30. Normal stresses versus time for CFRP laminates at the ground floor.

5.4. Case of Retrofitting Solid Walls and Openings in Zone 5B

Numerical results verified that the building could successfully maintain its global stability with
minor local damage, which is illustrated in Figures 31 and 32. The building’s overall high stability
proves the efficiency of the proposed strengthening technique of the current case study.

Figure 31. Deformed shape for the case study (E.Q. X- ZONE 5B- SW & OP).
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Figure 32. Damage obtained for the case study (E.Q. Y- ZONE 5B- SW & OP).

5.5. Optimization of the Amount of CFRP

Different thicknesses of CFRP (0.25, 1, and 1.5 mm) are used in the analysis of the retrofitted solid
walls case to determine the minimum thickness of the CFRP laminates. Figures 33–36 show the sample
of analysis results for the case (E.Q. X- ZONE 5B- SW). As seen in Figure 33, the lateral displacement at
the top of the building decreases to almost half when CFRP thickness increases from 0.25 to 1.5 mm.
The reason for such a reduction in displacement is that the CFRP reduces the induced cracks from the
earthquake motion especially at the locations of the CFRP laminates where it is clearly seen in the
principal strain contours in Figure 29, which was shown previously in Section 5.3. However, the base
shear does not show a remarkable change, as shown in Figure 34. Figure 35 illustrates the hysteresis
base shear-displacement curves for the building regarding different thicknesses of the CFRP where it
can be recognized that the behavior is the same with higher deformability in the 0.25 mm thickness
case. Figure 36 illustrates the stress versus time for the different CFRP thicknesses where the stresses
in the CFRP of thickness 0.25 mm reach maximum value of 230.7 MPa, which is very much below the
ultimate strength of the CFRP.

Figure 33. Effect of CFRP thickness. Top displacement vs. time for case (E.Q. X- ZONE 5B- SW).
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Figure 34. Effect of CFRP thickness. Base shear vs. time for case (E.Q. X- ZONE 5B- SW).

Figure 35. Effect of CFRP thickness. Base shear vs. top displacement for case (E.Q. X- ZONE 5B-SW).

Figure 36. Effect of CFRP thickness. Normal stresses in CFRP versus time for case (E.Q. X- ZONE 5B- SW).

6. Conclusions

First, a validation is done for the experimental program of masonry walls under lateral loading
by using the Applied Element Method simulation program. Afterward, a three-dimensional nonlinear
dynamic analysis is carried out for numerically investigating the seismic rehabilitation of a typical
masonry load-bearing residential building in Giza, Egypt by using carbon fiber reinforced polymer
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(CFRP). The study included two earthquake zones in Egypt. Based on the results obtained from the
studied cases, the following conclusions can be drawn.

(1) On the basis of the validation results of the previous experimental program, the constitutive
models of concrete can be used for simulating the masonry as simplification where the simulation
results show good agreement with the experimental results.

(2) The studied mid-rise masonry bearing walls building shows good behavior in resisting
earthquakes for seismic zone 3 (peak ground acceleration of 0.15 g) while it shows a complete
collapse in the seismic zone 5B (peak ground acceleration of 0.3 g).

(3) The externally bonded CFRP laminates are proven to be efficient for seismically strengthening
the masonry mid-rise bearing wall buildings. It shows a good capability of preventing structural
collapse with minor local damage. For the current case study, strengthening with CFRP laminates
of width 0.5 m and thickness 0.25 mm is proven to be sufficient for preventing the total collapse
of the building.
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Abstract: Unreinforced stone masonry made of low strength mortar has been used for centuries in
forming old type stone masonry churches of the “Basilica” typology. The seismic performance of such
stone masonry structures damaged during recent strong seismic activity in Greece, combined with
long term effects from foundation settlement, is presented and discussed. A simplified numerical
process is presented for evaluating the performance of such damaged stone masonry structures,
making use of linear and non-linear numerical tools and assumed limit-state failure criteria. In order
to obtain a quantification of the in-plane sliding shear failure criterion, a number of stone masonry
wallets were built with weak mortar and were tested in the laboratory. Through the comparison of
the obtained numerical predictions with the observed structural behaviour for selected cases of stone
masonry “Basilica” churches, the validity of the applied simplified numerical process is demonstrated.
It is shown that reasonable approximation of the observed performance of such structures can be
obtained when the assumed failure criteria are realistic.

Keywords: stone masonry; weak mortar; foundation settlement; seismic actions; observed
performance; linear and non-linear numerical tools; stone masonry wallets; shear-sliding tests

1. Introduction

During the last fifty years, various parts of Greece have been subjected to a number of damaging
earthquakes ranging from Ms = 5.2 to Ms = 7.2 on the Richter scale. Some of these events, not
necessarily the most intense, occurred near urban areas [1]. One of the most demanding tasks for
counteracting the consequences of all these seismic events was the effort to ensure the structural
integrity of old masonry structures that had sustained considerable damage. In this framework, it was
essential to study their structural system and to investigate the most significant causes of structural
damage. From such an investigation two main contributing factors have come to light. The first
factor is the pre-existing state of stress and strain either from previous earthquake events and/or from
long term permanent foundation settlement. The effect of foundation deformability is significant for
structures that are currently designed and constructed with contemporary materials and construction
techniques [2,3]. The effects of interaction between old masonry structures and deformable layers of
supporting soil are far more significant. Some of the most celebrated cases are masonry towers that are
inclined, like the tower of Pisa in Italy, due to soil deformability; in some cases such inclination led to
total collapse. An in-depth presentation of the causes of soil settlement and its effect on old masonry
structures as well as remedial measures is given by Croci [4] in the chapter with the relevant sub-title.
Stone masonry bridges are another structural type that suffer from foundation settlement [5]. In this
case, foundation deformability, which results from long term river flow or short term turbulent river
flow from flooding, also leads to the collapse of such stone masonry structures [6,7]. The worst case
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scenario for the various masonry structural elements is the accumulation of stress and strain from
such long term effects and the absence of any appropriate counter-measures. The second factor is a
strong seismic ground motion and the earthquake forces generated by it [1,8–14]. Such seismic events
result in stress demands that many times exceed the capacities of unreinforced masonry structural
elements and their connections; this is more likely to occur for masonry structures which have already
accumulated a considerable pre-existing state of stress and strain, as described in References [4,10,12].
The combination of these two contributing factors can lead unreinforced masonry structural members
and their connection to a critical state that is accompanied by significant structural damage and partial
collapse. The combination of these two actions must be seen in a relatively wide time window when
one studies their effect on Cultural Heritage Structures. M. Cerone et al. [15], by investigating the
influence of the soil together with earthquake forces on the Colosseum in Rome (Italy), concluded that
the registered collapses are due to the combination of soil movement together with the earthquake
activity over the centuries and the continued lack of maintenance. The most detrimental state of stress
is that resulting from uneven foundation settlement [4]. Heavy structural damage develops as a result
of such actions because the resistance of unreinforced weak-mortar masonry to tensile or shear stress
demands is rather low and is accompanied by a brittle type behaviour. In many cases, this resistance is
in effect even lower than assumed due to poor maintenance conditions.

Initially, a summary of observed case studies is presented that ascertains the previously stated
rationale. Next, a simplified numerical process is presented which can assist the evaluation of the
performance of such stone masonry structural systems in the framework of either explaining the
observed structural damage or predicting it in advance in order to prohibit its development with
certain retrofitting counter-measures [16]. Summary results from specific tests are also presented
towards verifying assumed in-plane sliding shear strength values.

From a variety of stone masonry structures a particular typology is selected to be investigated here.
This is because its use is widespread and as such its performance has been studied by the authors for
quite some time. This structural system is utilized in many Greek Christian churches, with a number of
variations in plan and height [10,12], belonging to the so called “Basilica” typology which is one of the
oldest structural forms. This “Basilica” structural system is of rectangular shape, formed by relatively
thick peripheral masonry walls; a semi-cylindrical apse is usually part of the East wall, whereas the
interior is divided into a number of naves by longitudinal colonnades of various dimensions and
shapes, as shown in Figure 1a. The roofing system develops mainly in the longitudinal direction
and usually rises for the central nave at a higher level than that of the side-naves, being seen as an
elevated extension of the interior colonnades. The roofing system that covers the side naves is partially
supported on the peripheral walls and is usually lower than the roofing of the central nave (Figure 1b).
In some instances this structural type takes the simplest form of one nave with no internal separations.
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(a)                                        (b) 

Figure 1. (a) The Basilica structural system with the interior colonnade of the central nave; (b) The
Basilica structural system with the peripheral longitudinal and transverse walls.

The longitudinal and transverse walls of such structures are usually long and thick with very
large in-plane stiffness. These walls are interconnected to form the main part of the total 3-D structural
system, which mainly resists the horizontal earthquake forces [10,12]. Moreover, any change of
shape imposed by soil-foundation settlement, because of the large in-plane wall stiffness, leads to
considerable stressing of these planar structural elements and their interconnections [4]. In some cases,
these planar masonry walls as well as the internal colonnades support a simple or complex relatively
stiff masonry vaulting that is in turn protected by a wooden roof (Figure 2a). The soil-foundation
settlement and the resulting state of stress-strain that develops on these planar masonry walls spreads
also to such masonry vaulting. Therefore, the resulting structural damage develops in either the planar
walls or/and the vaulting. Such relatively heavy masonry vaulting also generates large inertia forces
in case of a strong earthquake ground motion, which in turn result in large tensile and shear stress
demands that can be detrimental for the structural performance of the masonry planar walls and/or the
masonry vaulting. Figure 2b depicts a typical damage pattern with the collapse of the central masonry
dome [14].

 
(a)                                        (b) 

Figure 2. (a). Masonry vaulting; (b). Church of delle Anime Sante, L’Aquila earthquake 2009.

137



Buildings 2019, 9, 106

2. Summary of Observed Case Studies

2.1. Foundation Settlement

In what follows, two distinct cases of foundation settlement are presented. In the first case
the uneven deformability of the soil caused considerable damage to the “Basilica” church of the
Assumption of the Virgin Mary at Dilofo-Voio-Kozani, built in 1844 A.D. Its basic dimensions are
21.5 m long (together with the apse of the East wall) 11 m wide and a maximum height to the top of
the wooden roof of 10 m.

A stone masonry vaulting superstructure (Figure 2a) rests on the peripheral walls as well as on
internal five-column twin colonnades. The largest portion of the South-West plan of this church is
founded on relatively hard soil (weathered flysch layers) whereas the North-Eastern part, from the
North-East corner up to the East part of the North wall, is founded on silty clays that were deposited
over the years on top of the flysch layers prior to building the church. Soft soil layers were also added
to compensate for the natural slope at this location in order to form a horizontal plane to construct the
foundation of the church. A number of boreholes were made close to the East (Figure 3a) and North
(Figure 3b) sides; they revealed that at the North-East corner the silty clay layers extended to a depth
of 7 m.

 
(a)                           (b)                              (c) 

Figure 3. (a) Heavy damage of the East wall. South-East view; (b) Heavy damage of the North wall.
North-West view; (c) Heavy damage of the vaulting superstructure.

The uneven settlement of the foundation of the stone masonry walls as well as of the internal
columns caused considerable structural damage that progressed to the partial collapse of the whole
North-East part. An external view of this church from the South-East is shown in Figure 3a. Extensive
damage developed due to considerable settlement at the South-East corner. A very wide crack started
off at the top of the East peripheral wall near the apse and propagated towards the bottom of this wall
near the South-East corner. Furthermore, a wide crack propagates through the North peripheral wall
from top to bottom as is shown in Figure 3b. It must be noted that the thickness of these masonry walls
varies from 750 mm to 800 mm. From this extensive peripheral wall damage the vaulting system that
is supported by these peripheral walls also suffered extensive severe cracking that eventually led to its
partial collapse. The partially collapsed central dome is shown in Figure 3c.

Another case of foundation settlement of a Post-Byzantine three-nave Basilica is that of the church
of Profitis Ilias at Siatista–Kozani, built in 1701 A.D. on the top of a hill. This time the damage, caused
by the long term foundation settlement combined with the strong earthquake motion of May 1995,
is less spectacular than that shown in Figure 3a–c. This church is a three-nave “Basilica” with a wooden
roof without a stone masonry vaulting system. The horizontal dimensions of this church are 23.25 m
in length and 16.60 m in width. The top of the roof lies at 7.1 m from the floor level of the interior
of this church. The naves are formed by four-column twin colonnades (Figure 4a) built with stone
masonry. The structural damage is in the form of inclination of the South longitudinal wall outwards,
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shown in Figure 4b together with its temporary wooden shoring. This is accompanied by extensive
cracking at the connections of this wall with the East and West exterior masonry walls as well as with
the mid-transverse wall. Cracking is also evident at the arches of the internal colonnades.

 
(a)                                        (b) 

Figure 4. The “Basilica” church of Profitis Ilias at Siatista – Kozani (a) Longitudinal cross-section;
(b) Wooden shoring of South longitudinal wall.

2.2. Damage due to Strong Earthquake Ground Motion

Figures 5 and 6 depict the in-plane typical damage patterns of the longitudinal and transverse
masonry walls for a number of stone masonry “Basilica” churches. Figures 7 and 8 depict out-of-plane
typical damage patterns of the longitudinal and transverse walls for two cases of stone masonry
“Basilica” churches. Initially, a simplified assumption is that the various planar and vaulting masonry
structural elements are well interconnected at their intersections as well as with the wooden roof and
the foundation. The simplified numerical evaluation process presented in Section 3 is based on this
assumption. However, in many cases, like those depicted in Figures 7 and 8, failure of the connection
between the wooden roof and the masonry wall results in loss of support for parts of the masonry
walls leading to out-of-plane partial collapse. Therefore, it is realistic to consider the effect of limit
stage conditions at the interconnection of the various masonry structural elements either at the corners
of longitudinal and transverse planar walls or at locations where planar walls are joined with the
wooden roof or the soil-foundation interface. This is studied in Section 5 utilizing the strength values
listed in Table 2.

 
 Patras-Greece Earthquake 2008                                       Kefalonia-Greece Earthquake 2014 

Figure 5. Typical damage patterns of longitudinal walls.
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Figure 6. Typical in-plane damage of transverse wall.

Figure 7. Typical out-of-plane damage of longitudinal wall. Kozani-Greece Earthquake 1995.

Figure 8. Typical out-of-plane damage of longitudinal wall. Kozani-Greece Earthquake 1995.

3. Simplified Numerical Evaluation Process Assuming Non-Failing Masonry Wall
Inter-Connections

In evaluating the dynamic and earthquake response of such masonry structures it is initially
assumed that the various planar and vaulting masonry structural elements are well interconnected at
their intersections as well as with the wooden roof and the foundation.

At this “first stage” evaluation, the performance of each particular structural element is assessed
individually, assuming that these interconnections are withstanding the imposed demands without
any form of damage. Assumed elastic properties are adopted for each individual masonry structural
element in order to approximate its in-plane and out-of-plane stiffness characteristics. The actual
main architectural features are used to form a three dimensional (3-D) numerical model of the whole
structural system, as shown in Figures 2a and 9. This linear elastic numerical model is further
simplified by utilizing shell elements for numerically simulating each masonry structural element thus
approximating the in-plane and flexural (out-of-plane) stiffness without having to actually portray the
masonry structural thickness in this numerical approximation.
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Figure 9. Formation of the 3-D numerical approximation.

Towards this objective, appropriate software packages are utilized in order to form this 3-D
numerical model [17,18]. It is important at this stage to carefully check all the intersections in order
to ensure that there is compatibility in the finite element representation of the 3-D actual structural
system, despite the simplification introduced by the use of shell finite elements. The deformability
of the foundation is also approximated in two different ways. First, deformable supports are placed
under the foundation; these supports have elastic properties equivalent to the deformability properties
of the underlying soil layers. Alternatively, layers of deformable soil are used and placed under the
foundation of this numerical simulation. Manos and Kozikiopoulos [19] utilized in-situ measurements
from a bell tower in Kefalonia island in order to approximate the stiffness characteristics of the
underlying soil layers. Moreover, a 3-D finite element approximation of flexible soil layers was utilized
to obtain the stiffness properties of equivalent link elements used to replace the soil layer in a 3-D
finite element representation of the structure together with its flexible foundation. This 3-D numerical
approximation is subjected to a variety of load combinations that include the gravitational forces as
well as snow or earthquake loads, described by relevant design provisions. The outcome of such a
numerical study is deformation and stress demands SEd for each masonry structural element. These
stress demand values (SEd) are next utilized together with corresponding capacity values SRd obtained
on the basis of assumed strength values for the stone masonry for the studied churches. A set of
such assumed strength values are listed in Table 2. In order to utilize current provisions for the
design of masonry structural elements the numerically obtained deformation and stress demands
for each masonry structural element is uncoupled into its in-plane and out-of-plane part. One of
the main difficulties in assessing the capacity values for old stone masonry construction is the lack
of experimentally verified strength values. In order to partially overcome this difficulty a number
of specimens (Table 1 column 1) were built employing irregular stones with a cubic compressive
strength of 60 MPa and low strength mortar with a mean cubic compressive strength equal to 0.85 MPa.
The mortar joints were relatively thick (approximately 25 mm). These specimens were approximately
370 mm by 270 mm in plan and 270 mm height. Each specimen was placed in a testing rig hosting
a vertical jack with a load cell and a flat sliding bearing resting at the top surface of each specimen;
each specimen had its bottom part securely fixed as shown in Figure 10a,b. In addition, a horizontal
actuator was securely attached at the top part of each specimen in order to apply a horizontal load in a
gradually increasing manner, keeping at the same time the vertical load constant at a predetermined
level. The aim of this experimental setup was to force each specimen to fail in an almost horizontal
sliding mode at an equivalent mortar joint located between its top and bottom part, as is shown in
Figure 10b. The final objective of this experimental sequence was to be able to quantify the shear
strength against the sliding mode of failure (fvk) through the parameters included in a “Mohr-Coulomb”
shear strength criterion as is expressed by Equation (1). The shear strength of the stone masonry when
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the normal stress is zero is denoted by fvko. The compressive axial stress acting on the bed joint is
denoted by σn and μ is an assumed value for the static coefficient of friction.

fvk = fvko + μ σn (1)

Table 1. Comparison between measured and predicted shear strength values.

Code Name of
Tested Specimen

Measured Value
fvk (Mpa)

Applied Level of
Normal Stress σn

(Mpa)

Predicted fvk
(Mpa)

Ratio Measured
fvk/Predicted fvk

(1) (2) (3) (4) (5)

Sample 1 0.396 0.53 0.359 1.103

Sample 2 0.41 0.61 0.395 1.038

Sample 3 0.305 0.46 0.327 0.933

Sample 4α 0.20 0.30 0.255 0.784

Sample 4β 0.375 0.54 0.363 1.033

(a)                                        (b) 

Figure 10. (a). Short stone masonry specimen subjected to sliding shear; (b) Sliding mode of failure of
short stone masonry specimen.

Table 1 (column 2) lists the measured shear strength values together with the corresponding
values of the compressive stress normal to the equivalent bed-joint (σn) applied during testing (Table 1
column 3). Employing formula 1 with values fvko = 0.12 MPa and μ = 0.45 the predicted sliding shear
strength values are found, listed in Table 1 column 4. Reasonably good agreement is obtained between
measured and predicted sliding shear strength, as is indicated by the relevant ratio of measured over
predicted sliding shear strength with values listed in column 5 of the same Table.

The in-plane shear capacity of masonry structural elements based on such a “Mohr-Coulomb“
failure envelope, as defined through Equation (1) with a normal stress (σn) acting simultaneously, is also
employed by Euro-Code 6 [20]. In this case, the value of the static friction coefficient is assumed to be
equal to 0.4. The strength values listed in Table 2 are based on the Euro-Code 6 shear strength envelope,
assuming values of fvko = 0.16 MPa and of μ = 0.4 (Table 2, column 1). Similarly, low strength values
were assumed for the tensile strength normal (f xk1) and parallel (f xk2) to an equivalent horizontal joint
(Table 2, column 2). The shear capacity defined in this way corresponds to the mechanism resisting the
sliding mode of failure. Tomazevic [21] proposed a procedure, developed by Turnsek and Cacovic [22],
towards estimating the shear capacity corresponding to the mechanism resisting the diagonal tension
mode of failure for a masonry structural element having a height (h) and a length (l). In this case the
shear strength (τmax) is given by the following relationship.

τmax = fxk1

√
( fxk1 + σn)/b where : b = h/l (2)

142



Buildings 2019, 9, 106

Table 2. Assumed Mechanical Characteristics of the Stone Masonry in N/mm2 (MPa).

Shear Strength fvko
for Zero (σn) Normal

Stress (MPa)

Tensile Strength Normal
(f xk1)/Parallel (f xk2) to

Bed-Joint (MPa)

Compressive
Strength fk (MPa)

Young’s
Modulus E

(MPa)

Poisson’s
Ratio

(1) (2) (3) (4) (5)

0.16 0.15/0.60 3.50 1000 0.2

The quality of the used stones may vary, therefore the stone compressive values, listed below,
are indicative. It is frequently reported that the variability of the quality of mortar as well as that of the
techniques used in the stone masonry construction are far more important in influencing the strength
values that are most significant in defining the earthquake capacity of the various structural elements.
A number of destructive and non-destructive techniques have been employed in the past in the
framework of investigation procedures for the diagnosis of historic masonries [23]. However, most of
these procedures are of a qualitative nature. The determination of the most significant strength values
for particular masonry construction is quite a demanding task to be performed in-situ, which is fulfilled
only in limited cases. As an alternative, one can use relevant information from controlled laboratory
experiments, like those performed by Vintzileou [24]. A number of stone masonry wallets were
built [24] with low strength lime mortar (mortar compressive strength 0.80 MPa, stone compressive
strength 50 MPa), including timber ties connected within these masonry wallets in various ways.
The resulting compressive strength of the wallet without timber ties was found equal to 0.47 MPa.
In the framework of ongoing research, stone masonry wallets of similar dimension were built at
Aristotle University, having a cross section 500 mm × 600 mm and a height of 830 mm also with
low strength mortar (mortar cubic compressive strength 1.10 MPa, stone cubic compressive strength
60 MPa); this resulted in wallet compressive strength values equal to 1.5 MPa. In this experimental
sequence a number of wallets, which included timber ties, were also tested. These wallets including
the wooden ties, when tested in compression, resulted in a moderate increase (10% to 20%) of the
initially measured compressive strength.

It was observed during the stone masonry wallet compressive tests conducted at Aristotle
University that a moderate increase in the mortar compressive strength with the addition of
pozzolan in the mortar (mortar compressive strength 1.28 MPa) resulted in a threefold increase
of the compressive strength of the corresponding stone masonry wallet (approximately 5.0 MPa).
Therefore, the compressive strength value of 3.50 MPa adopted here, listed in column 3 of Table 2, seems
to be a reasonable assumption. In any case, in all the examined structures the compressive limit-state
scenario is very remote. In columns 4 and 5 of Table 2 the adopted values of Young’s modulus and
Poisson’s ratio are also listed. Apart from the wooden inserts that are included in stone masonry walls
the influence of spandrels that bridge the door and window openings must also be briefly discussed.
Past research demonstrated that spandrels can have a significant influence on the capacity of masonry
walls [25–28]. Spandrels are constructed in a variety of forms employing as basic materials in old
stone masonry construction: masonry, wooden or even iron parts. Due to this variety of materials
and construction techniques and the lack of measured strength values for the structures studied in the
present work this influence, although important, is not investigated in any detail. In order to estimate
the performance of each masonry structural element the following inequalities are employed:

Ri = SRdi/SEdi > 1 (3)

Ri = SRdi/SEdi < 1 (4)

SEdi represents the demand posed for each masonry structural element as it results from the
simplified numerical simulation; SRdi is the corresponding capacity value which is obtained on the
basis of assumed strength values for the stone masonry (Table 2). Note that no safety coefficients are
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used in estimating the capacity values at this stage of the evaluation process. Inequality 3 signifies
safe structural performance. Inequality 4 denotes that the predicted structural performance exceeds a
certain limit state thus signifying the development of structural damage corresponding to the specific
limit state that is exceeded. These corresponding capacity over demand ratio (Ri) values are used in
this simplified numerical evaluation process; a ratio (Ri) value smaller than 1 indicates that a distinct
limit state has been reached leading to the corresponding failure mode. The following five common
structural damage scenarios are stated corresponding to five distinct relevant limit-states through
the relevant ratio values (Ri = SRdi/SEdi). Scenario (a1) addresses the in-plane shear limit state which
corresponds to a sliding failure mode through the value of the ratio (Rτsli); scenario (a2) addresses
the in-plane shear limit state corresponding to a diagonal tension failure mode (Rτdia). Scenario (b)
corresponds to a compressive mode of failure (Rς) whereas scenario (c) corresponds to the in-plane
tensile limit state (Rσ). Finally, scenario (d) corresponds to the out-of-plane tensile limit state (RM).
Both scenario (c) and scenario (d) use the f xk1 strength value, listed in Table 2 column 2.

(a1) Rτsli = shear strength/shear stress demand. Rτsli < 1 signifies in-plane sliding shear mode
of failure

(a2) Rτdia = shear strength/shear stress demand. Rτdia < 1 signifies in-plane diagonal tension
mode of failure.

(b) Rς = compressive strength/compression stress demand. Rς < 1 signifies in-plane compression
mode of failure.

(c) Rσ = tensile strength/tensile stress demand. Rσ < 1 signifies tensile mode of failure normal to
bed joint (in-plane)

(d) RM = tensile strength/tensile stress demand from out-of-plane flexure. RM < 1 signifies
out-of-plane tensile mode of failure normal to bed joint at the extreme fibre.

All masonry parts of the studied structures were examined in terms of in-plane and out-of-plane
stress demands posed by the applied load combinations against the corresponding capacities, as these
capacities were obtained by applying the “Mohr-Coulomb” criterion of Equation (1) or the stone
masonry compressive and tensile strength limits listed in Table 2. Ratio values smaller than one
(Rτsli, Rτdia, Rς, Rσ, RM < 1) predict the corresponding limit state condition. As can be seen, this
methodology is based on combining numerical stress demands resulting from elastic analyses with
limit-state strength values. An alternative approach is to incorporate these limit-state strength values
in a non-linear push-over type of analysis [29]. As was shown in this study by Manos et al. [29] the
above linear-elastic approach is a reasonable approximation of the actual behaviour and of predicting
regions of structural damage, being both less complex and time consuming than the corresponding
non-linear approach. Manos et al. [30,31] developed a relevant expert system for assessing the various
resisting capacities of vertical masonry structural elements.

4. Results from Distinct Case Studies and Discussion

4.1. Numerical Simulation of the “Basilica” Church of Assumption of the Virgin Mary at Dilofo-Voio-Kozani

Summary results of the numerical simulation of the “Basilica” church of the Assumption of
Virgin Mary at Dilofo-Voio-Kozani (Section 2, Figure 3a–c), damaged by foundation settlement are
presented here. The assumptions presented in Section 3 were followed in forming this numerical model.
Two different cases were simulated. In the first case the soil-foundation interface was assumed to be
non-deformable (Figure 11a,b) whereas in the second case a deformable soil layer was placed under the
foundation exactly at the same location as was identified from the in-situ examination (Figure 12a,b).
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(a) max = 0.28 MPa (b) max = 0.28 MPa 

Figure 11. Non-deformable foundation (a) distribution of maximum tensile stresses South-East view
(b) distribution of maximum tensile stresses North-East view. The scale at the far right of each plott
indicates that the colours used to represent stress values in this numerical representation of the structure
are ranging from 0.1 MPa to −0.1 MPa. Yellow colour indicates stress values excedding 0.1MPa.

 
(a) max = 0.93 MPa 

 
(b) max = 0.99 MPa 

Figure 12. Deformable foundation (a) distribution of maximum tensile stresses South-East view (b)
distribution of maximum tensile stresses North-East view. The scale at the far right of each plott
indicates that the colours used to represent stress values in this numerical representation of the structure
are ranging from 0.1 MPa to −0.1 MPa. Yellow colour indicates stress values excedding 0.3 MPa.

The in-plane maximum tensile stress distribution is shown in these figures. Figures 11a and
12a represent a South-East view of the maximum tensile stress response that can be compared to the
actual structural damage shown in Figure 3a whereas Figures 11b and 12b represent a North-East view
of the tensile stress response which can be similarly compared to the damage shown in Figure 3b,c.
The maximum in-plane tensile stress demands appear at the regions supporting the central vertical
domes and have maximum values 0.28 MPa in the case of non-deformable foundation and 0.99 MPa in
the case of the deformable foundation, respectively. As can be seen, this maximum in-plane tensile
stress value in the case of deformable foundation exceeds by far the tensile strength value adopted in
this study and listed in column 2 of Table 2 (0.15 MPa). Therefore, in this latter case the simplified
numerical process indicates that scenario c (exceeding the tensile strength) occurs in these locations,
thus predicting the development of the relevant structural damage, which correlates reasonably well
with observed performance.

In more detail, a comparison of the tensile stress distribution pattern at the South-East corner
of the transverse wall shown in Figure 12a correlates well with the observed damage depicted in
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Figure 3a for the same location (see also top of Figure 13). Similarly, the maximum in-plane tensile
stress distribution at the middle of the North longitudinal wall, depicted in Figure 12b correlates well
with the observed damage depicted in Figure 3b for the same location (see also middle of Figure 13).
Finally, the area surrounding the supporting ring of the central dome (Figure 12a,b) also develops
high in-plane tensile stress demands that exceed by far the assumed strength values which leads to a
reasonably good correlation with the extensive structural damage which actually developed in this
part (Figure 3c) of this “Basilica” church (see also bottom of Figure 13).

 

Figure 13. Correlation between predicted (deformable foundation) and observed damage.

4.2. Numerical Simulation of the Dynamic and Earthquake Response of “Basilica” Churches

The dynamic and earthquake response of the 17th century “Basilica” church of St. Marina in
Soullaroi, which is located in the island of Kefalonia and was heavily damaged during the 2014
earthquake sequence [11,12], is studied here. A linear elastic numerical simulation was formed as
previously described. Thick shell finite elements [17] were employed to numerically simulate all the
stone masonry structural elements having a thickness of 750 mm and an assumed Young’s Modulus of
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1000 MPa (Table 3); 7160 finite elements were employed in total for this numerical simulation with
dimensions approximately 300 mm × 300 mm. The foundation deformability was introduced with
linear links [17] having axial stiffness equal to either 109 KN/mm, representing relatively hard soil
conditions or 24.5 KN/mm, representing a moderately deformable foundation. Moreover, in all cases
the vertical walls were connected at the corners with two-node 3-D links in an effort to control the
rigidity of these connections as well as to approximate the structural behaviour when the examined
structures exhibited heavy damage in these locations (see Section 5). The eigen-periods for the N-S
transverse direction translational response are equal to 0.177 s and 0.20 s for the hard and medium soil
deformability, respectively. Similarly, the eigen-periods for the E-W longitudinal direction translational
response are equal to 0.10 s and 0.12 s for the hard and medium soil deformability, respectively
(Figure 14). More information on the dynamic properties of this numerical simulation is given by
Manos et al. [12]. The numerical dynamic analyses included the superposition of the gravitational
forces with the seismic forces specified on the basis of the ground acceleration that was recorded at
two stations during the 3rd February strongest aftershock GEER-EERI-ATC [11], Papaioannou [32].
More information on the location of these recordings in relation to the studied “Basilica” church is
given in Manos et al. [12]. The corresponding response curves for the Chavriata recording which is
more demanding than the Lixouri ground motion, are shown in Figure 15a,b for the North-South and
East-West directions, respectively.

Table 3. Base shear Values (KN) based on the Chavriata response spectra (which is the most demanding).

Studied Church/Soil Conditions N-S (Transverse x-x) E-W (Longitudinal y-y)

St. Marina Soullaroi/Hard Soil 5229 8397

St. Marina Soullaroi/Soft Soil 5803 8828

(a)                                         (b) 

East-West, longitudinal direction

eigen-periods 0.10 to 0.12sec 

North-South, transverse direction

Eigen-periods 0.177 to 0.20sec 

Figure 14. The numerical simulation of the “Basilica” church of St. Marina in Soullaroi in Kefalonia.
(a) Longitudinal direction; (b) Transverse direction.
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(a) 

 
(b) 

Figure 15. Constant ductility response spectral curves of the Chavriata record, Kefalonia 2014
earthquake together with the relevant Euro-Code 8 design spectral curves: (a) N-S component (b)
E-W component.

In each one of these figures the relevant constant ductility spectral curves are depicted for a
ductility ratio equal to 1.5, which is assumed to be valid for unreinforced masonry structures. Moreover,
the Type-1 and Type-2 design spectral curves specified according to Euro-Code 8 [33–35] for design
ground acceleration equal to 0.36 g (g is the acceleration of gravity), importance factor equal to γ =

1, response modification coefficient q = 1.5 (for unreinforced masonry) and soil category D. Finally,
in each one of these figures the eigen-period values of the main translational eigen-modes in the
North-South and East-West direction, as specified above, are also indicated. As can be seen from
Figure 14a,b the acceleration spectral ordinates of the actual strong motion in the North-South direction
are more demanding (transverse direction for the church, approximately 1.5 g) than the corresponding
values in the East-West direction (longitudinal direction for the church, approximately 1.0 g).

Moreover, the flexibility of the foundation results in a moderate increase of the seismic demands
resulting from the similar increase of the corresponding spectral ordinates, as can be seen in Table 3.
Such large values of spectral acceleration result in very high seismic load values, listed in Table 3 in
terms of base shear, that exceed the design seismic loads resulting from applying the Euro-Code 8
provisions for the island of Kefalonia, which belongs to the seismic zone of Greece [35] with the highest
expected design earthquake ground acceleration (0.36 g). It is no surprising that this old unreinforced
stone masonry structure was heavily damaged as was the case for a number of similar structures in
nearby locations Manos et al. [12].

In what follows, the simplified evaluation process described in Section 3 was followed for
the case of St. Marina in Soullaroi church at the island of Kefalonia, Greece, built in 1686 A.D.
The soil-foundation interface was simulated with linear link elements having axial stiffness equal to
24.5 KN/mm, representing a moderately deformable foundation [12,19]. Figure 16 depicts summary
results of this evaluation process in terms of Rτ, Rσ, RM ratio values. These ratio values for either the
sliding shear (Rτsli,) or the diagonal tension (Rτdia) are indicated with the common ratio value Rτ.
Ratio Rς values, indicating in-plane compressive limit-state, are not shown as this mode of failure is
not reached anywhere in this church.

148



Buildings 2019, 9, 106

Figure 16. Summary results of the evaluation process in terms of Rτ, Rσ, RM ratio values, for moderately
deformable foundation (axial stiffness value of supporting links equal to 24.5 KN/mm).

The following observations can be made on the basis of the Rτ, Rσ, RM ratio values. It can be seen
that all these ratio values are smaller than one (Rτ, Rσ, RM < 1) in numerous locations, indicating that
the corresponding limit state has been reached at all these locations of the structure that the relevant
ratio value is linked with. For clarity the whole structure is deconstructed part by part in these figures
in four walls that form its 3-D stone masonry shell. The East transverse wall is placed at the top left
corner of Figure 16 whereas the West transverse wall at the bottom left corner. The South longitudinal
wall is placed at the top right corner of Figure 16 whereas the North longitudinal wall at the bottom
right corner.

The results of the evaluation include all possible combinations of the gravitational forces with the
seismic actions indicated in Figure 14. As can be seen in Figure 15 the RM ratio values are well below
one (RM < 1) mainly for both North and South longitudinal walls indicating that these walls for this
church reached a widespread out-of-plane flexural limit state.

This is confirmed by the observed damage, which was also very widespread. In order to avoid
partial or total collapse, temporary scaffolding was installed very shortly after the severity of the
sustained damage was realized. Furthermore, this evaluation process indicates that the East and
West transverse walls reached at their bottom part in-plane tensile and shear limit states with the
corresponding ratio values well below one (Rσ <1, Rτ < 1) whereas at the top part of these walls the
development of the out-of-plane flexure limit state prevails (RM < 1).

Again, reasonably good correlation can be seen between predicted limit states, based on the
simplified evaluation results of Figure 16, with the observed damage shown in Figure 17. As already
discussed in Sections 2 and 3, this simplified numerical evaluation process assumes non-failing
inter-connections of masonry elements. Therefore, one could neither predict the severity of the
structural damage which developed near the inter-connections between the transverse and the
longitudinal walls (Figure 18) nor account for the effect of this type of damage to the state of stress of
each individual wall. An effort to study this effect is presented in the following Section 5.
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North-East 
view 

South-East 
view 

South-West 
view 

North-West 
view 

North-East view South-East view 

South view West view 

Figure 17. Photographs and sketches of the most severe structural damage.

 

Figure 18. Damage at the N-W corner.

5. Numerical Simulations of the Seismic Performance Including Non-Linear Response
Mechanisms

In this section numerical simulations which include specific non-linear response mechanisms
will be presented and discussed. The non-linear mechanisms which are introduced in the numerical
simulation of a stone masonry structure of the “Basilica” typology are the following:

(a1) First, the two-node 3-D links at the soil-foundation interface, introduced to account for
the soil-foundation deformability, are provided with a tension cut-off limit so they can sustain only
compression in their axial direction and no tension (Figure 19a).
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(a)                                        (b) 

Figure 19. (a) Non-linear links to simulate uplifting of the structure at the soil-foundation interface;
(b) Non-linear links to simulate detachment between the roof and the masonry walls or between vertical
walls at the corners.

(b1) Similarly, two-node 3-D non-linear link elements are also utilized in connecting the vertical
walls at their corners with a tension cut-off limit in such a way as to transfer compression between the
intersecting walls at the corner but limited transfer of tension (Figure 19b).

(c1) A similar connection is used between the wooden elements of the roof and the tympana of the
masonry walls at the East and West sides or at the top of the North or South longitudinal masonry walls.

The value of each of these tension cut-off limits was based on the assumed in-plane shear and tensile
strength values listed in Table 2 and on the relevant contact surface corresponding to each non-linear
link. It must be recognized that this quantification process entails a considerable degree of uncertainty
that must be investigated further. Thus, through the proper use of these non-linear 3-D two-node
link elements, these non-linear mechanisms are introduced in an effort to simulate numerically the
capability of the uplifting of the structure at the soil-foundation interface, the possibility of detachment
between the wooden elements of the roof and the masonry walls or between the transverse from the
longitudinal walls at the connecting corners (Figures 17 and 18). This alternative approach adopted
here employs such realistic multiple selective failure mode scenarios in either the longitudinal or the
transverse direction finding for each case a base shear capacity value rather than following the spectrum
method. This push-over type of non-linear analysis was applied to the 3-D numerical simulation of
a typical stone masonry church with overall dimensions that are representative of numerous other
churches in Kefalonia island. These non-linear numerical simulations use a step-by-step push-over
type of analysis Manos et al. [14] with the first step being the application of all the permanent vertical
loads (100% D). During subsequent time steps the horizontal seismic loads are gradually introduced
at each shell element (corresponding to its mass) either in the North-South (y-y, Ey Figure 14a) or
East-West (x-x, Ex Figure 14b) directions. This is done gradually by increasing the level of the applied
seismic forces by a small amount at each subsequent step. The seismic horizontal displacement attained
at each step is checked at the top point of the tympanum of the East wall for the East-West push-over
analyses or at the top of the middle of the North wall (where the roof is connected) for the push-over
analyses in the North-South direction. The analysis is stopped when a target horizontal displacement
is reached.

5.1. Foundation Uplift

The base shear versus horizontal displacement response obtained from these push-over numerical
analyses is depicted in Figure 20a,b for the East-West (D + Ey) and North-South (D + Ex) directions,
respectively. The difference between the linear response (plotted with the straight lines) and the
corresponding non-linear response, resulting from these push-over analyses, becomes evident in
these figures. As can be seen in the uplifting of the foundation occurs when the base shear reaches
approximately 20,000 KN (Figure 20a) in the East-West and 11,000 KN (Figure 20b) in the North-South
direction, respectively. When these base shear values are compared with the corresponding values
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listed in Table 3, obtained from the linear dynamic spectral analyses that employed the recorded
ground motion response spectra (Chavriata record, Figure 15a,b), it can be concluded that foundation
uplift cannot develop for this particular “Basilicas” church.

 
(a)                                        (b) 

Figure 20. (a) Push-over in the East-West direction (Ey), foundation uplift; (b) Push-over in the
North-South direction (Ex), foundation uplift.

5.2. Non-Linear Response Simulating the Detachment of the Masonry Walls from the Roof Level as well as at
Their Corner Interconnection

Next, the potential of the walls to be detached at the corners where these vertical walls are
interconnected as well as at the roof level is examined. This is examined for load combinations D + Ey
or D+ Ex, whereby the seismic forces Ey (East-West) or Ex (North-South) are applied in a push-over type
of non-linear analyses. The obtained base shear versus horizontal displacement response from these
push-over numerical analyses is depicted in Figure 21a,b for the East-West (D + Ey) and North-South
(D + Ex) directions, respectively. Again, the difference between the linear response (plotted with
straight lines) and the corresponding non-linear response becomes evident in these figures. As can
be seen in Figure 21a, a 10 mm relative detachment displacement of the West wall occurs for a base
shear value approximately 7000 KN in the East-West direction. Similarly, a 10 mm relative detachment
displacement of the North wall in the North-South direction (Figure 21b) occurs for a base shear value
approximately 5000 KN. In both cases, these values are smaller than the corresponding base shear
values listed in Table 3, which were obtained from the dynamic spectral linear analyses that employed
the Chavriata ground motion. Therefore, it can be concluded that for these force levels the detachment
of these walls at the corners is predicted by combining the results of both numerical simulations.
Such predicted wall detachment agrees with the observed performance (Figures 17 and 18).

 
(a)                                        (b) 

Figure 21. (a) Push-over in the East-West direction (Ey)—detachment of the West wall; (b) Push-over
in the North-South direction (Ex)—detachment of the North wall.
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6. Observed Structural Performance for a Long Period Range

In the previous sections, typical damage sustained by stone masonry “Greek Basilica” churches
was presented together with the underlying causes due to natural hazards. Some of these churches
span a period of over 800 years [1,9,12,13,29,30] with the majority of them being approximately 300
years old. One significant factor is the variability of the severity of the natural hazards that are linked
with the structural response of the foundation and/or the superstructure. Apart from this variability
of the severity of the actions it must also be stressed that the structural performance at any given
time depends on the structural maintenance for each individual church. The heavy damage that
was observed for numerous Christian churches during the L’Aquila earthquake [14] created new
stimulus for research on the effectiveness of various structural maintenance techniques applied in the
past to old masonry structures. Despite this controversy, it must be agreed that neglecting structural
maintenance for such old masonry structures is in the long term synonymous to severe structural
damage. An effort was made here to demonstrate that the most critical combination is a strong
earthquake event subjecting an old masonry structure, which is already in a state of pre-existing
state of stress and deformation from uneven foundation settlement, to considerable earthquake forces.
Greece is divided into three seismic zones with Kefalonia island being in the most intense seismic
zone [35]. All the churches in Argostoli, the capital of this island, are relatively new, built after the
destruction of the old churches during the catastrophic seismic sequence of 1953 (Figure 22). During
the seismic sequence of 2014 these new churches met the earthquake demands very successfully;
however, at the Western region of this island surrounding the town of Lixouri, the 2nd largest city in
the island, the seismic ground motion was more severe, as shown by the acceleration recordings of
the ground motion [11,12]. Numerous churches in this region developed heavy structural damage
reaching collapse, like the church of St. Marina Soullaroi presented in Sections 4 and 5, although they
did not suffer greatly during the 1953 earthquake sequence. The structural maintenance measures
that were applied to these churches after the 1953 event proved to be insufficient for the demands
generated by the 2014 earthquake sequence [11,12]. Similar observations can be made for the old
masonry churches in the Kozani prefecture and the structural damage they developed during the 1995
earthquake sequence [9]. This region was seismically “quiet” for many centuries before this damaging
1995 earthquake sequence. Consequently, it was believed that earthquake strong motion was not an
actual hazard for either old or new structures in this region. The most spectacular damage to an old
stone masonry church was that of Taxiarchis in the outskirts of Eani (12th century AD). Despite its
small size, the walls of this church were totally destroyed, indicating the severity of the ground motion
as well as the lack of maintenance (Figure 23). This monument remains in this damaged condition
till today. Many other churches in this region with less heavy structural damage have experienced
successful structural rehabilitation.
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Figure 22. Images of total destruction to old masonry construction in Argostoli, Kefalonia island during
the 1953 earthquake sequence.

 Before the 1995 earthquake sequence Damaged by the 1995 earthquake 

Figure 23. The church of Taxiarchis in Eani, Kozani prefecture.

A heavy task after numerous strong earthquake events during the last 50 years in many regions
of Greece has been the structural rehabilitation of old masonry churches. This is also the case for
masonry churches which sustained heavy structural damage in the city of Kalamata during the 1986
strong earthquake sequence. Numerous churches in this city as well as in the surrounding area were
damaged. Figures 24 and 25 depict two such cases located in the centre of Kalamata. The heavy
structural damage of the peripheral walls in these two churches was accompanied by the collapse of
the central dome and the partial collapse of the bell towers; similar damage patterns were observed in
many churches during the 2009 L’Aquila earthquake [14]. These figures also show the condition of
these two churches today. It must be underlined that due to this structural rehabilitation effort for
numerous cultural heritage structures in Greece over the last fifty years very valuable scientific and
technical knowledge has been gained in this field.
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Figure 24. The church of Ipapanti in the centre of Kalamata.

Figure 25. The church of Holy Apostles in the centre of Kalamata.

Certain comments are also due relevant to the numerical tools presented in Sections 3–5. It was
stressed, when outlining the numerical process in Section 3 and the corresponding numerical predictions
of the structural performance in Sections 4 and 5, that both numerical approaches are based on simplified
assumptions. In both approaches, that is the linear numerical simulation which assumes non-failing
masonry wall inter-connections or the non-linear numerical simulation which assumes flexible masonry
wall inter-connections or foundation uplift, one of the major obstacles is to be able to quantify all
these numerical assumptions with realistic limit-state values. This difficulty is due to the immense
variability of old stone masonry in terms of materials and construction techniques and the subsequent
lack of relevant in-situ or laboratory measurements. Recordings of the dynamic response of a particular
structure from in-situ man-made excitations can be utilized in order to validate a given numerical
simulation [6,7]. During the past decade, numerous researchers have proposed the application of
complex numerical simulations for predicting the performance of old stone masonry structures like
then ones investigated here. However, these complex numerical simulations are faced with the already
mentioned obstacles; that is the immense variability of old stone masonry in terms of materials and
construction techniques and the subsequent lack of relevant in-situ or laboratory measurements.
Therefore, it is essential not to rely on the complexity of the numerical modelling; instead to follow a
number of limit state scenarios, like those presented in Sections 4 and 5, ensuring that these are based
on a certain degree of realism for every particular case being studied [36].

7. Conclusions

1. A systematic study of the performance of damaged stone masonry structures representing
“Basilica” Christian churches substantiates two fundamental causes; the long-term permanent uneven

155



Buildings 2019, 9, 106

foundation settlement combined with seismic forces generated from relatively strong earthquake
ground motions.

2. A simplified evaluation process is presented based on a dynamic linear elastic numerical
simulation for obtaining the imposed demands on the various structural elements. Next, towards
predicting the structural performance use is made of strength over demand ratio values (Rτ, Rς, Rσ,
RM). These are derived using the numerically predicted demands as well as capacities based on
assumed strength properties of the masonry for distinct failure modes which correspond to in-plane
shear, compression or tension as well as out-of-plane flexure limit states.

3. Limited experimental results are also presented in an effort to verify up to a point the validity
of the assumed strength values for the masonry at hand.

4. This simplified evaluation process, is applied to selected cases of “Basilica” Christian churches.
It is demonstrated that reasonably good agreement can be obtained when compared to observed
behaviour either for a case of foundation settlement or a case of strong earthquake excitation. This fact
must be considered together with the simplified process basic limitation which is the assumption that
the interconnections of masonry walls between themselves or with the roof remain in-tact.

5. In order to deal with this limitation, push-over step-by-step non-linear numerical analyses were
next performed. These non-linear analyses include the potential of foundation uplift as well as the
potential of the masonry walls to be detached from their interconnections either at their corners or at
their connection with the roof.

6. It is shown that both these type of analyses, that is the simplified dynamic linear elastic analysis
and the “push-over” non-linear step-by-step non-linear analysis can be used in a combined way in order
to achieve a more realistic prediction of the expected performance of such stone masonry structures.

7. The necessity to obtain a more comprehensive set of measured strength properties for such type
of masonry construction must be also underlined. This is necessary in order to increase the confidence
on the validity of simple or complex numerical approximations.

8. Complex numerical simulations in predicting the performance of old masonry structures
should not be considered a’ priori with a high degree of confidence. They are also faced with the
immense variability of old stone masonry in terms of materials and construction techniques and the
subsequent lack of relevant in-situ or laboratory measurements. Therefore, it is essential not to rely
on the complexity of the numerical modelling; instead to follow a number of limit state scenario, like
those presented in Sections 4 and 5, ensuring that these are based on a certain degree of realism for
every particular case being studied.
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21. Tomaževič, M. Shear resistance of masonry walls and Eurocode 6: shear versus ten-sile strength of masonry.
Mater. Struct. 2009, 42, 889–907. [CrossRef]

22. Turnsek, V.; Cacovic, F. Some experimental results on the strength of brick masonry walls. In Proceedings of
the 2nd International Brick-Masonry Conference, Stoke-on-Trent, UK, 12–15 April 1971; pp. 149–156.

23. Binda, L.; Saisi, A.; Tiraboschi, C. Investigation procedures for the diagnosis of historic masonries. Contruct.
Build. Mater. 2000, 14, 199–233. [CrossRef]

24. Vintzileou, E. Effect of Timber Ties on the Behavior of Historic Masonry. J. Struct. Eng. 2008, 134. [CrossRef]
25. Cattari, S.; Lagomarsino, S. A strength criterion for the flexural behaviour of spandrels in un-reinforced

masonry walls. In Proceedings of the 14th WCEE, Beijing, China, 12 October 2008.

157



Buildings 2019, 9, 106

26. Beyer, K.; Mangalathu, S. Review of strength models for masonry spandrels. Bull. Earthq. Eng. 2013, 11,
521–542. [CrossRef]

27. Betti, M.; Galano, L.; Vignoli, A. Seismic response of masonry plane walls: A numerical study on spandrel
strength. AIP Conf. Proc. 2008, 1020, 787–794.

28. Beyer, K.; Mangalathu, S. Numerical study on the peak strength of masonry spandrels with arches.
J. Earthq. Eng. 2014, 18, 169–186. [CrossRef]

29. Manos, G.C.; Soulis, V.J.; Diagouma, A. Numerical Investigation of the behaviour of the church of Agia
Triada, Drakotrypa, Greece. Adv. Eng. Softw. 2007, 39, 284–300. [CrossRef]

30. Manos, G.C.; Kotoulas, L.; Felekidou, O.; Vaccaro, S.; Kozikopoulos, E. Earthquake damage to Christian
Basilica Churches—Application of an expert system for the preliminary in-plane design of stone masonry
piers. In Proceedings of the International Conference on STREMAH 2015, A Coruna, Spain, 13–15 July 2015;
WIT Press: Southampton, UK, 2015.

31. Manos, G.C.; Kotoulas, L. Unreinforced stone masonry under in-plane state of stress from gravitational and
seismic actions. Measured and predicted behavior. In Proceedings of the CompDyn2017, Rhodes Island,
Greece, 15–17 June 2017.

32. Papaioannou, C. Strong Ground Motion of the 3rd February 2014, (M = 6.0) Kefalonia Earthquake. Institute of
Earthquake Engineering and Engineering Seismology Report. 2014. Available online: http://www.itsak.gr/
news/news/79 (accessed on 29 April 2019).

33. European Committee for Standardization. Euro-Code 8: Design of Structures for Earthquake Resistance—Part 1:
General Rules, Seismic Actions and Rules for Buildings; Final Draft prEN 1998-1; European Committee for
Standardization: Brussels, Belgium, 2003.

34. Manos, G.C. International Handbook of Earthquake Engineering: Codes, Programs and Examples; Seismic Code of
Greece; Paz, M., Ed.; Chap-Man and Hall: London, UK, 1994; Chapter 17; ISBN 0-412-98211-0.

35. Provisions of Greek Seismic Code with Revisions of Seismic Zonation; Government Gazette: Athens, Greece, 2003.
36. Limoge Schraen, C.; Giry, C.; Desprez, C.; Ragueneau, F. Tools for a large-scale seismic assessment method of

masonry cultural heritage. In Structural Studies, Repair and Maintenance of Cultural Heritage, STREMAH XIV;
WIT Press: Southampton, UK, 2015; ISBN 978-1-84564-968-5.

© 2019 by the authors. Licensee MDPI, Basel, Switzerland. This article is an open access
article distributed under the terms and conditions of the Creative Commons Attribution
(CC BY) license (http://creativecommons.org/licenses/by/4.0/).

158



buildings

Article

Analysis of Cylindrical Masonry Shell in St. Jacob‘s
Church in Dolenja Trebuša, Slovenia—Case Study

Mojmir Uranjek 1,*, Tadej Lorenci 2 and Matjaž Skrinar 1

1 Chair of Structural Mechanics, Faculty of Civil Engineering, Transportation Engineering and Arhitecture
University of Maribor, Maribor 2000, Slovenia; matjaz.skrinar@um.si

2 Department of Health and Safety, Abrasiv Muta, Muta 2366, Slovenia; tadej.lorenci@gmail.com
* Correspondence: mojmir.uranjek@um.si; Tel.: +386-2-22-94-357

Received: 9 April 2019; Accepted: 18 May 2019; Published: 22 May 2019

Abstract: This paper focuses on identifying key reasons for the damage of the cylindrical masonry
shell structure in St. Jacob‘s church in Dolenja Trebuša, Slovenia. Typical damage patterns which can
be formed in shell structures and may affect the load bearing capacity are outlined. Several stress
states (membrane, bending and also combined stress state) that can occur in the shell structure are
described. Load cases such as the vertical displacement of the support structure, temperature loading,
weight of maintenance team and also seismic loading are taken into account in order to identify the
actual cause for the registered crack pattern in the shell structure. Analysis of the shell structure is
performed using the SAP2000 structural software. Based on the obtained results, which highlighted
key reasons for registered damage, the monitoring of cracks is recommended in the first phase, and,
in continuation, the most appropriate repair and strengthening measures are proposed.

Keywords: masonry shell; cracks in shells; static analysis; strengthening

1. Introduction

Motivation for this work is the fact that masonry shell structures as a part of historical buildings such
as churches, monasteries and castles are present in a relatively large number not just in Slovenia but also
worldwide. Over the years, due to various reasons (change in magnitude and distribution of loading,
earthquake loading, foundation settlements, etc.) these structures can be damaged. Consequently,
inner forces are redistributed and in many cases the static system is changed. Nevertheless, most of
these structures maintain their function also afterwards [1].

In the case of reconstruction, the load bearing capacity of the shell structure should be checked in
accordance with current regulations and, if necessary, appropriate measures have to be undertaken.
In this paper, computational analysis of the actual shell structure is demonstrated. By using the
results of this analysis, causes for damage are identified and possible rehabilitation and consolidation
measures are proposed.

2. Stresses and Typical Damage Patterns of Masonry Shells

To describe the geometry of the shell, the spatial position of the midsurface and the thickness of
the shell at each point have to be known. The analysis of shell structures is usually performed using
two theories: Membrane theory, which is usually valid for lager part of the shell and bending theory,
which includes the effect of bending [2]. In areas where due to local disturbances (supports, point
loads, changes of curvature or thickness) the ideal membrane stress state is no longer valid (Figure 1),
the membrane theory should be supplemented by the bending theory.

Buildings 2019, 9, 127; doi:10.3390/buildings9050127 www.mdpi.com/journal/buildings159
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Figure 1. Critical parts of the shell where the bending stress state can be formed (adapted after [3]).

For shell structures in historical buildings in most cases the membrane theory has to be
supplemented by the bending theory. As the result of the simultaneous effect of membrane forces Nx,
Ny, Nxy and bending moments Mx, My, Mxy the stresses which occur in the shell can be written as:

σx =
Nx

t
− 12Mxz

t3 (1)

σy =
Ny

t
− 12Myz

t3 (2)

τxy =
Nxy

t
− 12Mxyz

t3 (3)

The first terms in the above expressions represent the membrane stress while the second terms,
the bending stress. The distribution of stresses σx, σy and τxy within the shell thickness is linear.
Perpendicular shear stresses τxz in τyz as a consequence of shear forces have a parabolic distribution,
but their values are generally small in comparison with other stress components and can usually
be neglected.

Damage of shells, often in the form of cracks, occurs due to various reasons: Foundation
settlement, horizontal displacements of supporting walls, material deficiencies and degradation or
local overloading as well as their combinations. Some typical crack configurations due to various
reasons in the case of barrel vault are shown in Figure 2.

Figure 2. Some typical crack configurations for barrel vault [4].
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3. Analysis of Masonry Shell in St. Jacobs Church

3.1. Characteristics of the 2004 Earthquake

Generally, Slovenia is a territory with almost regular (moderate) seismic activities. On an average
day, an earthquake with a magnitude higher than 1 is normally detected. Further, Dolenja Trebuša lies in
a region with some more than average seismic activities. Nevertheless, although this area is not one of
the most seismically exposed parts of our country; it still lies quite close to the region, which was severely
damaged by the 1976 earthquake (with the magnitude of 6.5 the strongest earthquake that has been
recorded in Slovenia so far). The considered 2004 earthquake occurred on 12 July 2004 with an epicenter
to the northwest of Dolenja Trebuša (areal distance was about 35 km). It occurred on the same place of
the 1998 earthquake (which had the magnitude of 5.7). Both these earthquakes are listed among the three
last severe earthquakes that were recorded in Slovenia. Although most of the damage resulting from the
2004 earthquake occurred in the vicinity of Bovec mainly due to local geological conditions, other areas
such as Dolenja Trebuša were also affected. The 2004 earthquake caused material damage primarily on
older buildings, which in this region have a very low earthquake resistance. Namely, the building stock
consists mainly of old stone masonry houses with one or two storeys built largely from two-leaf masonry
with two-leaf stone masonry with weak lime mortar and wooden floors [5].

3.2. Structural Characteristics and Damage of Analyzed Masonry Shell

For the analysis, a barrel vault in St. Jacob Church in Dolenja Trebuša in Slovenia was chosen.
The Church was built in 1786 and retrofitted in 2013 in order to simultaneously rehabilitate and
strengthen its structure after the earthquake in 2004. In spite of the renovation in 2013, cracks in the
considered vault reopened. The stone masonry barrel vault is built out of limestone and leech stone in
lime mortar. Geometry and materials of the vault are shown in Figure 3. The length of the vault is
10 m (above the nave) with a span of 7.75 m. The thickness of the vault is changing from 30 cm at the
base and to 8 cm at the top.

Figure 3. Analysed stone masonry barrel vault from bottom (a) and top (b).
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Before rehabilitation and strengthening of the church in 2013, numerous cracks in the walls and
vaults were listed. In the middle area of the analysed vault there was a crack running along the entire
length of the nave, which continued through the supporting arch and presbytery vault with length of
13.5 m and thickness of 1.0 mm. Other cracks were also present on the vaults, especially in the area of
the transverse vaults although of smaller width and length (Figure 4).

Figure 4. Registered crack pattern of analysed barrel vault before rehabilitation in 2013 [6].

The cracks although to a lesser extent, reopened in the same places after the repair works in 2013
(Figure 5).

Figure 5. Reopened crack in the analysed shell (a) and in wall near transverse vault (b).

3.3. Static Analysis of Masonry Shell

The stone masonry barrel vault was analysed by using the SAP2000 software [7]. A combination
of three and four-node shell finite elements combined with linear finite elements was used in the
model. The structure was modelled with varying thickness according to actual geometry. Supports
(main arch, closed arches at the side, supporting wall) were modelled using linear finite elements of
the corresponding cross section. The barrel vault was modelled with 2211 shell and 436 linear finite
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elements interconnected in 2499 nodes. Horizontal steel ties were modelled as linear elements with
circular cross section of φ 32–45 mm (Figure 6).

Figure 6. 3D FE model (a) and cross section (b) showing changing thickness of analysed barrel vault.

When the registered crack pattern is compared with possible crack configurations shown in
Figure 2, several actions can be identified as the potential cause of such damage. The longitudinal
crack at the bottom middle part of the shell may thus be caused either by simultaneous horizontal
divergent displacement of supporting walls (Figure 2 top left), differential settlement of foundations
(Figure 2 bottom left) or point load in the central part of the shell (Figure 2 bottom right).

Since the increase of the structures weight was eliminated as a possible cause for the registered
crack pattern, other possible causes were analysed in the numerical analysis: Self weight of structure
and rubble layer, differential settlement of foundations, seismic loading, maintenance loading and
temperature difference (Figures 7 and 8).

The implementation of non-linear behaviour would be the most appropriate approach for the
analysis of the considered shell. However, we were not involved in any material properties acquisition
(all the mechanical parameters were taken from the Technical Report, [6]) for the analysed shell.
Furthermore, our analyses were not part of any official study, and were thus not financially supported.
Therefore, the decision was met to perform only linear elastic analyses, which nevertheless provided
satisfactory results and enabled the identification of possible causes for the damage.

Five load combinations were considered altogether:

• Load case »1«: Self weight and rubble layer:

∑
1.35 ∗G +

∑
1.35 ∗GN

• Load case »2«: Self weight, rubble layer, vertical displacement of outer supports on one side by Δz

= −0.5 cm: ∑
1.35 ∗G +

∑
1.35 ∗GN +

∑
1.5 ∗ Δz

• Load case »3«: Self weight, rubble layer, maintenance team:

∑
1.35 ∗G +

∑
1.35 ∗GN +

∑
1.5 ∗QV
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• Load case »4«: Self weight, rubble layer, horizontal displacement of all supports on one side by Δy

= 0.5 cm: ∑
1.35 ∗G +

∑
1.35 ∗GN +

∑
1.5 ∗ Δy

• Load case »5«: Self weight, rubble layer, temperature difference:

∑
1.35 ∗G +

∑
1.35 ∗GN +

∑
1.5 ∗ ΔT

The discrete results’ values are presented for seven points visible in Figure 9.

Figure 7. Load case simulating vertical displacement of outer supports on one side (a) and horizontal
displacement of all supports on one side (b).

Figure 8. Load case simulating maintenance team (a) and temperature difference (b).
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Figure 9. Selected points corresponding to stress values given in Table 1.

The distribution of stresses across the shell thickness is linear. In the evaluation of results, values
obtained in the upper (external) and bottom part of the shell were considered. By taking into account
the values of z = t/2 and z = −t/2 for the upper and bottom part of the shell, respectively we obtain:

σ11up =
F11

t
− 6M11

t2 (4)

σ11bot =
F11

t
+

6M11

t2 (5)

σ22up =
F22

t
− 6M22

t2 (6)

σ22bot =
F22

t
+

6M22

t2 (7)

where designations »up« in »bot« stand for stresses on the upper and bottom part of the shell. According
to Eurocode 6 for masonry structures, the actual compressive stress (σc) and tensile stress (σt) should be
smaller than the design compressive (fcd) and/or design tensile strength (ftd) of the material, respectively.
Values of the characteristic compressive (fc) and tensile strength (ft) were taken from the Technical
Report, reference No. 6 and were obtained from investigations of similarly built stone masonry walls
and vaults studied both in situ and in the laboratory of ZRMK. Design values are obtained by dividing
the characteristic compressive (fc) and tensile strength (ft) of the material with the material safety factor
γM, as given by the code:

σc <
fc
γM

, σt <
ft
γM

(8)

The material safety factor γM is assessed as γM = 2.0. Calculated stresses should be smaller than
permissible values. In the case of tension we obtain:

σt < ftd =
ft
γM

=
0.08

2
= 0.04 MPa = 40 kN/m2 (9)

And in the case of compression:

σc < fcd =
fc
γM

=
0.5
2

= 0.25 MPa = 250 kN/m2.

The results obtained in selected points are summarised in Table 1.
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Table 1. Evaluated discrete stress values in seven points for load cases considered.

Point 157 200 269 955 1174 1293 1301

LC1

σ11top [kN/m2] −41.28 −36.73 52.70 −33.07 −33.53 −71.39 −68.44

σ11bot [kN/m2] 44.92 7.10 −97.54 1.48 −2.49 −26.30 −30.91

σ22top [kN/m2] −119.26 124.74 −12.98 −147.14 −156.93 −177.86 −179.27

σ22bot [kN/m2] −181.40 -28.88 -259.61 −64.44 −86.14 −61.21 −61.43

LC2

σ11top [kN/m2] −120.11 −265.17 567.59 120.82 13.75 −180.22 −177.48

σ11bot [kN/m2] 50.19 513.14 −447.47 29.13 86.94 85.03 83.61

σ22top [kN/m2] −240.61 344.94 321.98 −158.93 −334.60 −531.38 −560.17

σ22bot [kN/m2] −282.48 113.76 −886.58 −257.32 −47.17 164.13 199.86

LC3

σ11top [kN/m2] −75.67 −66.08 91.63 −44.53 −136.14 −354.65 −158.88

σ11bot [kN/m2] 82.37 12.28 −161.91 −17.07 50.18 148.84 −42.61

σ22top [kN/m2] −204.97 196.11 −32.57 −209.95 −363.76 −608.23 −436.52

σ22bot [kN/m2] −305.60 −48.38 −431.64 −167.37 −86.61 174.44 17.66

LC4

σ11top [kN/m2] −63.50 −66.64 82.45 −60.25 −57.92 −112.90 −107.81

σ11bot [kN/m2] 71.79 5.53 −153.84 10.56 1.21 -38.65 −46.36

σ22top [kN/m2] −212.72 186.28 −39.18 −269.19 −277.32 −301.05 −302.35

σ22bot [kN/m2] −272.82 −49.41 −421.87 −88.60 −131.64 −103.18 −104.44

LC5

σ11top [kN/m2] −84.97 −103.62 42.07 −72.93 −67.18 −123.88 −118.42

σ11bot [kN/m2] 94.06 54.80 −120.62 20.64 8.32 −30.73 −38.42

σ22top [kN/m2] −228.95 167.47 −67.97 −265.28 −269.97 −296.05 −297.56

σ22bot [kN/m2] −268.14 −3.97 −404.63 −91.91 −138.79 −107.81 −109.23

In addition to the discrete stress values’ presentation in Table 1, the distribution of stresses for
load cases “2” and “3” is shown in Figures 10–13.

Figure 10. Stresses σ11bot [kN/m2]—load case »2«.
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Figure 11. Stresses σ22bot [kN/m2]—load case »2«.

Figure 12. Stresses σ11bot [kN/m2]—load case »3«.

Figure 13. Stresses σ22bot [kN/m2]—load case »3«.
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4. Discussion of the Results

As already stated, five load combinations were considered in order to find the most probable
cause for the formation of the registered crack pattern.

In load case »1« self weight and rubble layer was considered. Numerical results show that stresses
are locally exceeded in areas where no actual damage was registered on the shell. On the other hand,
calculated stresses in areas with cracks are within the permissible limits. However, it should be noted,
that the cracks on the upper side of the shell are poorly visible due to the rubble layer and rough surface.

In load case »2« vertical displacement (Δz = −0.5 cm) of outer supports on one side was considered
which simulates differential settlement of foundations. In this case, high tensile stresses occur in the top
area of the shell (Figure 11), which may cause the recorded longitudinal crack. Differential settlement
of foundations can thus be one of possible causes for the registered crack pattern. However, the results
of this load case otherwise show high stress levels also in other parts where no damage of the actual
shell has been recorded.

Load case “3” took into account the self weight of the structure, weight of the rubble layer and
weight of the maintenance team. In this case, compressive stresses in the upper middle part (Figure 13)
as well as tensile stresses in the lower middle part (Figure 12) of the analysed shell are exceeded, which
coincides with the registered crack pattern. This loading combination can therefore be considered as
the most possible cause for the formation of a longitudinal crack [8].

With load case “4” the impact of seismic loading on the analysed structure was examined. Results
show that stresses in this case are not exceeded, and, consequently, the influence of the seismic load as
a possible cause for the formation of longitudinal crack can be excluded.

Results of load case “5” which took into account self weight of the structure, rubble layer and
temperature change (ΔT = 15 ◦C) show that such loading combination is critical for collateral vaults
but cannot be responsible for the registered longitudinal crack.

The executed numerical analyses thus show that load cases “2” and “3” are the most likely ones
to cause the registered crack pattern. The longitudinal crack in the middle area of the analysed shell
most likely formed due to separated or combined effect of maintenance team loading and differential
settlement of foundations.

5. Possible Repair and Strengthening Measures

Based on the results of the analysis of the considered shell, it can be concluded that the cracks
formed mainly due to direct loading of the middle upper part of the shell (simulation of maintenance
works in load case “3”). Considering the fact that cracks reappeared in the same areas after repair
works in 2013, it is recommended that monitoring of the shell be carried out with an emphasis on
the longitudinal crack in the middle part of the shell. In the case that the widening of that crack
continues, strengthening of the shell will be required. Strengthening could be done by applying
reinforced concrete layer either using FRP (fiber reinforced polymer) or FRM (fiber reinforced mortar)
on the critical area. However, if the monitoring does not confirm any propagation (widening and/or
length extension) of cracks, strengthening considering unchanged loading condition is not necessary.
Nevertheless, the problem in the case of loading of the shell during maintenance works should be
solved for any potential future works as the numerical simulations show that the shell is locally
overloaded even by weight of a single maintenance worker. A possible simple solution for this problem
is a working platform not only for access of the maintenance team but generally also for any secure
access to the area above the shell [8]. The weight of the platform could be partially carried by the
existing wooden roof structure and mainly by the stronger stone-masonry walls of the church structure.

6. Conclusions

The paper demonstrates the simulation modelling as a powerful tool in addressing problems of
structures’ reconstructions. Although the implementation of non-linear behaviour would be the most
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appropriate or rather more common approach for the analysis of the considered shell, the analyses
carried out in this work showed that it is possible to identify the causes for damage, even with the
simple elastic material model, without performing more complex non-linear analyses. As found, the
longitudinal crack in the middle area of the analysed shell most likely formed due to the separate or
combined effect of maintenance team loading and differential settlement of foundations. However,
none of these two most probable causes for the registered crack pattern were considered in the
numerical analysis within the official rehabilitation project. Consequently, the main longitudinal crack
re-opened after more or less cosmetic patching as a part of rehabilitation works. This shows that repair
and/or strengthening measures of existing structures should be planned after a thorough analysis
of all possible causes for the damage, since only by using such approach any further damage and
propagation of cracks can be prevented. Registered damage of existing structures should thus not be
addressed partially by merely cosmetic corrections such as patching of visible cracks, but firstly by
performing numerical analysis aiming to identify the possible causes for damage, by monitoring of the
structure if necessary and eventually by strengthening of critical parts or the structure as a whole.
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Abstract: The so-called Greco-Roman monuments, also known as neoclassical monuments, in Nepal
represent unique construction systems. Although they are not native to Nepal, they are icons of
the early 19th century in the Kathmandu valley. As such structures are located within the heritage
sites and historical centers, preservation of Greco-Roman monuments is necessary. Since many
buildings are in operation and accommodate public and critical functions, their seismic safety has
gained attention in recent times, especially after the Gorkha earthquake. This paper first presents
the background of the Bagh Durbar monument, reports the damage observations, and depicts some
repair and retrofitting solutions. Attention is paid to the implementation of the different phases of the
structural characterization of the building, the definition of reference material parameters, and finally,
the structural analysis made by using finite element models. The aim of the contribution consists of
comparison of the adequacy of the finite element model with the field observations and design of
retrofitting solutions to assure adequate seismic safety for typical Greco-Roman buildings in Nepal.
Thus, this paper sets out to provide rational strengthening solutions compatible with the existing
guidelines rather than complex numerical analyses.

Keywords: seismic assessment; Greco-Roman construction; masonry building; seismic retrofitting;
heritage construction; structural restoration

1. Introduction

On 25 April, 2015, a strong earthquake of magnitude 7.8 occurred at the Barpak neighborhood of
the Gorkha district and affected central, eastern, and some western parts of Nepal. Per the National
Planning Commission, as many as one million buildings were affected by the earthquake [1]. The
earthquake caused 8790 fatalities and 22,300 injuries in 31 out of 75 districts in Nepal. At least 2900
cultural heritage buildings and monuments were damaged due to the main shock and the major
aftershocks of 25 April (MW 6.7), 26 April (MW 6.9), and 12 May (MW 7.3) of 2015. Gautam et al. [2]
highlighted the vulnerability of Greco-Roman monuments in their recent contribution and placed them
under European Macroseismic Scale (EMS-98) vulnerability class B. In Nepal, Greco-Roman heritage
construction evolved in the 19th century and construction of such buildings was limited to the major
urban as well as administrative centers of the country. Greco-Roman structures have relatively thicker
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brick masonry walls than other existing building forms in Nepal. They are primarily characterized
by arches above the doors and windows and are multi-storied constructions. In most cases, multiple
buildings are constructed as a jointed form to give rise to an aggregate system. Similarly, large
structural, as well as false columns, are distinguishing features of Greco-Roman structural form. The
name Greco-Roman is given as they possess the characteristics of both Greek and Roman monumental
forms. The Gorkha earthquake damaged most of the Greco-Roman buildings in the Kathmandu valley
including, for example, the main administrative center Singha Durbar, Administrative Staff College
Jawalakhel, Babar Mahal, and Tangal Durbar, among others [3]. Although the construction age of such
buildings was not similar neither comparable, damage occurrence was consistent in terms of the extent
of damage in the massive walls.

Several historical earthquakes, such as 2003 Bam, 2009 L’Aquila, 2010 Chile, and 2016 Central
Italy, among others, have reflected widespread damage to heritage structures (see e.g., [4–7]). The
complex behavior of masonry structures is long discussed (e.g., [8–12], thus, the difficulties in seismic
assessment are clear to the technical community. Existing literature on the numerical analysis of heritage
structures by non-linear analyses documents well the complexity of the task and the uncertainties
which remain unresolved in the interpretation of the seismic behavior of heritage masonry structures
(see for e.g., [13–17]). The knowledge of structural features of heritage buildings, as well as of the
material properties to be used in the safety assessment and retrofitting of existing structures, represents
another complex task for engineers due to limitations arising from lack of destructive tests in heritage
constructions [18,19]. Historical structures represent a particular time frame and the exact material
properties and degradation cannot be adequately modeled. Greco-Roman monuments are important
buildings in Nepal due to their continued use in the present time and also due to recognition as
archeologically important buildings by the Department of Archeology, government of Nepal, as most
of them are more than 100 years old. Limited works related to Greco-Roman monuments can be
found in Nepal [20,21], thus, to fulfill the research gap, seismic vulnerability analysis based on field
observations and finite element modeling are needed. Despite the grave importance in understanding
the vulnerability of Greco-Roman monuments, field tests, numerical modeling, detailed assessments,
and retrofitting frameworks of existing Greco-Roman buildings are scarce, if not absent, in Nepal.
Due to the heritage as well as administrative values of such buildings, it is important to assess the
vulnerability and level of seismic safety to ensure at least a life safety performance level is in place in
the case of future earthquakes. This paper presents the damage scenario observed in the Bagh Durbar
monument after the Gorkha earthquake. The field tests and finite element analysis are presented and a
retrofitting framework for each vulnerable/damaged component is proposed as well.

2. Materials and Methods

The original construction of Bagh Durbar (Tiger Palace) is believed to have occurred in 1805 by the
then Prime Minister Bhimsen Thapa who was replacing a small house constructed by his father. The
original construction covered an area of 61049 m2; however, present-day Bagh Durbar is now limited
to 2933 m2. The palace is located (27◦41′34.58” N, 85◦19′28.04” E) in the central Kathmandu valley.
The building was renovated by Bir Shamsher in 1885 and was reconstructed after the 1934 earthquake,
which destroyed the monument [21]. Present-day Bagh Durbar (Figure 1), which is being used as
the Kathmandu metropolitan city office, was constructed after the 1934 earthquake and was slightly
altered from the Greco-Roman style by Juddha Shamsher and his son Hari Shamsher. The building has
a rectangular combination of components with a central courtyard. The floors plans depict massive
wall thickness and geometrically irregular constructions at several locations of the building.
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Figure 1. (a) Location of Bagh Durbar (b) old Bagh Durbar (picture credit: Madan Pustakalay, Lalitpur),
(c) changes in construction and neighborhood in Bagh Durbar area (picture credit: Madan Pustakalay,
Lalitpur), (d) present day facade of Bagh Durbar.

The building is situated in the plain terrain of central Kathmandu and is a load-bearing masonry
building. The building is a three-storied Greco-Roman construction; however, there are only two
stories in some locations with higher story heights. The vertical configuration is generally regular,
and the plan configuration has some projections. The total plinth area of the building is 8564 m2. The
thickness of most of the interior, as well as exterior walls, is 850 to 900 mm on the ground floor, 800
mm on the first floor, and 750 mm on the second floor, whereas the west extension of the building has a
wall thickness of 650 mm. Several interior walls provided with timber and aluminum partitions in
the building were added later, thus, the present-day form of Bagh Durbar is not the same as the one
constructed in 1935. The walls were constructed as brick masonry walls in mud-mortar and the floor
structure was mixed with timber joists, and a jack arch with a steel I-beam in the original construction.
The foundation was provided up to the depth of ~3 m by the soling of brick bats in Surkhi mortar
(mainly lime and brick powder). At the plinth level, damp proofing course of Surkhi, having 100 mm
thickness, was observed during the excavation. However, a nearby deep borehole depicts that the
upper 25 m depth is comprised of coarse-grained sand and clay mix. In between 25 m to 210 m depth,
black carbonaceous clay (Kalimati formation) is present. From 210 m to 244 m, clayey sand is dominant
in the area where the monument is located.

The building is constructed mostly from traditional local materials including some standard rolled
steel sections and cast iron. The foundation of the building comprises stepped brick walls. The walls
were mostly brick masonry in mud mortar; whereas, a few walls constructed later were brick masonry
in cement mortar as well. The wall thickness varied per the story. Surkhi plaster was provided to
the exterior walls of the monument and the interior walls were plastered with mud plaster. Cement
plaster was also found in some locations that were repaired later. The corridors and a few rooms of the
building were provided with a timber floor structure and brick tile finishing. Most of the rooms were
provided with steel I-beams with jacked brick arches and brick tile finishing. Some of the rooms have
a timber floor structure and timber plank finishing as well. The roof of the building was provided
with corrugated iron sheets and timber trusses were provided to support the roof. The ceiling of the
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building has decorative metal sheets with cornices in the halls; whereas, some other rooms have a
timber false ceiling. Although the structure is a load-bearing structure, some brick columns were found
in the large halls, above which a timber-girder and flooring system was provided. During the field
study, a timber flooring system, timber roofing system, and floor system of a jacked brick arch with
steel I-beam, were observed at various locations of the monument.

Overview of the Damage

According to the Department of Urban Development and Building Construction (DUDBC),
government of Nepal vulnerability guidelines [22], the expected damage is grade-4 in case of an
intensity IX earthquake, which demands appropriate interventions to be provided to assure adequate
seismic safety in the case of strong to major earthquakes. Some observed deficiencies leading to the
vulnerability of the structure are summarized as follows:

• Irregular building shape in plan (courtyard with wings, unequal bay-width) and room shape
(long-rectangular and inclined)

• Story height is more than 3 m, and the building is a three-storied brick in mud-mortar construction
• Outside walls/corridors are relatively long (>10m)
• Lack of vertical reinforcement in the walls, corners, and junctions
• Lack of horizontal bands, corner-stitch, and gable bands in the structure
• Flexible floors with variation in the floor-system and floor levels without effective bracing

These features of the building are reflected in the outcomes of the post Gorkha earthquake field
reconnaissance reports. In fact, the monument suffered major structural and non-structural damages:
most of the walls sustained slight structural damage; very few walls were heavily damaged without a
risk of collapse of the whole structure; some floors were collapsed due to deteriorated timber joists;
insignificant out-of-plane deformation was in very few walls, and some corners were separated.
Similarly, the non-structural damage in the structure can be described as plaster delamination and
collapse of some ceilings and floors (mainly due to deteriorated timbers).

The non-structural damage can be categorized as “Moderate” and structural damage can be
depicted as “Slight” which yields the overall damage grade-2 (moderate) per the EMS-98 scale of
damage grading [23]. Nevertheless, it is worth noting that intrinsic characteristics of the building and
its value from an architectural standpoint made unrealistic the possibility of achieving immediate
occupancy performance of the building under design as suggested by the Nepal Building Code
(NBC)-105 [24], according to the seismic classification of the site. As the monument was constructed
before the inception of design codes of practices, as well as by-laws, no seismic considerations were
inputted during the construction, which led to the building being vulnerable in case of moderate to
strong earthquakes, to which the codal provisions were formulated. Therefore, restoration of damaged
components must be combined with seismic upgrading interventions capable of ensuring increased
seismic performance and therefore preserving the monument. In this sense, the design process complies
with relevant rules provided for architectural and historical heritage in some European countries (i.e.,
Italy), where specific guidelines have been released in recent years to combine property safety and
conservation of monuments (e.g., [25]). Details of intervention and Finite element (FE) analysis after
the introduction of retrofit design are presented in the following sections. Main damage locations
are represented by uppercase letters in Figure 2 and the field evidence is presented in Figures 3–6.
Figure 6a shows the damage led by the higher deflection which caused the corner separation and
damage to the arch. Damages were mainly noted in terms of shear damage and corner separation.
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Figure 2. Major damage locations in the monument (capital letters represent the damage mechanisms
as shown in Figures 3–6). In the figure, GF, FF, and SF respectively represent the ground floor, first
floor, and the second floor.
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Figure 3. Local damages in the monument (a) damage above the crown of arches, (b) corner damage at
the junction of north and west lounge, (c) vertical crack, (d) crown damage (uppercase indications at
the bottom of the structures are the location indications as shown in Figure 2).

Figure 4. Local damages in the monument (a) diagonal cracks on cross-wall, (b) damaged wall above
the opening, (c) damage above the crown of the arch on cross wall, (d–f) damages around the openings
(uppercase indications at the bottom of the structures are the location indications as shown in Figure 2).
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Figure 5. Local damages in the monument (a) diagonal crack on the third-floor wall, (b) horizontal
and vertical cracks beside the opening, (c) exterior wall damage at the top floor, (d) corner damage
(uppercase indications at the bottom of the structures are the location indications as shown in Figure 2).

Figure 6. Local damages in the monument (a) corner damage, (b) corner damage and crack propagation
in the projection part, (c) cracks developed above the arch. In figure, uppercase indications at the
bottom of the structures are the location indications as shown in Figure 2.

3. Structural Assessment

3.1. Qualitative Evaluation

Rapid visual screening identifies potential deficiencies in a building based on checks made with
the help of standard checklists, and it often relies on the experience of the personnel in the same
field. The qualitative evaluation was conducted using the Tier-1 evaluation of Federal Emergency
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Management Agency (FEMA-310) [26] and qualitative structural assessment per the Department of
Urban Development and Building Construction (DUDBC), Government of Nepal, guidelines [22].
Qualitative assessment of the building was conducted for the building system, lateral load resisting
system, diaphragms, and geological site. For each evaluation aspect, compliance and non-compliance
were noted based on the field observations. The shape of the building, proportion in the plan, story
height, number of stories, unsupported wall length, openings in walls, and wall cracks were observed
as non-compliant. Meanwhile, foundation, sloping ground, plumb line, wall thickness, wall core,
height of the walls, position of openings, load path, vertical discontinuities, mass, masonry unit, and
masonry lay-up were found to be compliant for the building system. Similarly, for the lateral force
resisting system, vertical reinforcement, horizontal band, shear stress, and corner stitch were found to
be non-compliant. In the case of diaphragms, all three components, diagonal bracings, lateral restraints,
and unblocked diaphragms, were found to be non-compliant. For the geological site, area history
and slope failure were compliant; whereas, liquefaction was non-compliant at the site. Based on the
qualitative assessment, detailed seismic assessment of the monument was suggested. To accomplish
this task, several in-situ tests were conducted along with the finite element analysis. As heritage
and monuments are the types of buildings that require special attention during every intervention,
understanding the state of the building has great importance [27–29]. To this end, field tests and
investigations are of the utmost priority as reconstruction may not be a plausible solution in most of
the cases. It is also very important to note that the properties of construction materials demand tests as
there would be substantial changes in the manufacturing process in due course, which makes field
investigations and in-situ, as well as laboratory, tests more pivotal.

3.2. Material Characterization

Owing to the fact that the allocation of material properties in modeling is likely to be suffered
from the uncertainties, in-situ tests were performed to obtain the material properties when possible.
Push shear tests were conducted in five different locations: one on the ground floor, two on the first
floor, and two on the second floor. Using the FEMA-273 guidelines [26], the tests were carried out
and then analyses were done. For further details regarding the push shear test procedure, the reader
is directed to FEMA-273 [26]. The average shear strength at lintel-level of masonry wall on ground,
first, and second floor was estimated to be 0.1, 0.1, and 0.08 MPa, respectively. Brick units from three
different locations of the structure were also tested. Large scale intervention during the assessment
was not possible. thus, only three brick units from the existing wall were tested. The brick samples
were taken out carefully by scrapping the mortar around it. The samples were tested in the laboratory
with the standard procedure. The dimensions of the brick samples were taken and averaged first.
Thereafter, cement mortar was provided to smoothen the surface and curing was done as per standard
practice. The load was applied in the direction of the depth in the universal testing machine. The
load was gradually applied, and finally, the compressive strength was estimated with the help of the
load and the area of the specimen. Three bricks considered for compressive strength test reflected the
compressive strengths as 6.63, 1.14, and 5.30 MPa. One of the bricks showed relatively lower strength
than the other specimen. This is probably due to random manufacturing process of that time and
furthermore, the baking process might have been compromised too. Test results highlight that there is
wide discrepancy in the strength of the brick units at various locations of the structure. Visually, the
bricks were good, but the strength was not per the expectations and initial estimation. The average
strength of the brick was found to be 4.3 MPa which can be classified as the lower bound standard of
3.5 MPa grade brick.

The mortar in most of the parts of the structure was found to be intact. The compressive strength
of mud-mortar is generally very low, and estimation of exact compressive strength is challenging job;
however, standard penetrometer test was conducted on mud-mortar at several locations to estimate
and compare compressive strength of the mortar. The compressive strength was obtained in the range
of 0.1 to 0.32 MPa with an average of 0.18 MPa for the structure. Brick bond was observed in the
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damaged portion and all locations without plaster. English bond was found in all tested and exposed
locations of the building. Pit excavation test was also carried out to identify the properties of the
footing. The test highlighted that there was no significant damage in the footing level, except hairline
cracks in few brick units. The summary of the test results is presented in Table 1.

Table 1. Summary of material test results.

Parameter Test Results Remarks

Shear strength of masonry wall
0.1 MPa, 0.1 MPa, and 0.08 MPa
for ground floor (GF), first floor
(FF), and second floor (SF)

Two tests were carried out on each
floor and the average value was
taken. Due to lesser dead load, the
value was low at the top floor,
while because of slight damp
conditions, the value did not
increase on ground floor.

Compressive strength of brick 6.63 MPa, 1.14 MPa and 5.3 MPa
for three units

There was restriction in obtaining
more samples, thus, 3.5 MPa
bricks were considered to match
the categorization.

Compressive strength of mortar Varied from 0.1 MPa to 0.32 MPa
in 11 locations

Though not accurate, a
penetrometer test was conducted
that gave an average strength of
0.18 MPa.

Wall core and bonding type All walls were solid
English bond was found

All walls were identified to be
solid brick walls as observed at the
test and damage locations.

Foundation Masonry strip footing with base
width of 1700 mm

Excavation was done in two
locations. Stepping was found to
be done to increase the width of
footing at the base, increasing 50
mm in width at each side at every
150-mm depth.

3.3. Analytical Modeling

A three-dimensional finite element model was created in SAP2000 v.20 [30] based on the concept
of homogenized wall materials assuming the building to be supported at the plinth level by hinges
as shown in Figure 7. The hinge support assumption allows capturing the redistributed stress after
formation of tension cracks near plinth, which is more realistic than the assumption of the fixed base
analysis. Thin shell elements (iso-parametric 4-nodded and 3-nodded area elements) were used to
model the structural masonry walls. Two-nodded frame elements (line elements) were used to model
beams and timber joists in the floor and roof. Timber floors were modeled with thin shells equivalent to
the provided timber planks that provided partial in-plane rigidity. The building has over 10,500 square
meters of wall and floor area in the model that demands very high input in modeling and analysis of
the structure. Further, the accurate assessment of material properties, accurate constitutive model of
masonry element, and rigorous non-linear analysis are important for rational performance evaluation.
Owing to the fact that nonlinearity characteristics of masonry play a dominant role in discrepancies that
arise during nonlinear dynamic analysis, a detailed study regarding nonlinear properties of materials
is needed. However, to do so, sophisticated facilities are needed, and such facilities are not available in
Nepal. Thus, because of accurate damping characteristics, natural periods, Poisson’s ratio, friction
between different materials, and other parameters, a simplified modeling technique was adopted using
a homogenized macro element for the wall modeling.
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Figure 7. Three-dimensional finite element model of Bagh Durbar.

The mechanical characteristics of materials for modeling are based on laboratory tests, and related
previous studies. As the minimum basic strength of masonry per the identified brick strength from
tests and weakest mortar according to Indian Standard (IS) 1905:1987 is 0.25 MPa, that corresponds to
the average compressive strength of 1 MPa, and the same strength was adopted in this study. Three
specimen masonry prisms tested in Nepal (personal communication with Ram Udar Yadav) for similar
construction material affirmed the adopted value, as the test results showed a compressive strength of
nearly 1 MPa. The Young’s modulus of masonry was taken as 550 MPa, which is calculated as 550
times the average compressive strength of masonry as recommended by Indian Standard 1893 (part 1)
and 2016. The Poison’s ratio of masonry was taken as 0.2. In the case study building, the height to
width ratio of brick units is less than 0.75; slenderness ratio of walls is below 6; and no portion of the
wall has an area lower than 0.2 m2; thus, per the IS 1905:1987 [31] recommendations, the permissible
stress in masonry for design equals basic compressive strength of masonry, which is one fourth of
the average compressive strength of masonry (1 MPa). Several studies (e.g., [27–29]) highlight the
necessity of non-destructive tests and material identification in order to predict the actual behavior
of complex aggregate buildings and historical constructions. Thus, laboratory tests are required to
characterize such properties.

For performance assessment, the building was evaluated against standard requirements as
suggested by the Nepal Building Code (NBC). A live load of 2.5 KPa to 4 KPa was considered as per
IS 875 (part 2). The analysis was carried out for the design earthquake considering the base shear
coefficient of 0.384. Similarly, the base shear coefficient for the retrofitted model was adopted as 0.301,
as recommended by the NBC-105 [28]. The values of basic seismic coefficient (C) (corresponding
to a low natural period of about 0.12 s), seismic zone factor (Z) (for Kathmandu), and importance
factor (I) (considering large number of occupants), were taken as 0.08, 1.0, and 1.2, respectively. The
value of structural performance factor (K) was taken as 4 and 3.14 for existing and retrofitted models
corresponding to unreinforced masonry and masonry with horizontal and vertical bands. As the
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NBC recommends the value of structural performance factor for unreinforced masonry only, the
structural performance factor for relatively ductile masonry with horizontal and vertical confining
members was considered per common practice taking a slightly higher value, owing to the fact that
the confinements are externally provided and slightly inferior compared to monolithically constructed
confining elements. To this end, response spectrum analysis was performed considering the response
spectrum as suggested by the Indian Standard Code [32]. Different response modification factors as
suggested by the Indian Standard Code [32] were adopted for non-retrofitted and retrofitted models to
match the base shear recommended by the NBC. A comparative plot of the Indian Standard response
spectrum for soft soil is presented along with the three components response spectra for the recorded
accelerograms nearby the building (Figure 8). As shown in Figure 8, the vertical component of the
accelerogram showed that a higher response was observed at a low period, which surpassed the
horizontal components. This is a unique response spectrum for the far-field records, thus, some of the
damage to the non-structural members like the partition walls and damage to the upper stories might
be attributed to strong vertical shaking. As highlighted by Figure 8, the horizontal components of the
response spectra were clearly below the design spectrum for the structural period of 0.12 s.

Figure 8. Response spectra of the recorded accelerogram at the Department of Mines and Geology
plotted along with Indian Standard code response spectrum for soft soil. In the figure, EW indicates the
east-west component of acceleration, NS indicates the north-south component of acceleration, and UD
indicates the vertical acceleration component.

Before the detailed analysis of the structure, average stress on the wall at the ground floor was
checked. The simplified average stress check showed that the average shear stress demand is about
two times greater than the in-plane shear capacity of the mud-mortar walls, which indicates the need
for strengthening of the structure. Also, the vertical stress for the dead load and full live load is
found to exceed the permissible compressive strength of 0.25 MPa, but was found within the average
compressive strength of 1 MPa. This fact indicates that even at minor shaking or disturbance, some
parts of the masonry may be damaged. Tensile and compressive stresses due to rocking of the building
were found to be negligible in the structure due to the large plan area. However, rocking of individual
walls induced additional tension and compression, which were investigated in the detailed analyses.
Stresses in individual wall piers of the structure were analyzed by finite element modeling. The
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performance of each masonry wall was evaluated for the most critical combination of loads per the
Nepal Building Code.

The modal analysis highlighted that the first four modes contributed significantly, leading to
60% mass participation in the x-direction and 50% in the y-direction. Mass participation of 85% was
achieved by processing 44 modes. The period of the structure was 0.295, 0.292, 0.276, and 0.272 s,
respectively, in the first four modes. After the seventh mode, mass participation was less than 5% for
both directions in any individual mode except the 12th mode which showed 6% mass participation in
the y-direction. A summary of significant mass participation, along with the period of each mode, is
presented in Table 2. Figure 9 shows the mode shapes for the first four modes. The first mode reflects
that the walls in the western portion experienced higher deformation in the first mode (Figure 9a). The
second mode shows that higher deformation was concentrated in the east side of the aggregate in the
narrow corridor (Figure 9b). Similar damage occurrence was also noted in the walls of the east side of
the aggregate as shown in Figure 5. The arching of the north side of the aggregate should have caused
in-plane damages to the cross-walls as shown in Figure 5. The damage mechanisms are represented in
Figure 4 by uppercase letters E, F, and G on the third floor and, E’, F’G’, and H on the second floor. The
third mode depicted that the projection in the south-east direction experienced the largest deformation
as shown in Figure 9c. Consistently, in-plane damage as shown in Figure 6c was observed due to the
earthquake which is indicated by the uppercase letter ‘O’ in Figure 2. As shown in Figure 9d, the
fourth mode shows higher deformation in the south-west projection of the structure. Consistently, the
damage also occurred in the same wall due to the Gorkha earthquake.

Table 2. Summary of modal mass participation in x- and y-direction in the first 15 modes.

Mode
Period
(sec)

Modal Mass Participation
Ratio in x-direction

Modal Mass Participation
Ratio in y-direction

1 0.295 0.450 0.071

2 0.292 0.054 0.046

3 0.276 0.087 0.170

4 0.272 0.000 0.190

5 0.249 0.025 0.038

6 0.242 0.014 0.051

7 0.228 0.001 0.060

8 0.222 0.008 0.001

9 0.200 0.050 0.006

10 0.199 0.002 0.001

11 0.198 0.001 0.007

12 0.198 0.000 0.060

13 0.187 0.011 0.015

14 0.181 0.011 0.007

15 0.167 0.001 0.008
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(a) (b)

( ) ( )

Figure 9. Deformed shape (a) mode 1 at the period of 0.295 s, (b) mode 2 at the period of 0.292 s, (c)
mode 3 at the period of 0.276 s, and (d) mode 4 at the period of 0.272 s.

Stresses were checked for the wall sections accounting for different load combinations per
NBC-105 [24] recommendations. For each wall, vertical and horizontal loads, as well as the moments
in the two directions, were used to analyze the stresses. Compliance test results agree that the damage
due to the Gorkha earthquake as the response spectrum analysis of the as-built model showed that
49% of the walls were non-compliant, indicating some level of direct tension. Similarly, 40% of the
walls depicted non-compliance with permissible compression. However, 97% of the walls were found
to be deficient in shear. As almost every wall demanded ductility enhancement and confinement,
retrofitting was proposed for the monument as outlined in the following section.

4. Design of Structural Restoration and Seismic Strengthening

Method selection is a crucial step in providing interventions to monumental constructions. Based
on the building typology and expected level of performance following the retrofitting, compliance with
existing codes of practices, functionality requirements, cost constraints, availability and compatibility
of retrofitting solutions, safety and serviceability of the structure, aesthetics, and cultural values, among
others, were kept in mind during the selection of the method. With the aforementioned considerations,
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different strengthening options were compared. After several expert level consultations, retrofitting
using reversible and traditional construction materials with steel plates were considered as the most
rational and viable option, and analysis was done for the same. Traditional materials (or previously
used materials) like Surkhi, lime, timber, and steel were selected for the interventions in most of the
locations. In the meantime, reinforced concrete was not used in the design to preserve the morphology
of the building. Herein, appropriateness in the use of steel sections was due to ease in installation as
well as in removal or replacement of the retrofitted portions when required. The retrofitting framework
developed for the Bagh Durbar monument is presented in Figure 10. The details of the bands, diagonal
bracings, and timber joist end connections are respectively presented in Figures 11–13. As shown
in Figure 11, the flexible floors are provided with floor level bracings to increase the floor rigidity.
With a revised base shear after the interventions, which decreases significantly because of an increase
in ductility of structure, the compliance of individual walls against shear resistance was increased
appreciably and satisfied the design criteria as well. The global shear resistance of the structure,
including provided sections, is at least two times greater than the overall demand which caters for
localized high-stress demands. After retrofitting, a part of compression (under critical load) would
be shared by vertical steels as well. As the design is based on permissible stress, average stress
capacity of the existing wall and added steel elements would be higher, which provides the necessary
safety margin.

A horizontal band of 300 × 8 mm was designed to suffice the out-of-plane bending of the wall at
the lintel level. Although the existing thickness of the wall makes it less vulnerable to out-of-plane
instability, the bands simultaneously improve the integrity and ductility of the wall and the structure.
Horizontal bands were also provided at the floor level using plates on the exterior face and ISMC-250
on the interior side. All horizontal bands were welded to vertical bands using a single bevel butt weld
and extra lapping plate. Horizontal bands on both faces of the walls were connected by bolts and
anchored to the wall. The total moment of resistance of the wall, together with bands, exceeded the
out-of-plane moment of the wall from analysis under critical load combination; thus, the provided
steel section is sufficient. Both I-beam with jack arch floors and wooden joist floors were made more
rigid against in-plane deformation. For an I-beam with jack arch floor, ISMC-250 was placed at the
interior face of all rooms and joined together as a box. Diagonal strips were welded to the underside of
existing I-sections for satisfactory in-plane rigidity. The I-sections were connected to the floor band
ISMC-250 as detailed in drawings.

For timber floors, since most of the visible timber in the floors had deteriorated, all flooring timber
was replaced by seasoned timber with a strip of plastic damp-proof course underneath and related
protection work, especially at the embedded length. Wooden floors were stiffened in-plane by the
provision of two layers of timber plank flooring oriented in the perpendicular direction. Furthermore,
wooden joists were connected to supporting walls by steel strips welded to the horizontal band on the
exterior side of the wall for proper anchorage as detailed in Figure 13. The roof truss was observed to
be displaced in some locations and some timber portions were damaged and deteriorated. The entire
roof required dismantling and reconstruction. On average, 40% of the existing timber needed to be
replaced and the rest could be reused with necessary protection works. Vertical bands were required to
be extended up to the roof level. Gable band and roof band consisting of wooden joists were required
to be placed and the roof truss required to be reconstructed per the existing design and detail. Then
diagonal braces were needed between rafters and the rafters needed to be connected to the roof band
using steel strips. Further, the roofing sheets required replacement by new corrugated galvanized iron
(CGI) sheets and were anchored firmly to the roof truss.
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Figure 10. Retrofitting measures adopted for the monument (line and text in box indicates section-cut
number and pier number).
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In flat roofs, coats of water proofing materials are required to prevent seepage. The timber in
existing staircases was deteriorated. Hence, all staircases needed to be replaced by new, but similar,
ones. The staircase projecting in the north-west corner was found to be especially vulnerable from
analysis. The staircase of the exterior walls needed to be stiffened and anchored by the addition of
ISMC-250 sections underneath the landing. Secure connections and ductility of the exterior architectural
columns and porch were necessary for life safety. Decorative masonry columns were confined with
vertical steel bars embedded around the columns by cutting the groves, and the entrance porch was
tied with the main structure using horizontal bands at two levels. Provision of vertical bands around
all openings and wide horizontal bands above openings help to redistribute the stress concentrated
around openings. Arches were observed to be especially vulnerable in lateral shaking during past
earthquakes, hence steel strips were used around arches to hold them to the nearby vertical band and
horizontal lintel band.

Figure 11. Details of band per floor.

The primary intervention system is composed of vertical and horizontal steel members which
integrates and confines the masonry system; all such interventions would be hidden under the plaster
to preserve the morphology of the monument. Strengthening of floors is done by providing floor
braces and continuous beams at the floor levels. The shear strength of walls is enhanced by providing
vertical steel members at the ends with horizontal bands and diagonal braces on walls at the selected
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locations. The sizing, position, and their connections are based on the analysis results. These elements
are designed to resist the stress beyond the capacity of the existing wall. The stresses in the wall were
computed as the ratio of internal forces per meter to the thickness of the corresponding wall as shown
in Figures 14–16. Although examples are shown for different load combinations, the most critical cases
were considered to perform necessary analysis and retrofit design.

Figure 12. Details of bracing.
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Figure 13. Details of timber joist end connection.

Tensile stresses were concentrated around opening and pier edges only due to the in-plane action
of the earthquake load as indicated by Figure 14. There was an uplift in some portion of the piers, but
due to development of tensile cracks, stresses were redistributed. Vertical steel plates are provided
along the edges of each pier to take these stresses. Hence, tensile cracks are not allowed to propagate
and subsequently prevent the masonry degradation in the cyclic load. Compressive stresses were
also concentrated around opening, corners, and pier edges (see Figures 14–16). Although average
compressive stress was obtained to be less than the average compressive strength of the walls; it was
still higher than the permissible design stress. The provided steel plates that are stiffly anchored
to walls take part in the compression of the wall to keep the stress within safe limits. Further, the
confinement with vertical and horizontal steel bands increases the ductility and compressive strength
of the wall, which is not considered in the calculation, and regarded as an additional factor of safety.
Most masonry piers experienced higher shear stress than their design capacity. However, the design
capacity of the wall was identified as ~0.1 MPa, but because of high damping in mud-mortar structures,
the actual damages would be generally lesser.

Improving the structure with ductile bands assure advantages in two ways. Firstly, it improves
the ductility of the overall structure, requiring lesser design force, and secondly, these bands also
increase the capacity of the structure. The sizing of these members is done based on the demand
observed from response spectrum analysis in the FEM model. Engineering judgments were used in
predicting the actual non-linear behavior of the structure and providing suitable adjustments in the
required interventions. Figure 17a,b show the displacements in the x- and y-directions, respectively,
before retrofitting. The maximum displacements in the x- and y-directions were noted as 40.65 mm
and 33.54 mm, respectively. The maximum displacement along the x-axis was obtained in the east
wall which was the most damaged wall. Similarly, the maximum displacement along the y-axis was
obtained in the southern part of the monument where damage was also significant. Figure 17c,d reflect
the displacements along the x- and y-axis after retrofitting. The inter-story drift was limited to 0.26%
which indicates satisfactory performance level (immediate occupancy level) during the earthquake,
provided the integrity of all the components is maintained. The maximum deformations along the
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x-axis were 22.6 mm on the west wall, whereas, the same for the y-axis was 16.9 mm on the south wall
of the monument.

(a) (b) (c) (d)

Figure 14. Force per meter under load combination dead + live + response spectrum-x (a) tensile force
at section cut-1, (b) tensile force at section cut-2, (c) compressive force at section cut-2, and (d) shearing
force at section cut-2. (See Figure 10 for section cuts).

Figure 15. Compressive force per meter at section cut-3 (Figure 10) under load combination dead +
live + response spectrum-x.

Figure 16. Shearing force per meter at section cut-3 (Figure 10) under load combination dead + live +
response spectrum-x.
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(a) (b) 

( ) ( ) 

Figure 17. Deformation of the monument (a) before retrofitting along the x-direction, (b) before
retrofitting along the y-direction, (c) after retrofitting along the x-direction, and (d) after retrofitting in
the y-direction.

Figure 18 shows the three-dimensional view of the pier P9 indicated in Figure 10. The section cut
force from the analysis for P9 shows an axial, shear, and moment demand of 743 KN, 181 KN, 332 KN-m
respectively. Meanwhile, there was no direct tension on the pier. The analysis further showed that the
pier was deficient in compression capacity and rocking shear capacity. To this end, 100 × 8 mm vertical
steel plates were provided at pier ends on both faces in addition to the horizontal plates at lintel and
sill levels. Analysis including the strength of steel plates showed that the aggregate capacity exceeds
the demand forces. The same approach was used for all piers and safety checks were performed.
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P9

Figure 18. Elevation of wall showing the considered pier P9 (see Figure 10).

5. Conclusions

Restoration of Nepalese heritage buildings is a relevant topic in relation to their monumental and
functional values. In the present paper, Bagh Durbar monumental building, a 19th-century landmark
construction, was taken as a case study. As Greco-Roman constructions are still in considerable
number and have monumental value, assessment and strengthening is a pertinent topic in Nepal. To
achieve this objective, structural analyses and design of strengthening solutions were performed in this
study. Cultural preservation and seismic safety were considered vis-a-vis and strengthening solutions
were proposed in such a way that no morphological discrepancies would take place. Observation
of the building conditions after the Gorkha earthquake and the characterization of the damage state
confirmed a number of vulnerable features of the structural system. In compliance with national and
international standards on existing structures, a two-phase process was adopted in this study. The
first phase was associated with the comprehensive knowledge of the structure, including material
properties and structural detailing. The second one consisted of the definition of a structural model
to be loaded by means of conventional actions: the performance level in the current state and the
performance level after implementation of specific interventions aimed at removing critical issues
and increasing the strength and ductility of different components. It is shown that the localized
non-compliances which occurred in the as-built model are significantly improved by the proposed
interventions. This is one of the main outcomes of the paper, in the sense that a rational and virtuous
process can preserve Greco-Roman monuments that are still widely used for administrative purposes,
especially in the Kathmandu valley, by increasing at the same time their seismic safety. Apart from
their administrative value, they have monumental values too; thus, field investigation, numerical
analysis, and subsequent retrofit designs would be important to preserve them. The same retrofit
option may be applicable to other monuments in the Kathmandu valley as the construction system
and age of almost all Greco-Roman buildings matches.

In conclusion, it is worth noting that the level of the structural analysis discussed in this paper
represents a point of balance between the ease-of-use of the representation of the seismic action
(response spectrum), and the complexity of the two-dimensional representation of the walls and
spandrels in the masonry building. Nevertheless, this is not necessarily a limitation of the approach that
can be improved by including additional levels of analysis. In such a case, it is also clear that the detail
of the structural and material knowledge needs to be increased to cover the requirements of refined and
detailed constitutive laws of the materials and of the main structural components. Furthermore, one of
the limitations of this work is that strengthening solutions are explored based on basic engineering
principles to assure compliance with the existing guidelines that are practiced in Nepal (i.e., Nepali
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and Indian building codes only). So future studies may incorporate other international standards and
practices to improve the outcomes.
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