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1. Introduction

Exceptional loads on buildings and structures are known to take origin and manifest
from different causes, like natural hazards and possible high-strain dynamic effects, human-
made attacks and impact issues for load-bearing components, possible accidents, and even
unfavorable/extreme operational conditions. All these aspects can be critical for specific
structural typologies and/or materials that are particularly sensitive to external conditions.
In this regard, dedicated analysis methods and performance indicators are required for
the design and maintenance under the expected lifetime. Typical issues and challenges
can find huge efforts and clarification in research studies, which are able to address with
experiments and/or numerical analyses the expected performance and capacity of a given
structural system, with respect to demands. Accordingly, especially for existing structures
or strategic buildings, the need for retrofit or mitigation of adverse effects suggests the
definition of optimal and safe use of innovative materials, techniques, and procedures. This
Special Issue follows the first successful edition [1] and confirms the need of continuous
research efforts in support of building design under extreme loads, with 13 original research
papers focused on various key aspects of structural performance assessment for buildings
and systems under exceptional design actions and operational conditions.

2. Contents

Generally speaking, it is known that joints and connections represent a first critical
component in buildings and systems. Depending on their actual mechanical features
and capacities, as well as sensitivity to external conditions, the structural performance
assessment of the building as a whole can be strongly affected. In this regard, a first set of
research papers is dedicated to the experimental, numerical or hybrid analysis of special
joints for constructional systems, under a variety of mechanical properties and loading
conditions [2–6]. For timber structures, for example, it is known that both material and
geometrical parameters for connections arrangement can have severe effects on mechanical
performances, in the same way of moisture, loading protocol, etc. Experimental studies
are thus reported in [2] for Bonded-in-Rod (BIR) connections under various operational
conditions for bonding adhesives, while the study in [3] presents a critical analysis of
performance indicators for timber-to-timber screwed connections with various configu-
rations. As far as connections parameters are taken into account for steel structures are
considered, several calculation approaches can be notoriously taken into account in support
of design [4]. The study presented in [5] and validated to literature experiments for bolted
connections proves that artificial intelligence can offer useful feedback and support for
component design optimization. The structural performance of slab-to-column connections
in concrete frames can be especially critical when subjected to blast loads. The investigation
summarized in [6], in this regard, gives recommendations with the support of efficient
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and realistic finite element numerical models. A prediction equation for the blast-resistant
performance of slab-column joints under blast is also presented in [6], as obtained based on
additional numerical analyses.

Blast loads, impact events and earthquakes certainly need a special attention for design
and verification of critical infrastructures. Besides, critical situations for buildings and
components may derive from a multitude of scenarios. First, in any case, it is required to
properly describe the structural dynamic problem with reliable mathematical models [7].
Successively, the use of more complex and advanced numerical tools can provide additional
important indications about the actual performance and capacity.

The study in [8] focuses on cable-stayed bridges under blast accidents resulting from
explosions produced by vehicle collisions or terrorist attacks. An efficient procedure to
assess structural blast-resistance performance of key structural components in cable-stayed
bridges is suggested, based on a numerical analysis approach. Impact test methods are
presented in [9] to assess the structural capacity of bridge piers, given that the stability
of bridge substructures is closely related to safety problems. Often, however, safety in-
spections are mostly focused on materials and structural issues problems, and there are
no recommendations for quantitative analysis of substructures. When existing bridge
structures are subjected to earthquakes, finally, special retrofit interventions should be
needed for piers and connection details. An experimental study is presented in [10], based
on six small scale specimens reconstructed to describe existing bridge piers under seismic
(laboratory) conditions.

For bridges, but also for structures in general and building components, there is
a strong correlation of mechanical capacities and natural characteristics, such as wind
phenomena, soil effects, and ambient. The study in [11] proves that uncertainty due to
the randomness of wind tunnel wind flows is a critical aspect for the design of high-rise
buildings under wind. This uncertainty should be taken into account during experiments
and output processing by examining the cumulative probability trends and assuming a
reliable level of confidence for the estimated crucial magnitudes, such as the modal shapes,
frequencies and damping ratio parameters.

The investigation reported in [12] presents a field analysis for damage issues incurred
in a historical cathedral subjected to foundation strengthening works. Considering the
historic data related to the cathedral, the on-site registered damages, the results of geodetic
measurements and the experiences gained from rehabilitation works, the authors conclude
that soil-structure interactions for historical buildings represent a very complex, multidisci-
plinary problem. Damage propagation and patterns in the cathedral facade are monitored
in support of intervention design and optimization.

The study in [13] starts from the analysis of the failure mechanism for a roof, with steel
truss construction, of a factory building in the northwestern part of Turkey. The failure
occurred under hefty weather conditions including lightning strikes, heavy rain, and fierce
winds. In order to interpret the reason for the failure, the effects of different combinations
of factors on the design and dimensioning of the roof are studied by authors, with the
support of finite element analysis and on-site investigations.

Finally, the investigation reported in [14] proves that creep properties of Balau wood
timber cross-arms reinforced with additional braced arms can be significantly reduced, com-
pared to existing design wooden cross-arms. Accordingly, the implementation of bracing
system in cross-arm structures displays a more stable stress independent material exponent
in members. This results in improved dimensional structural stability in service life.
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Abstract: The solution of the motion equation for a structural system under prescribed loading and
the prediction of the induced accelerations, velocities, and displacements is of special importance
in structural engineering applications. In most cases, however, it is impossible to propose an exact
analytical solution, as in the case of systems subjected to stochastic input motions or forces. This
is also the case of non-linear systems, where numerical approaches shall be taken into account to
handle the governing differential equations. The Legendre–Galerkin matrix (LGM) method, in this
regard, is one of the basic approaches to solving systems of differential equations. As a spectral
method, it estimates the system response as a set of polynomials. Using Legendre’s orthogonal basis
and considering Galerkin’s method, this approach transforms the governing differential equation of
a system into algebraic polynomials and then solves the acquired equations which eventually yield
the problem solution. In this paper, the LGM method is used to solve the motion equations of single-
degree (SDOF) and multi-degree-of-freedom (MDOF) structural systems. The obtained outputs are
compared with methods of exact solution (when available), or with the numerical step-by-step linear
Newmark-β method. The presented results show that the LGM method offers outstanding accuracy.

Keywords: differential equation of motion; Legendre–Galerkin matrix (LGM) method; algebraic
polynomials; single degree of freedom (SDOF); multi degree of freedom (MDOF)

1. Introduction and State-of-Art

Most structural systems in civil engineering applications, as known, are either discrete
or can be estimated as discrete equivalents. The dynamic equation of motion of a continuous
system can be hence handled as a discrete system. The advantage of this assumption is
that the solution of fundamental equations of motion of discrete systems—which is of
utmost importance for engineering applications—can be efficiently calculated to predict the
responses of structural systems. Among others, let us consider the following well-known
second-order differential equation with given initial conditions:

{ ..
y(t) = f (t, y(t),

.
y(t)), t0 < t ≤ T,

y(t0) = y0,
.
y(t0) =

.
y0.

(1)

Equation (1) is commonly used to express the governing equation of mechanical vibra-
tions, quantum dynamic calculations, dynamic equilibrium of structures, etc. Employing
and developing new numerical methods for approaching the exact solution is of great
importance.

In structural dynamics, algorithms of direct time integration are usually used to obtain
the solution of discrete temporal equations of motion at selected time steps [1]. In the
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past, to this aim, different integration algorithms in the time domain have been developed
using various methods. The same algorithms are widely used to solve the equation of
systems under dynamic loading. Several well-known algorithms have been presented by
researchers, among which the Newmark-β [2], Wilson-Theta [3], Runge-Kutta [4], etc., can
be pointed out. Detailed explanations can be found in structural dynamics textbooks [1,5,6].

Since 1994, the Chebyshev polynomials [7], Legendre polynomials [8], Bessel polyno-
mials [9], Hermite polynomials [10], Laguerre polynomials [11], and matrix methods have
been used in many research studies to solve linear and nonlinear equations with high or-
ders including partial differential equations, hyperbolic partial differential equations, delay
equations, integral and integro-differential equations, SDOF and MDOF systems, etc. One
of the approaches to find the solution to an initial value problem is taking semi-analytical
procedures such as the differential transform method (DTM) [12–23]. The nature of dy-
namic equations of motion of SDOF systems makes them differential equations with initial
values; hence, DTM has been also applied to solve non-linear SDOF problems [24–33].

Alternatively, Equation (1) can also be solved through spectral methods of discretiza-
tion [34–36], which are strategic for the numerical solution of differential equations. The
main advantage of these methods lies in their accuracy for a given number of unknowns.
For smooth problems with simple geometries, these methods offer exponential rates of con-
vergence/spectral accuracy. In contrast, methods such as finite difference and finite element
yield only algebraic convergence rates. Three spectral methods, namely the Galerkin [37],
Collocation [38], and Tau [39] are extensively used in the literature. Spectral methods are
preferable in numerical solutions of partial differential equations due to their high-order
accuracy [40,41]. The Standard Spectral and Galerkin methods have been extensively
investigated to handle different types of problems [42–45]. Several numerical methods
have been also developed to solve different types of differential equations. Some of these
methods can be used to solve more practical equations. These methods include sparse
multiscale representation of the Galerkin method [46], spectral collocation method [47],
Jacob spectral method [48], and many others. Recently, Erfanian et al. [49] developed a
new method for solving two-dimensional nonlinear Volterra integral equations, based on
the use of rationalized Haar functions in the complex plane. Bernoulli Galerkin matrix
method has been also proposed by Hesameddini and Riahi [50] for solving the system of
Volterra-Fredholm integro-differential equations. A new hybrid orthonormal Bernstein and
improved block-pulse functions method has been studied by Ramadan and Osheba [51]
for solving mathematical physics and engineering problems.

In recent years, researchers have developed a number of numerical methods to find the
solution for such equations. In this regard, matrix methods including the Euler method [52],
Bernoulli collocation method [53], hybrid Legendre block-pulse function method [54], least
squares method [55], Bessel colocation method [56], etc., have received much attention
since 2010. Given that the governing equations of natural phenomena are usually nonlinear
and complex, so the chosen method of solving must be commensurate with the problem’s
complexity and its dimensions. A nonlinear differential equation system consists of several
nonlinear equations that solving such a system requires numerical methods. The basis
of matrix methods is the expression of each of the functions in the problem based on
selected polynomials. After selecting the type of polynomials and expressing each of the
functions, the differential equation system becomes a system of linear equations with
several unknown coefficients, which can be solved by Galerkin and collocation methods.

In this paper, the Legendre–Galerkin matrix (LGM) method is used to solve the
equations of motion of different SDOF and multi-degree-of-freedom (MDOF) structural
systems. The results are compared with those from the exact solution (when available),
or from the numerical step-by-step Newmark-β method with linear acceleration. The
accuracy of the LGM formulation is thus highlighted in the discussion of comparative
calculations.
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2. Basics for SDOF and MDOF Systems

In the dynamic analysis of structures, from a practical point of view, a real structure
is defined as a system with infinite degrees of freedom that can be modeled as a discrete
system with SDOF or MDOF in a finite element approach. In many cases, these simple
models include complex information of the real structure and are able to simulate the
behavior of real structure with a good level of accuracy and high calculation efficiency. As
an example, in blast-resistant design of structures, the basis of current books and codes and
also simplified engineering tools have been established based on equivalent SDOF models
of real structures [57–59].

2.1. Governing Equation for SDOF Systems

A structure with one degree of freedom with mass m, stiffness k, and damping c
is assumed to be under dynamic load P(t) = P0 sin(Ωt) with excitation frequency ς

(Figure 1).

Figure 1. SDOF structure subjected to dynamic load P(t).

The governing equation of this system is [1]:

m
..
u(t) + c

.
u(t) + ku(t) = P0 sin(Ωt) (2)

where Equation (2) is written with similar connotations to Equation (1). The exact solution
to the motion equation of a SDOF system under harmonic load P0 sin(Ωt) with initial
conditions u(0) = u0 and

.
u(0) =

.
u0 is the sum of the displacements of the transient state

of the system (utransient) and the steady state (usteady state), and is expressed as [5]:

utotal = utransient + usteady state, (3)

in which utransient and usteady state are defined as:

utransient = e−ξωt
(

u0 cos ωdt +
.
u0+u0ωξ

ωd
sin ωdt

)

+
p0

k
e−ξωt

(1−β2)
2
+(2ξβ)2

[

2ξβ cos ωdt + ω
ωd

{

2βξ2 − β(1 − β2)
}

sin ωdt
]

,
(4)

and
usteady state =

p0

k

1

(1 − β2)2 + (2ξβ)2

{

(1 − β2) sin Ωt − 2ξβ cos Ωt
}

(5)

where ξ and ω =
√

k
m are the damping ratio and natural frequency of the system, respec-

tively, and ωd = ω
√

1 − ξ2 indicates the damped frequency. Finally, β = Ω
ω is the ratio of

the excitation frequency to the system natural frequency.

2.2. Linear Newmark-β Method

One of the most efficient methods of handling equations of motion of SDOF and
MDOF systems has been proposed by Newmark [2]. In 1959, Newmark also presented a set
of step-by-step numerical equations that are entirely known as the Newmark-β method [5].
In the present study, the linear Newmark-β method is taken into account from [5] to verify
the results of the newly developed LGM method.

7
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In order to solve the equation of motion of a MDOF system using the linear Newmark-
β method, it is important to remind that the following steps should be generally followed:

1. Determination of the initial conditions, {u0},
{ .

u0
}

and
{ ..

u0
}

, where the value of
{ ..

u0
}

is given by:
..
u0 =

p0 − C
.
u0 − Ku0

M
(6)

2. Determination of ∆t (assumed time step, e.g., 0.005)
3. Determination of the effective stiffness matrix:

k̂ = k +
γ

β∆t
C +

1

β(∆t)2 M (7)

where β = 1/6 and γ = 1/2 for linear acceleration method.
4. Calculation of a and b factors:

{

a = 1
β∆t M + γ

β C

b = 1
2β M + ∆t

(

γ
2β − 1

)

C
(8)

5. Calculation of the effective load:

∆ p̂i = ∆pi + a
.
ui + b

..
ui (9)

6. Calculation of displacement, velocity, and acceleration:







ui+1 = ui + ∆ui,.
ui+1 =

.
ui + ∆

.
ui,..

ui+1 =
..
ui + ∆

..
ui,

(10)

where,

∆ui =
∆ p̂i

K̂
(11)

∆
.
ui =

γ

β∆t
∆ui −

γ

β

.
ui + ∆t

(

1 −
γ

2β

)

..
ui (12)

∆
..
ui =

γ

β(∆t)2 ∆ui −
1

β∆t

.
ui −

1
2β

..
ui. (13)

3. Legendre–Galerkin Matrix Method

Legendre polynomials are among the most important functions in the function ap-
proximation theory. The LGM method is highly successful in approximating different
functions which mainly stems from the orthogonality of Legendre basis components. This
orthogonality makes it easy to find the unknown coefficients of the problem. Another
reason for using these basis components is their weight. The weight function will not
be a problem for the calculation of the integrals of the Galerkin method and hence the
operational matrices of differentiations and other existing functions in the problem can be
easily found.

The Galerkin method is an efficient and easy-to-implement approach for solution of
the equations of motion of MDOF systems:

f

∑
j=1

{

mij
..
yj(t) + cij

.
yj(t) + kijyj(t)

}

= pi(t), i = 1, 2, . . . f t ∈ [0, t1], (14)

8



Appl. Sci. 2021, 11, 9307

under the following initial conditions:

{

yi(0) = λi,
y′ i(0) = γi,

f or i = 1, 2, . . . , f . (15)

In Equation (14), mij, cij and kij are, respectively, components of mass, damping and
stiffness matrices. pi(t) is the load prescribed at the i-th degree of freedom and λi and γi

are, respectively, the initial displacement and velocity applied to the i-th degree of freedom.
yi is the displacement of the i-th degree of freedom which is the unknown of the problem,
and t represents time.

3.1. Approximation of the Function Using Shifted Legendre Polynomials

• Legendre polynomials: introduced by Lm(t), the Legendre polynomials are defined in
the interval [−1, 1] and can be obtained using the following recursive equations:

L0(t) = 1,
L1(t) = t,
L2(t) =

3
2 t2 − 1

2 ,
...,
Lm+1(t) =

2m+1
m+1 t Lm(t)−

m
m+1 Lm−1(t).

(16)

For further application of these polynomials, they are shifted to the interval [0, L] with
the change of variable 2

L t − 1. Therefore, these shifted polynomials which are shown by
L∗

m(t) are represented as the following:

L∗
m(t) = Lm(

2
L

t − 1) t ∈ [0, L]. (17)

• Inner product of two functions: the inner product of two functions f(t) and g(t) is
represented by 〈 f (t), g(t)〉. If the functions are known and continuous in the interval
[0, b], then:

〈 f (t), g(t)〉 =
∫ b

a
f (t)g(t)w(t)dt. (18)

• Orthogonality of two functions: two functions f (t) and g(t) are orthogonal with respect
to the weight function w(t) on [a, b] if:

〈 f (t), g(t)〉 = 0. (19)

The shifted Legendre polynomials are orthogonal with respect to the weight function
w(t) = 1 in the interval [0, L]. This means that:

∫ b

a
L∗

m(t)L∗
n(t)dt =

{

0 m 6= n,
L

2m+1 m = n.
(20)

Orthogonality of the functions has wide application in the function approximation
theory. Any continuous function such as f (x) can be approximated in the interval [0, L]
using these polynomials as below:

f (t) =
∞

∑
m=0

fmL∗
m(t), (21)

where fm can be obtained from:

fm =
〈 f (t), L∗

m(t)〉

〈L∗
m(t), L∗

m(t)〉
=

2m + 1
L

∫ L

0
f (t)L∗

m(t)dt. (22)

9
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Only the first N + 1 terms of Equation (21) are used in practice. Therefore:

f (t) =
N

∑
m=0

fmL∗
m(t) = FTφN(t), (23)

where F and φN(t) are factors of the shifted Legendre vectors expressed as:

F = [ f0 f1 . . . fN ]
T , (24)

φN(t) = [L∗
0(t) L∗

1(t) . . . L∗
N(t)]

T . (25)

3.2. Expression of the LGM Method

Assuming that Equation (14) has a unique solution under the initial conditions in
Equation (15), the goal is to find an approximate analytical solution to Equation (14) using
the discretized Legendre series as below:

yi,N(t) =
N

∑
m=0

ai,mL∗
m(t) = AT

i,N
φN(t) , (26)

where,
Ai,N = [ai,0 ai,1 . . . ai,N ]

T ,
φN(t) = [L∗

0(t) L∗
1(t) . . . L∗

N(t)].
(27)

The matrix form of the derivative vector will be:

d

dt
φN(t) = DφN(t), (28)

where D is a matrix of dimensions (N + 1) × (N + 1) and is obtained as below:

D = [dij] =







2(2j+1)
L , f or j = i − k,

{

k = 1, 3, . . . , N if N is odd number,
k = 1, 3, . . . , N − 1 if N is even number,

0, otherwise.
(29)

For example, for different values of N, the following equations are obtained:

I f N = 1 → D =

[

0 0
2
L 0

]

I f N = 2 → D =





0 0 0
2
L 0 0
0 6

L 0





I f N = 3 → D =









0 0 0 0
2
L 0 0 0
0 6

L 0 0
2
L 0 10

L 0









Using Equation (27), the k-th derivative of φN(t) vector is:

dk

dtk
φN(t) = DkφN(t), (30)

Therefore, by replacing k = 1 and 2 in Equation (29), and then combining the results
with Equation (25), one can write:

.
yi,N(t) =

N

∑
m=0

ai,mL∗
m(t) = AT

i,N
DφN(t), (31)

10
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and
..
yi,N(t) =

N

∑
m=0

ai,mL∗
m(t) = AT

i,N
D2φN(t). (32)

Moreover, the functions pi(t) can be shown in matrix form as follows:

pi(t) =
N

∑
m=0

pi,mL∗
m(t) = PT

i,NφN(t), (33)

where PT
i,N is a (N+1) dimensional vector with the following expression:

Pi,N = [pi,0 pi,1 . . . pi,N ]
T , (34)

where,

pi,m =
2m + 1

L

∫ L

0
pi(t)L∗

m(t)dt. (35)

By introducing Equations (25) and (30)–(32) in Equation (14), it is thus possible to
obtain:

f

∑
j=1

{

mijA
T
j,N

D2 + cijA
T
j,N

D + kijA
T
j,N

}

φN(t) = PT
i,NφN(t) (36)

Now, let us assume that:

YN = AφN(t) =











y1,N
y2,N

...
y f ,N











, A =













AT
1,N

AT
2,N
...

AT
f ,N













, P =













PT
1,N

PT
2,N
...

PT
f ,N













,

M = [mi j], C = [cij], K = [kij], i, j = 1, 2, . . . , f ,

(37)

where YN is an f dimensional vector, A and P are f × (N + 1) dimensional and M, C and
K are the known f × f dimensional matrices, respectively.

Using Equations (35) and (36), the matrix form for approximation of Equation (14) can
be obtained as:

(MAD2 + CAD + KA)φN(t) = PφN(t), (38)

or
UφN(t) = PφN(t), (39)

where,
U = MAD2 + CAD + KA.

Equation (38) can be solved using different methods, namely the direct method (i.e.,
omitting φN(t) from both sides of the equation and assuming it to vanish), the collocation
method, or the Galerkin method.

In the present paper, the Galerkin method is selected to solve the equation. This
method tries to minimize the error toward zero with the inner product of the equations in
Legendre basis L∗

m(t). Consequently:

〈UφN(t), L∗
m(t)〉 = 〈PφN(t), L∗

m(t)〉, m = 0, 1, . . . , N. (40)

The above equation is an algebraic system of linear equations with N + 1 equations
and N + 1 unknowns that can be easily solved. It is needed, however, to apply the boundary
conditions to the problem, as also in accordance with Equation (15). Following Equations
(25) and (30), it is:

AφN(0) = Λ,
ADφN(0) = Π,

(41)

11
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where,
Λ = [λ1 λ2 . . . λ f ]

T , Π = [γ1 γ2 . . . γ f ]
T .

Finally, in order to find the response of the system in Equation (14) under the ini-
tial conditions from Equation (15), by replacing 2f of the rows of Equation (40) with
Equation (38), a system of algebraic equations with (N + 1 − 2f ) equations (Equation (38))
and 2f equations (Equation (40)) is created. Their solution yields the analytic approximation
of the original problem. The last rows of Equation (38) are usually replaced with those
equations from Equation (40); however, this is not always obligatory and the rows which
will cause the system of equations to be singular can be alternatively replaced.

3.3. Solution of a Calculation Example

Consider the following equation as a SDOF structure without damping under a
prescribed load:

{

0.1y′′ (t) + 4y(t) = 4(e−t − e−15t),
y(0) = 1, y′(0) = −1.

(42)

The exact solution of this system is:

y(t) = −0.3618 sin(6.3245t) + 0.1753 cos(6.3245t)
+0.9756e−t − 0.1509e−15t.

(43)

Choosing N = 5, the LGM method is used to solve the system. The matrix system can
be obtained as below:

(MAD2 + KA)φN(t) = PφN(t), (44)

where M = 0.1 and K = 4. Furthermore:

D2 =

















0 0 0 0 0 0
0 0 0 0 0 0
12 0 0 0 0 0
0 60 0 0 0 0
40 0 140 0 0 0
0 168 0 252 0 0

















, φN(t) =

















1
2t − 1

6t2 − 6t + 1
20t3 − 30t2 + 12t − 1

70t4 − 140t3 + 90t2 − 20t + 1
252t5 − 630t4 + 560t3 − 210t2 + 30t − 1

















,

A =
[

a0 a1 . . . a5
]

, P =
[

2.2618 −0.5503 −0.6653 0.7842 −0.6008
]

,

(45)

where φN(t) is the shifted Legendre vector on the interval [0,1].
Using the Galerkin matrix method, the following algebraic system of equations is

obtained:
















4 0 1.2 0 4 0
0 1.33 0 2 0 5.6
0 0 0.8 0 2.8 0
0 0 0 0.5714 0 3.6
1 −1 1 −1 1 −1
0 2 −6 12 −20 30

































a0
a1
a2
a3
a4
a5

















=

















2.2618
−0.1834
−0.1331
0.1120

1
−1

















(46)

Solving the above algebraic equations, the unknown Legendre coefficients are finally
obtained as follows:

a0 = 0.60901, a1 = 0.07098, a2 = 0.27735, a3 = −0.40712, a4 = −0.12676, a5 = 0.09574.

By replacing the obtained values in Equation (17), the approximate solution for y(t) is:

y(t) ∼= 24.1271 t5 − 69.1914 t4 + 63.2204 t3 − 17.6372 t2 − t + 1. (47)
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Figure 2 illustrates the results of the exact solution as a function of time, along with its
approximation. The accuracy of the LGM method compared to the exact solution can be
noticed in the whole time interval.

Figure 2. Comparison of LGM and exact solutions for an SDOF system.

4. Worked Examples and Discussion of Results

For a more exhaustive discussion of the developed LGM method and for a reliable
assessment of its potential in structural analysis, the motion equation of an MDOF system
is solved in accordance with Equation (14), and some numerical examples are presented.
These examples are representative of simple models of real structures (by introducing mass,
stiffness, and damping matrices) with and without damping. Accordingly, the current
study and the presented formulation of the LGM method represents a first step towards its
further extension and use for other applications, such as reliability analysis, optimization,
and modal analysis of structures.

4.1. Two-Degree-of-Freedom (2DOF) Structure

A structure with two degrees of freedom (2DOF) is analyzed in different dynamic
conditions. The structure is first analyzed under free vibration with no effective damping,
and then with additional damping. Successively, the analysis is further performed with
the assumption of forced vibration, with and without damping. Basic input data and
parameters are summarized as follows:

• Free vibration, without damping: it is M =

[

1.5 0
0 2

]

, C = 0 and

K =

[

300 −300
−300 800

]

for mass, damping and stiffness parameters.

The initial conditions are u(0) =
[

1
1/2

]

and
.
u(0) =

[

0
0

]

.

• Free vibration, with damping: it is C =

[

1.628 −0.256
−0.256 2.512

]

, while all the other

parameters are equal to the undamped case.

The solution of the motion equation using Legendre’s method for u1(t) and u2(t) are
respectively shown in Figures 3 and 4. Moreover, the LGM results are compared with
the exact method, giving evidence of acceptable consistency. It is worth noting that the
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exact solution is obtained using the Solver of Systems of Equation in the Maple software.
Comparisons are then made with the approximate solution.

Figure 3. Free vibration analysis for a 2DOF system. Comparison of u1(t) as a function of time, as
obtained from the LGM method or the exact solution.

Figure 4. Free vibration analysis for a 2DOF system. Comparison of u2(t) as a function of time, as
obtained from the LGM method or the exact solution.

Successively, the examined structure is analyzed under forced vibration. In this case,
it is:

p(t) =

[

sin 3t
0

]

, u(0) =

[

0
0

]

and
.
u(0) =

[

0
0

]

Once again, the structure is analyzed with and without damping, using the developed
LGM method. The analytical results obtained from the LGM method for u1(t) and u2(t)
are shown in Figures 5 and 6, respectively, and compared with the exact solution, proving
again a rather acceptable consistency in the examined time interval.
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Figure 5. Forced vibration analysis of a 2DOF system. Comparison of u1(t) as a function of time, as
obtained from the LGM method or the linear Newmark-β method.

Figure 6. Forced vibration analysis of a 2DOF system. Comparison of u2(t) as a function of time, as
obtained from the LGM method or the linear Newmark-β method.

4.2. Three-Degree-of-Freedom Structure

As a further validation example, a structure with three degrees of freedom (3DOF) is
analyzed in forced and free vibration conditions, with or without damping.
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• Free vibration, without damping: it is M =





2 0 0
0 2 0
0 0 2



, C = 0 and

K =





2 −2 0
−2 3 −1
0 −1 1



 for mass, damping and stiffness, respectively. The initial

conditions are u(0) =





1
2/3
1/3



 and
.
u(0) =





0
0
0



.

• Free vibration, with damping: it is C =





0.8 0 0
0 0.7 0
0 0 0.6



, while the other parameters

are the same as without damping.

The results for u1(t), u2(t) and u3(t) are shown in Figures 7–9, respectively, where it
is possible to see the comparison of the LGM method and linear Newmark-β method, with
rather good consistency.

The equation of motion of the structure under forced vibration (with and without

damping) for p(t) =





sin t
0
0



 with initial conditions u(0) =





0
0
0



 and

.
u(0) =





0
0
0



 is solved further by using Legendre’s method.

The results obtained in this case for u1(t), u2(t) and u3(t) are proposed in
Figures 10–12, respectively, and compared with the results by the linear Newmark-β
method. Moreover, in this case, the comparative data show the consistency of the LGM
with the linear Newmark-β method.

Figure 7. Free vibration analysis of a 3DOF system. Comparison of u1(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.
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Figure 8. Free vibration analysis of a 3DOF system. Comparison of u2(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.

Figure 9. Free vibration analysis of a 3DOF system. Comparison of u3(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.
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Figure 10. Forced vibration analysis of a 3DOF system. Comparison of u1(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.

Figure 11. Forced vibration analysis of a 3DOF system. Comparison of u2(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.
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Figure 12. Forced vibration analysis of a 3DOF system. Comparison of u3(t) as function of time, as
obtained using the LGM method or the linear Newmark-β method.

4.3. Five-Degree-of-Freedom Structure

In conclusion, a structure with five degrees of freedom (5DOF) is analyzed with the
LGM method, both under free vibration with and without damping.

• Free vibration, without damping: it is assumed that M =













1 0 0 0 0
0 2 0 0 0
0 0 2 0 0
0 0 0 2 0
0 0 0 0 2













, C = 0

and K =













4 −4 0 0 0
−4 12 −8 0 0
0 −8 20 −12 0
0 0 −12 24 −12
0 0 0 12 28













, respectively.

The initial conditions are u(0) =













1
4/5
3/5
2/5
1/5













and
.
u(0) =













0
0
0
0
0













.

• Free vibration, with damping: it is assumed that C =













0.5 0 0 0 0
0 0.5 0 0 0
0 0 0.5 0 0
0 0 0 0.5 0
0 0 0 0 0.5













,

while the other parameters are the same as in the undamped case.

The solutions of the equation of motion of the structure using the LGM for damped
and undamped states, in terms of u1(t) to u5(t), are shown in Figures 13–17 and compared
with those by the linear Newmark-β method. As for the previously discussed calculation
examples, the comparative plots prove an appropriate consistency and a high level of
accuracy of the LGM procedure.
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Figure 13. Free vibration analysis of a 5DOF system. Comparison of u1(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.

Figure 14. Free vibration analysis of a 5DOF system. Comparison of u2(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.
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Figure 15. Free vibration analysis of a 5DOF system. Comparison of u3(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.

Figure 16. Free vibration analysis of a 5DOF system. Comparison of u4(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.
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Figure 17. Free vibration analysis of a 5DOF system. Comparison of u5(t) as a function of time, as
obtained using the LGM method or the linear Newmark-β method.

It should be noted that, in the case of stochastic analysis that is interpreted classically as
a repetition of solution for different input values with defined probability density functions
(taking into account uncertainties associated with input parameters), the methods such
as Monte Carlo simulation (MCS) [60] can be easily used along with the results of LGM
method to investigate the problem in a probabilistic manner. This is due to the fact that,
in the LGM method, the solution is approximated by discretized Legendre series that can
be used as a state function in reliability analysis where no mathematical closed-form state
function can be found (e.g., through finite element method). Furthermore, such a solution
obtained from the LGM method can also be utilized with analytical reliability methods
(e.g., jointly distributed random variables method [61]) or approximate ones (e.g., first
and second-order reliability methods (FORM and SORM), point estimate method (PEM),
etc. [62]), with less computational efforts in comparison to the MCS method.

5. Conclusions

The Legendre–Galerkin matrix (LGM) method was developed in this study to solve
systems of differential equations of motion. As shown, the advantage of this spectral
method is that it converts the governing differential equation of a given problem to a
system of algebraic equations, based on a set of orthogonal Legendre polynomials. The
final solution leads to a good estimate of the solution for a system of differential equations.
In the present research study, the selected differential equations were typical of single
degree (SDOF) and multi-degree-of-freedom (MDOF) structural systems.

In order to prove the accuracy of the proposed method in the response calculation of
SDOF and MDOF structures, a number of numerical examples for damped and undamped
structural systems under free or forced vibrations were developed and discussed. When
available, exact solutions were taken into account for the comparative analysis of LGM
predictions, otherwise, the results of the numerical linear Newmark-β method were used
to verify the estimates from the developed LGM method. The overall comparative data
showed that the LGM method is of high accuracy in estimating the response of SDOF
and MDOF systems and can be thus effectively employed in the solution of fundamental
motion equations of structures.
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Abstract: This paper describes the works on foundation strengthening of the towers of the Cathedral
of St. Theresa of Avila in Subotica and the damages caused by these works. Strengthening was
performed by means of jacked-in piles and deep soil injection. The construction of the Cathedral
began in 1773 and it lasted for several decades with frequent interruptions and changes to the project.
The present appearance of the facade was created in 1912. According to historic data, several years
after construction, the cracks appeared on the front facade. With time, these cracks became more
pronounced, and in 2015, when the remediation project started, the total width of major cracks
reached about 15 cm. The first contemporary attempt to repair the towers was made in 2017 by
inserting piles beneath the foundations. These works were interrupted due to increased settlements
and the appearance of new cracks. In the second attempt, the strengthening was performed by deep
injection of soil with expansive resins. During these works, settlements and damages intensified even
more, causing the works to be halted in 2018. Analysis of the whole structure and revaluation of all
the results, obtained from continuous monitoring of settlements and crack widths from the previous
period, led to the new remediation proposal. The imperative was to retain the original appearance of
the Cathedral facades while performing the total reconstruction of the upper sections of the front
facade. This implies that the overall weight of the reconstructed parts is to be decreased, while the
strength is to be increased. Strong structural connections are planned, both among the two towers,
and between the towers and the nave. These clear structural solutions will lead to reduced stresses
within the existing brick walls, reduced contact soil pressures and ceasing of increased settlements
and tilting of the Cathedral towers.

Keywords: cathedral; foundation rehabilitation; jacked-in piles; soil injection; cracks; masonry

1. Introduction

This paper presents an overview of the activities and construction works that were
undertaken from 2015 to 2020, aimed at repair and foundation strengthening of the towers
of Cathedral of St. Theresa of Avila in Subotica. During this time, two major attempts
were made in order to stop the slow, but persistent, differential settlements of the towers.
These settlements were observed since the erection of the towers and continue to this
day. The first repair attempt consisted of jacked-in-piles beneath the towers, and the
second attempt consisted of soil injections of the polyurethane, expansive, resin (PU resin)
beneath the towers and the surrounding area. Unfortunately, both attempts failed to
stop the settlements and damages to the structure are still present, leading to the new
repair proposal.

The Cathedral is east-west oriented, Figure 1. The total length is 61 m, the width of
the nave is 21 m, the ridge is 28 m high, and the height of the tower is 54 m. In terms of
constructive and decorative elements, regarding the shape of arches and plastic treatment of
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the facades, the Cathedral has properties of a transitional Baroque-Classicist style. Two tall
monumental towers face east and lavishly decorated portal between them is crowned by
a tympanum with the sculpture of the Virgin Mary on top of it. The verticality of the
building is emphasized by multi-profiled pilasters, which are doubled at the edge of the
bell tower and simple on the ground floor; on the first floor, there are ionic capitals, below
which the garland descends, and on the second floor there are Corinthian capitals. The
windows in the fields are elongated with characteristic, unpretentious, baroque plastic.
The façade is horizontally divided into three segments. Above the entrance portal, there
are two vertical, arched, openings. The bell towers on the ground floor have rectangular
openings, and above them there are two semi-circular arched windows. The rest of the
building is less imposing. Simply profiled pilasters are rhythmically arranged along the
wall canvas, between which there are arched windows. Above the elevated part of the altar
is a crypt, and on the side, there are semi-circular sacristies and a chapel.
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According to historical data, the Cathedral of St. Theresa of Avila in Subotica was
built from 1773 to 1798. The works began according to the project of the Pest master mason
Ferenc Kaufman, to be completed according to the project of Adam Heisler in 1783. It was
built on compressible clay soil, on a site bordered by swampy troughs. From the east side,
in the north-south direction, a stream flowed until the end of the 19th century, through
which water flowed from the nearby shallow lake “Jasi-bara”. Construction proceeded
slowly with frequent changes to the project, only to be suspended in 1779, and resumed
in 1787 to 1789. The interior decoration was completed in 1803, and the copper roof
covering of the towers, which replaced the dilapidated wooden shingles, in 1839. Historic
archive data show that the construction of the building was constantly accompanied by
settlements, cracks and damage to the arches and vaults, which were repaired several times.
A newspaper article from 1879 describes the cracks that spread from the foundation to the
roof of the facade, as well as cracks in the vaults of the nave. Partial renovation of the altar
was carried out in 1888 by replacing the old sacristies with larger semi-circular sacristies
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with vestibule, staircase, and a small chapel, stiffening and stabilizing the nave arches in
the altar region.

The problem of cracks in the frontage remained relevant and attracted the attention
of eminent experts of the time, from Subotica, Pest, and Vienna. Professor Csaki Bella
from Budapest wrote in 2009 in his “Study on the assessment of the condition of the
Basilica of St. Theresa of Avila” [1] about the restoration by the engineer Toth Mihaly in
1876, who used iron ties. As he further states, due to very large horizontal forces, the ties
stretched significantly and were unable to prevent the tilting of the towers and the crack
growth. A similar idea, with ties, was given in 1883 by the famous Hungarian architect of
that time, Geza Ziegler. Traces of attempts to solve the problem of the towers tilting and
the crack growth in the frontage wall are still visible today. Out of the nine ties, placed
about 150 years ago, seven are broken and the remaining two are overly stretched and
dysfunctional. According to the writings of engineer Tot Mihaly, during 1886 to 1877
observations, cracks were measured but appropriate conclusions about the causes could
not be formed in such a short time. It was only six years later that a group of prominent
experts at the time—Pal Karvayi, Titus Macskovic, Istvan Grundbok and Geza Kocka—
came to the correct conclusion that the crack growth in the frontage was the result of very
slow and uneven settlements and tilting of towers on soft ground.

The last major intervention in the Cathedral lasted from 1909 to 1912 and included
the restoration of the outer facade with “Terranova” mortar. However, after a few years,
cracks reappeared, so the problem remained relevant throughout the 20th century, without
any measures being taken to repair them. The restoration of the facade was completed
in 1912, and since there were no major interventions since, it can be concluded that the
current total width of cracks in the crown of the frontage wall of about 15 cm is the result of
uneven settlement of the towers in the past 105 years. In 2015, a decision was made to start
planning a rehabilitation of the Cathedral. Based on calculations and previous experiences,
the initial plan to install new ties [2–5] was rejected. In 2018, an attempt was made to
reduce the soil angular pressure by jacked-in piles [6]. However, due to the implementation
technology, small, residual, successive, settlements appeared during hydraulic jack transfer
from one pile to another, which, in turn, increased the crack widths. The works were
halted, resulting in only 11 out of 16 piles being installed—six below the north tower and
five below the south tower. The settlements partially subsided after six months. After
that, according to the proposal of experts from Budapest, the soil was strengthened by
injecting expansive resins [7,8]. These works were completed but, unfortunately, instead
of stabilizing, the settlements intensified even more. Consequently, in 2019, all works
were temporary halted again, while maintaining continuous monitoring of the settlements,
crack widths, and in-depth analysis of other possible remediation strategies. Based on the
structural monitoring and additional analyses, a new solution was formed that includes
partial dismantling and reconstruction of the upper sections of the front facade wall and
of the towers. Within reconstruction, a strong structural connection is planned, among
the two towers, and between the towers and the nave. The emphasis is on retaining the
original appearance of the Cathedral facades while creating reconstructed elements that
are lighter and structurally stronger, thereby producing smaller weight and pressure on
the ground, and obtaining more favorable structural behavior overall.

2. Investigative Works That Preceded the Rehabilitation

For the purpose of the rehabilitation project, in 2015, for the first time in the long
history of the structure, detailed tests were conducted, which included soil investigations,
excavations near existing foundations, testing of bricks and mortar within the foundation
and the structure, and mapping of all cracks and damages [5], Figures 2–4.
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Figure 2 shows the large cracks that developed on the frontal facade. At present, these
cracks have a maximum width of approximately 19 cm, and they spread over the full
thickness of the wall, over the whole crack lengths.

Installation of crack meters, inclinometers, geodetic markers and measurements, and
complete recording of the geometry and condition of the structure and materials of the
building were made. As part of soil-mechanic tests, six static penetrations 16 to 21 m deep,
and four boreholes of 15 m were made, from which samples were taken. Laboratory tests
have shown that the soil profile, up to a depth of 9 m, consists of low/medium plastic soft
clay (CL-CI), below which is a layer of sand (SF) 1.8 to 2 m thick (Figure 5).
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Figure 5. All penetration tests next to the towers (left) and average of all tests (right) [5].

After that, clays reappear, ending above a layer of compacted sand at a depth of
18 to 20 m. According to historic data, this location in the past was bordered by swampy
troughs and canals, which is indicated by the presence of muddy and marshy impurities in
the upper parts of the terrain. According to limited piezometric measurements (Figure 6),
the groundwater depth is at 3.2 to 4.2 m from the ground level around the Cathedral
(112.6 m MASL).

Based on the excavations, the depth of the foundation of the northern tower is ap-
proximately 2.5 m, while at the southern tower, it is at approximately 3.0 m. Testing of
the bricks from the foundation wall showed that their compressive strength ranges from
1.3 to 2.0 MPa. The bottom parts, the footings, of the tower foundations have a surface of
approximately 8 × 8 m, and a thickness of 2.0 m, and were made from an uneven mixture
of lime concrete with sand and irregular pieces of larger and smaller bricks and sandstone
rocks, Figure 7.
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Figure 6. Results of groundwater level monitoring around the Cathedral [5].
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Lime concrete was used in construction approximately 5000 years before cement; it
is characterized by significantly lower compressive strength and greater plasticity than
cement concrete. These properties make it able to withstand large and long-term deforma-
tions before cracks appear. Lime concrete is also very hygroscopic, which is why it turns
into a soft mass when cut or drilled with water cooling. The strength of lime concrete used
in this structure could not be tested, but based on its resistance to impact and breakage
of parts, it could be concluded that it is slightly higher than the compressive strength of
bricks within the structure.

It is interesting to note that, despite the significant damage to the Cathedral (Figure 8)
caused by long-lasting and uneven settlements, there are no written traces that geodetic
measurements were ever performed in the previous 100 to 150 years. Except for the state
markers in the front wall of the south tower, there was no other geodetic markers on the
building. Therefore, for the purpose settlements monitoring of the Cathedral, about 30 new
geodetic markers were installed in the outer walls and two adjacent ones on old buildings
nearby. These geodetic markers form a stable and highly accurate levelling network. In
order to analyse the inclination of the towers, in 2016, a geodetic measurement of the
verticality of the south wall edges of the south tower and the north wall edges of the north
tower was performed (Figure 9), between elevation H = 131 to 136 m. The + X axis is in the
south direction, and the + Y is in the west direction. I1 and I4 are the edges of the south
tower, while I2 and I3 are of the north tower [9,10].

32



Appl. Sci. 2021, 11, 5201Appl. Sci. 2021, 11, x 7 of 23 
 

 
Figure 8. Characteristic damages: facade wall, tower wall cladding, cracks in the nave vaults. 

 
Figure 9. Linear interpolation of observed points on tower lining [9]. 

Linear interpolation of observed points on the tower edges show the inclination, 
namely the lining I1–I4 of the south tower to the south by X = 3.79 mm/m, and the lining 
I2–I3 of the north tower to the north by X = 1.33 mm/m, or divergence of 5.12 mm/m. At 
the same time, both towers lean to the east about Y = 2.16–2.88 mm/m. At the height of 
the crown of the frontage wall at 27.0 m (elevation 137.5 m), the spacing of the towers is 
about X = 27 × 0.512 = 13.8 cm, which is slightly less than 15 cm, which is approximately 
the sum of the measured cracks width at the crown of the frontage wall. 

D
Y

= 
-2

.1
6

H
+ 

28
3.

58
R²

 =
 0

.8
8D

Y
= 

-2
.8

8
H

+ 
37

5.
85

R²
 =

 0
.8

5

-20 -15 -10 -5 0
131

132

133

134

135

136

East DY (mm)           West                     

El
ev

at
io

n 
(m

)

I1-I4 : Y I2-I3 : Y

Y
Z

D
X

= 
-3

.7
9

H
+ 

49
6.

06
R²

 =
 0

.9
1

D
X

= 
1.

34
x -

17
5.

42
R²

 =
 0

.7
1

-20 -10 0 10 20
131

132

133

134

135

136

South      DX  (mm)        North

El
ev

at
io

n 
(m

)

I1-I4 : X I2-I3 : X

X
Z

Figure 8. Characteristic damages: facade wall, tower wall cladding, cracks in the nave vaults.
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Figure 9. Linear interpolation of observed points on tower lining [9].

Linear interpolation of observed points on the tower edges show the inclination,
namely the lining I1–I4 of the south tower to the south by θX = 3.79 mm/m, and the lining
I2–I3 of the north tower to the north by θX = 1.33 mm/m, or divergence of 5.12 mm/m. At
the same time, both towers lean to the east about θY = 2.16–2.88 mm/m. At the height of
the crown of the frontage wall at 27.0 m (elevation 137.5 m), the spacing of the towers is
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about ∆X = 27 × 0.512 = 13.8 cm, which is slightly less than 15 cm, which is approximately
the sum of the measured cracks width at the crown of the frontage wall.

3. Analysis and Interpretation of Measurement Results

3.1. Soil Properties

Based on soil investigation, the ground at the location of the Cathedral consists of
low-plastic clay which extends to a depth of about 18 to 20 m and is cut at a depth of about
9 to 9.5 m with a 1.8 to 2 m thick layer of sand. Based on laboratory tests, the compressibility
of clay, at a depth between 2.5 to 5.0 m, because of the effect of pre-consolidation, reaches
the highest values, of a range between 7.0 and 9.0 MPa. At other depths, the modulus is
significantly smaller, between 3.1 and 4.8 MPa.

According to the analysis, the weight of the individual tower is up to V = 32.0 MN,
and the height of the centre of gravity is about Zt = 15.0 m. The average pressure below the
quadratic foundation footing B = 8.0 m is q = 500 kPa. When the pressure on the ground
is known, the settlement of the tower can be determined through the method of one-
dimensional deformation, and since the foundation is rigid, the settlement is determined
by the equivalent point of the foundation.

The soil compressibility modules were adopted by the correlation with one penetra-
tion resistance, using a simplified diagram of mean values on Figure 10. The calculated
settlement is about s = 25 cm.
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For further analysis, using the calculated settlement of the tower, the average modulus
of elasticity was determined by the following analytical expression [12]:

s = qB
1 − ν′2

E′

(

I3 +
1 − 2ν′

1 − ν′
I2

)

I1 , ν′ = 0.3 (1)

H

B
= 1.63,

D

B
= 0.25 (2)

In the above expression, I1 = 0.8 is the embedment depth ratio, I2 = 0.24 is the shape
ratio, and I3 = 0.07 is the layer thickness ratio. The thickness of the compressible layer is
the depth at which the vertical stress from the influence of the foundation is less than 10%
of the effective stress due to the self-weight of the soil. The average modulus of elasticity
of a deformable layer of thickness H, based on the above expression, is E′ = 3.2 MPa. The
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corresponding modulus of compressibility of the layer of D′ = 4.3 MPa was determined by
the following well-known expression:

D′ = E′

(

1 −
2ν′2

(1 − ν′)

)

(3)

An important data for the analysis is the eccentricity of the towers center of gravity
(ex, ey) in relation to the foundation joint, which is determined based on the height of the
centre of gravity Zt and geodetically measured inclination of the towers θ (Table 1).

Table 1. Measured eccentricities of the towers ex and ey.

South Tower of the Cathedral North Tower of the Cathedral

θx

(mm/m)
θy

(mm/m)
ex

(mm)
ey

(mm)
θx

(mm/m)
θy

(mm/m)
ex

(mm)
ey

(mm)

−3.79 −2.16 −57 −32 1.33 −2.88 20 −43

In the next step, based on the inversely calculated modulus of elasticity E′ = 3.2 MPa
of the soil layer and measured eccentricities of the towers (ex, ey), the inclinations (θx, θy) of
the towers can be calculated by analytical expression [13], as shown in Table 2.

θx,y =
1 − ν′

2

E′

V·ey,x

B2L
Iθ , Iθ = 4.17 (4)

Table 2. Calculated inclination of the towers θx and θy.

South Tower of the Cathedral North Tower of the Cathedral

θx

(mm/m)
θy

(mm/m)
ex

(mm)
ey

(mm)
θx

(mm/m)
θy

(mm/m)
ex

(mm)
ey

(mm)

−4.22 −2.41 −57 −32 1.48 −3.21 20 −43

When the divergence of the towers at the height of the frontage is calculated, by
applying data from Table 2, the value ∆X = 27(2.41/1000 + 3.21/1000) = 0.154 m is obtained,
which is a very good approach to the geodetically determined size ∆X = 13.8 cm and the
approximate sum of measured crack widths at the crown of the frontage of about 15.0 cm.

The previous analysis shows good agreement between measured and calculated dis-
placements. Ultimately, this indicates that, with the parameters of soil modulus determined
in the laboratory and from field tests, the interaction of the object and the foundation soil
can be reliably modelled.

It is also interesting to analyse the critical height of the centre of gravity of the tower,
which can be estimated based on the following expression [14]:

Zt,cr =
E′

(

1 − ν′2
)

Iθ

B2L

V
, Iθ = 4.17 (5)

The calculated critical height is about 13.5 m, which is close to Zt = 15.0 m. The critical
height of the structure centre of gravity is the height at which even a very small, horizontal
force, relative to the structure weight, causes a large increase in stress and deformation in
the ground, and thus endangers the stability of the structure. This is corroborated by the
measured and visually noticeable damages on the Cathedral, based on cracks in the front
facade wall, on the longitudinal facade walls of the Cathedral nave, arches, etc.
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3.2. Numerical Modelling

In order to investigate the influence of arch forces, assumed to have caused the initial
tilting of the towers, a 3D numerical model of the Cathedral structure was created with
discontinuities at the locations of major existing cracks of the facade wall, the joints between
the tower and the nave, internal arches, and vaults. Figure 11 depicts the general shape
of the model, while Figure 12 depicts the FE mesh of the Cathedral and the surrounding
soil that was taken into account for the calculations. The FE analysis was performed with
software Ansys® Academic Teaching Mechanical, Release 17.
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The masonry was simulated with the SOLID65, 3D element type from the Ansys
Element Library, while for the soil, the SOLID185 element was used. Special attention
was devoted to finding an adequate FE mesh, in order to optimize the accuracy of the
results, convergence and hardware limitations. As a result, the masonry was modelled
with 45,115 elements, and the soil with 192,070 elements, 237,185 elements in total. Timber
elements of the Cathedral roof structure were introduced as loads applied on the locations
that represent support points for the real structure. Compared to the rest of the structure,
these structures have relatively small effects. The bell section of each tower has a weight of
37.5 tons compared to the total weight of each tower, which is 3200 tons. The weight of the
roof over the nave is 225 tons, compared to the total weight of the nave of approximately
7000 tons. Since the numerical model is relatively large, material nonlinearities were
utilized only for the soil. The masonry was modelled with the linear material model,
without cracking. The effect of the existing cracks was introduced in the form of voids that
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extend throughout the walls. This simplification was adopted after the series of simulations
with material nonlinear models both for the masonry and for the soil proved to be too
demanding for hardware that was available at the time. On the other hand, the results
obtained from the simplified model have a good agreement with the damages observed
on the structure itself. The soil was modelled with the Mohr–Coulomb material model.
The numerical values used for the definition of this material model were obtained from
numerous in situ soil testing, laboratory testing of the soil samples from the site and for the
modulus of elasticity, as shown in Section 3.1 of this paper. The boundary conditions on
the outer surfaces of the soil, Figure 12, were defined to have no displacements.

Overall calculations related to this structure consisted of both static and dynamic
analysis, but for the purpose of this paper, the results showed here are related to the
effects of self-weight, which govern the damaging long-term settlements that led to such
extreme cracks observed on the Cathedral. Figures 13–17 therefore all show the effects of
the permanent gravity loads on the structure.

–

Figure 13. Vertical contact stresses in the soil at the idealized (flat) bottom surface (N/m2).
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Calculations have shown (Figures 13 and 14) that the maximum edge pressure is
below the southeast and northeast corners of the tower, and is about 816 kPa, which is
much greater than the centric stress. The divergence of the towers is about 6.0 mm/m.
Although the 3D model is a rough approximation of the actual condition in the structure
and soil, the results of static calculation agree well with the results of visual observation of
what happens to the object and measurement results, which is a good starting point for
determining the methodology of structural rehabilitation.

4. Considered Variants of Foundation Rehabilitation

Based on the analysis of the measurement results and performed calculations, it is
concluded that the primary cause of the problem with the Cathedral towers is the unusually
high pressure on the layer of compressible clay, which caused large consolidation settlement.
Another reason is the eccentric load on the foundation, which caused the towers to tilt.
These two quantities are cause-and-effect, because eccentricity causes inclination and
inclination increases eccentricity, etc. In addition, the critical height of the centre of gravity
makes the structure sensitive and unstable to the effects of relatively small horizontal forces.
Starting from the assumption that the cause of the problem is high pressure on the ground
and eccentricity of the load, it is logical that the solution is to reduce the weight and pressure
on the ground, strengthen the soil and tighten the towers. One “obvious” strategy for
tightening the towers is to apply steel ties, anchored in the large hidden anchor blocks that
would not disturb or change the appearance of the front facade. However, the lessons from
previous, historic experiences with ties within this structure, and the fact that this structure
is a high masonry building, not resistant to bending, raises reasonable suspicion that
further settlement due to creep would compromise this solution with excessive stretching
of ties and horizontal cracks in the tower walls. Additionally, this solution cannot solve the
problem of the towers tilting eastwards, away from the nave. Hawing this in mind, it is
much more appropriate to tighten the towers with a strong, massive, reinforced concrete
(RC) frame that would be hidden beneath the facade, Figure 18.
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Figure 18. Proposed RC frame.

The additional (hidden) RC frame was supposed to be joined with the existing ma-
sonry by installing a series of anchors. The size of the RC frame, and the dimensions of
interaction surfaces, combined with the anchors, was expected to ensure the joint work
of the old and the new structure. With additional structural elements, this RC frame can
be joined with the nave, therefore utilizing its mass to counteract the eastward tilting of
the towers. On the downside, this strategy raises the issue of increased additional weight
and increased pressure on the ground. Hawing in mind all the above, it was concluded
that this type of tightening must be combined with partial soil reinforcement, to exclude
further soil deformations.

Two possibilities of increasing the bearing capacity of the soil were considered, one of
which was “jet-grouting” technology, and the other was the injection of steel piles under
the foundation. Both methods belong to invasive construction technologies, since they
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require temporary and local weakening of foundations and soil through digging, drilling,
and grouting. Given the tendency of lime concrete to soften due to fluid drilling, and
the significantly higher price, instead of jet-grouting, the preference was given to the
installation of jacked-in piles (“mega-piles”).

Following the detail analysis of all the above-mentioned aspects of this problem,
an additional proposal was formed that would lead to reduced pressure on the ground,
while increasing the overall structural strength. This would have to include a partial
dismantling of the upper sections of the towers, which would then be reconstructed with
all the necessary strengthening elements and reduced weight—see Figure 19. The initial
calculations showed that the pressure reduction would be approximatively 15 to 20%.
This solution is also supported by the fact that several large structural elements of the
front facade were planned for total reconstruction even before the increased settlements
raised the question of the structural stability of the towers, such as: the dilapidated roof
structure of the tower and the middle section of the facade wall that currently has extremely
large cracks and damages. Additionally, new bell carriers, platforms and internal tower
stairways need to be built. The major advantage of this strategy is that it allows for the
possibility of unhindered construction of the powerful reinforced concrete frame that
would connect the towers themselves, and the towers with the nave of the Cathedral. From
a structural point of view, this solution is clean, simple, and durable, it does not require soil
reinforcement or the installation of steel ties and anchor blocks, and lastly, it is affordable.
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However, since the Cathedral represents a significant cultural heritage monument,
this solution was initially put on hold, until other strengthening strategies, however few,
are explored.

4.1. Construction of the Jacked-in Piles (Mega-piles) Beneath the Foundation and Its Consequences

The underlaying idea of strengthening the soil with jacked-in piles was based on
improving the bearing capacity of the soil beneath the two outer edges of the tower
foundations. The calculation showed that in this way, with a relatively small force in the
piles, the angular pressure on the ground could be reduced and thus stop the further tilting
of the towers. There were four piles planned along the outer edges of the tower foundation,
i.e., a total of eight piles under each tower (Figure 20).
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Figure 20. Layout of the piles below the foundations of the towers.

Each pile consists of several steel segments–cylinders with a diameter of 323 mm and
a height of 500 mm. In order to install the piles, a narrow trench was excavated next to
the foundation. From this trench, the working space (“a gallery”) within the foundation
was excavated, 1.3 m high, 1.0 m wide and 0.8 m deep. The galleries were excavated in
succession—the work on the new pile did not start before the previous one was activated.
Relative to the total foundation area of 128 m3, one such gallery represented less than
1%. Inside the gallery, a steel frame and a hydraulic jack were placed. The hydraulic jack
was used to press steel cylinders, one by one, into the ground beneath. The initial steel
cylinder of each pile was formed with a conical tip. All segments were welded to each other
continuously along the circumference. The piles were pressed all the way down to the
layer of sand, where the pressing force was limited to 0.74 MN, so as not to cause a shear
fracture in the lime concrete foundation footing above the pile. The resistance diagram of
piles being pressed into the ground is shown in Figure 21, and it is very similar to the tip
resistance (CPT) in Figure 5.
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Figure 21. Measured resistances on the hydraulic jacks when pressing piles.
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During the works on the pile installation, monitoring of the geodetic markers move-
ment was continuous in order to prevent negative effects that can accompany this foun-
dation strengthening method. Initial, “zero”, recording was performed on 6 March 2017
and the first pile was installed on 9 March 2017. After the installation of the last pile
segment, the gap between the steel frame and the pile is wedged, the hydraulic jack is
removed and the working gallery is concreted. It is of the utmost importance that the
wedge is locked adequately, so that the drop in pile force after removing the hydraulic
jack is minimized. Due to the geodetic measurements, after installation of a few piles,
a settlement of 1 to 2 mm order of magnitude was observed. As the work progressed,
this became increasingly intense with each new pile. The settlement was accompanied
by the appearance of new cracks and expansion of the existing ones. Consequently, on
2 April 2017, after the installation of 11 piles, the works were stopped, without piles num-
ber 2, 5, 6, 11 and 14 being installed. Geodetic measurements showed that the settlements
on both towers reached values between 6 and 8 mm. The inclination of the south tower
was increased by 0.4 mm/m and the north by 0.6 mm/m, while the inclination of both
towers from the nave were increased by 0.4 mm/m. The total crack width was increased by
approximately 4 cm, from 15 to 19 cm. After the cessation of the works, the measurement
of the settlement continued on a monthly basis. It was determined that the settlement rate
gradually calmed down within the next nine months and, by the end of the year, it fell
below geodetic accuracy. In the meantime, possible causes of unsuccessful remediation
were analysed, and it was concluded that it was most likely due to a multiple cause, such
as sensitivity to weakening of the foundation, vibration of the pneumatic hammer during
gallery excavation and slight loosening of the wedges.

4.2. Injection of Polyurethane Resins into the Foundation Soil and Its Consequences

The negative experience with the jacked-in piles ruled out solutions that would include
interventions/strengthening on the foundations themselves and reaffirmed the idea of
reducing the weight of the towers, as well as the idea of adding massive side apses with
pile foundations to stabilize the towers. Figure 1a depicts the present appearance of the
front facade, and Figure 22 depicts the remediation proposal with additional massive apses.
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However, such solutions were not in accordance with the existing restoration guide-
lines for cultural monuments protection and therefore were not accepted. At the investors
request, an expert team from Budapest proposed, in October 2017, the stabilization of the
towers by means of deep grouting of soil with polyurethane expanding resin. During
penetration and expansion, the resin exerts pressure on surrounding soil, and creates and
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penetrates cracks in the form of a branched root. This method was originally developed
by the oil industry to increase the yield of wells, while in geotechnics it has been adapted
for the purpose of precise remediation of settlement under structures. Based on their
experiences on similar objects that were also damaged by excessive settlement, the expert
team guaranteed the cessation of the settlement with local uplift of the structure and/or
surrounding terrain in the order of magnitude up to 0.5 mm. The injection was performed
through long steel pipes with a 12 mm diameter. During the injection procedure, upward
movement of the geodetic wall markers is considered to be a proof of successful soil stabi-
lization. The project envisaged the stabilization of the ground beneath the northern and
then beneath the southern tower, at 2 × 92 injection points at a depth of 2, 3, 4, 5, 6, 7, 8, 9
and 10 m, measured from the ground surface. The external injection points were placed in
three rows, the first row along the wall, the second and third row at a distance of 1 m and
2 m from the wall, respectively. The internal injection points were placed only in one row
along the inner walls—see Figure 23. First, the outer row was injected at a distance of 2 m,
then the row at a distance of 1 m, and finally, the rows directly next to the tower wall on the
outside and on the inside. The downward direction of injection along the wall is sloping
at an 8◦ angle towards the wall, while the other directions are vertical. The works lasted
from February to August 2018. According to an approximate calculation, the volume of
injection mass per injection point, after expansion, is about 0.17 m3, or a total of 15.5 m3 for
each tower. If the average injection radius is about 0.3 m, then in relation to the affected
soil volume around the injection pipe, the initial soil porosity of about 0.45 should have
been reduced by about 15%.
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To determine the effect of injection, a continuous test of the soil with dynamic pen-
etrometers was performed, at four locations before and after injection, Figure 24.

Based on comparative diagrams, at depths below 3 m, a certain increase in soil
resistance is observed beneath both towers as a result of injection. Increasing the penetration
resistance means that in a certain region of the soil around the foundation, the strength
and stiffness of the soil are increased, which should have favourable consequences on
the foundation bearing capacity. However, contrary to expectations, very soon after the
beginning of the soil injection, next to north tower, an increase in settlement and the
appearance of new cracks in the walls and arches of the Cathedral nave was observed.
These effects were significantly less favourable than the ones observed during jacked-in
piling. Based on the assumption that the settlement was the result of a large increase in pore
pressure and a decrease in effective stresses in the clay, the contractor reduced the injection
speed, which prolonged the works. Despite this, the settlement continued at a lower
intensity. In order to gain an insight into settlement dynamics, geodetic measurements
were performed during and after the injection for 12 h straight, with final measurement
conducted 24 h after the injection. The geodetic markers were measured on the south tower,
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above the injection point next to the wall. Settlement from 10 July 2018, at 08:42, until the
next day, 11 July 2018, at 07:49 are shown in Figure 25.
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Figure 24. Results of penetration tests before and after soil injection.
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Figure 25. Movements of geodetic markers A-20 and A-21 during and after injection.

The geodetic markers were measured eight times during working hours, and the
ninth measurement was on the next day, shortly before the next injection session continued.
According to the diagram, the markers showed upward movement that had a peak during
the injection of 0.21 to 0.25 mm, but after injection ceased, the markers began to move
downward. After 24 h, out of 0.25 mm rise, only 0.01 mm remained on the marker A-21.
The marker A-20 showed a downward movement of 0.03 mm, after reaching 0.21 mm of
upward movement. Based on the shape of the displacement curve, it can be concluded
that, despite the initial rise during injection, both markers eventually have some settlement.
Although the individual settlements are very small, when superimposed for each injection
point (2 × 92 points), settlements of 8 to 10 mm were observed. In other words, during and
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after polyurethane resins injection, soil with reduced permeability, instead of increasing
the soil volume around the injection zone, showed a permanent reduction [15].

The results of geodetic marker settlement measurements, during and after the comple-
tion of rehabilitation works, are shown in Figure 18. Geodetic measurements covered a
period of about 2.5 years, after the completion of the rehabilitation works, and as it can
be seen, the total settlement of the north tower geodetic markers is between 5 and 27 mm,
and the south between 13 and 22 mm. Uneven settlement indicates the inclination of the
towers, the direction of which is indicated by the arrows in Figure 26.
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Figure 26. Diagrams of geodetic markers settlement during and after remediation works.

During the installation of the jacked-in piles, the geodetic markers on both towers
showed approximately the same level of settlement, 6 to 11 mm. After the soil injection
with polyurethane expanding resin was completed, these settlements increased to 11 to
22 mm for the northern, and to 11 to 19 mm for the southern tower. Approximatively
2.5 years after injection, settlements increased by an average of an additional 4 mm for
the north tower and 3 mm for the south tower, meaning that neither piles nor grouting
stopped the settlements.

Figure 27 shows the average settlement and the average settlement increment of
the geodetic markers. It is evident that, as with the settlements (Figure 26), the average
settlements of the northern tower, which was founded at a depth of 2.5 m, are about 4 mm
larger than the ones of the southern tower, which is founded at a depth of 3.0 m from the
surface around the Cathedral.

After the completion of the injection of piles, which was followed by very intensive
settlement, the average settlement rate slowed down and practically stabilized at about
0.07 mm/month in both towers. However, when the injection of soil under the north
tower began, the settlement of the north tower accelerated, while on the south tower the
rate of settlement remained the same. It was only when the injections under the south
tower began that its settlement also accelerated. The injection process was accompanied
by intense settlement, which began to slow down only after completion of the works.
After about a year, the settlement of both towers has stabilized, with the northern tower
at about 0.08 mm/month and the southern tower at about 0.05 mm/month. While after
the installation of the piles, the settlement rate of both towers remained the same, after
the injection, the rate of the north tower was about 50% higher than the settlement rate of
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the south tower. The last measurement, which was performed in January 2021, showed
an increase in the settlement rate, which is more clearly seen in Figure 19, where the
settlement increments are shown in two consecutive measurements. The reason for that is
the earthquake in Croatia in December 2020, which was also felt in Subotica, in the period
between two geodetic measurements. The diagram showing the increments of the average
settlement clearly shows that there was a tendency to decrease, which was disturbed by
the seismic actions.
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Figure 27. Diagrams of average settlement and average increment of settlement.

In order to explain the measured monthly settlement of towers of 0.05 to 0.08 mm/month
(Figure 27), it should be noted that the settlement on clay consists of three components: instan-
taneous settlement, settlement due to primary consolidation and settlement due to secondary
compression (creep). Having in mind the construction time, the first two components were
completed, so only the settlement due to creep remained. Based on the time required to
complete settlement due to primary consolidation of about t100 = 6.0 years and the secondary
compression index Cα which can be estimated by compressibility index Cc = 0.18, from the
oedometric test (Mesri and Godlewski, 1977), the settlement due to creep from 1912 to 2017,
or for about 105 years, is:

Ssc =
∫ H

0
Cαlog

t

t100
dz =

∫ 13

0

0.04Cc

1 + e
log

t

t100
dz =

∫ 13

0

0.04·0.18
1 + 0.8

log
105
6

dz = 0.064 (6)

If the settlement due to creep for t = 105 years is about 64 mm, then the average
monthly settlement due to creep is about:

Ssc =
0.064·1000

105·12
= 0.051mm/mes (7)

The calculated size of 0.051 mm/month approximately corresponds to the order of
magnitude of the measured monthly settlement of the towers, which is shown in Figure 19.

4.3. Discussion and Possible Future Research Directions

For the reconstruction and strengthening of the Cathedral structure to be successful, it
was extremely important to determine, beyond any doubt, the governing cause of its current
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damages. By unifying all the findings from the available historic data, and reconstruction
efforts since 2015, it was concluded that the damages were caused by extremely high
contact stresses in the soil which still cause steady and relatively uniform settlements. This
fact directed the remediation proposals towards very invasive measures, but ones that are
deemed unavoidable—partial dismantling of the towers followed by their reconstruction.
The reconstruction is to be completed in such a way that the outer appearance remains
the same but with the lighter and stronger structure. This type of reconstruction measure
would reduce the soil pressures, and consequently future settlements, so that they cause
no more damage to the structure.

Prior to the final decision regarding the acceptance of the proposed solution, all other
aspects of the reconstruction must be explored. In recent years, there were several structures,
similar to this one, that have undergone major repair and strengthening works and that
could be used as examples of good practice. One of these is the strengthening of the ancient
masonry tower in Torre Orsaia (Italy), [16]. The authors of this reconstruction managed
to achieve sufficient strengthening without applying very invasive techniques. A similar
example is the restoration of the “Carmine Maggiore” bell tower in Naples (Italy), [17].
Apart from the damages caused by the passage of time, most of the damages on this
tower were caused by earthquakes, while no damages were observed or attributed to the
foundation structure. Both examples are characterized by minimization of the structural
interventions, which should always be the goal when dealing with historic buildings.
On the other hand, in both cases, there were no severe damages caused by increased
and uneven settlements, so this gave more freedom for the strengthening techniques to
be chosen.

Future research and investigations that could help with making a final decision
related to the strengthening technique should utilize some of the recent analysis tools
that were proposed. Since the Cathedral, in its current state, is very sensitive, even to
the smallest uneven settlements, the ground water level can induce some negative effects
on the dynamic properties of the towers, and therefore reduce its current capacity to
resist seismic forces. Provided that current measurement methods are improved with
the addition of accelerometers and other long-term monitoring devices, some simplified,
low-cost methods to evaluate the dynamic soil–structure interaction for varying ground
levels are available [18] that are also non-destructive and based on neural networks.

The numerical analysis shown in this paper was focused on the general understanding
of the mechanisms that lead to the current state of the structure and it utilized nonlinear
material models only for the soil, while the masonry was modelled with linear materials.
Some recent studies, such as the evaluation of the seismic vulnerability of the Trani Cathe-
dral’s bell tower (Italy) [19], showed good results by combining sophisticated numerical
modelling and experimentally obtained measurements. A seismic risk study shown for
the Norman tower of Craco in Matera (Italy) [20] proposes the simplified and versatile
procedure for the seismic risk evaluation of historic buildings.

Even though the excessive damage, observed on the masonry, is caused by the weak
foundations and not by the masonry itself, it was found that the quality of the masonry
and the mortar is very inconsistent throughout the Cathedral. These material properties,
combined with construction imperfections, make the estimation of the load-bearing capac-
ity for these masonry elements very difficult. The application of artificial neural networks
can be applied for this task as well [21]. Most of the parameters for this approach to be
applied can be found in previous analyses and material tests. This approach would require
additional tests for masonry stiffness and tensile strength of the masonry, but these tests
would be generally beneficial, so they should be conducted.

5. Conclusions

Considering the historic data related to the Cathedral, registered damages, results
of geodetic measurements and experiences gained from rehabilitation works, it can be
concluded that this is a very complex problem of interaction between a very heavy object
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on one side and a poorly load-bearing base on the other. From the professional point of
view, it is safe to say that, in this case, an inadequate foundation system was applied, and
that instead of shallow foundation, it was obviously necessary to apply deep foundation
on piles. It is not clear why the builders of that time opted for shallow foundations of
relatively heavy and high Cathedral towers, which caused very high contact stresses on
the soft water-saturated clay base, when adequate knowledge, experience and means for
installing piles existed at that time.

The paper shows that in terms of calculated settlements and low soil compressibility,
the centre of gravity of the towers is close to the critical height, making them very sensitive
to relatively small side effects. The result of such relations, in the long run, causes uneven
settlements and progressive tilting of the towers. This is clearly shown by the continuously
increasing width of cracks on the front facade wall, which, in the present form, appeared
after the restoration of the facade in 1912, and continued to grow until the rehabilitation
work attempts during 2017 and 2018, and to this day.

The results of geodetic measurements and geotechnical calculations also showed
that the foundations of the towers are exposed to the process of very small but constant
settlements due to soil creep. Such settlements, over a long period of time and eccentric
loading, cause progressive tilting of the towers and the propagation of cracks. This process,
due to its nature, cannot be stopped by itself, but will only accelerate and worsen the
general condition of the building over time.

The inclination of the towers, weak construction of the foundation footings, very
high contact stresses in the soil, and a relatively low soil permeability indisputably con-
tributed to the rehabilitation failures, which themselves were also significantly invasive in
character. Intensive, continuous measurements during one of the PU resin soil injection
sessions showed that the towers initially moved upwards, but this was followed by a
slower downward movement, therefore rendering this approach not only ineffective but
also damaging.

All of this leads to the conclusion that the solution for rehabilitation should not be
sought in the soil, but in reducing the weight of the towers, i.e., reducing the pressure on
the ground. Of course, due to the nature of creep, reducing the weight of an object cannot
completely stop settlement, but it can significantly slow it down.

Partial dismantling of the towers, their interconnection and connection to the nave
of the Cathedral by means of a powerful reinforced concrete frame, followed by their
rebuilding with lighter materials, preserving the current appearance, can solve the problem
of cracks in the long run with a radical extension of the service life.
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Abstract: Experimental wind tunnel test results are affected by acquisition times because extreme
pressure peak statistics depend on the length of acquisition records. This is also true for dynamic tests
on aeroelastic models where the structural response of the scale model is affected by aerodynamic
damping and by random vortex shedding. This paper investigates the acquisition time dependence
of linear transformation through singular value decomposition (SVD) and its correlation with floor
accelerometric signals acquired during wind tunnel aeroelastic testing of a scale model high-rise
building. Particular attention was given to the variability of eigenvectors, singular values and the
correlation coefficient for two wind angles and thirteen different wind velocities. The cumulative
distribution function of empirical magnitudes was fitted with numerical cumulative density function
(CDF). Kolmogorov–Smirnov test results are also discussed.

Keywords: aeroelastic experiments; experimental uncertainty; singular value decomposition; corre-
lation field

1. Introduction

Uncertainty related to experiments with scale models is an issue which is currently
being discussed by the international scientific community. The reason for this is that codes
of practice do not give experimental protocols [1,2] and that scientific literature focuses on
specific cases. Error propagation due to the small scale of experimental models is known
to affect results at the prototype scale [3–8].

The most common experimental errors can be grouped in three families: instrumental
error, inaccuracy error and random repetitiveness error. Instrumental error is due to
the limits of the instrument and is checked before the experiment is set up [3]. This
is an awareness error and is commonly taken into account. Inaccuracy errors can be
due to several aspects such as the inaccuracy of the model, inaccuracy when performing
experiments and others. The small scale of the models [9] used for wind tunnel tests
generally causes the most common inaccuracy errors. Small scales may cause loss of
important details or undesired asymmetries or scaling inaccuracy due to the Reynolds
number effects. However, the modern technology in the field of the 3D printer and
control systems reduces the inaccuracy due to the model geometry. The situation for the
Reynolds number effects is different because this is a long-standing problem that should
be investigated by repeating tests many times.

The last family of experimental errors, random repetitiveness errors, is the hardest
to check or to plan before experiments because it depends primarily on the amount of
time and economic resources available for experiments. It is well known that the number
of repetitions of experiments affects results at the prototype scale [3–5]. This is partic-
ularly relevant in the case of experiments that cannot be totally automated. Rizzo and
Caracoglia (2018) [4] showed that the number of repetitions affects flutter critical velocity
estimation during wind tunnel aeroelastic tests. Rizzo et al. (2020) [3] showed that the
number of experiment repetitions affects dynamic identification of an aeroelastic model
and consequently affects the prediction of magnitudes at the prototype scale.
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Acquisition time is another important aspect to take into account during dynamic
experiments. Acquisition time in the wind tunnel is a relevant issue for both pressure
and force tests and for aeroelastic tests. This dependence is discussed in literature with
particular relevance to peak statistics. The maxima and minima of a random process
depend on the recorded time history length. Most analytical models used to predict peak
factors are affected by this aspect [10–20]. In the case of dynamic experiments, where
structural response is affected by nonlinearity and vorticity, model vibration is related to
acquisition time length even if recording processes in the wind tunnel are mostly stationary.

This paper discusses the acquisition time dependence of wind-induced floor accel-
eration on a scale model high-rise building. Individual values, eigenvectors and floor
acceleration correlations between different levels and wind angles are assumed as signifi-
cant magnitudes in order to have a measure of variability due to acquisition time length.

The complete recorded processes of floor accelerations at different levels of a high-rise
building scale model were subdivided into random sub-processes. The variability of the
singular values, eigenvectors and correlation coefficients is discussed.

Sections 2 and 3 discuss the structural setup of the prototype, the experimental model
scaling and construction procedure and, finally, the wind tunnel aeroelastic tests. Section 4
discusses the acquisition time dependence of the individual values and of the wind induced
floor acceleration correlation coefficient between both different levels of the building and
different wind directions.

2. Structural and the Experimental Setup

The building being investigated is a 60-floor high-rise building with a cruciform plan
inscribable in a 138.1 × 138.1 m square. Total height is 300 m, and the main structure is made
of steel columns and reinforced concrete walls. Floors are made of truss steel structures, and
slabs change their dimensions alternately from one floor to another. Structural elements
were designed according to [1,2] through a finite element method (FEM) model illustrated
in Figure 1a.

–

  
(a) (b) 

0° 

90° 

Wind tunnel 

floor 

Sensors 

Figure 1. Structural (a) and experimental (b) setup.

The first two natural frequencies, estimated through modal analyses, are horizontal,
along X and Y, and equal to 0.12 Hz (Y) and 0.13 Hz (X). The structural damping ratio was
assumed equal to 1.3%. Estimated mean wind velocity at the top of the building, vm was
48.5 m/s for TR0 = 50 years [1].

A scaled model to carry out aeroelastic wind tunnel experiments was designed and
constructed according to the aeroelastic scaling procedure given by [9]. Velocity scale was
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calibrated to obtain a value of 5.9 m/s (a prototype scale 48.5 m/s considering the blockage
correction) at the top of the model. The first natural frequency and mass were 5.86 Hz and
7.95 kg. Scaling values are: λL = 2.50 × 10−3 (a geometric scale of 1:400), λV = 0.12 (velocity
scale), λa= 5.93 (acceleration scale), λη = 48.71 (frequency scale), λm = 1.56 · 10−8 (mass
scale), λI,m = 9.76 × 10−4 (inertia scale) and, finally, λt = 0.02 (time scaling). The structural
damping ratio was 1.3% for both prototype and model scale [10]. The scale model was
made of steel and wood (Figure 1b). The floor slabs were made of 4 mm thick poplar wood.
Four 2 × 30 × 750 mm steel plates were used to simulate walls and together with four
4 mm circular steel bars, located in the center of the wings were used to reproduce the
total vertical load-bearing structure. The connection between slabs and walls is obtained
through steel screws. Steel plates and bars are welded. The model mass is concentrated on
six different points.

The first natural frequency and structural damping of the aeroelastic model were
identified by experiments on the joint DIST-UNINA and ICD-CNR shaking table at the
University of Napoli Federico II, Italy, laboratory. The first modal frequency, structural
damping ratio and first modal shape were assessed [3,21,22].

3. Wind Tunnel Experimental Results

Aeroelastic testing was carried out at the DICCA laboratory at the University of
Genoa, Italy. The DICCA wind tunnel is a closed-loop subsonic circuit tunnel with a
cross-section of 1.70 (width) × 1.35 (height) m. A total of three different wind angles were
investigated, 0◦ (along wind), 45◦ and 90◦ (across wind), according to a suburban Terrain I
velocity profile. Correction factors were used to take blockage effects into account. The
factors ranged between 1.028 (for 0◦ and 90◦) and 1.04 (for 45◦), [23] and were applied to
the velocity and acceleration scale factors. Nine accelerometers monitored acceleration
signals. Six accelerometers were located on six floors at z/H = 0.17, 0.33, 0.5, 0.67, 0.83;
one accelerometer was linked to the wind tunnel basement; and two accelerometers were
located on the top floor of the model. A total of thirteen different velocities were tested,
ranging from 5.4 to 112 m/s at the building top at prototype scale.

Accelerations were measured at a sampling frequency of 1000 Hz for a time length of
180 s. At the prototype scale, this corresponds to a time step of 0.05 s and a time length
of 9000 s.

The entire process, to investigate the variability of magnitudes such as singular values
or eigenvectors, was subdivided into fifteen 10 min long recording sessions [24–29]. Figure 2
shows two examples of processes with U = 49.0 m/s, along and across wind, subdivided
in sub-processes. The along versus across wind acceleration point cloud graph shown in
Figure 3 shows that the difference between sub-processes (in the 10 min records) is relevant
because it changes significantly as for example with T [0; 9000] (Figure 3c), T [2400; 3000]
(Figure 3d), T [7200; 7800] (Figure 3e) and T [840; 9000] (Figure 3f) [24–29].

  
(a) (b) 𝑈Figure 2. Ten minute accelerometric signal records at the building top with U = 49.0 m/s, along wind (0◦) (a) and across

wind (90◦) (b).
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𝑈

  
(a) (b) 

  
(c) (d) 

  
(e) (f) 𝑈

𝐴 𝐴 ×
𝐴𝑛 𝑥 𝑝  =  𝑈𝑛 𝑥 𝑛 ×  𝑆𝑛 𝑥 𝑝  ×  𝑉𝑝 𝑥 𝑝𝑇𝑈𝑛 𝑥 𝑛  𝑆𝑛 𝑥 𝑝𝑉𝑝 𝑥 𝑝𝑇
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𝑆180000 × 6 𝑆180000 × 6

Figure 3. Building top acceleration signal with U = 49.0 m/s, along wind (a), across wind (b), along
wind versus across wind with T [0; 9000] (c), T [2400; 3000] (d), T [7200; 7800] (e), T [840; 9000] (f).

4. Time Dependence of Wind Induced Floor Acceleration

4.1. Singular Value Decomposition

In linear algebra, the singular value decomposition (SVD) of a matrix is a factorization
of that matrix into three matrices. This value has some interesting algebraic properties and
conveys important geometrical and theoretical insights about linear transformations. It
also has some important applications in data science [30]. Singular value decomposition
takes a rectangular matrix of gene expression data (defined as A, where A is a n × p matrix)
in which the n rows represent the genes, and the p columns represent the experimental
conditions. The SVD theorem states:

An × p = Un × n × Sn × p × VT
p × p (1)

where the Un × n columns are the left singular vectors (gene coefficient vectors); Sn × p (the
same dimensions as A) has singular values and is diagonal (mode amplitudes); and VT

p × p

has rows that are the right singular vectors (expression level vectors). The SVD represents
an expansion of the original data in a coordinate system where the covariance matrix is
diagonal. Calculating the SVD consists in finding the eigenvalues and eigenvectors of
An × p × AT

n × p and AT
n × p × An × p . The eigenvectors of AT

n × p × An × p make up the
columns of Vp × p ; the eigenvectors of An × p × AT

n × p make up the columns of Un × p .
The singular values in Sn × p are also square roots of eigenvalues from An × p × AT

n × p

or AT
n × p × An × p . The singular values are the diagonal entries of the Sn × p matrix and

54



Appl. Sci. 2021, 11, 3315

are arranged in descending order. The singular values are always real numbers. If matrix
An × p is a real matrix, then Un × n and Vp × p are also real.

The singular value decomposition of the A180000×6 acceleration matrix was estimated
for two different wind angles, 0◦ and 90◦, respectively along and across wind, and thirteen
different wind velocities, in order to examine the variability of V6×6 and the diagonal of
S180000×6 computed for different 10 min records.

4.1.1. Singular Value Variability

The diagonal of S180000 × 6 was estimated for each fifteen 10 min record of the wind
induced floor accelerations. Figure 4 shows the diagonal of S180000 × 6 variability along
wind and across wind for three significate velocities at the building top: a small velocity,
U = 5.4 m/s; the estimated by CNR DT 207, 2018 velocity, U = 49.0 m/s; and a very large
velocity, U = 111.8 m/s.

Along Wind (0°) Across Wind (90°) 

  
U = 5.4 m/s 

  
U = 49.0 m/s 

  
U = 111.8 m/s 𝑆𝑛 × 𝑝

Figure 4. Variability of the singular values Sn × p with different velocities.

Figure 4 shows that the variability is significant for the first three modes (i.e., p = 1,
2 and 3) and along wind. Variability increases when velocities increase and is much
smaller across wind. This suggests that the across wind singular values are not affected
by the random nature of the wind flow. Along wind, by contrast, the singular values
significantly depend on the recorded records. They vary up to 40% for the highest velocity.
It is very important to specify that the estimated modes through the Property Orthogonal
Decomposition (POD) methodology and their discussion only refer to the experimental
model. The experimental model was calibrated only on the first mode of the prototype, and
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for this reason, there is no reliable correspondence for modes higher than the first between
the test model and the prototype structure. However, the paper goal is to investigate and
to discuss the variability of the test model modes as a function of acquisition time length,
and for this reason, the discussion on the higher modes is being reported.

4.1.2. Eigenvector Variability

Eigenvectors were estimated along and across wind with different velocities and for
each 10-min record in order to examine the variability at each level (levels from 1 to 6,
from base to top). Figure 5 shows the first three eigenvectors along wind (Figure 5a) and
across wind (Figure 5b) variability. Different curves overlapping in Figure 5 represent the
eigenvector shape for each subinterval. It was observed that the first mode is very similar
for both oscillation directions, whereas modes 2 and 3 are quite different between along
wind and across wind. The eigenvector variability increases for the first modes for both
along wind and across wind, and it increases with increasing velocities as is illustrated
in Figure 6 for both oscillation directions. In addition, eigenvectors have a trend which is
quite different with increasing velocities. This result seems significant because it means
that eigenvector trends are affected by the randomness of the wind flow, and consequently,
their variability should be taken into account.

(a) 

(b) 𝑈 

   

Mode #1 Mode #2 Mode #3 

× × × 

   

Mode #1 Mode #2 Mode #3 

× × × 

Figure 5. Eigenvectors along wind (a) and across wind (b) variability with U = 49.0 m/s.
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(a) 

(b) 

   𝑈 = 40.2 m/s 𝑈 = 67.3 m/s 𝑈 = 93.3 m/s 

× × × 

   𝑈 = 40.2 m/s 𝑈 = 67.3 m/s 𝑈 = 93.3 m/s 

× × × 

Figure 6. Eigenvector #1 along wind (a) and across wind (b) variability as a function of the wind velocity.

The eigenvectors were calculated for each subinterval (i.e., fifteen), for each wind
velocity (i.e., thirteen), and for each investigated building level (i.e., six). The standard
deviation of eigenvector #1 for different subintervals has been plotted as a function of
the wind velocity and building floor in Figure 7. Figure 7 shows the three-dimensional
variability of the standard deviation of the eigenvectors for Mode #1 along (Figure 7a) and
across (Figure 7b) wind. The standard deviation is much larger along wind than across
wind for all wind velocities tested, confirming the variability shown in Figures 5 and 6.

The empirical cumulative density function (CDF) of the fifteen different values was
estimated for each building level wind velocity and wind angle to give a measure of
the probabilistic trends of the eigenvectors. The empirical CDF and numerical CDF are
not the same distribution. The Kolmogorov-Smirnov (K–S) test was repeated by varying
significance levels from 5% to 50%, and similar results were obtained. The best fitting, in
any case, is given by the Generalized extreme value distribution (GEV) distribution even
though it is not satisfactory.
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(a) (b) 

 

–

Figure 7. Standard deviation variation for Mode #1 along wind (a) and across wind (b).

Figure 8 shows some examples. The empirical CDF was fitted through numerical
CDF as the Normal, Gamma, Weibull, GEV and Gumbel distribution CDF. The two-sample
Kolmogorov–Smirnov (K-S) [31] test was carried out to look for the best fitting. The
KS test did not reject (i.e., failed to reject) the null hypothesis of inequality at the 5%
significance level.

–

  
(a) (b) 

  

(c) (d) 

Figure 8. Cumulative density function (CDF) of Mode #1 and z/H = 1 of the eigenvector with
U = 49.0 along wind (a) and across wind (b) and 111.8 m/s along wind (c) and across wind (d).

4.2. Time Dependence of the Floor Acceleration Correlation Coefficient

The space correlation of two random processes is usually taken as a measure of how
much one variable is related to another variable. In the case of a high-rise building, the
correlation of floor acceleration at different building levels is a measure of the effects of aerody-
namics, such as vortex shedding, and aeroelastics, such as nonlinear structural movements.
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A further attempt was made to calculate a measure of response variability due to
different acquisition records, examining the correlation coefficients ρ(6,1...5) between the
signal on the top, level #6 and on the other five levels, #1, #2, #3, #4 and #5, corresponding
to z/H = 1/6, 2/6, 3/6, 4/6 and 5/6, for each 10 min recording session.

Figure 9 shows the variability of the correlation coefficient ρ(6,1...5) estimated for fifteen
10 min recording sessions with two significant velocities (U = 49.0 m/s and 111.8 m/s) and
two wind angles (0◦ and 90◦). The variability of ρ ranges from 5% to 75% and consequently is
non-negligible. Its variability is larger along wind (Figure 9a) than across wind (Figure 9b)
and increases with increases in velocity.

𝜌(6,1…5)
𝜌(6,1…5) 𝑈𝜌

  
legend 

 

𝑼 = 49.0 m/s 𝑼 = 111.8 m/s 

(a) 

  𝑼 = 49.0 m/s 𝑼 = 111.8 m/s 

(b) 

Figure 9. Variability of the correlation coefficient from the building top (i.e., level #6) to levels #1, #2,
#3, #4 and #5 along wind (a) and across wind (b).

It can be seen that the best along wind correlation for all velocities was calculated
between levels #6 and #1, while the best across wind correlation was between levels #6
and #4. The correlation between two adjoining intermediate floors is quite low for all
velocities and wind directions. This seems to suggest that along wind aerodynamics, in
the range between z/H = 0.33 and z/H = 0.83, gives significant vorticity that induces a
structural vibration different from that at the top. This effect is probably due to the not
slender shape of the building, to the slabs and to the free vibration associated with the first
structural modal shape which, in this case, is not a pendulum motion like that of a simple
harmonic oscillator.

The standard deviation of the ρ coefficient estimated for all fifteen along and across wind
short (10 min) records ranges between 0.01 and 0.1 as shown in Figure 10. Figure 10 shows
that the standard deviation, and consequently ρ variability, depends on flow velocity and
on floor position. Values for the correlation between levels #6 and #5 along wind seem
anomalous because the correlation is very small. It is reasonable to think that acquisitions
were affected by noise during tests. The difference between small and large velocities is
relevant but not the same for all levels. The three-dimensional trend shows a valley around
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z/H = 0.5 for all velocities and two peaks at the top and close to the base for the highest
velocities. This irregular trend of the standard deviation as a function of wind velocity and
height above ground confirms that structural vibration is very different between the top
and the other levels and also that the correlation coefficient is affected by the randomness
of the wind flow distribution, consequently varying significantly from one time interval
to another.

𝜌 𝜌

  
(a) (b) 𝜌(6,1…5)

𝑈𝑈 𝑈
Figure 10. Standard deviation variation of ρ(6,1...5), along wind (a) and across wind (b).

The correlation coefficient between along and across wind floor acceleration was
estimated, and its variability shown in Figure 11a for two significant velocities, U = 49.0 m/s
and 111.8 m/s. It can be seen that the variability is slightly larger for U = 49 m/s than
U = 111.8 m/s. This effect is evidenced in Figure 11b that shows the three-dimensional
trend of the standard deviation of the correlation coefficient for the fifteen records as a
function of wind velocity and building levels. It was observed in the range from 40 to
80 m/s. It is reasonable to think that in the range from 40 m/s to 80 m/s, a resonance
between oscillation along wind and across wind occurs, although this aspect should be
carefully investigated through additional tests.

  

legend  

 

𝑼 = 49.0 m/s 𝑼 = 111.8 m/s 

(a)  

 

 

(b)  

Figure 11. Variability of the correlation coefficient at different levels between along and across wind
(a) and the standard deviation as a function of wind velocity and building levels (b).
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The standard deviation ranges from 0.01 to 0.15, taking its maximum value at low
wind velocity levels, in the range from 40 m/s to 80 m/s. Figure 12 shows the CDF of the
correlation coefficient estimated between level #6 and levels from #1 to #5. Figure 12 shows
that, for U = 49.0 m/s, the GEV distribution gives the best fitting of the empirical CDF even
if, as with the eigenvectors, the KS tests accepted the null hypothesis of inequality for all
numerical CDFs.

  
(a) (b) 

  
(c) (d) 

 
(e) 𝑈Figure 12. CDF of the correlation coefficient r between level #6 and (a) level #1 (b) level #2 (c) level #3;

(d) level #4; and (e) level #5; along wind with U = 49 m/s.
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5. Conclusions

Acquisition time dependence of significant magnitudes, such as singular values,
eigenvectors and correlation coefficients of wind-induced floor accelerometric signals
acquired on a scale model of a high-rise building, is discussed by examining their variability
from one time interval to another.

The entire wind tunnel data acquisition process was subdivided into fifteen 10 min
recording sessions.

The SVD was calculated for two wind angles, along and across wind, and for thirteen
wind velocities for all recording sessions. It was found that variability of the singular
value increases when the wind velocity increases and that there is a significant difference
between along and across wind values. Across wind variability is much smaller than along
wind. The same trend was noted for the eigenvectors. The probability density function
(CDF) of the eigenvectors for different velocities and at different levels was fitted through
numerical CDF. It was found that the GEV distribution gave the best fitting even if it was
not satisfactory according to the Kolmogorov–Smirnov test. The three-dimensional trend
of standard deviation as a function of building levels and wind velocities shows that the
variability of the eigenvectors assumes its maximum along wind value at the building top
and for the highest velocities.

Likewise, the correlation coefficient between the top and the other levels was calcu-
lated, and its variability for the fifteen 10 min recording sessions was investigated. It was
found that these values are closely affected by the randomness of the flow because it varies
significantly from one time interval to another. The correlation coefficient at the building
top between along and across wind measurements was calculated and was found to vary
slightly more for velocities in the range from 40 m/s to 80 m/s and for low levels.

The results discussed here show that uncertainty due to the randomness of wind
tunnel wind flow affects structural response during aeroelastic tests. The dependence
of results from the acquisition time length was confirmed and nonnegligible variability
was observed. In particular, it was observed that the variability of the eigenvectors under
wind increases with the wind velocity and distant from the ground along wind, whereas
this trend flattens across wind. This uncertainty should be taken into account during
experiments and output processing, examining the cumulative probability trends and
assuming a reliable level of confidence for the estimated crucial magnitudes, such as the
modal shapes, frequencies and damping ratio.
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Abstract: Bonded-in rods (BiR) represent a structural connection type that is largely used for new
timber structures and rehabilitation (repair or reinforcement) of existing structural members. The
technology is based on steel / Fiber Reinforced Polymer (FRP) / Glass Fiber Reinforced Polymer
(GFRP) rods bonded into predrilled holes in timber elements. The mechanical advantages of BiRs
include high local force capacity, improved strength, a relatively high stiffness and the possibility of
ductile behaviour. They also offer aesthetic benefits, given that rods are hidden in the cross sections of
wooden members. As such, BiR connections are regarded as a solution with great potential, but still
uncertain design formulations. Several research projects have dealt with BiRs, but a final definition
of their mechanics and a universal design procedure is still missing. This research study explores the
typical fracture mechanics modes for BiR connections. A special focus is given to the evaluation of
the impact of adhesive bonds under various operational conditions (i.e., moisture content of timber).
A total of 84 specimens are tested in pull-out setup, and investigated with the support of digital
image correlation (DIC). The reliability of empirical equations and a newly developed analytical
model in support of design, based on linear elastic fracture mechanics (LEFM), is also assessed.

Keywords: bonded-in rod (BiR) connections; adhesives; fracture modes; moisture; experiments;
linear elastic fracture mechanics (LEFM); analytical model

1. Introduction

Glued-in rod (GiR) or bonded-in rod (BiR) connections are increasingly used in con-
struction of timber structures [1], and so far several researchers addressed the mechanical
performance of specific solutions of technical use in buildings.

Owning to their versatility, BiR connections are used extensively, and thus the need for
proper assessment of their mechanical properties and standardized assembling procedures
is ever increasing [2,3]. Research efforts have been spent to offer an accurate detail on BiR
connections behaviour, but mainly for limited applications that can be hardly generalized.
In this framework, most of the literature involving experimental studies have been focused
on the axial pull-out strength of a single BiR connection, and its dependency on geometrical
and material parameters. Examples can be found in [4–10] for various configurations, with
a focus on the experimental assessment of various failure mechanisms [4], test protocols [5]
or monotonic and cyclic loading [8]. Often, Finite Element numerical modelling techniques
are applied to bonded joints in timber engineering [11–14]. Various experimental studies
have been carried out with the additional goal of proposition and validation, as well as as-
sessment of existing methods, of empirical formulations in support of design [15–17], based
on curve-fitting of experimental outcomes. In this regard, the current study further explores
the mechanical behaviour and properties of BiR connections for timber applications, but
with a special focus on the effects due to different adhesive types and their operational

65



Appl. Sci. 2021, 11, 2665

condition. It is nowadays well recognized that both the environment conditions and the
loading configuration severely affect the adhesive properties and thus the mechanical
performance of BiR joints [18–20]. Further, the current investigation aims at finding a link
between the proposed fracture mechanics failure modes [21] for BiR connections and the
impact of adhesive sensitivity to service conditions.

In this paper, original pull-out experiments are carried out on a total of 84 BiR speci-
mens, characterized by different adhesive types (epoxy or polyurethane glue), rod-to-grain
arrangements (parallel or perpendicular), and average moisture content in timber (9%, 18%
or 27% respectively, see also Table 1). The experimental results are discussed, with a focus
on the load-bearing mechanism, fracture mechanisms and BiR performance analysis using
simple empirical formulations of literature. Later on, a more refined analytical model is
presented, and further assessed against the available experimental data.

Table 1. Service classes for timber structures and typical examples.

Service Class

1 2 3

Climatic condition
20 ◦C, relative humidity >65%

for few weeks/year
20 ◦C, relative humidity <85% except

for few weeks/year
Climatic conditions worse

than class 2

Average moisture
content in timber

about 12% always <18% >18%

Examples

Interiors; warmed and
conditioned environments,
with limited hygrothermal

variations

Covered exteriors; unconditioned
environments (shelters, cold roofs,

terraces) or humid ones (swimming
pools); beam ends on interior walls,

well ventilated and drained

Exteriors; bridges, columns,
piles; beam ends on exterior

walls, also for heated
environments

2. Problem Definition

Connections and reinforcements with bonded-in rods have been used in building for
several decades. For instance, this solution appeared for the first time in 1980, in French
historical monuments [22]. Besides, adhesive bonds for timber applications are notoriously
sensitive to several aspects, including:

(1) wetting ability of the adhesive in relation to the surface;
(2) bulk properties of adhesive after complete hardening;
(3) severe environmental conditions.

(Point 1) relates to the substrate (type of surface, its treatment, any kind of ageing and
chemical modification, etc.), and to the adhesive in use (viscosity, density, chemical affinity
with the substrate, etc.). (Point 2) is particularly relevant when the thickness is high (as
usual for structural applications in timber buildings). Finally, environment conditions in 3)
can include elevated thermal distortions (due to fires or repeated hygrometric variations),
such as wood deformations that induce additional coactive stress at the interface between
the adhesive and timber.

From a practical point of view, the applied bond strength design values and the explicit
strength modification factors are in most cases not retrievable. This is closely related to the
fact that the current lack of worldwide standards or commonly accepted specifications exist
for assessing and approving adhesives to be used for BiR applications. It is obvious from a
chemistry view point that different adhesive types, which may have rather similar short-
term bond strengths, can behave differently under variable climates. The design of BiR
joints is implemented in European prestandards and technical documents [23–25], which
specify the modification factors for accumulated duration of load in different climates
(service classes in Table 1, as described in [26]). The final result takes the form of the
well-known kmod factor. On the other hand, this factor is irrespective of the adhesive type.
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The current investigation presents experimental tests of BiR connections in different hu-
mid climates, in order to explore their actual load-bearing capacity (strength and slip modulus,
failure mechanism), as a function of two different adhesive types and rod arrangements.

3. Experimental Investigation

3.1. Test Specimens and Materials

In order to gain a better insight into the behaviour of the joint, an extended series of
experimental tests was carried out. In total, 84 specimens were taken into account in the
laboratory investigation, with 72 “half-size” and 12 “standard” specimens. Among the
half-size specimens, 36 samples were tested parallel and 36 perpendicular to the grains
of timber. Furthermore, 12 full-size specimens tested to confirm the observed correlation
between half-size and standard specimens (Figure 1).

Figure 1. Preparation of bonded-in rod (BiR) connections with M10 steel rod (examples of
polyurethane adhesive bonding): (a) half-size and (b) full-size specimens.

Half-size specimens (with dimensions B = 120/W = 60/L = 60 mm) were drilled in
their full height L with a concave-notch diameter equal to dh = 14 mm. This hole was
placed at the centre of the cross-section of each timber log, in order to introduce both the
rod and the adhesive bond. Standard type specimens were characterized by double size
(with dimensions B = 120/W = 120/L = 60 mm) and prepared with a similar approach.
Each timber log was drilled in the full height (60 mm), and a dh = 14 mm hole was drilled
at the centre of the wood cross-area.

To get the results for the highest service class, Siberian larch (Larix sibirica) wood was
used for the timber components [27]. After three weeks in a climate enclosure room with a
controlled atmosphere, the moisture content was around 12% (Figure 2). The measured
average density was close to 600 kg/m3, with a standard deviation of 25 kg/m3.

Figure 2. Preparation of specimens under controlled atmosphere.

67



Appl. Sci. 2021, 11, 2665

One standard metrically threated steel rod with 8.8 strength, nominal diameter
d = 10 mm and total length of 200 mm was bonded in each wooden specimen (L = 60 mm
the bonded length). The bonding effect was investigated with two different adhesive types,
being represented by a two-component epoxy (KGK EPOCON ‘88) and a two-component
polyurethane (LOCTITE PUREBOND CR 821). Table 2 summarizes the nominal mechanical
properties of materials.

Table 2. Nominal mechanical properties for KGK EPOCON ‘88 (two-component epoxy), LOCTITE
PUREBOND CR 821 (two-component polyurethane) and Siberian larch wood (Larix sibirica).

KGK EPOCON ‘88
LOCTITE

PUREBOND CR 821
Wood

Compressive strength (MPa) 91.5 79.9 61.5
Tensile strength (MPa) 32.5 27.5 120.5

Bending strength (MPa) 60.9 - 97.8
Modulus of elasticity (MPa) 29.5 29.5 8.5

Based on the M10 rod in use and the dh mm hole, an annular bond-line thickness of
2 mm was created for each sample, and the anchorage length was set equal to H = 60 mm.
The bonding stage was performed under controlled laboratory conditions (9% humidity in
wood and a room temperature of 20 ◦C, see Figure 1).

3.2. Test Setup and Instruments

After the assembly process, all the specimens were subjected to a controlled atmo-
sphere, so as to achieve different degrees of moisture in wood (at the same temperature of
20 ◦C). The experiments reported herein comprised three artificial climates being selected
as extreme examples of operational conditions for service class 1, 2 and 3 (Table 1). All test
series were in fact performed at a constant temperature of 20 ◦C, with moisture content in
wood in the order of 9%, 18% and 27% respectively.

The stiffness and strength characteristics in short-term loading were thus investigated
according to EN 15274:2015 recommendations [28]. Further, all tests were carried out
based on the EN1382:2016 provisions [29], on a Zwick Roell 50 kN capacity machine, with
data recording frequency of 10 Hz. The reference pull-out setup is shown in Figure 3.
Each specimen was fixed to the machine with a steel clamping plate. Possible relative
displacements of wood logs were restrained by four M8 anchoring bolts. The single rod
was hence clamped to the pull machine. To this aim, the nominal cross-head displacement
rate was set to ensure a reference value of 0.5–2.0 mm/min (depending on specimen type).
The latter was then calibrated (test by test) in order to reproduce a short-term failure
mechanism for all the specimens. The axial load F applied to each specimen was recorded
and compared with the average relative displacement of the rod with respect to the wood
log. In support of these experimental investigations, contactless optical measurements
of strain (based on digital image correlation (DIC) techniques), were also implemented
to provide full-field strain maps of specimens under load, until failure. The experiments
of 24 specimens were further supported by a Canon 700D camera with macro lens and
photo recording frequency of 0.5 Hz (Figure 3). All specimens had preprepared surface
adapted for recording. The whole postprocessing stage of acquired images was carried out
by VIC-2D (Correlated Solutions, University Santa Barbara, Santa Barbara, CA, USA). This
approach was used to reveal local aspects of load transfer mechanisms from the rod to the
adhesive and wood that could be of importance for further analysis using theoretical or
even numerical models.
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Figure 3. Pull-out test set-up: schematic view and details (nominal dimension in mm).

3.3. Test Results

The analysis of experimental results was carried out at different levels, including (a)
qualitative analysis of observed failure mechanisms, (b) measured load-displacement laws,
(c) DIC measurement of displacements in the bonded region.

For sake of clarity, the specimens are labelled to detect the type of glue (“E” or “P”
for epoxy and polyurethane), the moisture content (9%, 18% or 27%), the rod-to-grain
orientation (“0◦” or “90◦” for parallel or perpendicular arrangement) and the sample
number n for each group. The full set of pull-out test results is presented in Appendix A.

Three regimes can be distinguished from the collected load-displacement curves, as
shown in the examples of Figures 4 and 5 (specimens under 9% moisture and load parallel
or perpendicular to the grain, respectively).

Firstly, a linear elastic stage can be noticed in the load-bearing response of all the
specimens, from which the initial stiffness Kser = Fax/d can be estimated from a linear
regression procedure.

After the yield point, a progressive decrease of stiffness occurs followed by a sudden
failure of the connection. Worth to be noted, in this regard, that the failure path of all
tested connections was located in the wood substrate in the vicinity of the wood–adhesive
interface, as also emphasized in Figure 6. Thus, the nonlinearity observed in the collected
force–displacement responses can be rationally justified in the quasibrittle damage of wood.
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Figure 4. Experimental force–displacement results for specimens with (a) epoxy or (b) polyurethane
glue, under 9% moisture and parallel rod-to-grain arrangement.

Figure 5. Experimental force–displacement results for specimens with (a) epoxy or (b) polyurethane
glue, under 9% moisture and perpendicular rod-to-grain arrangement.

Finally, the ultimate load measurement for the experimental curves as in Figures 4 and 5
allows estimating the overall shear strength of the examined connections. Following Figure 6
and that the failure mechanism of BiRs is dependent on the mechanical properties of solid
wood (strength and stiffness), the typical collapse of BiRs can be assumed as quasi-brittle for
general applications.

More in detail, for rods bonded parallel to the grains, wood failure was observed to
start in the area around the adhesive matrix, while for rods bonded perpendicularly to the
grains, failure typically originated in line between adhesive matrix and wood (Figure 6).
The qualitative observations at failure, for a selection of specimens, were further explored
by DIC system as in Figure 7.
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Figure 6. Example of failure configuration for the tested samples: (a) epoxy and (b) polyurethane bonded rods for half-size
specimens (18% moisture, parallel rod-to-grain arrangement) and (c) full-size specimens.

Figure 7. Example of the typical shear strain distribution along the rod, as obtained by digital image
correlation (DIC).

Average values of maximum force (Fmax) and displacement (dmax), as well as of slip
modulus (shear stiffness Kser) and their corresponding coefficient of variation (CoV.) and
standard deviation (St.Dev.) are listed in Tables 3 and 4. Major scatter of grouped predic-
tions is found for the “9%” set in Table 4, which was found characterized by 36% CoV. in
terms of slip modulus. On the other side, such an experimental outcome was severely
affected by few specimens (like specimen #2 in Figure 5a).
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Table 3. Maximum axial force, displacement and slip modulus for specimens with parallel rod-to-grain arrangement (mean
experimental values).

Bond

Two-Component Epoxy Two-Component Polyurethane

Moisture Parameter Avg. CoV. [%] St.Dev. Avg. CoV. [%] St.Dev.

9%
Fax [kN] 15.216 9.1 1.390 15.545 3.3 0.519

dmax [mm] 1.222 20.3 0.248 1.362 11.4 0.155
Kser [N/mm] 14,548.086 10.5 1528.301 12,475.290 9.6 1197.480

18%
Fax [kN] 12.015 10.8 1.301 11.987 13.1 1.575

dmax [mm] 1.233 6.4 0.079 1.227 27.1 0.333
Kser [N/mm] 6769.256 28.7 1942.825 10,362.893 15.6 1613.003

27%
Fax [kN] 5.117 11.5 0.591 6.294 20.6 1.293

dmax [mm] 0.607 17.1 0.104 0.625 20.9 0.131
Kser [N/mm] 8341.809 22.1 1843.689 10,728.730 4.1 441.031

Table 4. Maximum axial force, displacement and slip modulus for specimens with perpendicular rod-to-grain arrangement
(mean experimental values).

Bond

Two-Component Epoxy Two-Component Polyurethane

Moisture Parameter Avg. CoV. [%] St.Dev. Avg. CoV. [%] St.Dev.

9%
Fax [kN] 9.722 25.7 2.501 10.908 7.0 0.760

dmax [mm] 1.352 26.9 0.364 1.325 4.8 0.064
Kser [N/mm] 7360.208 36.3 2668.764 9869.502 17.0 1674.434

18%
Fax [kN] 11.687 3.5 0.408 11.801 6.7 0.792

dmax [mm] 1.944 12.9 0.251 1.824 10.6 0.193
Kser [N/mm] 6943.509 15.9 1105.534 7887.684 3.6 282.079

27%
Fax [kN] 3.149 25.8 0.814 8.914 6.6 0.587

dmax [mm] 0.573 19.4 0.111 1.330 9.3 0.124
Kser [N/mm] 5675.074 13.9 788.096 7476.200 6.1 456.498

Considering the specimens grouped by adhesive type, from Tables 3 and 4 it is possible
to notice a less pronounced sensitivity and scatter of polyurethane bonded rods, compared
to the epoxy bonded samples. This effect is even more pronounced for service classes 2
and 3, with higher moisture content.

Mean experimental data can be helpful for the analysis of climate and operational
conditions on bonded rods for timber applications. However, an in-depth discussion can
be carried out in terms of characteristic mechanical properties that can be obtained from
the test observations.

Based on [28], the characteristic axial force at failure for each series of specimens was
calculated as:

Fax,char = exp
(

y − kssy

)

(1)

with:
y =

1
n ∑

n

i =1 lnFax,i (2)

sy =

√

1
n − 1 ∑

n

i =1(lnFax − y)2 (3)

where n denotes the number of test repetitions for each series, ks is a coefficient adopted
from [28].

Furthermore, the maximum axial force at failure (both in terms of mean and character-
istic values) was correlated with the resisting surface of the bond-line of each specimen,
Abond, given that:

σmax =
Fax

Abond
=

Fax

0.5 πdhL
(4)
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where:
Abond = 0.5 πdhL (5)

for the half-size specimens.
The estimated results are shown in Figure 8, in terms of stress peak at failure for each

set of specimens (under the assumption of uniform stress distribution for the bond-line as
a whole). Mean and characteristic values of ultimate stress are grouped by adhesive type
and rod arrangement, as a function of the service class/moisture content.

Figure 8. Stress peak at failure, as observed for (a) epoxy or (b) polyurethane bonded rods in various
arrangements. Comparison of mean and characteristic experimental results.

As expected from Tables 3 and 4, a major scatter of mean and characteristic values
was observed especially for the epoxy-bonded rods, rather than polyurethane samples.
Besides, the global decrease of stress peak can be observed, both in mean and characteristic
parameters, as far as the moisture level increases. This is a further confirmation of sensitivity
of different adhesive types to operational conditions.

In this regard, it is worth mentioning that the imposed displacement rate (in the range
of 0.5–2.0 mm/min), as previously discussed, was adapted test by test. The postprocess-
ing stage of experimental measurements was quantified in average rate values that are
summarized in Figure 9, as obtained for each series of specimens. Worth noting are the
lower rate values for epoxy or polyurethane specimens under high moisture (27%) and
bonding parallel to the grain. This was required by the pronounced viscous response of
adhesives used.

Figure 9. Average experimental displacement rate for the investigated series of specimens.
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4. Discussion of Experimental Observations

4.1. Service Class and Adhesive Behaviour

Undoubtedly, the experimental investigations revealed significant differences of the
mechanical behaviour of bonded-in rod connections with different adhesives when exposed
to wet climate. The test set-up and the support of the DIC system helped in obtaining
empirical results of practical use. Rheological behaviour indicates that, in terms of reliability,
special attention should be paid to the joints exposed to the extreme climatic conditions.
Additional requirements in standards should be included or certification from the adhesive
manufacturer should be sought to ensure the safe use of this type of joints.

Tests indicated a significant effect of moisture content on the adhesive stickiness.
While only small changes were observed for service class 2, for service class 3 the adhesive
stickiness began to recede dramatically. For epoxy specimens, the entire adhesive matrix
started to slip smoothly, what is especially characteristic for rods bonded perpendicular to
the grains, while on the rods bonded parallel, any pieces of wood grains on the adhesive
matrix is not visible. This is indicating that bearing capacity of the joint is defined by
shear strength of the interface on exact line between the adhesive matrix and the wood.
Polyurethane specimens showed enhanced behaviour, especially for rods bonded perpen-
dicular to the grains. The reason for such behaviour can be justified in higher chemical
properties of the new generation of this type of adhesives, which is recommended for use
in moist environments. Indicatively, it can be stated that the use of epoxy adhesives is not
recommended for service class 3, while polyurethane adhesives can be still used, but with
careful consideration for the technical characteristics given by the manufacturer.

4.2. Service Type and Slip Modulus

In Figure 10, the average % variation of slip modulus Kser is shown as a function of
the moisture content, the bonding direction to the grain and the type of adhesive.

Figure 10. Average experimental variation of slip modulus Kser for specimens with (a) parallel or (b)
perpendicular rod-to-grain arrangement.

The service class, as shown, generally resulted in severe modification of mechanical
parameters for the tested specimens, both for epoxy or polyurethane bonded rods, with
more pronounced effects for loading parallel to the grain (Figure 10a). In the perpendicular
direction, a rather stable variation of average stiffness results can be observed in Figure 10b
for both the adhesive types.
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4.3. Service Class and Load-Bearing Capacity

The above quantitative comparisons were further supported by the qualitative analysis
of experimental outcomes. In general terms, the analysis of BiR performances under
different service conditions can be summarized as follows.

For service class 1:

• test results confirmed the assumption of similar load-bearing capacity for both the
epoxy and the polyurethane adhesive types;

• specimens with polyurethane showed mild bilinear behaviour and 10% higher capacity
then specimens with epoxy, which proved to offer a pure linear behaviour with
brittle fracture.

For service class 2:

• specimens showed a ≈20% drop in the measured average load capacity;
• the load-bearing behaviour and failure modes were found to closely agree with the

experimental observations of specimens in service class 1.

Finally, for service class 3:

• specimens showed large drop of load-bearing capacity. A huge drop was found espe-
cially for epoxy bonded specimens, where failure happened on −50% of maximum
average force of corresponding specimens in service class 1;

• in any case, the failure modes were still observed in agreement with the previous
specimens.

In this regard, the analysis of test results can take advantage of existing empirical
formulations that have been proposed for glued-in-rods with parallel or perpendicular
rod-to-grain orientation. Among the literature efforts for the analytical analysis and design
of BiR connections, the failure load of parallel rod-to-grain arrangement can be for example
estimated as [15]:

Fax,0 = π L
(

fvdequ + k(d + e)e
)

(6)

The empirical equation has been proposed by Feligioni et al. [15] to predict the pull-out
strength at failure (in N), where L is the joint length (mm); fv is the shear strength of wood
(MPa); d is the rod diameter (mm); dequ the smaller between the hole diameter dh and the
rod diameter d multiplied by 1.25 (mm); e is the joint thickness (mm); k is a parameter
proposed in 0.086 or 1.213 (based on experimental fitting), for adhesives with brittle or
ductile behaviour respectively.

For comparative studies with the current experimental results, the above parameters
are set:

dequ = min(14; 1.25 × 10) = 12.5 mm (7)

fv,k = 1.2 × 10−3d−0.2
eq ρ1.5 = 10.65 MPa (8)

with ρ = 600 kg/m3 the average density of wood specimens (±25); e = 2 mm, L = 60 mm.
From Equation (6), the comparative analysis is carried out towards the average (mean)

experimental failure loads earlier discussed, for various configurations of specimens. The
findings are summarized in Figure 11, as a function of the analytical vs. experimental failure
load, the adhesive type and the moisture/service class. As far as the service class 1 is taken
into account, it is possible to see that the analytical to experimental ratio is in the order of
the unit. This suggests a certain correlation of literature model with the current experiments.
Besides, the analysis of higher moisture content tends to progressively overestimate the
analytical failure force for the examined specimens, as shown in Figure 11 for both the
adhesive types. Furthermore, the high moisture content reveals also pronounced effects
due to the input k coefficients calibrated from [15].
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Figure 11. Average experimental failure load versus the ratio of analytical prediction, as obtained for
specimens with (a) epoxy or (b) polyurethane adhesive and parallel rod-to-grain arrangement.

For specimens with perpendicular rod-to-glue arrangement, the analytical model
proposed by Yeboah et al. is considered [30]. The model, in particular, assumes that the
load-bearing capacity is given by:

Fax,90,mean = fv,90,meanπ dhL (9)

with the limit applicability condition of L < 15dh.
The empirical model of Equation (9) agrees with the experimental trends earlier dis-

cussed in Figure 8. As far as the moisture content increases and the adhesive degradation
of mechanical properties increases, Equation (9) itself severely overestimates the expected
axial force at failure for the tested joints. In Figure 12, the empirical derivation of mate-
rial strength is shown for epoxy or polyurethane specimens, as obtained from the mean
experimental results.

Figure 12. Inverse experimental derivation of fv,90,mean strength, based on Equation (9), for epoxy or
polyurethane specimens with perpendicular rod-to-glue arrangement.

5. LEFM-Based Analytical Model

5.1. State-of-Art

Theoretical approaches, based on the stress distribution in the joint, have been used to
describe the laws governing the mechanical behaviour of connections by glued-in rods. One
of the pioneering works was by Volkersen [31], who developed an elastic analysis of the
shear distribution in a single lap joint. However, the substrates were assumed to respond to
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the load only in tension and the adhesive to respond only in shear. A further development
was made by Goland and Reissner [32], who included the influence of a bending moment in
the connection in their calculation model. Later, Hart-Smith [33] introduced elastic-plastic
stress distribution of anisotropic materials in the analysis. Depending on the ductility of
the bond-line, these traditional strength analyses will be more or less accurate.

More recently, the behaviour of glued-in rods was investigated within the framework
of fracture mechanics. In this approach, a pre-existing crack in the joint is assumed to lead
to a stress singularity so that the traditional maximum stress criterion can be no longer
applied. For instance, in accordance with LEFM, Serrano [11] proposed an evaluation
model of the load bearing capacity for a single glued-in rod, assuming that failure of
the joint could occur when the energy release rate is equal to the fracture energy. In the
same year, Gustafsson [17] took into consideration the damage amount preceding the
failure of a joint through an approach based on nonlinear fracture mechanics (NLFM), and
essentially based on the mode II fracture energy. Thus, many empirical or theoretical design
calculations could be found in literature to estimate either the shear strength (especially in
studies based on elastic stress analysis) or the fracture energy in mode II. It should be noted
that most existing studies were either based on experiments or numerical investigations,
but rarely combined both approaches [21].

5.2. Model Definition

In order to check this assumption, the study of the fracture behaviour of BiR connection
is proposed within the framework of equivalent LEFM, which is well known to be useful
to characterize the quasibrittle failure of load-bearing components [21].

The reference mechanical model is schematized in Figure 13, with evidence of the
required geometrical and mechanical parameters in the detailed view.

Figure 13. Mechanical model for the analysis of force transmission and deformation behaviour in
BiR connections.

Considering that the joint acts as a fibre in the matrix, where the fibre represents a
steel glued-in bar and the matrix consists of the wood log as in Figure 13, the following
model of shear stresses distribution along the joint is proposed in this study:

τ(x) =
As

bb
ω

(

(σs,max − q)
cosh(ωx)

sinh(ωL)
+ q

cosh(ω(L − x))

sinh(ωL)

))

(10)
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where A0 is cross-area of the wooden part; bk is the mean width of the adhesive layer; σ0,max

represents the maximum normal stress in the BiR; x is the length coordinate; L denotes
the length of the adhesive joint (anchorage length); ω is a correction factor that can be
estimated from:

ω2 =
1
p

(11)

and:

p =

(

Es AsEw Aw

Ew Aw + Es As

)

hb

Gbbb

(

in mm2
)

(12)

q =

(

Es

Ew Aw + Es As

)

Fax (in MPa) (13)

By integrating Equation (10) to get a strain energy release rate, the J-integral method
could be implemented directly. Further, the problem analysis and the definition of an
accurate behaviour model for BiR connections should be necessarily based on local stress
distribution which has been obtained in the framework of DIC system (i.e., Figure 7).

According to the known maximum shear strength of wood, it is possible to predict
the bearing capacity of the BiR connection, i.e., maximum pull-out force, as:

Fax =
τ(x)· bb

ω · sinh(ω·L)
cosh(ω·x)

1 +
(

Es ·As
Ew ·Aw+Es ·As

)

·
(

cosh(ω·(L−x))−cosh(ω·x)
cosh(ω·x)

) (14)

From the developed analytical model, the variation of the shear force, stress and strain
in BiR connections can be thus predicted along the bonding length L. Selected examples
are proposed in Figure 14.

Figure 14. Analytical prediction of shear (a) force, (b) stress and (c) strain in BiR connections with
epoxy or polyurethane adhesives (examples for 9% moisture and parallel rod-to-glue arrangement).

5.3. Assessment of Analytical Predictions

The proposed analytical model is further assessed by taking advantage of the available
test results and of nominal material properties earlier discussed. Parametric calculations
were carried out on the grouped specimens (average estimates) in terms of shear force and
stress, by changing the adhesive type, arrangement and environment condition.

In this regard, the analytical model proved to offer reliable estimates for both the
parameters of force and stress agreeing with the general trends of Figure 14. Comparative
examples are proposed in Figure 15, in terms of force or stress, as obtained for grouped
specimens as a function of their service class. It should be noted that the error ratio R is
found both to overestimate or underestimate the expected parameter, for all the types of
BiR specimens. Most importantly, however, is that the collected R values confirm the rather
small scatter for all the analytical predictions, thus confirming the validity and accuracy of
the approach.
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Figure 15. Average experimental failure load versus the ratio of analytical prediction, as obtained for
specimens with (a) epoxy or (b) polyurethane adhesive and parallel rod-to-grain arrangement.

6. Conclusions

In this paper, the mechanical performance of bonded-in rod (BiR) connections for
structural timber applications has been explored experimentally and analytically.

The experimental investigations revealed, significant differences in the observed
mechanical behaviour of BiR connections, by changing the adhesives type, the bonding
arrangement and the wet climate exposure. The pull-out test set-up and the use of a digital
image correlation (DIC) system, in particular, helped to obtain results in support of the
definition of generalized design tools for this type of connections.

The experimental study, in most of the cases, exhibited a failure mechanism of the
connections in the wood, in the vicinity of the wood–adhesive interface. As such, a study of
the stress field along this interface was performed with the use of a newly developed linear
elastic fracture mechanics (LEFM) formulation. In addition to the shear stress, expected for
this kind of connection, the stress field analysis revealed the existence of normal stress (to
the interface), which was relevant at the onset of the failure.

The observed rheological behaviour of adhesive types in use further indicates that (in
terms of reliability) special attention should be paid to joints exposed to extreme climatic
conditions. The current study provided useful information about the short-term behaviour
of bonded-in-rods. However, the long-term behavioural analysis of BiR connections
requires further investigations, in order to check the mechanical performance of this repair
process according to service classes defined in the European timber design codes. Most
importantly, additional requirements in standards should be included, or certification from
the adhesive manufacturer should be sought, to ensure the safe use of this type of joints
in practical applications. In this regard, further research efforts will be dedicated to the
in-depth analysis of mechanical parameters and their sensitivity to severe environment
conditions, so as to include additional configurations and parameters of technical interest.
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Appendix A

Experimental force–displacement curves for the investigated BiR specimens, grouped
by adhesive type, rod-to-glue arrangement and service class.

Figure A1. Experimental force–displacement results for specimens with (a) epoxy or (b) polyurethane
glue, under 18% moisture and parallel rod-to-grain arrangement.

Figure A2. Experimental force–displacement results for specimens with (a) epoxy or (b) polyurethane
glue, under 18% moisture and bonding and perpendicular rod-to-grain arrangement.
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Figure A3. Experimental force–displacement results for specimens with (a) epoxy or (b) polyurethane
glue, under 27% moisture and bonding and parallel rod-to-grain arrangement.

Figure A4. Experimental force–displacement results for specimens with (a) epoxy or (b) polyurethane
glue, under 27% moisture and bonding and perpendicular rod-to-grain arrangement.
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Abstract: When a seismic force acts on bridges, the pier can be damaged by the horizontal inertia
force of the superstructure. To prevent this failure, criteria for seismic reinforcement details have
been developed in many design codes. However, in moderate seismicity regions, many existing
bridges were constructed without considering seismic detail because the detailed seismic design
code was only applied recently. These existing structures should be retrofitted by evaluating their
seismic performance. Even if the seismic design criteria are not applied, it cannot be concluded
that the structure does not have adequate seismic performance. In particular, the performance of
a lap-spliced reinforcement bar at a construction joint applied by past practices cannot be easily
evaluated analytically. Therefore, experimental tests on the bridge piers considering a non-seismic
detail of existing structures need to be performed to evaluate the seismic performance. For this
reason, six small scale specimens according to existing bridge piers were constructed and seismic
performances were evaluated experimentally. The three types of reinforcement detail were adjusted,
including a lap-splice for construction joints. Quasi-static loading tests were performed for three
types of scale model with two-column piers in both the longitudinal and transverse directions. From
the test results, the effect on the failure mechanism of the lap-splice and transverse reinforcement
ratio were investigated. The difference in failure characteristics according to the loading direction was
investigated by the location of plastic hinges. Finally, the seismic capacity related to the displacement
ductility factor and the absorbed energy by hysteresis behavior for each test were obtained and
discussed.

Keywords: reinforced concrete column; multi-column pier; seismic behavior; lap-splice; transverse
reinforcement; plastic hinge; ductility

1. Introduction

Detailed seismic design standards have been introduced recently in countries in low
to moderate seismicity regions. In the case of Korea, detailed standards for seismic design
were established after recognizing the earthquake damage from the Northridge earthquake
in the US and the Kobe earthquake in Japan in the 1990s. Therefore, structures constructed
before that time cannot be considered to have been secured against earthquakes. In the
case of bridges, the mass is concentrated in the superstructure, therefore when a lateral
load such as an earthquake is applied, the bridge should withstand the seismic force
through the bending behavior of piers. In the case of a single-column pier, a plastic hinge
is generated at the bottom of the pier where the bending moment is at its maximum. This
plastic hinge must have sufficient ductile capacity and energy absorption capacity to be
safe against earthquake loading. Reinforcement details in the plastic hinge section have a
great influence on this flexural behavior. In order to have sufficient ductility capacity, the
core concrete must be sufficiently confined by transverse reinforcing bars, and the main
reinforcing bar should be connected continuously without a lap-splice. However, when
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the detailed seismic design criteria are not applied, the longitudinal reinforcing bars at
the plastic hinge region were often connected by a lap-splice due to the convenience of
construction. Therefore, the behavioral characteristics of such lap-spliced longitudinal
bars has emerged as a very important issue in the seismic performance evaluation of the
existing bridges.

Most studies about the seismic behavior of bridge piers are about the single-column
piers because the number of existing single-column pier bridges is much higher than
that of multi-column pier bridges. The multi-column piers may show similar behavior in
the longitudinal direction of the superstructure to the single-column piers, but it can be
expected that the behavior of the multi-column piers in the transverse direction is different
from the single-column piers. Therefore, in this study, one of the aims is to verify the seismic
performance of multi-column piers in each direction, as well as the reinforcement details.

Since the superstructure of the bridge has a large mass and is located at the same
height, it acts as an inertial force concentrated at the top of the pier when an earthquake
load is applied. Therefore, the pier behaves as a deformable body that transmits the inertial
force of the superstructure. Most of the piers are reinforced concrete, and how much seismic
force these piers can withstand in the horizontal direction is a key consideration in seismic
design. If the aspect ratio of the pier, that is, the height compared to the cross-sectional
dimension, is low, the shear behavior dominates, and if this ratio is large, the bending
behavior occurs [1]. In order to avoid such behavior, reinforcement may be necessary to
prevent damage, for example, by seismic isolation, in bridges [2]. The pier can withstand
the seismic force with its horizontal strength, but when excessive seismic force is applied,
sufficient ductile capacity is required.

In order to increase the ductility of reinforced concrete piers that behave in flexure, it is
necessary to prevent compressive failure of the concrete in the cross section by bending. For
this purpose, core concrete is confined by a transverse reinforcement bar. The confinement
effect at the plastic hinge region of the pier column during earthquakes increases seismic
capacity due to ductile behavior [3,4]. In the case of installing sufficient transverse rein-
forcement, considerable flexural ductility is exhibited while maintaining the load resistance
capacity even after the plastic hinge occurs [5,6]. Even if the transverse reinforcement bar
ratio is the same, if the spacing is small, the confinement effect increases [7]. Therefore, the
horizontal reinforcement ratio is an important variable in seismic detail. This confinement
effect can be expressed by transverse reinforcing bars, but can also be implemented through
appropriate techniques such as fiber straps [8,9].

The transverse reinforcing bars of reinforced concrete columns contribute to the
confinement effect to increase ductility during bending behavior. For this, the transverse
reinforcing bar must withstand the tensile force. However, since transverse reinforcing
bars are difficult to make into continuous reinforcing bars, they are traditionally composed
of columnar hoops and cross ties. In this case, the design details of hoops and cross ties are
very important, and an experimental study has been conducted on this [10–12]. In order to
improve this, spiral reinforcement detail using a continuous transverse reinforcing bar is
applied, so it has very high ductility [13,14].

In addition, the longitudinal reinforcement bar must withstand the tension in the
bending section. However, it is difficult to connect the longitudinal reinforcement bars from
the foundation to the bottom of the pier continuously during construction; the longitudinal
reinforcement bars used to be lap-spliced. Since the bottom of the pier is the part where
the plastic hinge occurs, a large tensile force acts on the longitudinal reinforcement bar,
and if this part is lap-spliced, bond failure is likely to occur [15–19]. For the occurrence
of bonding failure of the lab splice reinforcing bar, the effect of various parameters such
as longitudinal bar size and length, amount of transverse reinforcing bars and concrete
compressive strength were experimentally studied [20]. In order to prevent the bond failure
of the lap-splice, confinement should be increased, and research on improvement methods
for this was also conducted [21–23].
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Studies on seismic detail in the plastic hinge region have been performed on single-
column piers. However, there are many multi-column piers, and their behavior is different
from that of single-column piers. Studies on the fracturing of beam–column junctions of
multi-column piers with relatively weak cap beams or shear failure of the cap beam [24],
a study on the reinforcement method of the cap beam [25], and a study on the design
guidelines for multicolumn piers [26] were performed. Since the behavior of multi-column
piers is different in both directions, it is necessary to evaluate the behavior characteristics of
each direction experimentally. The bidirectional experiment can be performed as a shaking
table experiment [27]. However, in order to know the seismic capacity in each direction, an
experiment on the horizontal load in each direction is required.

Referring to these existing studies, it is shown that the seismic capacity of the columns
with lap-splices is very low and varies according to the details of the transverse reinforcing
bar. However, for multi-column piers, seismic performance evaluation is required for
these details of the reinforcing bars for each loading direction. Therefore, in this study, the
seismic performance of two-column piers is evaluated experimentally.

2. Test Model of Multi-Column Bridge Piers

2.1. Test Specimens

Three sets of test specimens were constructed. They were designed to be one-fourth-
scale models of the existing two-column piers on Korean highways. The height of prototype
is determined to be 12 m to induce flexural failure for transverse direction loading. The
diameter of the column section of scale model is 500 mm and the height is 3000 mm. In
the case of the scale model, reinforcement with a diameter of 10 mm was used for the
longitudinal reinforcement due to the limitations of size of commercial reinforcement
bar. Instead, the reinforcement bar ratio was the same for the full-scale model and the
one-fourth-scale model as 1.174%. For the lateral reinforcement, a reinforcement bar with a
diameter of 4 mm was fabricated. The concrete strength was 24 MPa, which is the same
value applied to the prototype model. Therefore, it is judged that the Young’s modulus as
determined by the concrete strength was similar between the scale model and prototype.
However, the geometrical mix design of the concrete could not be properly scaled because
of commercial concrete limitations. The properties of the test specimens are summarized in
Table 1, and Figure 1 illustrates the geometry of the test specimen.

Table 1. Properties of the test model.

Property Prototype Model

Material strength (MPa) Concrete strength (MPa) 24 24
Reinforcement steel bar

strength (MPa)
300 300

Column
Diameter (m) 2.0 0.5

Height (m) 12.0 3.0

Longitudinal reinforcement Diameter (mm) 29 10
Reinforcement ratio (%) 1.174 1.174

Diameter of lateral reinforcement (mm) 16 4

Axial force
0.052
σck Ag

0.052 σck Ag
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Figure 1. Geometry of the test specimen (units: mm).

The characteristics of 6 test specimens are described in Table 2. The test specimen
was composed of two specimens as a set so that the behavior characteristics in the longi-
tudinal direction and the transverse direction to the superstructure could be investigated.
Additionally, 3 different reinforcement details were applied for each specimen set. The
first specimen (RH-NS) has the same reinforcement details as existing bridge piers. The
second specimen (RH-SL) has different reinforcement bar details. For this specimen, the
number of lap-spliced longitudinal reinforcement bars in the plastic hinge region was the
half of the total number of longitudinal reinforcement bars, and the transverse reinforcing
bar was installed with 1/2 of the amount required by the seismic design regulations. The
third specimen used continuous longitudinal reinforcing bars without a lap-splice, and a
minimal amount of transverse reinforcing bars was installed to prevent local buckling of
the main reinforcing bars.

Table 2. Comparison of the characteristics of each specimen.

Specimen Loading Direction
Lap-Splice of
Longitudinal

Reinforcement

Lateral Reinforcement
Detail

Spacing of Lateral
Reinforcement

Volumetric
Reinforcement

Ratio

RH-NS-L Longitudinal 100% in the lower
region

No consideration of seismic
performance 37.5 mm 0.268%RH-NS-T Transverse

RH-SL-L Longitudinal 50% in the lower
region

50% of what is required by
AASHTO specifications 20 mm 0.503%RH-SL-T Transverse

RH-SC-L Longitudinal No lap-splice
Preventing local buckling of

the longitudinal bar 30 mm 0.335%RH-SC-T Transverse

The reinforcement details for each set are shown in Figure 2. Each specimen of the
RH-NS set was designed as a prototype without any consideration of seismic performance.
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For the RH-SL set, the volumetric transverse reinforcement ratio for this set is 50% of
what is required by AASHTO (American association of state highway and transportation
officials) specifications [28]. The volumetric transverse reinforcement ratio is defined as the
ratio of the volume of the transverse reinforcing bar to the volume of the concrete confined
by it. In case of the RH-SC set, minimum lateral reinforcement was used to prevent the
local buckling of the longitudinal reinforcement.
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(a) RH-NS set (b) RH-SL set (c) RH-SC set 

Figure 2. Reinforcement details (unit: mm).

The volumetric transverse reinforcement ratio was 0.268% for the RH-NS set. For
the RH-SL set and the RH-SC set, the volumetric transverse reinforcement ratio in the
lower and higher regions was 0.503% and 0.335%, respectively. The volumetric transverse
reinforcement for these sets was 0.268% except for these regions. For the lateral confinement,
two bars of semicircle were used with 135-degree hooks and augmented with two cross
ties with a 135-degree hook and a 90-degree hook, as in Figure 3. The cross ties were used
in the longitudinal direction and the transverse direction in turns.

 

Figure 3. Transverse reinforcement details with hook.

The longitudinal reinforcements were lap-spliced up to 330 mm from the bottom for
the RH-NS set. Only 50% of the longitudinal bars were lap-spliced in the lower region and
50% in the middle region for the RH-SL set. In the case of the RH-SC set, the longitudinal
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reinforcements were extended from the foundation to the top continuously without any
lap-splicing. Each set consists of two specimens, one for longitudinal direction loading and
the other for transverse direction loading.

2.2. Test Setup

The axial force was applied with a hydraulic pressure jack. Axial force was determined
to be 5.2% of the compressive stress of the concrete of the columns, which corresponds with
existing bridge structures. The lateral loading was applied with an actuator of 1000 kN
(100 tonf) capacity. When longitudinal direction loading was applied, 2 actuators were
set and controlled with displacement to prevent torsional behavior. The height at which
the horizontal load corresponded to the inertia force of the superstructure was reflected
in the existing bridge model. The height from the foundation to the point of loading is
3850 mm, therefore the aspect ratio is 7.7 for longitudinal direction. The aspect ratio for
the transverse direction is 3.0 because only column parts are considered to be deformed
by rigid joints at both the top and bottom ends. Figure 4 shows the installation of the test
specimen for longitudinal loading and transverse loading.

∆ = ∆ . + ∆ .2 × 0.75𝑃 ∆ . ∆ . 0.75𝑃
1.0∆ 3.0∆∆3.0∆ ∆

 
(a) Schematic view 

  
(b) Longitudinal loading (c) Transverse loading 

Δ
Δ
Δ

Δ
Δ
Δ

Δ
Δ

Δ
Δ

Δ
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75.075.0

∆∆ ∆

Figure 4. Test setup for lateral loading and axial loading.
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2.3. Loading Protocol

The load patterns are illustrated schematically in Figure 5. The formula proposed in
Equation (1) was used to determine the yielding displacement [29].

∆y =
∆+0.75 + ∆−0.75

2 × 0.75
(1)

The lateral strength Pi is obtained from analysis at the ultimate compressive strain
of 0.003. The displacements ∆+0.75 and ∆−0.75 are displacements when the load 0.75Pi is
applied in the push and pull directions, respectively. For the comparison of each specimen,
the yield displacement was assigned the same value in spite of the differences in reinforce-
ment detail. At the small displacement level of 1.0∆y~3.0∆y, the loading displacement
was applied in 0.5∆y increments. Two cycles were applied at each loading step. After
the 3.0∆y displacement level, the load was applied in 1.0∆y increments until failure. The
displacement was applied at a low speed that was close to the static load. Therefore, during
the test, pictures could be taken at each loading step and cracks were checked.
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Figure 5. Loading patterns of lateral displacement.

Data on load histories were obtained from the load cell in the actuator. The displace-
ment was measured with wire-type LVDT at the cap beam. To measure the curvature of
each column, clip gauges were instrumented in pairs on the front and back faces in the
loading direction. Since the plastic hinge region is generally up to a height corresponding
to the cross-sectional diameter, it was attached to the position corresponding to this height.
The heights at which the clip gauges were instrumented were 100 mm, 300 mm, 500 mm,
and 700 mm from the foundation or the cap beam. After measuring the strain on both sides
of the column using clip gauges, the strain difference was divided by the cross-sectional
diameter to convert it into curvature.

3. Seismic Behavior of Specimens

3.1. Longitudinal Loading Test

3.1.1. Failure Mode of Longitudinal Loading Specimen

Figure 6 shows an image of the failure of the longitudinal loading specimens. In
the case of the RH-NS-L specimen, concrete cracks hardly occurred up to the height of
330 mm when the loading was applied corresponding to the yield displacement because
the ratio of the longitudinal reinforcement was twice that of the other heights by the
lap-splicing of the longitudinal reinforcement bars. At 1.5∆y, the construction joint at the
bottom began to crack. At 3.5~4.0∆y, the crack in the construction joint was intensified
and the concrete adjacent to the foundation was gradually damaged by compression. At
5.0∆y, the buckling of the reinforcing bar was observed, and spalling occurred. In general,
longitudinal reinforcing bars resist tensile forces in flexural members. However, when the
surrounding concrete undergoes compression failure, the longitudinal reinforcing bar at
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the compression section may buckle. In addition, the shear force of the transverse load
could cause the longitudinal reinforcing bar itself to bend and contribute to the damage.

∆
∆

   
(a) (b) (c) 

∆ ∆∆Figure 6. Failure of the longitudinal loading specimens. (a) Buckling and fracture of the longitudinal reinforcement bar of
the RH-NS-L specimen (5∆y); (b) Fracture of the longitudinal reinforcement bar of the RH-SL-L specimen (7∆y); (c) Buckling
and fracture of the longitudinal reinforcement bar of the RH-SC-L specimen (7∆y).

In the case of the RH-SL-L specimen, since the longitudinal reinforcement ratio of the
lap-splice region was relatively smaller than that of the RH-NS-L specimen, cracks occurred
earlier at the bottom. At 6.0∆y, spalling of the compression part was intensified and the
concrete cover began to fall off severely. In the case of the RH-SC-L specimen, several
cracks occurred even under 350 mm because the ratio of the longitudinal reinforcement
was the same for all sections. At 7.0∆y, the transverse reinforcement bar at the bottom
was deformed due to the buckling of the longitudinal reinforcing bar. However, the gap
between the transverse reinforcement bars was determined to prevent buckling of the
longitudinal reinforcement bars, so excessive buckling did not occur.

Generally, if the longitudinal bars are lap-spliced in the plastic hinge region, the
flexural member is very vulnerable to repeated horizontal loads such as seismic loads. The
longitudinal bars do not transmit tensional force and are expected to be damaged by lap-
splice bond failure. However, it was observed in this study that the specimens loaded in the
longitudinal direction failed through flexural failure at the bottom. The lap-spliced length
of longitudinal bars in the scaled specimens was determined in proportion to the diameter
of the longitudinal bars, which is larger than the diameter from the scale factor. There was
a possibility that the lap-splice was extended to the non-plastic hinge zone, which induced
the flexural failure. Another possible reason for flexural failure is the detailing of lateral
reinforcements. The minimum volumetric reinforcement ratio for preventing lap-splice
bond failure is calculated to be 0.279%. In this study, the volumetric reinforcement ratio of
all specimens is almost equal to or larger than this value. The shear friction of confined
core concrete by the lateral reinforcements prevented the bond failure of the lap-splice.
Additionally, the hooks of the lateral reinforcement and cross ties in the specimens can
confine the core concrete [30].

Figure 7 shows the distribution of curvature along the height from the bottom of
the column for the longitudinal loading test specimen. The lap-splice of longitudinal
reinforcements increases the longitudinal reinforcement ratio. Because lap-splices increase
the longitudinal reinforcement ratio, the curvature of the corresponding region decreases.
Therefore, the RH-NS-L specimen has the smallest curvature and the RH-SC-L specimen has
the largest curvature. This does not mean that the RH-NS-L specimen does not have small
amounts of damage, but it does mean that the damage is concentrated in the lowermost
part, where the curvature was not measured.
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Figure 7. Distribution of curvature of the longitudinal loading test.

3.1.2. Hysteresis Curve of Longitudinal Loading Specimen

Figure 8 shows the load-drift ratio hysteresis curve of the longitudinal loading spec-
imens. For the RH-NS-L specimen, even after the maximum load, it shows a relatively
smooth decrease in the hysteresis curve. According to the results of various experiments
performed so far, it is expected that the non-ductile behavior will occur due to the bond
failure of the reinforcement bar. However, in this test, even if the hysteresis curve goes up
to 5.0∆y, it can be seen that the curve is almost stable. This is because there was no slip
between the reinforcement bars raised from the foundation and the column reinforcement
bars, and fracturing occurred like with the continuous reinforcement bars. The load-drift
ratio curve of RH-SL-L specimen shows a very stable hysteresis up to a ductility of 6.0.
It shows more stable behavior than the RH-SL-L specimen because larger a transverse
reinforcement ratio affected the confinement of the core concrete. In the load-drift ratio
curve for RH-SC-L, displacement ductility at the maximum load capacity was 5.3∆y and
the fracture ductility was 6.6∆y. This test specimen shows the most stable hysteresis curve
because no lap-splicing of the reinforcing bars was applied.

Figure 9 compares the envelope curve of the hysteresis loop for each longitudinal
loading specimen. As can be seen in the figure, there was little difference in the load
carrying capacity of each specimen. There was a slight difference in the displacement
at failure. This is estimated to be the effect of the curvature according to the lap-splice
of the reinforcing bars on the ductility. In general, because lap-slice bond failure occurs,
lap-spliced specimens have remarkably low ductility. However, if bond failure does not
occur, the lap-spliced section has twice the longitudinal reinforcing bar ratio, resulting in
less flexural deformation. Failure will occur at the bottom section of the lap-spliced range.
In this section, the longitudinal reinforcing bar ratio is the same without the lap-splice, so
the strength of the member does not change significantly.
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Figure 8. Load-displacement hysteresis curve of the longitudinal loading specimens.

Figure 9. Load-displacement envelop curve of the longitudinal loading specimens.

3.2. Transverse Loading Test

3.2.1. Failure Mode of Transverse Loading Specimen

Since the two-column piers show behavior similar to frames, the behavior of two-
column piers in the transverse direction is different from the behavior in the longitudinal
direction, as shown in Figure 10. In the longitudinal loading specimens, damage occurs
only at the bottom of the column, whereas the transverse loading specimens are damaged
at both the top and bottom of the column. The specimens loaded in the transverse direction
failed through flexural failure, not through bond-failure of the lap-splices as with the
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longitudinal loading specimens. Because plastic hinges were formed at both the top and
bottom of the column, the ductility is greater than that of the longitudinal loading case.
Since the cap beam is not a rigid body, it caused some deformation. Therefore, the moment
at the top of the column could be absorbed by the bending deformation of the cap beam, so
the failure occurred later than at the bottom, which is fixed to the foundation. The outside
of the bottom experienced compression failure and the breakage of the reinforcement
bar first, and then failure occurred in the inside of the bottom. Even if the bottom of the
column was damaged, the top of the column was not severely damaged. When the resistant
moment at bottom was weakened, the resistant moment acted on the top of the column
as well, so it could absorb a large displacement. Therefore, in the case of a load in the
transverse direction, the displacement ductility could be greater than that in the case of a
load in the longitudinal direction.

  
(a) (b) 

∆
∆

∆

Figure 10. Failure of a longitudinal loading specimen and a transverse loading specimen. (a) Failure
at the bottom of the column of the RH-NS-L specimen; (b) Failure at the top and bottom of the
column of the RH-NS-T specimen.

Figure 11 shows images of the failure of the RH-NS-T specimen. The cracks were
evenly distributed in the upper part of the column from 50 mm to 400 mm when the
loading was applied corresponding to the yield displacement. At the bottom of the column,
the lap-splice was located up to 330 mm high. In this range, the longitudinal reinforcing
bar ratio is doubled, so there is little cracking, and the cracks are evenly distributed in the
location from 300 mm to 700 mm at the bottom of the column. At 5.0∆y, the outside face of
the bottom of the column had spalling first by the compressive force, and the concrete cover
was damaged and fell off. Buckling of the reinforcing bar was observed at about 5 mm
height. At the top of the column, many vertical cracks occurred between about 0 mm and
100 mm in height, and spalling began to appear insignificantly. At 6.0∆y, the longitudinal
reinforcement bar was first broken in a column that was subjected to tensile force during
loading. At 8.0∆y, the longitudinal reinforcement bar was broken at the top of the column
at the time of loading. At this time, the longitudinal reinforcement bar at the bottom of the
column was almost completely broken where the concrete cover was damaged.
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Figure 11. Failure of the transverse loading specimens (RH-NS-T). (a) Spalling of the concrete on the outside face of the
bottom (5∆y); (b) Failure of the concrete cover concrete on the outside face of the top (8∆y); (c) Failure of the concrete cover
concrete on the inside face of the top (8∆y).

Figure 12 shows images of the failure of the RH-SL-T specimen. The top of the column
was evenly cracked in the plastic hinge area, and the bottom of the column had many cracks
between 200 mm and 800 mm in height when the loading was applied corresponding to the
yield displacement. At the bottom of column, the largest crack occurred at a height of about
350 mm, just above the height of the lap-splice. At 6.07∆y, the longitudinal reinforcement
bar was first broken in a column that was subjected to tensile force during loading, as like
the RH-NS-T specimen. At 8.07∆y, the top of the column was not broken much in spite of
the severe fracture of the longitudinal reinforcement bar at the bottom of the column.

∆
∆

∆ ∆

   

∆ ∆∆

   

(a) (b) (c) ∆∆∆
Figure 12. Failure of the transverse loading specimens (RH-SL-T). (a) Concrete crack on the inside face of the top (7∆y);
(b) Spalling of the concrete on the inside face of the bottom (9∆y); (c) Fracture of the longitudinal reinforcement bar on the
inside face of the bottom (9∆y).

Figure 13 shows images of the failure of the RH-SC-T specimen. Unlike in the other
specimens, many cracks occur below the height of 300 mm at the bottom of the column. At
7.07∆y, the longitudinal reinforcement bar was broken at the outside face of the column
subjected to tensile force when the loading was applied. At 9.07∆y, the longitudinal
reinforcement bar at the bottom of the column was severely fractured. The top of the
column was not broken much, as like the RH-SL-T specimen.

Figure 14 shows the distribution of curvature along the height for the transverse
loading test specimen. Like the longitudinal loading specimen, the RH-SC-T specimen
without lap-splicing had the largest curvature at the bottom of the column. On the other
hand, at the top of the column, all specimens have relatively the same curvature because
there is no lap-splicing. For the transverse loading specimen, double curvature occurred
along the column up and down. This means that the aspect ratio is small. Therefore, the
height of plastic hinge region that has a large curvature is relatively lower than that of the
longitudinal loading specimen.
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Figure 13. Failure of the transverse loading specimens (RH-SC-T). (a) Failure of the concrete and the reinforcement bar on
the outside face of the bottom (9∆y); (b) Failure of the concrete on the inside face of the top (9∆y); (c) Failure of the concrete
on the outside face of the top (9∆y).
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Figure 14. Distribution of curvature of a transverse loading test.

3.2.2. Hysteresis Curve of Transverse Loading Specimen

Figure 15 shows the load-drift ratio hysteresis curve of the transverse loading speci-
mens. For the RH-NS-T specimens, it can be seen that the horizontal load capacity gradually
decreases after a stable hysteresis curve up to 5.0∆y. In contrast to the fact that the resisting
force dropped after the breakage of the longitudinal reinforcement bar in the longitudinal
loading test, the lateral load was endured more by the moment resistance force, even if the
reinforcing bar breaks at the bottom of the column in the transverse loading test. This is
because the top of the column can resist the bending moment as the plastic hinge. Thus, it
was shown that even if the displacement was applied up to 8.0∆y, the lateral load carrying
capacity was reduced by only about 30%.

95



Appl. Sci. 2021, 11, 2652

∆∆ ∆
∆

  

 
Figure 15. Load-displacement hysteresis curve of transverse loading specimens.

For the RH-SL-T specimens, a stable hysteresis curve was shown up to 6.0∆y. However,
at 7.0∆y, the resisting force decreased significantly. After 7.0∆y, the resisting force decreased
more slightly. In the case of these test specimens, unlike other transverse loading test
specimens, even after 6∆y, where the fracture progressed to some extent, the lateral load-
bearing capacity decreased gradually. This is because the ductility capacity of the top of
the column is high, as the transverse reinforcement bar ratio is larger than that of other
test specimens.

Figure 16 compares the envelope curve of the hysteresis loops of each transverse
loading specimen. As can be seen in the figure, there was little difference in the lateral
load carrying capacity of each specimen. This is because bond failure by lap-splice did not
occur as in the longitudinal loading test. The reduction of the lateral load-bearing force
after the failure of the bottom is determined by the failure of the top of the column. Since
there is no lap-splice at the top of the column, the ductility difference due to the transverse
reinforcement bar changes the difference in the failure drift ratio.
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Figure 16. Load-displacement envelope curve of transverse loading specimens.

4. Result of Seismic Capacity

The seismic capacity of a member with nonlinear behavior can be expressed as the
energy absorption and ductility factor during hysteretic behavior. The absorbing energy
according to the ductility factor was calculated as the area of the hysteresis loop at each
loading step. The energy absorption of each specimen is shown in Figure 17. For the case of
the longitudinal loading, the energy absorption of the RH-SC-L specimen is higher because
the displacement at the failure is slightly larger. For the case of transverse loading, the
RH-SL-T specimen is larger than those of any other specimens. It is almost the same until
5.0, before failure occurs at the bottom of the column. After the bottom part of the column
fractured, the energy absorption capacity at the top of the column contributed to the seismic
performance. It is also confirmed in the failure mode that the top of the column withstands
the load in the transverse direction even after damage. The energy absorption capacity at
the top of the column is determined by the transverse reinforcing bar ratio at the plastic
hinge region. Therefore, even if the specimen RH-SC-T without lap-splicing at the bottom
of the column has the largest displacement when the initial damage occurred, the specimen
RH-SL-T, which has larger transverse reinforcing bar ratio, has better seismic performance.

The test results are summarized in Table 3. The displacement ductility of the RH-SL-L
specimen is smaller than that of the RH-SC-L specimen. There is a difference in ductility
between the loading directions. For the longitudinal direction, the pier behaves like a single
column. For the transverse direction, the pier behaves as multiple columns which generate
multiple plastic hinges. This is consistent with the design value of strength reduction
factor defined as three for the single column pier and five for the multi-column pier in the
design code. It was expected that there would be a large difference in seismic performance
according to the details of the reinforcing bar, but the bond failure in the lap-splice did
not occur, so all the specimens were found to have a seismic performance, although there
are slight differences. The reason why the lap-splice failure did not occur may be that the
plastic hinge region is small because the cross-sectional diameter of the multi-column pier
is smaller than single-column pier.
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Figure 17. Energy absorption with respect to displacement ductility factor.

Table 3. Comparison of failure displacement and ductility.

RH-NS-L RH-SL-L RH-SC-L RH-NS-T RH-SL-T RH-SC-T

Yield displacement ∆y (mm) 43.67 19.21

Maximum lateral force, Pm (kN) 117.72 118.13 116.06 287.93 294.06 277.06
Displacement at Pm (mm) 118.34 132.94 153.30 56.25 70.27 63.58

Displacement at failure (mm) 171.47 193.46 93.68 101.69 96.73
Drift ratio at failure 4.45% 5.02% 3.12% 3.39% 3.22%

Displacement ductility at failure 3.92 4.43 4.87 5.29 5.03

5. Conclusions

In this study, six scaled models of two-column piers were constructed and tested
to investigate their behavior when seismic load is applied. Test specimens having three
different reinforcement details were loaded in the longitudinal direction and the trans-
verse directions.

Initially, bond failure was expected according to lap-splice reinforcement detail. If the
longitudinal reinforcements are lap-spliced to enough length and the transverse reinforce-
ment is appropriate, the flexural failure can be expected. Multi-column piers have a smaller
cross-sectional size than single-column piers, and the fact that the plastic hinge length is
small may be why there was no bond failure at the lap-splice. Accordingly, the effect of the
lap-splice resulted in the reduction of the curvature of the corresponding height because
the longitudinal reinforcement bar ratio was increased.

The behaviors of two-column piers in the transverse direction is different from the
behavior in the longitudinal direction. For the transverse direction, high ductility was
produced due to multiple plastic hinges. The ultimate failure occurs due to the bending
failure of the top of the column connected to the cap beam, so the ductility is affected by
the seismic reinforcement detail of this part.

In this study, lap-splicing did not have a significant effect. However, it should be
noted that if there is a lap-splice in the longitudinal reinforcement of an actual pier, bond
failure may occur depending on the seismic detail. In particular, since it is a result of a
small-scale test, the size effect needs to be additionally considered. Nevertheless, piers
with non-seismic details can withstand earthquakes to some extent if adequate details
are supported.
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Abstract: Top and seat beam-to-column connections are commonly designed to transfer gravitational
loads of simply supported steel beams. Nevertheless, the flexural resistance characteristics of these
type of connections should be properly taken into account for design, when a reliable analysis of
semi-rigid steel structures is desired. In this research paper, different component-based mechanical
models from Eurocode 3 (EC3) and a literature proposal (by Kong and Kim, 2017) are considered to
evaluate the initial stiffness (Sj,ini) and ultimate moment capacity (Mn) of top-seat angle connections
with double web angles (TSACWs). An optimized artificial neural network (ANN) model based on
the artificial bee colony (ABC) algorithm is proposed in this paper to acquire an informational model
from the available literature database of experimental test measurements on TSACWs. In order to
evaluate the expected effect of each input parameter (such as the thickness of top flange cleat, the
bolt size, etc.) on the mechanical performance and overall moment–rotation (M–θ) response of the
selected connections, a sensitivity analysis is presented. The collected comparative results prove
the potential of the optimized ANN approach for TSACWs, as well as its accuracy and reliability
for the prediction of the characteristic (M–θ) features of similar joints. For most of the examined
configurations, higher accuracy is found from the ANN estimates, compared to Eurocode 3- or
Kong et al.-based formulations.

Keywords: top-seat angle connections (TSACW); component-based models; initial stiffness; ultimate
moment capacity; moment-rotation relation; artificial neural network (ANN); sensitivity analysis (SA)

1. Introduction

Bolted top-seat angle connections without (TSAC) or with web angles (TSACW) have
been extensively used in steel and composite structures, because of their relatively high
moment capacity and easy construction. These types of connections are mainly designed
to resist gravity loads of determinate steel beams. A schematic layout is proposed in
Figure 1. Based on the AISC standard [1], a given TSACW is classified as a semi-grid
beam-to-column connection, in which the moment–rotation (M–θ) behavior needs to be
considered in the overall force distribution and structural analysis. Accordingly, there are
no doubts on the necessity to accurately predict the (M–θ) behavior of TSACW joints.

The (M–θ) behavioral trends of steel connections represent essential features of their
response, and in particular with regard to the initial stiffness Sj,ini, maximum moment
capacity Mn, and maximum rotation θu. Once these features are correctly estimated, a
reliable simulation of the actual behavior toward the optimum design of structures would
be possible. The behavior of TSACs and TSACWs has been investigated and equivalent
equations have been proposed to simulate their mechanical behavior for applications
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to steel frames [2–6]. In parallel to TSACWs, a similar solution has a key role also for
“modular buildings”, namely, off-site prefabricated building modules in which the primary
structure consists of steel frames, whose construction has become increasingly popular due
to the advantages, including reduced resource wastage and improved quality [7–10]. The
typical connection takes the form of a bolted connection with a plug-in device or a bolted
connection with a rocket-shaped tenon. Being classified as “bolted”, these connections
have the advantages of reduced site work and demountability.

 

(a) 

 

(b) 

Figure 1. Reference configurations for (a) top-seat angle connections without (TSAC) or (b) with web
angles (TSACW).

In both the cases, the mechanical properties of connections have a great influence on
the strength and stability of the structural system to which they belong. An unrealistic
design of connections may negatively affect the serviceability of the structure as a whole,
due to the occurrence of large deflections. Deformations in connection components as
a result of local buckling phenomena is also a common reason for the failure of these
connections. The key role of connections for modular buildings has been recognized to
affect the overall structural performance of modular systems. Despite this importance,
the design of reliable connections is still identified as a major challenge, and prevalent
knowledge of their structural performance is still limited [11,12].

In this paper, an original study is presented for TSACWs. An artificial neural network
(ANN) model able to capture the underlying mechanism and to accurately estimate both
the initial stiffness Sj,ini and the ultimate moment capacity Mn for TSACWs is proposed. To
this aim, two reference calculation approaches are taken into account from the literature,
and investigated in detail, namely, (i) the mechanical component-based model approach
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proposed by Eurocode 3 (“EC3” [13]) and (ii) the analytical formulation proposed by
Kong and Kim in [14] (“KK”). Since the Sj,ini and Mn features for a given TSACW are
the most influential parameters that affect the overall mechanical characterization of a
given bolted beam-to-column connection, these two selected properties are preliminarily
calculated based on the selected “EC3” and “KK” formulations, and compared against
each other, with the support of experimental data from the literature (77 specimens in total).
Successively, a comprehensive ANN approach, combined with a metaheuristic artificial
bee colony (ABC) algorithm, is developed in this paper to extract an informational model
for TSACWs. A major advantage for the definition of the proposed model is given by
the support of experimental data from the literature, and sensitivity analysis to assess
the collected comparative results. The potential and limits of each scheme, as well as the
original ABC-ANN for TSACW joints, are hence discussed in detail.

2. State of the Art

Different parameters contribute to the (M–θ) behavioral characterization of bolted
connections, as shown in Figure 2 [15–20], and it is thus first necessary to use reliable
modeling techniques. In the case of modular steel buildings, non-linear link elements are
generally incorporated for computational efficiency, where the bending moment, shear,
axial force, and corresponding moment–rotation (M–θ) curves are simplified and included
as spring elements. Nevertheless, since the knowledge of the structural behavior of modular
steel buildings is limited, the simplified models for the force–displacement and moment–
rotation curves are not well established. Therefore, the intrinsic uncertainty can lead to
excessively conservative design practices, requiring additional investigations on the topic.

θ

θ

 
Figure 2. Moment–rotation curve of common types of beam-to-column connections (adapted from [5]
under the terms and conditions of a Creative Commons Attribution License (CC BY)).

Extended literature studies are indeed available for TSACs and TSACWs. To simulate
the beam-to-column connection behavior, apart from experimental tests, three different
modeling options are introduced in the form of analytical or empirical models [21], ad-
vanced finite element (FE) models [22–24], and component mechanical models [25,26].
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Analytical and empirical models naturally extract simple mathematical expressions, and
thus typically facilitate their application in practice, with a reasonable level of accuracy.
On the other hand, by applying advanced FE methods, it is possible to simulate more
precisely the complex non-linear beam-to-column connection response. Some limitations
are unavoidably introduced in terms of high computational cost and sophisticated prepa-
ration process (assembly, calibration, etc.). Component-based mechanical models, finally,
consider an assembly of rigid elements and equivalent springs relay on the two previous
modeling approaches, considering computational complexity and reliability.

Several research studies have documented the (M–θ) performance of TSACWs, es-
pecially through extended experimental investigations. In 1985 and 2000, respectively,
Azizinamini and Radziminski [25] and Calado et al. [15] experimentally investigated the
(M–θ) behavior of TSACW specimens under monotonic and cyclic loading. The hysteresis
behavior of TSACW specimens was investigated in several cited projects. The presented
results indicated that the main sources of plastic deformation are typically located in the
top and bottom cleats, which represent the governing components. In addition, the same
studies proved a limited influence of the column size on the overall hysteretic performance
of the examined connections. A considerable number of literature studies has also been
published in support of the prediction of the (M–θ) behavior, initial stiffness, and ulti-
mate strength of TSACW systems through various mechanical and analytical models. In
1987, Azizinamini et al. [27] proposed a set of relevant equations to predict initial stiffness.
Kishi et al. [28,29] presented an analytical model to estimate both the initial stiffness and
ultimate moment capacity of TSACWs through cantilever beam theory. In more detail,
a three-parameter power model was discussed in [29], in which the elastic stiffness and
ultimate moment capacity of connection of TSACWs were estimated by a simple analytical
method. Pucinotti [30] proposed a simplified mechanical model along with relevant initial
stiffness and ultimate moment equations. A three-linear (M–θ) constitutive law based
on the fiber element formulation was proposed by Shen and Astaneh-Asl [31]. In that
study, two possible mechanisms were considered, according to the strength of the angles
relative to the bolt. They concluded that plastic hinges were crated at the leg of the angles
in thinner top cleats, while the plastic hinge was generally found to appear at the central
line of the column bolts, along with plastic deformations of the bolts. A mechanical model
for estimating the inelastic cyclic (M–θ) relationship of TSACWs was proposed by De
Stefano et al. [32]. Currently, by the advances in computer technologies, there is a large
volume of published studies on (M–θ) behavior of beam-to-column connections through
the FE method. For example, Danesh et al. [33] investigated the effect of shear force on the
expected initial stiffness. Pirmoz et al. [34] focused on the effect of web angle on the (M–θ)
behavior. Salem et al. [35] conducted parametric research on the prying action of bolts.
Their study indicated that the prying force of top cleat and column flange bolts is found
to increase by decreasing the vertical leg of the top cleat. Collectively, all the mentioned
studies (and others) outline a set of different methodologies in support of a reliable (M–θ)
modeling and mechanical characterization of beam-to-column connections.

Among the multitude of research studies that have been done on TSACs or TSACWs,
traditional experimental or numerical methods are used in most of the cases. The current
investigation, in this regard, applies ANN techniques for the analysis of this type of
connection. ANNs are largely used for solving complex civil engineering (and other)
problems, and their application has increased significantly in the last few years. ANNs can
be effectively applied for predictive modeling in different engineering fields, especially in
those cases where some prior (experimental or numerical) analyses are already available.
The origins of ANNs can be found in the field of biology, where the biological brain consists
of billions of highly interconnected neurons, forming a neural network.

A validated informational method is developed in this paper, to provide an alternative
tool that could be used to model the complex structural and material behavior in TSACWs
that cannot be easily approximated and generalized by conventional approaches. The
information about the underlying mechanics for TSACWs is extracted from the observed ex-
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perimental data of the literature, which are processed in neural networks and subsequently
trained with optimization techniques.

3. Data Bank Development

Having recognized that different parameters contribute to the (M–θ) behavioral char-
acterization of bolted beam-to-column connections, it is first fundamental to develop a
consistent data bank of test results for the examined connection typology. Experimen-
tal investigations and their results—when correctly extracted—notoriously allow a more
robust and accurate classification of different behavioral features for beam-to-column con-
nections, including Sj,ini and Mn, but also hardening, non-linearities, progressive damage
and degradation of mechanical parameters, rotation capacity, failure mechanism, and
sequence. The same database is also strictly necessary for the development of the ANN
model herein proposed.

In this paper, the preliminary verification of the component-based mechanical model
for bolted TSACWs, as well as the training data to develop the ANN model, is carried out
with the support of experimental data from the literature. Table 1 presents a short summary
of the major geometrical and material properties for the examined TSACWs. The full data
of TSACW specimens are available in [27,36,37].

Table 1. Geometrical and mechanical characteristics of selected TSACW specimens.

Test Beam Column

Size
of

Bolts
(mm)

Top Cleat
(mm)

Web Cleat
(mm)

Yield Stress
of Angle
(N/mm2)

8S1 H210 × 134 × 6.4 ×10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 89 × 7.9 L102 ×89 × 6.4 285.4
8S2 H210 × 134 × 6.4 ×10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 89 × 9.5 L102 × 89 × 6.4 285.4
8S3 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 89 × 7.9 L102 × 89 × 6.4 285.4
8S4 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 152 × 9.5 L102 × 89 × 6.4 285.4
8S5 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 102 × 9.5 L102 × 89 × 6.4 285.4
8S6 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 102 × 7.9 L102 × 89 × 6.4 285.4
8S7 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 19.1 L152 × 102 × 9.5 L102 × 89 × 6.4 285.4
8S8 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 22.2 L152 × 89 × 7.9 L102 × 89 × 6.4 277
8S9 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 22.2 L152 × 89 × 9.5 L102 × 89 × 6.4 277

8S10 H210 × 134 × 6.4 × 10.2 H310 × 254 × 9.1 × 16.3 22.2 L152 × 89 × 12.7 L102 × 89 × 6.4 277
14S1 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 9.5 L102 × 89 × 6.4 285
14S2 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 12.7 L102 × 89 × 6.4 365
14S3 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 9.5 L102 × 89 × 6.4 285
14S4 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 9.5 L102 × 89 × 9.5 285
14S5 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 9.5 L102 × 89 × 6.4 277
14S6 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 12.7 L102 × 89 × 6.4 277
14S8 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 15.9 L102 × 89 × 6.4 277

14S9 H358 × 172 × 7.9 × 13.1 H323 × 310 × 14 × 22.9 19.1 L152 × 102 × 12.7 L102 × 89 × 6.4 277

4. Component-Based Mechanical Models for TSACWs

4.1. Initial Stiffness

The initial stiffness Sj,ini of bolted connections is one of the most important parameters
for the characterization of their (M–θ) response. There is a large volume of published studies
investigating Sj,ini of bolted beam-to-column connections. The first deep discussion and
analysis about Sj,ini emerged in the 1980s with the research studies by Azizinamini et al. [27].
The authors proposed a beam model dividing the leg of the top cleat flange into two types
of beam segments, flexible and rigid sections. Relevant equations of practical use have
been presented to estimate Sj,ini for TSACWs. Later, Kishi and Chen [29] presented a new
equation that was developed according to the cantilever beam model.

The EC3 standard document [13]—Annex J—implemented a component method to
estimate the Sj,ini of TSACs. In this method, the connection behavior is simulated by a series
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of different components, each one represented in the form of an elastic spring with specific
stiffness and strength. The overall initial stiffness of the connection is hence notoriously
estimated by assembling all the springs in a parallel series configuration, as shown in
Figure 3.

𝑆 , = 𝐸 𝑧∑ 1/𝐾

 
Figure 3. Component-based modeling of TSAC.

In the EC3, the input stiffness coefficients that must be considered are associated with
the column shear panel zone (K1), the column flange in tension (K3), the column flange in
compression (K2), the flexural stiffness of column flange (K4), the top cleat flexural stiffness
(K6), the tensile stiffness of bolts (K10), and, for non-preloaded bolts, their shear stiffness
(K11) and their bearing stiffness (K12). In conclusion, Sj,ini of TSACs is given by:

Sj, ini =
E z2

∑
n
i=1 1/Ki

(1)

where E is Young’s modulus, z is the lever arm, Ki is the i-th component stiffness coefficient,
and n is the number of joint components, as in Figure 3. Finally, z should be taken as the
distance from the bolt-row in tension and mid-thickness of the leg of the seat cleat on the
compression flange.

While the above formulation is widely used in practice, the EC3 formulation does not
include a mechanical model for TSACWs. Accordingly, an extension of EC3 for TSACWs is
proposed in this paper. For a bolt-row in a web cleat, the stiffness illustrated in Figure 4
should be considered.

The overall stiffness of basic components illustrated in Figure 4 is represented by a
single equivalent stiffness coefficient keq, that can be calculated as:

keq =

Sj, ini

Ez + ∑ ke f f , rzr

zeq
(2)

where Sj,ini is again the initial stiffness for TSACs, while zr represents the distance between
the center of the compression cleat and the bolt-row r of the web cleat.

Moreover:

ke f f , r =
1

∑i 1/ki, r
(3)
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where ki,r is the stiffness coefficient representing component i relative to bolt-row r, and:

zeq =

Sj, ini

E + ∑r ke f f , rz2
r

Sj, ini

Ez + ∑r ke f f , rzr

(4)

In conclusion, the initial stiffness of TSACWs can be calculated as:

Sj, ini =
Ezeq

keq
(5)

  

𝑘 = 𝑆 ,𝐸𝑧 + ∑𝑘 , 𝑧𝑧
𝑘 , = 1∑ 1/𝑘 ,

𝑧 = 𝑆 ,𝐸 + ∑ 𝑘 , 𝑧𝑆 ,𝐸𝑧 + ∑ 𝑘 , 𝑧
𝑆 , = 𝐸𝑧𝑘

𝑆 , = 0.49𝐸𝑙 𝑡 𝑑 + 𝑡2 + 𝑡2 + 2𝑘𝑔 − 𝑡 − 𝑑2 𝑡𝑡 𝑡𝑡 (𝑑𝑡 ) . + 0.312𝑛𝛼𝐸𝑙 𝑡(1 + 𝜐)𝑔

α
υ −

Figure 4. Proposed extension of component-based model for TSACW.

Kong and Kim [14] have used curve fitting software to obtain the effects of top and
seat angles on the Sj,ini value of TSACWs. Past literature studies also recognized that
Sj,ini correlates well with correlates the angle thickness, the length of the top angle, the
height of the beam, the thickness of the column flange, the fillet size of the top angle, the
thickness of the beam web, the gauge distance, and the diameter of bolts. In [14], therefore,
a semi-empirical equation has been proposed as:

Sj, ini =
0.49Eltt

3
t

(

d + tt
2 + ts

2 + 2kt

)

(

gt − tt −
db
2

)2

tc f

tt

tbw

tt

(

d

tt

)0.3

+
0.312nαElp

2ta

(1 + υ)gc
(6)

In Equation (6), E is the previously defined Young’s modulus; lt is the length of top
angle; tt is the top angle thickness; ts is the thickness of seat angle; d is the height of beam;
kt is the fillet size of top angle; tcf is the thickness of column flange; tbw is the thickness of
beam web; gt is the distance from top angle heel to the center of bolts; db is the diameter of
bolts; n is the number of bolts; α = 1.0 mm; lp is the angle length of the web; ta is the angle
thickness of web; υ is Poisson’s ratio; and gc = g1 − ta, as shown in Figure 5.

4.2. Ultimate Moment Capacity

The ultimate moment capacity Mn is one of the well-known fundamental parameters
that affects the overall response of bolted beam-to-column connections. Several literature
studies on TSACW specimens suggest that a rotation of 0.03 rad is sufficient to experience
the full plastic moment capacity Mp of the connected beam [38]. The American Institute of
Steel Construction [39], in this regard, recommends considering a relatively low rotation
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during the analysis and design process for this connection typology. Accordingly, the
amplitude of 0.03 rad is defined as the maximum rotation capacity of TSACWs.

 
(a) 

(c) 

 
(b) 

  
.

 𝑀 = 𝐹 𝑍

𝑀 = 𝑀 +𝑀 + 𝑉 𝑑 + 𝑉 𝑑

Figure 5. Geometrical parameters of the reference TSACW: (a) top angle, (b) seat angle, (c) web angle. Reproduced from [14]
with permission from Elsevier, copyright agreement with license number 5011231057466, February 2021.

The component-based method can be extended to estimate the ultimate moment
capacity Mn of TSACWs, as far as the contribution of influencing components is properly
considered. These all affect the overall TSACW flexural resistance and are represented
by: the column web panel in shear, the column web in compression, the column web in
tension, the column flange in bending, the top cleat in bending, the web cleat in bending,
the bolts in tension or in shear, the beam web in tension, and the beam flange and web
in compression. Past research studies proposed different mechanical models to calculate
Mn [30,40,41]. In most of those proposals, the failure of the top, seat, and web cleat’s leg
under maximum moment was only recognized, while other failure mechanisms (such as
the failure of one or more bolts) were fully disregarded. In 2005, the EC3 standard [13]
defined the required ultimate moment capacity Mn of TSACs and TSACWs as:

Mn = FRdZ (7)

where Z is the lever arm and FRd is the design resistance of weak joint components. The
second term can be governed by one of the following mechanisms: top cleat in bending
(Ftc,Rd), bolts in tension, beam flange in tension and compression, and beam web in tension.

For a TSAC with a single-web cleat, Kishi and Chen [29], in 1990, elaborated a model
proposal for the detection of collapse mechanisms. Kong and Kim [14] further extended
the method from [29], and presented a formulation for TSACWs:

M
top−seat
n = Mos + Mp + Vptd2 + Vpad4 (8)

In Equation (8), Mos is the plastic moment capacity of the seat angle; Mp is the plastic
moment capacity of the top angle; Vpt is the ultimate shear force acting on the top angle; d2
is a parameter related to the depth of the beam and thickness of top and seat cleats; Vpa is a
parameter that depends on the ultimate shear force at the upper and lower edges of the
web cleat; and d4, finally, is the distance between plastic shear at the lower edge of the web
cleat to the center of compression. These parameters are schematized in Figure 6.
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.

.

.

 .

Figure 6. Collapse mechanism for TSACW. Reproduced from [14] with permission from Elsevier,
copyright agreement with license number 5011231057466, February 2021.

5. Informational Based Modeling

An informational-based method recognizes, as an alternative method to simulate
the complex structural and material behavior, that conventional methods are not simply
estimated. This alternative method simulates the behavior by the information provided by
selected tested specimens. Accordingly, this is an essential evolution from mathematical
equations to preserve data that contain the necessary information on mechanical charac-
teristics. In this approach, the underlying mechanics information is extracted from the
experimental test data and processed in the ANN program.

Among numerous structures of ANNs that have been studied, the most widely used
one is represented by the multi-layered feed-forward (FF) network, which is the structure
implemented in the current investigation. Among others, FF is the oldest and simplest
of existing ANNs, representing the most popular class of ANNs for its computational
efficiency [42]. The main structure of a neural network is usually made up of three distinct
layers, and never cycles. According to the literature, three-layer FF networks are found
to be sufficient in civil engineering practices [43]. The input layer is where the data are
introduced to the model, the hidden layer is where the data are processed, and the output
layer is where the model results are generated. Each layer is made up of nodes called
neurons [44]. Apart from the neurons in the input layer, which only receive and transmit
incoming signals to other neurons in the hidden layer, each neuron in the other layers
consists of three main components, weights, bias, and an activation function, which can
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be linear or non-linear. After determining the network topology, including the number of
layers, the number of neurons, the type of transmission function, and the network learning
algorithm, modeling for data can be started [45]. During the analysis of the model using
learning algorithms, the number of errors can be reduced by adjusting weights and bias
in each neuron. For this purpose, the Levenberg–Marquardt algorithm has been used in
modeling the neural network due to its high speed and accuracy. The training algorithm
distributes the network error to achieve optimal or minimum error [46,47].

5.1. Artificial Bee Colony (ABC) Algorithm

The artificial bee colony (ABC) algorithm is an optimization algorithm based on the
bee population’s collective intelligence and intelligent behavior in finding food [44]. In its
primary model, the algorithm performs a neighborhood search combined with a random
search, and can be used for either combined or functional optimization [48].

In the ABC algorithm, the colony consists of three groups of bees: employed, onlookers,
and scout bees. The first and the second half of the colony consist of employed artificial
bees and onlookers, respectively. There is only one employed bee for every food source. In
this algorithm, moreover, a scout is representative of an employed bee of an abandoned
food source. Overall, the search process in ABC can be summarized as follows [49,50]:

• A food source is determined by employed bees in their memory within the neighborhood.
• The collected information of food sources by employed bees is shared with onlook-

ers within the hive, and subsequently, the optimum food sources will be selected
by onlookers.

• A food source will be selected by onlookers themselves within the neighborhood of
the food sources.

• An employed bee becomes a scout once the food source has been abandoned and
starts to search for a new food source randomly.

5.2. Training the ANN and Methodology

To train the artificial neural network, a total number of 77 specimens from [36] and [37]
was considered in this study, in order to determine two outputs of Sj,ini and (Mn/Mp,beam).
Up to ≈ 80% of the selected samples (62) was used for training, while 20% (15 specimens)
was used for testing the network.

Accordingly, several variables were introduced as input parameters for the mo-
del, including:

• the moment inertia ratio of the column to the connected beam (Icol/Ib);
• the thickness of the top (thtc) and bottom (thbc) flange cleat;
• the maximum thickness of right or left web cleat (Max-thwc);
• the bolt size (db);
• the ratio of column to beam yield strength (fy,c/fy,b).

The statistical characteristics of these variables are summarized in Table 2.

Table 2. Characteristics of input and output parameters for artificial neural network (ANN) training.

Statistical Index Type Max Min Avg. STD

Icol/Ib Input 20.00 0.29 2.59 3.95
thtc (mm) Input 15.90 0.00 8.10 4.79
thbc (mm) Input 15.90 0.00 8.70 4.45

Max-thwc (mm) Input 15.00 0.00 6.17 4.50
db (mm) Input 24.00 16.00 19.51 1.69

fy,c/fy,b Input 1.13 0.79 0.99 0.08

Sj,ini (kNm/rad) Output 36,365.00 1633.00 12,021.75 9108.08
Mn/Mp,beam Output 0.95 0.13 0.43 0.19
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The number of hidden layers and the total number of neurons in the hidden layers in
an ANN depend on the nature of the problem [51]. Generally, the trial and error method is
used to obtain the ideal architecture that best reflects the characteristics of laboratory data.
In this paper, an innovative method for calculating the number of neurons in hidden layers
is taken into account, namely:

NH ≤ 2N + 1 (9)

where NH represents the number of neurons in the hidden layers and NI is the number of
input variables.

Since the number of influential input variables for the current study is equal to 6, the
empirical Equation (9) shows that the number of neurons in hidden layers can be less than
13. Therefore, several networks with different topologies (with a maximum of two hidden
layers and a maximum of 13 neurons) were trained and studied in this paper.

The hyperbolic tangent stimulation function and Levenberg–Marquardt training algo-
rithm were used in all networks. The statistical indices used to evaluate the performance
of different topologies are the root mean squared error (RMSE), the average absolute error
(AAE%), the model efficiency (EF), and the variance account factor (VAF%) that are defined
as follows [52]:

RMSE =

[

1
n

n

∑
i=1

(Pi − Oi)
2

]
1
2

(10)

AAE =

∣

∣

∣∑
n
i=1

(Oi−Pi)
Oi

∣

∣

∣

n
× 100 (11)

EF = 1 −
∑

n
i=1(Pi − Oi)

2

∑
n
i=1

(

Oi − Oi

)2 (12)

VAF =

[

1 −
var(Oi − Pi)

var(Oi)

]

× 100 (13)

After examining different topologies of networks, it was found that the network with
a 6-7-6-1 topology is characterized by the lowest value of error in RMSE, AAE%, EF, and
VAF%, and by the highest value of R2 to estimate the two output parameters Sj,ini and
(Mn/Mp,beam), as also shown in Table 3. It is necessary to mention that the error criteria for
training and testing the selected data are calculated in the main range of variables and not
in the normal range.

In this study, as it is for several structural engineering practice applications, the ABC
algorithm is used as a new metaheuristic algorithm to determine the weight optimization
of each ANN model. In more detail, the (Mn/Mp,beam) output has a numerical range of 0–1
while the Sj,ini output is characterized by a numerical range of 1600–37,000 (kNm/rad).
This means that there is a big difference between the two target outputs. For modulation,
two separate ANNs were hence used in this study, each one with one output. Their basic
characteristics are summarized in Table 4.

Figure 7 shows the optimal topology of an FF network with two hidden layers, six
input variables (neurons), and one output parameter. The ABC has been also used to
provide the least prediction error for the trained structure, in order to optimize the weights
and biases of the ANN model. The ABC parameters are also presented in Table 5.
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Table 3. Statistical indices of ANN with best 6-7-6-1 topology, as combined with artificial bee colony
(ABC).

Type Statistical Index
Sj,ini

(kNm/rad)
Mn/Mp,beam

Train

R2 0.922 0.955
y = ax + b y = 0.8107x + 2,037.8 y = 0.9319x + 0.033

RMSE 3542.657 0.058
AAE % 0.292 0.108

EF 0.848 0.911
VAF % 0.849 0.912

Test

R2 0.939 0.954
y = ax + b y = 0.9406x + 2860.1 y = 0.8749x + 0.0303

RMSE 3790.584 0.065
AAE % 0.422 0.109

EF 0.817 0.892
VAF % 0.878 0.908

All

R2 0.918 0.953
y = ax + b y = 0.8287x + 2257.6 y = 0.9142x + 0.0348

RMSE 3592.297 0.059
AAE % 0.317 0.108

EF 0.842 0.908
VAF % 0.843 0.908

Table 4. Structure and topology of the feed-forward (FF) neural network.

No. Name

Features of Neural Network

Number
of Input

Number
of Output

Neural
Network

Hidden
Layer

Node
Learning

Role
Transfer
Function

1 ABC-ANN-s 6 1 FF 2 7-6
Levenberg–
Marquardt

tansig

2 ABC-ANN-m 6 1 FF 2 7-6
Levenberg–
Marquardt

tansig

 .

 
 

       

 

 
 

    

Figure 7. Feed-forward ANN with 6-7-6-1 structure.
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Table 5. Features of ABC algorithm in the proposed ANN model.

No. Name

Features of ABC Algorithm

Number of Bees Source Number Onlooker Number Max Number of Cycles

1 ABC-ANN-S 50 25 25 100
2 ABC-ANN-M 30 15 15 150

6. Results and Discussion

6.1. Accuracy of Proposed ABC-ANN Model

Table 6 shows the comparison between different models with experimental data for es-
timating Sj,ini and Mn. Concerning the calculated average (“Avg.”) and standard deviation
(“STD”) values, the results in Table 6 indicate that the ABC-ANN model provides more
reliable predictions for both, compared to the EC3 or KK formulations described earlier.
Using the existing empirical models, in particular, the Sj,ini and Mn predictions for some
specimens are either underestimated or overestimated, and this suggests the limitation of
mechanical models to capture the underlying mechanism that governs both the parameters.
The ABC-ANN predictions, conversely, are characterized by minimum deviation.

Table 6. Comparison of different models with literature test data, as obtained in terms of Sj,ini and Mn.

Sj,ini

(kNm/rad)
Mn

(kNm)

Test Test/EC3 Test/KK
Test/ABC-
ANN-S

Test Test/EC3 Test/KK
Test/ABC-
ANN-M

6000 0.62 0.81 1.32 43.6 1.11 1.22 0.91
13,846 0.44 1.49 0.57 44.9 0.93 0.95 0.92
10,099 0.49 1.03 0.78 54.2 1.11 1.22 0.73
1633 1.32 1.34 1.23 21.7 1.17 1.21 1.9
8089 1.65 1.26 0.98 43.3 1.02 1.09 0.95
4490 1.80 1.13 1.33 33.1 1.25 1.37 1.2
4638 1.17 0.96 1.7 47.4 1.34 1.47 0.87
6060 1.50 1.43 1.32 50.4 1.87 2.07 1.6

10,029 1.61 1.94 0.98 54.6 1.56 1.67 0.97
30,222 2.74 4.09 0.99 74.7 1.35 1.37 0.95
21,623 1.74 0.99 0.88 83.7 1.08 1.11 1.19
26,919 1.05 0.87 0.88 168.8 0.75 1.12 1.01
11,022 0.87 0.51 0.66 80.9 1.30 1.31 1.25
23,852 1.67 1.07 0.8 101.3 1.03 1.06 0.99
22,672 1.78 0.97 0.84 119.9 1.22 1.57 0.81
25,247 0.97 0.76 0.94 127.4 1.00 1.03 0.99
58,679 1.43 1.27 1.14 186.9 1.045 1.07 0.96
24,169 0.93 0.72 0.99 123.8 0.97 1.00 1.02

Avg. 1.32 1.26 1.01 1.17 1.27 1.02
STD 0.56 0.78 0.27 0.25 0.28 0.19

Figures 8 and 9 show the scatter graph that provided the relationship between test
results and the proposed ABC-ANN model for estimating the Sj,ini and Mn parameters,
respectively. In this case, the comparative results also indicate that the ABC-ANN model
offers a reliable value for the ratio of experimental to computational predictions (R2), for
both the examined mechanical parameters, and thus confirming further the high potential
and accuracy of the proposed model.
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Figure 8. ABC-ANN calculated versus experimentally observed values for the parameter Sj,ini.

 

 
Figure 9. ABC-ANN calculated versus experimentally observed values for the parameter
(Mn/Mp,beam).
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In conclusion, Tables 7 and 8 provide the final weights and biases for both hidden
layers, as estimated by the ABC-ANN model. Using the values of the weights and biases
between the different ANN layers, the two output parameters (Sj,ini and Mn/Mp,beam) can
be determined and predicted.

Table 7. Final weights and bias values of the ABC-ANN model for Sj,ini (kNm/rad).

IW b1

0.4817 0.1907 −0.2197 −0.4365 0.5490 −0.5109 0.9004
−0.3810 0.0292 0.5892 −0.2042 −0.7789 0.7893 0.5127
0.0253 0.0070 −0.7712 0.5666 −0.1401 0.8548 0.3646
0.8274 −0.7504 −0.8258 0.9904 −0.4542 −0.4942 −0.1958
0.5154 −1.0000 0.3092 0.4735 −0.5747 0.0010 0.0809
−0.8149 −0.0035 −0.6034 0.3425 1.0000 −0.0460 −0.4586
−0.4572 1.0000 0.3426 0.9226 −0.1067 −0.9320 1.0000

LW1 b2

−0.8055 −0.7453 0.8586 −0.3097 0.5595 0.4411 −0.8149 −0.2254
0.9575 −1.0000 −0.7036 0.8996 −0.2134 −0.8109 −0.2879 0.8898
−0.6931 −0.0147 0.1303 −0.3631 0.3113 −0.3478 −0.5636 0.0838
-0.4409 −0.7401 0.4323 −0.9174 0.3017 −0.6847 −1.0000 0.5783
-0.4875 −0.0611 0.3553 −0.8939 1.0000 −0.5234 −0.5076 0.2355
0.5268 −1.0000 −0.7456 −0.1620 0.1855 −0.1735 −0.2715 0.2381

LW2 b3

−0.8122 −0.2114 0.4500 0.1232 −0.9455 −0.1440 −0.8268

Table 8. Final weights and bias values of the ABC-ANN model for (Mn/Mp,beam).

IW b1

0.5052 0.026 −0.048 −0.457 −0.601 0.880 −0.263
0.0611 −0.002 0.231 1.000 −0.039 −0.041 −0.096
0.8044 0.613 0.636 −0.597 0.068 −0.707 0.830
−0.0309 0.840 1.000 0.972 0.503 0.902 0.328
−0.0211 −0.668 0.193 0.190 0.841 0.214 0.582
−0.8067 −0.706 0.351 −0.533 −0.137 0.048 0.332
0.6398 0.751 0.515 −0.311 0.908 −1.000 −0.874

LW1 b2

−0.8170 0.552 −0.907 −0.003 0.750 −0.879 −0.423 −0.870
−0.8032 0.822 −1.000 −0.435 0.052 −0.235 0.438 −0.286
−0.7108 −0.702 −0.572 −0.039 0.144 0.154 0.653 0.159
−0.3023 −0.827 0.142 0.368 0.149 0.385 0.467 −0.822
0.6028 0.679 −0.656 −0.584 −0.243 −0.078 0.546 0.176
0.9051 −0.554 −0.576 −0.672 0.981 −0.221 −0.992 0.303

LW2 b3

−0.4997 −0.239 0.875 −0.930 −0.243 −0.643 −0.930

IW: weight values for input layer; LW1: weight values for first hidden layer; LW2: weight values for
second hidden layer; b1: bias values for first hidden layer; b2: bias values for second hidden layer; b3:
bias values for output layer.

To formulate ANN results, weights and biases from Tables 7 and 8 should be normal-
ized as:

Xn =
2 × (X − Xmin)

Xmax − Xmin
− 1 (14)
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By substituting the normalized values of Table 3 for each one of the six input parame-
ters, they are represented by a 6 × 1 vector that is herein labeled as a(1). Then, by using the
following equations, the values of Sj,ini and (Mn/Mp,beam) can be calculated from:

a(2) = tanh
(

IW × a(1) + b1

)

(15)

a(3) = tanh
(

LW1 × a(2) + b2

)

(16)

Y
Predic(Normalize)
S or M = tanh

(

LW2 × a(3) + b3

)

(17)

Y
Predict(Actual)
S or M =

Y
Predict(Normalize)
S or M + 1

2
× (Ymax − Ymin) + Ymin (18)

The parameters IW, LW1, LW2, b1, b2, and b3 are shown as vector matrices in
Tables 7 and 8. Furthermore, “S“ and “M“ in Equations (15)–(18) stand for Sj,ini and
(Mn/Mp,beam), respectively.

Another visual measure that can be taken into account for comparing the performance
of the ABC-ANN model against the component-based mechanical models (EC3 or KK) is
the Taylor diagram, see Figures 10 and 11. This diagram depicts a graphical illustration
of the adequacy of each investigated model, based on the root mean square-centered
difference, the correlation coefficient, and the standard deviation.

𝑌   ( ) = 𝑌   ( ) + 12 × (𝑌 − 𝑌 ) + 𝑌
 .

Figure 10. Taylor diagram visualization of model performance, in terms of Sj,ini predictions.
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𝑉 = 𝑉 + 𝑉 +⋯+ 𝑉 , ,…,

Figure 11. Taylor diagram visualization of model performance, in terms of Mn predictions.

The results shown in Figures 10 and 11 clearly indicate that the closest prediction for
both the Sj,ini and Mn input parameters, to the point representing the experimental data of
the literature, are provided by the herein developed ABC-ANN model. The EC3 component-
based model, as shown, also results in high values of root mean square-centered difference
and standard deviation, thus further suggesting a good accuracy of the formulation over
the selected experimental data. The same comparative parameters, conversely, are rather
low regarding the application of the KK model to the selected experimental specimens.

6.2. Sensitivity Analysis

As previously discussed, the accuracy and potential of the proposed ABC-ANN
model for the estimation of the Sj,ini and Mn parameters in TSACWs was acknowledged by
comparison with the EC3 and KK component-based formulations. In order to investigate
in more detail the effect of all the required input parameters, a sensitivity analysis (SA)
was carried out for the selected TSACW specimens. The SA reveals how significantly
the model output can be affected by changes within input variables. There are two main
types of SA, known as “global” and “local” sensitivity analyses, where the local sensitivity
analysis (LSA) concentrates on the local impact of individual input parameters on the
overall performance. The global sensitivity analysis (GSA), on the other hand, evaluates
the influence of individual input parameters over their entire spatial range and measures
the uncertainty of the overall performance (output) caused by input uncertainty, over
interaction with other parameters, or also taken individually. Therefore, considering the
nature of the complex non-linear behavior and variation of Sj,ini and Mn parameters in the
current study, the GSA was selected as much more rational for investigating the impact of
input parameters on the overall performance.
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Amongst GSA methods, a variance-based approach has been primarily considered
in past literature for SA. The method provides a specific methodology for defining total
and first-order sensitivity indices for each input parameter of the ANN model. Assuming
a model in the form Y = f (X1, X2, . . . , Xk), where Y is scalar, the variance-based technique
takes a variance ratio to evaluate the impact of individual parameters using variance
decomposition as:

V =
k

∑
i=1

Vi +
k

∑
i=1

k

∑
j>i

Vij + . . . + V1,2,...,k (19)

where V is the variance of the ANN model output; Vi is the first-order variance for the
input Xi; Vij to V1,2, . . . , k correspond to the variance of the interaction of the k parameters.

Vi and Vij, which denote the significance of the individual input to the variance of the
output, are a function of the conditional anticipation variance:

Vi = Vxi
[Ex∼i

(YXi)] (20)

Vij = Vxixj

[

Ex∼ij
(YXi, Xj)

]

− Vi − Vj (21)

where the suffix x∼i designates the set of all input variables apart from Xi.
The first-order sensitivity index (Si) represents the first-order impact of an input Xi on

the overall output provided by:

Si =
Vi

V(Y)
(22)

The abovementioned methodology for calculating the first-order sensitivity index was
used in this research study. Major results of the SA are presented in Figure 12.

𝑉 = 𝑉 𝐸 ~ (𝑌𝑋𝑉 = 𝑉 𝐸 ~ (𝑌𝑋 , 𝑋 − 𝑉 − 𝑉x∼𝑖
𝑆 = 𝑉𝑉(𝑌)

  
Figure 12. Sensitivity indices of variables Sj,ini and (Mn/Mp,beam).

Apart from the yield strength (fy) that depends on material properties, the comparative
results indicate that the thickness of top flange (thtc) has the most influence, while the
moment inertia ratio of column to beam (Icol/Ib) has the least effect on both the output
parameters, Sj,ini and Mn. The thickness of the bottom flange cleat (thbc) can be classified
as the second most influential input variable, especially in terms of maximum moment
capacity Mn.

7. Concluding Remarks

Modeling the plastic response of different components in beam-to-column bolted
connections and their interactions is a challenging issue in the structural engineering com-
munity. In this paper, an informational artificial neural network (ANN) model combined
with the metaheuristic artificial bee colony (ABC) algorithm was developed to model the
initial stiffness (Sj,ini) and maximum moment capacity (Mn) of top-seat angle connections
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with double web angles (TSACWs). Two different formulations of component-based me-
chanical models of the literature (as proposed by Eurocode 3 (“EC3”) or by Kong and Kim
in 2017 (“KK”)) were also investigated in detail.

The discussed comparisons and results confirmed that the efficiency of the component-
based mechanical model depends on the number and accuracy of the relationships of the
constitutive components. By defining a sufficient number of components and subsequently
idealizing the physical behavior in analytical equations, the reliable application of the
mechanical model to different connection configurations is possible.

Nevertheless, idealization typically resulted in equations that excluded several im-
portant physical behavioral features of TSACWs, such as slippage. On the other hand,
unlike the conventional mechanical modeling process that involves idealization from the
observed behavior to the mathematical equations, in the informational base method, the
information about essential behavior is extracted from available experimental test data
and processed using an ANN. Nevertheless, the ANN model was limited to providing the
global response only for bolted connections that include the contributions of all the consti-
tutive components. Using this method, as shown, it is impossible to represent individual
components and their actual contribution. Therefore, the model does not offer an insight
into the underlying mechanics. Overall, the following conclusions can thus be derived:

• both the EC3 and KK component-based models failed to capture the underlying
mechanism for estimating Sj,ini and Mn parameters. As a result, these were either
underestimated or overestimated for the reference specimens. On the other hand, the
herein developed ABC-ANN model proved to offer a reliable prediction of required
parameters, as also emphasized by the ratio of observational to computational values
(R2), and thus suggesting the high potential and accuracy of the proposal.

• The ANN model combined with the ABC algorithm established an excellent agreement
with the available experimental database. The results highlighted that the ANN model
may be a reliable alternative to a component-based mechanical model to estimate
the mechanical behavior of bolted beam-to-column connections. Using the values
of weights and biases between the different ANN layers, the two output parameters
(Sj,ini and Mn) can be accurately predicted.

• The sensitivity analysis confirmed that (apart from the yield strength fy that necessarily
depends on material properties) the thickness of the top flange (thtc) has a significant
influence, while the moment inertia ratio of column to beam (Icol/Ib) has the least
effect on both the predicted output parameters, Sj,ini and Mn.
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Abstract: Previously, numerous creep studies on wood materials have been conducted in various
coupon-scale tests. None had conducted research on creep properties of full-scale wooden cross-arms
under actual environment and working load conditions. Hence, this research established findings on
effect of braced arms on the creep behaviors of Virgin Balau (Shorea dipterocarpaceae) wood timber
cross-arm in 132 kV latticed tower. In this research, creep properties of the main members of both
current and braced wooden cross-arm designs were evaluated under actual working load conditions
at 1000 h. The wooden cross-arm was assembled on a custom-made creep test rig at an outdoor
area to simulate its long-term mechanical behaviours under actual environment of tropical climate
conditions. Further creep numerical analyses were also performed by using Findley and Burger
models in order to elaborate the transient creep, elastic and viscoelastic moduli of both wooden cross-
arm configurations. The findings display that the reinforcement of braced arms in cross-arm structure
significantly reduced its creep strain. The inclusion of bracing system in cross-arm structure enhanced
transient creep and stress independent material exponent of the wooden structure. The addition of
braced arms also improved elastic and viscoelastic moduli of wooden cross-arm structure. Thus,
the outcomes suggested that the installation of bracing system in wooden cross-arm could extend
the structure’s service life. Subsequently, this effort would ease maintenance and reduce cost for
long-term applications in transmission towers.

Keywords: balau wood; cross-arm; transmission tower; bracing system; creep; findley’s power law
model; burger model

1. Introduction

Anisotropic materials has been widely used in many large structures such as bridges,
buildings, pedestrian walkways and cross-arm in transmission tower. Wood and wood com-
posites are those common anisotropic materials used to build many civil structures [1–4].
However, many studies reported that most wooden structures experienced premature
failures after long period of service, especially when continuously exposed toward extreme
weather [5–7]. These premature failures are also contributed by creep and natural defect
such as wood ageing process, which subsequently may lead to structural collapse [8–13].

Creep is one of the major concerned by structural engineers in order to eliminate any
possibilities of structural collapse during its service operation. Creep is a term referred
to the tendency of a solid material to move slowly or deform permanently under the
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influence of persistent mechanical stresses. They are divided into several phases starting
from instantaneous deformation followed by primary (transient), secondary (steady-state)
and tertiary (accelerated). This mechanical phenomenon usually due to shear yielding,
chain slippage, void formation, and also breakage of fibres [14,15]. To be specific, the creep
response of wooden materials is dependent based on their level of stress, operation time,
and surrounding temperature [16]. Numerous creep studies of wooden materials have
been carried out by many researchers in many ways including development of creep test
rigs [17–19], and creep numerical analyses [20,21] and coupon tests [22,23].

Currently, creep properties of wooden cross-arm in latticed transmission tower is still
unexplored based on the previous literatures. Earlier, several research studies reported
that the wooden cross-arm has shorter life span (less than 20 years of service) than its
life expectancy due to its natural wood defects [24,25]. The wood defects occur due to
natural fibre and wood defects as the wood is exposed to a constant loading for a prolonged
time [26–28]. Hence, this issue has led engineers and researchers to find a solution in order
to extend lifespan of the wooden cross-arms. One of the solution is the implementation of
bracing system in the current cross-arm structure as suggested by Sharaf et al. [29]. Thus,
this study evaluates the influence bracing system on long-term mechanical performance of
wooden cross-arm.

Evaluating creep properties and responses of a full-scale wooden cross-arm used in
132 kV transmission tower could eliminate numerous exaggerated factors that happen in
coupon scale test. The geometry and profile of the material could be neglected when the
test is conducted in coupon scale, such as flexural, tensile, and compressive properties.
Thus, more reliable data collection would be achieved when a full-scale size cross-arm is
used in carrying out creep test to understand the mechanical behaviour during long-term
loading condition. The investigation of long-term behaviour of main component member
for the cross-arm structure could provide a more holistic perspective in order to evaluate
the behaviour of the whole structure either with or without bracing.

Nowadays, many latticed transmission towers are still used the conventional wooden
cross-arm to transmit electrical power. A literature survey revealed that no previous
works have evaluated the creep properties of full-scale wooden cross-arms used for 132 kV
towers [30,31]. Thus, this manuscript is expected to examine the effect of addition braced
arms on the creep properties and responses of wooden cross-arms with its actual loading
conditions. The study also intended to set a baseline for creep profiling of full-scale wooden
cross-arms. At the end, the outputs from this study would create a practical perspective
for engineers to understand the long-term mechanical performance of the conventional
wooden structure.

2. Methodology

2.1. Materials

Balau timber wood or Shorea Dipterocarpaceae was used as a cross-arm’s material
to examine long-term creep behaviours. The cross-arm in 132 kV latticed transmission
tower was composed of one tie member and two main members. All cross-arm members
were fabricated from the same Balau tree trunk obtained at Bahau, Malaysia. The timber
wood was cut individually to form continuous square section with the dimension of
102 mm × 102 mm. In term of size, the lengths of the main and tie members of the cross-
arm was 3651 mm and 3472 mm, respectively. Each of the cross-arm members was joined
together by using both bolts and nuts, as well as its mild steel fastener brackets. These
members were assembled using fastener brackets in order to be incorporated on the creep
test rig with constant loading.

For the braced arms, they connected with main and tie members by using custom-
made fastener brackets. The braced arms were in square section beams with dimension of
50 mm × 50 mm. The arms are also made from Balau timber wood. In total, there are five
braced arms interconnected with main and tie members. Those braced arms encompassed
of two long members (connected in the middle of the tie member to the end of the main
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member) and three short members (joined at the middle to the middle of every member).
The lengths of the long (tie-main), short (tie-main), and short (main-main) bracing members
were 186, 50, and 40 cm, respectively.

2.2. Methods

The test was set up based on actual position of cross-arm in latticed transmission
tower. The creep test was performed on the specialised cantilever beam creep test rig used
for cross-arm testing. To evaluate the strain measurement, ten dial gauges were positioned
0.61 m in between five points under two main members. Figure 1 illustrates the positions
and the length of between the dial gauges under the wooden cross-arm. The load was
implemented at the bottom side of the joining parts of all members.

 

Figure 1. Positions of dial gauges under the cross-arm to measure creep strain pattern, in meter.

Detail drawing with dimensions of cantilever beam creep test rig with wooden cross-
arm is displayed in Figure 2. The test rig was manufactured from mild steel square hollow
section with dimension of 100 mm × 100 mm and 1.9 mm thickness. The rigidity and
specifications of the test rig can be found in Table 1 [19]. The wooden cross-arm was
installed on the test rig using forklift and it is manually fixed on the test rig’s fastener
brackets. A dead load was assembled at free end of the cross-arm to mimic the actual
cross-arm conditions in the transmission tower as shown in Figure 3. In general practice,
the wooden cross-arm is installed in suspension latticed transmission tower to carry the
electric cables and insulators [32]. To be specific, the cross-arm was mounted on the test rig
at height of 2100 mm from ground to hang the dead load for the creep test.

 

Figure 2. Schematic diagram of wooden cross-arm used in creep test rig.
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Table 1. Specification of material of creep test rig [19].

Properties Specification

Material Mild steel
Tensile strength, MPa 766
Yield strength, MPa 572

Pipe shape Square hollow section
Pipe size (width/height/thickness), mm 100/100/1.9

Total size (width/length/height), mm 1525/430/4100

 

Figure 3. Dimension of latticed transmission tower. Adapted with permission from IEEE, 2021 [33].

The geometry and dimensions of latticed transmission tower is shown in Figure 3 [33].
The steel tower and wooden cross-arm was connected using specialised fittings. The as-
semblymen of wooden cross-arm to steel tower is manually fixed by bolt and nut. Based
on Figure 4, the cross-arm was attached to the steel tower by sandwiching two steel plate
fittings with end cross-arm member and they are manually connected by using bolt and nut.

As shown in Figure 5, the bracing members were connected with cross-arm’s members
via custom-made fastener brackets as aforementioned. The custom-made steel fastener
bracket was designed and manufactured specifically to fit the shape of cross-arm. For the
assembly process, the brackets were manually installed by using bolt and nut after the
cross-arm was completely placed and fixed at the test rig. Figure 6 displays schematic
diagram of two set configurations of cross-arm structure, which are current design (without
braced arms) and braced design (with braced arms) configuration.
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Figure 4. Connection of cross-arm to steel tower using steel plate fittings.

 

Figure 5. Mild steel fastener bracket joins the brac
Figure 5. Mild steel fastener bracket joins the braced arms with tie members.

  
(a) (b) 

Figure 6. Cross-arm configurations: (a) current design configuration; and (b) braced design configuration.

In term of dead load, a hanging load was weighed based on actual working load of
cross-arm (6.347 kN) before the experiment started. The test fulfilled the requirement time
as in ASTM D2990, which evaluated the creep test at 1000 h of operation. Specifically,
readings were taken at several specific time periods (0.1, 0.2, 0.5, 1, 2, 5, 20, 50, 100, 200, 500,
700 and 1000 h) to observe creep deformation. The condition of the experiment was set
at open area that constantly exposed to actual tropical weather. At the end of experiment,
the comparison of current (without bracing members) and braced (with bracing members)
cross-arm designs was carried out in terms of long-term creep properties.
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2.2.1. Creep Properties of Cross-Arms

A wooden cantilever beam structure usually experiences viscoelastic behaviour when
a constant loading is continuously applied at the end of the beam. In common practice,
the beam exhibits constant tension and compression actions on opposite sides of the
beam, which induces a series of strain pattern depending on the applied load. When the
displacement remains at certain positions along the time period, the viscoelastic beam
usually expresses the stress response on the beam and gradually decreases. This shows
that the viscoelastic beam responds to the material’s viscous characteristic, which would
decrease the total stress [34,35]. Similarly, a beam that is exposed to a constant load
continues to deform as the material relaxes.

In general, the static elastic modulus (Ee) of the beam as shown in Figure 7 can
generated based on Equation (1):

Ee =
4PL3

ybh3 (1)

where, y is the deflection at the beam (m); Ee is the static elastic modulus (N/m2); P is
the force exerted on the beam (N); L is the total length (m) and b and h are the width and
thickness of the beam (m), respectively.

𝐸 = 4𝑃𝐿𝑦𝑏ℎ  

𝜎 = 𝑃(𝐿 − 𝑥) ℎ2𝐼 = 6𝑃(𝐿 − 𝑥)𝑏ℎ  

Figure 7. Schematic diagram of cross-arm structure when exposed applied force at the end of the
cross-arm structure.

Given that the y deflection is already known, the maximum bending stress can be
predicted by using Equation (1) [36]. In general, the maximum stress experienced by the
cross-arm is usually located at fixed point x = 0, whereas the minimum stress is exhibited
at the loading end x = L. The maximum and minimum stresses of the beam are formulated
on the basis of Equation (2).

σ =
P(L − x) h

2
I

=
6P(L − x)

bh3 (2)

Equation (3), are formulated based on Hooke’s law equation. The Equation (3) is
functioned to calculate the creep strain at a specific time and specific location across
the beam.

εt =
σn

Ee
(3)

where, εt is the creep strain at a specific time and location point across the beam. σn is
specific stress and Ee is the static elastic modulus at the specific point on the cross-arm.
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2.2.2. Constitutive Creep Models

Findley power law model is an empirical mathematical model that simulates the creep
properties of anisotropic material. The model is presented as in Equation (4) [37].

εt = Atn + ε0 (4)

where, A and n as transient creep strain and time exponent respectively, while ε0 is the
instantaneous strain after exerted the load.

To assess the time-dependent responses of the Balau wooden material on the basis of
the flexural information, a reliable creep model has to be recognised. One of the models
used in order to identify the relationship between the structure and creep behaviour was
Burger model [5,34]. This model can be expressed in Equation (5).

εt = εe + εd + εv (5)

The mathematical formulation in Equation (5) comprises εe, εd and εd, which are called
the elastic strain, viscoelastic strain and viscous strain, respectively.

Equation (6) was derived on the basis of Equation (5) and the physical elements of
Burger models, such as spring and dashpot elements.

εt =
σ

Ee
+

σ

Ed
[1 − exp(−t/τ)] +

σ

ηv
t; τ =

Ed

ηd
(6)

At this point of view, these three strain components later were derived into stress, elas-
tic modulus and viscoelastic modulus as shown Equation (6). Both elastic and viscoelastic
moduli are essential behaviour of the material. Perez et al. [38] and Chandra and Sobral [39]
established that the Burger model compromises of combination of three elements including
a linear elastic spring, a dash pot, and a Kelvin-Voight element (dash-pot and combination
of dash-pot and spring). Figure 8 visualise the long term behaviour of viscoelastic material
under Burger model.

𝜀 = 𝜎𝐸  
ε σ

𝜀 = 𝐴𝑡 + 𝜀  𝜀

𝜀 = 𝜀 + 𝜀 + 𝜀  𝜀 𝜀 𝜀
𝜀 = 𝜎𝐸 + 𝜎𝐸 1 − 𝑒𝑥𝑝(−𝑡/𝜏) + 𝜎𝜂 𝑡;  𝜏 = 𝐸𝜂  

Figure 8. Schematic diagram of Burger model.

3. Results and Discussion

3.1. Strain-Time Curve

The creep strain-time graphs for both current and braced wooden cross-arm configura-
tions at each point of main members are presented in Figure 9. Based on the curves, it can be
seen that creep pattern are divided into three phases which are instantaneous deformation,
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primary and secondary creeps. As expected in the early experiment, the highest creep strain
is located at y3, which at the centre of cross-arm’s main member beams. This was probably
due to the each of main members of the structure experienced compression from both
ends when the force is exerted at free end of the cross-arm. As mentioned by Kanyilmaz
(2017) [40], a simple interconnected members of a structure without bracing systems would
induce inelastic behaviour, which tends to experience buckling at the centre of the structure
arm. This established that the operational cross-arm would experience buckling action due
to external forces from the dead weigh at the end of the structure.

 

Figure 9. Creep strain-time curves for current wooden timber cross-arm for (a) left and (c) right; braced wooden timber
cross-arm for left (b) and right (d) main member.

In the meantime, the findings also depicts the creep strain patterns have two distinct
stages: elastic and viscoelastic stages. However, the transition period from the elastic
period to the viscoelastic phase was extended for the current design cross-arm (red arrow’s
location shown in Figure 9). This established that the braced wooden cross-arm provide
the structure become more stable in viscoelastic stage.

Based on Figure 9b,d, the curves in both left and right main members of braced design
cross-arm exhibit a similar pattern. The similar creep strain pattern for both left and
right wooden cross-arm is probably due to the addition of bracing system provide better
structural integrity. Subsequently, a symmetrical shape and deformation pattern would
permit during the cross-arm service to grasp the power cables and insulators, which would
reduce any potential sudden failure of the structure after years of service.
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Besides that, the installation of the brace arms reduces the creep strain along the
operation time. This can be observed where the instantaneous deformation of the braced
design cross-arm are noticeably less than current design cross-arm at any points along
the individual member. For instance, at the middle of cross-arm (y3), the finding displays
that the creep strain value for the current wooden cross-arm was higher than the braced
wooden cross-arm. At this point of view, the inclusion of bracing system in the structure
would significantly provide higher creep resistant performance by reduced the creep strain
approximately 31%. This outcomes is tally with a research conducted by Patil et al. [41].
They mentioned that the improvement of mechanical response of a structure is significant
enhanced as the addition of bracing members could resist lateral forces which subsequently
avoid from buckling.

3.2. Findley Power Law Model

Table 2 tabulates the values of A parameter and stress-independent material exponent,
n. A and n parameters were discovered based on Equation (4) by using Origin Pro 2016.

Table 2. Average parameters obtained from Findley power law for current and braced wooden cross-arms.

Main
Member Arm

Location

A n Adj. R2

Current
Cross-Arm

Braced
Cross-Arm

Current
Cross-Arm

Braced
Cross-Arm

Current
Cross-Arm

Braced
Cross-Arm

Right

1 5.818 × 10−7 6.086 × 10−6 0.669 0.395 0.973 0.989
2 6.977 × 10−7 1.005 × 10−5 0.726 0.402 0.957 0.981
3 1.128 × 10−6 1.255 × 10−5 0.673 0.396 0.936 0.977
4 1.927 × 10−7 1.350 × 10−5 0.895 0.372 0.888 0.951
5 4.224 × 10−8 1.429 × 10−5 1.045 0.278 0.833 0.938

Left

1 1.647 × 10−6 6.331 × 10−6 0.551 0.389 0.981 0.991
2 5.076 × 10−6 2.969 × 10−5 0.486 0.234 0.958 0.992
3 6.377 × 10−6 1.952 × 10−5 0.496 0.331 0.933 0.960
4 5.313 × 10−6 6.858 × 10−5 0.528 0.123 0.920 0.958
5 4.278 × 10−6 2.682 × 10−5 0.533 0.155 0.917 0.928

The obtained values of A parameter are resumed on Figure 10. From Figure 10,
it is apparent that A parameter is increased for braced wooden cross-arm. This result
acknowledged that the implementing of bracing system could enhanced the transient creep
strain of the structure. On the other hand, the left main member had higher A parameter
value compared to the right main member in both cross-arms. This indicated that the left
main member had grain orientation in either radial, tangential, or longitudinal direction
which differed in terms of their creep resistance performance [42,43].

  
(a) (b) 

Figure 10. A parameter for current and braced wooden cross-arms: (a) right; (b) left main members
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In terms of stress-independent material exponent, the findings showed that the aver-
age value for the existing right cross-arm (0.8016) was higher than the existing left cross-arm
(0.5188) as shown in Table 3. This was probably due to both members of cross-arms having
different grain direction and orientation, which would affect the n exponent. According
to Hill (2006) [44], the cell wall swelled significantly more either in radial or tangential
directions rather than longitudinal orientation during water absorption process. This was
affected by winding angle of microfibrils within the wood fibre layer. On the other hand,
the manufacturer might cut each beam separately from different tree trunks or different
heights. According to Machado et al. [45] and Van Duong and Matsumura [46], a signif-
icant decrease of wood density would affect their bending properties when the height
of timber varied. Apart from that, different heights of tree may contribute to different
chemical compositions, such as cellulose, hemicellulose, lignin, and ash, which affect their
physico-mechanical properties [47]. These factors might contribute to different values of
stress-independent material exponent, n, for left and right main members of the same
cross-arm. However, when the cross-arm was incorporated and added with bracing arms,
it seemed that the right and left main members of the cross-arm had almost similar value
of n exponent, which are 0.3686 and 0.2464, respectively (Table 3). This attribute was due
to the addition of brace arms in wooden cross-arm structure which would improve the
distribution of stress across the cross-arm members.

Table 3. Stress independent material exponent, n of both current and braced wooden cross-arms.

Cross-Arm Configuration
Current Braced

Right Left Right Left

Stress independent material exponent, n 0.8016 0.5188 0.3686 0.2464

Lastly, the adjusted regression (Adj. R2) forms for both existing designs (WOB) and
braced (WB) wooden cross-arm had high value, narratively close to 1. This showed that
the Findley’s power law model fit the experimental data very well. Moreover, it explained
that the creep of both cross-arms experienced two levels of creep, which are primary and
secondary stages. This model forecasted the secondary stage well, but it cannot forecast
the tertiary creep, which can determine the time of failure. On the other hand, the braced
wooden cross-arm (0.989–0.928) exhibited higher Adj. R2 value compared to the existing
design (0.981–0.833). This explained that the braced wooden cross-arm followed the creep
principles involving primary and secondary creep stages, and the creep data produced was
less exaggerated due to better structural integrity.

3.3. Burger Model

Experimental graphs were fitted by means of the Burger model. A computational
software, OriginPro 7.5, was implemented to plot a non-linear curve fit to identify four
parameters (Ee, Ed, ηd, ηk) as shown in Table 4. The Burger model is usually executed in
creep data evaluation due to its elaborate elastic and viscoelastic properties of anisotropic
beam based on the working load within the creep period. In general, the elastic material
demonstrated no residual deformation when the stress was detached from the structure.
On the other hand, the viscoelastic property displayed a stress relaxation condition over
time. The basis of the model was a combination of Burger’s elements within the working
load condition. However, the structure system would differently respond in terms of creep
strain depending on the types of elements in the model [21].

Figure 11 depicts the values of Ee at different locations in wooden cross-arm for both
current and additional bracing arms. The elasticity parameter or Ee was obtained from the
data of instantaneous creep strain after execution of stress. From the results, it showed that
the elastic performance of the cross-arm’s beam decreased from the fixed point to free end.
This happened due to stress along the cantilever beam which would decrease linearly from
fixed to free end [34]. Apart from that, the finding displayed that braced cross-arm had
higher Ee value compared to the existing cross-arm. This could be due to the retrofitting of

132



Appl. Sci. 2021, 11, 2061

braced arms which provided a sufficient restraining force to ease the residual deflection.
Moreover, the increasing elastic modulus, Ee, indicated the enhancement of the tensile
modulus [48]. This would increase their stiffness to resist plastic deformation to maintain
their working load during their long-term service period [49].

Table 4. Average parameters obtained from Burger model for both current and braced wooden cross-arms.

Main
Member Arm

Location

Ee ηk Adj R2

Current
Cross-Arm

Braced
Cross-Arm

Current
Cross-Arm

Braced
Cross-Arm

Current
Cross-Arm

Braced
Cross-Arm

Right

1 4.62 × 1010 4.53 × 1010 4.11 × 1014 3.72 × 1014 0.970 0.991
2 5.52 × 1010 6.22 × 1010 4.53 × 1014 4.07 × 1014 0.961 0.987
3 6.54 × 1010 8.20 × 1010 6.15 × 1014 5.37 × 1014 0.938 0.983
4 9.91 × 1010 12.2 × 1010 9.84 × 1014 7.60 × 1014 0.888 0.973
5 18.5 × 1010 24.4 × 1010 19.2 × 1014 20.9 × 1014 0.824 0.969

Left

1 5.11 × 1010 5.59 × 1010 3.41 × 1014 2.38 × 1014 0.973 0.851
2 5.33 × 1010 6.35 × 1010 3.67 × 1014 3.43 × 1014 0.941 0.695
3 6.70 × 1010 8.74 × 1010 3.86 × 1014 3.50 × 1014 0.922 0.802
4 8.53 × 1010 13.4 × 1010 5.51 × 1014 8.74 × 1014 0.901 0.559
5 14.5 × 1010 24.9 × 1010 7.26 × 1014 19.9 × 1014 0.910 0.518

  

(a) (b) 

η

η

2.5 × 1011 

2.0 × 1011 

1.5 × 1011 

1.0 × 1011 

0.5 × 1011 

2.5 × 1011 

2.0 × 1011 

1.5 × 1011 

1.0 × 1011 

0.5 × 1011 

Figure 11. Ee parameter for current and braced wooden cross-arms: (a) right; (b) left main members.

In this study, another parameter was being evaluated, ηk, which represented the
relaxation coefficient for the viscoelastic property. Moreover, the viscoelastic parame-
ter, also known as irrecoverable creep strain, demonstrated the relaxation response over
time [23]. Figure 12 displays the viscoelastic properties for both cross-arms (braced and
existing cross-arms), showing relatively the same values of viscoelastic modulus. This il-
lustrated that the bracing system did improve the viscoelastic properties of the cross-arm’s
structure in terms of relaxation time especially at y5 location. This showed that the bracing
arms increased the relaxation of the cross-arm under long-term constant load. Apart from
that, both cross-arms exhibited linear viscoelastic property along the beam length since
the set working load was below the critical value of applied stress. If a critical stress was
achieved during the creep cycle, the creep rate grew disproportionately faster [50].
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η

 
(a) 

 
(b) 

η

0.2 × 1015 

0.4 × 1015 

0.6 × 1015 

0.8 × 1015 

1.0 × 1015 

1.2 × 1015 

1.4 × 1015 

1.6 × 1015 

1.8 × 1015 

2.0 × 1015 

2.2 × 1015 

0.0 × 1015 

 

0.4 × 1015 

0.8 × 1015 

1.2 × 1015 

1.6 × 1015 

2.0 × 1015 

0.0 × 1015 

0.6 × 1015 

1.0 × 1015 

1.4 × 1015 

1.8 × 1015 

2.2 × 1015 

0.2 × 1015 

Figure 12. ηk parameter for current and braced wooden cross-arms: (a) right; (b) left main members.

3.4. Creep Models Accuracy and Validation

In terms of accuracy of data plotted in creep strain-time analysis, the adjusted re-
gression (Adj. R2) or coefficient of determination was used to fit these numerical models
with experimental outputs. These Adj. R2 values are tabulated in Tables 2 and 3 for the
Findley and Burger models, respectively. From these tables, it was found that the adj. R2 for
Findley’s power law model exhibited higher values, ranging from 0.833 to 0.989 rather than
the Burger model, ranging from 0.518 to 0.913. The Burger model forecasted a relationship
of viscosity and time linearly, which was affected during the numerical model fitting with
experimental data [51]. Thus, from the adjusted regression evaluation, the best numerical
model suitable to analyse the finding of creep for wooden cross-arm was Findley’s power
law model. This observation showed that the wooden cross-arm experienced a steady-state
creep in a long-term period and did not permit any sign of tertiary creep phase to suddenly
fail [52,53] during long-term period and not permit any sign of tertiary creep phase to be
suddenly failed. However, the project also required the use of the Burger model in order
to examine the effect of addition of bracing arms on elastic and viscoelastic properties of
wooden cross-arm. Thus, both studies were required to achieve a holistic view and analysis
on creep behaviours for the existing and braced wooden cross-arms.

These creep models (Findley’s power law model and Burger model) were validated by
comparing their instantaneous strain with experimental results. Fundamentally, the instan-
taneous strains were principally proportional to the applied stress according to Hooke’s
law. Table 5 summarises the evaluation of instantaneous strain between the experimental
outcomes with two numerical models (Findley and Burger models) for both existing and
braced cross-arms at y3 location. Since the y3 location exhibited the most highly severe in
terms of creep strain, thus, the creep strain results were compared with the numerical out-
puts. As seen in Table 5, all percentage errors recorded were below than 5%. This showed
that all numerical models including the Findley and Burger models fitted the experimental
data accurately. According to Zhang et al. [54], the acceptable value for percentage error
when comparing the experimental outputs with numerical values should be less than
20%. When the percentage error below 20%, it displayed that the plotted experimental
data were not severely deviated, and consistent within the principles proposed from the
exact numerical model. In this study, the experimental data plotted to elaborate the creep
properties of the wooden cross-arms were verified with precise and consistent values.
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Table 5. Comparison of instantaneous strain value between experimental outputs and numerical models located at y3 for
current and braced wooden cross-arms.

Configuration Model Inst. Strain
Located at y3 at Main Member

Right Percentage Error (%) Left Percentage Error (%)

Current
cross-arm

Experimental data ε (10−3) 1.006 - 0.988 -
Findley model εo (10−3) 1.010 0.398 0.994 0.604
Burger model εo (10−3) 1.010 0.398 0.986 0.202

Braced
cross-arm

Experimental data ε (10−3) 0.806 - 0.731 -
Findley model εo (10−3) 0.798 0.993 0.722 1.231
Burger model εo (10−3) 0.806 0.000 0.756 3.420

4. Conclusions

The creep properties of Balau wood timber cross-arms reinforced with additional
braced arms was significantly reduced as compared to existing design wooden cross-arms.
Thus, the implementation of bracing system in cross-arm structures display a good potential
for application existing wooden cross-arms in latticed transmission tower. Many previous
studies conducted creep experiment of wooden specimens in laboratory with controlled
environment. This approach is typical for intended baseline characterizations. However,
no study has been carried out on full-scale size of wooden cross-arm in actual environment
of transmission tower. This study is narrowed to compare the braced and current design
of wooden cross-arms with actual working load and environment conditions. The com-
parison depicts that the creep strain of the main member for braced wooden cross-arm
had reduced about 15–21% compared to existing design of wooden cross-arm. In addition,
the addition of braced arms in cross-arm structures would effectively enhance the stability
of the viscoelastic stage, which would reduce the failure probability. Additional creep
analyses were carried out using Findley and Burger models discovered that braced wooden
cross-arm has greater elastic modulus. This indicates that incorporation of extra braced
arms contribute better flexure property for overall structure. The braced systems increased
the viscoelastic modulus of the cross-arm, thus enhancing relaxation during creep. More-
over, the results also displays the braced wooden cross-arm permit more stable stress
independent material exponent between right and left main members. This shows that
bracing system in cross-arm would induce better dimensional stability of the structure. As a
conclusion, the implementation of additional braced arms would be highly advantageous
during construction of latticed transmission tower which could prolong the cross-arm’s
service life.

It is suggested that the connection of the braced arms with cross-arm’s members
could possibly affect the overall long-term mechanical properties of the structure. In the
case of timber structures, the flexibility of wood in connection, and the flexibility of the
connectors themselves have a very significant impact on the deformation of the entire
structure. This aspect is vital for the creep study of a complex structure in order to further
elaborate the potential failures and problems in the future. Thus, it is highly suggested that
further study could be conducted to examine the effect of braced arms connection on creep
behaviours of the wooden cross-arm.
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Abstract: Cable-stayed bridges are infrastructure facilities of a highly public nature; therefore, it is
essential to ensure operational safety and prompt response in the event of a collapse or damage,
which are caused by natural and social disasters. Among social disasters, blast accidents can occur
in cable-stayed bridges as a result of explosions produced by vehicle collisions or terrorist attacks;
this can lead to the degradation in their structural performances and subsequent collapse. In this
research, a procedure to assess structural blast-resistance performance is suggested based on a
numerical analysis approach, and the feasibility of the procedure is demonstrated by performing an
example assessment. The suggested procedure includes (1) selection of major structural components
that severely affect the global structural behavior, (2) set-up blast hazard scenarios consisting of
various blast levels and locations, and (3) assessment of the components using numerical blast
simulation. By performing an example assessment, the critical blast level for each component could
be determined and the blast location that affects the considering components the most severely could
be found as well. The scenario-based assessment process employed in this study is expected to
facilitate the evaluation of bridge structures under blasts in both existing bridges and future designs.

Keywords: cable-stayed bridge; social disaster; blast scenario; blast analysis; LS-DYNA

1. Introduction

Various important infrastructure facilities are currently under construction, both domestically and
internationally. The 9/11 terrorist attacks in the United States aroused social awareness of the safety
of important infrastructure facilities such as cable-stayed bridges. Furthermore, the preparedness of
infrastructure facilities against disasters has emerged as a major issue, and the need for an engineering
review of the safety of infrastructure facilities has been recognized; at present, many countries are
making continuous budget investments in maintenance and related fields to prepare for such disasters.
In particular, disaster-induced accidents on long-span bridges (e.g., cable-stayed bridges) can result in
enormous losses of life and significant damage to the economy, because these infrastructure facilities
are of a highly public nature. Disasters can be classified into natural disasters (e.g., earthquakes,
typhoons, and floods) and social disasters caused by accidents (e.g., fire, collisions, explosions) and
terrorist activities. Among the latter category, blast accidents in cable-stayed bridges can occur as
a result of explosions caused by vehicle collisions and terrorist attacks; these can lead to significant
deterioration in their structural performance, which may cause the bridge to collapse.

Over the last seven decades, more than six hundred terrorist attacks on bridges and other
infrastructure facilities have been recorded [1]. In addition, the Seohae Bridge in South Korea was
exposed to a blast risk from a large vehicle accident in 2006. In 2007, the Al-Sarafiya Bridge in Bagdad,
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Iraq, collapsed due to an attack by a suicide bomber. Furthermore, vehicle blast accidents have occurred
on the Riyadh Bridge, Saudi Arabia (2012) and the Sanmenxia Bridge, China (2013). Despite these
bridge accidents, no criteria or method has been established to evaluate entire bridge structures prior
to construction. Several studies have conducted full-scale experiments to evaluate the performances of
piers and decks (structural components of general road bridges) in the event of blasts [2–7]. Based on
previous experiments, Williamson et al. [8] suggested three blast design categories, and Williams
and Williamson [9] developed a numerical model to describe the spalling of concrete piers using the
simulation software package LS-DYNA. Furthermore, several studies have conducted blast analyses
for general road bridges using 2D and 3D models [10–13]. However, previous studies had limited
capacity to directly or indirectly evaluate the overall performance of cable-stayed bridges subjected
to blasts; thus, many researchers have recently begun to numerically simulate blasts in such bridges.
Deng and Jin [14] examined stress distributions in a bridge using a 3D cable-stayed bridge model in the
simulation software ANSYS AUTODYN; they used a blast pressure derived from 1D analysis, without
distinct blast scenario settings. Tang and Hao [15,16] verified the response of a cable-stayed bridge to
displacement and stress by numerically analyzing the case of a truck blast occurring 0.5 m from the pier
and 1.0 m above the deck. Son and Lee [17] conducted fluid-structure interaction analyses for two types
of pylons (hollow steel box and concrete-filled composite pylons) by applying a compressive force to
the pylon top. Bojanowski and Balcerzak [18] introduced the procedure and results of a numerical
analysis method for evaluating the performance of a complete cable-stayed bridge system under a
blast load, and they specified and applied the blast load cases of cars and trucks. Hashemi et al. [19,20]
conducted blast analysis for steel cable-stayed bridges, by setting bridge blast scenarios with three
load levels (small, medium, and large) and examining the damage and responses of components.
Pan et al. [21] defined several scenarios of human-installed explosives and blast accidents caused
by trucks, and they analyzed blast load responses for a slab-on-girder, box-girder, and long-span
cable-stayed bridges. Farahmand-Tabar et al. [22] evaluated the risks of a progressive collapse and
performance degradation in suspension bridges by using a 2D suspension bridge model.

To evaluate the performance of cable-stayed bridges under different blast loads, the aforementioned
studies analyzed the overall behaviors and damage characteristics of bridges by modeling either the
deck and pylon only or the entire structure [14–22]. Furthermore, when setting the blast loads, they often
chose randomized blast loads, rather than setting them according to specific scenarios [14–17,22].
Most of the existing studies have focused on the behaviors of entire bridges, and very few cases have
analyzed the damage types or levels of major components (e.g., the cables) according to different
scenarios. Therefore, this study conducts blast analysis by defining a detailed finite element model
for the major components of the target bridges and setting appropriate blast scenarios, as shown in
the procedure in Figure 1. Furthermore, the effects of the blast load are examined by analyzing the
component responses and damage types.

 

Figure 1. Blast analysis process.
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2. Target Structure and Numerical Modeling

2.1. Target Structure

To analyze the performances of the major components of a cable-stayed bridge under a blast load,
we selected the target bridge as shown in Figure 2; it is a cable-stayed bridge featuring three spans, with a
main span length of 470 m and a side span length of 200 m. It is a composite superstructure formed of
precast reinforced concrete (RC) slabs and steel girders (edge girder, center stringer, and crossbeam).
The deck is 310 mm thick near the pylon and 260 mm thick in other sections, and it is made of
68 standard segments (length (L) = 12.3 m). In addition, the bridge features 144 cables of varying
areas and lengths and two RC pylons (PY1 and PY2), which contain hollow sections. To evaluate each
component of the cable-stayed bridge, a single 260-mm thick segment at the center of the span was
selected from the superstructure. We selected the following cables for analysis: Cable no. 37 (area (A) =
0.012450 m2, L = 252 m), which is the longest cable, has the largest cross-sectional area, and extends to
the mid-point of the superstructure; Cable no. 53 (A = 0.005185 m2, L = 81 m), which has the smallest
cross-sectional area; and Cable no. 68 (A = 0.009385 m2, L = 206 m), which is attached to the side span,
where the largest stress is applied. We selected PY2 as the pylon; its base segment (CB1 in the figure) is
2.37 m taller than that of PY1.

 

. 

) 

Figure 2. Target bridge components.

Tables 1 and 2 summarize the specifications of the steel girders and rebars comprising each
component; these values were taken from [23].
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Table 1. Steel girder details.

Part Thickness (mm)

Edge Girder
Upper flange 50
Lower flange 50

Web 22

Center Stringer
Upper flange 30
Lower flange 20

Web 12

Crossbeam
Upper flange 30
Lower flange 30

Web 14

Table 2. Rebar details.

Part
Vertical Rebar

Diameter and Spacing (mm)
Lateral Rebar

Diameter and Spacing (mm)

Deck H19@150 H16@150
Pylon (CB1) H35@125 H22@100, H19@250

Pylon (CB2, CB3) H29@125 H22@100

2.2. Finite Element Model Development

Finite element modeling was performed using the general-purpose finite element program
LS-DYNA [24]. For the deck model, 8-node solid elements, 4-node shell elements, and 2-node beam
elements are used for the concrete slab, steel girder, and reinforcing bars, respectively. The deck
model consists of 288,332 nodes and 198,550 elements, and the edge lengths range from 0.05 to 0.15 m.
The concrete slab of the model is divided into 5 layers of elements. Stay cables are modeled as solid
round bar shapes with 8-node solid elements. The numerical models of the cable #37, 53, and 68 consist
of 87,362, 39,668, 73,205 nodes and 77,686, 35,316, 65,232 elements, respectively. The overall edge
length ranges from 0.10 to 0.50 m, and the finer mesh with 0.02 to 0.05 m of edge length is generated
at the region of the application of the blast load. In the pylon model, there is a concrete part and a
reinforcing bar part. The concrete part and the reinforcing bar parts consist of 8-node solid elements
and 2-node beam elements, respectively, and the pylon model has 1,185,084 nodes and 917,438 elements.
The section submitted to the blast load was modeled with smaller element sizes of 0.05 to 0.20 m.
The remaining sections were configured using element sizes of approximately 0.5 m. For the rebars,
the specifications in Table 2 were applied. The composite conditions for the concrete and rebars were
implemented using the *CONSTRAINED_LAGRANGE_IN_SOLID command. The contact condition
between the steel girders was applied considering the case of a large, load-induced deformation,
using the *AUTOMATIC_SINGLE_SURFACE command. Figures 3–5 illustrate the finite element
models of the superstructure, cables, and pylon.

–

 

(a)  

 

(b) 

 

(c) 

Figure 3. Deck model: (a) slab, (b) steel girder, and (c) rebar.
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–

 

(a)  

 

(b) 

 

(c) 

Figure 4. Cable model: (a) Cable no. 37, (b) Cable no. 53, and (c) Cable no. 68.

 

(a) 

 

(b) 

—
—

–

C = {92000 · exp ( σ0364) − 194000, σ0 > 270 MPa,40, σ0 ≤ 270 MPa,𝑝 = 5.σ0

ρ

–
ρ ε

Figure 5. Pylon model: (a) concrete part and (b) rebar.

2.3. Material Model

When selecting a material model for blast analysis, various material properties—in particular,
the strength increasing effect due to the strain rate—must be considered. Therefore, we selected the
following material model from LS-DYNA:

For the concrete, the *MAT_CSCM_CONCRETE material model was applied; this captures the
nonlinear material behaviors of concrete, as well as its stiffness degradation arising from damage,
erosion, and the strain rate effect [25,26]. A compressive strength (fck) of concrete was selected as
39.23 MPa, and 1.05 was used as the ERODE parameter, to simulate erosion of the concrete element in
the blast analysis.

To model the steel plates in the girders, rebars, and cables, the *MAT_PLASTIC_KINEMATIC
material model was applied. This model considers the strain rate effect, isotropy, and kinematic
hardening of the material, and it assumes a bi-linear material nonlinearity. The material constants C
and p (used in the Cowper–Symonds model, which describes the strain rate effect) were determined
using the following equation, developed for high-strength steel [27]. Usually, the C value of 40 is
applied to normal structural steel, but this value is known to overestimate the strain rate effect of
high-strength steel. Therefore, the experimentally validated Equation (1) is used to calculate the C
value in order to prevent overestimation of the strain rate effect.

C =















92000· exp
(

σ0
364

)

− 194000, σ0 > 270 MPa,
40, σ0 ≤ 270 MPa,

p = 5. (1)

where, σ0 is the yield stress (MPa). In addition, the strengths selected for the steel plates in the girders
were varied according to the thickness. The input parameters used for each material model are listed
in Table 3.
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Table 3. Material model input parameters.

Part Category Input Parameter

Concrete Deck, Pylon
fck = 39.23 MPa, E = 33.107 GPa,
ρ = 2,300 kg/m3, ERODE = 1.05

Steel plate

Girder
(Thickness 0–16 mm)

fy = 365 MPa, fu = 520 MPa, E = 210 GPa, ρ = 7850 kg/m3,
εfail = 0.15, C = 5.67 × 104 s−1, p = 5

Girder
(Thickness 17–40 mm)

fy = 355 MPa, fu = 520 MPa, E = 210 GPa, ρ = 7850 kg/m3,
εfail = 0.19, C = 4.99 × 104 s−1, p = 5

Girder
(Thickness 41–75 mm)

fy = 335 MPa, fu = 520 MPa, E = 210 GPa, ρ = 7850 kg/m3,
εfail = 0.21, C = 3.69 × 104 s−1, p = 5

Rebar Deck, Pylon
fy = 400 MPa, fu = 560 MPa, E = 200 GPa, ρ = 7850 kg/m3,

εfail = 0.16, C = 8.21 × 104 s−1, p = 5

Cable
(BS-5896 Super Grade)

Stay Cable
fy = 1569 MPa, fu = 1765 MPa, E = 200 GPa, ρ = 7850 kg/m3,

εfail = 0.035, C = 6.65 × 106 s−1, p = 5

2.4. Initial Load and Boundary Conditions

To assess the structural performance of each major bridge component such as pylon, deck,
and cables, initial compressive forces and tensile forces of the components should be considered.
During the application of tension to the stay cables, compressive forces result in the pylon and deck
while tensile forces are generated in the cables as shown in Figure 6a. The distribution of compressive
forces along the bridge’s length is depicted in Figure 6b. Since the compressive forces which are
transferred from each stay cable are accumulated, compression of the deck section gradually increases
as it approaches the pylon. In another point of view, a very small amount of compression results on
the deck section of the center of the mid-span. The deck segment of the current numerical analysis
is located at the center of the mid-span, and the design compression of the section is approximately
1.8% of the maximum compression of the deck, according to the design documents [23,28]. Therefore,
the compressive force of the considered segment is regarded as negligible, and only the self-weight of
the segment is considered as the initial load.

 

(a)  

 

(b)  

Figure 6. Axial force in cable-stayed bridge: (a) axial force paths and (b) axial force in deck.
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Initial loads and boundary conditions of each numerical model of the bridge components are
shown in Figure 7. As previously mentioned, only self-weight is considered as the initial load for
the deck model. As a boundary condition of the deck model, the longitudinal symmetry condition is
considered, and the z-directional translation is constrained at the location of cable anchorage.

 

(a) 

 

(b) 

 

(c) 

— —

–

–

Figure 7. Initial load and boundary conditions: (a) deck, (b) cable, and (c) pylon.

For the cable models, translational DOFs of surface nodes at each end region are constrained
considering the anchored length. Thermal load is utilized to apply the initial stresses of each cable
model of nos. 37, 53, and 68, which are 415, 556, and 665 MPa, respectively. For thermal load
analysis, the temperature change is calculated using the thermal stress Equation (2) with the general
thermal expansion coefficient of steel, 1.2 × 10−5/◦C. The calculated temperature drops are −173, −232,
and −277 ◦C for Cable nos. 37, 53, and 68, respectively.

σ = α·∆T·E (2)

where, σT is thermal stress (MPa), α is coefficient of thermal expansion (/◦C), ∆T is temperature change
(◦C), and E is elastic modulus (MPa). The LS-DYNA commands, *LOAD_THERMAL_VARIABLE and
*MAT_ADD_THERMAL_EXPANSION, are used for thermal analysis.

For the pylon model, a fixed boundary condition is applied on the bottom surface of each pylon
leg. Also, the compressive forces transferred from the stay cables are applied on the nodes at cable
anchorages as initial loads. The amounts of compressive forces are shown in Figure 7c, and the

145



Appl. Sci. 2020, 10, 8511

total compression is approximately 186,000 kN. Self-weight is also considered as initial load, and the
LS-DYNA command, *CONTROL_DYNAMIC_RELAXATION, is used for initial load analysis.

3. Blast Scenario and Load Cases

3.1. Blast Scenario

Selecting an appropriate scenario from among the various possible blast events and setting the
size of the blast load are essential to the performance evaluation and risk analysis. Blasts that occur
on bridges are unpredictable and—on both domestic and overseas bridges—have been caused by
explosions from terrorist attacks, vehicle accidents, and other events (e.g., wars). When conducting
blast analysis for bridges, most previous researchers have used random blast loads, rather than setting
separate blast or vehicle explosion scenarios [14–17,22]. This study defined blast accident scenarios in
terms of vehicle-based terrorist attacks, considering the current likelihood of war-related blast accidents
to be low. A virtual scenario describing a terrorist attack conducted through explosive-laden vehicles
was assumed. Thus, the quantity of explosive (TNT) and height of the explosion above the road were
set according to the maximum load and ground clearance of general-purpose vehicles driven in South
Korea. A TNT load of 1000–1500 kg was considered, which is classified as a very large load considering
the explosive definitions introduced in [29] or the quantities of explosive used in the American Society
of Mechanical Engineers-American Concrete Institute explosion tests [30]. Table 4 presents the blast
scenario specifications employed in this study.

Table 4. Blast scenarios.

Blast Scenario. Vehicle Type
Ground Clearance

(mm)
Maximum Load

(kg)
TNT Load

(kg)

Scenario A Passenger car 700 226.8 226.8
Scenario B Truck 800 1500 500
Scenario C Truck 800 1500 1000
Scenario D Truck 800 1500 1500

3.2. Blast Load Cases

The blast load cases defined in this study are illustrated in Figure 8; they were set by considering
the positions of the target components and lanes. For the superstructure case, it was assumed that the
vehicle explodes in the second lane, either between crossbeams or immediately above one. For the
pylon and cable case, explosions were assumed to occur on the shoulder, where the vehicle is closest to
the target component. In blast load modeling, the load was applied after calculating the explosion
pressure using the scaled distance, which was calculated from the TNT quantity and the distance
from the explosion location to the target structure. This method allows the load of CONWEP to be
applied indirectly using the *LOAD_BLAST_ENHANCED and *LOAD_SEGMENT_SET commands
provided in LS-DYNA. Therefore, we applied the blast load using these commands. Because the
blast load is reflected from the deck at the moment of detonation, the shock wave was assumed to
propagate hemispherically. Table 5 summarizes the blast load cases in terms of the target components
and scaled distances.

Table 5. Blast load cases.

Blast Scenario Component
TNT
(kg)

Z
(Scaled Distance, m/kg1/3)

Scenario A

Deck

226.8 0.115
Scenario B 500 0.101
Scenario C 1000 0.080
Scenario D 1500 0.070
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Table 5. Cont.

Blast Scenario Component
TNT
(kg)

Z
(Scaled Distance, m/kg1/3)

Scenario A

Cable

226.8 0.525
Scenario B 500 0.403
Scenario C 1000 0.320
Scenario D 1500 0.279

Scenario A

Pylon

226.8 1.181
Scenario B 500 0.907
Scenario C 1000 0.720
Scenario D 1500 0.629

.

(a) 

 

(b) 

Figure 8. Blast load position: (a) cross-sectional view and (b) plan view.

4. Blast Analysis Results

Numerical blast simulations were performed to evaluate the explosion resistance performances
of major components of the cable-stayed bridge. The stress, displacements, and damage levels of
the components were examined. The numerical analysis results show that the response sizes and
damage ranges of all components increase with the blast load. The blast analysis results of the major
components are described below for different scenarios. In addition, Table 6 summarizes the time step
and CPU time utilized for the analysis of each numerical model. The numerical analysis of this study
was all performed with a single CPU.
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Table 6. Summary of utilized time step size and CPU time.

Model Number of Elements
Time Step Size

(10−6 s)
CPU Time

(s)

Deck 198,550 4.826–4.943 49,670–50,568
Cable no. 37 77,868 0.861–0.868 54,115–56,275
Cable no. 53 35,316 0.545–0.554 37,015–40,345
Cable no. 68 65,232 0.735–0.745 52,948–54,090

Pylon 917,438 7.257–11.092 87,009–95,547

4.1. Deck

Table 7 summarizes the damage types and maximum stresses of the steel girder in each scenario,
for a blast load applied between and above the crossbeams of the superstructure. The slab’s displacement
and response to rebar stress were not examined, because the analysis results included the occurrence
of perforation. In blast analysis between the superstructure crossbeams, the damage range of the
slab was found to increase with the blast load; however, the main damage occurred only between
the crossbeams. In the damage assessments for each scenario, scabbing of the slab was observed
in Scenario A, and slab perforations were observed in Scenarios B–D. When the effective stress and
degree of damage of the steel girder were examined, the effective stress was found to increase with the
blast load. Furthermore, the maximum stresses in Scenarios A–D were 434, 452, 479, and 509 MPa,
respectively, and deformation occurred in the upper flange of the crossbeam. The ultimate strength (fu)
of the steel girder was 520 MPa; hence, it was concluded that the steel girder plastically deforms but
does not fracture when a blast load is applied between the crossbeams of the superstructure.

Table 7. Summary of blast analysis results of the deck.

Blast Scenario Blast Position
Damage Type of

Slab

Steel Girder

Maximum Stress Damage Type

Scenario A
2nd lane/
Between

crossbeams

Scabbing 434 MPa

Plastic deformation
Scenario B

Perforation

452 MPa

Scenario C 479 MPa

Scenario D 509 MPa

Scenario A

2nd lane/
Above crossbeam

Scabbing 602 MPa Plastic deformation

Scenario B

Perforation

-
RupturedScenario C -

Scenario D -

In the analysis of a blast above the superstructure crossbeam, the damage range of the slab was
found to increase with the blast load and was wider than that seen for the blast between the crossbeams.
The damage types of each scenario were identical to those of the previous case. When the effective
stress of the steel girder was examined, a stress of 602 MPa (exceeding the ultimate strength (fu) of
the steel girder (520 MPa)) occurred momentarily in the upper flange and web of the crossbeam in
Scenario A; however, it appears that no damage occurred owing to the strain rate effect of the material.
In Scenarios B–D, the crossbeam was damaged, and the damage range increased with the blast load.
This suggests that in the case of the superstructure, a blast load applied to the crossbeam causes greater
damage (and has a larger effect on the structural behavior of the cable-stayed bridge) than the blast
load applied between the crossbeams.

Figures 9–12 show the damage and effective stress contours generated by the blast load. The fringe
range of the effective stress contour was set to 0–520 MPa, considering the ultimate strength of the steel
girder; the resulting output time was 0.05 s, at which point the analysis was terminated.
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(a) 

 

(b) 

 

(c) 

 

(d) 

Figure 9. Damage contours of the deck (between the crossbeams): (a) Scenario A, (b) Scenario B,
(c) Scenario C, and (d) Scenario D.

 

(a) 

 

(b) 

 

(c) 

 

(d) 

Figure 10. Effective stress contours of the steel girder (between the crossbeams): (a) Scenario A,
(b) Scenario B, (c) Scenario C, and (d) Scenario D (fringe level unit: MPa).
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(a) 

 

(b) 

 

(c) 

 

(d) 

Figure 11. Damage contours of the deck (above the crossbeam): (a) Scenario A, (b) Scenario B,
(c) Scenario C, and (d) Scenario D.

 

(a) 

 

(b) 

 

(c) 

 

(d) 

– – –

–
–

Figure 12. Effective stress contours of the steel girder (above the crossbeam): (a) Scenario A,
(b) Scenario B, (c) Scenario C, and (d) Scenario D (fringe level unit: MPa).
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4.2. Cable

Table 8 presents the maximum displacement and maximum effective stress of each scenario when
a blast load was applied to each cable selected in this study (see Figure 2). The displacements and
effective stresses on the cables increased with the blast load. In scenario D of Cable no. 53, a momentary
stress was found to exceed the static tensile strength (fpu) of the cable (1765 MPa); however, no damage
or breakage was observed, owing to the strain rate effect of the material. Furthermore, when the initial
stress was excluded, the stresses resulting from the blast load only were found to be approximately
531–1292 MPa for Cable no. 37, 824–1258 MPa for Cable no. 53 and 646–1095 MPa for Cable no. 68
depending on the scenario. Cable no. 37 is observed to have the largest stress variation compared
to the initial stress of the design. The reason for this is that Cable no. 37 has a maximum diameter,
or maximum blast load reception area. In addition, the maximum displacement and the maximum
effective stress occurred on Cable no. 53, which has a minimum cable diameter. These results suggest
that the diameter of the cable has a greater influence on the behavior of stay-cables under blast load, or a
cable with a small diameter is more vulnerable to blast load. Figures 13 and 14 show the displacement
and effective stress contours resulting from the blast load. The fringe range of the displacement contour
was set as 0–400 mm, and that of the effective stress contour was set to 0–1765 MPa, considering the
tensile strength of the cable. The result output time was 0.18 s and 0.05 s, at which point the maximum
displacement and effective stress have occurred.

 

(a)  

 

(b) 

 

(c) 

Figure 13. Displacement contours of cables: (a) Cable no. 37, (b) Cable no. 53, and (c) Cable no. 68
(fringe level unit: mm).
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(a)  

 

(b) 

 

(c) 

–

–
–

Figure 14. Effective stress contours of cables: (a) Cable no. 37, (b) Cable no. 53, and (c) Cable no. 68
(fringe level unit: GPa).

Table 8. Summary of blast analysis results for the cables.

Blast Scenario Blast Position Maximum Displacement Maximum Stress

Scenario A
Shoulder/

Cable no. 37

74.65 mm 946 MPa
Scenario B 133.81 mm 1395 MPa
Scenario C 216.94 mm 1663 MPa
Scenario D 289.89 mm 1707 MPa

Scenario A
Shoulder/

Cable no. 53

111.33 mm 1380 MPa
Scenario B 199.62 mm 1656 MPa
Scenario C 321.73 mm 1730 MPa
Scenario D 428.15 mm 1814 MPa

Scenario A
Shoulder/

Cable no. 68

74.94 mm 1311 MPa
Scenario B 134.96 mm 1641 MPa
Scenario C 220.02 mm 1703 MPa
Scenario D 294.46 mm 1760 MPa

4.3. Pylon

Table 9 presents the damage type, rebar stress, and transverse displacement of the pylon under
the different blast load scenarios. The damage range of the pylon column was found to increase
with the blast load, and the uppermost crossbeam of the pylon was also considerably damaged by
the continuous compression. In Scenarios A and B, the concrete element was not eroded, though
damage was observed. In Scenario C, partial spalling of the pylon column occurred near the blast
load application point and on the underside of the pylon crossbeam. In Scenario D, concrete failure
occurred in the portion of the pylon column level with the explosion; at that location the rebar was
exposed. The rebar stress was examined based on a yield strength (fy) of 400 MPa, and the rebars in
which the stress exceeded the yield strength are marked in red. In Scenarios A and B, very few rebars
yielded at the position of the largest blast load. In Scenario C, numerous rebars began to yield and the
damage range was increased. The rebars were fractured in Scenario D. It is believed that the rebar in
the uppermost crossbeam of the pylon received a relatively small impact from the blast load; however,
it yielded owing to the continuous compression of the pylon. The maximum transverse displacements
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of the pylon are as follows: in Scenario A, local displacements of 9.2 and 18.7 mm occurred at the top of
the pylon and at the height of the deck surface, respectively; in Scenarios B and C, local displacements
of 19.1 and 59.1 mm at the pylon top and 32.8 and 78.6 mm at the height of the deck surface were
observed, respectively; and in Scenario D, displacements of 636.6 and 649.7 mm occurred at the pylon
top and the height of the deck surface, respectively, along with a partial fracture of the pylon. Thus,
the blast affected the local behavior of the pylon in Scenarios A–C; however, in Scenario D, it affected
the overall behavior of the pylon and was even predicted to result in its collapse. Figures 15–17
show the damage contours, axial stress contours, and displacement contours caused by the blast load.
The measurement range of the axial stress contours was set to 0–400 MPa considering the yield strength
of the rebar, and the measurement range of the displacement contours was set separately, considering
the displacement for each scenario. The resulting output time was 1 s, at which point the analysis
was terminated.

← →
← →
← →
→ ←

 

(a) 

 

(b) 

 

(c) 

 

(d) 

Figure 15. Damage contours of the pylon: (a) Scenario A, (b) Scenario B, (c) Scenario C, and (d)
Scenario D.
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(a) 

 

(b) 

 

(c) 

 

(d) 

Figure 16. Axial stress contours of the pylon rebars: (a) Scenario A, (b) Scenario B, (c) Scenario C,
and (d) Scenario D (fringe level unit: GPa).

Table 9. Summary of blast analysis results for the pylon.

Blast
Scenario

Blast
Position

Damage Type Maximum Transverse
Displacement

Concrete
Rebar

A Zone B Zone Upper Part Road Surface

Scenario A

Shoulder

- Yield Yield 9.2 mm (←) 18.7 mm (→)
Scenario B - Yield Yield 19.1 mm (←) 32.8 mm (→)
Scenario C Spalling Yield Yield 59.1 mm (←) 78.6 mm (→)
Scenario D Fracture Fracture Yield 636.6 mm (→) 649.7 mm (←)
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Figure 17. Displacement contours of the pylon: (a) Scenario A, (b) Scenario B, (c) Scenario C, and (d)
Scenario D (fringe level unit: mm).

5. Conclusions

The performances of key components in a cable-stayed bridge (deck, cable, and pylon) were
evaluated via numerical analysis, and all responses for the components and damage type were
examined for a range of strategically targeted blast events. The main findings of this study are
as follows:

• The study introduced an appropriate blast scenario setting method to facilitate the performance
evaluations of the main components of a cable-stayed bridge under a blast load. Furthermore,
a method for modeling these components was proposed, which was sensitive to the structural
characteristics of such bridges.

• A superstructure blast analysis was conducted in each scenario according to the blast position,
and the results were examined. The results showed that the damage range of the components
increased with the blast load. The damage types observed included the scabbing and perforation of
the slab, as well as the deformation and fracture of the steel girder. Furthermore, the superstructure
was more vulnerable to a blast above the crossbeams than between them.

• A blast analysis was conducted in each scenario for cables of different diameters, lengths,
and design stresses. The results showed that the maximum displacement and effective stress
in each cable increased with the blast load, and no cable fractures occurred in all scenarios.
The increase in effective stress (relative to the initial stress of the cable) generated by the blast
load was approximately 531–1292 MPa for Cable no. 37 (which had the maximum diameter),
824–1258 MPa for Cable no. 53 (which had the minimum diameter) and 646–1095 MPa for Cable
no. 68 (which had the maximum design stress). As such, the maximum stress variation was
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observed on Cable no. 37. However, the maximum displacement and effective stress occurred on
Cable no. 53, which had a minimum cable diameter. Therefore, in the case of cables, a blast near the
cable with a small diameter tends to have a large impact on the behavior of the cable-stayed bridge.

• For evaluating pylon characteristics, the case wherein a blast occurred on the hard shoulder
was examined. The results show that the damage range of the pylon increased with the blast
load, and the concrete and rebars were fractured in some scenarios. The damage and rebar yield
occurred primarily in the pylon column and the upper cross beams, wherein the applied blast
load was largest. The significant damage in the upper crossbeams was considered to be due to
the continuous compression of the pylon. Furthermore, the maximum transverse displacement
caused by the blast load was examined, and it was found to have an impact on the local behavior
of the pylon for Scenarios A–C; however, for Scenario D, it was found to affect the overall behavior
of the pylon, with displacements of 636.6 and 649.7 mm being observed at the top of the pylon
and at the deck height in the column, respectively. Therefore, the pylon may be severely damaged
under Scenario D.

These results indicate that the blast analysis method introduced in this study will be useful for
evaluating the blast load performances of the individual components of cable-stayed bridges. If a
performance evaluation of the entire bridge system can be conducted alongside this method, it will
become possible to conduct a detailed review of the structural performances of bridges during operation.
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Abstract: This study investigated the failure of the roof, with steel truss construction, of a factory
building in Tekirdag in the northwestern part of Turkey. The failure occurred under hefty weather
conditions including lightning strikes, heavy rain, and fierce winds. In order to interpret the reason
for the failure, the effects of different combinations of factors on the design and dimensioning of
the roof were studied. Finite element analysis, using the commercial software Abaqus (Dassault
Systèmes, Vélizy-Villacoublay, France), was performed several times under different assumptions and
considering different factors with the aim of determining the dominant factors that were responsible
for the failure. Each loading condition gives out a characteristic form of failure. The scenario with the
most similar form of failure to the real collapse is considered as the most likely scenario of failure.
In addition, the factors included in this scenario are expected to be the responsible factors for the
partial collapse of the steel truss structure.

Keywords: steel truss; roof structure; partial collapse; finite element analysis; lightning strike

1. Introduction

Engineers aim to make human life easier and to enhance life quality. Using mathematical
calculations and experimentation, engineers try to predict the behaviour of a system and design
it accordingly [1]. However, there have been cases that ended in structural failures, and some of
these failures caused financial loss or even cost lives. Hadipriono studied nearly 150 major failures
of structures around the world and determined that the major failures were due to lateral impact
forces [2]. Moreover, Klasson published a survey covering failures of slender roofs [3]. Even the
simplest structures, which have the most predictable behaviours, fail under unexpected conditions
that exceed the designated safety margins [4,5].

Trusses are one of the most widely used and easy-to-design light structures [6]. They are able
to carry very large loads relative to their own weights over very large spans. This is one of the main
reasons that truss-type structures are preferred for building roofs and bridges. The possible loads
are standardised to help engineers design structures in a very simple and straightforward way [7].
The standardised loads can be multiple times greater than the structures’ own weight. In the case of
unexpectedly excessive loads of accumulated snow or rainwater, failure of the designed structure may
be unavoidable [8,9]. Geis et al. studied more than 1000 snow-induced building failure incidents all
over the world [10]. An accumulated mass may cause failure in various ways. Excessive weight loads
acting on the structures lead to a different load distribution than that of the designed distribution due
to some members entering the plastic region and/or buckling [11–13].

In addition, the loads caused by dynamic effects such as earthquakes could lead to failure [14–16].
Structures are more vulnerable to dynamic loads than they are to static loads [17–19]. A way to
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improve the performance of structures against dynamic loads is to add damping to the structure [20].
Earthquakes are not the only sources that cause dynamic loads on structures. One of the main dynamic
effects that may lead to sudden or progressive collapses is wind [21–24]. The wind is a very significant
factor that leads to lateral loads to which building structures are relatively more sensitive than they are
to vertical loads [25].

A crucial dynamic effect that is a very complicated phenomenon is lightning strike [26]. A lightning
strike can cause partial damage or complete failure of structures [27,28]. Specifically, there are cases
where the main reason reported for structural failure is lightning strike [29–32]. In Australia, it is
reported that 21% of insurance claims for damage to buildings are caused by lightning strikes [33].
A lightning strike can affect a structure in many different ways, with the two most dangerous processes
being blast (local and rapid pressure oscillations) and heating [34]. Previous research proved the
heating effects of the lightning strike phenomenon [35,36]. It is known that a lightning strike increases
the temperature rapidly in a very short period of time [29,37]. The electric current that is caused by the
lighting strike heats up the structure so that it can start fires [38]. Besides, fire alone can also be the
main factor that leads to structural failure [39–42].

Lightning is one of the key points of this study. Of course, structures are not affected just by one of
the consequences of the lightning strike phenomenon. Instead, the combination of these enumerated
parameters creates a synergy effect, which increases the resultant influence of the factors so that
the combination becomes greater than a superposition of these contributing load components [43].
The effects of a lightning strike can be even more dramatic on the structures when there is accumulated
water on top of the structure, since the local blasts are amplified by the presence of the water and
thermal changes influence the structure [34,44].

There are different types of failure mechanisms as well as different types of reasons for the collapse.
Thus, it is possible to find possible reasons for the failure just from the mode/form of the failure. One of
the most important types of failure mechanisms is fatigue [45]. Fatigue may lead to the progressive
collapse of structures [46,47]. Progressive collapse may happen instantly following the changed load
distribution of members due to buckling and/or failure of some members [48,49]. However, it does not
have to happen at the time of the initial failure of individual members but can happen after a certain
number of members have failed successively [50,51].

There has been experimental research focusing on the mechanical behaviour of some specific
components and/or structures that are used in trusses [15,52–55]. In past studies by various researchers,
real roof structures were put through experimental testing to analyse their mechanical behaviour [15,56,57].
However, experimentation is not always possible and/or feasible. Therefore, numerical studies are
conducted to predict the mechanical behaviour as well as to predict plausible failures. For truss-type
structures, the finite element method is usually employed since it is one of the most powerful tools in
engineering [14,22,57,58]. Pieraccini et al. studied the collapse of a spatial truss roof of a gym building
in North Italy during a moderate snowfall by using the finite element method [59]. They reported that
the elements and connections made by ductile or brittle materials influenced the bearing capacity of
the roof structures and created geometric imperfections.

On the other hand, not all the failures occur slowly. As mentioned earlier, some collapses occur
suddenly under excessive, impulsive loadings. This study aimed to study a case in which a sudden
partial failure of a steel truss roof of a factory built in July 2011 happened during heavy weather
conditions on 22 October 2012 in Cerkezkoy Tekirdag in the northwestern part of Turkey [8]. The main
focus was on developing a plausible theory for the failure by employing numerical analyses performed
using the finite element method, which covers various loading conditions and their combinations.
Not only the truss roof but also the combination of the truss roof with the column supports were
analysed. Thus, the results of numerical analyses were used to compare the obtained failure modes to
the real failure, considering different criteria for the failure. The extreme loads due to the ponding of
rainfall or snow accumulation and the temperature shock due to the thunderstorm were considered in
the analyses. Even under these potential mechanical overloads, the observed damage was different
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from the actual damage: The damage caused by these excessive loads occurred in different regions
than those in which the actual damage occurred. While the studies in the literature mostly describe
failures due to vertical loads caused by water/snow accumulation or horizontal loads caused by wind,
this study showed that the critical regions created by temperature change are similar to the actual
damaged zones.

2. Theory and Case Study

2.1. Overview of the Structure and the Case

The building consists of six partitions with different sizes and an administration office. The design
and all the relevant details of the structure were provided by the company that undertook the design and
the construction of the building. The steel truss roof structure, which is supported on steel-reinforced
concrete columns, covers a total area of 30,180 m2.

The slope of the roof is 1% in each direction. The parapets of 15 and 25 cm heights surround the
roof, which is equipped with a siphonic drainage system. The layout of the structure is presented
schematically in Figure 1; the damaged parts are marked in white. The entire structure is made of
seven partitions, including an administrative office and six halls where the industrial manufacturing
took place.

 

Figure 1. Layout and damaged regions of the roof structure.

The main dimensions of the unit truss system are presented in Figure 2. The steel carrier system
consists of a double-layer truss with a depth of 2 m. The bars of this system have circular tube
cross-sections with different wall thicknesses and diameters depending on their predicted loads.
At both ends of the bars, screw threads are located to enable connecting those members to the mero
system. The mero system includes steel spherical parts that have screw holes. It is noted that no
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eccentricity at the nodes is observed after the assembly of the individual members. The blocks are
divided from each other with expansion joints.

Figure 2. Unit truss structure.

The steel space truss roof structures are mounted on reinforced concrete columns that are 11 m
tall with an 80 cm by 80 cm cross-section. The number of columns and their configuration can be seen
in the plan view of the building, which is given in Figure 1. No failure, no deformation, and no cracks
were observed on these columns during the investigations. Only some broken wings were observed
on their top section, which was assumed to have happen during the collapse of the roof. Thus, it was
concluded that the columns did not play a significant role in the collapse mechanism of this building.
On top of the columns, the spherical joints are welded to the bearing plates. Figure 3 represents an
overview of the real building structure, and Figure 4 shows the damaged roof of the space frame
system on the night of the incident.

 

Figure 3. Overview of the roof structure.
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Figure 4. Damage to the roof’s space truss system.

On the day of the incident, more than 500 lightning events were detected in the region by the
British Meteorological Office’s (The Met Office) ATDnet (Arrival Time Difference Network) system and
the Vaisala Global Lightning Dataset GLD360. It was determined that lightning struck the building and
the lightning rods worked. Meteorological data indicate that the thunderstorms were rainy and the
wind blew from 40 to 60 km/h from the north and northeast directions and up to 70 to 80 km/h locally.
The rainfall was 22.6 mm during the collapse, although equally heavy local rainfalls had occurred
several times in recent years. Around the roof, there are several siphonics at 5 cm height. The heights
of the parapets on the roof are 15 cm and 25 cm. Although no scuppers are required to be used on such
a shallow parapet, there are several scuppers of 15 cm height on the roof structure.

2.2. Structural Members

Members with steel tube sections of different diameters and thicknesses are used in the truss roof
system. The pipe elements with screwed cone ends are connected to the hot forged steel spherical
joints. These joints ensure that no eccentricity occurs and the only axial forces are developed in the bars
of the truss system. The yield strength of the material (S235JR) of the bars and the cone parts at the
ends of them (DIN 2458) is 235 MPa, ultimate tensile strength is 510 MPa, and the allowable stress is
144 MPa. The bolts used for mounting the bars to the spherical joints are made of 10.9 material quality.
The tensile strength of the bolts is 1000 MPa, yield strength 900 MPa, and the allowable strength is
360 MPa, in which the safety factor is 2.5. The spherical joints used to connect the rods to each other
and the supports are made of hot forged steel with a yield stress of 330 MPa and a tensile strength of
590 MPa. The strength values and the chemical decompositions of the materials used in the truss roof
system were validated by Piroglu et al. [8].

The support spheres are fixed onto the concrete columns by using square or circular plates bolted
to the columns. The supports are made of EN C45 steel, and Teflon plates are placed under the sliding
supports to reduce friction. The details of the joints and supports are given in Figure 5.
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Figure 5. View of the spherical joints and the supports.

3. Analysis

Two main groups of analyses were performed within the scope of this study. The first group was
called the global analysis, where all the load-carrying members of the building were considered as
beams and bars, while the second group considered the individual columns and supports.

The first group included multiple case scenarios with different combinations of loads. Only two
major cases are presented in this study for the sake of simplicity.

The second group consisted of two stages. The first stage investigated the effective material
properties of the concrete column reinforced with steel rods under uniaxial tensile strain conditions.
Thus, the column was handled as a composite material. The second stage investigated the individual
column support connection under the highest forces determined by the global model acting on an
individual support.

All the simulations were conducted using the commercial software Abaqus (Dassault Systèmes,
Vélizy-Villacoublay, France) under static loading assumptions.

The values of the three most important material properties, namely Young’s modulus (E),
Poisson’s ratio (ν), and the thermal expansion coefficient (α) are shown in Table 1.

Table 1. The material properties considered in the analyses.

Property Steel Concrete

Young’s modulus (E) 210 GPa 32 GPa
Poisson’s ratio (ν) 0.28 0.20

Thermal expansion coefficient (α) 13 µm/(m K) 11.5 µm/(m K)

3.1. Global Analysis

The given design of the structure was recreated in a compatible computer aided design (CAD)
format and was imported into the commercial finite element software mentioned above. The finite
element model was used to simulate some assumptions and certain loading conditions with a
consideration of geometric nonlinearities. The boundary conditions were defined as appropriate to
the actual structure and the loads applied to the truss roof system were defined as given in Table 2,
which are greater than the loads that are assumed for the design. So, the main purpose of this global
analysis was to generate a better understanding of the mechanical behaviour of the roof and to predict
the failure modes under different loads and assumptions. It is worthy of note that all the analyses were
run in a static manner. Since the equivalent static loads are determined using the relevant Turkish
standards, it is appropriate to use this simplification [8].
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Table 2. The loads considered in the analyses.

Load Description Value

Weight of the space truss system 140 N/m2

Dead loads
350 N/m2

(240 N/m2 given in design calculations)

Snow load
2000 N/m2

(1000 N/m2 given in design calculations.)

Vertical wind loads 960 N/m2

Equivalent earthquake vertical load 950 N/m2

Equivalent earthquake horizontal load 200 N/m2

(180 N/m2 given in design calculations)

One of the most important aspects here is that the presented strength and elastic properties of the
materials and members used were put through tests and experimental processes and were found to be
consistent in general with the standards [8]. So, in the analyses performed for this study, the values
that were presented in the reports of the company were mainly used.

Different dead, live, snow, temperature, and earthquake loads were considered in the design.
Rain load caused by an excessive accumulation of water, especially on low-slope or flat roofs where the
parapets are mounted around the roof, can cause partial or total destruction if they are not considered
in the design. However„ rainfall ponding on the roof is considered in the design. The design code
used gives wind loads for buildings of 20–90 m tall as 0.8 kN/m2 (pressure) on the windward and
−0.4 kN/m2 (suction) on the leeward sides. For the seismic loads, the earthquake acceleration is taken
as 0.3 g, where g is the gravitational acceleration, so the earthquake loads are overestimated [8].

The loads acting on the space truss system are to be transmitted to the bars over the spherical steel
elements, called nodes. The weight of the space truss roof system is taken as 140 N/m2, the dead load
from coatings and the installation is given in the design documents as 240 N/m2, but it was assumed to
be 350 N/m2 in the analysis. The snow load is given in the design calculations as 1000 N/m2 and was
taken as 2000 N/m2 in the analysis. The equivalent earthquake horizontal load is given as 180 N/m2 in
the design calculations and was considered here as 200 N/m2. The equivalent earthquake vertical load
was 950 N/m2 and the vertical wind load was 960 N/m2. Table 2 gives the loads used in the analyses.

The boundary conditions of the space truss system and the columns were arranged as the original
design of the structure.

The bars of the space truss were modelled based on the standards of DIN S235 JR for quality
linear elastic materials, and columns were modelled as C35 grade homogeneous and linear elastic
steel-reinforced concrete with the elasticity modulus, which was determined using the homogenisation
of the composite column analysis. The bar elements in the space truss system and the beam elements
in the columns were assembled as a whole system of 160,133 elements and 461,847 nodes. Figure 6
displays the model for global analysis in a commercial finite element software. With this model, a static
global analysis of the space truss system was performed with the above-mentioned loads being quite a
bit larger than the design loads.
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Figure 6. Three-dimensional finite element model prepared for finite element (FE) analysis.

3.2. Analysis of the Columns and Supports

This section covers the analyses performed to gain more insights into the mechanical behaviour of
the columns and the supports, which either were not very accurately represented in the global model
or to increase the accuracy of the global model. The first stage of these analyses aimed to homogenise
the composite column and the second stage investigates the mechanical behaviour of the column and
support behaviour focusing on the stress/strength of the structure.

3.2.1. Analysis of the Steel-Reinforced Columns

The main purpose of this analysis was to understand the effective material properties of the
steel-reinforced concrete columns by using three-dimensional finite elements. Here, the column was
assumed to be a composite beam and its material properties were calculated with homogenisation.
Thus, the aim was to obtain a more realistic global model. For this purpose, a model was created
considering the steel reinforcement of the concrete columns. In this model, the column material was
considered as a composite material with concrete and reinforcing steel rods. The steel rods were
placed in the concrete as shown in Figure 7. The rods and the concrete were rigidly bonded to each
other. According to the general theory of mechanics of composite materials, lateral reinforcement steel
binders, which are predicted to have no significant effect on axial stiffness, were not included in the
analysis for the sake of simplicity. The steel reinforcing rods were taken as given in the project and as
described in the previous section.

To represent the behaviour, a cross-sectional face was subjected to axial displacement restrictions
whereas the opposite face, which is the other cross-sectional face, was subjected to a uniform axial
displacement. Using the results of the analysis, the effective Poisson’s ratio and Young’s modulus were
determined. A similar procedure was also performed for the effective thermal expansion coefficient.
The results of this analysis were used in the global analysis.

166



Appl. Sci. 2020, 10, 7769

Figure 7. CAD of a column with steel-reinforced concrete.

3.2.2. Analysis of the Spherical Support with Steel-Reinforced Columns

This part of the study was interested in the mechanical behaviour and safety of the column
and spherical support structures. This study used the highest mechanical loads acting on a single
truss-column connection node calculated in the global analysis. It is also important to note that this
analysis considered only the mechanical loads and did not consider any thermal effects. The analysis
of the column support connection was performed with a three-dimensional finite element model.

The column support connection was built such that the sphere was mounted on the support plate,
which is embedded in the steel-reinforced concrete with a bolt connection. The structure of this model
is given in Figure 8.

μ

Figure 8. CAD of the column support connection with steel-reinforced concrete.

167



Appl. Sci. 2020, 10, 7769

The contact interfaces between the steel rods and concrete were rigidly bonded and so too were
the contact surfaces between the spherical support and the steel plate. The bolts were attached to the
model with a standard preload and connected to the steel plate and concrete with friction.

The bottom cross-sectional face was connected to a grounded spring with 6 degrees of freedom
and with the stiffness values of the rest of the column, to save computational time.

4. Results and Discussion

In this section, the results of the analyses are presented and discussed. Based on the interpretations
of the results that match the actual failure form of the structure, a scenario, which is judged the most
plausible, is described and discussed.

4.1. Analysis of the Steel-Reinforced Columns

The homogenisation study was conducted and the results are presented here. Figure 9 shows the
equivalent stress distribution in the case of axial loading of the composite structure and Figure 10 shows
displacement distribution. As a result of this analysis, the elasticity modulus and the resultant thermal
expansion coefficient of the steel-reinforced concrete were calculated as 48 GPa and 12.8 µm/(m K),
respectively. This axial elasticity modulus value was 50 GPa in the global analysis.

Figure 9. Stress distribution in the case of axial stress on the steel-reinforced concrete column.

Figure 10. Displacement distribution of the steel-reinforced concrete column in the case of axial stress.
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4.2. Global Analysis with Only Mechanical Loads

The displacements and the stresses occurring in the truss roof system were calculated by using
the finite element analysis software. Figure 11 shows the vertical displacement (in meters) under the
considered loads. The largest displacements of about 4.7 cm occurred in blocks A, C, and E, where the
gap between the columns was the largest (28 m), as was expected. It should be noted here that due to
the positive direction of the axis, which is upwards, blue colours are around zero and red is the largest
in terms of absolute values. The region of the larger resultant displacements is not where the real
damage happened. The deformations of the column structures are so small that they do not suggest
any safety issues. The analyses demonstrate clearly that the system is safe and that the results are
consistent with the results obtained by the engineering bureau.

 
Figure 11. Vertical displacement of the steel-reinforced concrete column system.

Considering the stress analysis, the equivalent stresses using the von Mises criteria were calculated
for all the structures. Figure 12 gives the von Mises stresses in the roof structure (in Pa). It can
be seen that all stresses of the roof structure together with the columns are within the safety limits.
The collapsed regions are also within the safety limits. As well as the displacements, the stresses
occurring in the column structures are well below the safety limits. Although exaggerated loads are
applied on the roof structure, the stresses and displacements in the beams and rods show that the
structure would not fail under these combinations of excessive loads.

Figure 12. Equivalent von Mises stress distribution of the steel-reinforced concrete columns.

The greatest stresses occur at these “U” shaped connections shown in Figure 13;
however, the displacements are not excessive. It is important to note that this connection structure
does not exist in the real application. These connections are used in the CAD/FE model in order not
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to distort the dimensions of the truss structure. In reality, there are walls with certain thicknesses
whereas the FE model used beam elements. To connect the trusses with the supports, such a “dummy”
structure was used. Therefore, the stress values that were read at these connections were disregarded.

 

Figure 13. Connections with the supports and steel truss at the block interfaces.

4.3. Analysis of the Spherical Support with Steel-Reinforced Columns

After concluding that the global structure is safe, the next step was to analyse an individual
column support by using the finite element method. The results of the global analysis were used to
determine the support reactions. At the most dangerous column support connection, the horizontal
force was 95 kN and vertical force was 940 kN. The forces were taken as 120 kN in horizontal and
1000 kN in vertical directions.

The equivalent stress distribution obtained in this case is shown in Figure 14. As can be clearly
seen from this figure, the stress levels are below the yield stress, even though extreme loads are applied.
Figure 15 shows a post-damage image of one of the columns to which the space frame roof system
was attached.

Figure 14. Equivalent stress distribution of the column support connection.
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Figure 15. Damage on the support to which the space truss roof system was attached.

Figure 16 shows the distribution of the resultant displacement that occurs in the column support
connection. Here, it can be seen that the maximum value of the displacement compounds of the
spherical support was around 0.3 mm.

Figure 16. Resultant displacement distribution of the column support connection.

4.4. Global Analysis with Mechanical Loads and Thermal Effects

With these results obtained from the global analysis it was found that increasing horizontal forces
may cause damage, various damage scenarios were investigated by changing the loads applied to the
space frame system. As the first case, the vertical load was increased considerably and no damage was
predicted in the real damaged zones A and F, as given in Figure 1. As the next case, the structure was
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tested by increasing the horizontal load. Although the horizontal load value was increased to a level
that cannot be reached by wind and similar factors, the damage that occurred cannot be explained with
these combinations of loads. However, the structure was found to be more sensitive and vulnerable to
the horizontal loads. Finally, it was understood that the space frame system with the columns is safe
against vertical loads (snow, water, etc.) and horizontal loads (wind, etc.).

It is obvious that different factors must have been present in order to explain the real damage in
the structure. Therefore, considering the natural events occurring on the night of the event, their effects
on the structure were considered. It was assumed that reasons such as heavy rain that leads to ponding
on the roof with a slope of 1% and a plausibly clogged water discharging drainage system would not
cause damage similar to that which occurred. Besides, around the rooftop surface there are several
scuppers with 15 cm height. Even with the assumption of full ponding of the roof with 15 cm height,
it can be confidently claimed that the chosen loads for the analysis were on the cautious side and led to
conservative results, which do not point out any damage predictions similar to the real damage.

On the other hand, a large number of lightning strikes were detected on the night of the incident.
The effects of lightning depend on the energy of the lightning itself. The energy of lightning, which is
impossible to fully determine, depends on many parameters, such as the altitude of the cloud where
the lightning originates. It is well known that this discharged energy heats up a considerable amount
of air surrounding the core of the lightning. The temperature rise is so rapid and significant that it
can start fires near the location where lightning strikes [37]. Furthermore, when lightning strikes a
building, the electric current passes through the structure, which leads to a sudden heat generation and
a rapid increase of temperature [29,37,38]. Besides, quite large shock forces occur due to the interaction
of large masses of hot and cold air around it, and also due to the humidity of the air and the ground,
which is called the blast effect. In addition, it is known that the presence of water amplifies the blast
effect and interacts with the structure under electric current [34]. Therefore, it is thought that these
great shock forces can cause instant damage.

Even though it is judged that the structure is heated, it is impossible to predict or evaluate the
exact or even approximate rise of temperature. For the purpose of understanding the underlying
factors that led to the damage shown in Figure 1, the effects of temperature change on the structure
were investigated using a simplified approach. The space frame system was given a temperature
increase of 50 ◦C. Lightning is most likely to cause a local thermal shock and not heat up the entire
structure. However, it is impossible to know the number of lightning strikes, the generated heat,
the temperature rise, generated blast, etc.

Based on these assumptions, a 50 ◦C temperature increase was applied to the global model
alongside the external loads as described in the previous global analysis. A new static model was
built and the results are given in Figures 17–21. Figure 17 shows the equivalent stresses of von Mises
occurring in the space truss systems and columns. It can be seen that the stresses coming out of this
figure are quite safe. However, it has been found that the stress values in the support joints reach
values exceeding the safety limits, and the supports reaching these values are concentrated in the areas
where damage occurred. The reason for the great stress values in this global model is that the model is
simple and gives a general idea. It would be appropriate to consider separately the situations in the
supports with large stresses.

It is also to be noted that the “U” shaped connections between the steel truss structures and the
supports on the walls display the greatest stresses, which is not realistic, as these connections do not
exist in the real structures. Therefore, those stress values were disregarded.

Figure 18 shows the resultant displacements that occurred throughout the system. From this
figure, it can be seen that displacements are suitable and larger displacements occurred in the regions
where the damage occurred.
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Figure 17. Stresses due to load and thermal effects in the space frame and steel-reinforced concrete
column system.

Figure 18. Resultant displacements due to load and thermal effects in the space frame and
steel-reinforced concrete column system.

Figure 19. Displacements in the long-edge direction caused by load and thermal effects in the space
frame and steel-reinforced concrete column system.
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Figure 20. Displacements in the short-edge direction caused by load and thermal effects in the space
frame and steel-reinforced concrete column system.

Figure 21. Displacements in the vertical direction caused by the loads in the space frame and
steel-reinforced concrete column system.

Furthermore, Figure 19 shows the displacements in the long-edge direction, x-direction. This figure
clearly shows that there were large displacements in the areas where the damage occurred. Figure 20
shows the displacements in the direction of the short edge of the building, the so-called y-direction.
It is to be noted that the larger displacements were observed in the direction along the shorter edge,
whereas the larger displacements due to thermal expansion were expected in the direction of the long
edge. The reason behind this can be explained with different stiffness levels of the structure in different
directions and boundary conditions of the supports. As can be seen from Figure 6, the number of
columns in the first two rows of the halls B, D, and F are much more intensively positioned than that
seen in the rest of the building. Moreover, the intensity of the columns in the x-direction is greater than
the intensity of columns in the y-direction. Therefore, the stiffness in the x-direction is expected to
be greater than the stiffness in the y-direction. The sliding supports and the stiffness of the structure
allow the structure to deform in the y-direction more than it can in the x-direction, even though the
tendency to deform is more in the x-direction than in the y-direction. This leads to the storage of a
larger amount of energy in the x-direction. Additionally, since, there was no damage in the spherical
supports themselves, as can be seen in Figure 15, the excessive displacements caused larger stress
values in the bolt connections between the spherical parts and the members. Therefore, it was found
plausible that this mechanism caused the actual failure.

The displacements of the structure in the vertical direction are given in Figure 20. Comparing the
vertical displacements of the previous global analysis and this one (Figures 11 and 21), both cases
display very similar distribution trends but the new one exhibits larger displacements. This is because
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there is a synergy effect based on the complex loading, and the thermal expansion leads to extra loading
and elongation in horizontal directions.

5. Conclusions

The space truss roof structure, the columns, and the spherical steel supports of the factory building were
put through several numerical analyses, and their behaviour was evaluated using the commercial software
Abaqus (Dassault Systèmes, Vélizy-Villacoublay, France). These static stress analyses were performed
using the finite element method and considering geometric nonlinearities. Based on the results of these
simulations, the following conclusions about the real failure of the structure were drawn:

− According to the global analysis, the structure is quite strong and insensitive to the vertical dead
loads (rain, snow, etc.) even at some higher values, which are judged to be extreme and unrealistic.
The most dangerous region of the space frame system in terms of vertical loads is the corridor
with the largest column span in the A, C, and E blocks. However, this region is still safe, and the
damage occurred somewhere else.

− Using the results of the global analysis, the most critical support connection was individually
investigated and found safe, although it is more sensitive to horizontal forces. However, in the
analysis, all the effects that create lateral forces caused by the wind and similar homogeneous
distributed loads could not make the structure exceed the safety limits and cause any damage in
the locations where the real damage occurred.

− It is judged that the thermal expansion of structural members increases the horizontal forces at the
supports and the stresses at the members. The temperature change was assumed to be caused by
lightning strikes. To investigate the effects of the temperature change, a simplified analysis with a
uniform temperature rise was conducted and produced results that point out critical regions that
are the same as the real damaged zones.

− The significant change of temperature of the air surrounding the lightning channel and the electric
current that passes through the structure may cause heating of the roof system rapidly and locally.
The lightning at the scene may also cause a sudden pressure change that can be amplified by
the presence of water on top of the structural surface. In addition to the thermal expansion, it is
judged possible that the blast effect may have a significant role in the failure of the structure.

− Testing the idea of temperature change, the damage prediction was found to be consistent with the
real failure mode. It was concluded that the bolts and the bolted members attached to the supports
in the real damaged regions of the space truss roof system were overloaded and damaged, as it
can be seen in Figure 15.
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Abstract: In this study, for the establishment of a safety evaluation method, non-destructive tests
were performed by developing a full-scale model pier and simulating scour on the ground adjacent
to a field pier. The surcharge load (0–250 kN) was applied to the full-scale model pier to analyze
the load’s effect on the stability. For analyzing the pier’s behavior according to the impact direction,
an impact was applied in the bridge axis direction, pier length direction, and pier’s outside direction.
The impact height corresponded to the top of the pier. A 1-m deep scour was simulated along one
side of the ground, which was adjacent to the pier foundation. The acceleration was measured using
accelerometers when an impact was applied. The natural frequency, according to the impact direction
and surcharge load, was calculated using a fast Fourier transform (FFT). In addition, the first mode
(vibratory), second mode (vibratory), and third modes (torsion) were analyzed according to the pier
behavior using the phase difference, and the effect of the scour occurrence on the natural frequency
was analyzed. The first mode was most affected by the surcharge load and scour. The stability of
the pier can be determined using the second mode, and the direction of the scour can be determined
using the third mode.

Keywords: prototype abutment; non-destructive test; surcharge load; mode number; scour

1. Introduction

The maintenance of railway bridges is required due to their special structures and socioeconomic
roles. Therefore, technologies that can facilitate maintenance of the target performance based on
reasonable inspections, measurements, evaluations, decision-making, repairs, and reinforcement
procedures are required. However, the number of bridges that are damaged not only by structural
problems but also by various environmental factors is gradually increasing. In particular, when
flooding occurs, scouring occurs due to runoff in the ground adjacent to the bridge piers crossing
the river, causing the bridge to collapse. This not only seriously affects the safety of people, but
can also cause enormous losses to society and economy over a long period of time. Additionally,
it is reported that the first cause of the bridge failure is not the structural defect of the bridge, but
the destruction of the foundation due to scouring around the pier during flooding [1–4]. In general,
railway bridges do not suddenly collapse; warnings are usually provided in advance. It is difficult to
identify these abnormal signs via personnel-oriented irregular inspections or regular inspections at
long-term intervals performed with inspection vehicles. Worldwide, studies have actively investigated
the development of technologies for detecting the collapse of bridge piers in advance. In April 1987,
a bridge collapsed at the Schoharie creek in New York, USA owing to the scour that occurred on
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the bottom surface of the pier footing. This accident resulted in more than ten human casualties as well
as significant economic damage, and a research fund of 11 million USD was supported for the scour
alone. Since then, research has been supported on a national level, led by the National Cooperation
Highway Research Program (NCHRP). In addition, the Federal Highway Administration (FHWA)
prepared the technical manuals of Hydraulic Engineering Circular (HEC)-18 [5], HEC-20 [6], and
HEC-23 [7] for bridge scour, river stability, and countermeasures, respectively, due to active research
and evaluation programs since 1987. These manuals are being used for the analysis and design of
the bridge scour. Most of these studies, however, are focused on bridges that are built on sandy soils;
thus, the characteristics of scour on soils other than sandy soils have not been considered. For scour
analysis, the formula proposed by HEC-18 has been widely used. It is difficult to apply the formula
to soils other than sand because the formula was obtained on the basis of experiments conducted on
sand. Recently, a method that considered the scour rate and the influence of time [8] was proposed
for clayey soils, and a new approach that used the erosion index [9] was attempted for rocky soils. In
the Netherlands, systematic and comprehensive research on the scour pattern has been conducted
as a national project by Dutch Delta Works since 1953. This research project was led by the Ministry
of Transport, Public Works, and Water Management as well as Delft Hydraulics. Delft Hydraulics
derived a semi-empirical scour formula as a function of time and location. This was achieved by
performing numerous laboratory experiments while considering a variety of variables that are related
to the hydraulic properties of the flow and the scour materials. They prepared a comprehensive
technical manual that is referred to as the Breusers-equilibrium method on the scour phenomenon. This
is based on the average flow velocity and the relative turbulence intensity of the flow and the dominant
characteristics of time for the maximum scour depth [10].

As mentioned above, many projects have been conducted on the stability evaluation for piers
and many studies have also been conducted. In previous research, the scour effect was simulated
where the actual scour occurred by numerical analysis [11,12]. Cooley and Tukey [13] developed
a fast Fourier transform (FFT) algorithm. Research on the bridge stability analysis and monitoring
of the basis of this method has been conducted for many years [14–18]. In addition, many studies
have been conducted to judge the state of the pier by its natural frequency. Sanayei and Maser [19]
conducted research on the static measurement by using a vehicle load to estimate the ground stiffness
of a bridge foundation. When a 200 kN truck passed each bridge that was built on a pile foundation
and a footing, respectively, the stiffness ratio of the measured and theoretical values according to
the foundation type were compared. Nishimura [20] introduced an impact vibration test method that
measures the natural frequency of a pier by using the response waveform that was obtained by exciting
its head with a weight of 300 N and it determines the stability from the changes in the natural frequency.
Haya et al. [21] examined the possibility of estimating the natural frequency of a spread foundation pier
with a microtremor measurement. They also compared the results of the impact excitation experiment
and the microtremor measurement for a field bridge, and they reported that it was impossible
to measure the natural frequency with a microtremor measurement. Samizo et al. [22], however,
conducted research on a method for defining the natural frequency by measuring the microtremor
of the existing bridge piers. Keyaki et al. [23] proposed a method that can identify the natural
frequency by using the tremor measurement results alone without the impact vibration test results.
Samizo et al. [24] developed a technique for evaluating the stability of the foundation. This was
achieved by measuring the vibration of the pier using hydraulic power and analyzing the natural
frequency change, and they also conducted research on soundness diagnosis indicators. Abe and
Nozue [25] proposed a soundness diagnosis indicator that has a correlation with the natural frequency
through a model test and the verification by a field measurement. Masahiro [26] proposed a statistical
formula based on several measurement results by using the impact vibration test method. Japan’s
Ministry of Land, Infrastructure, and Transport [27] specified calculation formulas for each foundation
type and the foundation soil type for railway maintenance standards, and they proposed a formula for
the natural frequency of spread-foundation-type single-track piers.
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As mentioned above, the stability of bridge substructures is closely related to the safety problem
of bridges. The safety diagnosis and inspection, however, are focused on the materials for the bridge
as well as structural problems, and there is no quantitative evaluation method for the substructures.

In this study, an impact load test was performed to analyze the effect of the surcharge load and
scouring of the pier. This paper was focused on a bridge with shallow foundation and a plate girder
deck because this is the most diffused typology in Korea. The full-scale model pier was built to analyze
the effect of the surcharge load and confirm the mode shape and mode number of the bridge pier.
Through the impact load experiment, it was possible to determine the three mode number of the pier
according to the direction of the impact load. In addition, scouring was simulated using the pier of
abandoned railway. The three mode number identified in the full-scale model experiment was derived
and the effects of scouring were analyzed with natural frequencies.

2. Test Set-Up

2.1. Specifications of the Full-Scale Model Pier and the Cheongnyangcheon Bridge Pier

The full-scale model pier used the spread foundation type to evaluate the aged foundations.
The pier foundation slab’s dimensions were 5150 mm × 2420 mm × 50 mm (length × width × height),
and the pier, which had a height of 4500 mm, was fabricated by repeating concrete pouring and
curing with a height of 1500 mm for three times. The length and width of the pier were 4150 mm and
1420 mm, respectively.

The target pier of the field test was a shallow foundation type and an unreinforced concrete
structure. The length and width of the top of the pier were 3900 and 1350 mm, respectively, and those
of the bottom of the pier were 4680 and 2130 mm. The total length of the pier was 7800 mm; 3000 mm
of the pier’s length was embedded under the ground.

Figure 1 illustrates schematic view of the pier and Figure 2 shows the target pier for the impact
load test.
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2.2. Non-Destructive Impact Vibration Test Method

The impact vibration test method can be used to evaluate the stability of the piers. The stability
was evaluated based on the natural frequency that was derived when an impact was applied to the top
of the pier in the pier length direction with a weight of approximately 0.3 kN. The impact vibration test
method was proposed by Nishimura [20], who proposed a simple formula for the natural frequency of
a sound pier by using the pier height, the girder weight, and the earth covering based on the natural
frequency results of the piers that were derived through a series of tests.

Eight accelerometers were used to evaluate the stability of the pier through the impact load test,
and a weight of 0.3 kN was used to apply an impact load. Figure 3 presents the measuring equipment
and the weight that were used in the experiment. In the full-scale pier model test, the surcharge load
slowly increased from 0 to 250 kN by 25 kN (a total of 11 loads) to analyze the influence of the surcharge
load. Here, the surcharge load simulated the weight of the girder.
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The field test was conducted for cases with or without a girder on the pier (Figure 4). In addition,
the impact load test was conducted by simulating scour on one side of the ground that was adjacent to
the pier to analyze the effect of the scour on the pier (Figure 5). The bridge pier in lab tests simulated
the embedded in bedrock condition, and bridge pier in-situ condition simulated the embedded in
weathered soil. The weather soil’s SPT N value ranged 6–8. The full-scale model pier simulated
a shallow foundation embedded weathered rock, in addition, therefore, the tests were performed
without scour case.
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Figure 6 illustrates the test cases according to the impact direction. The accelerometers were 
attached to points 50 cm away from the top of the pier, a point 50 cm away from the bottom of the 
pier, and the center of the pier. Two accelerometers were attached to three points (a total of six 
accelerometers) to measure the acceleration in the bridge axis and pier length directions. Two 
accelerometers were attached to the outer surface of the pier to measure the acceleration in the pier 
length direction. An impact was applied to three points. The full-scale pier model test was repeated 
33 times while considering the surcharge load, and the field test was repeated nine times. Table 1 
summarizes the test cases. 
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Figure 5. Simulated ground scour (scour depth = 1000 mm).

Figure 6 illustrates the test cases according to the impact direction. The accelerometers were
attached to points 50 cm away from the top of the pier, a point 50 cm away from the bottom of
the pier, and the center of the pier. Two accelerometers were attached to three points (a total of
six accelerometers) to measure the acceleration in the bridge axis and pier length directions. Two
accelerometers were attached to the outer surface of the pier to measure the acceleration in the pier
length direction. An impact was applied to three points. The full-scale pier model test was repeated
33 times while considering the surcharge load, and the field test was repeated nine times. Table 1
summarizes the test cases.
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Table 1. Test cases.

Classification
Impact

Direction
Surcharge Load Scour

Impact
Location

Full-scale pier
model test

Case-1
Pier length
direction

0–250 kN (increase
by 25 kN) N/A

Top of the pier

Case-2
Bridge axis
direction

Case-3
Bridge axis
direction
(outside)

Field test

Case-1
Pier length
direction

N/A 1-m depthCase-2
Bridge axis
direction

Case-3
Bridge axis
direction
(outside)

3. Results

3.1. Mode Number Analysis for the Analysis of the Test Results

Prior to the full-scale pier model test and the field test, the eigenvalue of the pier was analyzed
using Diana [28], which is a finite element software program, to analyze the behavior of the pier
according to the impact direction. The finite element analysis only analyzed the mode number
according to the direction of the impact load. Therefore, in order to reduce the variables in numerical
analysis, the boundary condition between the pier bottom and the ground was set as a fixed condition.
The size of the pier that was used for the analysis was the same as the full-scale pier. It was possible to
analyze the behavior of the pier that corresponded to the first, second, and third modes according to
the eigenvalue as shown in Figure 7. The pier exhibited displacement in the bridge axis direction in
the first mode and in the pier length direction in the second mode. In the third mode, the torsional
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behavior of the pier was observed. According to the mode number analysis, the natural frequency
corresponding to the second mode was caused by the impact in the pier length direction. In addition,
the natural frequencies corresponding to the first and third modes were caused by the impact in
the bridge axis direction. By analyzing the eigenvalue of the pier, the impact directions to derive
the mode numbers of the full-scale model pier and the field pier could be selected. Based on this result,
it was possible to determine the applicable impact load direction in the test, and full scale pier tests
was establishment of the impact load test method to implement the pier behavior in the 1st–3rd modes.
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3.2. Experimental Analysis Method

Figure 8a shows the acceleration values that were measured in the experiment. They are
the measurement results of the impact in the bridge axis direction when the surcharge load was
0 kN. In the case of the impact vibration test, it is possible to determine the natural frequency and
vibration mode by analyzing the spectrum of the repetitive waveform that was obtained from multiple
recorded waveforms. For the spectrum analysis, it is desirable to use the FFT technique, which is
capable of dividing the signals by the frequency. The natural frequency of the pier can be derived
from the frequency domain using the FFT technique as shown in Figure 8b. In addition, the phase of
the measured position can be represented as shown in Figure 8c. Based on this, the phase difference
between the measuring instruments can be obtained, and the overall behavior of the pier can be
analyzed. For example, in the case of the first mode and the second mode, the natural frequency occurs
when the phase of the attached measuring instrument is in the same direction, so when the phase
difference is 0◦, it can be determined as the natural frequency of the first and second mode. In addition,
in the case of the third mode, the natural frequency of the pier can be derived when the phase difference
occurs 180◦ because it has torsional behavior.
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3.3. Full-Scale Pier Test Results

Through a series of tests, the mode number of the pier was analyzed, and the natural frequency of
the pier in each mode was derived. Figure 9a shows the natural frequency of the pier in case-2 where
an impact was applied to the top of the pier in the bridge axis direction. The natural frequency was
determined to be approximately 15.14 Hz. In addition, the phase was obtained for each height by
using the measured values to analyze the behavior of the pier. Figure 9b shows the phase difference
results that were obtained by using the phase for each position. It was determined that all of the phase
differences where the natural frequency points occurred had a tendency to converge to 0◦. This is
because all the measuring instruments that were attached to each height were deformed in the same
direction. In other words, the behavior of the pier occurred in the same direction. The behavior had
a tendency to be similar to the first mode of the pier eigenvalue analysis.Appl. Sci. 2020, 10, x FOR PEER REVIEW 9 of 17 

  

Figure 9. Results of the impact vibration load test in the bridge axis direction. (a) Natural frequency 
of the first mode and (b) phase difference of the first mode. 

Figure 10a shows the results in case-1 where the natural frequency for each height was derived 
by applying an impact to the top of the pier in the pier length direction. The natural frequency of the 
pier was determined to be approximately 22.4 Hz, which is approximately 7 Hz higher in 
comparison to case-2 (bridge axis direction). This is because the stiffness of the pier was higher in the 
pier length direction than in the bridge axis direction. This confirms that the difference in the 
stiffness affected the natural frequency. To examine the behavior of the pier in the pier length 
direction, the phase difference was analyzed as shown in Figure 10b. In this instance, the phase 
difference converged to 0° when the natural frequency occurred along with the behavior in the first 
mode mentioned above. This appears to be similar to the behavior in the second mode of the pier 
eigenvalue analysis. 

Figure 10. Results of the impact vibration load test in the pier length direction. (a) Natural frequency 
of the second mode and (b) phase difference of the second mode. 

Figure 11a shows the natural frequency results in case-3 where the acceleration was measured 
by applying an impact to the upper outer point of the pier. Two clear natural frequencies were 
observed, and they were 15.14 and 54.19 Hz. The phase difference results in Figure 11b show that the 
phase difference converged to 0° at 15.14 Hz. This indicates that the first mode occurred, as the 
behavior and the natural frequency were the same as those of the first mode. Figure 11b, however, 
shows that the phase difference was 180° at 54.19 Hz. These results demonstrated that the outer part 
of the pier behaved in opposite directions; thus, indicating torsional behavior. This behavior was 
similar to the third mode, and it appeared that applying an impact to the outer point of the pier in 
the bridge axis direction led to the first mode and the third mode, which was the torsional behavior 

Figure 9. Results of the impact vibration load test in the bridge axis direction. (a) Natural frequency of
the first mode and (b) phase difference of the first mode.

186



Appl. Sci. 2020, 10, 6741

Figure 10a shows the results in case-1 where the natural frequency for each height was derived by
applying an impact to the top of the pier in the pier length direction. The natural frequency of the pier
was determined to be approximately 22.4 Hz, which is approximately 7 Hz higher in comparison to
case-2 (bridge axis direction). This is because the stiffness of the pier was higher in the pier length
direction than in the bridge axis direction. This confirms that the difference in the stiffness affected
the natural frequency. To examine the behavior of the pier in the pier length direction, the phase
difference was analyzed as shown in Figure 10b. In this instance, the phase difference converged to 0◦

when the natural frequency occurred along with the behavior in the first mode mentioned above. This
appears to be similar to the behavior in the second mode of the pier eigenvalue analysis.
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Figure 10. Results of the impact vibration load test in the pier length direction. (a) Natural frequency
of the second mode and (b) phase difference of the second mode.

Figure 11a shows the natural frequency results in case-3 where the acceleration was measured by
applying an impact to the upper outer point of the pier. Two clear natural frequencies were observed,
and they were 15.14 and 54.19 Hz. The phase difference results in Figure 11b show that the phase
difference converged to 0◦ at 15.14 Hz. This indicates that the first mode occurred, as the behavior
and the natural frequency were the same as those of the first mode. Figure 11b, however, shows that
the phase difference was 180◦ at 54.19 Hz. These results demonstrated that the outer part of the pier
behaved in opposite directions; thus, indicating torsional behavior. This behavior was similar to
the third mode, and it appeared that applying an impact to the outer point of the pier in the bridge axis
direction led to the first mode and the third mode, which was the torsional behavior of the pier. Table 2
summarizes the natural frequency of the pier by the mode number according to the surcharge load.

Appl. Sci. 2020, 10, x FOR PEER REVIEW 10 of 17 

of the pier. Table 2 summarizes the natural frequency of the pier by the mode number according to 
the surcharge load. 

  

Figure 11. Results of the impact vibration load test in the bridge axis direction (outside). (a) Natural 
frequency of the third mode and (b) phase difference of the third mode. 

Table 2. Natural frequency results of the full-scale model pier according to the surcharge load. 

Surcharge Load (kN) First Mode (Hz) Second Mode (Hz) Third Mode (Hz) 

0 22.40 15.14 54.19 
25 23.40 14.65 55.66 
50 24.40 13.67 56.12 
75 22.95 12.70 56.61 

100 22.40 12.20 57.12 
125 23.90 11.23 54.20 
150 24.40 10.74 55.18 
175 23.50 10.25 55.66 
200 N/A 9.766 N/A 
225 N/A 9.765 N/A 
250 N/A 8.3 N/A 

3.4. Field Pier Test Results 

The conditions in the field pier test were mainly divided into three cases: (1) the pier with a 
girder, (2) the pier without a girder (removed), and (3) the 1 m deep scour on the ground that is 
adjacent to the pier. The natural frequency of the field pier was analyzed in the same way as the 
analysis method of the full-scale pier model test. Figure 10 shows the first mode natural frequency 
under the three field conditions. The natural frequencies under the field conditions were 21, 13, and 
9.5 Hz, respectively, as demonstrated in Figure 12a–c. In the first mode, the natural frequency had 
the most sensitive change according to the field conditions (surcharge load and scour). This indicates 
that there are limitations in accurately evaluating the stability of the pier using the first mode natural 
frequency, which is affected by all of the variables. 

Figure 11. Results of the impact vibration load test in the bridge axis direction (outside). (a) Natural
frequency of the third mode and (b) phase difference of the third mode.

187



Appl. Sci. 2020, 10, 6741

Table 2. Natural frequency results of the full-scale model pier according to the surcharge load.

Surcharge Load (kN) First Mode (Hz) Second Mode (Hz) Third Mode (Hz)

0 22.40 15.14 54.19
25 23.40 14.65 55.66
50 24.40 13.67 56.12
75 22.95 12.70 56.61

100 22.40 12.20 57.12
125 23.90 11.23 54.20
150 24.40 10.74 55.18
175 23.50 10.25 55.66
200 N/A 9.766 N/A
225 N/A 9.765 N/A
250 N/A 8.3 N/A

3.4. Field Pier Test Results

The conditions in the field pier test were mainly divided into three cases: (1) the pier with a girder,
(2) the pier without a girder (removed), and (3) the 1 m deep scour on the ground that is adjacent to
the pier. The natural frequency of the field pier was analyzed in the same way as the analysis method
of the full-scale pier model test. Figure 10 shows the first mode natural frequency under the three field
conditions. The natural frequencies under the field conditions were 21, 13, and 9.5 Hz, respectively, as
demonstrated in Figure 12a–c. In the first mode, the natural frequency had the most sensitive change
according to the field conditions (surcharge load and scour). This indicates that there are limitations in
accurately evaluating the stability of the pier using the first mode natural frequency, which is affected
by all of the variables.Appl. Sci. 2020, 10, x FOR PEER REVIEW 11 of 17 

  

 

Figure 12. First mode natural frequency for each field condition. (a) With a girder; (b) Without a 
girder; and (c) 1 m deep scour on the ground adjacent to the pier. 

Figure 13 shows the natural frequency of the second mode for each field condition. The natural 
frequencies under the field conditions were determined to be 20, 20, and 14 Hz, respectively, as 
displayed in Figure 13a–c. In the second mode, the natural frequency was identical regardless of the 
presence of a girder, unlike the first mode. This was similar to the result that the natural frequency of 
the second mode was not affected by the surcharge load in the full-scale pier model test. Due to the 
occurrence of scour, the natural frequency was reduced by approximately 6 Hz. Therefore, it is 
determined that the second mode natural frequency can be used as an indicator that can predict the 
condition of the ground that is adjacent to the pier without being affected by the surcharge load. 

  

Figure 12. First mode natural frequency for each field condition. (a) With a girder; (b) Without a girder;
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Figure 13 shows the natural frequency of the second mode for each field condition. The natural
frequencies under the field conditions were determined to be 20, 20, and 14 Hz, respectively, as
displayed in Figure 13a–c. In the second mode, the natural frequency was identical regardless of
the presence of a girder, unlike the first mode. This was similar to the result that the natural frequency
of the second mode was not affected by the surcharge load in the full-scale pier model test. Due to
the occurrence of scour, the natural frequency was reduced by approximately 6 Hz. Therefore, it
is determined that the second mode natural frequency can be used as an indicator that can predict
the condition of the ground that is adjacent to the pier without being affected by the surcharge load.
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Figure 13. Second mode natural frequency for each field condition. (a) With a girder; (b) without
a girder; and (c) 1 m deep scour on the ground adjacent to the pier.

Figure 14 shows the third mode natural frequency for each field condition when the torsional
behavior of the pier occurred. The accelerometers were attached to the left and right of the top of
the pier. The side that simulated scour was named left and the side that did not simulate scour was
named right. There was no significant difference in the third mode natural frequency depending on
the field conditions as in the first and second modes. Figure 14a shows the natural frequencies in
the torsional behavior (third mode) before removing the girder. It was observed that very similar
natural frequencies occur on both sides. In Figure 14b, however, a difference of approximately 2.5 Hz
occurred between the natural frequencies that are measured on both sides after the girder removal.
This is because the fixed end effect of the upper girder disappeared with the girder removal; thus,
restraining the torsional behavior. Figure 14c shows the natural frequency results for the torsional
behavior (third mode) when a 1 m deep scour was simulated on one side of the pier. The natural
frequency values were determined to be similar to those in Figure 14b, but the acceleration of the side
with a 1 m deep scour exhibited a sharp reduction in the amplitude. This indicates that it is possible to
predict the location and degree of the scour. Table 3 summarizes the natural frequency results for each
mode number of the pier according to the presence of scour. It was confirmed that the presence of
scour decreases the natural [29–31].
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Figure 14. Third mode natural frequency for each field condition. (a) With a girder; (b) without a girder;
and (c) 1 m deep scour on the ground adjacent to the pier.

Table 3. Natural frequency results of the field pier according to the presence of a scour.

Test Condition

Bridge Axis
Direction (Hz)
(First Mode)

Pier Length
Direction (Hz)
(Second Mode)

Torsion (Hz)
(Third Mode)

Left
(with Scour)

Right
(without Scour)

With a girder 21 20 63 63
Without a girder 13 20 60.5 63

Without a girder and
simulated 1 m deep scour

9.5 14 60 62.5

4. Discussion

4.1. Analysis of the Influence of the Surcharge Load through the Full-Scale Pier Test

Figure 15 presents the normalized natural frequency results of the full-scale pier for each mode
number according to the surcharge load. As described above, the surcharge load was increased from
0 to 250 kN by 25 kN, and normalization was performed by assuming that the natural frequency
that occurred for a surcharge load of 0 kN was 1. In the case of the first mode, the natural frequency
showed a tendency to slowly decrease from 1 at 0 kN to 0.55 at 250 kN as the surcharge load increased.
In the case of the second and third modes, however, the natural frequency was determined to be 1
or higher regardless of the surcharge load. Hence, the natural frequency of the structural system
decreased with increasing mass, therefore the first mode of natural frequency increased eliminating
the girder. The natural frequencies of the second and third mode are not significantly affected by
the mass because the transverse direction is still stiffer than the longitudinal direction. For these modes,
when the surcharge load was 200 kN or higher, it was not possible to calculate the natural frequency
because clear signals could not be obtained. These results indicate that the mode number that was
most affected by the surcharge load was the first mode.
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4.2. Analyzing the Influence of the Scour through the Field Pier Test

Figure 16 shows the normalized natural frequency results for each mode number according to
the presence of a scour. Step 0 represents the test results with a girder and step 1 represents the test
results after the girder removal. Step 2 represents the test results when the 1 m deep scour was
simulated on one side of the ground that is adjacent to the pier. In the case of step 1, the natural
frequency of the first mode decreased, but those of the second and third modes were similar. This is
in agreement with the result of the full-scale model pier test that the second mode was not affected
by the surcharge load. In the case of step 2, the natural frequencies of the first and second modes
decreased, but the third mode remained similar. These findings indicate that the mode number that
is most affected by the structural condition of the pier and the ground condition is the first mode. If
the stability of a pier is evaluated using the first mode, it will be difficult to identify accurate problems.
Therefore, it is reasonable to determine the boundary state of the ground that is adjacent to the pier
using the second mode, which is affected by the scour in the ground, even though it is not affected by
the surcharge load. In addition, the third mode is considered to be an effective method for determining
the scour direction in the ground as described above in relation to Figure 12.Appl. Sci. 2020, 10, x FOR PEER REVIEW 15 of 17 
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5. Conclusions

In this study, the dynamic response analysis was performed on a shallow foundation used as
a railroad pier through non-destructive tests. The full-scale model was conducted by constructing
a full-scale model pier, and the effect of scouring was performed through the field pier test. Natural
frequencies and phase differences were calculated by measuring the acceleration, and the modal
number of piers was analyzed. The results of the study are summarized as follows.

1. Using the numerical analysis, the eigenvalue and mode number of the pier were derived according
to the direction of impact. Based on this, the test method for the piers that can derive the first,
second, and third modes was established through the full-scale model pier test and the field
pier test.

2. Through the full-scale model pier, the natural frequencies of the first, second, and third modes
were derived when the surcharge load on the pier increased. It was determined that the natural
frequency of the first mode decreased as the surcharge load increased, and the second and third
modes were not significantly affected by the surcharge load.

3. Through the field pier test, scour was simulated on the ground that was adjacent to the side
of the pier to measure the natural frequency when the scour occurred. Due to the influence of
the scour, the first mode exhibited the largest decrease in the natural frequency, followed by
the second and third modes. In the case of the third mode, the amplitude of the acceleration
was significantly small on the side that simulated the scour even though the natural frequency
change was the smallest. This indicates that the direction of the scour can be determined through
the third mode.

4. The results of the full-scale model pier test and the field pier test showed that the mode number
that is most affected by the surcharge load and the scour is the first mode. If the stability of a pier
is evaluated with the first mode, there are limitations in identifying accurate problems. Therefore,
it is reasonable to determine the boundary state of the ground that is adjacent to the pier by using
the second mode, which is not affected by the surcharge load.

5. These research results have a limitation for applying to other types of bridge piers and can be
applicable to the deteriorated bridge with a shallow foundation and a plate girder. For further
study, additional field tests and analysis will be performed and an indicator will be suggested for
applying other type foundations, such as pile foundation.
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Abstract: Self-tapping screws (STSs) can be efficiently used in various fastening solutions for timber
constructions and are notoriously able to offer high stiffness and load-carrying capacity, compared
to other timber-to-timber composite (TTC) joint typologies. The geometrical and mechanical
characterization of TTC joints, however, is often hard and uncertain, due to a combination of various
influencing parameters and mechanical aspects. Among others, the effects of friction phenomena
between the system components and their reciprocal interaction under the imposed design loads can
remarkably influence the final estimates on structural capacity, in the same way of possible variations
in the boundary conditions. The use of Finite Element (FE) numerical models is well-known to
represent a robust tool and a valid alternative to costly and time consuming experiments and allows
one to further explore the selected load-bearing components at a more refined level. Based on previous
research efforts, this paper presents an extended FE investigation based on full three-dimensional
(3D) brick models and surface-based cohesive zone modelling (CZM) techniques. The attention is
focused on the mechanical characterization of small-scale TTC specimens with inclined STSs having
variable configurations, under a standard push-out (PO) setup. Based on experimental data and
analytical models of literature, an extended parametric investigation is presented and correlation
formulae are proposed for the analysis of maximum resistance and stiffness variations. The attention
is then focused on the load-bearing role of the steel screws, as an active component of TTC joints,
based on the analysis of sustained resultant force contributions. The sensitivity of PO numerical
estimates to few key input parameters of technical interest, including boundaries, friction and basic
damage parameters, is thus discussed in the paper.

Keywords: timber-to-timber composite (TCC) joints; push-out (PO) test setup; inclined self-tapping
screws (STSs); finite-element (FE) method; cohesive zone modelling (CZM) method; boundaries;
friction; sensitivity study

1. Introduction

Timber-to-timber composite joints are widely used in novel or existing buildings, with variable
detailing (i.e., type of fasteners, detailing, spacing, arrangement, etc.). Among others, self-tapping
screws (STSs) are particularly efficient due to their continuous thread, and their high withdrawal capacity
allows one to realize connections with increased stiffness and load-carrying capacity. The benefit of
STSs, compared to traditional TTC joints, can be clearly perceived, particularly when the screws are
used with an inclined configuration with respect to the timber grain. On the other side, the arrangement
of screws, requires the designer to account for several aspects that could directly affect the load transfer
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mechanism of a given TTC joint, including the bending capacity of screws, the embedment strength of
wood, the withdrawal capacity of fasteners, the amount of friction phenomena between the involved
components. Appropriate assessment methods and tools are thus required for their accurate mechanical
characterization (Figure 1).

 

 

Figure 1. Available tools for the mechanical characterization and analysis of design parameters of
timber-to-timber composite joints.

In the last years, analytical formulations have been proposed for the prediction of the expected
stiffness and load-carrying capacity of TTC screwed connections [1–7]. However, it is generally
recognized that both the joint features and the loading conditions can strongly affect the overall
mechanical performance. This is in contrast with most of the design applications, that are commonly
developed on simplified estimates of serviceability (or ultimate) stiffness and ultimate resistance values,
and generally use a constant stiffness value for joints with variable spacing. In this regard, the more
refined analytical methods of literature (i.e., [6,7]) are still partially capable to capture the actual
performance of inclined STSs configurations. In the years, several research studies have been thus
focused on more refined but cost/time consuming experimental investigations for the assessment of
TTC joints, aiming at overcoming the actual gaps of design knowledge [8–12], and including also
several timber-concrete composite (TCC) solutions [13,14], or novel hybrid techniques for TTC beams
with inclined STSs [15–17].

This paper presents an extended Finite Element (FE) numerical study (ABAQUS/Explicit [18,19])
that takes into account a wide set of configurations for TTC joints with inclined STSs, under a standard
push-out (PO) setup. The numerical investigation takes inspiration from past experimental results
reported in [6] by Tomasi et al., where various joint prototypes of technical interest have been explored,
as well as from [20,21], where an enhanced cohesive zone modelling (CZM) approach has been proposed
and validated in support of an enhanced mechanical characterization of the fasteners. The reference
modelling strategy is described in Section 3.

The numerically predicted resistance and stiffness parameters are thus briefly compared in
Section 4, based on the available experimental and analytical data from [5,6]. As a reference, standard
test procedures for timber joints are taken into account from [22,23]. Accordingly, the correlation of
collected data is assessed with the derivation of empirical fitting curves. Successively, the load-bearing
performance and sensitivity of TTC-PO specimens to some key input parameters is explored (Section 5).
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The attention is focused on the effects of the base restraint, as well as friction phenomena and timber
contact interfaces, and further on some basic CZM damage parameters for failure detection (Section 6).
In doing so, major advantage is taken from the numerical derivation of the resultant forces that are
sustained separately by the STSs or transferred by the timber components.

2. Background

2.1. Reference Experimental Approach

The short-term mechanical performance characterization of connections and joints of typical use
for TTC (or TCC) systems according to Figure 2 generally depends on several uncertainties. Most of
the parameters that are of primary need for analytical calculations and design are in fact sensitive to
several geometrical features and loading conditions, thus affecting the corresponding serviceability
stiffness and ultimate resistance values.

 

 

α α ≤

α

Figure 2. Conventional experimental procedure for the mechanical characterization of TTC joints with
inclined STSs.

Moreover, most of the simplified methods of literature that can be used for TTC joints still lack
consideration of several relevant aspects that especially in the case of timber, may have severe effects on
the overall structural performance assessment (i.e., crushing or plasticity, time-dependent phenomena
in the joint components, occurrence and evolution of local damage mechanisms, etc.). The actual
result is thus represented by the need of extensive experimental testing in support of the required
stiffness and resistance calculations [22,23]. The loading procedure recommended by the Eurocode
5 for timber structures [5], in this regard, requires for a standard PO test the repetition of 25 load
cycles between 5% and 40% of the expected failure load. The specimen is then pushed further to
collapse. Moreover, several test repetitions should be carried out for each joint configuration. Finally,
a multitude of instruments is recommended to capture and control the specimen performance.

2.2. Selected Push-Out Specimens and Configurations

The numerical study discussed herein takes into account a series of TTC joints with inclined STSs
characterized by geometrical variations in the inclination, the number and the position of fasteners,
the loading direction (i.e., shear-compression (α < 0) and shear-tension (0 < α ≤ 45◦)). In accordance
with Figure 3a–c, the typical TTC joint consists of three glued laminated timber elements classified
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as GL24h strength class (EN 1194 [24,25]). The mechanical connection of these spruce members is
ensured by double-thread, carbon steel STSs (WT-T-8.2 type [26,27]), with a total length of L=190 mm
or 220 mm (Figure 3d). Four joint typologies are thus numerically investigated in this paper (S#1-to-S#4
in Figure 3, with α = var), where [6]:

• S#1 = is a 2 + 2 screwed joint (−45◦ ≤ α ≤ 45◦)
• S#2 = represents a 4 + 4 screwed joint (−45◦ ≤ α ≤ 45◦), with a1 = 70 mm ≈ 8d and d = D3

• S#3 = is a 4 + 4 screwed joint like S#3 (−45◦ ≤ α ≤ 45◦), but a1 = 160 mm ≈ 18d
• S#4 = denotes a 2 + 2, X-shaped screwed joint (0◦ ≤ α ≤ 45◦)

 

 − ≤ α ≤
 − ≤ α ≤ ≈
 − ≤ α ≤ ≈
 ≤ α ≤

 

  

(a) 

S#1 and S#4 (X-shaped) 

configurations 

(b) 

S#2 configuration 

(min. distance) 

(c) 

S#3 configuration 

(max. distance) 

 

Key: 
(a) for α= 0° and ±15° 

(b) for α= ±30° and ±45° 

Type L S1 = S3 S2 D1 D2 D3 DN DH 
(a) D1-8.2 × 190 190 80 

30 8.2 6.3 8.9 5.4 10 
(b) D1-8.2 × 220 200 95 

(d) 

Figure 3. TTC joints with inclined STSs under a standard PO setup. (a)–(c): selected configurations
and (d) nominal dimensions (in mm).

3. Reference Numerical Modelling Approach

A key aspect of the full three dimensional (3D) solid models discussed in this paper is represented
by the use of mechanical properties derived from [20,21]. Among others, a “soft layer” with CZM
damage interactions is introduced at the interface between the steel STSs and the surrounding timber
members. It was shown in [20,21] that the CZM damage modelling technique is particularly suitable
for TTC joints with inclined STSs, where the region of fasteners can be sensitive to localized damage
phenomena, with consequent relevant effects on the collected load-bearing responses. Compared to
other modelling approaches, the CZM technique has well-known intrinsic advantages, since it does not
need to pre-define potential cracks, or to introduce complex and computationally expensive adaptive
mesh techniques, nor to define a very dense mesh pattern where cracks are expected.
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3.1. Solving Strategy and Model Assembly

The numerical simulations are carried out with the ABAQUS/Explicit computer software [18,19],
in the form of displacement-controlled, dynamic analyses with quasi-static deformations. All the FE
assemblies are subjected to a linearly increasing vertical displacement, on the top face of the central
member. The imposed vertical displacement is set in 20 mm, for all the examined configurations.
Force-slip characteristic curves, as well as stress distributions and damage mechanisms in the TTC joint
components are then monitored throughout the numerical investigation, a set of fixed FE assumptions
is repeated for all the TTC joints under a standard PO setup, with major variations represented by
trivial geometrical details.

The major simplification regards some basic symmetry considerations, thus 1/4th or 1/2nd
the nominal geometry of each TTC specimen is taken into account. 8-node three-dimensional (3D)
solid elements, (C3D8R-type) stress-strain bricks with reduced integration from the ABAQUS library
are used for all the joint components. The reference FE model of TTC joint includes also a rigid
base support made of steel, to allocate the lateral timber member in a standard PO setup. A swept
(advancing font) meshing technique is then used to optimize the computational cost of simulations.
The average edge size is minimized in the region of the STSs (0.3 mm-to-0.5 mm), and then maximized
for the steel rigid base and the lateral portions of timber elements (5 mm-to-8 mm). Figure 4 shows an
example of S#1 joint (α = −15◦). Based on [20,21], major efforts are then spent for the description of
STSs and their mechanical interaction with the surrounding timber elements (Figure 5).

To this aim, each screw consists of an equivalent, circular cross-section with uniform diameter (D2

= 6.3 mm from Figure 3d) and total length L.
A “soft layer” representative of STSs threads and timber fibers is then interposed between each

screw and the surrounding timber (D1 = 8.1 mm from Figure 3d).

 

α −

 

α −

−

Figure 4. Reference FE numerical model for TTC joints with inclined STSs under a standard PO setup
(S#1, α = −15◦).
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α −

α −

 
 

(a) (b) 

−Figure 5. Example of (a) typical FE assembly (1/4th the S#1 geometry, with = −15◦) and (b) detail of
the STS region (ABAQUS/Explicit, hidden mesh pattern). Reproduced from [21] with permission from
Elsevier®, Copyright license number 4895820420991, August 2020.

3.2. Material Properties

The mechanical response of both timber and steel components is described with the support of
constitutive laws and material models available in the ABAQUS library. An isotropic, elastic-plastic
Von Mises constitutive law is used for carbon steel screws (10.9 the nominal resistance class), with
E = 210 GPa and ν = 0.3 as nominal modulus of elasticity (MoE) and Poisson’ ratio. Based on [6],
the yielding/ultimate stress values are set in f y = f u = 940.3 MPa. An ultimate strain δu = 0.5% is
considered. At the same time, an orthotropic constitutive law is used for spruce [21]. To ensure more
realistic behaviours for the timber members, this constitutive law is integrated with a Hill plastic
criterion and a brittle failure parameter. The Hill criterion allows to account for different resistance
values in the principal directions of timber, and thus for different potential critical mechanisms for
the examined PO setup. The additional brittle failure law, moreover, is used to include possible
crushing phenomena in the timber close to the fasteners. Once attained the ultimate resistance f c,90,
a linear propagation of compressive damage is taken into account for timber. Due to lack of more
detailed experimental feedback, this material degradation is set to maximize at a failure deformation of
δu = 4mm. This value is adapted from [20], where C24 timber members have been investigated, based
on the similarity in the resistance parameters for GL24h spruce. The final input parameters for timber
are listed in Table 1, based on the nominal mechanical properties for GL24h strength class [24,25].

Table 1. Input mechanical properties for GL24h strength class timber (ABAQUS/Explicit).

Elastic Moduli
(Mean Values, in MPa)

Parallel to the grain E⊥ 11600
Perpendicular to the grain E|| 390

Radial E 390
Longitudinal shear modulus G 690

Resistance
(Mean Values, in MPa)

Compression parallel to the grain f c,0 37.5
Compression perpendicular to the grain f c,90 3.57

Shear f v 3.85

Failure
(Mean Values)

Maximum stress f c,90 (MPa) 5
Damage evolution Linear

Failure displacement δu (mm) 4
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Finally, the equivalent soft layer in Figure 5 is mechanically characterized in accordance with [20,21],
in the form of an indefinitely linear elastic material with GL24h input properties (Table 2).

Table 2. Input mechanical properties for the soft layer and for the CZM contact interaction
(ABAQUS/Explicit).

Soft Layer

Elastic moduli
(mean values)

Longitudinal (screw axis) MPa 370

Tangential MPa 370
Shear MPa 720
Radial MPa 50

Failure
Maximum shear (MPa) MPa 5

Damage evolution - Linear
Failure displacement δu (mm) Mm 4

CZM Contact
Interaction

Resistance
(mean values)

Longitudinal MPa 37.55
Transverse MPa 3.85

Shear MPa 3.85
Rolling shear MPa 3.5

3.3. Mechanical Interactions and CZM Properties

The reliable mechanical performance of TTC numerical models is offered by an accurate calibration
of material properties, but especially by the combination of multiple mechanical interactions between
the involved load-bearing components (Figure 6).

 

   

(a) (b) (c) 

  

(d) (e) 

μ

μ

𝑚𝑎𝑥 𝑡𝑡 , 𝑡𝑡 , 𝑡𝑡 = 1

Figure 6. FE modelling TTC joints with inclined STSs under a standard PO setup. In evidence,
the mechanical contact interactions for: (a) timber-to-timber, (b) base support and (c,d) STS details
(hidden mesh pattern), with (e) traction-separation law.

201



Appl. Sci. 2020, 10, 6534

For the typical FE model in Figure 6a, tangential “penalty” and normal “hard” surface-to-surface
behaviors are first defined for the timber surfaces (µtimber = 0.5 [28] the static friction coefficient).
A second surface-to-surface contact interaction, see Figure 6b, is introduced between the bottom
face of timber (lateral member) and the base steel support (µbase = 0.2 [28]). Finally, see Figure 6c,d,
a double restraint is used in the region of the steel fasteners. Each screw is first rigidly connected with
the surrounding soft layer via a distributed “tie” constraint, so that relative rotations and displacements
among the interested surfaces could be avoided. The external surface of the soft layer and the timber
elements are then interconnected by a surface-based CZM behaviour, that is conventionally defined
in its basic features (linear elastic traction-separation model (Figure 6e), damage initiation criterion,
damage evolution law). In this study, the “default contact enforcement method” of ABAQUS library
is used for the definition of the interface stiffness parameters prior to damage onset. The “Damage
initiation”, in this regard, is set to coincide with timber failure, based on Tables 1 and 2. This limit
condition is implemented in the form of a maximum nominal stress (MAXS) criterion:

max
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,
ts

t0
s

,
tt

t0
t















= 1 (1)

with t0
n, t0

s and t0
t representing the allowable nominal stress peaks corresponding to normal deformations

(n) to the bonding interface or in the first (s) or second (t) shear directions (GL24h resistance values).
For the examined PO setup, any kind of rate-dependent behaviour for the traction-separation elasticity
law is disregarded in this study. The damage evolution is finally set as “linear”, that is:

t = (1−D)t (2)

where D is a scalar damage variable (0 ≤ D ≤ 1) that interrelates the contact stress value t (in any
direction), compared to its value predicted by the elastic traction-separation behaviour for the separation
without damage. A null residual CZM contact stiffness is thus achieved at the first attainment of an
ultimate displacement equal to δu = 4 mm (Table 2).

3.4. Analysis of Force Contributions

The derivation of relevant FE results is carried out on the basis of the collected numerical
force-slip curves, for each one of the examined TTC configurations. More in detail, the attention
of the post-processing stage is first focused on the shear force contributions that are sustained by
the timber members and in the STSs. According to Figure 7, for an imposed vertical displacement,
the total vertical reaction force F and the horizontal reaction force H at the base of each TTC joint are
separately monitored. In the case of the vertical reaction F, moreover, the shear force terms sustained
by the steel screws or at the timber-to-timber interface (by contact) are separately calculated, given that
the overall load-bearing capacity of the TCC joint in the PO setup can be expressed as:

F = Fscrew + Ftimber (3)
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0 0 0

𝑡 = (1 − 𝐷)𝑡̅
≤ ≤

δ

𝐹 = 𝐹 + 𝐹

α

Figure 7. Monitored force contributions for the mechanical analysis and characterization of TTC joints
with inclined STSs under a standard PO setup.

4. Discussion of FE Results

4.1. Force-Slip Curves

Generally, the FE modelling strategy herein presented proved to offer relatively good correlation
with the selected literature data, both in quantitative and qualitative terms. For few configurations
(especially for the TCC joints characterized by high α values), a major scatter was observed and
justified by local damage phenomena that compromised the overall load-bearing performance of the FE
assembled components.

Selected examples are shown in Figure 8 for S#1 specimens and different STS inclinations, while
the corresponding test results are derived from [6].

 

 

α

𝐾 = 0.4 𝐹43 (𝑠 − 𝑠 )

 
 
 

α −

Figure 8. Force-slip curves of selected TTC joints with inclined STSs under a standard PO setup
(ABAQUS/Explicit, S#1, α = var) and corresponding experimental results (data from [6]).

The typical PO analysis was thus stopped due to convergence issues, in the very late damaged
stage. In most of the cases, see Figure 8, this ultimate collapse configuration was achieved for relatively
small slip amplitudes (s < 10 mm), compared to the imposed displacement of 20 mm. For the FE
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predictions agreeing with Figure 8, the maximum resistance Fmax can be conventionally detected
as the first condition between the attainment of the (a) actual maximum force or (b) a total force
corresponding to a joint slip s = 15 mm (if any). The corresponding serviceability stiffness Kser is then
given by [22,23]:

Kser =
0.4 Fmax

4
3 (s04 − s01)

(4)

with s04 and s01 the measured sliding amplitudes at the 40% and 10% part of the maximum resistance
Fmax.

4.2. Damage Mechanism

For the global and local analysis of parametric FE results, a key role is assigned to the detailing of
stress peaks distributions and damage initiation/evolution in all the joint components. For the examined
TTC configurations, the collapse detection of PO specimens was typically associated to a combination
of:

• crushing phenomena in timber (in the region of screws);
• progressive yielding of screws and
• damage of the CZM contact (screw-to-timber interface).

A relevant example is proposed in Figure 9 (S#1 specimen with α = −15◦, at an imposed slip s =

12 mm). In the direction of the grain, the wooden fibers were generally subjected to high stresses peaks
in a limited region only, when moving far away from the fasteners. This can be noticed in the crushed
(red) regions of Figure 9a. The STSs in use, moreover, commonly failed due to the occurrence of two
plastic hinges (Figure 9b), and this is in line with the experimental observations reported in [6]. For all
the examined TTC joints, finally, a primary role was recognized for the CZM contact, being responsible
of the final slope for the collected force-slip curves. In Figure 9c, in this regard, the non-dimensional
CSMAXCRT parameter is shown (1 = fully damaged or 0 = undamaged interface). This parameter,
for most of the examined joints, was observed to reach its maximum unitary value of failure with an
extension up to ≈ 1/3rd the nominal length L for the STSs in use.

 

≈

 

(a) 

α −

α

Figure 9. Cont.
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(b) (c) 

α −

α

Figure 9. Typical damage propagation in the selected TTC joints with inclined STSs, under a standard
PO setup (ABAQUS/Explicit). Example for the S#1 specimen with α = −15◦, with evidence of: (a)
local damage of timber (stress values in Pa), (b) yielding of screws (stress values in Pa) and (c) CZM
damage parameter. Reproduced from [21] with permission from Elsevier®, Copyright license number
4895820420991, August 2020.

5. Mechanical Characterization of TTC Joints

5.1. Experimental Assessment of Maximum Force Predictions (Fmax)

In Figure 10, some comparisons are proposed in terms of maximum resistance values for
the S#1-to-S#4 TTC joints, grouped by series of specimens, with the support of experimental data
from [6]. As a general outcome of the overall parametric numerical simulations, the FE models
generally gave evidence of a mostly stable variation of the estimated Fmax values with. Despite such
a stable numerical dependency of Fmax estimations on α, however, in some cases the scatter between
numerical and past experimental predictions was found to be in the order of ±30%. The numerical
results were in fact found to either underestimate or overestimate the corresponding experiments,
depending on the number and inclination of STSs. For the majority of the examined TTC joints, the FE
results proved to be non-conservative especially for the specimens under shear-tensile loads (0 < α ≤

45◦).
A possible motivation of such a kind of comparative outcomes could lie in localized numerical

issues (i.e., numerical singularities, local damage phenomena), and this is especially the case of TTC
joints with STSs characterized by high inclination values. In any case, given also the lack of a detailed
experimental characterization for the mechanical properties of the material in use, the FE modelling
approach herein discussed proves to offer reasonable estimations for the expected maximum force of
TTC joints with inclined STSs, and thus to represent a valid support for design.

Worth of interest in Figure 11, in this regard, is the general trend of the calculated percentage
scatter for the so-derived maximum force values Fmax. In the figure, the scatter Fmax is calculated as:

∆ = 100·
xFE − x

x
(5)

where xFE denotes the numerical force peak for each FE analysis and x the corresponding experimental
average value (for each test series), as derived from [6].
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Figure 10. Comparison of numerical (ABAQUS/Explicit) and experimental [6] maximum force estimates
for TTC joints with inclined STSs: (a) S#1, (b) S#2, (c) S#3 and (d) S#4 joints.  
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Figure 11. Percentage scatter of maximum force values for TTC joints with inclined STSs (Equation (5)),
as obtained from the FE numerical analyses (ABAQUS/Explicit) and by the experiments in [6].

It is thus possible to notice that as far as the number and arrangement of the STSs in use modifies,
the calculated Fmax is mostly regular, for all the examined series of TTC specimens. This can be
also perceived by the linear fitting curve that is proposed in Figure 11, as a function of the screw
inclination α.
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5.2. Analytical Assessment of Maximum Force Predictions (Fmax)

A further assessment of the collected FE numerical results can be carried out with the support of
two suitable analytical models of literature, namely the Eurocode 5 provisions [5] or the enhanced
analytical model proposed by in [6] by Tomasi et al. Figure 12 presents the so-collected comparative
data, grouped by series of TTC joints. Disregarding the joint configuration and the number/inclination
of STSs, the Eurocode 5 generally manifests a weak reliability of maximum force estimates. On the other
side, Figure 12 shows an improved correlation between the analytical model from [6] and the FE
numerical predictions discussed herein.
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Figure 12. Comparison of numerical (ABAQUS/Explicit) and analytical (Eurocode 5 [5] or Tomasi et
al. [6]) maximum force estimates for TTC joints with inclined STSs: (a) S#1, (b) S#2, (c) S#3 and (d)
S#4 joints.

As far as the percentage scatter in Equation (5) is taken into account for the analytical assessment
of numerical output data, the typical result takes the form of Figure 13. For most of the examined
TTC configurations, it is important to notice that the FE models in use typically manifested a marked
overestimation of the analytical predictions. Following the experimental validation in Section 5.1, this
suggests that both the Eurocode 5 analytical approach and the enhanced analytical model in [6] are able
to only roughly capture the complex mechanical behaviour of TTC joints with inclined STSs. In any
case, Figure 13 shows that the calculated percentage scatter is generally less pronounced and regular
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for the FE numerical results towards the analytical formulation in [6], thus confirming the weakness of
the Eurocode 5 approach.
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Figure 13. Percentage scatter of maximum force values for TTC joints with inclined STSs (Equation (5)),
as obtained from the FE numerical analyses (ABAQUS/Explicit) and by literature analytical models: (a)
Eurocode 5 [5] and (b) Tomasi et al. [6].

5.3. Experimental and Analytical Assessment of Serviceability Stiffness Predictions (Kser)

The elastic stiffness Kser is then estimated for the examined TTC joints, based on Equation (3)
and the collected numerical force-slip curves. In Figure 14, the FE stiffness values are reported for
the S#1-to-S#3 type (average) or S#4 type of specimens, as a function of α. Comparisons are proposed
towards the past experimental data from [6], as well as the enhanced analytical formulation proposed
in [6].

In general, a rather close correlation can be observed for the stiffness trend of most of the S#1, S#2
and S#3 configurations in Figure 14. However, major scatter of the FE predictions to the experiments
can be still observed especially for high α values, both for shear-tension and shear-compression loading
conditions. In the case of X-shaped joints, even a more pronounced sensitivity can be observed in
terms of stiffness estimations as a function of α, compared to the S#1-to-S#3 joints and the respective
experimental data from [6]. In terms of analytical assessment, finally, the same numerical predictions
in Figure 14 are comprised, for the majority of joint configurations, between the single/double stiffness
predictions derived from [6].

As far as the percentage scatter is calculated from Equation (5), it is interesting to notice in Figure 15
that such a variation is less regular than in the case of maximum force predictions, when the inclination
α modifies. For the experimental data in Figure 15a, the scatter trend is mostly regular for all the S#n

joints, thus suggesting a certain stability of material properties and mechanical assumptions for the FE
models in use. Major sensitivity can be perceived in Figure 15b,c, as far as the single stiffness or double
stiffness analytical model from [6] is taken into account.
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Figure 14. Comparison of numerical (ABAQUS/Explicit) and analytical [6] serviceability stiffness
estimates for TTC joints with inclined STSs: (a) S#1-to-S#3 (average) or (b) S#4 joints.  
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Figure 15. Percentage scatter of stiffness values for TTC joints with inclined STSs (Equation (5)), as
obtained from the FE numerical analyses (ABAQUS/Explicit) and by literature [6]: (a) experimental
data, (b) single stiffness analytical model, (c) double stiffness analytical model.

6. Parametric FE Investigation

Besides the rather close correlation in Section 5 for the FE predictions and the experimental and
analytical results of literature, the sensitivity of the modelling technique to some influencing properties
was further assessed. As a reference configuration, the typical FE model herein considered is thus
characterized by input properties according to Section 3.
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6.1. Mechanical Interactions and CZM Damage Parameters

A first insight is dedicated to the effects of mechanical interactions, with a special care of the STSs
in use. It was shown in Section 3 the key role of the soft layer with the CZM contact interaction, as well
as of reliable material property definitions. In this sense, the “upper limit condition” for the parametric
study is assumed as a “tie” rigid constraint that is used to replace the CZM interaction for the soft layer
(Figure 6). In other words, any kind of possible damage propagation in the region of screws (with
the exception of possible material degradation in the timber and steel components) is fully disregarded.
The “lower limit condition”, at the same time, is set to coincide with the CZM formulation in Section 3
(with δu = 4 mm, Table 2). Among these two conditions, further FE analyses are carried out with
the CZM input parameters of Section 3 (Table 2), but progressively increasing the reference failure
displacement δu in the range from 4mm to a maximum of 10 × 4 = 40 mm. From a practical point
of view, such a variation in δu represents a residual capacity of the soft-layer to provide a certain
mechanical interaction between each STS and the surrounding timber. Such an input value was in
fact magnified so as to reproduce an ideal bonding condition with a weak mechanical degradation for
the soft-layer interface, even under large slip amplitudes (Figure 6e). Selected numerical results are
proposed in Figure 16 for two different screw arrangements (S#1 joints), in terms of measured vertical
(F) and horizontal (H) base reaction forces as a function of the measured slip s.
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Figure 16. Analysis of mechanical interaction and CZM effects on the PO numerical response of TTC
joints with inclined STSs (S#1). Vertical (F) and horizontal (H) reaction forces as a function of slip, for
(a,b) α= −15◦ and (c,d) α= 45◦ (ABAQUS/Explicit).

Major variations between the comparative plots are represented by the screw inclination, with α

= −15◦ and +45◦.
The use of CZM interfaces, as also expected, proved to have a key effect on the collected mechanical

responses for the selected STS configurations. This was observed especially towards the “upper limit
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condition” characterized by the use of rigid “tie” constraint. In the latter case, the FE outcomes
were in fact typically associated to unreliable local and global effects for the examined TTC joints,
with a consequent marked increase of both the calculated serviceability stiffness Kser and ultimate
resistance Fmax. Such a combination of phenomena, finally, was also found associated to a remarkable
modification of the measured reaction forces (see for example Figure 16b–d).

Regarding the CZM interaction and failure, on the other side, major issues were represented by
the accurate calibration of input parameters for damage initiation and evolution. While the nominal
resistance values of timber (Table 1) can be reasonably taken into account for the CZM damage
initiation, the characterization of its damage law would in fact necessarily require dedicated studies at
the component level, and possibly the support of small-scale experiments.

Under the assumption of Table 2, the modification in δu was commonly associated to a rather
constant elastic response for the examined TTC joints, but to a marked decrease of residual resistance
and stiffness for most of the tested configurations. Such an effect can be notice in Figure 16. As far
as the critical displacement δu for the CZM interaction increases, a reduced slope can be observed
for the descending arm of the collected force-slip curves. Compared to the available experimental
data from [6], a reliable fitting of degreasing arms for the comparative force-slip curves was observed
in the range of δu = 6–7mm. This fitting value δu, however, results from a numerical calibration
in which the nominal mechanical properties of timber are taken into account (Tables 1 and 2).
Accordingly, further refined, multi-objective and multi-parameter calculations should be carried out in
this direction. Moreover, given that the CZM failure data were found to do not affect the initial stage of
the collected force-slip curves (and thus the calculated serviceability stiffness and ultimate resistance
for the examined joints), the reference value δu = 4mm could be taken into account for preliminary
conservative calculations on timber members with similar mechanical properties/class.

6.2. Base Restraints

The actual boundary condition of timber members (and in particular the base restraint of the lateral
members for the PO setup in Figure 3) represents, in the same way of mechanical interactions, a relevant
influencing parameter for the examined joints. In this paper, three different boundary conditions are
thus taken into account for the typical TTC specimen, including:

• BC#1: a base contact interaction, as described in Section 3 (Figure 17a);
• BC#2: a distributed, rigid restraint at the base of the lateral timber members (Figure 17b); and
• BC#3: a mixed restraint, as obtained with a surface contact interaction between the timber member

and the rigid base (to avoid possible compenetration) and an additional linear simply support
(external edge of the timber member, see Figure 17c).

The BC#1 model, in this sense, coincides with the reference modelling strategy described in
Section 3 and validated in Section 4. Variations for the BC#2 and BC#3 models are then represented by
the restraint detailing only, with identical material properties and contact formulations.

In Figure 18, selected FE results are proposed for a given joint under different boundary conditions.
According to Section 6.2, no relevant variations were observed for the elastic stage of the collected
force-slip curves of Figure 18a, as well as for most of the examined joint configurations. However,
depending on the arrangement of STSs in use, variations in the vertical reaction force were numerically
predicted with up to a +30% increase of the BC#1 value, for the BC#2 and BC#3 conditions.
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Figure 17. Analysis of boundary condition effects on the PO performance of TTC joints.
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Figure 18. Analysis of boundary effects on the PO numerical response of TTC joints with inclined STSs.
In evidence, the (a) vertical and (b) horizontal base reaction force, as a function of the measured slip for
a selected TTC joint (ABAQUS/Explicit).

In addition, major variations were observed especially in terms of reaction forces in the horizontal
direction for the BC#2 restraint, due to the use of unreliable boundary conditions for the standard PO
setup (see Figure 18b).

6.3. Friction Coefficient

At a final stage of this concise sensitivity study, the effects of friction phenomena are explored,
with a particular attention for the timber-to-timber interface (Figure 6a). To this aim, the reference FE
models in Section 3 are still taken into account, while the static friction coefficient for the mechanical
contacts in use are progressively modified. According to [5], it is in fact known that friction at the timber
interfaces should be considered for screws subjected to shear-tension stresses only (i.e., TTC joints
with positive inclination α for the STSs, based on the convention of this paper). On the other side,
any friction mechanism should be disregarded for STSs under shear-compression stresses (STSs with
negative α). In this case, the central and lateral timber members of the PO setup are in fact expected to
separate from each other, and thus enabling the development of possible attritive interactions.
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Following Figure 7 and Equation (2), the force contributions are thus separately analyzed in this
paper, for the examined TTC joints. For comparative purposes, more in detail, the input value for
µtimber is progressively modified in the range from 0 and 0.8.

As expected, major variations of µtimber for TTC joints with an imposed shear-compression stress
regime (α < 0) were found to have negligible effects on the collected force-slip contributions, given that:

F = Fscrew (6)

with:
Ftimber ≈ 0 (7)

Figure 19 presents an example of the so-measured force-slip curves, with a focus on the S#1 joint
with α = −15◦. As shown in Figure 19a, minimum variations can be observed in the collected curves,
even in presence of marked modifications for µtimber. Regarding the force contribution Ftimber sustained
by the timber members, see Figure 19b, this is estimated as a limited part of the total F, thus agreeing
with Equations (6) and (7).
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Figure 19. Analysis of static friction effects on the PO numerical response of TTC joints with inclined
STSs. In evidence, the (a) vertical and (b) horizontal base reaction force, as a function of the measured
slip (ABAQUS/Explicit).

In order to further investigate such an effect for different screw arrangements, finally, the FE
parametric study (with µtimber = 0) was extended to several TTC joints under shar-compressive stresses.
In Figure 20, comparative numerical results are proposed for the S#1 specimens as a function of µtimber.
The parametric numerical results were post-processed from the collected force-slip curves according to
Figure 8. As far as the relevant mechanical parameters are taken into account for them, their trend
with µtimber can be investigated.

Figure 20, more in detail, shows the percentage variation ∆ given by Equation (5), in terms of:

• ultimate total force Fmax for a TTC given joint, as a function of µtimber;
• shear force contribution Fscrew taken up by the STSs only, as a function of µtimber.
• and serviceability stiffness Kser (calculated in accordance with Equation (4)), as a function of µtimber.

For clarity of presentation, the FE models with µtimber = 0 are set as a reference condition for
∆ calculations.
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Figure 20. Percentage variation (Equation (4)) of performance indicators for TTC joints with inclined
STSs, as a function of the timber-to-timber friction coefficient (S#1 joints under shear-compression):
(a) maximum force; (b) load-bearing contribution of the STSs and (c) serviceability stiffness
(ABAQUS/Explicit).

Regarding the total ultimate resistance Fmax of S#1 joints in Figure 20a) for example, it is possible
to see that Fmax progressively increases as far as µtimber increases, for a given α. A relatively regular
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trend can be observed for the collected FE dots, as also suggested by the linear fitting curves. At
the same time, however, it is possible to see that the increase of is indirectly proportional to α, thus
maximum benefits deriving from additional frictional phenomena can be expected for STSs with
limited inclination α only (α = 15◦, in this study).

Such an outcome is strictly related to the occurrence, at failure, of local damage mechanisms
in timber that can be further magnified especially for high α values (see also Section 4). As far as
the typical static friction coefficients of interest for TTC systems are taken into account (i.e., µtimber ≈

0.25–0.5), moreover, it is interesting to notice that the predicted Fmax values show a mean + 20–30%
variation for STSs joints under shear-compression loads. This result from Figure 20a is thus a further
confirmation of the relatively high sensitivity of ultimate resistance predictions for the examined TTC
joints, under a standard PO setup.

When the shear force contribution that is sustained by the STSs only is taken into account, see
Figure 20c, the same order of percentage variation is observed for various α values. In the figure, in
particular, ∆Fscrew = 100% coincides with Fmax for the whole TTC specimen when µtimber = 0. Otherwise,
the progressive increase of frictional effects with µtimber lead to a mostly linear increase of the total
resistance Fmax in Figure 20a. As a result of such a kind of phenomenon, the load-bearing contribution
of the STSs (in percentage terms) progressively decreases with µtimber, with variations that can be
expected up to −20% compared to frictionless TTC joints (Figure 20b).

Finally, when the serviceability stiffness Kser is taken into account in Figure 20c, an opposite trend
can be noticed for the collected FE results, as a function of and µtimber. This is in line with the general
expectations and past literature efforts on the topic, where the serviceability stiffness of a given TTC
joint reasonably increases when increasing the inclination α of the STSs. As a further remark for the FE
results in Figure 20c, it can be noticed a relatively scattered variation of Kser estimates with µtimber, as
far as α increases (i.e., Figure 14).

7. Conclusions

In this paper, the structural performance of timber-to-timber composite (TTC) joints with inclined
self-tapping screws (STSs) was numerically investigated. The finite element (FE) numerical modelling
assumptions were validated towards past experimental results of literature, by taking into account
different arrangement and features for the STSs joints, including serviceability stiffness and ultimate
resistance comparisons with analytical methods of literature. Through the FE parametric investigation,
as shown, a key role was assigned to timber material properties but especially interface damage contacts
in the region of fasteners. Major advantage was taken from the use of a surface-based cohesive zone
modelling (CZM) damage interaction, so as to capture possible local effects and damage mechanisms
in the examined TTC joint components.

For the examined small-scale TTC specimens under a standard push-out (PO) setup, in particular,
an average scatter of −25% or +10% was generally observed for the load-bearing estimations in
shear-compression and shear-tension respectively. Major deviations of FE models from the literature
tests were mainly observed for the TTC specimens characterized by the presence of STSs with high
inclination α (±40◦ or ±45◦, in the current study), hence suggesting possible numerical issues due to
mostly local effects, as well as possible uncertainties on the material properties and on the idealized
description of the reference PO test setup.

On the other side, the collected FE estimations were always found to offer enhanced predictions
for various STSs arrangements, compared to analytical models of literature. The ultimate resistance
values, in particular, were generally strongly underestimated by analytical calculations, for various
inclinations of STSs.

Based on extended parametric FE calculations, the actual sensitivity of PO numerical predictions
to a series of relevant input parameters (and in particular the CZM damage parameters, the actual
boundary condition of timber members and the effect of friction phenomena) was further emphasized.
In doing so, major advantage was taken from the analysis of resultant forces that are expected to be
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sustained (through the whole PO monotonic loading stage) by the steel screws or by timber components.
The reciprocal mechanical interaction of the involved load-bearing members was thus explored.
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Abstract: Local failure of one or more components due to abnormal loading can induce the progressive
collapse of a building structure. In this study, by the aid of available full-scale test results on
double-span systems subjected to the middle column loss scenario, an extensive parametric study
was performed to investigate the effects of different design parameters on progressive collapse
performance of beam-to-column connections, i.e., beam span-to-depth ratio, catenary mechanism,
and connection robustness. The selected full-scale double-span assemblies consisted of fully
rigid (welded flange-welded web, SidePlate), semi-rigid (flush end-plate, extended end-plate),
and flexible connections (top and seat angle, web cleat). The test results, including load-deformation
responses, development of the catenary mechanism, and connection robustness, are presented in
detail. The finding of this research further enables a comprehensive comparison between different
types of steel beam-to-column connections since the effects of span-to-depth ratio and beam sections
were filtered out.

Keywords: progressive collapse; steel beam-to-column connections; catenary mechanism;
double-span assemblies; stiffness degradation

1. Introduction

Progressive collapse refers to a devastating phenomenon in which failure of one key structural
component, due to abnormal events, leads to chain reaction and spreads to other structural members,
causing disproportionate or even entire collapse of the structure [1]. Vehicle impact, terrorist attack,
and gas explosions are among incidents that can produce progressive collapse in structures. By the
growth of tall and complex structures throughout the world and the increasing number of terrorist- or
accident-induced catastrophic events, progressive collapse has received extensive attention from
scientists and structural engineers in recent decades [2–7]. The vast majority of structural design codes
provide general mitigation strategies to deal with the effects of progressive collapse on structural
components that may experience a relatively high demand capacity ratio (DRC).

The design of structures to resist against progressive collapse was first introduced by the UK
construction regulations [8] in the aftermath of the Ronan Point building collapse in 1968. Many research
and scientific efforts were concerned with this phenomenon, especially after the 9/11 terrorist attack
on the World Trade Center in the US. Several design codes including general service administration
(GSA) [9] and department of defense (DoD) [10] proposed the alternate load path method as an
important design measure to mitigate progressive collapse. In this technique, the structural component
is allowed to experience local damage when subjected to extreme loading events. However, it seeks to
afford alternate paths so the damage will be localized without spreading to the surrounding areas.
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During sudden column removal from the frame, high attention should be paid to the load-carrying
capacity of the double-span assembly above the removed column since it has an essential function in
the progressive collapse prevention. Generally, as the middle column becomes ineffectual, the catenary
action develops in connected beams and slabs, leading to large deformation in beam-to-column
connections. Since the robustness of connections preserves the integrity in a double-span column
removal scenario, there is a necessity to investigate the beam-to-column connection performance under
the simultaneous presence of moment, shear, and tension in conjunction with high ductility demand.
Such a complex loading protocol negatively affects beam-to-column connection performance and poses
the risk of unexpected brittle failure.

In steel structures with fully rigid and semi-rigid beam-to-column connections, the catenary
mechanism plays a major role to resist progressive collapse through the axial tension in the connected
beams. In fact, the catenary mechanism is the fundamental resistance source of structures to vertical
loads in the large deformation stage. Beam-to-column connections with appropriate robustness and
reliable axial resistance are compulsory for developing the catenary actions where this stage is the
final line of defense against progressive collapse. F Wang et al. investigated the behavior of bolted
and welded flange plate connections subjected to progressive collapse [11]. They concluded that
the connection with welded flange plates can lead to greater flexural strength than that with bolted
angles and the application of welded haunch plates can arrest fracture failure on the welds within
the beam-column joint. Hao Wang et al. performed experimental tests of steel frames with different
beam-column connections under falling debris impact [12]. They concluded that the majority of
the external work applied to the system was absorbed by bending deformation, especially by the
plastic rotation at mid-span of the beam. Besides, they concluded that the catenary action was shown
to significantly improve the load-carrying capacity and energy absorption in specimens with high
levels of rotational ductility. Alrubaidi et al. investigated the behavior of different steel intermediate
moment frame connections under a column-loss scenario [13]. Performance of different connections
was compared based on their modes of failure and load-displacement response in both flexural and
catenary action stages. They concluded that significant axial tensile forces were generated in the
beams and the catenary action stage was then fully mobilized, providing an increase in the progressive
collapse resistance.

It has been well documented that beam-to-column connections play a vital function in
mitigating progressive collapse potentials in steel structures. There is a large volume of published
studies investigating the connection performances under sudden column removal, where flexible,
semi-rigid [14–18], and rigid [19–22] connections have been studied in detail.

The connected beam’s axial forces significantly contribute to the development of the
catenary mechanism. In the case that a double-span assembly experiences large deformation,
the beam-span-to-depth ratio, Ri, is also a major parameter that has been studied by several
researchers [23–25]. The effect of the Ri ratio on the mitigation of progressive collapse in steel
moment frames was investigated by Rezvani et al. [26]. They concluded that the vertical resistance of
frames increases as the Ri ratio decreases.

A large and growing body of literature has also investigated the robustness effects of steel
beam-to-column connections to mitigate the progressive collapse [27–30]. More recently, several
attempts have been made to investigate the influence of the seismic design of beam-to-column
connections on an anti-progressive collapse mechanism [23,31,32]. The behavior of welded unreinforced
flange-bolted web and reduced beam section connections subjected to column removal were investigated
by Chen et al. [33]. Using an experimental test, Yang and Tan investigated the performance of flexible
and semi-rigid connections including different types of bolted beam-to-column connections [34].
They concluded that maximum tensile resistance of the connection significantly contributes to the
development of catenary action after large rotations. Driver et al. [35] reported experimental results of
several shear connections including 15 bolted single-angle and 6 double-angle specimens subjected to
double-span assembly. They came to the conclusion that rupture or tearing of the cross-section in the
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vicinity of the angle heel leads to sudden failure. Qin et al. investigated the progressive collapse behavior
of conventional and reinforced welded flange-bolted web connections using numerical simulations
validated by experimental tests [36]. Their study confirmed that the reinforced flange-bolted connection
possesses higher ductility and robustness compared to the conventional connection, leading to more
reliable collapse performance. Many researchers, such as Oosterhof and Drive [37] and Shen and
Astaneh [38], have established or implemented several mechanical spring techniques for bolted-angle
beam-to-column connections. Stylianidis and Nethercot [39] investigated the progressive collapse
performance by using component-based connection models.

Overall, the previous literature is mainly concerned with the anti-progressive collapse behavior
of typical beam-to-column connections using experimental tests or numerical simulations. However,
the comprehensive comparisons of common practice beam-to-column connection performance subjected
to column removal addressing the load transfer mechanisms requires robustness and ductility, and Ri

effects are still very limited. Therefore, this research comprehensively investigates the anti-collapse
behavior of double-span assemblies with flexible, semi-rigid, and fully rigid beam-to-column
connections. This is done with the aid of available test results on steel beam-to-column connections
including top-seat angle and welded unreinforced flange-bolted web. Meanwhile, for a reliable
comparison of different types of double-span assemblies and to evaluate the anti-collapse performance
of steel beam-to-column connections, the vertical pushdown load and equivalent rotation were
normalized against connected beams’ plastic hinge and plastic rotation, respectively.

2. Ri Effects on Progressive Collapse

To evaluate the effects of the Ri ratio, one set of pushdown analyses was performed in this
research using structural analysis program (SAP) 2000 academic version 21. In this case study, three
steel double-span assemblies with Ri ratios of 5, 10, and 15 were considered. All specimens possess
fully rigid connections which were designed according to the strong column–weak beam theory in
compliance with The American. Institute of Steel Construction (AISC) seismic design [40]. Figure 1
shows the topology of one studied frame with double-span assemblies.

 

Figure 1. Double-span assembly.

In Figure 1, the pushdown force, F, represents the concentrated load in the pushdown analysis
applied at the top of the removed column. This concentrated load is equivalent to the progressive
collapse resistance of the double-span assembly. Table 1 shows the beam and column section properties
used in progressive collapse analysis.

The plastic hinge capacity of connected beams, Fp, of double-span assembly can be calculated
from the following equation:

Fp =
2 Mp

L0
2

=
4 Wp fy

L0
(1)

where Mp is the plastic moment of the connected beam, L0 is the double-span assembly length, Wp is
the plastic modulus of the connected beam, and fy is the yield stress.
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Table 1. Beam and Column Sections of the Steel Double-Span Assemblies (AISC Database).

Span-to-Depth Ratio, Ri Beam Section Column Section

5 W 40 × 149 W 40 × 531

10 W 21 × 50 W 21 × 248

15 W 12 × 35 W 12 × 50

To facilitate the comparison of different types of double-span assemblies against each other
independently and regardless of connected beam plastic capacity, the pushdown force, F, should be
normalized against the plastic hinge capacity of connected beams, Fp, as in the following equation:

F

Fp
=

F L0

4 Wp fy
(2)

Besides, to highlight the differences of different beam sections during the development of the
catenary action, it is necessary to normalize the chord rotation, θ, over the plastic rotation, θp, based
on the following equations:

θ =
δ

L0
(3)

θp =
δp

L0
2

=
Fp 2

Ke L0
=

4 Wp fy

L0

48 E Ib

L0
3

2
L0

=
Wp fy L0

6 E Ib
(4)

where Ib is the moment of inertia of a connected beam, and Ke is the elastic stiffness of a simply
supported beam subjected to pushdown force. Figure 2 shows the plots of the pushdown analysis
results of double-span assemblies with different Ri ratio, in which the vertical and horizontal axes
are the normalized force, F

Fp
, and the normalized rotation, θ/θp, respectively. Figure 2 shows that

the frame with the larger Ri has a higher capacity to develop progressive collapse resistance. Also,
the double-span assembly with the larger Ri possesses relatively high initial stiffness.

𝐹 = 2 𝑀𝐿 2 = 4 𝑊  𝑓𝐿𝑀 𝐿 𝑊𝑓
𝐹𝐹 = 𝐹 𝐿4 𝑊  𝑓

θ θ

𝜃 = 𝛿𝐿
𝜃 = 𝛿𝐿 2 = 𝐹  2𝐾  𝐿 = 4 𝑊  𝑓 𝐿48 𝐸 𝐼 𝐿  2𝐿 = 𝑊  𝑓  𝐿6 𝐸 𝐼
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Figure 2. Normalized resistance against normalized rotation.
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3. Development of Data Bank

Having recognized that different beam-to-column connections have different behavior and
pushdown resistance capacity, especially the catenary mechanism, it is necessary to develop a database
of test results. In this section, with the aid of available full-scale test results on double-span assemblies,
this is comprehensively investigated in the performance of different steel beam-to-column connections
against progressive collapse. The specimens consist of fully rigid (welded flange-welded web,
SidePlate), semi-rigid (flush end-plate, extended end-plate), and flexible connections (top and seat
angle, web cleat). Figure 3 depicts the configuration and geometric details of the studied connections.

  

 
 

  

Figure 3. Cont.
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Figure 3. Configuration and geometric details of studied connections.

Table 2 shows the information of the tested specimens, including the connection type, connection
category, and relevant references. In this research, there was an emphasis to select double-span
assemblies having similar span-to-depth ratios, Ri. One important implication of this procedure is that
it enables an adequate comparison between different types of beam-to-column connections since the
effects of different spans and beam sections were filtered out.

224



Appl. Sci. 2020, 10, 6003

Table 2. Summary of Tested Specimens.

Specimen Connection Type
Connection

Category
Span-to-Depth

Ratio Ri
Reference

WUF
Welded Unreinforced
Flange-Welded Web

Fully rigid

10 W Zhong et al. [41]

SidePlate SidePlate 20
Faridmehr et al.

[42]

I-W
Welded Flange-Weld Web

Connection
7.5 W Wang et al. [43]

I-WB
Welded Flange-Bolted Web

Connection
7.5 W Wang et al. [43]

ST-WB
Welded Flange-Bolted Web

Connection with Shear
Diaphragm

7.5 W Wang et al. [43]

DWA Double Web Angle

Flexible

10 W Zhong et al. [41]

TSWA (L = 8 mm) Top and Seat-Web Angle 7.9 B Yang et al. [44]

Web Cleat Web Cleat 7.9 B Yang et al. [44]

Top and Seat angle Top and Seat Angle 7.9 B Yang et al. [44]

Fine Plate Fine Plate 7.9 B Yang et al. [44]

TSWA (L = 10 mm) Top and Seat-Web Angle

Semi-rigid

10 W Zhong et al. [41]

TSWA (L = 12 mm) Top and Seat-Web Angle 9.5 B Yang et al. [44]

Extended
End-Plate

Extended End-Plate 9.5 B Yang et al. [44]

Flush End-Plate Flush End-Plate 9.5 B Yang et al. [44]

4. Test Results

Table 3 shows the summary of test results, including maximum vertical loads, displacement,
connection rotation, and failure mode.

Table 3. Summary of Test Results.

Specimen max F
Fp

max θ
θp

Failure Mode

Fully rigid

WUF 1.45 11.77 Fracture at the flange
SidePlate 6.38 8.3 Beam failure

I-W 1.25 7.27 Bottom flange and beam web fractured, weld fracture
I-WB 1.25 16 Fracture of shear plate and bottom flange

ST-WB 1.25 15.4 Fracture of shear plate and bottom flange

Semi-rigid

TSWA (L = 10 mm) 2.24 21.3 Fracture at the angle and failure of the web bolt
TSWA (L = 12 mm) 1.72 17.3 Fracture bolt
Extended end-plate 0.91 14.22 Fracture of weld

Flush end-plate 1.17 12.6 Bolt thread stripping

Flexible

DWA 1.2 20.4 Fracture at the shear angles

TSWA (L = 8 mm) 0.62 10.9 Fractured web angle
Web Cleat 0.68 10.54 Fractured angle

Top and Seat angle 0.25 16.4 Fractured bottom angle
Fine Plate 0.46 7.6 Bolt fractured in shear
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Since the pushdown force is applied to the middle column, the vertical displacement gradually
increases. In simple connections such as top and seat angle where the connection possesses a limited
capacity to develop the full plastic moment of connected beams, the specimen rotates at both ends
following a major deflection below the removed column. The normalized force versus normalized
rotation for all tested simple connections is shown in Figure 4. Figure 4 indicates that at the initial
pushdown stage, there is no substantial loading resistance. The average F/Fp is around 0.2 at the
normalized rotation of 5, until developing axial tensile force in the connected beam as a result of large
deflection, indicating the beginning of catenary action. Besides, the shear fracture of bolts causes
several jumps in the curve in which the connections experience major localized bearing deformations
in the vicinity of bolt holes. Overall, the previous literature indicated that axial tensile force has a
major contribution toward progressive collapse resistance in flexible double-span assemblies in which
the catenary mechanism takes place before connection component rupture or shear fracture of bolts.
Also, the important feature of progressive collapse performance of flexible connections is that although
double-span assemblies experienced large deformation, the connected beam remains in the elastic
region and connection components experience large plastic strain.
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Figure 4. Normalized pushdown resistance against normalized rotation of flexible connections.

The normalized force versus normalized rotation for all tested semi-rigid connections is shown in
Figure 5. Figure 5 indicates that semi-rigid connections have higher initial stiffness as a result of high
flexural capacity. Nevertheless, after normalized rotation of 5, the stiffness experiences a decrease in
most of the specimens as a result of limited capacity connections’ components, i.e., top and seat angles.
Overall, the previous literature indicates that connections in this category mainly fail due to bolt thread
stripping and fracture or fracture at the web angles. Besides, connection failure is categorized in two
phases, in which, at the first phase, the connection resists vertical pushdown force through flexural
action, and after large plastic rotation, the connections go into the catenary mechanism, indicating
phase 2.
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Figure 5. Normalized pushdown resistance against normalized rotation of semi-rigid connections.

The normalized force versus normalized rotation for all tested fully rigid connections is shown in
Figure 6. This category possesses the highest stiffness, where in the normalized rotation of around
2, almost all specimens develop the full plastic moment of connected beams. In addition, Figure 6
shows that by considering unique configuration and large Ri, SidePlate has the highest stiffness and
ultimate strength. Generally, the previous literature indicated that ductility demand for traditional
rigid connections in the case of column removal is mainly controlled by the column shear panel zone,
while in the SidePlate connection, it is controlled by a connected beam. Also, in fully rigid connections,
the fracture at beam flange or shear plate are the main reasons for failure mode without premature
weld or connection’s component failure.
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Figure 6. Normalized pushdown resistance against normalized rotation of fully rigid connections.
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Yield mechanisms and failure modes are the factors that control both the resistance and ductility or
rotational capacity of the connection. Failure modes and yield mechanisms are related but are inherently
different. Failure modes cause fracture, loss of deformation capacity, or significant loss of resistance.
Yield mechanisms induce inelastic deformation and result in dissipation of energy and changes in
stiffness without inducing fracture or excessive loss of resistance. In fully rigid connections, the ratio
of rotational capacity of connection to rotational capacity of beam ( ϕϕp

) is around 12, where the failure
mode is controlled by fracture at shear plate and beam flange. For some specimens in this category,
such as I-W, weld fracture causes significantly less ductility, energy dissipation, and plastic rotational
capacity. The ratio of ϕϕp

is around 16 and 13 for semi-rigid and flexible connections, respectively.
The failure modes in semi-rigid connections are governed by local buckling and deterioration caused by
the large inelastic deformation web cleats and bolts. So, it can be concluded that semi-rigid connections
provide large ductility and a ductile failure mode compared to fully rigid connections.

5. Discussions of Test Results

5.1. Catenary Mechanism

A steel beam is mainly subjected to the combined effect of shear force and bending moment under
the gravity loading condition, whereas there is no considerable axial force. In the case of sudden
column removal, the bending moment at both ends and mid-span of the beam will increase accordingly,
resulting in large deflection, developing plastic hinges in these particular locations. In this situation,
the beam will experience significant axial force. As the axial force increases gradually, the whole
cross-section will experience yielding, resulting in reducing bending moment at plastic hinge locations.
At the final stage, the resistance to the external loading only depends on the axial capacity of the beam.
This process is generally recognized in the engineering community as tensile catenary action.

The pushdown force versus vertical deflection for a beam with axially restrained support is plotted
in Figure 7 [44]. Figure 7a is representative of the behavior of all tested specimens in which failure
takes place at a different stage of their response depending on rotation and ductility capacity. In the
elastic range, the behavior is generally controlled by connection stiffness, while at the post-elastic stage
(beyond point B), the behavior largely depends on geometric and material nonlinearity. Depending
on connection categories, different behavior is observed during the different stages, as shown in
the typical graph of Figure 7b. Generally, the connected beams and connections are subjected to
relatively high axial compression and bending moment at the compressive arching stage, leading to
premature instability in the vicinity of compressive components. After point C, the compressive arching
impact steadily declines, and the beam axial compression force is converted to tensile (after point
D). By increasing the axial tension, the connection’s bending moment becomes less significant and
they experience severe tensile deformation. Finally, following the point E, the catenary tensile action
becomes the governing force-carrying mechanism.

Considering a tensile catenary stage in the beam in the case of sudden column removal (point D
onward in Figure 7b), a simplified model for plastic interaction between axial force and bending
moment is developed according to the following assumptions:

i. The beam has an I-shaped section with elastic/perfectly plastic material.
ii. Plastic hinges only appear at the mid-span and both ends, and hinges follow the rigid-plastic model.
iii. The beam has symmetric restraint with the elastic response.
iv. The restraint of the steel beam is symmetric and in elastic response.
v. Once the whole I-section experiences yielding, the correlation between axial force and bending

moment controls the behavior of the catenary mechanism.
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Figure 7. Beam and connection performance following column removal. (a) beam nonlinear
load-deflection response, (b) beam axial load - connection moment interaction

Assuming the entire cross-section yield, the bending moment and tensile force correlation is given
by the following equation in the case where the neutral axis is in the web:

M

My
+

(1 + α)2

α[2(1 + β) + α]

(

p

py

)2

= 1 (5)

where My and py are the plastic moment capacity and ultimate plastic axial force of the beam respectively,
calculated by:

My = Z fyepy =
(

2A f + Aw

)

fye

where fye is the expected material yield strength, Z is the plastic section modulus, A f is the beam’s
flange area, and Aw is the beam’s web plate area. β is the ratio of flange thickness to web height, and α
is also defined by the following equation:

α = Aw/
(

2A f

)

In the case that the plastic neutral axis appears in the beam’s flange, the moment and tensile
correlation is given by the following equation:

1− γ

1− (1+α)2γ2

α[2(1+β)+α]

M

My
+

P

Py
= 1 (6)

where
γ = Aw/

(

2A f + Aw

)
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Since the web height is much bigger than flange thickness, it is acceptable to assume β = 0.
Accordingly, Equations (5) and (6) can be rewritten as:

M

My
+ ζ

(

p

py

)2

= 1 (7)

λ
M

My
+

P

Py
= 1 (8)

where

ζ =
(1 + α)2

[α(2 + α)]
; λ =

1− γ

1− ζγ2

Figure 8a presents the interaction of Equations (7) and (8), indicating that the curves of Equations (7)
and (8) intersect at point

(

1− ζγ2.γ
)

. For simplicity, the nonlinear domain of Equation (7) can be
replaced by a straight line, using the following equation:

M

My
+ ζγ

P

Py
= 1 (9)

1 − 𝛾1 − (1 𝛼) 𝛾𝛼 2(1 𝛽) 𝛼 𝑀𝑀 𝑃𝑃 = 1
𝛾 = 𝐴 /(2𝐴 𝐴 ) 𝛽 = 0

𝑀𝑀 𝜁( 𝑝𝑝 ) = 1 

𝜆 𝑀𝑀 𝑃𝑃 = 1
𝜁 = (1 𝛼)𝛼(2 𝛼) ;  𝜆 = 1 − 𝛾1 − 𝜁𝛾  

(1 − 𝜁𝛾 . 𝛾)
𝑀𝑀 𝜁𝛾 𝑃𝑃 = 1

 

(a) (b) 

1 − 𝜁𝛾  𝑀 𝛾 𝑃𝑉

Figure 8. (a) Plastic interaction between bending moment and tensile force, and (b) beam axial force
versus mid-span deflection.

Figure 8b shows the correlation between the beam’s axial force and vertical displacement in the
case of middle column removal. According to the experimental results, two main different failure
mechanisms in the beam are recognized, as presented in Figure 8b. These two failure mechanisms
are introduced as the beam mechanism (phase 1 to phase 2) and the catenary mechanism (phase 2
to phase 4), respectively. Experimental results indicate that the tensile force in the beam is smaller
than the ultimate plastic axial force before the failure. Accordingly, it is reasonable to assume that
the moment of the beam is equal to 1 − ζγ2 My and the axial force is equal to γ Py before the beam
experiences failure (refer to practice failure point 3 in Figure 8b).

Figure 9 shows the vertical reaction, VR, of connection, which can be calculated by Equation (10).

VR = Vi cosϕi + Pi sinϕi = F f + Fc (10)

where ϕi, Vi, and Pi are rotation of deflected beam, transverse shear, and axial force in the case of
middle column removal, respectively. The internal transverse shear and axial force are measured
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through installed strain gauges distributed on a connected beam. F f in Equation (10) represents flexural
mechanism resistance while Fc is the resistance component due to the catenary mechanism.

𝑉 = 𝑉 cos 𝜑 𝑃 sin 𝜑 = 𝐹 𝐹𝜑 𝑉 , 𝑃  𝐹𝐹

𝐹𝐹

Figure 9. Development of internal forces in the beam-to-column assembly in the case of middle
column removal.

Figure 10 shows the development of axial force and bending moment in the case of middle column
removal for three tested specimens in reference [43]. According to Figure 10a, at the preliminary
phases, the behavior of the beam is controlled by flexural resistance, and the tensile force is almost zero.
With increased downward displacement, the axial tension also increases in the beams, developing
catenary mechanism until the beam or connection can no longer bear the combined flexural stresses
and tensile force and fails (see Figure 10b).

𝑉 = 𝑉 cos 𝜑 𝑃 sin 𝜑 = 𝐹 𝐹𝜑 𝑉 , 𝑃  𝐹𝐹

  

(a) (b) 𝐹𝐹Figure 10. Load resistance mechanism: (a) development of a flexural mechanism F f , and
(b) development of a catenary mechanism Fc.

Figure 10 also indicates that fully rigid connections, I-WB and ST-WB, can develop relatively high
axial force and a bending moment of connected beam compared to the I-W specimen. In other words,
the type of beam-to-column connection plays an important role in developing the catenary mechanism.
This issue is also acknowledged in Figure 11, where the flexible connections, i.e., top and seat angle
and TSWA = 8 mm, fail to develop the catenary mechanism of the connected beam. This issue
confirms the fact that the failure is mainly concentrated at the connection components in a flexible and
semi-rigid connection, and therefore, these types of connections have limited capacity to develop the
catenary mechanism.

5.2. Maximum Rotation and Ductility Capacity

In steel structures subjected to sudden column removal, the maximum deformation and rotation
capacities of connections within the affected areas have a major contribution to the ultimate load-carrying
capacities of the system. The main progressive collapse guidelines, i.e., the Unified Facilities Criteria
(UFC) 4 023 03 [45], specify a series of plastic rotation angles for several beam-to-column connection
categories based on a nonlinear modeling simulation, as shown in Table 4.
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of the pushdown test.

Table 4. Modeling Parameters and Acceptance Criteria for Nonlinear Modeling of Steel
Frame Connections.

Connection Type
Nonlinear Modeling Parameters

Nonlinear Acceptance
Criteria

Plastic Rotation Angle (Rad)
Residual

Strength Ratio
Plastic Rotation

Angle (Rad)

a b c Primary Component

Fully Restrained Moment Connections

WUF 0.0284− 0.0004d 0.043− 0.0006d 0.2 0.0284− 0.0004d

SidePlate® 0.089− 0.0005d 0.169− 0.0001d 0.6 0.089− 0.0005d

Partially Restrained Moment Connections (Relatively Stiff)

Shear in Bolt 0.036 0.048 0.2 0.03
Tension in Bolt 0.016 0.024 0.8 0.013
Tension in Tee 0.012 0.018 0.8 0.010
Flexure in Tee 0.042 0.084 0.2 0.035

Partially Restrained Simple Connections (Flexible)

Flexure in Angles 0.1125− 0.0027dbg 0.150− 0.0036dbg 0.4 0.112− 0.0027dbg

Simple Shear Tab 0.0502− 0.0015dbg 0.072− 0.0022dbg 0.2 0.0502− 0.0015dbg

dbg = depth of bolt group, inch; d = depth of beam, inch.

Figure 12 shows the nonlinear force–vertical displacement curve of several fully rigid tested
specimens along with idealized multi-linear curves. For a welded unreinforced flange WUF connection,
represented by I-WB and ST-WB in this research, the results indicate large ductility when subjected
to mid-column removal. The plastic rotation angle b for I-WB and ST-WB is around 0.16 rad, well
beyond the recommended acceptance criteria by the UFC presented in Table 4. This indicates that
tested specimens can resist large plastic rotation without a significant decline in resisting vertical force.

232



Appl. Sci. 2020, 10, 6003

𝑏

 

0

0.05

0.1

0.15

0.2

0.25

0 5 10 15 20

Ro
ta

tio
n 

(ra
d)

Connection depth (inch)

WUF Connection
SidePlate Connection
SidePlate-EXP
WUF-EXP
I-W - EXP
I-WB - EXP
ST-WB - EXP

ϴ −

ϴ −

ϴ

Figure 12. Ductility assessment of fully rigid tested specimens.

In this section, the plastic rotation angle of all tested specimens is compared to the acceptance
criteria, estimated based on the depth of the connection, recommended by the UFC. Figures 13–15
show the maximum rotational capacity of studied connections versus connection depth along with the
acceptance criteria line recommended by the UFC, as presented in Table 4.
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Figure 13. Maximum rotation capacities versus connection depth for fully rigid connections.
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Figure 14. Maximum rotation capacities versus connection depth for semi-rigid connections.
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Figure 15. Maximum rotation capacities versus connection depth for flexible connections.

Overall, Figures 13–15 indicate that the average plastic rotation angle varies from 0.1 to 0.2 rad,
which significantly surpasses the UFC recommended acceptance criterion. This indicates that all
three beam-to-column connection categories can address adequate plastic rotation during sudden
column removal. In addition, the results reveal that the suggested ductility acceptance criteria are
on the conservative side for all three beam-to-column connection categories. The current in-practice
acceptance criteria employed in progressive collapse analysis are based on cyclic simulations proposed
by the American Society of Civil Engineers (ASCE/SEI) 41 13 [46] that do not consider large axial
demands imposed over sudden column removal. Actually, the results show that the connection depth
alone is not a reliable indicator to predict the rotational capacity of a connection, where different
connection types with the same Ri result in totally different maximum rotation capacity. Moreover,
the results show that although the stiffness of fully rigid connections is higher than flexible connections,
both categories result in almost the same rotation capacity, by around 0.15 rad.

The previous literature indicates that the rotational ductility of connections is significantly affected
by bolt rupture and brittle failure of welding [47]. In other words, a variation in failure mode will affect
the maximum rotational ductility of connections. To meet the criterion for rotation capacity, in this
research, an acceptance criterion is proposed by considering initial stiffness and the design flexural
resistance. To this end, the maximum rotation capacity of the connection, ϕu, is defined by the rotation
at the point where either (i) the connection resistance has dropped to 0.8 Mn, or (ii) the deformation is
more than 0.03 rad. The first yielding rotation ϕy is also defined as follows:

ϕy =
2
3 My

S j.ini
(11)

The above-mentioned parameters have been used to determine the ductility of studied connections.
The ability to sustain large inelastic deformations without significant loss in strength is referred to as
ductility, µ, and is defined as follows:

µ =
ϕu

ϕy
(12)

Figure 16 illustrates the nonlinear idealization of the moment-rotation curve of a typical steel
beam-to-column connection.
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Figure 16. Typical moment-rotation response.

Table 5 illustrates the yielding rotation, maximum rotation capacity, and ductility of studied
specimens. Table 5 indicates that fully rigid and semi-rigid connections result in bigger ductility
compared to flexible connections. Generally, in a situation where the connection strength exceeds the
beam strength, the ductility of the whole system is controlled by the beam, and the connection remains
elastic. For instance, the behavior and overall ductility of the SidePlate moment connection system are
defined by the plastic rotational capacity of the beam, where the limit state is ultimately the failure
of the beam flange, away from the connection. On the other hand, if the beam capacity exceeds the
connection capacity, then deformations only take place in the connection itself.

Table 5. Yielding Rotation, Maximum Rotation Capacity, and Ductility of Studied Specimens.

Specimen ϕy (rad) ϕu (rad) µ

WUF 0.023 0.176 7.6
SidePlate 0.02 0.19 9.5

I-W 0.018 0.067 3.7
I-WB 0.02 0.168 8.4

ST-WB 0.019 0.17 8.9
TSWA (L = 10 mm) 0.033 0.32 9.6
TSWA (L = 12 mm) 0.025 0.23 9.2
Extended end-plate 0.02 0.184 8.9

Flush end-plate 0.02 0.143 7.1
DWA 0.065 0.36 5.53

TSWA (L = 8 mm) 0.061 0.149 2.44
Web Cleat 0.041 0.156 3.8

Top and Seat angle 0.041 0.246 6
Fine Plate 0.03 0.108 3.6
Average 6.73

5.3. Stiffness Degradation

Steel beam-to-column connections will experience stiffness degradation when subjected to cyclic
loading. It has conclusively been shown that the stiffness will decrease by increasing the inter-storey
drift angle in steel beam-to-column connections [48]. Meanwhile, there is reliable evidence that the
metal material behaves differently when subjected to monotonic and impact loading [49]. However,
far too little attention has been paid to stiffness degradation of steel material under strong impact
loading. Since the available data solely consider the monotonic loading for simulating sudden column
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removal, in this study, initial stiffness, Sj.ini, and secant stiffness, Sj.eff, were taken into account to
evaluate the stiffness degradation. Secant or effective stiffness, Sj.eff, is defined as the ratio of bending
moment before substantial loss of strength to the maximum rotation ϕu, as shown in Figure 16.

S j.e f f =
M j

ϕu
(13)

Table 6 shows the normalized initial and secant stiffness as well as the connected beam stiffness
for all studied specimens before substantial strength degradation. The initial and secant stiffness are
normalized with respect to the connected beam stiffness. Table 6 clearly indicates that fully rigid
specimens, i.e., SidePlate and I-WB, possess much higher stiffness compared to semi-rigid and flexible
specimens. It is also evident that although the initial stiffness in flexible connections is negligible,
they can maintain the stiffness where the secant stiffness is almost three times higher than the initial
stiffness (consider the web cleat and fine plate specimens).

Table 6. Stiffness Properties of the Studied Specimens.

Specimen EIb

Lb
( KN·m

rad ) Normalized Sj.ini Normalized Sj.eff

WUF 1295.3 3.02 0.35
SidePlate 20.2 17.3 4.95

I-W 5457.6 1.37 0.36
I-WB 5457.6 2.02 0.19

ST-WB 5457.6 2.55 0.24
TSWA (L = 10 mm) 1295.3 0.93 0.26
TSWA (L = 12 mm) 4420 0.35 0.16
Extended end-plate 4420 1.08 0.09

Flush end-plate 4420 0.79 0.27
DWA 1295.3 0.12 0.06

TSWA (L = 8 mm) 6787.7 0.07 0.06
Web Cleat 6787.7 0.019 0.06

Top and Seat angle 6787.7 0.09 0.02
Fine Plate 6787.7 0.014 0.06

The normalized stiffness degradation versus inter-storey drift angle plots for all specimens are
shown in Figures 17–19. Figure 17 generally indicates that by increasing inter-storey drift angles,
the normalized stiffness decreases, although the SidePlate connection has considerably higher initial
stiffness as well as lower degradation slope. This stiffer behavior is attributed to the distribution of the
hinge formation mechanism due to the presence of two side plates wrapping around the shear panel
joint region, resulting in increased stiffness of the subassembly. Generally, in this category, flexural
action controls the stiffness of the specimens in the early stage of the response.

Figure 18 shows that semi-rigid connections have an irregular pattern for stiffness degradation,
where elementary step stiffness experiences degradation, whereas at higher inter-storey drift angle,
the stiffness remains constant or even increases before the failure of the specimen. This irregular
pattern can be explained by desirable features of extremely high ductility (rotational capacity) and
developing catenary action.

Figure 19 indicates that although the flexible connections have considerably lower stiffness
compared to fully rigid and flexible connections, they can develop the initial stiffness as the inter-storey
drift angle increases. On average, the initial stiffness increases up to 100 percent when the inter-storey
drift angles reach around 0.1 rad. This behavior can be explained by the connection geometry that
allows rotation at preliminary steps, whereas the tensile capacity of connections’ components, i.e., web
cleat, bolts, etc., along with stiffness hardening at higher drift angles, resists against rotation and
subsequently develops the stiffness.
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Figure 17. Stiffness degradation versus inter-storey drift angle for fully rigid connections.
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Figure 18. Stiffness degradation versus inter-storey drift angle for semi-rigid connections.

Stiffness degradation is an important aspect of seismic design since a large deformation leads
to P-Delta effects, eventually destabilizing the structure. Several codes and regulations prescribe
recommendations for stiffness and strength degradation as a measure in seismic design. For instance,
the AISC seismic provisions recommend that the connection must sustain an inter-storey drift angle of
at least 0.04 rad, while the flexural resistance at the column face must be equal to at least 0.80 Mp of the
connected beam. Overall, according to the results of this study, it is recommended that the stiffness at
an inter-storey drift angle of 0.05 rad should be larger than 75% of the initial stiffness to develop a
reliable catenary mechanism.
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5.4. Evaluation of Catenary and Flexural Mechanisms Under Different Ri

This section investigates the influence of different Ri on flexural and catenary mechanisms.
As discussed in Section 5.1, under the middle column removal condition, the vertical resistance of the
beam-to-column connection is controlled by the contribution of flexural and catenary mechanisms.
Figure 19 illustrates the gravity resistance development for the beam-column assembly of two specimens,
having welded unreinforced flange-bolted web (WUF-BW) connections with the same beam section
but different Ri, as investigated by Li et al. [25]. The flexural ( f f ) and the catenary ( fc) mechanisms,
recognized as two components of the gravity resistance, are separately plotted in Figure 20a respectively,
and subsequently, their resultant is plotted in Figure 20b. Three distinctive phases are recognized,
as shown in the line graphs, introduced by the flexure action-dominated phase I, the combination of
flexure-catenary mechanism phase II, and finally, the catenary-dominated mechanism phase III. These
three phases are normally separated from each other by the formation of a plastic hinge followed by an
initial fracture in the connection’s components.

(a) (b) 

Figure 20. Gravity resistance development for beam-to-column assembly: (a) flexural and catenary
mechanism, and (b) overall gravity resistance.
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It is evident that a specimen with larger Ri (R1) can provide a higher vertical resistance as a result
of higher catenary mechanism response. However, the specimen with lower Ri (R2) results in a larger
chord rotation ratio, leading to a more ductile response.

6. Summary and Conclusions

This paper presented the descriptions and experimental results of available full-scale double-span
systems subjected to the middle column loss scenario. Several parameters and features including beam
span-to-depth ratio, catenary mechanism, stiffness, and ductility have been investigated for fully rigid,
semi-rigid, and flexible connections. The following conclusions can be drawn:

I. After middle column removal at the preliminary phases, the behavior of the beam is controlled by
flexural resistance, and the tensile force is almost zero, recognized as a flexure action-dominated phase.
With increased downward displacement, the axial tension also increases in the beams, developing
a catenary mechanism recognized as a catenary-dominated mechanism phase. The results of this
research show that the magnitude of axial force in the flexible connections, i.e., top and seat angle,
is significantly small compared to fully rigid connections. This phenomenon can be justified by the
failure mechanism that develops in the connection’s components rather than the connected beam,
preventing the catenary mechanism development.

II. The maximum rotation capacity versus connection depth for almost all beam-to-column
connection categories significantly surpasses the DoD’s recommended acceptance criterion.
The suggested acceptance criteria are on the conservative side as it only considers pure flexural
resistance. Therefore, connection depth alone is not a reliable indicator to predict the rotational capacity
of beam-to-column connections.

III. The stiffness in fully rigid and semi-rigid connections generally experiences a decrease by
increasing inter-storey drift angle. On the other hand, the flexible connections have a potential to
develop the initial stiffness as the inter-storey drift angle increases. Such behavior can be explained by
the geometry of these types of connections that allows rotation at preliminary steps, while the stiffness
can be developed at higher drift angles depending on tensile capacity of connections’ components and
stiffness hardening.
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Abstract: The behavior of a slab-column joint subjected to blast loads was studied by numerical
analysis using a general-purpose finite element analysis program, LS-DYNA. Under the explosive
load, the joint region known as the stress disturbed zone was defined as a region with a scaled distance
of 0.1 m/kg1/3 or less through comparison with ConWep’s empirical formula. Displacement and
support rotation according to Trinitrotoluene (TNT) weight and scaled distance were investigated
by dividing in and out of the joint region. In addition, fracture volume was newly proposed as an
evaluation factor for blast-resistant performance, and it was confirmed that the degree of damage
to a member due to blast loads was well represented by the fracture volume. Finally, a prediction
equation for the blast-resistant performance of the slab-column joint was proposed, and the reliability
and accuracy of the equation were verified through additional numerical analysis.

Keywords: blast loads; slab-column joints; prediction model; damage level

1. Introduction

Recently, a number of cases have been reported in which structures are seriously damaged by
explosion loads caused by terrorism or accidents. It is necessary to protect citizens’ property and lives
through blast-resistant design of structures against such extreme events.

The explosion load is characterized by very high pressure in a very short time. In addition to
the peculiarity of the load, the inhomogeneity of the material of concrete causes difficulties in the
blast-resistant design of reinforced concrete (RC) structures [1–3]. For this reason, the blast-resistant
design of RC structures has generally been overly conservative, mainly by increasing the thickness
of the members or by reinforcing bars excessively. Therefore, reliable blast-resistant performance
evaluation and prediction methods are required for the rational blast-resistant design of RC structures.

While many studies have been conducted on the blast-resistant behavior of single members,
such as columns and beams, sufficient studies have not been conducted in the case of joints composed
of two or more single members [4–6]. However, the joint may cause the collapse of the entire structural
system upon its failure, so more attention is required in design [7,8]. Therefore, this study focused on
the slab-column joints, which is one of the common types of joints.

Currently, support rotation is the only evaluation factor for the blast-resistant performance of
RC members in various design standards, including American Society of Civil Engineers(ASCE) and
Department of Defense (DoD) [9,10]. Moreover, no specific guide is provided for the blast-resistant
design of joints connecting structural members. According to the previous study, it was confirmed
that the support rotation alone was not sufficient to evaluate the blast-resistant performance of the
joint [11]. In some cases, even though the support rotation was within the limits of the design criterion,
severe fractures in the joint region were observed. As such, the need for additional evaluation factors
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for blast-resistant performance was confirmed, but no specific solution has been proposed so far.
Therefore, this study analyzed the behavior of slab-column joints under blast loads from various
viewpoints as well as displacement and support rotation. As a result, it was found that effective
fracture volume could be used as a new blast-resistant performance evaluation factor. The effective
fracture volume is the total volume of the joint concrete destroyed by the blast load, excluding the
concrete cover. In addition, a model for predicting the damage level of the slab-column joints according
to the amount and location of explosives was proposed using the effective fracture volume. This could
be used not only for the blast-resistant design of new structures but also for determining the level of
blast-resistant performance of existing structures.

2. Modeling of Slab-Column Joints

2.1. Analysis Variables

According to the scaled distance, Z (Equation (1)), the behavior of the RC joint due to the blast
load was investigated through numerical analysis. That is, the weight of the explosive load, W (kg),
and the distance between the explosive material and the joint, R (m), were set as analysis variables.

Z = R/W1/3 (1)

As shown in Table 1, the charge weight of the explosion load was determined to describe the
terrorist situation in a general facility [12]. Explosives applied to the analysis were limited to a weight
of 30 kg or less. It is an explosive material that can be transported by briefcase or bicycle. In addition,
10 kg of explosives is the size of a vest bomb commonly used by terrorists, which can be defined as the
minimum weight that can be used in terrorism [13]. Therefore, in this study, 10 kg, 20 kg, and 30 kg
Trinitrotoluene (TNT) weights were set as variables for the purpose of simulating a single terrorist
situation where no vehicle or heavy equipment is used. As shown in Table 2, when simulating such a
small bombing situation, it had a fairly small Z value compared to a free air burst situation with Z of
0.147 m/kg1/3 to 40 m/kg1/3 in general [14]. In this case, it could be seen how the structure behaved
when a blast load was applied near the member surface.

Table 1. The typical weight of explosive materials [12].

Bomblet Loaded Weight (kg) Material Type

Small briefcase 2~4
Military and commercial explosives

(such as Trinitrotoluene (TNT))
Large briefcase 4~12

Suitcase 12~22
Bicycle 30

Table 2. Analysis variables.

TNT Weight (kg) Standoff Distance (m) * Scaled Distance (m/kg1/3)

10 0~0.19 0~0.153
20 0~0.25 0~0.160
30 0~0.30 0~0.163

Standoff distance *: the vertical distance from the location of the explosive to the surface of the column or slab.

2.2. Modeling of Slab-Column Joints

Numerical analysis was performed on the slab-column joint, which is the most common type
of joint in RC structures. Figure 1 shows the structural details of the slab-column connection.
Numerical analysis was performed using LS-DYNA, a general-purpose finite element analysis program
whose reliability has been verified through many previous studies [15,16]. The upper and lower
surfaces of the column were completely constrained, and four sides of the slab were constrained in
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the horizontal direction. In this study, Mat_072R3 was selected from the concrete material models
provided by the analysis program LS-DYNA. This material model reflects the strain-rate effect and
has already been found in several works of literature to be suitable for analyzing concrete structures
under high strain-rate [17–19]. However, Mat_072R3 was unable to exhibit local damage caused
by explosions, such as crater spalls, which are associated with structural failure and erosion [20].
Therefore, to simulate these characteristics, LS-DYNA’s ‘Add_Erosion’ keyword option was applied
to the concrete material model. To model the reinforcing bars, LS-DYNA’s Mat_024 was applied,
which is defined as an elastic-plastic material with arbitrary stress versus strain curve and an arbitrary
strain-rate dependency. The fracture of Mat_024 is based on plastic deformation [19]. Table 3 shows
the properties of the concrete and reinforcement used in the analysis.

Figure 1. Details of slab-column joints.

Table 3. Material properties for analysis.

Properties Slab Column Reinforcements

Compressive strength (MPa) 30 50 -
Yield strength (MPa) - - 475

Tensile strength (MPa) - - 751
Density (kg/m3) 2400 2500 7850
Poisson’s ratio 0.18 0.18 0.3

Numerical analysis results may vary depending on the mesh size of the element [21,22]. According to
the previous studies, when simulating a structure subjected to an explosive load, a mesh size of 25 to
30 mm led to the analysis results, most similar to the experimental results [23,24]. In this study,
before the main analysis was conducted, various mesh sizes were evaluated in terms of accuracy and
efficiency of analysis, then it was determined that a mesh size of 20~25 mm was the most reasonable.
Therefore, the concrete mesh used a 20 mm cubic, 8-node solid element (C3D8), and the rebar was
modeled as a 2-node beam element.

The interaction between concrete and reinforcing bars has a great influence on the behavior of
RC structures. In particular, interactions, such as bond-slip, are very difficult to simulate. In RC
structures subjected to explosion load, modeling reinforcing bars as solids elements and defining contact
conditions can be considered. However, it is not recommended because this method dramatically
increases the run time of the analysis and often causes analysis errors. Therefore, a method of tying
nodes was recommended to simulate the structure’s actual behavior and to provide the simplicity of
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analysis [18,25]. In this study, the nodes of the reinforcing bar and concrete were connected to each
other to provide accurate structural performance.

Blast loads were modeled using the LBE (load blast enhanced) method, where the explosive
pressure is applied directly to the element surface. The LBE method has already been verified through
many studies [26–29].

Table 4 shows the analysis conditions. Considering the enough converge of kinetic energy, the end
time of analysis was set to 2000 ms. Analysis running time was approximately 6 h and 45 min with
slight differences for each variable.

Table 4. Analysis conditions.

Analysis Conditions Value

Number of elements
Solids 392,000 ea (20 × 20 × 20 mm)
Beam 10,648 ea (20 mm)

Time step 0.1 ms
Analysis of end time 2000 ms

Analysis of running time 6 h 45 m

3. Defining a Joint Region under Blast Load

In the slab-column connection under static load, the section at half the effective depth of the slab
from the column surface is considered as the critical section [30]. The joints, which are D-regions
(disturbed or discontinued region) with complex strain distributions, may exhibit behavior different
from that under a static load in a high strain rate region, such as an explosion load. Therefore, in this
study, prior to performing the parametric analysis in Table 2, a preliminary numerical analysis was
conducted to define the area of the joint in the slab-column connection under the explosive load.

The U.S. Department of Defense (DoD) suggested shock wave parameters, such as pressure
and impulse, according to the scaled distance for single members [10]. According to this, it shows a
specific pressure or impulse value for an arbitrary scaled distance regardless of the type of members,
such as a column or a slab. Therefore, in this study, through the preliminary numerical analysis of the
slab-column connection, the scaled distance, where the analysis results for the slab and the column are
similar to each other and at the same time to the value suggested by the DoD, was considered as the
point separating the joint region from the single-member region.

Figure 2 shows the pressure and impulse according to the scaled distance. The graphs for slab
and column are the results obtained through numerical analysis. Here, the pressure and impulse
represent the maximum reflected values that occur in the entire region of the modeled slab and column,
according to the location of TNT 30 kg. Figure 2 also includes the values proposed by DoD by using
the ConWep model [10]. For both pressure and impulse, the analysis results of the column and the
slab differed from each other when the scaled distance was small, but from about 0.1 m/kg1/3 or more,
the difference was markedly reduced and showed similar values. It should also be noted that from
about 0.1 m/kg1/3, both the column and the slab showed pressure and impulse similar to those of the
ConWep model. As mentioned above, considering that the ConWep values of DoD are the results
derived for a single member, the region with a scaled distance of 0.1 m/kg1/3 or less from the surface of
the slab and column can be considered as the joint region, as shown in Figure 3.
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(a) 

 

(b) 

Figure 2. Defining joint region under blast load; (a) Pressure; (b) Impulse.

 

Figure 3. Joint region (Z = 0.1 m/kg1/3).
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4. Numerical Analysis Results and Discussion

4.1. Displacement

Figure 4 shows the results of the maximum displacement of the slab and the column. The displacement
for various scaled distances was observed by increasing the standoff distance of each TNT of 10 kg,
20 kg, or 30 kg. In Figure 4, the displacement represents the maximum displacement generated on
the central axis of the cross-section of the slab and column. In addition, according to the results of
preliminary numerical analysis, it was divided into a joint region and a single member region based
on a scaled distance of 0.1 m/kg1/3, and the maximum displacement in each region was investigated.
Here, the distance from the column or slab surface of TNT 10 kg, 20 kg, and 30 kg corresponding to a
scaled distance of 0.1 m/kg1/3 was about 215 mm, 271 mm, and 311 mm, respectively. In Figure 4, it was
noted that the maximum displacement was not a value at a fixed location but represented the maximum
value among displacements that occurred in each region, such as joint and the single-member region,
according to different scaled distances.

 

(a) 

 

(b) 

Figure 4. Maximum displacement of slab and column; (a) Slab; (b) Column.

In all cases, the displacement of the slab was greater than the displacement of the column.
This was in line with the results of preliminary numerical analysis, which resulted in greater pressure
and impulse in the slab. When the scaled distance was relatively small, the larger the TNT weight,
the greater the amount of displacement. However, as the scaled distance became larger, the difference
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in displacement amount according to the TNT weight was not large. It appeared that the magnitude of
shock wave parameters, such as pressure and impulse, transmitted directly to the member decreased
significantly as the position of the explosion moved away from the member. When comparing the
amount of displacement of the joint region and the single-member region, the slab generally had
slightly larger deformation in the joint region, but the difference was not significant. Columns were
also observed to have almost the same maximum strain in both regions. However, since there was no
clear tendency in the relationship between the scaled distance and the displacement, it was difficult to
predict the blast-resistant behavior of the joint based on this relationship.

4.2. Support Rotation

Figure 5 shows the support rotation calculated by the displacement of the slab. According to the
criteria, the limit of support rotation to effectively resist the moment is 2 degrees [9,10]. As shown
in Figure 5, in all cases, except that the scaled distance between 0.026 m/kg1/3 and 0.037 m/kg1/3

for TNT 30 kg explosive loads, the support rotation was less than the American Society of Civil
Engineers/Structural Engineering Institute (ASCE/SEI) and DoD criteria limit of 2 degrees [9,10].
However, as shown in Figure 6, the top and bottom surfaces of the slab suffered severe fracture
damage at all scaled distances for the 30 kg TNT. Similar phenomena were observed in all specimens
with 20 kg of TNT. This means that even if the support rotation is smaller than the criteria limit,
substantial destruction can occur in the member. In order to properly evaluate the blast-resistant
performance of the joint, other evaluation factors besides support rotation are required.

 
Figure 5. Support rotation of slab.

  

(a) (b) 

Figure 6. Failure shapes (30 kg, Z = 0.067 m/kg1/3); (a) Top surface; (b) Bottom surface.
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4.3. Fracture Volume

In general, support rotation and displacement are used as criteria for evaluating the blast-resistant
performance of RC members, but as shown in the previous analysis, the support rotation and
displacement alone were not sufficient to accurately evaluate the performance of the slab-column joint.
Moreover, it was difficult to use the support rotation or displacement to predict the blast-resistant
performance of the slab-column joint because the support rotation and displacement according to the
blast load condition did not have a certain tendency. Therefore, it is necessary to examine additional
factors to evaluate the performance of the joint subjected to a blast load.

In this study, fracture volume was analyzed from the analysis results as an additional evaluation
factor. Fracture volume was expressed as a percentage of the volume lost due to the explosive load
relative to the total volume for the joint region within a scaled distance of 0.1 m/kg1/3 in Figure 3.
It should be noted that this fracture volume is the effective volume of joint excluding the concrete cover.

Figure 7 shows the effective fracture volume of the joint according to the scaled distance for each
TNT weight of 10 kg, 20 kg, and 30 kg. Not surprisingly, as the weight of TNT increased, more damage
occurred in the joint region. Interestingly, in all cases, the effective fracture volume decreased almost
uniformly as the scaled distance increased.

−  

Figure 7. Effective fracture volume.

5. Prediction Model

5.1. The Suggestion of Prediction Model

In this study, the effective fracture volume was used to predict the blast-resistant performance
of the slab-column joint. Based on the trends identified in Figure 7, the correlation between the
effective fracture volume per unit weight of TNT and the scaled distance was derived. As shown in
Figure 8, regardless of the total amount of TNT applied, the effective fracture volume per unit weight
of TNT showed almost similar value at any scaled distance and showed a certain tendency to decrease
with increasing scaled distance. The trend line equation is shown in Figure 8, and the coefficient of
determination (R2) of the equation for the entire data was 0.870.

As a result, Equation (2) was proposed to predict the damage level of the slab-column joint
subjected to blast load through the weight of the explosive material and the standoff distance.

Effective fracture volume =W × (0.2375 × 10−5
·
1374Z) (2)

where Effective fracture volume: Effective fracture volume percentage of slab-column joint (%). W: TNT
weight (kg). Z: scaled distance (m/kg1/3).
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−  

Figure 8. Effective fracture volume per unit weight of TNT according to scaled distance.

5.2. Verification of Prediction Model

In order to verify the prediction model proposed in this study, numerical analysis was additionally
performed. As shown in Table 5, numerical analysis results for various concrete strength of slab and
column, slab thickness, TNT weights, and scaled distances were compared with predicted values of
the proposed equation.

Table 5. Verification analysis variables and results.

Case
Column
Strength

(MPa)

Slab
Strength

(MPa)

Slab
Thickness

(mm)

TNT
Weight

(kg)

Scaled
Distance
(m/kg1/3)

Effective Fracture
Volume (%) Prediction

Differences
(%)

Verification
Analysis

Prediction
Model

1

50
30

300

6 0.03 0.73 1.00 0.27
2 12 0.06 1.21 1.40 0.19
3 18 0.09 1.84 1.47 0.37
4 24 0.12 1.55 1.38 0.17

5 24
0.03

4.19 4.00 0.19
6 40 6.39 6.66 0.27
7 50 8.07 8.33 0.26

8 30

12 0.06

1.72

1.40

0.32
9 40 1.63 0.23

10
50

20 1.92 0.52
11 40 0.90 0.50

12
50 30

320 1.41 0.01
13 340 1.43 0.03

Comparing cases 1 to 7 with the same concrete strength and slab thickness as the numerical
analysis conditions for deriving the prediction model, the model predictions were in good agreement
with the verification numerical analysis results for various TNT weights and scaled distances. It is
noteworthy that reliable predictions were shown in all cases of cases 1 to 4 with relatively small
effective fracture volume and cases 5 to 7 with relatively large effective fracture volume. Interestingly,
although the proposed equation was derived based on a small TNT within 30 kg, the predictions for
cases 6 and 7 of TNT 40 kg and 50 kg, respectively, agreed well with the analysis result.

In cases 8 to 13, the effects of variables not included in the prediction equation, such as concrete
strength and slab thickness, on the effective fracture volume were examined. As the concrete strength
increased, the effective fracture volume decreased. In cases 8, 9, and 2, as the column concrete strength
increased to 30 MPa, 40 MPa, and 50 MPa, the effective fracture volume decreased to 1.72%, 1.63%,
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and 1.21%, respectively. In cases 10, 2, and 11, as the slab concrete strength increased to 20 MPa, 30 MPa,
and 40 MPa, the effective fracture volume decreased to 1.92%, 1.21%, and 0.90%, respectively, showing
a greater reduction than the column. This was in line with the preliminary analysis results in which the
slab showed relatively larger displacement, pressure, and impulse than the column. In cases 12 and 13,
which had the same concrete cover thickness and reinforcement details as in case 2, the effect of the
slab thickness on the effective fracture volume was investigated. It was observed that the effective
fracture volume slightly increased as the slab thickness increased, but the difference in cases 12 and 13
was only 0.02%. It seemed that the effective fracture volume was not significantly affected by column
concrete strength and slab thickness. For cases 8 to 13, the proposed equation yielded a constant value
of the effective fracture volume due to variables not included in the equation. Although the predictions
did not show much difference from the analysis results in the range of variables of concrete strength
and slab thickness used in the verification analysis, further research is needed to propose a prediction
equation that can take all these variables into account. Figure 9 shows the failure shape for some
notable cases.

   

(a) (b) (c) 

   

(d) (e) (f) 

 

 

 

Figure 9. Failure shape for some verification analysis cases; (a) Case 3; (b) Case 6; (c) Case 7; (d) Case 8;
(e) Case 10; (f) Case 13.
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6. Conclusions

In this study, numerical analysis was performed using LS-DYNA for the behavior of a slab-column
joint under an explosive load. The results of this study can be summarized as follows.

(1) ConWep’s empirical values for shock wave parameters of a single member, such as a slab and
a column, were compared with the pressure and impulse of a slab-column joint by numerical
analysis. As a result, a region with a scaled distance of less than 0.1 m/kg1/3 was defined as a
joint region.

(2) The explosion created more pressure and impact on the slab than the column, thereby causing
a larger displacement in the slab. In addition, it was observed that the damage of the member
decreased sharply as the explosion position moved away from the member.

(3) Even if the support rotation of the slab after the explosion was less than the limit of 2 degrees,
it was observed that serious damage, such as spalling, occurred over a wide range of slab.
Therefore, in addition to the support rotation and displacement, which are mainly used to
evaluate blast-resistant performance, other evaluation factors are required.

(4) Effective fracture volume was proposed as an evaluation factor for blast-resistant performance.
Effective fracture volume was a good indication of the actual degree of damage to the member
depending on the TNT weight and the explosive distance.

(5) A prediction equation for the damage level of the slab-column joints through the TNT weight and
the standoff distance of explosives was proposed. The reliability and accuracy of the proposed
equation were verified through additional numerical analysis.
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