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1. Introduction

Many constructions are globally built with reinforced or prestressed concrete and a
large part of them are designed or expected to resist earthquake actions in addition to
gravity loads. In many cases, these actions also work together with other more specific
actions, e.g., road or railway traffic loads in bridges or hydraulic actions in dams, and
require a more complicated seismic analysis, design and assessment of such structures.
In any case, climatic actions cause the corrosion of reinforcements and undermine the
initial seismic performance of such structures, exposing them to a greater damage under
earthquake actions. Often, regardless of the detrimental actions of aging of materials, the
increase in the evaluated seismic hazard requires interventions of seismic retrofit.

In the attempt to limit the effects of seismic events on reinforced or prestressed concrete
structures, many attempts have been made by researchers in order to (i) improve the
knowledge of the response of materials (steel bars and concrete) and members to persistent
and transient loading conditions by means of laboratory tests, (ii) improve the numerical
models for such structures, (iii) improve the capacity models, (iv) improve the procedures
for the dynamic analysis, (v) improve the procedures for the correct assessment of the
seismic performance, and (vi) suggest innovative interventions for the seismic retrofit of
old and damaged reinforced or prestressed concrete structures.

In the last decades, researchers have provided valuable contributions to all the above
issues and seismic codes have evolved due to the findings and proposals of the scientific
research. The large number of reinforced or prestressed concrete structures and the contin-
uous efforts made by researchers for the comprehension of the seismic behavior of such
structures have been among the main reasons of the present Special Issue titled “Seismic
assessment and retrofit of Reinforced Concrete Structures”.

2. Contributions

Many researchers have contributed to this Special Issue. As a result, this thematic issue
is composed by eleven contributions covering important topics for Seismic Assessment
and Retrofit of Reinforced Concrete Structures.

One paper [1] is devoted to the evaluation of the nonlinear seismic response of irregular
r.c. buildings retrofitted by base-isolation. The effectiveness of advanced nonlinear static
methods of analysis in predicting the torsional response due to plan irregularities has been
widely studied for non-isolated structures, whereas the response of base-isolated irregular
structures has been generally determined by nonlinear time-history analyses. The paper
under examination [1] points out that the mode-adaptive bidirectional pushover analysis
(MABPA) predicts the peak responses of irregular base-isolated buildings with accuracy
even if its application is limited to buildings that can be classified as torsionally stiff.

One study [2] intended to propose a structural solution for buildings with curtailed
shear walls. To reduce the drifts of the upper part of the frame under earthquakes, buckling-
restrained braces (BRBs) are added. The genetic algorithm is applied to determine the
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optimum locations of BRBs by considering three main parameters in the fitness function: the
interstory drifts, the damage index of the beams and the total number of BRBs. Numerical
analyses, calibrated against the results of experimental tests, prove the effectiveness of the
proposal.

Three studies [3–5] are focused on the retrofitting of existing r.c. buildings. The
retrofitting technology proposed in [3] consists of a RC frame rigidly connected to the
external façade of the existing building by means of anchor rods placed at every floor level.
The anchor rods are designed based on capacity design principles. The RC-framed skin is
casted on site by using prefabricated expanded polystyrene modules as formwork, which
also ensures the thermal enhancement of the building. Pushover analyses show that the
proposed retrofitting technology provides the existing structure with significant increases
in stiffness, strength and often is accompanied a more ductile failure model. In another
paper [4], a steel exoskeleton is, instead, used to perform the combined seismic–energy
retrofit of a former reinforced concrete industrial building. Most of the existing retrofitting
techniques requires time to be realized. In the case of buildings damaged during mainshock
events, quick and effective strengthening interventions are important to reduce further
damage during aftershocks. To investigate this issue, in [5], a three-story RC frame building
is first subjected to a mainshock excitation. Then, the damaged structure is retrofitted by
three retrofitting schemes with combined strip-shaped shear-and-flexural steel dampers
installed between chevron braces and upper beams. The response of the three considered
retrofitting schemes under aftershocks is finally compared.

An accurate evaluation of the seismic response of existing buildings requires a proper
simulation of the degradation of materials. One of the major degradation causes of RC
structures consists in the corrosion of steel reinforcements. To evaluate the influence of
localized corrosion on the cyclic behavior and failure modes of RC columns, one paper of
this Special Issue [6] considers different modelling strategies (based on the reduction in
constitutive law by uniform or pitting corrosion; bar discretization and section reduction
and bar discretization and morphology-based constitutive law reduction). The accuracy of
the modelling strategies is validated against results of experimental tests.

Three papers are devoted to the analysis of structural members [7–9]. Two of these
studies are related to retrofitting techniques for beams [7] or columns [8], whereas the third
study proposes a bolt-connected precast reinforced concrete deep beam as a lateral resisting
component to be used in framed structures to resist seismic loads [9]. Specifically, in [7],
the structural capacity of reinforced concrete beams is improved by the use of modularized
steel plates. This technique leads to rapid and economical construction and, as proved by
experimental tests, to an increase in the ductility capacity of the reinforced concrete beams,
which is about 2.5 times that of the non-retrofitted beams. A strengthening method based
on fastening steel jackets is introduced for columns in [8]. The steel plate thickness, fastener
number and connection spacing are designed to prevent brittle shear failure, ensure a
lateral load capacity larger than the lateral load demand, limit the axial load ratio and
provide adequate flexural stiffness. In regard to bolt-connected precast reinforced-concrete
deep beams [9], the seismic performance of two scaled specimens is determined under
cyclic loads by experimental tests. A parametric analysis, carried out on the numerical
model calibrated against the results of the experimental tests, shows that shear resistance,
elastic lateral stiffness and displacement-based ductility are significantly dependent on the
height-to-length ratio of the deep beam.

In one paper [10], recently tested real-scale RC-framed-wall infilled structures with
innovative seismic protection through polyurethane joints (PUFJ) or polyurethane impreg-
nated fiber grids (FRPU) are investigated. The frames reveal a highly ductile response
while preventing infill collapse. Suitable FE models are developed in order to reproduce
the experimental results.

Finally, one paper of the Special Issue is devoted to Progressive Collapse [11]. Three
different column removal scenarios are considered with reference to a case study that
is upgraded by different retrofitting strategies, e.g., X-braces, diagonal braces, inverted
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V-braces, viscous dampers and carbon-fiber-reinforced polymer. The damage levels of
members under the above-mentioned scenarios are compared.

3. Conclusions

We were very pleased to guest edit this Special Issue and we thank all the authors of
the above papers for their contributions to the advancement of the research in the field of
the seismic assessment and retrofit of reinforced concrete structures. We hope this Special
Issue can reach the widest audience in the scientific community and contribute to boosting
further scientific and technological advances into the attractive world of reinforced concrete
structures.
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Featured Application: Seismic response evaluation of a base-isolated buildings: Seismic rehabil-

itation design for reinforced concrete buildings using the base-isolation technique.

Abstract: In this article, the applicability of mode-adaptive bidirectional pushover analysis (MABPA)
to base-isolated irregular buildings was evaluated. The point of the updated MABPA is that the
peaks of the first and second modal responses are predicted considering the energy balance during a
half cycle of the structural response. In the numerical examples, the main building of the former Uto
City Hall, which was severely damaged in the 2016 Kumamoto earthquake, was investigated as a
case study for the retrofitting of an irregular reinforced concrete building using the base-isolation
technique. The comparisons between the predicted peak response by MABPA and nonlinear time-
history analysis results showed that the peak relative displacement can be properly predicted by
MABPA. The results also showed that the performance of the retrofitted building models was
satisfactory for the ground motion considered in this study, including the recorded motions in the
2016 Kumamoto earthquake.

Keywords: seismic isolation; asymmetric building; mode-adaptive bidirectional pushover analysis
(MABPA); seismic retrofit; momentary energy input

1. Introduction

1.1. Background

Seismic isolation is widely applied to buildings for earthquake protection in earthquake-
prone countries [1]. Unlike in the case of traditional (non-isolated) earthquake-resistant
structures, seismic isolation ensures that the behaviors of building structures are within the
elastic range and reduces acceleration in buildings during large earthquakes [2]. Therefore,
this technique is applied to not only new buildings, but also existing reinforced concrete
and masonry buildings, including historical structures [3–14]. The isolation layer consists
of isolators and dampers. Isolators support the gravity loads of the superstructure. The
horizontal flexibility and centering capability of seismically isolated buildings is also achieved
by isolators [1]. Dampers provide the energy dissipation capacity for reducing the seismic
responses. Although it is very common to use hysteresis dampers (e.g., steel dampers) and/or
oil dampers in the isolation layer, there are several studies about the innovative seismic
isolation systems in recent years, e.g., [15–22].

In general, there is some degree of irregularity in building structures, whether they
are newly designed or preexisting. Therefore, the problem of torsional response due to
plan irregularities needs to be studied for base-isolated structures, as well as non-isolated
structures. Several researchers have investigated the seismic behavior of base-isolated

Appl. Sci. 2021, 11, 9829. https://doi.org/10.3390/app11219829 https://www.mdpi.com/journal/applsci5



Appl. Sci. 2021, 11, 9829

buildings with plan irregularities [23–36]; these include fundamental parametric studies
using idealized models [23–27], as well as studies using more realistic frame building
models [28–36]. Most of these studies are based on nonlinear time-history analyses [23–35].
However, there are a few investigations that examine the applicability of nonlinear static
procedures to base-isolated buildings with asymmetry. Kilar and Koren [36] examined
the applicability of the extended N2 method [37,38], which is one of the variants of the
nonlinear static procedures, to the base-isolated asymmetric buildings. They found the
nonlinear peak response of base-isolated asymmetric building can be predicted by the
extended N2 method. However, they examined only those whose superstructure was
regular in elevation. Therefore, further investigations are needed for the applicability
of the nonlinear static procedures, especially for base-isolated building with plan and
elevation irregularities.

1.2. Motivation

There were two main motivations for this study. The first was to extend nonlinear
static analyses to base-isolated buildings with irregularities, and the second was to pre-
dict the nonlinear peak responses of base-isolated buildings according to the concept of
energy input.

With respect to the first motivation, the authors proposed mode-adaptive bi-directional
pushover analysis (MABPA) [39–44]. This is a variant of nonlinear static analysis and was
originally proposed for the seismic analysis of non-isolated asymmetric buildings subjected
to horizontal bidirectional excitation. The first version of MABPA was proposed for non-
isolated asymmetric buildings with regular elevation [39]; it was then updated following
the development of displacement-based mode-adaptive pushover (DB-MAP) analysis [40].
This version has been applied to reinforced concrete asymmetric frame buildings with
buckling-restrained braces [41] and to building models with bidirectional setbacks [42].
The applicability of MABPA has been discussed and evaluated based on the effective modal
mass ratio of the first two modes [43]. The seismic capacity of an existing irregular building
severely damaged in the 2016 Kumamoto earthquake (the former Uto City Hall) has been
evaluated using MABPA [44]. Looking back on the development of MABPA, the logical
next step should be to extend the method to base-isolated buildings with irregularities.
Considering the case in which the seismic isolation period is well separated from the
natural period of a superstructure, the behavior of the superstructure may be that of a
rigid body, as discussed by several researchers, e.g., [27]. In such cases, the effective modal
mass ratio of the first and second modes is close to unity, provided that the torsional
resistance at the isolation layer is sufficient. It is expected that the seismic response of such
a base-isolated building with plan irregularities will be accurately predicted by MABPA.

In the nonlinear static analysis shown in the American Society of Civil Engineers
ASCE/SEI 41-17 document [3], the reduced spectrum considering the effective damping
is used to predict the target displacement for a nonlinear static analysis. Similarly, as
shown in Notification No. 2009 of the Ministry of Construction of Japan [45], the equivalent
linearization technique can be used for target displacement evaluations of base-isolated
buildings. However, several researchers have examined the responses of long-period build-
ing structures subjected to pulse-like ground motions, e.g., Mazza examined a base-isolated
building [29,31] and Güneş and Ulucan studied a tall reinforced concrete building [46].
Because the effective damping is calculated based on a steady response having the same dis-
placement amplitude in the positive and negative directions, the use of effective damping
for the prediction of the peak responses of base-isolated structures subjected to pulse-like
ground motion is questionable. From this viewpoint, an alternative concept for predicting
the peak response is required. Accordingly, the second motivation of this study was to
investigate the use of the energy concept.

The concept of energy input was introduced by Akiyama in the 1980 s [47] and is
implemented in the design recommendation for seismically isolated buildings presented by
the Architectural Institute of Japan [2]. In Akiyama’s theory, the total input energy is a suit-
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able seismic intensity parameter to access the cumulative response of a structure. Instead of
the total input energy, Inoue et al. proposed the maximum momentary input energy [48–50] as
an intensity parameter related to peak displacement; nonlinear peak displacement can be
predicted by equating the maximum momentary input energy and the cumulative hystere-
sis energy during a half cycle of the structural response. Following the work of Inoue et al.,
the authors investigated the relationship between the maximum momentary input energy
and the total input energy of an elastic single-degree-of-freedom (SDOF) model [51]. In ad-
dition, the concept of the momentary input energy was extended to consider bidirectional
horizontal excitation [52,53]. Specifically, the time-varying function of the momentary
energy input has been formulated for unidirectional [51] and bidirectional [52] excitation:
This function can be calculated from the transfer function of the model and the complex
Fourier coefficients of the ground acceleration. Using the time-varying function, both
energy parameters, the total and maximum momentary input energy, can be accurately
calculated. In a previous study [53], it was shown that the nonlinear peak displacement
and the cumulative energy of the isotropic two-degree-of-freedom model representing
a reinforced concrete building can be properly predicted using a time-varying function.
Therefore, the use of a time-varying function of the momentary energy input is promising
for seismic response predictions for base-isolated buildings.

1.3. Objectives

Based on the above discussion, the following questions were addressed in this paper.

• Is MABPA capable of predicting the peak response of irregular base-isolated buildings?
• The prediction of the peak equivalent displacement of the first two modal responses

is an essential step in MABPA. For this, the relationship between the maximum
momentary input energy and the peak displacement needs to be properly evaluated.
How can this relationship be evaluated from the pushover analysis results?

• In the prediction of the maximum momentary input energy of the first two modal
responses, the effect of simultaneous bidirectional excitation needs to be considered.
Can the upper bound of the peak equivalent displacement of the first two modal
responses be predicted using the bidirectional maximum momentary input energy
spectrum [52]?

In this study, the applicability of mode-adaptive bidirectional pushover analysis
(MABPA) to base-isolated irregular buildings was evaluated. The point of the updated
MABPA is that the peaks of the first and second modal responses are predicted considering
the energy balance during a half cycle of the structural response. In the numerical examples,
the main building of the former Uto City Hall [44], which was severely damaged in the
2016 Kumamoto earthquake, was investigated as a case study for the retrofitting of an
irregular reinforced concrete building using the base-isolation technique. The nonlinear
peak responses of two retrofitted building models subjected to bidirectional excitation
were investigated via a time-history analysis using artificial and recorded ground motion
datasets. Then, their peak responses were predicted by MABPA to evaluate its accuracy.
Note that of the many types of dampers used nowadays in base-isolated buildings, only
hysteresis dampers were considered in this study; this is because they are easily imple-
mented in nonlinear static analysis. The applicability of MABPA to base-isolated buildings
with other types of dampers, such as oil and tuned viscous mass dampers [18], will be the
next phase of this study.

The rest of paper is organized as follows. Section 2 presents an outline of MABPA,
followed by the prediction procedure of the maximum equivalent displacement conducted
using the maximum momentary input energy. Section 3 briefly presents information
concerning the original building. Then, two retrofitted building models using the base-
isolation technique are presented, as well as the ground motion data used in the nonlinear
time-history analysis. The validation of the prediction of the peak response is discussed
in Section 4. Discussions focused on (i) the relationship between the maximum equiva-
lent displacement and the maximum momentary input energy, (ii) the predictability of
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the largest maximum momentary input energy from the bidirectional momentary input
energy spectrum, and (iii) the accuracy of the upper bound of the maximum equivalent
displacement of the first two modes are presented in Section 5. The conclusions and future
directions of the study are discussed in Section 6.

2. Description of MABPA

2.1. Outline of MABPA

Figure 1 shows the flow of the updated MABPA. Here, the U-axis is the principal
axis of the first modal response, while the V-axis is the axis perpendicular to the U-axis,
following previous studies [39,41]. In this study, the predictions of the peak responses of
the first and second modes (steps 2 and 4) were updated as follows:

• The bidirectional momentary input energy proposed in the previous study was applied
as the seismic intensity parameter.

• The peak response of each mode was predicted from the energy balance in a half cycle
of the structural response.

Figure 1. Flow of updated mode-adaptive bi-directional pushover analysis (MABPA).
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It was assumed that the upper bound of the unidirectional maximum momentary
input energy considering the various directions of the seismic input is approximated by
the bidirectional maximum momentary input energy. For the prediction of the peak equiv-
alent displacements of the first and second modal responses, the bidirectional maximum
momentary input energy spectrum (bidirectional VΔE spectrum) was used. This is because
the influences of the simultaneous input of two horizontal components are included in
the bidirectional VΔE spectrum, as discussed in previous studies [52,53]. Note that the
maximum momentary input energy of each modal response varies depending on the
angle of incidence of the horizontal ground motion. The assumption that the maximum
momentary input energy of each modal response can be predicted from the bidirectional
VΔE spectrum can lead to conservative predictions. The validation of this assumption is
discussed in Section 5.

2.2. Prediction of the Peak Response using the Momentary Energy Input
2.2.1. Calculation of the Bidirectional Momentary Input Energy Spectrum

The bidirectional momentary input energy spectrum, which was proposed in previous
studies [52,53], can be calculated as follows.

First, the complex Fourier coefficient of the two orthogonal components of horizontal
ground acceleration, cξ,n and cζ,n, can be calculated via the discrete Fourier transform of
the two horizontal ground acceleration components agξ(t) and agζ(t), respectively.

The displacement and velocity transfer function of the linear system with viscous and
complex damping can be calculated as follows:

HCVD(iωn) =
1

ω0
2−ωn2+2ω0{hωn+βω0sgn(ωn)}i , HCVV(iωn) = iωn HCVD(iωn). (1)

In Equation (1), ω0(= 2π/T) is the natural circular frequency, h and β are the viscous
and complex damping of the linear system, respectively; ωn is the natural frequency of
the nth harmonic. From the complex Fourier coefficients (cξ,n and cζ,n) and the transfer
functions of the linear system (HCVD(iωn) and HCVV(iωn)), the duration of a half cycle of
response (Δt) can be calculated as:

Δt = π

√√√√ N

∑
n=1

|HCVD(iωn)|2
{∣∣cξ,n

∣∣2 + ∣∣cζ,n
∣∣2}/

N

∑
n=1

|HCVV(iωn)|2
{∣∣cξ,n

∣∣2 + ∣∣cζ,n
∣∣2}. (2)

Then, the Fourier coefficient of the time-varying function of the momentary energy
input can be calculated as follows:

EΔBI,n
∗ =

⎧⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎩

sin(ωnΔt/2)
ωnΔt/2

N
∑

n1=n+1
{HV(iωn1) + HV(−iωn1−n)}

{
cξ,n1 cξ,−(n1−n) + cζ,n1 cζ,−(n1−n)

}
: n > 0

2
N
∑

n1=1
Re{HV(iωn1)}

{∣∣cξ,n1

∣∣2 + ∣∣cζ,n1

∣∣2} : n = 0

EΔBI,n
∗ : n < 0

. (3)

The momentary input energy per unit mass at time t can be calculated as follows:

ΔEBI(t)
m

=

t+Δt/2∫
t−Δt/2

N−1

∑
n=−N+1

EΔBI,n
∗ exp(iωnt)dt. (4)

The maximum momentary input energy per unit mass (ΔEBI,max/m) can be evaluated
as the maximum value calculated by Equation (4) over the course of the seismic event.
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The bidirectional maximum momentary input energy spectrum (the bidirectional VΔE
spectrum) can be calculated as:

VΔE =
√

2ΔEBI,max/m. (5)

The bidirectional VΔE spectrum is prepared at the beginning of the MABPA (step 0).
The range of the natural period (T) needs to be properly considered. In this study, a
range of T from 0.1 to 6.0 s (longer than the seismic isolation period) was considered.
The assumption of damping is also important. Because only a hysteresis (displacement-
dependent) damper was installed in the isolation layer, complex damping was chosen in
this study. The complex damping ratios (β) were set to 0.10, 0.20, and 0.30.

2.2.2. Formulation of the Effective Period and the Hysteretic Dissipated Energy in a
Half Cycle

To predict the peak responses of the first two modes, bilinear idealization of the
equivalent acceleration-equivalent displacement relationship was made as follows. In the
following discussion, the formulations are made for the first modal response. Figure 2
shows the bilinear idealization procedure used in this study.

Figure 2. Bilinear idealization of the equivalent acceleration-equivalent displacement relationship.

Then, the effective period (T1e f f ) and the hysteretic dissipated energy in the half
cycle per unit mass (ΔEμ1U

∗/M1U
∗) were formulated. Figure 3 shows the modeling of

the structural response in a half cycle used to predict the peak response. In Figure 3, the
parameter η is the displacement ratio in the positive and negative directions and was
assumed to be in the range from 0 to 1.

Figure 3. Modeling of the structural response in a half cycle used to predict the peak response: (a) The effective slope (κ1eff )
and (b) the hysteretic dissipated energy in a half cycle per unit mass (ΔEμ1U/M1U

*).
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In this study, the effective period of the first mode corresponding to D1U
∗ was calcu-

lated as:
T1e f f (D1U

∗) = 2π/
√

κ1e f f (D1U
∗). (6)

In addition, the equivalent velocity of the hysteretic dissipated energy in a half cycle
corresponding to D1U

∗ was calculated as:

VΔEμ1U
∗(D1U

∗) =

√
2ΔEμ1U

∗

M1U
∗ (D1U

∗). (7)

The effective slope corresponding to D1U
∗ was calculated as:

κ1e f f (D1U
∗) =

1∫
0

κ1e f f (D1U
∗, η)dη

=

{
κ1 : D1U

∗ ≤ D1U
∗

y

(2 ln 2) A1U
∗

0
D1U

∗ + κ2 −
{

ln
(

1 + D1U
∗

y
D1U

∗
)}(

A1U
∗

0
D1U

∗ + κ1 − κ2

)
+

D1U
∗

y
D1U

∗ (κ1 − κ2) : D1U
∗ > D1U

∗
y

(8)

The hysteretic dissipated energy in a half cycle per unit mass corresponding to D1U
∗

was calculated as:

ΔEμ1U
∗

M1U
∗ (D1U

∗) =
1∫

0

ΔEμ1U
∗

M1U
∗ (D1U

∗, η)dη

=

⎧⎨
⎩

1
3 κ1D1U

∗2 : D1U
∗ ≤ D1U

∗
y

1
3 κ2D1U

∗2 + 3
2 A1U

∗
0D1U

∗
{(

1 − D1U
∗

y
D1U

∗
)2

+ 2
3

D1U
∗

y
D1U

∗
(

1 − 2
3

D1U
∗

y
D1U

∗
)}

: D1U
∗ > D1U

∗
y

. (9)

The predicted peak response D1U
∗

max was obtained from the following equation:

VΔEμ1U
∗
{

T1e f f (D1U
∗

max)
}
= VΔE

{
T1e f f (D1U

∗
max)

}
. (10)

Note that no viscous damping was considered because the isolation layer was assumed
to have no viscous damping.

3. Description of the Retrofitted Building Models and Ground Motion Datasets

3.1. Original Building

Figure 4 shows a simplified structural plan and the elevation of the main building of
the former Uto City Hall [44]. This five-story reinforced concrete irregular building was
constructed in 1965.

Figure 4. Simplified structural plan and elevation of the main building of the former Uto City Hall [44]: (a) Structural plan
(Level Z0) and (b) simplified plan elevation (frame B1).
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Figure 5 shows the former Uto City Hall after the 2016 Kumamoto earthquake. After
the 2016 Kumamoto earthquake, this building was demolished. Details concerning this
building can be found in the literature [44].

Figure 5. View of the former Uto City Hall after the 2016 Kumamoto earthquake [44]. Photographs were taken from (a) the
south, (b) the southwest, and (c) the north.

Figure 6 shows the soil properties at the former K-NET Uto station, which was within
the site of the Uto City Hall at the time of the 2016 Kumamoto earthquake. Note that those
soil properties at the former K-NET Uto station are available from the K-NET website [54].

Figure 6. Soil profiles of the former K-NET Uto station. Figures were made from the data provided by the National
Research Institute for Earth Science and Disaster Resilience (NIED). (a) Primary and shear wave profile (Vp: P-wave velocity,
Vs: S-wave velocity); (b) density profile; (c) soil column.

3.2. Properties of the Isolation Layer

Two retrofitted building models were examined in this study to consider different seis-
mic isolation periods (Tf ). The properties of the isolation layer were determined as follows,
based on the energy-balanced design method introduced in the design recommendation [2].

First, the mass and the moment of inertia of each floor were calculated. Table 1 shows
the floor mass (mj), moment of inertia (Ij), and the radius of gyration of the floor mass
(rj) for the jth floor. Here, the values of the floor mass and the moment of inertia above
level 1 were taken from a previous study [44], while the weight per unit area at level 0 was
assumed to be 24 kN/m2 for the calculation of the floor mass and the moment of inertia of
each floor. Therefore, the calculated total mass (M) was 5412 t.
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Table 1. Floor mass, moment of inertia, and radius of gyration of the floor mass of each floor level.

Floor Level
j

Floor Mass
mj (t)

Moment of Inertia
Ij (×103 tm2)

Radius of Gyration
of Floor Mass rj (m)

5 677.8 78.37 10.75
4 548.5 62.85 10.70
3 543.0 62.50 10.73
2 581.0 67.12 10.75
1 1208.1 199.0 12.83
0 1853.7 274.9 12.18

Figure 7 shows the horizontal response spectra of the recorded ground motions of
the first (14 April 2016: UTO0414) and second (16 April 2016: UTO0416) earthquakes
observed at the K-NET Uto station [54]. Note that the spectral acceleration (SA) and
velocity (SV) shown in Figure 7a,b were calculated as the absolute (vector) value of the
two horizontal components. The total input energy spectrum (the VI spectrum) was also
calculated considering the simultaneous input of the two horizontal components. The
viscous damping ratio was set to 0.05 for the calculations of SA and SV , while it was set to
0.10 for the calculation of VI following the work of Akiyama [47].

Figure 7. Horizontal response spectra of the recorded ground motions at the K-NET Uto station: (a) Elastic acceleration
response spectrum (damping ratio: 0.05); (b) elastic velocity response spectrum (damping ratio: 0.05); (c) elastic total input
energy spectrum (damping ratio: 0.10).

In this study, the range of the seismic isolation period (Tf ) was considered to be from
3 to 4.5 s when determining the properties of the isolation layer. Based on Figure 7c, the
equivalent velocity of the total input energy (VI) was set to 1.41 m/s to determine the
properties of the isolation layer.

Assuming that the superstructure is a rigid body, the equation of the energy balance is
expressed as:

1
2

K f δmax
2 + 4 s nsQyδmax =

1
2

MVI
2. (11)

In Equation (11), δmax is the maximum horizontal displacement, s n is the equivalent
number of repetitions, K f is the total horizontal stiffness of the flexible element, and s Qy is
the total yield strength of the rigid plastic element. Equation (11) can be rewritten as:

(
2π

Tf

)2

δmax
2 + 8 s nsαygδmax = VI

2, (12)

where K f = M

(
2π

Tf

)2

, s αy =
s Qy

Mg
. (13)
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In Equation (13), g is the acceleration due to gravity, assumed to be 9.8 m/s2, and s αy
is the yielding shear strength coefficient. In this study, the design-allowable horizontal
displacement (δa) was set to 0.40 m, while the value of s n was set to 2 following the design
recommendation [2]. Then, the two parameters of the isolation layer, Tf and s αy, were
adjusted, such that the following condition was satisfied:

(
2π

Tf

)2

δa
2 + 16 s αygδa ≥ VI

2. (14)

The isolation layer below level 0 comprises natural rubber bearings (NRBs), elastic
sliding bearings (ESBs), and steel dampers. Figure 8 shows the layout of the isolators and
dampers in the isolation layer of the two retrofitted building models: Model-Tf34, shown in
Figure 8a, and Model-Tf44, shown in Figure 8b. As shown in the figures, the steel dampers
were placed at the perimeter frames to provide torsional resistance. The point G shown in
this figure is the center of mass of the superstructure, point S0 is the center of stiffness of
the isolation layer calculated according to the initial stiffness of the isolators and dampers,
while point S1 is the center of stiffness of the isolation layer calculated according to the
secant stiffness of the isolators and dampers considering their displacement (δ) of 0.40 m.

Figure 8. Layout of the isolators and dampers in the isolation layer: (a) Model-Tf34 and (b) Model-Tf44.

For Model-Tf34, Tf = 3.38 s and s αy = 0.0448, while for Model-Tf44, Tf = 4.40 s
and s αy = 0.0396. Note that Tf was calculated according to the horizontal stiffness of
the NRBs, while s αy was calculated according to the yield shear strength of the ESBs and
steel dampers.

As shown in Figure 8, the eccentricity at the isolation layer was non-negligible in both
models. The eccentricity indices [45] of Model-Tf34, calculated according to the initial
stiffnesses in the X and Y directions, were ReX = 0.285 and ReY = 0.216, respectively,
while those calculated according to the secant stiffnesses in the X and Y directions were
ReX = 0.014 and ReY = 0.054, respectively. Similarly, the eccentricity indices of Model-Tf44,
calculated according to initial stiffnesses in the X and Y directions, were ReX = 0.155 and
ReY = 0.126, respectively, while those calculated according to the secant stiffnesses in
the X and Y directions were ReX = 0.233 and ReY = 0.015, respectively. In this study,
the perimeter frames X1A and Y6 are referred to as the “flexible-side frames,” while the
frames X6A and Y1 are referred to as the “stiff-side frames”. Note that no optimization to
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minimize the torsional response was made to choose the dampers in this study, because
such optimization was beyond the scope of this study.

Figure 9 shows envelopes of the force–deformation relationship for the isolators and
dampers. The behavior of the NRBs was assumed to be linear elastic, while that of the
ESBs and dampers was assumed to be bilinear.

Figure 9. Envelope of the force–deformation relationship for the isolators and dampers: (a) Natural rubber bearings (NRBs);
(b) elastic sliding bearings (ESBs); (c) steel dampers.

All isolators were chosen from a catalog provided by the Bridgestone Corporation [55,56],
considering that the ultimate horizontal deformation was larger than 150% of δa (1.5 × 0.40 m
= 0.60 m). Meanwhile, the steel dampers were chosen from a catalog provided by Nippon
Steel Corporation Engineering Co. Ltd. (Tokyo, Japan) [57]. Tables 2–4 list the properties of
the isolators and dampers used in the two models.

Table 2. Properties of the selected natural rubber bearings (NRBs).

Type
Outer

Diameter
(mm)

Total
Rubber

Thickness
(mm)

Shear
Modulus

(MPa)

Horizontal
Stiffness

K1 (MN/m)

Vertical
Stiffness

KV
(MN/m)

NRB (φ = 900 mm, G5) 900 180 0.441 1.56 3730
NRB (φ = 900 mm, G4) 900 180 0.392 1.38 3420

Table 3. Properties of the selected elastic sliding bearings (ESBs).

Type
Outer

Diameter
(mm)

Shear
Modulus

(MPa)

Friction
Coefficient

μ

Initial
Horizontal
Stiffness

K1 (MN/m)

Vertical
Stiffness

KV
(MN/m)

ESB (φ = 300 mm) 300 0.392 0.010 0.884 1380
ESB (φ = 400 mm) 400 0.392 0.010 1.48 2270
ESB (φ = 500 mm) 500 0.392 0.010 2.40 3710

Table 4. Properties of the selected steel dampers.

Initial Stiffness
K1 (MN/m)

Yield Strength
Qyd (kN)

Post Yield Stiffness
K2 (MN/m)

7.60 184 0.128

The yield strength of an ESB was calculated as:

QyD = μPV . (15)

In Equation (15), PV is the vertical load of the ESB due to gravity.
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3.3. Structural Modeling

The two building models were modeled as three-dimensional spatial frames, wherein
the floor diaphragms were assumed to be rigid in their own planes without an out-of-plane
stiffness. Figure 10 shows the structural modeling. For the numerical analyses, a nonlinear
analysis program for spatial frames developed by the authors in a previous study [58] was
used. The structural models were based on Model-RuW4-100 from a previous study [44].
As shown in Figure 10b,c, all of the vertical and rotational springs in the basement of the
original model were replaced by isolators, and dampers were installed in the isolation
layer. The shear behavior of the isolators was modeled using the multi-shear spring model
proposed by Wada and Hirose [59], while their axial behavior was modeled using a linear
elastic spring, as shown in Figure 10d. The shear behavior of the steel dampers was also
modeled using the multi-shear spring model, as shown in Figure 10e. No bending stiffness
was considered in either the isolators or the dampers. The hysteresis rules of the ESBs and
steel dampers were modeled following the normal bilinear rule for simplicity of analysis.
Details of the structural modeling of the superstructure can be found in the literature [44].
The damping matrix of the superstructure was then assumed to be proportional to the
tangent stiffness matrix of the superstructure, with 2% of the critical damping of the first
mode. The damping of the isolators and dampers was not considered, assuming that
their energy absorption effects were already included in the hysteresis rules. Note that the
force–displacement relationships of all members, including those in the superstructures
and in the isolation layers, were assumed to be symmetric in the positive and negative
loading directions, as in previous studies [44,58].

Figure 10. Structural modeling: (a) Overview of the structural model; (b) frame B1; (c) frame Y6; (d) modeling of the
isolators (NRBs and ESBs); (e) modeling of the steel dampers.

It should be mentioned that the foundation compliance and kinematic soil–structure
interaction were not considered for the simplicity of the analysis. Almansa et al. [60]
investigated the performance of a rubber-isolated six-story RC building in soft soil. They
concluded that the soil–structure interaction effect is rather negligible in the case of isolated
buildings. Based on this, the authors thought the influence of the soil–structure interaction
effect to the response of this building would not be significant.
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Figures 11 and 12 show the first three natural modes of Model-T34 and Model-T44 in
the elastic range. Here, Tie is the natural period of the ith mode in the elastic range (i = 1–3),
mie

∗ is the effective modal mass ratio of the ith mode with respect to its principal direction
in the elastic range, ψie is the incidence of the principal direction of the ith modal response
in the elastic range, and Rρie is the torsional index of the ith mode in the elastic range. The
values of mie

∗, ψie, and Rρie were calculated according to the ith elastic mode vector (ϕie)
as follows:

mie
∗ = 1

M

(
5
∑

j=0
mjφXjie

)2

+

(
5
∑

j=0
mjφYjie

)2

5
∑

j=0
mjφXjie

2 +
5
∑

j=0
mjφYjie

2 +
5
∑

j=0
IjφΘjie

2
, (16)

tan ψie = −
5

∑
j=0

mjφYjie/
5

∑
j=0

mjφXjie, (17)

Rρie =

√√√√ 5

∑
j=0

IjφΘjie
2/

(
5

∑
j=0

mjφXjie
2 +

5

∑
j=0

mjφYjie
2

)
, (18)

ϕie =
{

φX0ie · · · φX5ie φY0ie · · · φY5ie φΘ0ie · · · φΘ5ie
}T. (19)

Figure 11. Shape of the first three natural modes of Model-Tf34 in the elastic range.

Figure 12. Shape of the first three natural modes of Model-Tf44 in the elastic range.
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The behavior of the superstructure can be considered a rigid body in the first three
modes in the elastic range, as observed from Figures 11 and 12. In both building models,
the effective modal mass ratios of the first two modes were close to 1. In addition, the
first mode was predominantly translational (Rρ1e < 1), the second mode was nearly purely
translational (Rρ2e << 1), and the third mode was predominantly torsional (Rρ3e > 1). In
addition, the angles between the principal directions of the first two modes were close
to 90◦ (90.7◦ for Model-Tf34 and 90.8◦ for Model-Tf44). Therefore, both building models
were classified as torsionally stiff buildings: In a previous study [43], the conditions for
classification as a torsionally stiff building were Rρ1 and Rρ2 < 1, and Rρ3 > 1.

The natural periods of the superstructure in the elastic range, assuming that the entire
basement is supported by pins, were 0.373 s (first mode), 0.342 s (second mode), and 0.192 s
(third mode). Therefore, the natural period of the superstructure was well separated from
the seismic isolation period in both models.

3.4. Ground Motion Data

In this study, the seismic excitation was bidirectional in the X–Y plane, and both
artificial and recorded ground motions were considered.

3.4.1. Artificial Ground Motions

In this study, two series of artificial ground motion datasets (the Art-1 and Art-2 series)
were generated. As noted in Section 3.2, the equivalent velocity of the total input energy
(VI) was set to 1.41 m/s to determine the properties of the isolation layer. Therefore, the
artificial ground motion datasets were generated such that their bidirectional VI spectrum
fit the predetermined target VI spectrum as follows.

The target bidirectional VI spectrum with a damping ratio of 0.10 was determined
such that:

VI(T) =
{

1.41(T/0.75) m/s : T ≤ 0.75 s
1.41 : T > 0.75 s

. (20)

To generate each horizontal component, it was assumed that the intensity of VI in both
orthogonal components (ξ and ζ components) was identical. The target equivalent veloci-
ties of the total input energy of the ξ and ζ components, VIξ(T) and VIζ(T), respectively,
were calculated as:

VIξ(T) = VIζ(T) = VI(T)/
√

2. (21)

The phase angle is given by a uniform random value, and to consider the time-
dependent amplitude of the ground motions, a Jenning-type envelope function (e(t)) was
assumed. In this study, two envelope functions were considered. In Art-1-00, the envelope
function was set as in Equation (22), while in Art-2-00, the envelope function was set as in
Equation (23).

e(t) =

⎧⎨
⎩

(t/5)2 : 0 s ≤ t ≤ 5 s
1 : 5 s ≤ t ≤ 25 s
exp{−0.066(t − 25)} : 25 s ≤ t ≤ 60 s

(22)

e(t) =

⎧⎨
⎩

(t/2.5)2 : 0 s ≤ t ≤ 2.5 s
1 : 2.5 s ≤ t ≤ 12.5 s
exp{−0.132(t − 12.5)} : 12.5 s ≤ t ≤ 30 s

(23)

Figures 13 and 14 show the time-histories of the two components and the orbits of
Art-1-00 and Art-2-00, respectively. Because the same target VI spectrum was applied while
the duration of Art-2-00 is the half that of Art-1-00, the peak ground acceleration of Art-2-00
was larger than that of Art-1-00.
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Figure 13. Two components of the generated artificial ground motion (Art-1-00): (a) ξ direction; (b) ζ direction; (c) orbit.

Figure 14. Two components of the generated artificial ground motion (Art-2-00): (a) ξ direction; (b) ζ direction; (c) orbit.

Note that the artificial ground motions used in this study were generated indepen-
dently. The correlation coefficients of Art-1-00 and Art-2-00 were close to zero, even
though the envelope functions of the two components were the same; therefore, the two
components can be considered independently of one another.

Next, 11 artificial ground motion datasets were generated from Art-1-00 and Art-2-00
by shifting the phasing angle. The generated artificial ground motion vector (ag(t, Δφ0)) is
expressed as:

ag(t, Δφ0) =

{
agξ(t, Δφ0)
agζ(t, Δφ0)

}
=

N

∑
n=−N

{
cξ,n
cζ,n

}
exp[i{ωnt − sgn(ωn)Δφ0}]. (24)

In Equation (24), cξ,n and cζ,n are the complex Fourier coefficients of the nth harmonics
of agξ(t) and agς(t), respectively, ωn is the circular frequency of the nth harmonic, and
Δφ0 is the constant used to shift the phase angle of all the harmonics. As in previous
studies [51,53], the constant Δφ0 was set from π/12 to 11π/12 with an interval of π/12.
Notably, the phase difference of each ground motion component did not change when
shifting the phase angle. In addition, the total input energy spectrum (the VI spectrum)
was independent of the shifting phase angle (Δφ0). This is because the shifting phase angle
does not affect the absolute value of the complex Fourier coefficient, and the total input
energy per unit mass can be calculated from the Fourier amplitude spectrum without
the phase characteristics of the ground motion, as shown by Ordaz [61]. The generated
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artificial ground motion datasets are numbered from 01 to 11 depending on Δφ0, with a
total of 2 × 12 = 24 artificial ground motion datasets generated and used in this study.

Figures 15 and 16 show the horizontal response spectra of the generated ground
motion datasets. As shown in these figures, the spectral acceleration (SA) and the spectral
velocity (SV) differed slightly because of the shift in the phase angle. A comparison of
Figures 15 and 16 reveals that SA and SV of the Art-2 series were larger than those of the
Art-1 series, even though the target VI spectrum was identical.

Figure 15. Horizontal response spectra of the artificial ground motion (Art-1 series): (a) Elastic acceleration response
spectrum (damping ratio: 0.05); (b) elastic velocity response spectrum (damping ratio: 0.05); (c) elastic total input energy
spectrum (damping ratio: 0.10).

Figure 16. Horizontal response spectra of the artificial ground motion (Art-2 series): (a) Elastic acceleration response
spectrum (damping ratio: 0.05); (b) elastic velocity response spectrum (damping ratio: 0.05); (c) elastic total input energy
spectrum (damping ratio: 0.10).

3.4.2. Recorded Ground Motions

Table 5 lists the four datasets of recorded ground motions used in this study. Details
concerning the original ground motions can be found in the Appendix A. Figure 17 shows
the horizontal response spectra of the unscaled recorded ground motion datasets.

Table 5. List of the recorded ground motion datasets used in this study.

Earthquake of
the Original Record

Ground Motion ID
Scale Factor

Model-Tf34 Model-Tf44

Kumamoto, 14 April 2016 UTO0414 1.000 1.000
Kumamoto, 16 April 2016 UTO0416 1.000 1.000

Chichi, 1999 TCU 0.5540 0.5718
Kocaeli, 1999 YPT 0.4293 0.5057
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Figure 17. Horizontal response spectra of the recorded ground motions: (a) Elastic acceleration response spectrum (damping
ratio: 0.05); (b) elastic velocity response spectrum (damping ratio: 0.05); (c) elastic total input energy spectrum (damping
ratio: 0.10).

One of the motivations of this analysis was to evaluate the seismic performance
of the two retrofitted models under the ground motions recorded during the 2016 Ku-
mamoto earthquake. Therefore, the two recorded ground motion datasets (UTO0414 and
UTO0416) [54] were used without scaling. A further two datasets of ground motions,
TCU and YPT, were chosen as examples of long-period pulse-like ground motions, as
investigated by Güneş and Ulucan [46]. These two ground motion datasets were scaled
such that the equivalent velocity of the total energy input (VI) at the isolation period (Tf )
equaled 1.41 m/s, which is consistent with the intensity considered in the determination of
the properties of the isolation layer, as discussed in Section 3.2.

4. Analysis Results

The analysis results are split into two subsections. In the first subsection, an example of
the prediction of the peak equivalent displacement using the updated MABPA is shown. In
the second subsection, comparisons are made between the nonlinear time-history analysis
results and the predicted results.

4.1. Example of a Prediction of the Peak Equivalent Displacement

The structural model shown here as an example is Model-Tf44. Figure 18 shows the
nonlinear properties of the equivalent SDOF model calculated according to Section 2.2.2.

Figure 18. Nonlinear properties of the equivalent single-degree-of-freedom (SDOF) model representing the first modal re-
sponse (Model-Tf44): (a) The A1U

*−D1U
* relationship; (b) the T1eff

*−D1U
* relationship; (c) the VΔEμ1U

*−D1U
* relationship.

In the results shown in Figure 18b,c, the VΔEμ1U
∗–T1e f f curve was constructed and

overlaid with the bidirectional VΔE spectrum. Figure 19 shows the prediction of the peak
equivalent displacements of the first two modes.
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Figure 19. Prediction of the peak equivalent displacements (model: Model-Tf44, ground motion: TCU): (a) Prediction of the
peak of the first modal response and (b) prediction of the peak of the second modal response.

The predicted peak was obtained as the intersection point of the VΔEμ1U
∗–T1e f f curve

according to the pushover analysis results and the bidirectional VΔE spectrum, as shown on
the left side of Figure 19a. Then, the peak equivalent displacement D1U

∗
max was predicted

from the VΔEμ1U
∗–D1U

∗
max curve. The prediction of the peak equivalent displacement of

the second mode, D2V
∗

max, can be made using the same procedure as that of D1U
∗

max, as
shown in Figure 19b. Note that for the predictions of D1U

∗
max and D2V

∗
max, the same VΔE

spectrum (bidirectional VΔE spectrum) was used.

4.2. Comparisons with the Nonlinear Time-History Analysis

In Section 4.2.1, the nonlinear time-history analysis results using 24 artificial ground
motion datasets are compared with the predicted results. In this analysis, 24 × 4 = 96 cases
were analyzed for each model: The angle of incidence of the horizontal ground motion
(ψ) in Figure 3 was set to −45◦, 0◦, 45◦, and 90◦ considering the symmetry of the force-
deformation relationship assumed in the structural model. Because the characteristics
of the two horizontal components were similar, the discussion focuses on comparisons
between the envelope of the time-history analysis results and the predicted results.

In Section 4.2.2, the nonlinear time-history analysis results using the four recorded
ground motion datasets are compared with the predicted results. In this analysis, 4 × 12 =
48 cases were analyzed for each model: The angle of incidence of the horizontal ground
motion (ψ) was set to values from −75◦ to 90◦ with an interval of 15◦.

4.2.1. Artificial Ground Motion

Figures 20 and 21 show the peak relative displacement at X3AY3, which is the closest
point to the center of the floor mass at each level. In these figures, the nonlinear time-history
analysis results are compared with the results predicted by MABPA (for complex damping
ratios (β) of 0.10, 0.20, and 0.30). As shown here, the predicted peaks can approximate the
envelope of the time-history analysis results, except in the case of Model-Tf34 subjected to
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the Art-2 series shown in Figure 20b. In addition, the predicted peak with β = 0.10 is larger
than that with β = 0.30. When the models were subjected to the Art-1 series, the predicted
peak closest to the envelope of the time-history analysis results was found with β = 0.10 for
Model-Tf34 (Figure 20a) and with β = 0.30 for Model-Tf44 (Figure 21b). Differences in the
predicted peaks resulting from the value of the complex damping were small in the case of
Model-Tf34 but relatively noticeable in the case of Model-Tf44.

Figure 20. Comparison of the peak relative displacements at X3AY3 (Model-Tf34) for the (a) Art-1 and (b) Art-2 series.

Figure 21. Comparison of the peak relative displacements at X3AY3 (Model-Tf44) for the (a) Art-1 and (b) Art-2 series.

Figures 22 and 23 show comparisons of the horizontal distributions of the peak
displacement at level 0, which is just above the isolation layer. In Figure 22, the results
of Model-Tf34 subjected to the Art-1 series are shown. The predicted peak agrees with
the envelope of the time-history analysis results, even though the predicted peak was not
conservative at Y1 and Y2 (the stiff side in the X direction). A similar observation can be
made in the case of Model-Tf44 subjected to the Art-1 series, as shown in Figure 23, where
the predicted peak with β = 0.30 agrees very well with the envelope of the time-history
analysis results, except at Y1 and Y2.

Based on the above results, the updated MABPA can predict the peak relative dis-
placement at X3AY3 and the horizontal distribution of the peak displacement at level 0 for
both models according to the artificial ground motion datasets.

4.2.2. Recorded Ground Motion

Figures 24 and 25 show the peak relative displacement at X3AY3. The accuracy of the
predicted peak displacement is satisfactory: The predicted peak approximated the envelope
of the nonlinear time-history analysis results, even though some cases were overestimated
(e.g., model: Model-Tf44, ground motion: UTO0416, Figure 25b). The variation of the
predicted peak due to the assumed complex damping ratio (β) depends on the ground
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motion. In some cases, the largest peak was obtained when β was 0.30 (e.g., model: Model-
Tf34, ground motion: UTO0416, Figure 24b), while in other cases, the largest peak was
obtained when β was 0.10 (e.g., model: Model-Tf34, ground motion: TCU, Figure 24c).

Figure 22. Comparison of the horizontal distributions of the peak displacement at level 0 (model: Model-Tf34, ground
motion: Art-1 series).

Figure 23. Comparison of the horizontal distributions of the peak displacement at level 0 (model: Model-Tf44, ground
motion: Art-1 series).

Figure 24. Comparison of the peak relative displacements at X3AY3 (Model-Tf34): (a) UTO0414; (b) UTO0416; (c) TCU;
(d) YPT.
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Figure 25. Comparison of the peak relative displacements at X3AY3 (Model-Tf44): (a) UTO0414; (b) UTO0416; (c) TCU;
(d) YPT.

Figure 26 shows comparisons of the horizontal distribution of the peak displacement
at level 0. In this figure, the Model-Tf34 results are shown, with the results for UTO0414
shown in Figure 26a and those for TCU shown in Figure 26b.

Figure 26. Comparison of the horizontal distributions of the peak displacement at level 0 (model: Model-Tf34) for
(a) UTO0414 and (b) TCU.
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The predicted horizontal distribution of the peak displacement in the Y direction was
notably different from the envelope of the time-history analysis in the case of UTO0414, as
shown in Figure 26a. In the predicted distribution, the largest displacement occurred at X1A
(the flexible side in the Y direction); meanwhile, in the envelope of the time-history analysis
results, the displacement at X1A was the smallest. Conversely, the predicted horizontal
distribution of the peak displacement in the Y direction fits the envelope of the time-history
analysis in the case of TCU very well, as shown in Figure 26b. In the predicted distribution,
the largest displacement occurred at X1A, which is consistent with the envelope of the
time-history analysis results. The modal displacement responses at X1A and X6A (the stiff
side in the Y direction) are compared and discussed further in Section 5.5.

One of the motivations of this analysis was to evaluate the seismic performance of
the retrofitted building models under the recorded motions from the 2016 Kumamoto
earthquake. It has already been reported in a previous study [44] that the seismic capacity
evaluation of the main building of the former Uto City Hall indicate that the structure was
insufficient to withstand the earthquake that occurred on 14 April 2016. Therefore, the drift
of the superstructure was examined as follows.

Figure 27 shows comparisons of the peak drift for the three columns in Model-Tf34
in cases with UTO0414 and UTO0416. The peak drifts for the three columns obtained
from the nonlinear time-history analysis results were smaller than 0.4%. The largest peak
drift occurred for column A3B3 on the second story, with a value of 0.12% in the case of
UTO0414 (Figure 27a) and a value of 0.30% in the case of UTO0416 (Figure 27b). Therefore,
the seismic performance of Model-Tf34 was excellent for the motions recorded during the
2016 Kumamoto earthquake. Figure 28 shows comparisons of the peak drift of Model-Tf44.
Similar observations can be made for Model-Tf44. Comparisons of Figures 27 and 28
indicate that the peak drift of Model-Tf44 was smaller than that of Model-Tf34. These
figures also illustrate that the accuracy of the predicted peak depends on the column,
with the accuracy in column A1B1 being satisfactory and that in column A3B3 being
less satisfactory.

Figure 27. Comparison of the peak drift for the columns (Model-Tf34) with (a) UTO0414 and (b) UTO0416.
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Figure 28. Comparison of the peak drift for the columns (Model-Tf44) with (a) UTO0414 and (b) UTO0416.

Figures 29 and 30 show the peak displacements at two isolators (X1AY6 and X6AY1) for
various angles of incidence of seismic input (ψ). In these figures, the displacement of each
isolator was calculated as the absolute (vector) value of the two horizontal directions, and
the predicted peaks are shown by the colored lines. As shown in these figures, the upper
bounds of the peak displacement of the isolators can be satisfactorily evaluated using the
updated MABPA presented in this study.

Figure 29. Peak displacement at isolators for various angles of incidence of seismic input (Model-Tf34): (a) UTO0414;
(b) UTO0416; (c) TCU; (d) YPT.
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Figure 30. Peak displacement at isolators for various angles of incidence of seismic input (Model-Tf44): (a) UTO0414;
(b) UTO0416; (c) TCU; (d) YPT.

These figures also indicate that the variation in the peak displacement of the isolators
due to the angle of incidence of the seismic input is noticeable, e.g., in the cases of TCU
and YPT, for both models. This point is discussed in Section 5.

5. Discussion

Here, there are four points of focus: (i) The relationship between the maximum
momentary input energy and the peak equivalent displacement of the first modal response
and its predictability from the pushover analysis results, (ii) the predictability of the
maximum momentary input energy of the first modal response from the bidirectional VΔE
spectrum, (iii) the accuracy of the predicted peak equivalent displacements of the first and
second modal responses, and (iv) the contribution of the higher mode to the displacement
response at the edge of level 0.

5.1. Calculation of the Modal Responses

Figure 31 shows the calculation flow for the first and second modal responses from
the nonlinear time-history analysis results. This procedure is based on the procedure
originally proposed by Kuramoto [62] for analyzing the nonlinear modal response of
a non-isolated planer frame structure extended to analyze that of three-dimensional
base-isolated structures.

Next, the momentary input energy of the first modal response per unit mass was
calculated as follows. From the time-history of the equivalent displacement of the first
modal response (D1U

∗(t)), the momentary input energy of the first modal response per
unit mass was calculated as:

ΔE1U
∗

M1U
∗ = −

t+Δt∫
t

.
D1U

∗(t)agU(t)dt. (25)
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Figure 31. Calculation flow for the first and second modal responses.

In Equation (25),
.

D1U
∗(t) is the derivative of D1U

∗(t) with respect to t, agU(t) is the
ground acceleration component of the U-axis (the principal axis of the first modal response
corresponds to D1U

∗
max = max{|D1U

∗(t)|}), and Δt is the duration of a half cycle of the
first modal response. The maximum momentary input energy of the first modal response
per unit mass (ΔE1U

∗
max/M1U

∗) is the maximum value of ΔE1U
∗/M1U

∗ calculated by
Equation (25) over the course of the seismic event. Figure 32 shows the definition of the
maximum momentary input energy of the first modal response per unit mass. As shown
in this figure, the half cycle when the maximum equivalent displacement (D1U

∗
max) occurs

corresponds to the half cycle when the maximum momentary energy input occurs.
The equivalent velocity of the maximum momentary input energy of the first modal

response (VΔE1U
∗) and the response period of the first modal response (T1

′) were calculated
such that:

VΔE1U
∗ =

√
2ΔE1U

∗max/M1U
∗, (26)

T1
′ = 2Δt. (27)

5.2. Relationship between the Peak Equivalent Displacement and the Maximum Momentary Input
Energy of the First Modal Response

Figures 33 and 34 show comparisons between the VΔEμ1U
∗–D1U

∗ curve and the
VΔE1U

∗–D1U
∗

max relationship obtained from the nonlinear time-history analysis, with
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the results of Models Tf34 and Tf44 shown in Figures 33 and 34, respectively. These figures
confirm that the VΔEμ1U

∗–D1U
∗ curve fits the plots obtained from the time-history analysis

results very well. This is because the contribution of the first modal response to the whole
response may be large: The effective modal mass ratio of the first mode with respect to the
U-axis is large (more than 0.7) in both Models Tf34 and Tf44.

Figure 32. Definition of the maximum momentary input energy of the first modal response per unit mass (structural model:
Model-Tf44, ground motion: TCU, angle of incidence of seismic input: ψ = −30◦): (a) Hysteresis of the first modal response
and (b) time-history of the momentary energy input.

Figure 33. Comparison between the VΔEμ1U
*–D1U

* curve and the VΔE1U
*–D1U

*
max relationship obtained from the time-

history analysis (Model-Tf34): (a) Art-1 series; (b) Art-2 series; (c) UTO0414; (d) UTO0416; (e) TCU; (f) YPT.

Therefore, the accuracy of the predicted D1U
∗

max relies on the accuracy of the predicted
VΔE1U

∗, which is discussed in the next subsection.
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5.3. Comparison of the Maximum Momentary Input Energy and the Bidirectional Momentary
Input Energy Spectrum

Figure 35 shows the prediction of VΔE1U
∗ from the bidirectional VΔE spectrum for Model-

Tf34. The plots shown in this figure indicate the nonlinear time-history analysis results.

Figure 34. Comparison between the VΔEμ1U
*–D1U

* curve and the VΔE1U
*–D1U

*
max relationship obtained from the time-

history analysis (Model-Tf44): (a) Art-1 series; (b) Art-2 series; (c) UTO0414; (d) UTO0416; (e) TCU; (f) YPT.

Figure 35. Prediction of VΔE1U
* from the bidirectional VΔE spectrum and its accuracy (Model-Tf34): (a) Art-1 series;

(b) Art-2 series; (c) UTO0414; (d) UTO0416; (e) TCU; (f) YPT.
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In most cases, the bidirectional VΔE spectrum with complex damping β = 0.10 ap-
proximated the upper bound of the plot of the time-history analysis results, as shown
in Figure 35a,b,e,f. However, in the other cases shown in Figure 35c,d, the plots of the
time-history analysis results were below those of the bidirectional VΔE spectrum.

From the comparisons between the predicted VΔE1U
∗ and that obtained from the

time-history analysis results, the predicted VΔE1U
∗ provided a conservative estimation,

except in the case of the Art-2 series shown in Figure 35b. This is because the predicted
response points correspond to the “valley” of the bidirectional VΔE spectrum, therefore
making the predicted VΔE1U

∗ smaller.
Figure 36 shows the prediction of VΔE1U

∗ from the bidirectional VΔE spectrum for Model-
Tf44. Similar observations to those made for Model-Tf34 can be made for Model-Tf44.

Based on the above results, it can be concluded that that bidirectional VΔE spectrum
can approximate the upper bound of the equivalent velocity of the maximum momentary
input energy of the first mode VΔE1U

∗. As shown in Equation (25), ΔE1U
∗/M1U

∗ was
calculated from the ground acceleration component of U-axis, while the contribution of
V-axis was none. Therefore, it is easily expected that the upper bound of the maximum
momentary input energy of the first mode can be approximated by the bidirectional maxi-
mum momentary input energy. Comparisons between the unidirectional and bidirectional
VΔE spectra can be found in Appendix B. Therefore, the upper bound of VΔE1U

∗ can be
properly predicted using the bidirectional VΔE spectrum.

Figure 36. Prediction of VΔE1U
* from the bidirectional VΔE spectrum and its accuracy (Model-Tf44): (a) Art-1 series;

(b) Art-2 series; (c) UTO0414; (d) UTO0416; (e) TCU; (f) YPT.

5.4. Accuracy of the Predicted Peak Equivalent Displacements of the First and Second
Modal Responses

Figure 37 shows the accuracy of the predicted peak equivalent displacement of the
first and second modal responses, D1U

∗
max and D2V

∗
max, respectively, for Model-Tf34. The

predicted peak in the case of complex damping β = 0.10 approximated the upper bound of
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the time-history analysis results, except when the ground motion dataset was the Art-2
series (Figure 37b) or YPT (Figure 37f).

Figure 38 shows the accuracy of the predicted D1U
∗

max and D2V
∗

max for Model-Tf44.
The predicted peak in the case of β = 0.10 approximated the upper bound of the time-history
analysis results in all cases.

It is also observed from Figures 37c–f and 38c–f that the largest D1U
∗

max and D2V
∗

max
did not occur simultaneously. To understand this phenomena, Figures 39 and 40 show
D1U

∗
max and D2V

∗
max for varying angles of incidence of the seismic input (ψ) for both

models. As shown here, the angle where the largest D2V
∗

max occurred was different from
the angle where the largest D1U

∗
max occurs, with the difference between the two angles

being approximately 90◦. This was clearly observed in the cases of TCU and YPT for
both models.

Based on the above discussion, the upper bound of the peak equivalent displacements
of the first and second modal responses, D1U

∗
max and D2V

∗
max, can be predicted by the

updated MABPA.

Figure 37. Accuracy of the predicted peak equivalent displacements of the first two modes (Model-Tf34): (a) Art-1 series;
(b) Art-2 series; (c) UTO0414; (d) UTO0416; (e) TCU; (f) YPT.

The variation in D1U
∗

max and D2V
∗

max due to the angles of incidence of the seismic
input ψ may explain the variation in the peak displacement of the isolatiors shown in
Figures 29 and 30. As the example, the response of Model-Tf44 subjected to YPT ground
motion was focused on. From Figure 40c, the angle (ψ) at which the largest D1U

∗
max

occurred was −30◦. While the peak displacement at isolator X1AY6 shown in Figure 30c,
the peak displacement at the angle (ψ) of −30◦ was close to the largest peak value. On the
contrary, the peak displacement at isolator X6AY1 at the angle (ψ) of −30◦ was close to the
smallest peak value.
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Figure 38. Accuracy of the predicted peak equivalent displacements of the first two modes (Model-Tf44): (a) Art-1 series;
(b) Art-2 series; (c) UTO0414; (d) UTO0416; (e) TCU; (f) YPT.

Figure 39. Peak equivalent displacements of the first two modes for various directions of seismic input (Model-Tf34):
(a) UTO0414; (b) UTO0416; (c) TCU; (d) YPT.
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Figure 40. Peak equivalent displacements of the first two modes for various directions of seismic input (Model-Tf44):
(a) UTO0414; (b) UTO0416; (c) TCU; (d) YPT.

5.5. Contribution of the Higher Mode to the Displacement Response at the Edge of Level 0

As discussed in Section 4.2.2, the accuracy of the predicted horizontal distribution
of the peak response at level 0 depends on the ground motion dataset. According to
Model-Tf34, the predicted largest peak displacement in the Y direction occurred at X1A (the
flexible side in the Y direction), while the envelope of the nonlinear time-history analysis
results indicates that the largest peak occurred at X6A (the stiff side in the Y direction), the
opposite side to X1A in the case of UTO0414, as shown in Figure 26a. Conversely, in the
case of TCU shown in Figure 26b, the envelope of the time-history analysis results indicates
that the largest peak occurred at X1A, which is consistent with the predicted results. In this
subsection, the modal response at level 0 is calculated and discussed.

From the time-history of the displacement at the center of mass of level 0, the horizon-
tal displacement in the Y direction at point j on level 0 can be calculated as:

dY0j(t) = y0(t)− LX0jθ0(t). (28)

In Equation (28), LX0j is the location of point j in the X direction from the center of
mass of level 0. Therefore, the modal response of the horizontal displacement at point j can
be calculated as:

dY0j1(t) = Γ1U
(
φY01 − LX0jφΘ01

)
D1U

∗(t), (29)

dY0j2(t) = Γ2V
(
φY02 − LX0jφΘ02

)
D2V

∗(t), (30)

dY0jh(t) = dY0j(t)−
{

dY0j1(t) + dY0j2(t)
}

. (31)

Figure 41 shows comparisons of the modal responses at the edge of level 0. The
structural model shown in this figure is Model-Tf34, the input ground motion dataset is
UTO0414, and the angle of incidence of the seismic input (ψ) is −75◦, the angle at which
the largest peak response at X1A occurs. Note that “All modes” is the response originally
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obtained from the time-history analysis results (dY0j(t)), “First mode” and “Second mode”
are the first and second modal responses (dY0j1(t) and dY0j2(t), respectively), and “Higher
mode” is the higher (residual) modal response calculated from Equation (31) (dY0jh(t)).

In the response of X1A, shown in Figure 41a, the contribution of the higher modal
response was non-negligible, even though the contribution of the first modal response
was predominant. In addition, the sign of the higher modal response at the time the
peak response occurred at X1A was opposite to that of the “All mode” response, with the
contribution of the higher mode reducing the peak response at X1A.

In the response of X6A, shown in Figure 41b, the contribution of the first modal
response was negligibly small and those of the second and higher modal responses were
noticeable. In addition, the sign of the higher modal response at the time the peak response
occurred at X6A was the same as that of the “All mode” response, with the contribution of
the higher mode increasing the peak response at X6A.

This indicates that the reason why the largest peak response in the envelope of the
time-history analysis results occurred at X6A (not at X1A) in the case of UTO0414 can be
explained by the contributions of the higher modal response. In the case of UTO0414, the
contribution of the higher modal response was non-negligibly large.

Another comparison is made in Figure 42 for the structural model Model-Tf34, the
input ground motion dataset TCU, and an angle of incidence of the seismic input (ψ) of
60◦, where the angle of the largest peak response at X1A occurs. In the response of X1A,
shown in Figure 42a, the contribution of the first modal response was predominant, while
that of the higher modal response was small. Meanwhile, in the response of X6A, shown in
Figure 42b, the contribution of the first modal response was negligibly small and those of
the second and higher modal responses were noticeable.

Figure 41. Comparisons of the modal responses at the edge of level 0 (structural model: Model-Tf34, ground motion:
UTO0414, angle of incidence of seismic input: ψ = −75◦): (a) X1A and (b) X6A.
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Figure 42. Comparisons of the modal responses at the edge of level 0 (structural model: Model-Tf34, ground motion: TCU,
angle of incidence of seismic input: ψ = 60◦): (a) X1A and (b) X6A.

Therefore, the accuracy of the predicted horizontal distribution of the peak response
at level 0 relies on the contribution of the higher modal response. The envelope of the
time-history analysis results was notably different from the predicted results in the case of
UTO0414, because the contribution of the higher modal response was significant. Mean-
while, the predicted results were close to the envelope of the time-history analysis results
in the case of TCU because the contribution of the higher modal response was small. To
confirm this, Table 6 lists the equivalent velocities of the maximum momentary input
energy predicted from the bidirectional VΔE spectrum (complex damping ratio (β) of 0.10)
for the two cases. In this table, the values of the first and second modal responses are those
predicted using MABPA, while the value of the third mode was predicted assuming that
the effective period (T3e f f ) equals the natural period in the elastic range (T3e). This table
confirms that the contribution of the third mode may be noticeable in the case of UTO0414,
while it may be small in the case of TCU.

Table 6. Equivalent velocities of the maximum momentary input energy predicted from the bidirec-
tional VΔE spectrum (β = 0.100).

Ground
Motion Set

First Mode
VΔE(T1eff )

(m/s)

Second
Mode

VΔE(T2eff )
(m/s)

Third Mode
VΔE(T3e)

(m/s)

Ratio
(2nd/1st)

Ratio
(3rd/1st)

UTO0414 0.4108 0.4232 0.7151 1.030 1.741
TCU 0.7575 0.7319 0.2519 0.9662 0.3325

5.6. Summary of the Discussions

In this section, the discussions are focused on the four points that are important to
discuss the accuracy of MABPA. The summary of the discussions are as follows.
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The relationship between the maximum momentary input energy and the peak equiv-
alent displacement of the first modal response was discussed in Section 5.2. The results
confirmed that the VΔEμ1U

∗–D1U
∗ curve obtained from pushover analysis results fit the

plots obtained from the time-history analysis results very well. This is because the contri-
bution of the first modal response to the whole response may be large in both Models Tf34
and Tf44.

Then, the predictability of the maximum momentary input energy of the first modal re-
sponse was discussed in Section 5.3. The results confirmed that bidirectional VΔE spectrum
can approximate the upper bound of the equivalent velocity of the maximum momentary
input energy of the first mode VΔE1U

∗. This is because that the maximum momentary input
energy of the first mode was calculated from the unidirectional input in U-axis, while the
effect of simultaneous bidirectional input was included in the calculation of bidirectional
VΔE spectrum automatically.

Since (a) the VΔEμ1U
∗–D1U

∗ curve can be properly predicted from the pushover analy-
sis results, and (b) the upper bound of the equivalent velocity of the maximum momentary
input energy can be predicted via the bidirectional VΔE spectrum, the largest peak equiva-
lent displacement should be predicted accurately. The accuracy of the predicted equivalent
displacements of the first and second modal responses was discussed in Section 5.4. The
results confirmed that the upper bound of the peak equivalent displacement of the first
and second modal responses can be predicted accurately.

Although the upper bound of the peak equivalent displacement of the first and second
modal responses can be predicted accurately, the accuracy of the predicted horizontal
distributions of the peak displacement at level 0 depends on the ground motion dataset.
Section 5.5 discussed the contribution of the higher mode to the displacement response at
the edge of level 0. The results showed that higher modal responses may not be negligible
for the prediction of the peak displacement at the edge of level 0. In the MABPA prediction,
only the contributions of the first and second modal responses were considered. Therefore,
a discrepancy of the predicted results from the time-history analysis may occur because of
the lack of a contribution from the higher modal responses.

6. Conclusions

In this study, the main building of the former Uto City Hall was investigated as a case
study of the retrofitting of an irregular reinforced concrete building using the base-isolation
technique. The nonlinear peak responses of two retrofitted building models subjected to
horizontal bidirectional ground motions were predicted by MABPA, and the accuracy of
the method was evaluated. The main conclusions and results are as follows:

• The predicted peak response according to the updated MABPA agreed satisfactorily
with the envelope of the time-history analysis results. The peak relative displacement
at X3AY3 at each floor can be satisfactorily predicted. The predicted distribution of the
peak displacement at level 0 (just above the isolation layer) approximated the envelope
of the nonlinear time-history analysis results, even though in some cases, the predicted
distributions differed from the envelope of the nonlinear time-history analysis. A
discrepancy between the predicted results and nonlinear time-history analysis may
occur because of the lack of a contribution from the higher modal responses.

• The relationship between the equivalent velocity of the maximum momentary input
energy of the first modal response (VΔE1U

∗) and the peak equivalent displacement
of the first modal response (D1U

∗
max) can be properly evaluated from the pushover

analysis results. The plots obtained from the nonlinear time-history analysis results fit
the evaluated curve from the pushover analysis results well.

• The upper bound of the peak equivalent displacements of the first two modal re-
sponses can be predicted using the bidirectional VΔE spectrum [52]. Comparisons
between the predicted peak equivalent displacements and those calculated from the
nonlinear time-history analysis results showed that the predicted peak approximated
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the upper bound of the nonlinear time-history analysis results. The upper bound of
VΔE1U

∗ can be approximated by the bidirectional VΔE spectrum.

Based on the above findings, the updated MABPA appears to predict the peak re-
sponses of irregular base-isolated buildings with accuracy. However, MABPA still has two
shortcomings. The first shortcoming is the limitation of the applicability of MABPA. As
discussed in a previous study [43], the application of MABPA is limited to buildings classi-
fied as torsionally stiff buildings. The current (updated) MABPA has the same restriction.
This limitation can be avoided if the torsional resistance of the isolation layer is sufficiently
provided, as shown in this study. The second shortcoming involves the contributions of
the higher modal responses. In the original MABPA for non-isolated buildings, only the
first two modes were considered for the prediction. Therefore, the prediction was less
accurate for cases when the response in the stiff-side perimeter was larger than that in the
flexible-side perimeter. The contributions of the third and higher modal responses need to
be investigated.

Another aspect of this study to be emphasized is the application of the bidirectional
VΔE spectrum for the prediction of the peak response of a base-isolated building. The
results shown in this study imply that the bidirectional VΔE spectrum [52] is a promising
candidate for a seismic intensity parameter for the peak response. As discussed in a
previous study [53], one of the biggest advantages of the bidirectional momentary input
energy is that it can be directly calculated from the Fourier amplitude and phase angle of
the ground motion components using a time-varying function of the momentary energy
input, without knowing the time-history of the ground motion. This means that researchers
can eliminate otherwise unavoidable fluctuations from the nonlinear time-history analysis
results. Therefore, the pushover analysis and the bidirectional VΔE spectrum are an optimal
combination to understand the fundamental characteristics of both base-isolated and
non-isolated asymmetric buildings.

The optimal distribution of the hysteresis dampers according to the design of the
isolation layer needed to minimize the torsional response was not discussed in this study.
However, the updated MABPA presented here can help in the optimization of the damper
distribution. The next update of MABPA for base-isolated irregular buildings with other
kinds of dampers (e.g., linear and nonlinear oil dampers, viscous mass dampers, and other
kings of “smart passive dampers” [19]) is also an important issue that will be investigated
in subsequent studies.
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Appendix A. Time-Histories of the Recorded Ground Motions Used in This Study

Table A1 shows the date of event, magnitude (Meteorological Agency Magnitude
MJ , or moment magnitude MW), location of the epicenter, distance, and station name of
each record. Figures A1–A4 show the time-histories and orbits of the original ground
motion records.

Table A1. Event date, magnitude, location of the epicenter, distance, and station name of each record.

ID Event Date Magnitude Distance Station Name
Direction of Components

ξ-Dir ζ-Dir

UTO0414 14 April 2016 MJ = 6.5 15 km K-Net UTO
(KMM008) EW NS

UTO0416 16 April 2016 MJ = 7.3 12 km K-Net UTO
(KMM008) EW NS

TCU 20 September
1999 MW = 7.6 0.89 km * TCU075 Major ** Minor **

YPT 17 August 1999 MW = 7.5 4.83 km * Yarimca Major ** Minor **

* This distance is the closest distance from the rupture plane defined in the Pacific Earthquake Engineering Research Center (PEER) database,
while those from the Japanese database are the epicentral distances. ** Horizontal major and minor axes were determined following the
works of Arias [63] and Penzien and Watabe [64].

Figure A1. Two components of the recorded ground motion (UTO0414): (a) ξ direction; (b) ζ direction; (c) orbit.

Figure A2. Two components of the recorded ground motion (UTO0416): (a) ξ direction; (b) ζ direction; (c) orbit.
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Figure A3. Two components of the recorded ground motion (TCU): (a) ξ direction; (b) ζ direction; (c) orbit.

Figure A4. Two components of the recorded ground motion (YPT): (a) ξ direction; (b) ζ direction; (c) orbit.

Appendix B. Comparisons of the Unidirectional and Bidirectional VΔE Spectra

Figure A5 shows the comparisons of the unidirectional and bidirectional VΔE spectra
for Art-1 and Art-2 series. In this figure, the unidirectional VΔE spectrum was calculated as
the maximum obtained from the linear time-history analysis using all possible rotations
between 0◦ and 360◦ degrees with intervals of 5◦. Viscous damping (damping ratio 0.10)
was considered, while the bidirectional VΔE spectrum was calculated using the time-varying
function described in Section 2.2.1. Two damping models, complex and viscous damping
(damping ratio 0.10), were considered. Note again that the bidirectional VΔE spectrum
calculated from time-varying function is independent of phase-shift. As shown in this
figure, the bidirectional VΔE spectrum approximates the maximum of the unidirectional
VΔE spectrum.

Figure A6 shows comparisons of the unidirectional and bidirectional VΔE spectra for
recorded ground motion datasets. In this figure, the maximum, minimum, and medium
of the set of geometrical means obtained using all possible rotations between 0◦ and 90◦
(GMRotD50) defined by Boore et al. [65] of unidirectional VΔE spectra are shown. As
shown in this figure, the bidirectional VΔE spectrum approximates the maximum of the
unidirectional VΔE spectrum.
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Figure A5. Comparisons of the unidirectional and bidirectional VΔE spectra for artificial ground motion datasets: (a) Art-1
series and (b) Art-2 series.

Figure A6. Comparisons of the unidirectional and bidirectional VΔE spectra for recorded ground motion datasets:
(a) UTO0414; (b) UTO0416; (c) TCU; (d) YPT.
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Abstract: The shear walls are essential seismic elements to increase buildings bearing capacity against
earthquakes. In mid- and high-rise buildings, shear walls are subjected to predominant bending
deformation under earthquakes, and the responses in upper floors increase. In order to utilize the
shear walls appropriately, previous studies proposed to install shear walls until a certain building
level, referred to as the curtailed wall. However, the upper frame structure without shear walls
suffered significant deformation during earthquakes compared to the lower stories. Therefore, the
objective of this study is to present structural configuration for buildings with curtailed shear walls
by installing buckling-restrained braces (BRBs) in the upper frame to reduce its deformation under
earthquakes. Firstly, the analysis accuracy was verified by simulating the experimental results of
four sets of scaled frames with curtailed walls tested on a shaking table. Then, ten- and twenty-
story plane frames with the different heights of curtailed walls were created, and their nonlinear
responses to earthquake ground motions were evaluated. The genetic algorithm was applied to
establish the optimum BRB locations to satisfy the design criteria. It was proved that using BRBs at
specific locations in upper frames can significantly improve the seismic response of buildings with
curtailed walls.

Keywords: seismic response; optimization; curtailed shear wall; buckling-restrained brace; genetic
algorithm

1. Introduction

1.1. RC Frame with Curtailed Wall

In the earthquake-prone area, the reinforced concrete (RC) shear wall is used together
with the RC frame to increase the bearing capacity and rigidity against earthquakes. For
low-rise to mid-rise buildings, it is appropriate to install the RC shear walls up to the top
floor. Studies by Estekanchi et al. [1], Xia et al. [2], Bhatta et al. [3], and Bhat et al. [4]
suggested that installing RC shear walls with the full height of the high-rise building is not
effective. The reason is that the multi-story shear walls in a high-rise building are subjected
to predominant bending deformation under earthquakes, and the inter-story deformation
of the building increases in the upper floors.

On the other hand, in order to utilize the shear walls, a design method was proposed
using shear walls until a certain level of the building. This shear wall is generally called the
curtailed wall. Studies by Rathi et al. [5], Nollet et al. [6,7], and Atik et al. [8,9] suggested
that the optimum height of the curtailed shear walls adopted for RC frames depends on
several parameters such as the ratio of wall flexural rigidity to frame shear rigidity, axial
stiffness coefficient, and the top deflection of the building. However, these studies [5–9]
use only a linear approach without considering the nonlinear dynamic behavior of the
building. Based on the results of nonlinear dynamic analysis of RC frames with curtailed
shear walls, Costa et al. [10] and Paulay and Priestley [11] pointed out that the structure
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above the curtailed shear wall has a significant inter-story drift. It is a challenge to reduce
this notable large inter-story drift.

Therefore, the objective of this study is to propose a new structural system for the
buildings with curtailed shear walls by installing buckling-restrained braces (BRBs) in the
upper frame to reduce its deformation under earthquakes.

1.2. Implementation of BRBs

Adding BRBs to RC frames was proven to be effective in improving the seismic
response of buildings, especially in reducing inter-story drift. There were many previous
studies regarding the optimum usage and location of BRBs. One approach to optimizing
BRB usage in frame structures is by using a Genetic Algorithm (GA). The study by Farhat
et al. [12] used the total weight, volume, or cost produced after adding BRB as the fitness
function of GA. Oxborrow and Richards [13] and Oxborrow [14] utilized the parameters
of building responses such as the building displacement, inter-story drift, and ductility
response against earthquake ground motions for the fitness function. Park et al. [15]
adopted the damage cost expected during the structure’s life cycle for the parameter.
Similar studies were performed by Mohammadi et al. [16], Tu et al. [17], Fujishita et al. [18],
and Terazawa and Takeuchi [19,20].

In this study, the optimum location of BRBs is discussed based on the fitness function
considering the damage index of structural members defined by the Park–Ang [21,22].

1.3. Numerical Analysis to Model Seismic Behavior of RC Structures

In order to conduct the study, a numerical approach is required to model the seismic
behavior of reinforced concrete structures appropriately. Several studies were performed
by previous researchers using several types of numerical techniques, such as Finite Element
Method (FEM) and Applied Element Method (AEM). The FEM subdivides a large system
into smaller and simpler parts, assembles the parts into the global system, and solves
the problem by minimizing an associated error function. The AEM takes a different
approach by simulating the structure by virtually dividing it into discrete elements linked
by normal and shear springs at precise contact locations on the elements’ surfaces [23].
AEM application examples in nonlinear dynamic analyses are available, such as the study
of seismic rehabilitation of masonry buildings using FRP by Fathalla and Salem [24] and
the study of seismic debris field for collapsed RC frame buildings by Sediek et al. [25].

In this study, nonlinear structural seismic response analyses are employed using
STERA_3D, a software developed by the co-author [26]. In the previous study by Maulana
et al. [27], STERA_3D was used to conduct seismic response analyses for RC setback
buildings, and the results were considerably matched with experimental shaking table tests.

1.4. Objective of This Study

This study is conducted according to the following procedures:

a. In order to verify the accuracy of the nonlinear analysis using the STERA_3D (Struc-
tural Earthquake Response Analysis 3D) [26] software, four sets of RC frame–wall
specimens tested by a shaking table [28] were analyzed, and the nonlinear responses
were compared with the test results.

b. Two 5-bays two dimensional (2D) RC frames with 10 stories and 20 stories using
three different coverage percentages of RC shear walls were analyzed to examine the
damage concentration at the upper part of the structure without walls.

c. A new structural system for RC frames with curtailed walls by installing BRBs in
the upper stories was proposed, and the optimum location of BRBs was obtained
by employing the Genetic Algorithm. Three parameters were adopted to assess the
genetic algorithm’s fitness function, namely the number of BRBs, the inter-story drift
response, and the damage indices of beam elements.
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2. Simulation of RC Frames with Curtailed Walls Tested by Shaking Table

The accuracy of the software STERA_3D was examined by analyzing four frame
specimens with curtailed walls of different heights tested on a shaking table by Moehle
and Sozen [28]. The experiment was reported in 1980. It was stated that the overall test
structure configuration was determined by the equipment limitations at that time. The
structural elements were chosen so that the wall height effect on the seismic response of
multi-story RC wall–frame structures could be inspected.

2.1. Simulation Method of RC Frame Analysis

The experiment was conducted to investigate the response of RC frames with different
wall heights against strong earthquakes. Figures 1–3 present the structural element sections,
the elevation view, and the plan view with connection details of the specimen. The specimen
has nine stories and three bays with curtailed walls in the center. Shaking table experiments
were conducted in the x-direction for three specimens with different heights of the curtailed
walls. Names of the specimens were FNW, FSW, FHW, and FFW, where FNW is the frame
with no wall, FSW is the frame with a one-story wall, FHW is the frame with a half wall
(four-story wall), and FFW is the frame with a full-height wall.

The design concrete compressive strength was 38 MPa, and the tensile strength of
the steel rebar was 399 MPa. The total weight of the specimens was 40.87 kN, and each
story weight is about 4.55 kN. The experimental raw data, which consists of the specimens’
dimensions, strengths, input seismic motions, displacement responses, and acceleration
responses, were obtained from Datacenterhub [29].

Figure 1. Beam, column, and wall element sections used in experimental tests by Moehle and Sozen
(dimension in mm).
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Figure 2. Elevation view of the test specimen by Moehle and Sozen (dimension in mm).

Figure 3. Plan view of the test specimen by Moehle and Sozen; showing connection between RC
frames, weighting plates, and RC shear walls (dimension in mm).

2.2. Input Ground Motion

The specimens were tested on the shaking table subjected to the El Centro 1940 Impe-
rial Valley earthquake, and the original time interval was divided by 2.5, considering the
scale factor of the specimen. In order to attain a required amount of inelastic response, the
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peak acceleration was amplified to roughly 0.4 g. The recorded ground motion accelerations
at the shaking table are shown in Figure 4 for each specimen.
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Figure 4. Four accelerations recorded at the shaking table test during experiments.

2.3. Simulation Method of RC Frame-Wall Analysis

Nonlinear dynamic analyses of the specimens were performed using the STERA_3D
version 10.8, a program developed by one of the co-authors [26]. STERA_3D is a three-
dimensional software for seismic analysis of buildings with a variety of structures devel-
oped for educational and research purposes. STERA_3D features a graphical interface for
quickly and easily creating building models and visualizing the results. The beam and
column elements are modeled as line elements with two nonlinear bending springs at
both ends and one nonlinear shear spring at the middle, as shown in Figure 5. The end
displacement vector was obtained from Equation (1) as the sum of the displacement vector
of each component. The RC column section was modeled by using the multi springs model,
originally proposed by Lai, Will, and Otani in 1984 [30], as shown in Figure 6. The wall
was modeled as a line element with a nonlinear shear spring and a nonlinear bending
spring in the middle. The nonlinearity in the model is considered in both flexural spring
and shear spring, as illustrated in Figures 7 and 8. Figure 9 shows the model for the RC
wall element, where ks is the stiffness of the nonlinear shear spring, kb is the stiffness of the
nonlinear bending spring, and kn is the stiffness of the axial spring. The floor is assumed to
be rigid for in-plane deformation; therefore, the two RC frames and RC wall are deforming
conjunctively. The viscous damping was modeled as the proportional damping using the
spontaneous stiffness matrix with a 1% damping factor. All the details of implemented
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modeling technique are available in STERA_3D Technical Manual [26]. The analytical
models of the specimens in the STERA_3D are illustrated in Figure 10a–d.
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where:

θ: is the total rotation at the element joint;
δx: is the element deformation at direction x;
τ: is the elastic element rotation;
φ: is the nonlinear element rotation due to bending;
η: is the nonlinear element rotation due to shear.

Figure 5. Elastic, nonlinear bending, and nonlinear shear springs for elements modeled by STERA_3D [26].

Figure 6. RC Column section modelling using multi-spring models: (a) original column section, and
(b) multi-spring model idealization [26].
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Figure 7. Moment-rotation relationship at bending spring for nonlinearity consideration in structural
elements [26].

Figure 8. Force-deformation relationship at shear spring for nonlinearity consideration in structural
elements [26].

Figure 9. Wall element idealization in STERA_3D [26].

Figure 10. STERA_3D models of test specimens.
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2.4. Results of Comparison

The responses of acceleration and displacement at the top floor were calculated and
compared with the experimental data, as shown in Figures 11 and 12. Since the experimental
and numerical results only had a slight difference, it is considered adequate to use the
STERA_3D for further nonlinear response analyses of buildings with curtailed walls.

Figure 11. Comparison of displacement response between Experiment and STERA_3D analysis.
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Figure 12. Comparison of acceleration response between Experiment and STERA_3D analysis.

3. Response Characteristic of Frame Buildings with Curtailed Walls

3.1. Models of Frames with Curtailed Shear Walls

An analytical study was conducted for the reinforced concrete frames of ten and
twenty-story with curtailed shear walls. Three different ratios of the curtailed wall heights
were selected as 30%, 50%, and 70% of the total height of the structures. Each structure
had five bays, and the span length was 6400 mm. The story height was 3000 mm, and the
story weight was 3000 kN. In total, there are six types of building models. Each model was
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then named with the unique code based on its total height and wall percentage coverage:
1030, 1050, 1070, 2030, 2050, and 2070. Figure 13 shows the illustration of the models.
Tables 1–3 show the detail of building dimensions and the concrete strengths. The tensile
strength of main and shear reinforcement rebars for all members are 490 MPa and 295 MPa,
respectively. The model was designed to satisfy the criteria of Japanese design standards.

Figure 13. Ten-story (top) and twenty-story (bottom); 30%, 50%, and 70 % of curtailed shear wall
(in mm).

Table 1. Structural parameters of RC columns.

Story B × D (mm) Main Rebar Shear Rebar
Concrete Strength, fc

(MPa)
Rebar Strength, fy

(MPa)

20–11 850 × 800 16D32 2D13 @ 100 mm 36

49010–6
900 × 900 16D38 2D13 @ 100 mm 42
900 × 850 16D35 2D13 @ 100 mm 42

5–1
900 × 900 16D38 2D13 @ 100 mm 48
900 × 850 24D38 2D13 @ 100 mm 48

Table 2. Structural parameters of RC beams.

Story B × D (mm) Top Bar Bottom Bar Shear Bar fc (MPa) fy (MPa)

20–16 600 × 800 4D22 4D22 4D13 @ 100 mm 36

490

15–11 600 × 800 4D32 4D32 4D13 @ 100 mm 36

10–6 600 × 800
4D32 4D32 4D13 @ 100 mm

424D25 4D25 4D13 @ 100 mm

5–1 600 × 800
6D32 6D32 4D13 @ 100 mm

484D29 4D29 4D13 @ 100 mm

56



Appl. Sci. 2022, 12, 2423

Table 3. Structural parameters of RC walls.

Story Thickness (mm) Shear Reinforcement fc (MPa)

20–11
150 2D13 @ 150 mm

36
10–6 42
5–1 48

3.2. Input Earthquake Ground Motions

Ten input motions were selected and scaled so that the maximum inter-story drift
response is equal to 1/75 of the inter-story height. Table 4 is the list of earthquake ground
motions, and Figures 14 and 15 show their acceleration response spectra and the wave forms
before scaling. Table 5 shows the scale factors to obtain the same maximum inter-story drift
ratio of 1/75.

Table 4. List of earthquake ground motions.

No Event Year Station Component
Original Max. Acc.

(m/s2)
Code

1 Imperial Valley 1940 El Centro NS 3.41 ELC
2 Kern County 1952 Taft EW 1.52 TAF
3 Chi-chi 1999 CHY080 360 DEG 8.36 CHI
4 Northridge 1994 Arleta-Nordhoff Ave Fire Station 90 DEG 3.37 NOR
5 Loma Prieta 1989 Saratoga-Aloha Ave 0 DEG 4.94 LOM
6 Valparaiso, Chile 1985 Vina del Mar 200 DEG 3.55 CHILE
7 Villita, Mexico 1985 Guerrero Array Stn VIL N00W 1.25 MEX
8 Cape Mendocino 1992 Petrolia 0 DEG 5.78 CAPE1
9 Cape Mendocino 1992 Rio Dell-101/Painter St. Overpass 270 DEG 3.78 CAPE2
10 Kobe 1995 JMA NS 8.17 KOB

Table 5. Amplification scale of input motions to produce maximum inter-story drift of 1/75 building
inter-story height.

Earthquake
Scale
1030

Scale
1050

Scale
1070

Scale
2030

Scale
2050

Scale
2070

ELC 1.158 0.891 0.968 0.957 0.945 1.176
KOB 0.998 0.724 1.150 1.731 1.620 1.451
TAF 1.162 1.229 1.074 1.221 1.328 1.668
CHI 1.003 0.665 1.002 1.268 1.200 1.217
NOR 0.938 0.977 1.375 1.798 1.512 1.805
LOM 0.846 0.992 1.341 1.020 0.808 1.059

CHILE 0.740 0.721 0.776 1.427 0.980 1.057
MEX 1.445 1.172 1.672 1.372 1.504 1.843

CAPE1 1.138 0.750 0.942 1.506 1.350 1.388
CAPE1 1.085 1.042 1.062 1.572 1.171 1.462

Figure 14. Acceleration response spectrum of original earthquake ground motions.
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Scaled 1940 El Centro NS, Peak: 5.11 m/s² Scaled 1952 Taft EW, Peak: 4.96 m/s² 
  

 
Scaled 1999 Chi-chi 360 DEG, Peak: 4.34 m/s² Scaled 1994 Northridge 90 DEG, Peak: 4.17 m/s² 

 
Scaled 1989 Loma Prieta, Peak: 5.97 m/s² Scaled 1985 Chile 200 DEG, Peak: 5.78 m/s² 

 
Scaled 1985 Mexico N00W, Peak: 3.18 m/s² Scaled 1992 Cape Mendocino 0 DEG, Peak: 5.98 m/s² 

 
Scaled 1992 Cape Mendocino 270 DEG, Peak: 4.22 m/s² Scaled 1995 Kobe NS, Peak: 4.49 m/s² 
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Figure 15. Original ten time history acceleration waves of earthquake motions.

3.3. The Response of RC Frame-Curtailed Walls

The inter-story drift responses of RC frame-curtailed walls under ten earthquake input
motions are depicted in Figure 16. From all nonlinear analyses, it is observed that after
the wall coverage is stopped, the drift is then significantly increasing, and it makes a big
difference in story drift between the upper part frame without walls and the lower part
frame with walls. It is necessary to make all specimens have the same state of inter-story
drift before the optimization is performed. Although the location of the peak inter-story
drift is different for each earthquake, the scale for input motions in Table 5 is successfully
implemented to produce the same maximum inter-story drift of 4 cm, which corresponds
to the story drift ratio of 1/75.
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Figure 16. Inter-story drift of six specimens under ten selected input motions.
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4. Optimum Arrangement of BRBs for RC Frames with Curtailed Walls

4.1. Implementation of Genetic Algorithm

The Genetic Algorithm (GA) is a form of optimization algorithm inspired by natural
selection. It is a population-based search algorithm that makes use of the survival of the
fittest concept [31]. In this algorithm, the population is subjected to a series of transforma-
tion processes, including mutation and crossover. Individuals in a population compete for
survival by following a predetermined selection process to become the next generation.
After a few generations, the best individual will represent the ideal solution.

The objective of this section is to decide the optimum locations of buckling-restrained
braces (BRBs) to reduce the story drift in the upper part of the frames with curtailed walls.
In order to optimize the best location of BRBs, the genetic algorithm (GA) is adopted in this
study. In the GA, the strings represented by binary numbers are candidate solutions to the
problem. These solutions are referred to as chromosomes, and the binaries are referred to
as genes. A fitness function, formed as a formula to achieve, is predetermined to select a
candidate solution’s relative fitness, which the GA subsequently uses to guide the evolution
of reasonable solutions.

In order to apply the GA in this study, the availability of BRB in the 2D frame structures
is indicated using binary, which means the value will be zero if there is no BRB and one if
there is a BRB. A set of binary numbers indicate the whole availability of BRB and their
locations. These sets are associated with three main parameters to calculate the objective
function. Then, six sets are initially generated randomly, and these sets are gathered to be
an initial population during the GA process. The process is illustrated in Figure 17.

Figure 17. The diagram of BRBs location to binaries for Genetic Algorithm optimization process.

4.2. Procedures

The genetic algorithm consists of the following processes. The general process is
shown in Figure 18.

a. Initialization: The initial population of candidate solutions is generated randomly
across the search space. Each generation contains six solutions per population;

b. Evaluation: After the population is initialized, the fitness values of the candidate
solutions are evaluated using the determined fitness function;

c. Selection: Selection is performed by ranking the solution based on the fitness function,
and it imposes the survival-of-the-fittest mechanism on the candidate solutions;

d. Crossover: In this step, the first half of the first solution is combined with the last half
of the second solution to produce a new population for the next generation;

e. Mutation: The modification is made by randomly changing one digit of the binaries;
f. Replacement: In this step, the new population in the newest generation will replace

the other population if the fitness function value is closer to the determined target;
g. The steps b to f are repeated until one or more stopping criteria are met.
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Figure 18. The general process of Genetic Algorithm sample.

4.3. Initial Population

A set of the initial population was created using the parameters such as number of
spans (nbays), number of stories (nstory), and number of shear wall story coverage (nwall), with
the number of solutions for each population (spp) is defined as the following Equation (2).

Population_size = (spp, ((nbays − 2)× (nstory − nwall))) (2)

4.4. Determination of Objective and Fitness Function

The binaries number produced in step one is then transferred to the STERA_3D to
recreate the frame with BRBs. The nonlinear dynamic response is then performed with
ten ground motions to obtain the inter-story drift and the damage index of beams. These
parameters were used to calculate the objective function, together with the total number of
BRBs. The fitness function is defined as the sum of three conditions: the total number of
BRBs, inter-story drift, and the damage index of the RC members, as shown in Equation (3).

Minimize : f = w1φ1 + w2φ2 + w3φ3 (3)

where:

w1, w2, w3: Weighting factors, with w1 = 0.3, w2 = 2, and w3 = 0.2 (based on the trial);
φ1: Condition for total number of BRBs;
φ2: Condition for story drift;
φ3: Condition for damage index of RC members.
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The parameter φ1 is the contribution effect of the number of BRBs. The φ1 is calculated
using Equation (4).

φ1 =
1

5(N − k)

N

∑
i=k+1

nD,i (4)

where:

nD,i: Number of BRBs in i-th story;
N: Total number of stories;
k: Top story number of the curtailed wall.

The parameter φ2 is the effect of the maximum inter-story drift. The φ2 is defined
by Equations (5) and (6), where it is zero if the maximum inter-story drift is less than the
allowable drift δallow, which equals 1/100 of the inter-story height.

φ2 =
1

(N − k)

N

∑
i=k+1

Ωi (5)

Ωi =

{
0, i f δmax,i < δallow
δmax,i
δallow

, i f δmax,i ≥ δallow
(6)

where:

δmax,i: The maximum story drift in i-th story;
δallow: Allowable story drift.

The parameter φ3 is the effect of the damage index of the RC members. The φ3 is
defined by Equation (7). In this equation, the average damage index between the left side
and the right side of the beam element is adopted.

φ3 =
1

5(N + 1 − k)

N

∑
i=k

(
5

∑
j=1

(
DIBL,i + DIBR,i

2

))
(7)

where:

j: The inspected bays number;
DIBL,i: Damage index of beam on the left joint;
DIBR,i: Damage index of beam on the right joint.

The damage index (DI) is expressed by Equation (8) based on the structural deforma-
tion and the hysteretic energy response due to seismic excitations.

DI =
um

uu
+ β

Eh
Fyuu

(8)

where:

um: Maximum displacement response of structure element due to earthquake;
uu: Ultimate displacement capacity under monotonic loading;
Eh: Hysteretic energy dissipated by the structural element;
Fy: Yield force;
β: Non-negative parameter based on repeated loading effect.

4.5. BRBs Strengths

The BRB applied for the RC frame structure with the curtailed wall is chosen based
on the study performed by Naqi and Saito [32]. This adoption consideration is taken on
account of the similarity in the building’s type, height, and dimensions. The applied BRB
strength detail for this study are elaborated in Table 6 and Figure 19.
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Table 6. Strength of BRB adopted in study 1.

Structural Parameters of BRB Members

Story K0 (kN/mm) K1/K0 Fy (kN)

20–16 80 0.02 520
15–11 80 0.02 520
10–6 100 0.02 650
5–4 120 0.02 780

Figure 19. The adopted BRB’s bilinear hysteresis.

4.6. Simple Probabilistic Method to Determine the Final BRB Arrangement

The optimum positions of BRBs under selected ten earthquake ground motions are
different for each ground motion. Figures 20 and 21 show the distribution of BRBs location,
added with the color, which indicates the probability of occurrence of BRBs location, based
on the optimization from 10 different ground motions. The value in the panel is between 0
and 1, where 0 means there are no BRB and 1 means all 10 input motions determine that
there is BRB in that panel. The final BRBs locations are then selected ascendingly based on
the higher value of possibility.

4.7. Response of RC Frame-Wall with Final BRB Arrangement under the Scaled Motions

The optimized locations of BRBs for six RC frame structures with curtailed walls were
selected based on the GA and the simple probabilistic method. The seismic performance
improvement after the BRBs placement is presented in Figure 22 for models with 10 stories
and Figure 23 for models with 20 stories. The red straight lines indicate the average inter-
story drift of RC frame with different wall heights before adding the BRB, while the black
straight lines are after placing BRBs. Especially at the upper region of walls, the inter-story
drift is improved from 1/75 of inter-story height to 1/100.
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Figure 20. Implementation of BRBs placement for 10 stories based on optimization under 10 input
motions.
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Figure 21. Implementation of BRBs placement for 20 stories based on optimization under 10 input
motions.
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Figure 22. Comparison of inter-story drift distribution of frame-curtailed wall structure without
BRBs and with BRBs for 10 stories.
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Figure 23. Comparison of inter-story drift distribution of frame-curtailed wall structure without
BRBs and with BRBs for 20 stories.
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5. Conclusions

The seismic performance of RC frame structures with different heights of shear walls
was studied numerically under the nonlinear dynamic analysis.

First, four sets of previous experimental one-directional test models by Moehle and
Sozen [28] comprising RC frames with different wall height coverages were modeled and
analyzed by the STERA_3D. The simulation results matched well with the test results.

Then, 10-story and 20-story RC frames with 30%, 50%, and 70% wall coverages were
generated and analyzed using the STERA_3D. The results show that the upper region
where the wall coverage stops has a significant response of inter-story drift. In order to
decrease the seismic response at the upper region of the frame without wall coverage, the
installation of BRBs was proposed.

The genetic algorithm is applied to determine the optimum locations of BRBs by
considering three main parameters in the fitness function: the inter-story drifts, the damage
index of the beams, and the total number of BRBs. Under ten selected earthquake motions,
the optimum locations of BRBs were found to be different for each motion. Thus, a
simple probabilistic method is employed to select the final locations of BRBs. The method
successfully reduced the average inter-story drifts from 1/75 to 1/100 and gave a better
seismic response at the upper region.
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Abstract: The seismic safety of existing building stock has become a very critical issue in recent years,
mainly in earthquake-prone South Europe where most of the buildings were designed before the
enforcement of seismic standards. Therefore, the concept, development and testing of efficient and
cost-effective seismic retrofitting technologies are nowadays strongly needed, both for the society and
for the scientific community. This study deals with the seismic assessment of a new RC-framed skin
for retrofit intervention of existing buildings, evaluated through nonlinear static (pushover) analyses.
A preliminary description of the proposed technology is provided, then numerical modeling of
a typical RC existing building before and after retrofitting intervention is performed within the
OpenSees framework. The results revealed that the proposed retrofitting technology improves the
seismic performance of the RC building, also modifying the failure mode from a brittle soft-story
mechanism to a more ductile one. The presented study, dedicated to the structural aspects of the
system, is part of the TIMESAFE research project, where the thermo-hygrometric and acoustic
performances achievable by the proposed RC-framed skin are also investigated.

Keywords: RC-framed skin; seismic assessment; nonlinear static analysis; existing RC buildings;
retrofitting intervention

1. Introduction

The seismic inadequacy of masonry and reinforced concrete (RC) existing building
stock has been tragically highlighted by the strong earthquakes occurred in the last decade
in South Europe. Actually, a number of these buildings, not designed according to seismic
standards (they are commonly named gravity load designed, GLD, buildings), collapsed
or were severely damaged causing the loss of human lives and significant economic
losses. Moreover, most of these existing buildings have reached their nominal service life,
exhibiting a significant decay of structural performance due to degradation phenomena,
often not properly handled by an adequate maintenance program. Therefore, the need
of efficient and cost-effective seismic retrofitting methods has become a priority for the
society and for the scientific community in order to fulfill modern standards such as the
Eurocodes (e.g., [1,2]).

In the last twenty years a number of systems have been proposed, developed, and
experimentally tested for RC buildings retrofitting; see [3] for a thorough review carried
out by subdividing the seismic upgrading techniques in two categories, i.e., local and
global approaches depending on the level at which they operate: on single element or on
the structure as a whole. Among others, in [4] externally anchored precast wall panels
have been used for the seismic retrofitting of RC frame, with a significant reduction of the
construction period and a limited invasiveness.

More recently, a number of technological systems developed for energy and seismic
renovation intervention have been proposed, see [5] for a comprehensive state of the art of

Appl. Sci. 2021, 11, 9835. https://doi.org/10.3390/app11219835 https://www.mdpi.com/journal/applsci71



Appl. Sci. 2021, 11, 9835

interventions techniques for RC-framed buildings. These integrated solutions are typically
based on realization of an external seismic-resistant system. In this way, the interruption of
the use of the building during the intervention is also avoided, which represents significant
cost and social saving. Concerning intervention techniques for existing RC buildings, in [6]
an innovative technique for the simultaneous seismic-energy retrofitting of old buildings
has been proposed, by combining inorganic textile-based composites with thermal insula-
tion. A technological double skin exoskeleton with dissipative elements has been proposed
in [7], while a new RC infilled frames connected to the existing ones has been studied in [8].
An integrated solution based on an earthquake resistant exoskeleton constituted by steel
braced frames has been proposed in [9]. Similarly, in [10] the idea of external steel exoskele-
tons has been investigated for multiple retrofitting alternatives. Finally, Cross Laminated
Timber (CLT) panels have been also suggested for the external integrated energy-seismic
retrofitting of existing RC buildings. As an example, in [11] the possibility of replacing
existing masonry infill walls in RC frame buildings with CLT panels has been investigated.
It is worth underling the high potential of such an intervention technique (e.g., low cost
and invasiveness, low time of realization, and low carbon material use), even if the related
theoretical study and experimental testing are still at a preliminary stage.

In this paper, the seismic performances of the new RC-framed skin for retrofit inter-
vention on existing buildings developed within the TIMESAFE project [12] are analyzed by
discussing the results of a number of nonlinear static (pushover) analyses carried out on
both existing and retrofitted RC buildings.

The main features of the proposed RC-framed skin, briefly summarized in the next
section, are thoroughly described in [13] where also its feasibility and sustainability are
investigated by means of a holistic Life Cycle Assessment for environmental impact and
Life Cycle Cost for an economic evaluation.

2. RC-Framed Skin for Retrofit Intervention on Existing Buildings

In this section, the main structural characteristics of the proposed RC-framed skin
technology are briefly presented, together with a description of the in situ installation
phases, which allow avoiding the interruption of use of the building and significantly
reducing the invasiveness of the intervention.

Figure 1 shows the detail of the proposed retrofitting technology, which consists of
a RC frame rigidly connected to the external façade of the existing building by means of
anchor rods placed at every floor level. The anchor rods must be designed to guarantee
the respect of the hierarchy of strength principle, i.e., the connections must be sized to
withstand with adequate over-strength the shear actions, so behaving elastically for the
target seismic action.

The RC-framed skin is casted on site by using prefabricated expanded polystyrene
(EPS) modules as formwork, which ensures also the thermal enhancement of the building.

The proposed system is characterized by a modular geometry with variable dimen-
sions for both beams and columns, variable RC reinforcement, and variable column in-
terspace. All these parameters can be designed to achieve a specific target of seismic
safety level. Actually, the geometric parameters of EPS modules, strictly related to both
the cross sections and interspace of frame elements, can be optimized depending on the
characteristics of the existing building and of the selected seismic action.

In detail, columns can be designed with a square cross-section in the range 150 to
300 mm, while the transversal beams with a rectangular cross-section with base equal
to the side of the column plus 50 mm and height variable in the range 300 to 500 mm.
Typical column interspace is 1200 mm, but some adjustments are usually required to fit the
façade opening geometry. The beams are placed in contact and connected with the existing
structure in order to maximize the effectiveness of the connection system.
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Figure 1. RC-framed skin.

Concerning the transversal reinforcement layout of the frame elements, continuous
spirals are designed for the columns and rectangular stirrups for the beams. It is worth not-
ing that, in order to ensure adequate confinement of the beam-column joint, the continuous
spiral reinforcement of the column is provided across the joint itself.

The geometry of the system, and particularly of the EPS modules, is specifically
shaped to realize an additional thick plaster on the external surface of the building. The
external finishing plaster is reinforced with a steel mesh pre-assembled on the EPS modules
and connected to the reinforcement of RC-framed skin by means of anchor rods.

The proposed retrofitting technology aims to limit invasiveness and interruption
of use of the building; therefore, one of the main advantages of this technology is the
possibility of working from the outside without internal intervention, by applying the
RC-framed skin to the external façades.

The construction of the retrofitting system is of the platform type (i.e., floor by floor
starting from the bottom) and consists of three main phases: (a) preparation of the façade
and construction of the foundation beam; (b) installation of the prefabricated EPS modules
and casting of the reinforcement frame; (c) realization of the external plaster and finishing
of the façade, see [13] for the details.

It is worth noting that the existing foundation system may be inadequate for the
new actions transmitted by the RC-framed skin, then, a simple connection to the existing
foundation beams can be insufficient. In those cases, a retrofit of the foundation system may
be needed. Nevertheless, the proposed technology provides for widespread interventions
along the entire perimeter of the building, so generally leading to lower actions to the
foundation if compared to the case of more localized retrofitted intervention, such as the
addition of new shear walls.

3. Numerical Strategies

The structural behaviors of a typical GLD multi-story RC frame building constructed
without any seismic detail, and of the same building retrofitted by using the proposed
RC-framed skin technology, are investigated by means of nonlinear static analysis. The
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Open System for Earthquake Engineering (OpenSees) framework [14] is adopted with the
pre- and post-processor Scientific ToolKit for OpenSees (STKO) [15].

The modal analysis is performed to study the natural frequencies of both the existing
and the retrofitted building, in order to compare the fundamental periods and evaluate the
related displacement patterns, which are then assumed as the “modal” patterns within the
nonlinear static analysis, according to Eurocode 8 [1].

3.1. Nonlinear Static Analyses

Concerning the nonlinear static analyses, after the application of the vertical loads,
two vertical distributions of the lateral loads are applied, respectively: (i) a “uniform”
pattern, based on lateral forces that are proportional to mass and (ii) a “modal” pattern,
proportional to lateral forces consistent with first mode pattern obtained by the performed
modal analysis. The structural performances of the existing and of the retrofitted building
are discussed and compared in terms of capacity curves, i.e., the relations between base
shear force and control node (top) displacement. In detail, peak shear force, ductility,
and mode of failure are thoroughly evaluated and some considerations concerning the
improvement obtained by retrofitting intervention are provided.

The numerical models are realized using a lumped plasticity approach with finite
length of plastic hinges. Beams and columns are modelled as force-based nonlinear ele-
ments adopting the iterative flexibility formulation with the integration method proposed
in [16], i.e., a modified two-point Gauss–Radau integration over each hinge region, so guar-
anteeing that localized deformations are integrated over the specified plastic hinge length.
The length of the plastic hinge is evaluated according to the relation A.9 of EN1998-3 [2]:

Lpl =
Lv

30
+ 0.2h + 0.11

dbL fy√
fc

(1)

where Lv is the shear span assumed equal to half the length of the element, h is the cross-
section depth, dbL is the mean diameter of the tension reinforcement, and fc and fy are the
concrete compressive strength (MPa) and the steel yield strength (MPa), respectively. The
P-Delta effect is considered for the columns in all the performed nonlinear static analyses.

The constitutive model adopted for concrete is the one proposed by Mander et al. [17]
(based on the equation proposed by Popovics [18]) for both existing RC building and
RC-framed skin, while the model proposed by Menegotto-Pinto model, as modified by
Filippou et al. [19], is adopted for steel. In the concrete model, a zero tensile strength
is assumed and the compressive stress is set equal to zero when the crushing strain
is achieved.

The concrete model adopted in the column cross section’s core accounts for the effects
of passive confinement. To this aim, the formulation proposed in Mander et al. [17] is
considered in this work both for existing columns (with rectangular stirrups) and for the
columns of the reinforcing RC-framed skin (with circular spirals).

Concerning the implementation phase, for the columns of the reinforcing RC-framed
skin, an ad-hoc GUI (Graphical User Interface) for STKO [15] has been specifically devel-
oped providing a utility for users to input easily the geometric and material characteristics
and computing automatically the effect of confinement on core material. In particular, the
plugin recognizes the class of constitutive model adopted for cover concrete in OpenSees
(e.g., Concrete01, Concrete02, Concrete04, etc.) and computes the effect of confinement
according to several formulations, including the one developed by Mander et al. [17],
adopted in this work as recommended in EN1998-3 [2] and Italian National Standard [20].
Finally, the plugin creates on the fly (when the model runs) a new material for core concrete
(confined) of the same class of the unconfined concrete. Of course, the user always has
the possibility to specify a customized confined material law when he does not want to
use the plugin automatism. The window of the GUI for the reinforcing column of the
RC-framed skin is shown in Figure 2, where both the constitutive laws adopted in this
work for confined and unconfined concrete are depicted in terms of stress-strain curve.
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Figure 2. GUI developed for RC-framed skin column accounting automatically for effect of confinement.

3.2. Structural Capacity Assessment

After the nonlinear static analyses, both ductile and brittle mechanisms (i.e., shear)
capacities are evaluated for all elements according to EN1998-3 [2].

In detail, for ductile mechanism, capacity checks are performed at the element level,
evaluating the chord rotation demand and the corresponding capacity at the ends of each
structural element (both beams and columns). The total chord rotation capacity at ultimate
limit state (Near Collapse, NC) is evaluated according to the relation A.1 of EN1993-3 [2]:

ϑu,m =
1

γel
0.016·(0.3ν)

[
max(0.01; ω′)
max(0.01; ω)

fc

]0.225(
min

(
9;

LV
h

))0.35
25(αρsx

fyw
fc

)
(

1.25100ρd
)

(2)

where γel is equal to 1.5 for primary seismic elements and to 1.0 for secondary seismic
elements; ν is the axial load ratio; ω, ω′ are the mechanical reinforcement ratios of the
tension (including the web reinforcement) and compression longitudinal reinforcement;
α is the confinement effectiveness factor; ρsx, ρd are the ratios respectively of transverse
steel parallel to the direction x of loading, and of diagonal reinforcement (if any), in each
diagonal direction; fyw is the stirrup yield strength (MPa). For RC existing frame designed
without detailing for earthquake resistance, the value given by (1) must be divided by the
factor 1.2.

Moreover, all the mean values of material strengths should be divided by the appropri-
ate confidence factors based on the Knowledge Level, EN1998-3 [2]. The assessment with
respect to Life Safety (LS) limit state refers to a chord rotation capacity equal to 3ϑu,m/4.
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For brittle mechanism, the shear demand is compared with the cyclic shear capacity
for all elements evaluated according to the relation A.12 of EN1993-3 [2] (with units: MN
and meters):

VR = 1
γel,s

[
h−x
2Lv

min(N; 0.55Ac fc) +
(

1 − 0.05min
(

5; μ
pl
Δ

))
·
[
0.16max(0.5; 100ρtot)

(
1 − 0.16min

(
5; Lv

h

))√
fc Ac + Vw

]] (3)

where γel,s is equal to 1.15 for primary seismic elements and to 1.0 for secondary seismic
elements; x is the compression zone depth; N is the compressive axial force (positive, taken
as being zero for tension); Ac = bw · d with bw the width and d the effective depth of the
cross-section; ρtot is the total longitudinal reinforcement ratio; Vw is the contribution of
transverse reinforcement to shear resistance. According to the Biskinis model [21], adopted
in EN1998-3 [2], the decrease of shear strength is assumed as a function of the plastic part
of ductility demand μ

pl
Δ = μΔ − 1 that can be calculated as the ratio between the plastic

part of the chord rotation and the chord rotation at yielding. Note that shear resistance
of primary seismic elements should be evaluated by adopting mean values of material
strengths divided by the appropriate confidence factors based on the Knowledge Level
and also by the partial factors for materials in accordance with EN1998-1 [22].

In the following analyses, a unitary confidence factor is assumed with the aim of
evaluating the level of improvement attainable by adopting the proposed retrofitting
technology in the limit case of maximum Knowledge Level for the existing building.

The attainment of ductile and brittle failures in the first elements, according to
Equations (2) and (3), is marked in the capacity curves using for chord rotation capac-
ity a yellow circle and for shear capacity a green triangle. Moreover, the type of elements
where the limit is reached is highlighted by the letter C for column and B for beam (see
also [23]).

Actually, the capacity curves are not interrupted when the first limit condition is
reached but they continue up to a loss of at least 15% of the peak base shear capacity
(according to Italian National Standard [20]), since the attainment of failure (whether ductile
or brittle) in the first element is not assumed corresponding to failure of the whole structure,
due to the ‘conventional’ nature associated with the definition of ultimate limit conditions.

For both RC existing and retrofitted building, in correspondence of specific steps of
the loading history, the frame elements’ state is represented to highlight where the limit
conditions are reached, and the inter-story drift distribution is provided in order to support
the interpretation of failure mechanisms and the validation of retrofitting measures.

4. Existing RC Frame

In this section the geometry, the loading conditions, and the material characteristics of
a typical GLD multi-story RC frame representative of the Italian residential building stock
of the 1970–1980s are described. Then, the main issues related to the numerical modeling
approach adopted to assess the seismic performance of the selected building are illustrated
and the results of static nonlinear analyses are presented.

4.1. Geometry and Loading Conditions

The selected building presents a rectangular plan with 14.30 m × 18.30 m dimensions
and 3.30 to 3.50 m inter-story height, Figure 3. The geometrical characteristics of frame
elements, as well as their reinforcement ratios, have been derived from a simulated design
performed only for gravity load, according to the technical standards and design rules in
force in the 1980s.
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(a) (b) 

Figure 3. Three-story RC building: (a) Plan; (b) transversal view (units in cm).

The building has four lateral-load resisting frames along the transversal X direction,
with constant beam cross-section 300 mm × 400 mm. Along the longitudinal Y direction,
there are only two external frames where the columns are connected through a flat beam
with cross section 300 mm × 240 mm. All the columns have the same cross-section,
300 mm × 300 mm. The reinforcement layouts of the typical cross-sections of the frame
elements are shown in Figures 4 and 5. It is worth remarking that all RC elements are
designed without any seismic detail.

Gravity loads are represented by a dead load of 5.00 kN/m2 on the top floor and
6.0 kN/m2 on the other floors. The live load is assumed 1.2 kN/m2 on the top floor and
2.0 kN/m2 on all the other floors corresponding to residential category (i.e., imposed load
on floors, category A according to EN 1991-1-1 [24]). An average weight of 6.25 kN/m per
unit length has been considered for external masonry infills.

4.2. Numerical Modeling

In this section, some issues related to the numerical modeling of the existing building
are provided and the main results of pushover analyses are presented. All the displace-
ments and rotations of the existing RC frame base nodes are fully restrained.

Figure 4. Three-story RC building. Reinforcement layout of RC element cross-sections: column and external flat beams in
the weak Y direction (units in mm).
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Figure 5. Three-story RC building. Reinforcement layout of RC element cross-sections: beams in the strong X directions
(units in mm).

4.2.1. Material Properties

The material properties of both concrete and steel reinforcement of the existing build-
ing are summarized in Table 1. The concrete is assumed as a C25 grade according to
Model Code 2010 [25], and the corresponding mean compressive value is evaluated as
fcm = fck + Δ f with Δ f = 8 MPa [25]. The mean yield strength, the hardening ratio, and the
ultimate strain of steel reinforcement are evaluated by means of STIL software developed
by Verderame et al. [26], based on an extensive database of experimental tests on reinforcing
bars collected from samples of the second half of the last century. In particular, almost
2500 samples of steel were selected within the period 1970 and 1990, computing the mean
and standard deviation of yield strength, hardening ratio, and ultimate strain.

Table 1. Material properties for existing RC frame.

Material Property Value

Concrete: C25
Mean compressive strength 33 MPa

Strain at peak stress 0.002
Ultimate strain 0.006

Steel: FeB44k
Mean yield strength 510 MPa

Hardening ratio 1 1.52
Ultimate strain 21.7%

1 The hardening ratio is defined as ultimate strength over yield strength fu/ fy.

4.2.2. Nonlinear Static Analysis

In this section, the main results in terms of capacity curves and distribution of plastic
hinges at different time steps of the analysis are presented for both the strong and the weak
directions, e.g., the X and Y direction, respectively.

As for the plastic hinge lengths, according to relation (1), for the existing frame they
are in the range 300–330 mm for the deep beams, depending on their length, 290 mm for
the flat beam, and 235 mm for the columns.

The results in terms of base shear vs. top displacement curves are reported for X
(strong) direction in Figure 6a and for Y (weak) direction in Figure 6b. In both cases, the
two distributions of the lateral loads are applied, according to the first mode and to a
uniform pattern proportional to mass. The capacity in terms of base shear is, in the weak Y
direction, about half with respect to X direction. The attainment of the LS chord rotation
capacity in the first column of the existing frame occurs after about 30 mm from the peak
in both pushover analyses (uniform and modal) in the X direction, while for the analyses
in the Y direction the rotation capacity of the first column at the ground floor is achieved
just after the beginning of the softening branch. Moreover, in Y direction the flat beams
achieve their shear capacity close to the peak of the curve.
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(a) (b) 

Figure 6. Capacity curves for RC existing building: (a) X direction; (b) Y direction. A yellow circle indicates the attainment
of the LS chord rotation capacity and a green triangle the attainment of the shear capacity. The type of elements where the
limit is reached is marked by the letter C for column and B for beam.

The failure mechanisms can be inferred by observing the evolution of the curvatures
of the sections at the column and beam extremities during the analyses, reported in
Figures 7 and 8 for loading in X and Y direction, respectively. Actually, in the X (strong)
direction the first hinges occur at the base of the columns, with some hinges also at the
top sections of the columns in the first and second floor, as shown in Figure 7a. Then, a
soft-story mechanisms is clearly evidenced with plastic hinges in all of the columns of the
ground floor at both base and top sections when the ultimate chord rotation capacity is
attained, as depicted in Figure 7b.

As expected, the behavior in the Y (weak) direction is significantly different, with a
much evident deformability (top displacement at maximum base shear almost three times
greater than in the strong direction) and the formation of plastic hinges on the flat beams
since the first steps of analysis and then a progressive formation of plastic hinges at the
base of columns up to the structural failure (Figure 8).

  
(a) (b) 

Figure 7. RC existing building, uniform pushover. Curvature distribution corresponding to a top displacement in X
direction of: (a) 50 mm; (b) 95 mm (attainment of the LS chord rotation capacity). Red line X direction, green line Y direction.
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(a) (b) 

Figure 8. RC existing building, uniform pushover. Curvature distribution corresponding to a top displacement in Y direction
of: (a) 100 mm; (b) 200 mm (attainment of the LS chord rotation capacity). Red line X direction, green line Y direction.

5. Retrofitted Building

In this section, the main characteristics of the existing building retrofitted by adopting
the proposed new RC-framed skin are described, and the results of static nonlinear analyses
are presented.

5.1. Geometry and Reinforcement Details

The proposed RC-framed skin is externally applied to the existing RC building de-
scribed in the previous section and connected at each floor-level using anchor rods designed
to guarantee a properly rigid connection as well as the respect of the hierarchy of strength
principle. EPS modules 1200 mm wide and 325 mm thick are used to clad the structure.
The adopted cross-sections for the RC-framed skin are 250 mm × 250 mm for the columns
and 250 mm × 400 mm for the beams, respectively.

The geometry of the retrofitted building is depicted in Figure 9, where the spacing of
the column is selected according to the opening layout of the existing building. Figure 10
shows the 3D view of retrofitted building, while Figure 11 shows the reinforcement layout
of beam and column cross-sections of the RC-framed skin.

  
(a) (b) 

Figure 9. RC-framed skin applied to the existing RC building with evidenced the opening lay-out: (a) transversal view; (b)
longitudinal view.
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Figure 10. RC-framed skin as reinforcement for the existing RC building: 3D view.

 

 

(a) (b) 

Figure 11. RC-framed skin: (a) reinforcement layout; (b) beam and column cross-sections.

5.2. Numerical Modeling

The RC-framed skin is modeled as connected to the existing structure by means of
kinematic constraints imposing the equality of the horizontal and vertical displacement,
while the base nodes are all fixed.

5.2.1. Material Properties

The material properties of both concrete and steel reinforcement of the RC-framed
skin are summarized in Table 2. The concrete is assumed as a C30 grade according to
Model Code 2010 [25], while the steel reinforcement is assumed equivalent to a B450C type.
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Mean yield strength, hardening ratio, and ultimate strain of steel are taken from available
experimental results [23].

Table 2. Material properties for RC-framed skin.

Material Property Value

Concrete: C30
Compressive strength 38 MPa
Strain at peak stress 0.002

Ultimate strain 0.006

Steel: B450C
Yield strength 514 MPa

Hardening ratio 1 1.19
Ultimate strain 25.3%

1 The hardening ratio is defined as ultimate strength over yield strength fu/ fy.

5.2.2. Nonlinear Static Analysis

In this section, the main results in terms of capacity curves and distributions of plastic
hinges at different time steps of the analysis are presented, for seismic action in X and
Y directions.

The plastic hinge lengths, for the RC-framed skin elements according to relation (1),
are about 280 mm for the beams and 285 mm for the columns.

The results in terms of base shear vs. top displacement curves are reported for X
(strong) direction in Figure 12a and for Y (weak) direction in Figure 12b, for both the lateral
forces distribution, i.e., uniform and modal. Due to the effect of the reinforcing RC-skin
frame, the capacity in terms of base shear is significantly higher than the capacity of the
existing building and the values for actions in X and Y directions are now comparable,
leading to a structure without a weak direction. Actually, the capacity is slightly higher in
the Y direction respect to that in the X direction, since there are more reinforcing columns
along the sides parallel to Y direction. Moreover, it is possible to observe that, in both
directions and for both pushover analyses (uniform and modal force distributions), the LS
chord rotation capacity of the first column of the existing building is achieved just after the
beginning of the softening branch.

  
(a) (b) 

Figure 12. Capacity curves for the retrofitted building: (a) X direction; (b) Y direction. A yellow circle indicates the
attainment of the LS chord rotation capacity and the type of elements where the limit is reached is marked by the letter
C for column.

Figure 13 shows the curvature of the different sections at two steps of the pushover in
X direction with uniform distribution of forces: Figure 13a refers to yielding corresponding
to a top displacement of about 100 mm, while Figure 13b refers to the attainment of ultimate
chord rotation capacity in the columns of the existing building. It is possible to observe
the mechanism with the formation of plastic hinges at the base and the top section of all
the existing columns of the first floor and some of the existing columns of the second floor,
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together with the formation of plastic hinges in the columns of the reinforcement RC-skin
frame in the first and second floor.

  
(a) (b) 

Figure 13. Retrofitted building, uniform pushover in X direction. Curvature distribution corresponding to a top displace-
ment of about: (a) 100 mm; (b) 180 mm (attainment of the LS chord rotation capacity on a column of existing building).

Concerning the pushover in Y direction, Figure 14a depicts the curvature of the
different sections for a top node displacement of about 100 mm: it is possible to observe
that the plastic hinges occur at the bottom and top sections in the reinforcing columns
at the first and second floor while, in the existing frame, the hinges are again at the base
of the columns and on the flat beams. Figure 14b shows the curvature corresponding
to the attainment of LS chord rotation capacity of the columns of the existing building.
It is interesting to note that no shear failure was detected on the existing flat beams, as
opposed to the pushover in Y direction of the existing building without reinforcement (see
Section 4.2.2).

  
(a) (b) 

Figure 14. Retrofitted building, uniform pushover in Y direction. Curvature distribution corresponding to a top displace-
ment of about: (a) 100 mm; (b) 200 mm (attainment of the LS chord rotation capacity on a column of existing building).

6. Discussion

As presented in the previous sections, a set of pushover analyses are carried out on
the existing RC building and on the retrofitted building. In this section, a critical discussion
of the results obtained is provided, also comparing the capacity curves of the unreinforced
and reinforced building with the performance of the RC-framed skin only.

As an example, Figure 15 shows the three curves (unreinforced building, reinforced
building, RC-framed skin only) in the case of uniform pushover analysis, highlighting
the effect of the proposed intervention in terms of maximum shear capacity that increases
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respectively of about 4.5 times in X direction and more than 9 times in Y direction, i.e., the
weak direction of the existing building.

  
(a) (b) 

Figure 15. Uniform pushover analysis. Capacity curves of the existing RC building, the RC-framed skin, and the retrofitted
building: (a) X direction; (b) Y direction.

It is possible also to see that the reinforcing frame increases significantly the stiffness
of the building both in X and Y directions with an increase respectively of about 2 times and
10 times. The last very high value in the weak direction is due to the change of structural
behavior from cantilever-like for the existing building to frame-like for the reinforced
building. Of course, this aspect is important if the reinforcement is designed also to reduce
the displacements and consequent damages to nonstructural components in the case of
moderate earthquakes.

Concerning the displacement capacity, in X direction the displacement corresponding
to the ultimate condition (attainment of ultimate chord rotation in columns) is increased of
about 90%.

Indeed, comparing Figure 13a with Figure 7b it can be observed that, for a given value
of top displacement, the reinforcement reduces the curvature at the bottom sections of the
existing columns of almost 50%, so avoiding the formation of the soft-story mechanism,
because the deformations are better distributed along the height of the existing structure.
On the other hand, in Y direction the ultimate displacement remains substantially the same
if one considers the attainment of ultimate chord rotation, while it increases of about 20% if
one considers the attainment of shear capacity in the flat beams of the existing building
that is avoided in the retrofitted building.

Moreover, it is worth noting that the maximum shear capacity of the retrofitted build-
ing in the strong direction reaches a value higher than the simple superposition of the
existing building and RC-framed skin results of about 20%. This can be ascribed to the
change in the mode of failure of the structure from a brittle soft-story collapse (for the exist-
ing building), to a more ductile one (for the retrofitted building), as described respectively
in Section 4 (see also Figures 7 and 8) and in Section 5 (see also Figures 13 and 14). On the
contrary, in the weak Y direction no difference between shear capacity of the retrofitted
building and the simple sum of capacities of original structure and reinforcement is ob-
served (Figure 15b).

The different failure-mode in the X direction for the retrofitted building with respect
to the original building is also confirmed by the inter-story drift (ISD) distribution along
the building height. Actually, Figures 16 and 17 show the evolution of the distributions
of the ISD in the case of uniform pushover analysis for the existing RC building with
and without retrofit measures. It is worth noting that the existing building exhibits a
significant concentration of ISD in the ground floor story with seismic action in X direction,
while the retrofitted building exhibits a more uniform distribution of drift, so demon-
strating that a uniform distribution of both stiffness and strength is attained through the
retrofit intervention.
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Figure 16. Existing building. Uniform pushover analysis in X direction: evolution of the inter-story drift distributions.

 

 
Figure 17. Retrofitted building. Uniform pushover analysis in X direction: evolution of the inter-story drift distributions.

On the contrary, in the weak Y direction both the existing and retrofitted buildings
(Figures 18 and 19) exhibit a more uniform distribution of drift.
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Figure 18. Existing building. Uniform pushover analysis in Y direction: evolution of the inter-story drift distributions.

 

 
Figure 19. Retrofitted building. Uniform pushover analysis in Y direction: evolution of the inter-story drift distributions.

7. Conclusions

The proposed RC-framed skin consists of cladding the existing building envelope
with an innovative system, obtaining a retrofitted structure with a significant improvement
of seismic performances, other than of energy efficiency, see also [13]. One of the main
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potentials of the proposed technology is the limit of invasiveness and the avoidance of
the interruption of the building use during the intervention. This aspect, together with
a holistic Life Cycle Assessment for environmental impact and a Life Cycle Cost for an
economic evaluation are thoroughly discussed in [13].

Moreover, concerning the seismic behavior, the modularity of the proposed system
allows for the design of the intervention perfectly suited to the specific RC existing building.

Actually, the proposed retrofitting technology overcomes the seismic deficiencies
of most existing RC frame buildings located in earthquake-prone areas, providing the
existing structure with significant increase of stiffness, strength, and often a more ductile
failure model, as demonstrated by the pushover analyses carried out on a GLD existing RC
building, on the RC-framed skin, and on the retrofitted building.

This research represents the preliminary stage of a more comprehensive project:
experimental investigations are currently ongoing to better define the industrial production
of the components, while numerical analyses will be carried out to evaluate the seismic
behavior of different retrofitted buildings located in seismic-prone areas, by varying the
geometry of the reinforcement (cross-section of columns and beams, spacing between
columns) and the intensity of seismic action. Moreover, several configurations of existing
buildings (with different shapes, like rectangular shapes with varying ratio between sides,
or irregular shapes, like T, L, C, etc.) will be addressed in order to investigate the beneficial
effect of the reinforcement RC-skin frame in regularizing the seismic behavior. These
parametric analyses are the base for the definition of an optimization procedure to be
adopted in the design phase of the retrofitting structure for instance in terms of geometric
parameters of EPS modules and reinforcement of the RC-framed skin elements.

Finally, the use of proposed RC-framed skin technology for taller buildings will be
tested. If the number of floors increases, the overall behavior of the reinforcement changes
from a frame-like behavior experienced in the case study presented, to an overall flexural
behavior similar to that typical of tube structures for tall buildings. In this case, also the
stiffness of the transverse beams of the external reinforcement becomes relevant to limit
the typical shear lag phenomenon which can reduce the efficiency of the system in real
applications [27–29].
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Abstract: In Italy, the interest in the industrial areas dates back to 1970, when industry began to
be considered as identity and memory of the population, until 1990, when industrial constructions
became cultural and historical goods. This interest was also justified by the necessity to recover
these often-abandoned sites through structural and seismic interventions. For this purpose, the
cataloguing of the different industrial buildings in Italy was made by the Italian Consortium ReLUIS
“Network of Seismic Engineering University Laboratories”, through the “Cartis Long Spans” form, to
obtain indications on the seismic vulnerability of this built heritage. In the current paper, the seismic
analysis and the combined seismic–energy retrofit of a former reinforced concrete tobacco factory
in Cervinara, within the district of Avellino (Italy), were carried out. This work proposes a seismic
retrofit intervention of the examined structure, erected at the end of the 1960s, based on the use of
steel exoskeletons. The proposed intervention can be seen as a novel strategy for requalification of
industrial buildings, as well as for regeneration and restoration of the value of industrial areas. It was
shown that these devices allow a considerable increase of the seismic safety indices, which attain
values significantly greater than 1, to reach the building retrofitting. Subsequently, a photovoltaic
plant using high-efficiency panels is proposed to provide the entire hub’s energy requirement. It
was found that the annual production/square meterage of the building is between 20% and 60%
lower than that of school and office buildings. As a whole, the analysis results demonstrated that
exoskeletons are an effective intervention to improve the seismic features of the studied industrial
building without neglecting architectural quality, sustainability, and environmental issues.

Keywords: seismic upgrading; RC buildings; industrial buildings; industrial heritage; steel exoskeletons;
photovoltaic plants

1. Introduction

The interest in industrial areas was born in England in 1950 in many different cultural
circles, where growing attention was paid to the industrial revolution evidence. England
was one of the most involved nations in technological, social, and cultural changes caused
by the Industrial Revolutions to have a major role in the protection of the industrial heritage.
From the end of the 19th century to the beginning of the 20th one, intellectual movements,
the so-called trusts, appeared. They made, for the first time, the request of the preservation
of industrial sites and buildings, trying to raise public awareness on these issues. After
World War II, the reconstruction of destroyed cities brought the demolition of many disused
industrial buildings and sites. This caused the opposition of the citizens, who began to
see historical and social value in that kind of heritage. In the late 1960s, the Ironbridge
Gorge Museum Trust was born. It was the first institute for the protection of the industrial
heritage in Ironbridge, where one of the first iron production plants and a famous and
peculiar cast-iron bridge were located. This association aimed to sensitize people through
research, academic, and educational activities.
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In Italy, the interest in the industrial areas dated back to 1970, when industry begins to
be considered as identity and memory of the population. In the second half of the 1970s,
many researchers began to study the industrial heritage and to introduce the concept of
“industrial archaeology”. This term was defined for the first time in 1977 on the “Bulletin of
the Documentation Center for the Industrial Archaeology”, founded in Milan by Eugenio
Battisti [1,2]. In 1980, the productive activities take cultural value and were recognized
as national heritage. One of the most important rehabilitation interventions of a disused
factory dated back to 1982, when the Royal Bourbonic Factory, founded in Naples in 1840,
was recovered and turned into the new National Railway Museum. In addition, the return
of disused industrial areas to the cities was considered as a good opportunity to re-design
the urban tissue. In the 1990s, industrial constructions became cultural and historical
goods producing richness, both in terms of economy and protection of historical, cultural,
and landscape identity of cities and communities [3]. In 1997, the Italian Association
for the Industrial Archaeological Heritage (AIPAI) was born with the aim of analyzing,
cataloguing, preserving, and valuing the industrial heritage and its connections with
cultural and natural goods.

The interest in industrial areas was also justified by the necessity to recover these
often-abandoned sites through appropriate structural and seismic interventions. Recent
earthquakes, including that which occurred in 2012 in the Emilia-Romagna region of Italy,
showed the weakness of new industrial buildings, which collapsed or exhibited serious
damages. For this purpose, the cataloguing of the different industrial buildings located
in the Italian territory was carried out by the Italian Consortium ReLUIS “Network of
Seismic Engineering University Laboratories”. This university consortium elaborated the
so-called “Cartis Long Spans” form to create a map of typological classes of buildings
aiming at giving precise indications on the seismic vulnerability of this built heritage.
Ancient interventions on these buildings were mainly based on steelwork [4], but, more
recently, some other materials and techniques replaced the use of steel systems, whose
design methods were incorporated into manuals and standard codes [5,6]. Nevertheless,
in the cases when it is mandatory to make interventions only outside the building, so
avoiding interrupting its use, applications with steel exoskeletons [7–10] represent one of
the best choices for a global requalification of constructions from architectural, structural,
and environmental viewpoints [11–13].

Starting from these premises, in the current paper, the seismic analysis and the com-
bined seismic–energy retrofit of a former reinforced concrete tobacco factory in Cervinara,
within the district of Avellino (Italy), were carried out. The investigated industrial build-
ing was placed into a disused industrial area containing six RC constructions erected at
the end of the 1960s. This work proposes a seismic retrofit intervention of the examined
structure based on the use of steel exoskeletons. FEM models of the building before and
after seismic interventions was set up by means of the SAP2000 software, which allowed to
perform static nonlinear analyses. Subsequently, a photovoltaic plant using high-efficiency
panels was proposed to provide the entire hub’s energy requirement. The integrated use of
anti-seismic and energy solutions permitted to refurbish the inspected industrial building.

2. Materials and Methods

2.1. Description of the Case Study

The building under investigation is one of the six RC constructions of the area, probably
erected at the end of the 1960s. The building has a plan with a 14.5 × 72.8 m rectangular
shape configuration and is developed on a single story with height of 18 m. The building
is made up of unidirectional RC frames, connected by cross beams at the top, where a
steel trussed roof is placed. All the structural elements have rectangular section, except the
edge beams at the top, characterized by a T-shape. The building is covered by infesting
plants and it is in an advanced state of decay, even though structural elements do not have
important lesions. Pictures of the current building are shown in Figure 1, while in Figure 2
there is a metrical survey of the construction.
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Figure 1. The former tobacco factory in Cervinara: (a) outdoor; (b) indoor.

Figure 2. The former tobacco factory in Cervinara: (a) fourth-floor plan; (b) transverse section A–A’;
(c) south side; (d) east side.

2.2. Characterization of Materials and Soil

As mentioned above, all the structural elements are made of reinforced concrete
and all the frames are filled with hollow brick walls. Since it was not possible to perform
destructive and non-destructive tests on building materials, the mechanical characterization
of materials is carried out thanks to several studies about evolution of mechanical properties
of materials over the years and with in situ tests and visual inspections. All these studies are
based on the Italian standards in force at that time [14]. Therefore, many experimental test
values detected from literature sources on existing RC buildings analogous to the building
under study are considered. This means that the mechanical properties found automatically
consider the decrease of strength and Young’s moduli deriving from environmental actions
and loading history applied. Therefore, the range of values suggested from the literature
sources is considered and, aiming at performing analysis on the safe side, it was decided to
use the lowest value of this range.
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Regarding concrete, according to a literature study [15], it is possible to define three
generations of materials based on the production age:

1. First generation: from 1930 to 1955;
2. Second generation: from 1955 to 1980;
3. Third generation: from 1980 to today.

The industrial building under investigation belongs to the second generation, so the
minimum resistance considered is C12/15, as shown in Figure 3.

Figure 3. Evolution of the concrete strength from 1930 to today [15].

The mechanical properties of reinforcement steel are defined with the “STIL v1.0”
software, which was defined based on extensive research in the field [16–18]. By entering
information about production age and steel bars type, the software indicates the average
values of yield strength fy, hardening ratio fu/fy, and elongation at failure.

In this case, the considered average value of yield strength is 350 MPa. Visive inspec-
tion of degraded elements has allowed to assume the disposition of bars.

With regard to mechanical characterization of the steel trussed roof, a previous study
indicated that steel used in 1960 has properties comparable with S235 steel [19].

According to the Italian standards [20,21], the knowledge level of the structure is
represented by a confidence factor that reduces the values of the mechanical parameters
of the materials. In this case, the confidence factor FC is equal to 1.2, which is the value
representative of an intermediate knowledge level.

Regarding subsoil, surveys carried out by the city of Cervinara during the drafting of
the 2018 Municipal Urbanistic Plan PUC provided a seismic category B with a topographic
category T1, which means a ground slope between 0◦ and 15◦.

2.3. Evaluation of Gravity Loads

The considered building has no intermediate floors and no roof structure, so the only
gravity loads are those deriving from both the vertical framed structures and the walls.

Beams, columns, and walls weights are to be calculated according to Italian Code
NTC 2018, considering concrete specific weight γRC equal to 25.0 kN·m−3 and hollow brick
specific weight γwall equal to 8.0 kN·m−3. In particular, the SAP2000 software allows to
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calculate beams and columns weights automatically, while the infill walls weight Ginfill is
considered as distributed load on the beams with a value of 915.78 kN·m−1.

The presence of openings is considered as percentage decrease of walls weight: 10%
for the first floor, 20% for the second floor, and 0% for the other floors.

2.4. FEM Modeling and Nonlinear Analysis

The FEM model of the building before intervention (Figure 4) was set up by means of
the SAP2000 v20.0 software according to the Italian Code NTC 2018. Beams and columns are
defined as one-dimensional elements by entering all the acquired data about materials and
geometries of sections. Interaction between soil and building is schematized by assigning
full constraints at the bases of columns. The roof structure is schematized with linear
elements able to represent a constraint between east and west facades. Beam-column nodes
are considered as rigid with their own stiffness. Infill walls are schematized as distributed
loads on the frame members, neglecting their contribution in terms of stiffness. This
assumption is justified since the spans are filled with weak cladding walls having thickness
of 10 cm only, which are also provided with some openings. Therefore, the contribution
given by infill walls to the building lateral stiffness is neglected. In the nonlinear analyses,
concentrated plastic hinges are assigned to all the structural members.

Figure 4. FEM model of the factory.

The seismic vulnerability evaluation of the building is carried out using N2 method [22,23].
This method is based on distribution of horizontal forces acting along the main building
directions x and y, parallel to the long and short facades of the building, respectively.

For each direction, two distributions of forces are considered:

4. Horizontal forces equivalent to a uniform distribution of horizontal accelerations,
that are proportional to the building seismic mass, and are herein called Accel_x
and Accel_y.

5. Horizontal forces proportional to the elastic modal strain of the main vibration mode,
Φ1x and Φ1y, that are herein called Modal_x and Modal_y.
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The evaluation of dynamic properties of the building is carried out through a modal
analysis on the structural model. The analysis results of the structure in terms of the
force–displacement curves obtained from the SAP2000 software are represented in Figure 5.

Figure 5. Capacity curves: (a) x-direction; (b) y-direction.

Ductile failure and brittle failure are represented on the curves of Figure 6 with cyan
and red points, respectively.

By representing the capacity curves on the ADRS plane and by comparing them to
the elastic response spectrum of the soil, it is possible to obtain the required displacements
(Figure 6). The ratio between capacity displacement and demand one is the safety index
(IR), whose values referring to the two analysis directions and seismic force distributions
are depicted in Table 1. In this table du,d* and du,b* are the ductile (bending moment)
capacity displacement and the brittle (shear) capacity one, respectively, dr* is the demand
displacement required by the earthquake, and IR,d and IR,b are the safety indices related
to the ductile failure and the brittle failure, respectively. As it is observed in Table 1, safety
index related to Modal_y case is less than 1, so that the most critical situation is identified
precisely along this direction.
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Figure 6. Cont.
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Figure 6. Seismic checks in the ADRS plane: (a) modal_x; (b) accel_x; (c) modal_y; (d) accel_y.

Table 1. Safety indices.

Distribution du,d* (cm) du,b* (cm) dr* (cm) IR,d IR,b

Modal_x 19.2 16.2 9.3 2.1 1.7

Accel_x 18.8 15.8 7.7 2.4 2.1

Modal_y 5.0 6.0 8 0.6 0.8

Accel_y 10.5 12.5 8.9 1.2 1.4

2.5. Design of Exoskeletons

To improve the seismic behavior of the factory, both orthogonal and parallel exoskele-
tons are designed and placed along the building transverse direction (y-direction). From the
elastic response spectrum, a target displacement Δ∗

tar is defined, so that the retrofitted struc-
ture remains in the elastic field. In particular, Δ∗

tar ≤ d∗
y, d∗

y being the yielding displacement
of the structure.

To evaluate the global lateral stiffness of the retrofitted structure Kd, the following
equation is used:

Kd =
F∗

e
Δ∗

tar
=

m∗·SADRS(Δ∗
tar)

Δ∗
tar

(1)

where m* is the mass of the structure and SADRS is the elastic spectral acceleration for the
displacement Δ∗

tar. The formulation above is valid under the hypothesis that the equivalent
mass and the modal participation factor of the existing construction and the retrofitted
ones remain the same. Furthermore, it is valid under the hypothesis that the yielding
displacement of the exoskeleton corresponds to the yielding displacement of the existing
structure. Under the hypothesis of parallel coupling, the global lateral stiffness of the
exoskeleton Ke can be evaluated by the following equation:

Ke = Kd − KEX (2)

where KEX is the global lateral stiffness of the existing structure, that can be evaluated as

KEX =
F∗

y

d∗
y

(3)

where F∗
y and d∗

y are yielding force and displacement of the system, respectively [24–27].
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With regard to the typological choice, based on the seismic-resistant scheme, and the
dimensional choice, related to the first attempt for system design, concentric bracing frames
(CBS) and circular hollow sections (CHS) are chosen to comply with the previous provisions
related to global lateral stiffness. Columns have diameter of 193.7 mm with thickness from
5 to 10 mm on the longest sides (north and south) and of 219.1 mm with thickness from
8 to 16 mm on the shortest sides (east and west). CHS profiles of 168.3 × 8 mm are used for
beams. Bracings along the east and west sides are made of CHS sections with diameter of
114.3 mm and thickness ranging from 3.2 to 8 mm. Instead, bracings of the exoskeletons
placed on the building north and south sides have diameter of either 88.9 mm (thickness of
3.2 mm) or 101.6 mm (thickness from 3.2 to 6.3 mm).

In Figure 7, the disposition of exoskeleton is shown. The orthogonal exoskeletons are
connected to horizontal St. Andrew’s cross bracings at every floor.

Figure 7. FEM model of the building in the post-intervention phase.

2.6. Photovoltaic Plant

The huge area and the southern exposure of the roof were used to install a photovoltaic
plant with high-efficiency panels. According to the Italian Standard [28], the minimum
power of the plant is calculated through the following equation:

P =
S
K

(4)

where S is the building area and K is an index equal to 50 m2

kW .
In this case, all the six buildings of the area, whose dimensions are shown in Table 2,

are considered. The analysis results are shown in Table 3.
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Table 2. Geometrical dimensions of the buildings of the examined industrial area.

Building L (m) l (m) S (m2)

Building 1 52.80 14.60 770.0

Building 2 52.80 14.60 770.0

Building 3 42.00 14.60 615.3

Building 4 36.85 14.60 538.0

Building 5 65.00 14.60 948.0

Building 6 36.85 14.60 538.0

Table 3. Power of the plant.

Building Pmin (kW) N. of Panels Ptot (kW)

Building 1 15.40 57 22.8

Building 2 15.40 57 22.8

Building 3 12.31 45 18.0

Building 4 10.76 39 15.6

Building 5 18.96 69 27.6

Building 6 10.76 39 15.6

The chosen panel is the Sunpower Maxeon 3, illustrated in Figure 8. The main features
of this panel are reported in Table 4.

Figure 8. Sunpower Maxeon 3 panel: (a) picture of the panel; (b) dimensions.

Table 4. Features of the chosen panel.

Pnom (W) L (mm) H (mm)

400 1046 1690

Subsequently, to calculate the annual energetic production of the panel, the PVGIS
(Photovoltaic Geographical Information System) software is used. PVGIS is a simulator
offered by The European Commission’s Science and Knowledge Service, and, by entering
some data, such as panel features, its inclination and orientation, and the place coordinates,
it gives back the monthly average of energy efficiency (kWh), the monthly average of
irradiation per square meter, and the annual production of the system.

By considering an angle of inclination equal to 11◦ and a percentage of system losses
equal to 14%, the simulator provided the output data shown in Figure 9.
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Figure 9. Output data by PVGIS simulator.

3. Results

3.1. Seismic Retrofitting

As in the previous case, FEM model of the building after intervention was set up by
means of the SAP2000 v20.0 software. Beams, columns, and diagonals of exoskeletons
are modeled using one-dimensional elements by entering all the acquired data on both
materials and geometries of sections. In this case, interaction between soil and building
is schematized by assigning pinned restraints at the bases of columns. The performed
nonlinear static analyses give the capacity curves shown in Figure 10.

Figure 10. Cont.
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Figure 10. Capacity curves: (a) x-direction; (b) y-direction.

By representing the capacity curves in the ADRS plane and by comparing them to
the elastic response spectrum of the soil, it is possible to see, as shown in Figure 11, that
the seismic retrofitting and, therefore, new safety indices, are attained only in y-direction
(Table 5).

Table 5. Safety indices in the post-intervention phase.

Distribution du,d* (cm) du,b* (cm) dr* (cm) IR,d IR,b

Modal_x 20.2 16.2 9.2 2.2 1.8

Accel_x 18.1 15.1 8.0 2.3 1.9

Modal_y 6.8 10.0 3.2 2.1 3.1

Accel_y 6.9 35.0 2.1 3.3 16.7

Figure 11. Cont.
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Figure 11. ADRS plane: (a) modal_y; (b) accel_y.

As shown, exoskeletons brought a significant increase of the safety indices, which
attained values greater than 1, so that a marked improvement of the seismic behavior of
the building is noticed. Exoskeletons allow to reach an increase of seismic safety of about
30% along the considered directions, by acting only on the building lateral stiffness. This is
a satisfactory result that testifies the validity of this intervention.

3.2. Photovoltaic Plant Efficiency

By considering the previous data, it is possible to calculate the annual production of
photovoltaic plant per square meter (Table 6).

Table 6. PV yearly energy production.

Building Annual Prod. (kWh) Annual Prod./m2 (kWh)

Building 1 27,561.2 35.79

Building 2 27,561.2 35.79

Building 3 21,758.9 35.36

Building 4 18,857.7 35.05

Building 5 33,363.6 35.19

Building 6 18,857.7 35.05

These values are compared to the estimated annual energy consumption of several
building types and to the benchmark and target data related to schools and offices to assume
a hypothetic consumption for the building under investigation, as well as to understand if
the plant can provide the entire building’s energy requirement.

From the analysis carried out, it appears that the range of indices is very wide, being
framed within a minimum value equal to 60 kWh/m2 and a maximum value equal to
170 kWh/m2 [29]. This means that the percentage of energy requirement of the studied con-
struction may vary between 20% and 60% of that of school and office buildings. Therefore,
in the current case, the photovoltaic plant could satisfy the entire energy requirement.
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4. Conclusions

In this paper, the seismic and energy rehabilitation of an abandoned RC tobacco factory
in Cervinara, in the district of Avellino (Italy), is proposed by designing steel exoskeletons
and by installing a photovoltaic plant on the roofs of the building. In situ tests and visual
inspections allowed to understand all of the geometrical and mechanical features of the
building structural elements used to obtain a FEM model through the SAP2000 software,
which allowed to carry out pushover analysis on the building. While the factory showed a
good performance in the longitudinal (x) direction with satisfactory safety indices, in the
transverse (y) direction, the absence of an appropriate number of seismic-resistant frames
reduced the seismic performances, with safety indices less than one. The detected seismic
deficiencies led to the design of the optimal seismic intervention to reach an improvement
of the seismic features. Steel exoskeletons allowed to improve the global behavior of the
building, without neglecting architectural quality, sustainability, and environmental issues.
In the weakest building direction (Y-direction), these systems allowed to reach increases in
terms of strength and displacements, in order to satisfy the required seismic demand, to
attain the complete seismic retrofitting of the structure. In particular, exoskeletons allowed
to reach an increase of seismic safety of about 30% by acting only on the building lateral
stiffness. Therefore, the significant increase of the safety indices, with values greater than
one, decidedly improved the seismic behavior of the building. This satisfactory result
testified the validity of this intervention from a seismic viewpoint.

On the other hand, from an energy viewpoint, a photovoltaic plant was designed
using high-efficiency panels installed on the wide roof area. The annual production of
photovoltaic plant per square meter was compared that of schools and offices, variable in
the range from 60 kWh/m2 to 170 kWh/m2, to understand if the plant can provide the
entire building’s energy requirement. The performed analyses showed that the energy
consumed by the retrofitted building is between 20% and 60% lower than that of school
and office buildings. This means that, using these new energy generation systems, the
photovoltaic plant allowed to generate an amount of energy able to satisfy the entire
building requirements.

As a conclusion, the proposed study showed the validity of exoskeletons as efficient
systems to improve both seismic features of RC buildings and values of Italian indus-
trial heritage, which should be preserved and restored since they represent irreplaceable
testaments to the industrial archaeology widespread on the Italian territory.
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Abstract: Most reinforced concrete (RC) frames would exhibit different degrees of damage after
mainshock excitations, and these mainshock-damaged RC (MD-RC) frames are highly vulnerable
to severe damage or even complete collapse under aftershock excitations. In the present study,
the effectiveness of utilizing soft steel damper (SSD) as a passive energy dissipation device for seismic
retrofitting of MD-RC frame under aftershock actions was investigated. A common three-story RC
frame in the rural area was employed and a numerical evaluation framework of retrofitting analysis of
the MD-RC frame was also proposed. Based on proposed evaluation framework, nonlinear dynamic
time history analysis of the MD-RC frame with and without retrofitting schemes was conducted to
evaluate the retrofit effect of the retrofitting schemes on the MD-RC frame. The results revealed that
the retrofitting schemes could effectively improve the natural vibration characteristics of the MD-RC
frame, especially the first-order natural frequency with a maximum increase of nearly four times.
The retrofit effect of the MD-RC frame under pulse-like aftershocks is better than non-pulse-like
aftershocks and the retrofit effect of minor damage MD-RC frame is slightly better than that of severe
damage. In addition, only retrofitting the bottom story of MD-RC frame might cause aggravate
structural damage.

Keywords: seismic retrofitting; mainshock-damaged RC frame; soft steel damper; seismic perfor-
mance; mainshock-aftershock seismic sequence

1. Introduction

Post-earthquake disaster surveys have shown that numerous building structures
might suffer from different levels of damage after mainshock excitations, and these
mainshock-damaged (MD) structures will face the threat of frequent aftershocks again,
which could cause serious failures or even complete collapse [1,2]. Especially for the widely
used reinforced concrete (RC) frame structures, they easily form a weak-story mechanism
during mainshocks. In that case, the concrete covers fall off, steel rebars yield, and RC
frames will produce large story drift, which results in the loss of structural bearing capacity.
Nevertheless, some seismic disaster investigations have found that most RC frames still
have a certain residual capacity to resist collapse after mainshocks [1,3]. For example,
about 60% of RC frames could continue to be used and 32% of RC frames needed to be
reinforced before use after the 2008 Wenchuan earthquake [3]. In addition, due to the un-
certainty of earthquake occurrence, these mainshock-damaged RC (MD-RC) frames might
be further damaged by aftershocks. Consequently, these MD-RC frames that still have
retrofitting significance and they should be strengthened as soon as possible to improve
their seismic capacity and prevent them from further damage during aftershocks, and then
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ensure the safety of people in the disaster area and reduce the waste of resources caused by
the demolition of structures.

In recent years, various seismic retrofitting technologies for RC frames have been
proposed in order to ensure structural seismic safety [1,4], such as replacing concrete,
enlarging section, bonded steel plate, external encased steel, fiber-reinforced polymer
(FRP) [5–8] composites or carbon/glass fiber reinforced polymers (CFRP/GFRP) com-
posites [9–13], and so on. More efforts have also been devoted to the investigation of
seismic performance of retrofitted structure while using either model tests or numerical
modeling in such researches. The results have shown that the use of these retrofitting
technologies can significantly improve the strength, stiffness, and ductility of RC frame
or their members. However, there still existed some insufficiencies for these retrofitting
measures and evaluation methods. For example, some conventional retrofitting measures,
like replacing concrete and enlarging section, would cost much time to reach the target
strength of concrete materials, and other retrofitting techniques, like bonded steel plate,
external encased steel, and FRPs, are also relatively complex and time-consuming [1].
In addition, due to the time of aftershocks occurrence being usually short and frequent,
quickly and effectively strengthen the mainshock-damaged structure is more helpful in
reducing the further damage during aftershocks. Recently, several passive energy dissipa-
tion devices (PEDD), such as metallic dampers, friction dampers, viscoelastic dampers [4],
viscous fluid dampers [14–16], and buckling-restrained braces dampers [17–19], have been
widely used as global (i.e., structure-level) modification strategy [20–22]. Among these
PEDDs, metallic dampers have attracted increasing attention and have become the favorite
damping device for seismic retrofitting due to the following advantages, e.g., inexpen-
sive, easy fabrication, and stable hysteretic behavior, etc. [20,23,24]. In addition, metallic
dampers devices could dissipate the most input energy of earthquake through excellent
plastic deformation potential under seismic excitation, thereby reducing seismic action on
structures. The research on metallic dampers originated from the works of Kelly et al. [25]
and Skinner et al. [26]. Subsequently, different types of metallic damper devices have
been proposed and tested, such as shear yielding damper (e.g., shear links [21,27–30],
steel shear wall damper (SSWD) [31], slit damper (SD) [32–34], dual-function metallic
damper (DFMD) [35], etc.), flexural yielding damper (e.g., added damping and added
stiffness (ADAS) [36–38], pipe damper (PD) [39,40], U-shaped energy dissipation damper
(UEDD) [41–43], etc.), and combined metallic hysteretic dampers [22,25,26,44], etc. The lit-
erature reviews show that metallic dampers with steel brace could significantly enhance
the lateral stiffness, strength, and deformation capacity of RC frames, which indicates
that these metallic dampers could play a positive role in strengthening RC frames [22,23].
However, some researchers [45,46] also found that it is precisely due to the increase in
structural overall stiffness that these retrofitting devices might have a potential adverse
effect on the structure. To this end, a novel adaptive hysteretic damper has been developed
by Gandelli et al. [46], and it effectively improved this unacceptable situation.

Nonetheless, it is worth noting that the aforementioned studies mainly conducted
the retrofitting analysis of new-built or existing structures or structural members, and
few studies for the post-mainshock damaged structures [20,22]. In other words, most of
experimental or numerical studies focused on structural members, and the retrofit effect of
the entire structures was rarely investigated, especially for MD-RC frames that might suffer
from adverse failure or collapse under aftershocks. It is generally believed that retrofitting
analysis of the damaged structure belongs to the category of secondary force, and the
stiffness and strength of the structural material will decrease significantly after the first
excitation (i.e., mainshock). Because of the randomness of earthquakes (or aftershocks), it is
obviously insufficient to only consider the perfect structures, which might overestimate
the actual bearing capacity of structure. To this end, some investigations [1,20,22] have
aimed at the retrofitting study of earthquake-damaged structures through experiments or
numerical simulation techniques in recent years.
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The objective of this research aims at studying the retrofitting analysis of the MD-RC
frames under aftershock excitations. In order to understand the seismic performance of
MD-RC frames with and without retrofitting schemes, a typical low-standard designed RC
frame in the rural area is taken as the research object and a numerical evaluation framework
of retrofitting analysis of MD-RC frame is also proposed that is based on the “element live
and death” technology of ABAQUS program [47]. In addition, a retrofitting device that
is based on combined soft steel dampers (CSSD) and three layout schemes is designed
for MD-RC frames. Finally, through nonlinear dynamic time history analysis of MD-RC
frame with and without retrofitting schemes, the retrofit effects of the CSSD retrofitting
devices on MD-RC frames under three layout schemes are evaluated in terms of natural
frequency, displacement response, interstory drift response, and shock absorption rate of
MD-RC frames.

2. Methodology

Numerical analysis of post-mainshock retrofitting of mainshock-damaged structure
can be broadly classified into two commonly used methods, namely the strength reduction
(SR) method [23,48] and stepwise (SW) method [20,22]. As the name implies, the SR
method is to artificially reduce the strength of structural materials or the performance level
of structure in order to promote the structure to reach a target damage state. Although
SR method is simple and direct, damaged structure that is obtained by artificially setting
the strength reduction is more or less different from the real damage state of the structure
after earthquakes excitation. However, the SW method is to make the intact structure
reach a specific damage state by performing a single earthquake excitation. Obviously,
the SW method is more consistent with the actual earthquake process, and it is more
reasonable to perform subsequent aftershock response analysis by adding retrofit members.
Therefore, this study will adopt SW method in the post-earthquake retrofitting research of
earthquake-damaged structure under aftershocks. In the SW method, the ‘element birth
and death’ technology of numerical software is adopted in order to realize the modelling of
retrofitting devices for MD-RC frames. Furthermore, because the interstory drift ratio (IDR)
is an appropriate indicator of structural damage levels for RC or steel frame, the maximum
IDR is selected as the evaluating indicator of structural damage state in the present study.
Table 1 summarizes the structural damage states corresponding to the IDR limit values,
according to China seismic code [49].

Table 1. Structural damage states corresponding to the interstory drift ratio (IDR) limit values.

Damage States Description IDR 1 (%)

Neglected No damage or localized minor cracking <0.4
Minor damage Slight cracking throughout 0.4~1.0

Moderate damage Severe cracking, localized spalling 1.0~2.0
Severe damage Crushing of concrete, reinforcement exposed 2.0~4.0

Collapse Collapsed >4.0
1 IDR: Maximum interstory drift ratio.

Based on previously mentioned method and technology, a post-earthquake retrofitting
evaluation framework of MD-RC frame is proposed (Figure 1) and the detailed steps are
summarized, as follows: (a) build the intact structural model and perform gravity analysis
(i.e., applying gravity acceleration to structural model) to simulate the real force balance
state of structures in the first step; (b) determine the target damage states of MD-RC frame
that are to be analyzed and perform nonlinear dynamic time history analysis of intact
structure under the excitations of mainshock with different intensity to make the intact
structure enter target damage states (step 2); (c) design retrofitting schemes for MD-RC
frame and retrofit the MD-RC frame by designed retrofitting schemes (step 3); (d) perform a
nonlinear dynamic time history analysis of the MD-RC frame with and without retrofitting
schemes under aftershock excitations in step 4; and, (e) evaluate the seismic performance
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of the MD-RC frame under given retrofitting schemes and analyze the retrofit effect of the
retrofitting schemes on the MD-RC frames under aftershock excitations (step 5).

Step 1

Step 2

Step 3

Step 4

Step 5

Aftershock Excitation

Damaged Structure
(DS1, DS2...)

Mainshock Excitation

Gravity Analysis
(Gravity acceleration)

Strengthening Measures
(Retrofitting device)

Performance
evaluation

Intact Structure
(undamaged)

Figure 1. Post-earthquake retrofitting evaluation framework of the mainshock-damaged reinforced
concrete (MD-RC) frame.

3. Building System under Investigation

3.1. Intact RC Frame Structure

A typical three-story, two-span RC frame building that is located in a high-seismicity
site (Fortification Intensity VIII and Site Class II) of China is considered in this research
(see Figure 2). The case-building is representative of the typical low-rise RC frame with
low-standard seismic design in the rural area of China [49,50], which has a 12 m × 12 m
rectangular plan and a total height of 11.5 m (among that the first-floor height is 4.5 m
and the others are 3.5 m). The cross-section size of columns and beams are 0.3 m × 0.3 m
and 0.5 m × 0.3 m, respectively. More specifically, the thickness of the slabs and cover
concrete is 0.12 m and 0.03 m, respectively. The design dead load (DL) and live load (LL),
excluding floor slab self-weight, are considered to be 3.00 kN/m2 and 0.5 kN/m2 on the
roof, 2.25 kN/m2 and 2.0 kN/m2 on typical floors respectively and the representative value
of gravity load is combined by 1.0 × DL + 0.5 × LL according to China load design code [51].
All of the concrete materials of the RC frame are the C30 grade, and the longitudinal
rebars and stirrup are HRB335 and HPB300 grade. Figure 2 shows the geometries and
reinforcement details of this RC frame.
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Figure 2. Geometries and reinforcement details for RC frame (all dimensions in mm): (a) plan view;
(b) reinforcement details of the beam and column section; (c) elevation view.

3.2. Numerical Model and Material Paramters

In this research, structural modeling is performed while applying the ABAQUS
nonlinear finite element software [47]. The middle frame (see Figure 2) is selected for planar
modeling due to the symmetry of the analyzed structure. In the numerical, the concrete
and rebars are modelled separately, and concrete and rebars of beam, column, and joint
are simulated while using the Solid (C3D8R) and Truss (T3D2) elements, respectively.
The rebars are embedded in the concrete to simulate the interaction between rebars and
concrete, meanwhile the ideal bond is assumed and the influence of bond-slip between
rebars and concretes is neglected. In addition, the influence of infill wall and soil-structure
interaction are also neglected. It should be mentioned that the representative values of
slab weight and gravity load are converted into the model density, in order to simplify the
modeling of the RC frame. Figure 3 shows the planar three-dimensional (3D) numerical
model of intact RC frame. In this numerical model, the total number of structural elements
is 43,863, which includes 37,125 C3D8R elements and 6738 T3D2 elements.

Rebars of beam column joint

Concrete
(C3D8R element)

Rebars
(T3D2 element)

Figure 3. The planar three-dimensional (3D) numerical model of intact RC frame.
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In the numerical analysis, the rebars material adopt the dynamic hardening bilinear
elastoplastic constitutive model based on the Von–Mises yield criterion. The concrete
damage plasticity (CDP) constitutive model in ABAQUS material library is employed to
take into account the strain hardening/softening behavior of concrete materials. The CDP
model is based on the isotropy assumptions, while using elastic damage combined with
tensile and compressive plasticity in order to replace the inelastic behavior of concrete,
and considers the degradation of elastic stiffness, due to plastic strain in the process of
tension or compression and the stiffness recovery under cyclic loading [52]. Figure 4 shows
the stress–strain relations of CDP model under uniaxial cycle loading. Their constitutive
relations under uniaxial tension and compressive can be expressed, respectively, by the
following Formula [52],

σt = (1 − dt)E0(εt − ε
pl
t )

σc = (1 − dc)E0(εc − ε
pl
c )

(1)

where, σt and σc are the tensile and compressive stress of concrete. respectively; E0 is
the initial (undamaged) elastic stiffness; ε

pl
t and ε

pl
c are equivalent plastic strain tensors

in tensile and compressive conditions; dt and dc are the tensile and compressive damage
factors respectively, where their values range from 0 (undamaged) to 1 (complete damaged).
The two damage variables could consider the strength degradation of concrete materials [4]
and they can be computed according to China current code [50].

E0

0 (1 )cE d

0 (1 )tE d

tu

E0

0tw

0cw
1cw

1tw

0 (1 )(1 )c tE d d

t

Figure 4. Stress-strain relations under uniaxial cycle loading of concrete damage plasticity
(CDP) model.

In addition, in order to consider the complex degradation mechanisms of concrete
materials under uniaxial cyclic conditions, the weight factors (stiffness recovery factor) wt
and wc, which can control the recovery of the tensile and compressive stiffness upon load
reversal are defined in the CDP model. The default values for the stiffness recovery factors
wt and wc are 0 and 1 in ABAQUS program, respectively [52], which means that the tensile
stiffness does not recover and the compressive stiffness completely recovers under reverse
loading.

Table 2 summarizes the material input parameters of concrete and rebars constitutive
models. In addition, the five plasticity parameters of the CDP model [52], such as dilation
angle (ψ), eccentricity (ε), strength ratio (f b0/f c0), K, and viscosity parameter, are set to
30.0, 0.1, 2/3, 1.16, and 0.0005, respectively. Moreover, the Rayleigh damping ratio of 5% is
employed to account for the energy dissipation in structural system.
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Table 2. Material input parameters of concretes and rebars in this study.

Material Types Constitutive Model Input Parameters Values

Concretes (C30) CDP

Mass density, ρc (kg/m3) 2400
Elastic modulus, Ec (MPa) 30,000

Poisson’s ratio, ν 0.2
Compressive strength, f c (MPa) 20.1

Tensile strength, f t (MPa) 2.01

Rebars HRB335
(HPB300)

Bilinear Elastoplastic

Mass density, ρs (kg/m3) 7830
Elastic modulus, Es (GPa) 200 (210)

Poisson’s ratio, ν 0.3
Yield Strength, f y (MPa) 335 (300)

Ultimate strength, f u (MPa) 450 (345)

3.3. Verification of Numerical Model

The natural vibration characteristics of planar and spatial 3D frame structure are
compared in order to verify the applicability of the planar 3D numerical model of this
study. Table 3 shows the first three frequencies of two frame systems in the x-direction. It is
evident that the natural frequencies of the planar 3D frame model are in good agreement
with the spatial 3D model, except the third-order frequency, which has a large difference of
5%. However, the seismic response of low-rise buildings is mainly controlled by low-order
modals. Therefore, the planar 3D frame structure modeling will be used to carry out the
retrofit analysis of the damaged frame structure subjected to the unidirectional earthquake
in order to reduce the computational time cost.

Table 3. The first three frequencies of the planar and spatial 3D frame model.

Mode
Natural Frequency (Hz)

Planar 3D Frame Model Spatial 3D Frame Model Error (%)

1 1.23 1.24 0.80
2 4.05 4.00 1.25
3 7.03 6.71 4.77

4. Modeling of MD-RC Frame

4.1. Input Motions

According to the methodology that is introduced in Section 2, the MD-RC frame mod-
els with different damage states (DS) can be obtained through the excitation of mainshocks
with different intensities. Subsequently, the seismic performance analysis of the MD-RC
frames with and without retrofitting schemes that are subjected to aftershocks is performed.
For this purpose, the mainshock-aftershock (MS-AS) seismic sequences should be chosen
before the retrofit analysis of the MD-RC frame. More specifically, in order to investigate
the influence of earthquake type on retrofit effect, a widely used artificial seismic sequence
method (i.e., randomized approach) introduced in literature [53] will be employed in this
study. In the randomized approach, irrespective of the source distance (R) and earthquake
magnitude (M), the ratios between the peak ground accelerations (PGA) for the two event
cases are given by,

PGA(2−EVENTS)
PGA(1−EVENT)

=
PGA(M−0.3010)

PGA(M)

= 100.49+0.23(M−6−0.3010)−log
√

R2+82−0.0027
√

R2+82

100.49+0.23(M−6)−log
√

R2+82−0.0027
√

R2+82 = 0.8526
(2)

Furthermore, in order to construct near-fault MS-AS seismic sequences, six recorded
near-fault strong ground motions (include four pulse-like and two non-pulse-like ground
motions) are selected from the Pacific Earthquake Engineering Research Center (PEER)
NGA-West2 ground motion database as the input motions of the numerical simulation,
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according to the reference [54]. Table 4 summarizes the information of these selected
recorded near-fault ground motions. In this table, the pulse-like ground motion recorded
at SVC station in the 1989 Loma Prieta earthquake and JGB station in the 1994 Northridge
earthquake are regarded as the mainshock ground motions (remark MS1 and MS2, respec-
tively). Meanwhile, in order to investigate the impact of aftershock types, two pulse-like
and two non-pulse-like motion records (i.e., do not contain strong velocity pulses.) are
selected as the aftershock ground motions (remark AS1, AS2, AS3, and AS4, respectively).
Furthermore, the peak values (i.e., PGA) of the mainshocks and aftershocks are unified as
the same sign in order to avoid the polarity influence of MS-AS seismic sequence on the
response and behavior of MD-RC frame. In this study, the peak values of mainshocks and
aftershocks are uniformly set to be positive in the constructed artificial near-fault seismic
sequence.

Table 4. Information of selected recorded near-fault ground motions in this study.

No. Earthquake Year Mw
1 Station and Comp. 2 RRUP

3 VS30
4 Pulse

MS1 Loma Prieta 1989 6.9 SVC270 9.3 347.9 yes
MS2 Northridge 1994 6.7 JGB022 5.4 525.8 yes
AS1 Northridge 1994 6.7 RRS228 6.5 282.3 yes
AS2 Imperial Valley 1979 6.5 E06230 1.4 203.2 yes
AS3 Gazli, USSR 1976 6.8 GAZ090 5.5 259.6 no
AS4 Loma Prieta 1989 6.9 BRN090 10.7 462.2 no
1 Moment magnitude; 2 Ground motion components; 3 Closest distance to rupture plane, unit: km; 4 Average shear velocity of top 30 m,
unit: m/s.

4.2. Numerical Modeling of MD-RC Frame

In order to obtain the numerical modeling of MD-RC frame, the initial damage state
(DS) of MD-RC frame after mainshock should be first defined, as was mentioned previously.
Severe damaged structures might be demolished and lose possibility of repair, according
to the definition of structural damage state classification (see in Table 1). In addition,
disaster investigation found that most of the earthquake-damaged structures are in a
moderately damaged state or below [3]. To this end, two damage states (i.e., minor and
moderate damage) of MD-RC frames are considered to investigate the damping effect of
the retrofitting schemes on MD-RC frame under different damage levels in the present
study. In the first damage state (remark DS1), the maximum IDR of intact structure should
be in the range of 1/250 to 1/100. In the second damage state (remark DS2), the maximum
IDR of intact structure should be in the range of 1/100 to 1/50. By the trial calculation,
the intact structure will enter the above damage state (i.e., DS1 and DS2) when the PGA of
the MS1 and MS2 mainshock were both 0.15 g and 0.30 g, respectively. Figure 5 presents the
IDR distribution and damage limitation value under MS1 and MS2 mainshock excitation.
In Figure 5, it is evident that the maximum IDR values of MD-RC frame fall within the range
of minor and moderate damage under MS1 and MS2 mainshock excitation. In addition,
all of the maximum IDR occur on the structural bottom floors, so the bottom floors must be
retrofitted. Finally, four numerical models of MD-RC frame containing two damage states
(i.e., DS1 and DS2) are obtained.
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Figure 5. IDR distribution and damage limitation value under MS1 and MS2 mainshock excitation.

Table 5 lists the natural frequencies of the intact RC frame and four MD-RC frames.
It is clear that the natural frequencies of the intact frame are significantly reduced, which in-
dicates that the stiffness and strength of the structural materials have decreased to vary-
ing degrees.

Table 5. Natural frequencies of the intact RC frame and MD-RC frame (Hz).

Mode Intact Structure
After MS1 After MS2

DS1 DS2 DS1 DS2

1 1.23 0.99 0.76 1.11 0.93
2 4.05 3.62 3.13 3.80 3.46
3 7.04 6.39 5.86 6.65 6.22

5. Strengthening for MD-RC Frame Structure

5.1. Metallic Energy Dissipator

Soft steel damper (SSD) has high plastic deformation ability and low cycle fatigue
resistance, which can enter the plastic energy dissipation stage earlier than structural
members during an earthquake. Therefore, SSD could reduce the structural damage by dis-
sipating part of the seismic input energy, and it has been widely used as the metallic energy
dissipator (MED) for structural retrofitting [20,55]. Generally, typical SSD is designed to
shear yielding mode (e.g., shear link or slit damper), because shear yielding dampers could
provide higher initial stiffness under small earthquakes and significant energy dissipation
potential during large earthquakes by inelastic deformation [28,30,55]. In addition, some
studies have adopted opening-hole (or window) shaped SSD [30,35,55–57] or combined
shear-and-flexural [44] SSD in order to limit stress concentration and out-of-plane buckling
of SSD. Accordingly, a combined strip-shaped shear-and-flexural SSD (CSSD) MED has
been designed and improved in this research by drawing on the above MEDs. This CSSD
device consists of a strip-shaped SSD [35,55,57] (shear) and two flange plates (flexure) on
the end of the SSD. A displacement-based design procedure has been used in order to
design the capacity of the CSSD. The similar design process of these properties and capacity
of the CSSD can be referred to following literature works [35,55,57]. The same capacity of
the CSSD (i.e., designed according to maximum story yielding force) is employed for all
stories in order to simplify the calculation. Figure 6 illustrates the configuration information
of the CSSD device used in this research. As shown in Figure 6, all SSDs with an overall size
of 400 × 400 mm2 and 12 mm thickness (ts) has been used in this study. Two flange plates
of 12 mm thickness (tf) are welded to both ends of the SSD. Table 6 shows the material
properties used in the CSSD device.
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Figure 6. Configuration of the combined soft steel dampers (CSSD) device (all dimensions in mm):
(a) soft steel damper (SSD); (b) flange; (c) CSSD device.

Table 6. Material properties of the CSSD device in this study.

Material Types
Elastic Modulus Es

(GPa)
Yield Strength f y

(MPa)
Ultimate Strength f u

(MPa)

SSD 210 100 350
Flange 210 235 441

Because the CSSD device has two kinds of steel materials and complex geometric
shapes, it is difficult to obtain a simplified calculation formula for computing the yield
displacement, yield, and ultimate force of the CSSD device [55]. To this end, elastoplastic
pseudo-static numerical analysis of the CSSD device under cyclic loadings is conducted
while using the ABAQUS program to obtain the capacity of the CSSD device. Figure 7
shows the hysteretic curves of the CSSD numerical model under cyclic loadings. From this
figure, it is clearly that CSSD device has larger initial stiffness and the hysteresis loop has
a plump shape, which means that the CSSD has a higher ductility and a better energy
dissipation performance after yielding.
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Figure 7. Hysteresis loop of the CSSD numerical model under cyclic loadings.

5.2. Layout Scheme of CSSD Retrofitting Device

CSSD is usually installed between the braces and the beam, forming the CSSD brace
(CSSDB) system [55]. In this study, the CSSDB system is composed of the CSSD device
and chevron steel brace. During an earthquake, the CSSD device could provide significant
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energy dissipation potential through inelastic deformation and the steel braces could
provide the lateral stiffness in order to prevent large deformation of the structural system.
However, when subjected to strong ground motion, the brace buckling might lead to
the degradation of lateral strength and stiffness of the structural system [58,59]. Thus,
the braces should be designed to remain elastic for an axial force that is greater than
corresponding to the failure strength of the CSSD device [60]. Hence, a simple H-shaped
Beam (H-Beam, H150 × 150 × 10 × 7 mm) of steel bracing system is employed based on
the design-criterion available in literature [35,55,57] in this study. In addition, three layout
schemes (LS) of CSSDB systems are considered in this study in order to evaluate different
CSSDB retrofitting schemes in terms of structural seismic performance. It should be noted
that the same CSSD and steel braces are employed in these CSSDB systems. The specific
LSs are introduced, as follows:

• LS-1: Arranged CSSDB system on the bottom floor of MD-RC frame (Figure 8a);
• LS-2: Arranged CSSDB system on the first and second floors of MD-RC frame

(Figure 8b); and,
• LS-3: Arranged CSSDB system on all floors of MD-RC frame (Figure 8c).
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Figure 8. Layout schemes (a–c) and detailed size (d) of CSSDB systems for MD-RC frame (all dimensions in mm).

Figure 8 shows the layout information and detailed size of CSSDB system. In all of
the CSSDB systems, the CSSD device is attached to the steel plates at the top and bottom
using the welded connections. The steel plates and H-beams are made of Q345 steel with
a Young’s modulus of 206 GPa, yielding strength of 345 MPa, and Poisson’s ratio of 0.3.
In these retrofitting systems, the connections of steel plates and beam-column are welding.
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Rigid connection between CSSDB systems and concrete beam-column is assumed, and the
influence of slippage and peeling between steel plates and concretes are neglected.

6. Analysis of Retrofit Effect of SSDB Systems

In this section, nonlinear dynamic time history analysis of MD-RC frames with and
without retrofitting schemes are performed under four aftershocks for the purpose of
evaluating the retrofit effect of the CSSDB systems on MD-RC frames under different
layout schemes. Four MD-RC frames that contain two kinds damage states (DS1 and DS2)
according to Section 4 are considered (i.e., corresponding MS amplitude is 0.15 g and 0.30 g,
respectively). The AS amplitudes are scaled using the artificial seismic sequence method.
In addition, the natural vibration characteristics, story displacement response, maximum
IDR, and shock absorption rate are chosen as the indicators of structural seismic perfor-
mance.

6.1. Natural Vibration Characteristic

The natural frequency of structure is an important parameter that reflects the dynamic
characteristics of structures, and it is also related to the structural mass and stiffness.
In general, during strong motions, concrete cracking and rebars yield might induce the
stiffness of structure decrease and make the structure lose its bearing capacity, further
leading to the change of natural vibration characteristics of structure. Therefore, the effects
of CSSDB systems on the dynamic characteristics of MD-RC frames under different layout
schemes are investigated in this section. For this purpose, frequency ratio (FR) factor is
defined as FR = f r/f ur, where f ur is the frequency of MD-RC frame without retrofitting
(i.e., un-retrofitted) and f r is the frequency of retrofitted MD-RC frame under three layout
schemes. Figure 9 shows the natural frequencies ratio (FR) of retrofitted MD-RC frame
and un-retrofitted MD-RC frame under DS1 and DS2 damage states. All FR values exceed
1.0, and the maximum value of FR is about 4.0 and the minimum value of FR is about
1.5, indicating that retrofitting systems have effectively improved the overall stiffness of
MD-RC frames, as shown in Figure 9, intuitively. In addition, no matter which mainshock
(i.e., MS1 and MS2) induced MD-RC frame, the FR value increase with the order of layout
schemes (i.e., LS-1, LS-2, and LS-3). Especially for the first-order frequency, the amplitude
of FR significantly increases. For the second- and third-order frequency, the changes in
FR is not evident from LS-1 to LS-2, while both retrofitting schemes are different from
LS-3. The results indicate that, with the increase of the number of retrofitted stories of
MD-RC frame, the structural stiffness increases more obviously. Furthermore, for MD-RC
frame with different damage states (i.e., DS1 and DS2), the natural frequency of moderate
damaged structures (DS2) has significantly increased than that of minor damage (DS1),
and with the decrease of modal order, the difference between DS1 and DS2 becomes
increasingly obvious.
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Figure 9. Frequency ratios (FR) of DS1 and DS2 damage states MD-RC frames with and without retrofitted by three layout
schemes: (a) MS1 mainshock; and, (b) MS2 mainshock.
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6.2. Story Displacement Response

In this section, story displacement response analysis of MD-RC frames with and
without retrofitting schemes is carried out for the purpose of evaluating the retrofit effect
of CSSDB systems under three layout schemes. As was mentioned previously, two damage
states (i.e., DS1 and DS2) of the MD-RC frame after MS1 and MS2 excitations are considered.
Meanwhile, four aftershocks, including near-fault pulse-like earthquakes (AS1 and AS2)
and non-pulse-like earthquakes (AS3 and AS4), are selected as secondary excitation. As an
example, Figures 10 and 11 show the story displacement responses of retrofitted and
un-retrofitted MD-RC frames subjected to AS1 and AS3 aftershock. In Figures 10 and 11,
the first column shows the displacement time histories of the intact frame under the
mainshock excitations, the second and third columns show the relative displacement
during aftershocks with respect to the residual displacement after mainshock excitations.
From the overall view of Figures 10 and 11, the peak story displacement of MD-RC frame
after retrofitting significantly drops when compared with un-retrofitted MD-RC frame,
which indicates that CSSDB systems can effectively control the peak displacement response
of MD-RC frame. In addition, the peak story displacement of retrofitted MD-RC frame
under AS1 aftershock decrease more significantly than that of AS3 aftershock. This result
indicates CSSDB systems are more effective in controlling the dynamic response under
pulse-like aftershock.

Similar to the above conclusion, the residual displacement of MD-RC frames under
pulse-like aftershocks also decreases significantly. As the number of retrofitted floors
increases (i.e., from LS-1 to LS-3), the decrease of residual displacement becomes more
obvious. However, for non-pulse-like aftershocks, the residual displacement of MD-RC
frame slightly and irregularly changes. Especially for moderate damaged (DS2) structures
(see Figures 10b and 11b), the retrofitting devices caused a greater permanent displacement
for MD-RC frames. The reason may be that the retrofit of MD-RC frame will cause the
redistribution of internal force in the structure, which results in the change of structural
natural period and mode shape. When non-pulse-like aftershocks (containing rich high-
frequency components) act, the presence of high-frequency components will excite high-
order mode shapes of the MD-RC frame, resulting in a complex displacement response
and permanent displacement. Especially when the mainshock damage state of MD-RC
frame is more serious, this phenomenon is more obvious. Therefore, in the retrofit design
of seismic-damaged structures, it is necessary to ensure that the retrofitted structure has
a reasonable internal force distribution form. In addition, the above results also indicate
that both of retrofitting schemes and aftershock types have a significant influence on
displacement response of MD-RC frame. Furthermore, when comparing the mainshock
damage state of MD-RC frame, the retrofit effect of CSSDB systems on the MD-RC frame
with minor damage (DS1) is slightly better than that of moderate damage (DS2) no matter
that aftershock types. A similar conclusion could be observed from the results of other
aftershocks listed in Table 4.

Moreover, in order to quantitative assess the retrofit effect of CSSDB systems under
three layout schemes on MD-RC frame, the peak displacement degradation percentage
(PDDP) is defined by,

PDDP =
di

ur − di
r

di
ur

× 100% (3)

where, di
ur and di

r are the maximum displacement at ith story of un-retrofitted and retrofitted
MD-RC frame, respectively. Table 7 presents PDDP values (%) of MD-RC frame under
different retrofit schemes for each story. Intuitively, the mean values of PDDPs under
pulse-like aftershocks (i.e., AS1 and AS2) are generally greater than that of non-pulse-like
aftershocks (i.e., AS3 and AS4) no matter which retrofitting schemes. It indicates that
CSSDB retrofitting systems have a better damping effect for pulse-like aftershocks than
non-pulse-like aftershocks. In addition, when comparing the three layout schemes, LS-1
can significantly control the maximum bottom story displacement of MD-RC frame, and the
maximum PDDP is as high as 94.8%. However, the effect of LS-1 on the other floors of
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MD-RC frame is obviously not as good as other retrofitting schemes. Especially for the
top displacement response of MD-RC frame induced by MS2 mainshock decreased by
−2.3% and −24% under AS3 and AS4 aftershock, respectively. This observation indicates
that only retrofitting the bottom story (i.e., LS-1) of MD-RC frame might have an adverse
effect on damaged frame, especially with non-pulse-like aftershocks excitation. This can
be explained in that the structural beam-column joints have been various damaged after
the mainshock excitation, especially the beam-column joints damage of structural bottom
story will be more serious. In this case, only reinforcing the bottom story of MD-RC frame
will cause the stiffness of the structural bottom story to be significantly increased when
compared to the upper stories, which results in an obvious weak story mechanism, causing
structural damage to move to the upper stories.

In addition, when comparing the results of LS-2 and LS-3, it can be found that most of
the mean PDDPs under LS-3 are greater than LS-2, and the difference between them under
pulse-like aftershocks is not higher than 17%, while the difference under the non-pulse-like
aftershocks is up to 34%. For the LS-3 retrofitting scheme, the story displacements of the
MD-RC frame have been effectively controlled and the peak displacement degradation
range from 40~80%. In general, the greater numbers of reinforced structural stories, the
more obvious retrofit effect, and the story number with the maximum PDDP is equal to
the number of strengthened stories (i.e., bold font in Table 7). However, as the number of
reinforced stories increases, both construction and economy will worsen, so it is necessary
to seek a balance between economy and retrofit effect.

Table 7. Peak displacement degradation percentage (PDDP) (%) of MD-RC frames under different retrofitting schemes.

MS DS Story
AS1 AS2 AS3 AS4

LS-1 LS-2 LS-3 LS-1 LS-2 LS-3 LS-1 LS-2 LS-3 LS-1 LS-2 LS-3

DS1(MS1)

1 93.8 72.5 76.5 93.9 64.0 76.6 89.9 45.2 59.2 91.0 49.1 42.1
2 66.7 76.4 79.1 60.7 70.7 78.6 27.3 49.2 64.7 41.5 56.4 51.8
3 55.7 72.6 79.9 50.5 60.6 79.4 3.4 34.7 65.2 23.6 44.3 55.2

Mean 72.1 73.8 78.5 68.4 65.1 78.2 40.2 43.0 63.0 52.0 49.9 49.7

DS1(MS2)

1 94.8 72.2 75.2 94.3 69.4 79.7 87.2 44.7 60.3 90.3 45.6 52.8
2 67.5 76.3 78.3 74.1 75.6 81.6 20.5 49.3 64.7 45.8 51.9 63.4
3 56.2 71.8 79.2 65.1 67.1 82.1 −2.3 33.0 65.6 30.8 35.1 66.8

Mean 72.8 73.4 77.6 77.8 70.7 81.1 35.1 42.3 63.5 55.6 44.2 61.0

DS2(MS1)

1 75.2 44.1 41.1 93.6 82.5 81.8 93.8 27.0 25.9 88.3 38.5 31.2
2 41.0 45.3 44.5 76.8 83.1 82.2 42.0 32.2 33.1 39.9 46.0 43.1
3 26.0 40.1 46.7 68.9 80.9 82.5 21.6 25.5 35.8 18.7 42.4 47.7

Mean 47.4 43.2 44.1 79.8 82.2 82.2 52.5 28.2 31.6 49.0 42.3 40.7

DS2(MS2)

1 79.7 50.8 52.1 92.1 77.9 77.2 90.6 34.6 49.4 74.7 26.6 18.6
2 47.8 51.7 54.5 73.3 79.0 78.0 33.5 40.7 54.5 6.7 34.8 33.8
3 33.7 46.2 56.5 65.1 76.5 78.5 10.5 34.1 56.7 −24.0 22.8 38.2

Mean 53.7 49.6 54.4 76.8 77.8 77.9 44.9 36.5 53.5 19.1 28.1 30.2
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Figure 10. Displacement time histories of DS1 (a) and DS2 (b) damage states MD-RC frame due to MS1 mainshock before
and after retrofitting subjected to AS1 and AS3 aftershocks.
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Figure 11. Displacement time histories of DS1 (a) and DS2 (b) damage states MD-RC frame due to MS2 mainshock before
and after retrofitting subjected to AS1 and AS3 aftershocks.
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6.3. Interstory Drift Ratio (IDR)

IDR is one of the macroscopic parameters reflecting the structural story deformation
and stiffness, and it is also one of the important indicators for judging the structural damage
levels in engineering, as was mentioned previously. To this end, Figures 12 and 13 shows
the IDR distribution along with the height of MS1 and MS2 MD-RC frame with minor
(DS1) and moderate (DS2) damage state before and after retrofitting under aftershocks
excitations, respectively. From these figures, it can be initially observed that, in the case of
LS-1, the maximum IDR reduction rate is up to 97.7% (first story) when compared with
un-retrofitted MD-RC frame. LS-1 has a better performance in reducing the IDR of the first
story of MD-RC frame structure as compared with other retrofitting schemes. However, the
IDR reduction rate of second and third story of MD-RC frame is lower than other schemes.
Especially for the non-pulse-like aftershocks scenarios, in some MD-RC frames retrofitted
while using LS-1, the IDRs of second and third story even exceed those of un-retrofitted
structure. The maximum IDR is 276.6% (third story) as large as the un-retrofitted case.
It further illustrates that the LS-1 retrofitting scheme is not suitable for the retrofitting of
MD-RC frame in this study. For the LS-2 retrofitting scheme, it is evident that the IDRs
are lower than un-retrofitted MD-RC frame, except for the top story. Especially for the
LS-3 retrofitting scheme, the IDR of each story of MD-RC frame are significantly reduced
no matter the damage state. More specifically, the lowest reduction rate of IDR is 18.6%,
and the highest reduction rate of IDR is up to 87.9%, which indicates that LS-3 plays a
more positive effect on the seismic performance of MD-RC frame as compared with other
retrofitting schemes. Moreover, when comparing the results of LS-2 and LS-3, although
LS-2 does not reinforce the top story of MD-RC frame, the maximum IDR of the first and
second story are relatively close under LS-2 and LS-3 schemes. Although the IDR of the
top story under the LS-2 retrofitting scheme exceeds other stories, the maximum IDRs
are significantly lower than the un-retrofitted case. Therefore, with the comprehensive
consideration of economy and installation portability, the engineering applicability of LS-2
scheme is better than LS-3 scheme.

In addition, to quantitatively analyze the retrofit effect of these CSSDB systems on MD-
RC frame, in this study the shock absorption rate (SAR) index is used and it is defined as,

SAR =
MIDRur − MIDRr

MIDRur
× 100% (4)

where, MIDRur and MIDRr are the maximum IDR (MIDR) of un-retrofitted and retrofitted
MD-RC frame, respectively.

Table 8 summarizes the MIDR and SAR values of MD-RC frame before and after
retrofitting under different LSs. From this table, it is evident that the MIDR of retrofitted
MD-RC frame has dropped significantly for LS-2 and LS-3 schemes, the maximum drop
is nearly 5.6 times. However, for the LS-1 scheme, similar to the previous observations,
the MIDRs of some retrofitted MD-RC frames even exceed that of un-retrofitted structures,
especially under non-pulse-like aftershocks. More specifically, for the minor damage
MD-RC frame, the MIDR under LS-1 scheme is usually 2.0~4.0 times as large as that of
LS-2 and LS-3 schemes; for the moderate damage MD-RC frame, the MIDR under LS-1
scheme is usually 1.4~2.2 times as large as that of LS-2 and LS-3 schemes. In terms of SAR;
it is evident that the SAR under LS-1 is usually the lowest and even negative under non-
pulse-like aftershocks, with a maximum SAR of −74.1%. Obviously, it is not sufficient to
carry out only retrofit on structural bottom story for MD-RC frame due to the randomness
and uncertainty of ground motion. Furthermore, no matter the mainshock excitation or
mainshock damage state, the SAR under LS-2 and LS-3 schemes ranges from 47.1% to
83.3% during pulse-like aftershocks, and ranges from 18.5% to 68.2% during non-pulse-like
aftershocks, which further proves that the retrofit effect of CSSDB systems under pulse-
like aftershocks is significantly better than that of the non-pulse-like. Overall, there is no
noticeable difference in the SAR of MD-RC frames that were retrofitted by LS-2 and LS-3
schemes. However, the LS-2 scheme is more suitable for the retrofit of MD-RC frame in
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this research, due to the fact that LS-2 scheme retrofits less stories when compared with
LS-3 scheme.

Table 8. Maximum IDR and shock absorption rate (SAR) of MD-RC frame before and after retrofitting.

Aftershocks Schemes
DS1 (MS1) DS1 (MS2) DS2 (MS1) DS2 (MS2)

MIDR SAR (%) MIDR SAR (%) MIDR SAR (%) MIDR SAR (%)

AS1
(Pulse-like)

UR 0.0101 0.0089 0.0206 0.0219
LS-1 0.0058 42.4 0.0052 41.8 0.0147 28.6 0.0150 31.4
LS-2 0.0027 73.5 0.0024 73.0 0.0106 48.8 0.0100 54.4
LS-3 0.0023 77.3 0.0021 75.8 0.0109 47.2 0.0105 52.1

AS2
(Pulse-like)

UR 0.0037 0.0040 0.0246 0.0188
LS-1 0.0027 27.0 0.0019 52.1 0.0081 67.1 0.0073 61.3
LS-2 0.0013 64.9 0.0012 71.0 0.0041 83.3 0.0040 78.5
LS-3 0.0008 78.4 0.0008 80.7 0.0044 82.1 0.0043 77.2

AS3 (Non-
pulse-like)

UR 0.0024 0.0022 0.0057 0.0048
LS-1 0.0032 −33.3 0.0031 −41.1 0.0057 0.0 0.0058 −19.9
LS-2 0.0012 50.0 0.0011 42.9 0.0034 40.4 0.0031 34.6
LS-3 0.0008 66.7 0.0007 68.9 0.0027 52.6 0.0024 49.4

AS4 (Non-
pulse-like)

UR 0.0034 0.0029 0.0084 0.0054
LS-1 0.0036 −8.8 0.0031 -3.8 0.0089 −6.1 0.0094 −73.2
LS-2 0.0019 44.1 0.0019 34.5 0.0041 51.2 0.0040 26.6
LS-3 0.0015 55.9 0.0014 51.7 0.0043 48.8 0.0044 18.6
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Figure 12. IDR distribution of MS1 MD-RC frame with DS1 (a) and DS2 (b) damage state before and after retrofitting.
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Figure 13. IDR distribution of MS2 MD-RC frame with DS1 (a) and DS2 (b) damage state before and after retrofitting.

7. Conclusions

This paper mainly conducted the post-earthquake retrofitting analysis of the mainshock-
damaged RC (MD-RC) frame while using soft steel damper as the passive energy dissipa-
tion device under near-fault aftershocks excitation. Firstly, a numerical evaluation frame-
work for post-earthquake retrofitting of the MD-RC frame was proposed. Subsequently,
three retrofitting schemes based on soft steel dampers and steel brace were designed for
the MD-RC frame structure. Finally, through the nonlinear dynamic time history analysis
of the MD-RC frame structure with and without retrofitting schemes, the retrofit effect of
the three retrofitting schemes on the MD-RC frame was evaluated, and some conclusions
were obtained, as follows:

(1) The CSSDB retrofitting systems have effectively improved the natural frequency
(stiffness) of the MD-RC frame. The first-order natural frequency has a largest increase,
with a maximum increase of nearly four times and the second and third-order natural
frequencies have a maximum increase of three times. In addition, with the increase
of the number of retrofitted stories of the MD-RC frame, the structural stiffness
increases more obviously. The natural frequency of moderate damaged structures has
increased significantly than that of minor damage. Especially for the first-order mode,
the frequency increase in moderately damaged structures is more significant.
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(2) The reduction of the maximum story displacement and residual displacement of the
retrofitted MD-RC frame under pulse-like aftershocks is more obvious than that under
non-pulse-like aftershocks, which indicates that aftershock type has an important
influence on the retrofit effect of CSSDB systems for the MD-RC frame. In addition,
the retrofit effect of CSSDB systems on the MD-RC frame with minor damage is
slightly better than that of the structure with severe damage, indicating that the
damage state of the MD-RC frame should also be considered when carrying out the
seismic retrofitting design of earthquake-damaged structures.

(3) In the case of LS-1 scheme, the maximum IDR reduction rate is up to 97.7% (first
story) when compared with un-retrofitted MD-RC frame. LS-1 scheme has better
performance in reducing the IDR of the first story of MD-RC frame structure as
compared with the other retrofitting schemes. However, the IDR reduction rate of the
second and third story of MD-RC frame is lower than other schemes. Especially for
the non-pulse-like aftershocks scenarios, in some MD-RC frames that were retrofitted
using LS-1 scheme, and the IDRs of second and third story even exceed those of
un-retrofitted MD-RC frame. The maximum IDR is 276.6% (third story) as large as
the un-retrofitted case. For the LS-2 scheme, it is evident that the IDRs are lower than
un-retrofitted MD-RC frame, except for the top story. Especially for LS-3, the IDR of
each story of the MD-RC frame are significantly reduced no matter which damage
state. Therefore, it can be seen that LS-3 plays a more positive effect on the seismic
performance of the MD-RC frame.

(4) The shock absorption rate (SAR) under only retrofitting bottom story (i.e., LS-1) of
the MD-RC frame is lower than that of retrofitting more stories, and the difference is
approximately 1.2~2.0 times lower than other retrofitting schemes for pulse-like after-
shocks. However, under non-pulse-like aftershocks, the SAR of only retrofitting the
structural bottom story is negative with a maximum amplitude of −74.1%. It indicates
that only retrofitting the bottom story of the structure is not usually sufficient, espe-
cially for the non-pulse-like aftershocks., In addition, there is no noticeable difference
in the SAR of MD-RC frames between retrofitting two stories (LS-2) and three stories
(LS-3). In contrast, LS-2 might have a better economy and installation portability in
engineering applications in this research.

It should be noted that the above conclusions are based on the results of a three-story
building and, when only one SSD retrofitting configuration is used, the influence of the
geometric sizes of SSD device on the retrofit effect are ignored in this study. In addition,
a limited set of earthquakes inputs is considered in the numerical investigation (i.e., two
mainshocks and four aftershocks earthquakes). However, due to the randomness of a future
earthquake, the main conclusions of the present study are only valid for the examined
earthquake scenarios. Therefore, the generalization of these conclusions for other buildings
and more seismic inputs still needs greater investigations. Moreover, a more thorough
life-cycle cost analysis needs to be conducted in order to select the most optimal retrofitting
scheme for an earthquake-damaged building.
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Abstract: Rebars corrosion phenomena can modify the structural behaviour of reinforced concrete
(RC) members and consequently the seismic performance of RC structures. Since many existing
RC structures are affected by this phenomenon, the influence of the reinforcement corrosion on the
seismic performance is still under examination, especially when the corrosive attack is localized in
the dissipative areas of the plastic hinges. In this work, the effect of localized corrosion is numerically
investigated, through the adoption of a suitable finite element model, object of validation with the
outcomes of an experimental campaign carried out in the Laboratory of the University of Rome “Tor
Vergata”, on un-corroded and corroded RC columns subjected to axial load and cyclic horizontal
actions. Particular attention has been paid to the definition of the three-dimensional model and to
the modelling of the corroded rebars and their corrosion morphology. Indeed, different modelling
strategies are proposed with the aim to properly simulate the cyclic behaviour of the corroded
columns. The main results show how more refined strategies taking into account the morphological
aspects of the corrosion phenomenon produce a better fit with the experimental results for both
Damage Control and Life Safety limit states performance.

Keywords: RC corroded columns; localised corrosion; numerical analyses; modelling strategies;
cyclic actions

1. Introduction

Reinforced concrete (RC) columns play a fundamental role on the seismic performance
of the concrete structure, as they represent its main force-transmitting element. One of the
major degradation causes of RC structures consists in the steel reinforcement corrosion, as
witnessed by recent cases worldwide, especially when the corrosive attack is localized in
the dissipative areas of the plastic hinge and pitting phenomena occur. Steel bars in concrete
are naturally exposed to a high pH environment, which allows the formation of a protective
passivating film. As a consequence of a decrease of the pH value or of a high concentration
of chloride ions, this protective film can undergo to a disruption, causing the trigger of
the corrosion process of the steel reinforcement. In presence of localized concentrations
of chlorides, pitting corrosion of the steel bars occur, with a localized reduction of the bar
section through pits, affecting its internal layers. These phenomena represent a cause of
concern for several RC buildings, particularly when low strength concrete is used. Besides
the obvious reduction of the resistant section, a reinforcement ductility reduction can take
place [1,2]. The formation of expansive corrosion products induces concrete cracking and
high stresses, affecting the bond behaviour between concrete and steel bars [3–6].

These phenomena can cause severe damages leading to structural unexpected crisis
and to failure mechanisms of corroded structures very different from the ones of new or
sound constructions.

Therefore, it is fundamental to examine the effect of the corrosion damage, for a
proper assessment of the seismic capacity of RC columns. Since several RC structures have
nowadays an age close to, or higher than, their design life, this aspect is becoming a worthy
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issue, with the need to be clearly underlined and codified, starting from the analysis of
actual structural cases, experimental and theoretical research [7–13].

The interest in the evaluation of the influence of corrosion on the cyclic behaviour of
RC column is witnessed by the many experimental studies available in literature, carried
out for example on columns characterized by square [14–18] and circular [19] cross sections,
and RC moment-resisting frame [20]. In general, the experimental studies show a reduction
in ductility and load-bearing capacity of RC columns, with increasing corrosion of the
steel rebars.

Consequently, in recent years, several modelling approaches for the numerical assess-
ment of the cyclic behaviour of RC columns subjected to corrosion of steel reinforcement
have been proposed, in order to progressively investigate the numerous involved parame-
ters. In [21] fiber-based models carried out with Opensees are used to numerically predict
the cyclic behaviour of RC hollow bridge piers with corroded rebars, showing a reduction
of strength, secant stiffness and energy loss due to corrosion. In [22] a multi-layered shell
Finite Element (FE) model based on the fixed crack approach is used to consider the cor-
rosion effects on RC elements subjected to cyclic loadings, in order to calibrate correction
coefficient for the ultimate rotational capacity prediction, also in presence of buckling.
In [23] some of the authors proposed a three-dimensional (3D) FE model accounting for
steel corrosion and interface decay, highlighting the onset of peculiar mechanism related to
the buckling of the corroded rebars. A 3D non-linear FE approach is also used in [24], in
which the behaviour of corroded RC columns under seismic loading is studied through
a parametric numerical investigation on 240 RC columns, to assess the influence of the
several involved parameters in the lateral load resistance and ultimate drift capacity. In [25]
a FE model is developed and validated using the results obtained from three different sets
of experimental tests available in literature and used to investigate the effect of localised
and uneven distribution of corrosion on the cyclic response of RC columns, showing the
pitting influence on the plastic hinge length.

However, according to recent guidelines [26], the prediction of the bearing capacity of
RC elements affected by reinforcement corrosion can be made with simplified approaches,
based on the reduction of the steel area. It is worth to highlight that these methodologies
could be suitable for predicting the load bearing capacity of the RC element but could
be misleading in the evaluation of the local and global ductility, significantly affected
by corrosion.

Aim of the paper is the development of a numerical model for the evaluation of the
influence of localized corrosion on the cyclic behaviour and failure modes of RC columns.
The paper follows and completes previous research developed by some of the authors
in experimental [15] and numerical [21] way, on the influence of the corrosion of the
longitudinal rebars on the cyclic response of column specimens.

Indeed, a numerical model is developed, able to catch and highlight all the phenomena
occurring in elements characterized by localised corrosion, under cyclic loads, paying much
care in the definition of the 3D model and in the simulation of the rebar corrosion. To this
aim, different modelling strategies (MS) are adopted, respectively based on: reduction of
constitutive law by uniform or pitting corrosion; bar discretization and section reduction;
bar discretization and morphology based constitutive law reduction. The described models
are validated through a comparison with the results of experimental tests developed at the
Laboratory of the University of Rome “Tor Vergata” on four full-scale square RC columns
subjected to cyclic loads and characterised by localised rebar corrosion [27].

The reference experimental survey on the four full-scale RC columns, cast and tested
under cyclic load is presented in Section 2. The column geometry, the details of the
artificial corrosion process of the steel reinforcement, and the cyclic loading system are
here presented. The main outcomes of the performed tests are outlined, in terms of
effective corrosion amount and morphology evaluated after the tests and in terms of
load-horizontal displacements graphs. Section 3 is devoted to the description of the
developed numerical models, with particular reference to the definition of the geometry of
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the specimen, boundary conditions, material properties (concrete and steel reinforcement)
and load patterns. As previously described, different strategies are proposed and compared
for the modelling of the corroded reinforcement. The section ends with a description of the
modelling of the bond between reinforcement and concrete and of the expectations about
results, on the basis of the visual inspection and morphological study of the reinforcement.
In Section 4 the results of the performed numerical analysis are shown, with reference to
un-corroded and corroded elements, to outline the pros and cons of the different modelling
strategies to study the effect of non-uniform steel rebars corrosion on the cyclic behaviour
of RC columns. Finally, in Section 5 the main findings are summarized, underlining the
sharp effect of localised corrosion on the structural behaviour and failure mode of RC
columns and the importance to perform cyclic analysis for existing structures subjected to
decay phenomena.

2. Reference Experimental Survey

The reference experimental survey was performed at the Laboratory of the University
of Rome “Tor Vergata”, where four RC columns were cast and tested [27]. The specimens,
with a height of 1800 mm and a 300 mm × 300 mm square section, were reinforced with
four Φ16 mm longitudinal bars (Figure 1a). Two spacing values, equal to 250 mm and
300 mm, of the closed Φ8 mm stirrups were considered. The concrete cover was equal to
30 mm. The elements were cast on a 1500 mm × 750 mm × 500 mm foundation (Figure 1a).

  

(a) (b) 

Figure 1. (a) Column geometry; (b) artificial corrosion process.

For each of the two considered stirrups spacing, one column was kept un-corroded
for reference (A), while a second one was subjected to a process of artificial corrosion of
the steel reinforcement (B) at the column base. A 3% saline solution was contained in a
PVC Ø500 mm pipe, placed around the column and fixed to the foundation, up to a height
of about 600 mm from the foundation extrados (Figure 1b). The longitudinal rebars were
connected to the positive pole of the power supply (anode), while a Ø10 diameter steel bar,
placed inside the PVC pipe, acted as the cathode. A current intensity equal to 0.05 A for
each bar was adopted. Table 1 shows the layout of the experimental program.
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Table 1. Layout of experimental program.

Specimen Stirrups Spacing Corrosion

A25
250

-
B25 �
A30

300
-

B30 �

The effective corrosion amount and morphology were evaluated after the tests, by
extracting the steel rebars from the specimens B25 and B30, characterised by stirrup spacing
of 250 mm and 300 mm, respectively. Both the longitudinal and transversal reinforcements
were corroded, and a sharp localization of the corrosive attack took place. In particular,
even if the mass loss was about 24% in both the specimens, deep pits were observed in the
longitudinal bars up to a diameter reduction of more than 30% in the specimen B25, and
up to 50% in the column B30. The corrosion morphology played a fundamental role in
defining the failure mode, as highlighted in the following.

The test set-up is shown in Figure 2. An axial load equal to 300 kN was applied
to the top column with a self-balanced system and with two high strength rebars, each
one connected to a hydraulic jack. After the axial load application, a cyclic horizontal
displacement history, with increasing amplitude, was imposed at a height h from the
foundation extrados equal to 1.5 m, up to the failure. To this aim, an electro-mechanical
jack was fixed to the load frame of the laboratory and linked to the column employing a
hinged bar system, in which a load cell was placed. The loading history consisted of three
complete cycles, for different values of the column drift, defined as the ratio between the
horizontal displacement δ at the load application point and the height h.

Figure 2. (a) Scheme of Test set-up; (b) test set-up.

The experimental results in terms of load-horizontal displacements are summarised
in Figure 3a, with reference to the columns A25 and B25, and in Figure 3b for specimens
A30 and B30. In both cases, a decrease of the maximum load of about 30% was measured.
A great influence of the corrosion can be observed in the shape of the cycle and then in the
ductile behaviour of the elements. Mainly with reference to specimen B30 (sharply affected
by very localised corrosion), the pinching effect can be clearly appreciated, due to the onset
of brittle mechanisms. Further details can be found in [27].
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(a) (b) 

Figure 3. Experimental test results; (a) un-corroded A25-corroded B25 specimens; (b) un-corroded A30-corroded B30 specimens.

3. FEM Model

Non-linear numerical analyses are performed with the FEM code DIANA 10.5 (2021),
to obtain a reliable predictive model for the cyclic behaviour of corroded RC columns. In
this section, the geometry of the specimen, the boundary conditions, the material properties
and the load patterns, all assumed in agreement with the experimental tests, are presented.

3.1. Geometry, Element Assumption and Analysis

The numerical model is shown in Figure 4a. The considered reference system is super-
imposed in the same figure. Concrete elements are modeled with the eight-node structural
solid element. Through a mesh generator, a desired element size of 50 mm for the column
concrete core and the concrete cover is considered, while a size of 100 mm is set for the
foundation concrete. The longitudinal reinforcement is modeled as truss bond-slip rein-
forcement, while the columns transverse reinforcement and the foundation reinforcement
are modeled as embedded reinforcement. The “element by element” discretization method
is used for reinforcement. In Figure 4b the casting position of the corroded reinforcements,
together with the load direction x, is shown.

 

(b) 

(a) (c) 

Figure 4. (a) Numerical model, (b) Column base cross-section and corroded bars casting position, (c) Displacement history
adopted in the non-linear analyses.
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Regarding the boundary conditions, translational restraints in the orthogonal direction
to the base and side faces of the foundation are applied, to simulate the foundation clamping
provided during the experimental test. A translational restraint at the column top and
along the load direction is modeled to perform a displacement control non-linear cyclic
analysis. Therefore, a tying constraint for the nodes of the cross-section at the load height
is applied to impose the equality of the x-component of the displacement.

The non-linear structural analyses are performed by applying in a first phase the
axial load of 300 kN at the top of the column, then the displacement histories shown in
Figure 4c is applied in accordance with experimental tests (up to 3.5% Drift for un-corroded
specimens and up to 1.5% drift for corroded specimens). The structural non-linear analyses
are performed using a regular Newton-Raphson iterative method for the solution of the
non-linear equation set (imposing 20 maximum number of iterations for step) with a
convergence norm based on displacement and force (convergence tolerance is assumed
equal to 0.01).

3.2. Concrete Modelling

The concrete elements are modeled through the Total Strain Crack Model (TSCM)
theory [28,29], considering a rotating cracks orientation. The compressive behaviour of
concrete is modeled according to the parabolic curve, based on the fracture energy [30,31].
The compressive strength was assumed equal to 20 MPa, in agreement with the exper-
imental test results. The concrete Elastic Modulus and the compressive fracture energy
are derived from the compressive strength as indicated in [32]. The concrete stress con-
finement was considered by adopting the model proposed in [29], through a pre-strain
concept in which the lateral expansion effects are accounted for with an additional external
loading on the elements. The concrete tensile behaviour is modeled with the exponential
softening law. The tensile strength and the Mode-I fracture energy are calculated as a
function of the compressive strength according to [32]. The crack bandwidth in agreement
with [33] is evaluated as the cube root of the element’s volume. The cracking and spalling
of the concrete cover due to corrosion products are considered by reducing the concrete
cover compressive strength in accordance with [10], in which the model proposed by [28],
based on the average tensile strain in the transverse direction, is used. As regards the
cyclic behaviour, it is to remark that the TSCM is characterized by a secant unloading in
both compression and tension [30], and then the contribution to the energy dissipation of
the concrete could be slightly underestimated. Nevertheless, this model was chosen and
adopted in the numerical simulation for its stability and reliability in non-linear analyses.

3.3. Steel Reinforcement Modelling

The steel reinforcement has been simulated with the isotropic non-linear constitutive
model of Menegotto and Pinto [34]. The constitutive-model parameters were calibrated on
the results of tensile tests on the reinforcements used in previous experimental tests made
by some of the authors [15]. The model parameters for the un-corroded reinforcement are
shown in Table 2. With reference to the corroded reinforcement, one of the goals of this
work is to propose and compare different modelling strategies, presented below.

Table 2. Un-corroded steel reinforcement Menegotto-Pinto parameters.

Steel Esteel Density fyielding b0 R0 A1 A2 A3 A4

MPa kN/m3 MPa - - - - - -
B450C 210,000 78 520 0.0062 20 18.5 0.15 0.01 7

3.3.1. Corroded Rebars of the Experimental Test

To better understand the effect of both corrosion localization and pitting phenomenon,
particular attention was paid to the morphology of the corroded reinforcements. Following
the experimental tests, the pieces of the bars subjected to artificial corrosion (i.e., those in
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the plastic hinge regions) were extracted from the concrete and cleaned of the excess rust to
evaluate their mass loss and their corrosion morphology (Figures 5 and 6 for the corroded
specimens B25 and B30, respectively). The steel rebars are named according to Figure 4b.

  
(a) (b) 

  
(c) (d) 

Figure 5. Corroded Rebars, Column B25. (a) Bar 1-2, (b) Bar 2-3, (c) Bar 3-4, (d) Bar 4-1.

  
(a) (b) 

  
(c) (d) 

Figure 6. Corroded Rebars, Column B30. (a) Bar 1-2, (b) Bar 2-3, (c) Bar 3-4, (d) Bar 4-1.

The average loss mass of each bar was calculated by weighing the specimens, as
summarized in Table 3. It is worth noting that the asymmetrical cyclic behaviour of the
column B30 (Figure 3b) is due to the difference in the mass loss values of the bars, strongly
corroded on a side and moderately corroded on the other (Table 3 and Figure 4).

Measurements of the bars’ cross-section minimum diameter, carried out repeatedly
along the length of the bars, were performed. These measures are useful for the morphology
evaluations, characterizing the modelling strategies 3 and 4 presented in this section.
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Table 3. Weight and loss mass value of the corroded steel rebars.

Column Bar Lenght Un-Corroded Weight Corroded Weight Mloss%

[mm] [g] [g] -

B-25

1-2 705 1114 840 25%
2-3 698 1103 810 27%
3-4 710 1122 835 26%
4-1 710 1122 920 18%

B-30

1-2 700 1106 750 32%
2-3 696 1100 900 18%
3-4 700 1106 915 17%
4-1 696 1100 760 31%

3.3.2. Modelling Strategy 1: Reduction of Constitutive Law by Uniform Corrosion

The steel constitutive law is broken down according to [35], in which the degradation
relationships for uniform corroded steel rebars are proposed. The reduction of the constitu-
tive parameters occurs for each bar, as a function of the actual mass loss (Table 3). In this
way, only the portions of the longitudinal reinforcements subjected to corrosion, i.e., the
plastic hinge regions, are modeled with a reduced constitutive laws. Table 4 shows the
mechanical parameters reduction for modelling strategy 1.

Table 4. Mechanical parameter reduction for modelling strategies 1 and 2.

Column Bar Mloss% fy,uniform εy,uniform fy,pitting εy,pitting

- MPa - MPa -

B-25

1-2 25% 334 0.16% 261 0.12%
2-3 27% 319 0.15% 240 0.11%
3-4 26% 326 0.16% 250 0.12%
4-1 18% 386 0.18% 333 0.16%

B-30

1-2 32% 281 0.13% 188 0.09%
2-3 18% 386 0.18% 333 0.16%
3-4 17% 393 0.19% 344 0.16%
4-1 31% 289 0.14% 198 0.09%

3.3.3. Modelling Strategy 2: Reduction of Constitutive Law by Pitting Corrosion

The second modelling strategy, in analogy with the first, provides for the reduction of
the steel constitutive law, but in this case considering the phenomenon of pitting corrosion.
Pitting causes localized section reductions in the bar through pits, affecting internal layers
of the steel bar and further reducing the strength and ductility of the reinforcement. Again
in [35], the degradation relationships for pitting corrosion from literature review data
are presented. Table 4 shows the assumed mechanical properties according to modelling
strategy 2 for both corroded specimens.

3.3.4. Modelling Strategy 3: Bar Discretization and Section Reduction

The “macro-morphology” of the reinforcing bars is considered in the third modelling
strategy. In this case, the measurements of the minimum diameter along each corroded bar
developed during the experimental tests, are exploited to discretize the bar in pieces over
its corroded length. Therefore, an equivalent section is considered for each piece identified.
It should be noted that the diameter measurement of bars deformed by test loads, due
to yielding or distortion, is omitted from the discretization process. The longitudinal bar
is then modeled through connected in series truss bond-slip reinforcement elements, to
which a reduced section diameter is assigned. It is remarked that through this strategy no
direct reductions are applied on the constitutive laws of the reinforcements.

136



Appl. Sci. 2021, 11, 9761

3.3.5. Modelling Strategy 4: Bar Discretization and Morphology-Based Constitutive
Law Reduction

Strategy 4 accounts for both the “macro-morphological” aspects, i.e., the variation of
corrosion along with the reinforcement, and the “micro-morphological” aspects, i.e., pitting
on the cross-section of the bar. The morphology of the bars’ cross-section is considered
using the model proposed by Val and Melchers [36], summarized in Figure 7, in which the
maximum penetration is linked to the net sectional area of the corroded bar, considering a
hemispherical form of pits.

Figure 7. Pit configuration, model by Val and Melchers [36].
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Then an inverse method was used to iteratively search the “pitting factor” R
(i.e., maximum vs. average penetration ratio) of each bar (Figure 8). Firstly an initial
guess value for the “pitting factor” is assumed and, considering the measured maximum
penetration of the corroded sections of the bar, the mass loss value for each piece of the
corroded bar is evaluated through the Val and Melchers model [36] with Equations (1)–(3).
The “calculated mass loss” of each bar is evaluated as the weighted average on the length
of each bar piece. If this parameter is equal to the experimental mass loss measured after
the tests, the “pitting factor” is then determined. Otherwise, a new “pitting factor” guess
value is set in the iterative procedure, until the satisfaction of the check test.

Following this procedure, the influence of the pitting phenomenon has been evaluated
for each bar and then the loss mass value assigned to each section of the bar has been
optimized according to the pitting factor. In order to significantly compare the numerical
results, the same discretization along the bars adopted in the strategy 3 was also applied in
this case. Tables 5 and 6 summarize the results obtained with the methodology previously
described for all corroded bars, relating to specimens B25 and B30 respectively.
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Figure 8. Flow chart of the inverse method for morphology-based mass loss evaluation.

Table 5. Pitting factor and lost mass assumed for strategy 4, column B25.

Column Bar Measured Mloss% Pitting Factor Piece Lenght Piece Mloss%

[mm]

B-25

1-2 25% 1

115 27%
200 14%
30 40%
285 16%
70 40%

2-3 27% 1

22.5 12%
52.5 40%
300 29%
200 15%
115 35%

3-4 26% 1
20 12%
250 40%
430 14%

4-1 18% 1
275 13%
300 5%
125 22%

Figures 9 and 10 resume the modelling assumptions made for the “macro-morphology”
and “micro-morphology”, respectively. Indeed, the bars’ discretization is shown through
the comparison between measured diameter and assumed diameter. Furthermore, the
results of the morphology-based mass loss evaluation are reported through a comparison
between the measured mass loss and the assumed mass loss. In these figures, the 0 cm
progressive distances of the bar correspond to the column-foundation interface, while
the progressive 70 cm corresponds to the top of the corroded bar piece. The longitudinal
reinforcement is then modeled through connected in series truss bond-slip reinforcement
elements, to which reduced constitutive laws are also set, according to [35] in the case of
uniform corrosion, as a function of the calculated loss mass of each bar piece.
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Table 6. Pitting factor and lost mass assumed for strategy 4, column B30.

Column Bar Measured Mloss% Pitting Factor Piece Lenght Piece Mloss%

[mm]

B-30

1-2 32% 2.6

155 25%
200 40%
80 28%
135 40%
120 20%

2-3 18% 6.5

275 11%
65 24%
150 11%
135 40%
65 15%

3-4 17% 5.9

210 11%
215 21%
85 15%
65 31%
115 12%

4-1 31% 4.8
575 35%
115 15%

  
(a) (b) 

  

(c) (d) 

Figure 9. Assumptions for corroded bars (modelling strategies 3 and 4) compared with original measurement, Specimen
B25. (a) Bar 1-2, (b) Bar 2-3, (c) Bar 3-4, (d) Bar 4-1.
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(a) (b) 

  
(c) (d) 

Figure 10. Assumptions for corroded bars (modelling strategies 3 and 4) compared with original measurement, Specimen
B30. (a) Bar 1-2, (b) Bar 2-3, (c) Bar 3-4, (d) Bar 4-1.

3.4. Bond Modelling

The bond between reinforcement and concrete is modeled according to [32], consider-
ing splitting failure and good bond conditions. The differences in the bond laws between
the two un-corroded specimens are considered by the different confinement effects given
by the stirrups. The expansion of corrosion oxides and the cracking of the concrete cover
have a deterioration effect on the bond. Several experimental studies and analytical for-
mulations are available in the literature for the evaluation of the bond between concrete
and corroded bars [4,37–39]. In this paper, the law proposed by [40], based on regression
analyses of experimental data is adopted for the bond degradation as a function of the
corrosion penetration. The model accounts for the amount of transverse reinforcement
and predicts the residual bond strength, in relationship to either corrosion penetration or
surface crack width. These analyses refer to medium-low corrosion levels, i.e., corrosion
penetration up to 0.5 mm. In fact, when the corrosion increases, the bond is reduced until
the collaboration between steel and concrete is almost negligible. For this reason, beyond a
penetration value equal to 1 mm, a perfect plastic frictional bond behaviour with a bond
strength value equal to 0.1 MPa [41,42] is considered. In Figure 11 an example of the bond
law reduction assumed for the bars of corroded specimens is presented. As regards the
unloading/reloading behaviour, the model unloads with a linear stiffness, that is equal to
the initial stiffness, until the opposite residual stress value is reached. This stress value is
kept until the back-bone curve in the opposite direction can be picked up [30].
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Figure 11. Example of bond law reduction.

3.5. Expectations about Results

Based on the visual inspection of the reinforcement (Figures 5 and 6) and of the pitting
factors R identified through the morphological study described in the previous section
(Tables 5 and 6), it is highlighted that the pitting phenomenon is more pronounced for
specimen B30. Vice versa specimen B25 shows a rather uniform corrosion morphology.
Based on this evidence, the following authors’ expectations for the B25 specimen are made:

• Modelling strategy 1 could be suitable for capturing the ultimate behaviour of the
specimen, while for the pre-yield behaviour there could be some differences with the
real response, as an average loss mass value is considered and the influence of the
corrosion localization is neglected.

• Modelling strategy 2 should underestimate the capacity of the specimen since the
degradation relationships for pitting are too severe in the case of uniform corrosion,
as for specimen B25.

• Modelling strategy 3 should improve the result of strategy 1 since the section reduction
that is modeled is intrinsically a uniform reduction. Furthermore, considering the
geometry of the bar along its length and the relative bond degradation, the stresses in
the reinforcement and at the concrete interface should be better understood.

• Modelling strategy 4, which is assumed to be the most complete, should provide
the best results, in fact, even if the morphological study did not show strong pitting
phenomena, the reduction of the constitutive law is still more refined than the section
reduction, as the microscopic effects of corrosion on the bars are considered.

Otherwise, for the B30:

• Modelling strategy 1 should overestimate the ultimate behaviour of the experimental
test since medium-high pitting factors were detected for the specimen. Furthermore,
it is believed that the results related to the post-cracking behaviour could not be able
to provide reliable predictions, since average values of loss mass are used.

• Modelling strategy 2 should better fit the experimental response, with particular
reference to the ultimate behaviour, since specific regressions for pitting corrosion
are used.

• Modelling strategy 3 should not be suitable for pitting. In particular, the numerical
solution could diverge from the real one as the pitting factor could be not representa-
tive of the actual condition. Indeed, since the assumption on the section reduction is
intrinsically uniform and based on the minimum diameter, generally, the rebar area
introduced in the numerical model could be lower than the actual one.

• Modelling strategy 4 should provide better results also in the case of pitting corrosion
since the evaluation of the loss mass of each section of the bar is calibrated with the
morphological model.
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4. Results

4.1. Un-Corroded Specimens

The results of the non-linear numerical analyses, relating to the un-corroded speci-
mens, are shown in Figure 12.

  

(a) (b) 

Figure 12. Comparison between experimental and numerical response, un-corroded columns. (a) specimen B25,
(b) specimen B30.

As regards column A25, the main results in terms of load capacity and drift at the
maximum capacity are in perfect agreement with the experimental results, as shown in
Table 7. For column A30, even if it was not possible to catch the slight asymmetry of the
cyclic behaviour, the results of the numerical analyses, reported in Table 7, can be considered
satisfactory. Overall, the force-drift cyclic curves obtained through the numerical model
show a good fit with the experimental results. The goodness of the results in terms of
capacity, displacement, and energy dissipation means that the numerical model is validated
by the experimental test and that it represents a reliable base for evaluations regarding the
modelling of corroded bars and their effect on the cyclic behaviour of the columns.

Table 7. Main results of un-corroded specimens, experimental vs. numerical.

Specimen Max. Load (+) Drift at Max. Load (+) Δload (+) Max. Load (−) Drift at Max. Load (−) Δload (−)

kN kN

A25
Exp. 59.2 1.51% −4.10%

−60.7 −1.83% −6.18%Num. 56.8 1.30% −56.9 −1.73%

A30
Exp 63.7 2.94% −11.97%

−58.7 −1.85% −3.75%Num 56.0 1.43% −56.5 −1.43%

4.2. Corroded Specimen

In this section, the numerical results of corroded specimens, with reference to each
of the considered modelling strategies, are reported and compared with the reference
experimental tests (Section 2). In Tables 8 and 9 the main results for the different modelling
strategies are summarized respectively for columns B25 and B30, in terms of maximum
load, drift at the maximum load, and percentage difference of the numerical load capacity
with respect to the experimental one.
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Table 8. Main results of corroded specimens B25, experimental vs. numerical.

Specimen Max. Load (+)
Drift at Max.

Load (+)
Δload (+) Max. Load (−)

Drift at Max.
Load (−)

Δload (−)

kN kN

B25

Experimental 43.96 0.78% −38.42 −1.00%
MS-1 40.85 1.17% −7.07% −40.47 −1.10% 5.33%
MS-2 38.58 1.10% −12.25% −36.20 −1.03% −5.76%
MS-3 42.99 1.00% −2.20% −37.39 −0.011 −2.68%
MS-4 42.77 0.80% −2.70% −37.53 −1.30% −2.32%

Table 9. Main results of corroded specimens B30, experimental vs. numerical.

Specimen Max. Load (+)
Drift at Max.

Load (+)
ΔLoad (+) Max. Load (−)

Drift at Max.
Load (−)

ΔLoad (−)

kN kN

B30

Experimental 41.65 0.88% −42.00 −0.75%
MS-1 40.76 0.93% −2.12% −46.15 −1.23% 9.88%
MS-2 36.33 0.67% −12.76% −43.82 −1.03% 4.32%
MS-3 31.51 1.00% −24.34% −35.76 −1.10% −14.87%
MS-4 38.64 0.87% −7.22% −42.11 −1.17% 0.25%

4.2.1. Modelling Strategy 1

It is worth reminding that in this strategy the constitutive laws of steel are reduced
as a function of the loss mass, that was measured directly on the bars, following the
experimental tests. The numerical results, compared with the experimental ones, are
reported in Figure 13.

 
(a) (b) 

Figure 13. Comparison between experimental and numerical response, corroded specimens, MS 1. (a) column B25,
(b) column B30.

The cyclic behaviour, characterized by pinching, is well-caught thanks to the bond re-
duction, which in the loading and unloading phase reduces the collaboration between steel
and concrete. The latter aspect, however, in a modelling strategy that does not consider the
variation of the section along the bar, leads to excessive slip of the bars with the consequent
over-estimation of the yield drift. The crack patterns obtained through numerical simula-
tions are in good agreement with the experimental observations, with the formation of base
cracks that open and close during the cycles as shown below. This crack is precisely due
to the bond losses and reinforcement sliding, which also reduces the energy dissipation.
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Similar comments can be drawn for column B30: a good approximation of the ultimate
load, but a poor prediction of the pre-yield behaviour are found. Furthermore, given the
reduction of the mechanical properties due to uniform corrosion, an overestimation of the
capacity was expected for the column with pitting phenomenon, as B30. As a matter of
fact, this outcome is obtained in the negative load direction only. The main results for the
numerical cyclic behaviour of modelling strategy 1 are reported in Tables 8 and 9.

4.2.2. Modelling Strategy 2

In this case, the constitutive law of the reinforcement rebars was reduced with the
pitting corrosion degradation relationship as a function of the mass lost by the reinforce-
ment. The numerical cyclic responses for specimens B25 and B30 are reported in Figure
14a, b respectively. Results for B25, reported in Table 8, showed an incorrect prediction of
the cyclic behaviour. Neither the ultimate behaviour nor the one preceding the reinforce-
ment yielding are accurately captured and the cyclic dissipation is underestimated. All
these results were expected since the reduction of the bond by pitting is too severe for a
column that has shown signs of roughly uniform corrosion. The analyses for specimen B30
are not entirely satisfactory. In fact, for this column, which is most affected by pitting, a
good fit with the ultimate behaviour was expected. Instead, the numerical result slightly
underestimates the experimental one in the positive load direction, while in the negative
direction a good fit is obtained. This result may be acceptable since the degradation re-
lationships for pitting used in [35] are made by data regression on several experimental
campaigns, therefore a slightly lower reliability of the results is attended when the bars are
heavily corroded (i.e., positive load direction). As regards the cyclic behaviour, the same
considerations made for specimen B25 apply. This outcome demonstrates/confirms that in
case of localization of corrosion in the bar, assuming an average value of mass loss for the
whole bar can be misleading and can lead to results different from the real behaviour in
the pre-yielding stage.

 
(a) (b) 

Figure 14. Comparison between experimental and numerical response, corroded specimens, MS 2. (a) Column B25,
(b) Column B30.

4.2.3. Modelling Strategy 3

In this strategy, every single corroded bar was modeled with connected in series
truss bond-slip elements, having attributed to each one an equivalent section based on
the measurements performed directly on the bar. The numerically predicted behaviours
for specimens B25 and B30 are reported in Figure 15. The main results are listed in
Tables 8 and 9 respectively.
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(a) (b) 

Figure 15. Comparison between experimental and numerical response, corroded columns, MS 3. (a) Column B25,
(b) Column B30.

It can be noted that for specimen B25 the results of the numerical analyses improve
if compared to the two previous modelling strategies. A better fit of the post cracking
behaviour is identified. Indeed, if the bar is discretized in pieces and constitutive law and
bond law are assigned to each part, the stresses in the bar and at the interface with the
concrete are better predicted. Furthermore also cyclic dissipation and crack patterns are
better described than in previous strategies.

As expected, the result of specimen B30 excessively underestimates the observed
experimental response. This outcome was predictable since the section reduction was
based on the minimum measured diameter, neglecting the actual pitting morphology
(Figure 7). In any case, the results of the numerical analysis, even if they are not able
to validate this model for the pitting, confirm that column B30 is affected by the pitting
phenomenon and what emerged from the morphological analysis reported in Section 3.

4.2.4. Modelling Strategy 4

The aim of strategy 4 is the modelling of the phenomenon as detailed as possible,
considering both the corrosion localization along the bar (macro-morphology) and the
corrosion morphology in the cross-section of the bar (micro-morphology). The benefits in
terms of fitting the numerical curves emerge from the comparison with the experimental
results (Figure 16). About the B25 column, it can be noted that the behaviour in the post-
cracking phase has been improved. In fact, both the capacity and the drift for which
the first crack and the yielding of the reinforcements occur are captured. Likewise, the
ultimate behaviour of the column has been correctly identified. The cyclic dissipation is in
agreement with the experimental results, as well as the cracking pattern as shown below.
The latter is, also in this case, governed by the formation of the main crack at the base of
the column, in which the reinforcements, given the reduction of the bond, slide exchanging
minimum stresses with the concrete. This aspect is found in the pinching that characterizes
the response curves. In conclusion, the results of the analyses confirm that the numerical
model is very suitable for the prediction of the cyclic behaviour of reinforced concrete
columns subjected to roughly uniform corrosion. The considerations made concerning
column B25 are also valid for column B30. The model provides satisfactory results and is
therefore validated by the experimental test. Compared to the other modelling strategies,
the results considerably improve, confirming the importance of the morphological study
explained in Section 3. Still, a slight underestimation of the capacity in the positive load
direction is observed for column B30, but it is considered acceptable.
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(a) (b) 

Figure 16. Comparison between experimental and numerical response, corroded specimens, MS 4. (a) column B25,
(b) column B30.

5. Discussion

In the previous section, the main results relating to the numerical models for both
specimens B25 and B30 and the proposed modelling strategies have been reported. In
general, the authors’ expectations regarding the model responses were largely met. From
the comparison with the experimental results, it emerged that the modelling strategies
based on the constitutive law and bond law reduction as a function of the average loss
mass of the corroded bars (i.e., modelling strategies 1 and 2) are suitable for the prediction
of the ultimate capacity of the structure. Furthermore, it is noted how, attributing distinct
values of the bars’ mass loss (instead of a single value for all the bars of the column), allows
to catch the cyclic asymmetrical behaviour due to corrosion, as in the case of the column
B30. As regards the post-cracking behaviour, it emerged that these strategies (MS 1 and 2)
may underestimate the capacity and overestimate the yielding displacement. The authors
believe that this deficiency is linked to the fact that the variation of corrosion along the bar
is neglected and therefore neither the possible localized bar section reductions nor good
bond areas are considered. These strategies risk being not accurate for the prediction of
the Damage Control Limit State in the seismic performance assessment, especially as the
corrosion degree increases, since the formulations available in the literature are affected by
high results’ dispersion. The authors also noted that the results for pitting corrosion could
be more inaccurate than those for uniform corrosion and therefore believe that, given the
danger of the phenomenon, new experimental campaigns must be conducted for the pitting
degradation relationship of reinforcements, focusing on the localization of the corroded
areas and the influence of the pits. The results relating to modelling strategies 3 and 4
showed that considering detailed micro and macro morphological aspects allows improv-
ing the predictivity of the model in main aspects related to the cyclic behaviour of the
corroded columns. While strategy 3 proved to be suitable only for columns characterized
by roughly uniform corrosion, strategy 4 proved to be very suitable for both specimens and
therefore for both types of corrosion. It is also underlined that in addition to the force-drift
curves, the numerical models are in agreement with the experimental results with regard to
the cracking pattern. This, for corroded columns, is characterized by the opening of a main
crack close to the base of the column and by the cyclic slipping of the reinforcement, with a
reduction of the collaboration between steel and concrete and of the energy dissipation, as
it is emphasized by the pinching in the force-drift curves. Figure 17 shows an example of
comparison between the cracking pattern numerically and experimentally obtained.
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(a) (b) 

Figure 17. Comparison between cracking pattern, numerical vs. experimental, column B25, drift = −1.5%. (a) Numerical,
(b) Experimental.

The results of the four strategies of numerical analyses and the experimental response
have been superimposed in terms of monotonic load-displacement curves, obtained as
envelopes of the cyclic ones in Figure 18a,b relatively for B25 and B30.

 
(a) (b) 

Figure 18. Comparison between experimental and numerical response, monotonic curves. (a) Column B25; (b) column B30.

From the comparison, the coherence between the models emerges. In particular,
strategy 4 stands out for being close to 1 in the case of uniform corrosion and instead
tends to migrate towards strategy 2 in the case of pitting corrosion. It should be noted
that numerical models tend to underestimate the energy dissipated by the specimens. As
mentioned in Section 3.2, this can be due to the model adopted for the concrete (TSCM),
that tends to underestimate the energy dissipation of the concrete, and also due to some
asymmetric sliding shear phenomena verified during the tests, not fully captured by the
numerical model. Finally, it is also noted that almost no model is able to capture the cyclic
degradation of strength by a shear mechanism, which can be seen in the last cycles of the
experimental tests of corroded columns. These results can be justified by the numerical
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assumption of considering an average corrosion level in the stirrups, since no detailed
measurements are available for the transversal reinforcement.

6. Conclusions

In this work, the cyclic behaviour of RC columns subjected to localized corrosion in
the plastic hinge regions was investigated through FE modelling and non-linear analyses.
The validation of the numerical models was performed through the comparison with
the results of an experimental campaign carried out by some of the authors. Particular
attention was paid to the modelling of the corroded rebars and their corrosion morphology.
The comparison between the numerical results showed how the most common modelling
strategies, which operate according to the section or constitutive law reduction as a func-
tion of the average corrosion of the bars, are suitable for the evaluation of the ultimate
capacity. Nevertheless, given the uncertainties that characterize the phenomenon from the
morphological point of view, they may present deficiencies in the seismic performance
assessment (i.e., at the Damage Control performance stage). The strategies based on the
morphological study of the corroded bars show, instead, a very good fit for all the cyclic
behaviours. The results, therefore, demonstrated how the behaviour of the RC corroded
columns depends both on the nature of corrosion (uniform vs. pitting) and on the local-
ization of damage along with the structural element, both on aspects of a random nature
that affect the structural response. However, it must be considered that the most refined
modelling strategies are difficult to implement for the assessment of real existing structures,
as they make use of detailed data and measurements that cannot be obtained with the same
precision through on-site surveys. The authors, therefore, believe that to maintain the easy
application approach based on the reduction of the constitutive law as a function of the
mean mass loss, a new experimental campaign for the mechanical behaviour of corroded
bars, which focuses on pitting and localization, is necessary. Furthermore, the assessment
of corroded existing RC structures should take into account the probabilistic aspects of the
morphology of the corrosion phenomenon.
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Abstract: Many structural retrofitting methods tend to only focus on how to improve the strength
and ductility of structural members. It is necessary for developing retrofitting strategy to consider not
only upgrading the capacity but also achieving rapid and economical construction. In this paper, a
new retrofitting details and technique is proposed to improve structural capacity and constructability
for retrofitting reinforced concrete beams. The components of retrofitting are prefabricated, and
the components are quickly assembled using bolts and chemical anchors on site. The details of
modularized steel plates for retrofitting have been chosen based on the finite element analysis.
To evaluate the structural performance of concrete beams retrofitted with the proposed details,
five concrete beams with and without retrofitting were tested. The proposed retrofitting method
significantly increased both the maximum load capacity and ductility of reinforced concrete beams.
The test results showed that the flexural performance of the existing reinforced concrete beams
increased by 3 times, the ductility by 2.5 times, and the energy dissipation capacity by 7 times.

Keywords: retrofitting; modular; finite element analysis; flexural behavior; ductility

1. Introduction

Structural members need to be strengthened through retrofitting due to revision
in the current design code or change in load. The retrofitting methods using jacketing
have mainly been investigated by many scholars to improve the strength and ductility of
existing structural members. Steel jacketing or fiber-reinforced polymer (FRP) jacketing is
a commonly employed method used to retrofit concrete beams and columns.

Steel jacketing consists of steel angles or plates with different thicknesses, widths, and
spacing and they are installed by welding. Cement or epoxy mortar fills the gap between the
jacket and concrete column. Several studies have been conducted evaluating the structural
performance of steel jacketing. Garzon-Roca et al. [1] experimentally investigated the
behavior of beam-column joint strengthened with steel caging under combined bending
and axial load. The test results showed that steel caging increases both the failure load and
ductility of the columns. Adam et al. [2] presented parametric study using the finite element
model and carried out analyzing the behavior of reinforced columns strengthened by steel
caging. Wei and Wu [3] tested concrete columns retrofitted with high strength steel wire and
proposed stress-strain relationship. Tarabia and Albakry [4] conducted an axially loaded
test on ten column specimens. The size of steel angles, strip spacing, and grout material
were considered as parameters. They reported that most of the specimens were failed due
to buckling of the steel angle by crushing of the columns. Alvarez et al. [5] presented the
nonlinear analysis procedures for concrete columns retrofitted with steel jackets. Backbone
curves were constructed of circular and rectangular retrofitted columns to evaluate the
response of jacketing columns. Chrysanidis and Tegos [6] proposed new type of hybrid
jackets composed of metal grid jacket and high strength mortar. It has been proven that the
proposed systems can improve strength and ductility than conventional method.
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This technique is widely used in construction field due to cost-effective, developing
lateral strength, and axial load carrying capacity. However, it is mainly applied to the
column due to weight and welding. Additional lifting equipment is required for installation
of tube type steel jacket without welding on site because the steel jacket is prefabricated
considering member size.

Composite material was used in the jacketing method to improve movement and
installation problems. Commonly carbon or aramid fibers with resin or epoxy resin is used
for FRP jacketing. Maaddawy [7] examined the effect of eccentrically load of the concrete
column retrofitted with FRP jacketing. It was concluded that the strength of columns
decreased as eccentricity ratio increased. A number of studies have been evaluated the
efficiency of a FRP jacket joining [8–10]. The behavior of concrete columns retrofitted with
FRP jacket subjected to seismic loads was investigated based on experimental and analytical
results [11,12]. Experimental investigation was performed to explore the performance of
eccentrically loaded rectangular RC columns with different CFRP strengthening schemes
and preloading levers by Wang et al. [13]. The results indicated that ultimate capacity
can be significantly enhanced by full wrapping of CFRP. They also proposed calculation
model to predict the axial load and bending moment capacity of RC columns rapped with
FRP jackets.

FRP has low tensile strength and poor adhesion to concrete while FRP sheet have
several advantages such as ease of installation and being light weight. Especially, structural
retrofitting methods mainly focus on columns or beam-to-column connections, but only
retrofitting vertical members may cause stiffness differences between the horizontal mem-
bers. Few studies have dealt with retrofitting method for concrete beams than columns or
beam-column joints.

In this paper, a new modularized retrofitting method for concrete beams is proposed
and experimentally examined. The proposed retrofitting method is expected to resolve
the problems in terms of the weight and welding of steel jacketing and adhesion and
low strength of FRP jacketing. In order to reduce the self-weight of retrofitted concrete
beams, modularize steel plate consisting of L- and Z-shaped steel plates are used instead
of steel tube or steel jacket. The new modularized retrofitting method can offer rapid
construction progress and good quality. The finite element modeling and parametric study
were performed to optimize and determine the details of modularized steel plate to reduce
stress concentration and exercise its full capacity. A total of four retrofitted concrete beams
and one control beam specimen were fabricated and tested to prove that the proposed
retrofitting details were capable of improving the load carrying capacity and ductility.

2. The Retrofitting Method for Reinforced Concrete Beams

The proposed retrofitting system aims at improving structural performance, reducing
self-weight and rapid assembly based on modularization. This study proposes a new type
of retrofitting details using modularized steel plates. The proposed retrofitting details
consist of Z-shaped side plates, L-shaped lower plates, and bottom plates with vertical grid
as shown in Figure 1a. Two L-shaped lower plates are fixed to the bottom of the concrete
beam using chemical anchors. L-shaped lower plates help easy and accurate installation of
the Z-shaped side plates. The Z-shaped side plate is connected to the L-shaped lower plate
using bolts and then bonded to the side of the concrete beam using the chemical anchors.
The vertical grid is inserted into the Z-shaped side plate and combined using bolts. The
space formed under the concrete beam is filled with mortar. The details of concrete beam
retrofitted with modularized steel plates are shown in Figure 1b. By assembling L-shaped
lower and Z-shaped side plates with bolts, the depth of the parts being extended can be
adjusted, and it is easy to design and construct regardless of the size of the members. In
addition, grid is installed vertically to resist tensile stress, so no subsequent process is
required to install additional flexural reinforcement on the site.
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(a) (b) 

Figure 1. Proposed retrofitting system: (a) The components of proposed retrofitting system; (b) The retrofitted beam with
the proposed system.

3. Parametric Studies

3.1. Analytical Model

Finite element analysis was performed to determine the details of the proposed
retrofitting systems. The commercial FE analysis software ANSYS 16.0 was employed to
analyze stress for beams. A three-dimensional and eight-node solid element was applied to
the model. The steel plates are fixed to the concrete surface using bolts. Automatic surface
to surface contact option was used to model the contact interfaces between concrete and
steel plates. A surface element was placed and attached to the beam inside the steel plates
and around the steel plates. The thickness, stiffness, and strength were not considered for
the surface element. The surface of concrete and steel plates are designated as master and
slave surface, respectively. Contact interaction was defined between the concrete and steel
plates. The friction contact between the parts was defined using Coulomb friction with
friction coefficient of 0.3 [14].

The steel plates and concrete were modelled as isotropic materials. Material and
geometric nonlinearity are considered. The elastic-perfectly plastic uniaxial material model
with bilinear isotropic hardening is used for the concrete model. The yielding stress is
equal to the concrete compressive strength and tangent modulus equals zero. The steel
plates and bolts are considered to be elastic-perfectly plastic. Steel are assumed to be linear
elastic until the yield stress, and after that, the stress remains constant. The yield strength
and ultimate strength of the steel plates were 250 MPa, and 460 MPa, respectively. The
compressive strength of the concrete was 24 MPa. The material properties are listed in
Table 1.

Table 1. Material properties used in the analytical models.

Compressive Strength (MPa) Modulus of Elasticity (MPa) Poisson’s Ratio

Concrete 24 24,500 0.18

Yield strength (MPa) Tensile strength (MPa) Modulus of elasticity (MPa) Poisson’s Ratio

Steel plate 250 460 200,000 0.3

The thickness of the bottom plate (A), the thickness of the L-shaped lower plate (B),
the thickness of the Z-shaped side plate (C), and the spacing of bolts (D) were considered as
variables as shown in Figure 2. T-shaped beam is designed with a 1000 mm × 150 mm slab,
300 mm × 650 mm beam, and 4 m length. The concrete beam model had simply supported
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condition. The displacement was applied at the node of top surface center of beam in the
downward direction. The purpose of the analysis is to compare the stress distribution
according to each component details, the displacement of 10 mm was applied for efficiency
of analysis. The element mesh size was determined to be 1.5 mm × 1.5 mm considering
that the smallest dimension among the components, L-shaped lower plate and Z-shaped
side plate, was 2.5 mm. The finite element model is shown in Figure 3.

Figure 2. Analytical variables of the proposed retrofitting system.

Figure 3. Finite element model.

Four models with different mesh sizes, 20 mm, 10 mm, 5 mm, 1.5 mm, were performed
to determine a reasonable mesh size that could be reasonably evaluated for the stress of
each component. As a results, the stress converged from the mesh size of 5 mm as shown
in Figure 4. A sufficient number of elements are needed to observe the stress distribution
of each component. Therefore, the mesh size of 1.5 mm would be applicable to this study.

3.2. Determinations of the Details of the Proposed Retrofitting System

The bottom plate is located at the bottom of the beam and is the component that occurs
high tensile stresses. An appropriate thickness of the bottom plate must be determined. As
the thickness of the bottom plate increases, the maximum load capacity increases, which
may cause compression failure of the concrete beams. Thickness of the bottom plates are
5 mm, 10 mm, 15 mm, 20 mm, and 30 mm to propose a thickness with a stable stress
distribution for the analytical model. The results of the analysis are summarized in Table 2.
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Table 2. The maximum stress of components.

(1) Bottom Plate

Thickness
(mm) 5 10 15 20 30

Concrete
(MPa) 4.1 4.0 4.0 5.3 6.8

Side plate
(MPa) 14.9 15.7 17.3 17.7 18.4

Lower plate
(MPa) 1.7 1.8 2.1 2.1 2.8

Bottom plate
(MPa) 5.1 2.8 2.9 2.4 2.2

(2) L-shaped lower plate

Thickness
(mm) 2.5 5 7.5 10

Concrete
(MPa) 4.1 4.1 4.1 4.0

Side plate
(MPa) 15.7 15.7 15.6 15.6

Lower plate
(MPa) 3.46 1.84 4.3 2.0

Bottom plate
(MPa) 2.05 2.03 2.03 2.02

(3) Z-shped side plate

Thickness
(mm) 2.5 5 7.5 10

Concrete
(MPa) 3.0 4.1 4.4 5.1

Side plate
(MPa) 11.6 15.7 11.3 9.4

Lower plate
(MPa) 2.9 1.8 2.3 2.2

Bottom plate
(MPa) 1.7 2.0 2.0 2.1

(4) Bolt spacing

Spacing
(mm) 150 200 250 300 400

Concrete
(MPa) 4.1 4.1 4.0 3.4 2.8

Side plate
(MPa) 15.7 15.3 16.7 16.8 20.7

Lower plate
(MPa) 2.5 1.8 5.0 6.6 6.0

Bottom plate
(MPa) 1.7 2.1 2.5 2.8 2.8

The deflection of the beam decreased as the thickness of the bottom plate increased.
As the thickness of the bottom plate increased, the stress of the compressive zone and bolt
increased. The thickness of the bottom plate is greater than 10 mm, the stress was concen-
trated on the bolt hole. This may lead to the crushing of concrete before the flexural failure.
The thickness of the L-shaped lower plate was alternatively set to 2.5 mm, 5 mm, 7.5 mm,
and 10 mm. As the thickness of the L-shaped lower plate increased, the stress on concrete,
Z-shaped side plates, and bottom plates decreased slightly, but did not significantly affect
the stress distribution. As Z-shaped side plate thickness increases, the maximum stress is
occurred in the compressive zone of the concrete beam. It is concluded that the thickness
of the Z-shaped side plate can induce the brittle failure on the compressive zone of the con-
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crete beam. Bolt spacing should be examined in terms of the composite behavior between
the concrete and the modular steel plates. As the bolt spacing increased, the stress of the
concrete decreased and the stress of the bolt hole increased. The optimal bolt spacing was
determined to be 200 mm, which provided a relatively uniform stress distribution.

Figure 4. Meshing convergence study.

4. Experimental Program

4.1. Sequence of Construction

The specimens were manufactured in the order of steel rebar placement and formwork
installation, concrete placement, combination of modularize steel plate, and mortar injec-
tion. As shown in Figure 5, L-shaped lower plates were fixed to the bottom of the concrete
specimen, the process is to bolt the lower and side plates and then insert the bottom plates
to tighten the bottom plate and the side plate bolts. After integrating the side plates with
chemical anchors, the specimen was manufactured by injecting mortar, and the specimen
was manufactured upside down to prevent filling defects in mortar.

  
(a) (b) 

  
(c) (d) 

Figure 5. The process of proposed retrofitting system application: (a) The installation of the L-shaped
lower plate; (b) Assembly of Z-shaped side plate and vertical grid; (c) The process of connecting the
side plate used in chemical anchors; (d) The process of grouting of mortar.
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4.2. Specimen Details and Test Parameters

In this paper, the total of five specimens were manufactured, including one reinforced
concrete beam and four reinforced concrete beams retrofitted with the modularized steel
plates. The finite element analysis to optimize the dimensions of each component was
performed assuming the real in-situ situations that beams are supporting the slabs. In
this study, the slab (flange) parts in T-shaped section only provide the spaces to fix the
steel plates by using chemical bolts. Therefore, flanges were not considered when the
specimens were manufactured as shown Figure 6. The concrete beams of all specimens
were designed to be 300 mm wide, 350 mm high and 4500 mm long. The thickness of
Z-shaped side plate was 2.5 mm, the thickness of the L-shaped lower plates was 5 mm, and
the spacing of chemical anchors and bolts was 300 mm, using the same in zigzag format.
The thickness of the bottom plate, and the number of vertical grids were considered as
experimental variables, which are expected to affect the flexural behavior, and represent
the corresponding portion of each variable in Figure 5. The depths of the new beams were
100 and 150 mm, the thicknesses of the bottom plates were 5 and 10 mm, and the number
of vertical grid were 0, 2, and 4. For the specimen with two vertical grids, the spacing
of each grid was 200 mm, and for the specimen with four vertical grids, each grid was
installed at spacing of 65 mm. The specimen illustration is organized in Table 3, and the
details of the specimen, according to each variable, are shown in Figure 7. The 28-day
compressive strength of the concrete used in this experiment was 24 MPa. For the tensile
and compressive reinforcement, deformed rebar was used with a diameter of 19 mm and
it’s yield strength is 400 MPa. Steel plate was used with a yield strength of 275 MPa. The
test results of compressive strength of concrete and steel plate are shown in Figure 8. The
high-strength bolts which is F10T M16 bolts with a diameter of 16 mm was used to connect
the concrete beams. The material properties are summarized in Table 4.

 
(a) 

(b) 

Figure 6. The test parameters: (a) The fabrication of proposed retrofitting system in the experiment;
(b) test parameters.
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Table 3. The test specimen parameters.

No. Name
Added Beam
Depth (mm)

Bottom Plate
Thickness (mm)

Vertical Grid
(EA)

1 RC - - -

2 D100-A 1 2 2 100 5 2

3 D100-B2 100 10 2

4 D100-B4 100 10 4

5 D100-B0 100 10 -
1 A: Bottom plate thickness (A: 5 mm, B: 10 mm). 2 2: The number of steel plate openings (2: 2EA, 4: 4EA, 0: 0EA).

 

(a) 

 
(b) 

Figure 7. Specimen details: (a) RC; (b) D100-A2.

4.3. Test Set Up

All specimens were tested using a Universal Testing Machine (UTM) with a 5000 kN
load capacity as shown in Figure 9. The specimens were simply supported and subjected
to four-point bending loading. The distance from support to loading point was 1750 mm
and the distance between the two central point loads was 600 mm. Displacement was
applied to each specimen a rate of 2 mm/min. During the flexural test, load and midspan
deflection were measured. Deflection was measured with three linear variable displacement
transducers (LVDT’s) mounted onto the bottom of the specimens. For concrete, the strain
gage is attached in the compression zone C1. In order to evaluate the yield by strain of the
tensile reinforcing bar, the strain gage was attached in the middle of the tensile reinforcing
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bar before concrete placement (R1). The strain gage (R2) was attached to the center of the
vertical grid’s vertical strip to evaluate the flexural behavior as tensile reinforcement. A
total of 7 strain gages (S1 ~ S7) were attached to the front of the beam to evaluate the local
buckling and deformation of the modularized steel plates. The installation of the LVDTs
and strain gages is shown in Figure 10. All specimens were continuously observed to
mark the crack pattern and note any signs of failure during the loading process. Loading,
displacement and strain were recorded using a data acquisition system. The specimens
were tested until the load decreased at the level of approximately 70% to 80% of the
maximum load.

(a) 

(b) 

Figure 8. (a) Compressive strength test of concrete; (b) Tensile test of steel plate.
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Table 4. Material properties.

Material Compressive Strength (MPa)

Concrete 24

Material Diameter (mm) Yield Strength (MPa) Modulus of Elasticity (MPa)

Rebar 19 400 200,000

Stirrup 10 400 200,000

Material Yield Strength (MPa) Tensile Strength (MPa) Modulus of Elasticity (MPa)

Steel plate 275 410–550 205,000

 
(a) 

 
(b) 

Figure 9. Test setup: (a) A schematic of the test setup; (b) A photograph of the test setup.

 
Figure 10. The locations of strain gauges.
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5. Test Results and Discussion

5.1. Cracking Behavior and Modes of Failure

Table 5 shows the crack pattern at maximum load for each specimen tested. For the
D100-A2 and D100-B2 specimens with variable thicknesses of the bottom plate, it has been
confirmed that the crushing of compression zone widens as the thickness of the bottom
plate increases. As the number of vertical grid increased, the crushing and spalling of
compression zone were more localized.

Table 5. Crack propagation examples.

Name Crack Propagation Observed Damage

Bottom plate
thickness

D100-A2

 
-Concrete crushing at the top of

the concrete
-As the bottom plate thickness

increases, cracks propagate widely

D100-B2

 

The number of
vertical grid

D100-B0

 
-Concrete crushing at the top of

the concrete
-As the number of steel plates with

openings increases, the concrete
crushing occurs more locally.

D100-B2

 

D100-B4

 

The loading was terminated when the load was reduced 80% after the maximum
load was reached. All the specimens showed flexural behavior as shown in Figure 11,
cracks started appearing in the compression zone. As the load increased, the cracks of the
compression zone became wider, and some spalling was observed on the mortar grouted
on the bottom plate. The spalling of the mortar was observed differently according to the
vertical grid. More spalling occurred in the D100-B0 specimen without the vertical grid.
Finally, as the concrete crushing and spalling increased, the load gradually decreased. Local
buckling of the Z-shape side plates and bolt fracture were not observed in all retrofitted
specimens as shown in Figures 12 and 13. It is concluded that sliding was not observed at
the end of the beam because the steel plates and concrete were perfectly bonded.
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Figure 11. The shape of the test specimen after a flexural test.

 
Figure 12. The side plate and bottom plate after a flexural test.

 

Figure 13. Load-Deflection Relationship.

The Load-displacement curve is shown in Figure 14. Specimens retrofitted with
modularized steel plates showed greater stiffness and maximum load than RC specimen.
Retrofitted specimens showed similar initial stiffness. Remarkable differences were not
observed in terms of the number of vertical grid between D100-B2 and D100-B4. The
maximum load for D100-B2 was 602 kN and that for D100-B4 was 598 kN, but the maximum
load for D100-B0 was 514 kN, which was increased by approximately 1.17 times depending
on the presence of vertical grid. This is to achieve the restraining effect of reinforcing parts
on the mortar injected into reinforcing areas, and the flexural strength due to reinforcement
is improved depending on whether or not it is installed.
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Figure 14. The load-deflection curve test results.

The maximum load increased as the thickness of bottom plate increased. A comparison
of the load-displacement curves of the two specimens confirmed that the maximum load
for the D100-A2 specimen was 508.48 kN, the maximum load for the D100-B2 specimen
was 602.62 kN, and that the flexural performance was approximately 1.19 times higher for
the D100-B2 specimen.

The test results are summarized in Table 6. The nominal flexural strength Pn is
calculated from plastic stress distribution method suggested by AISC 360-10 [15]. The yield
load Py defines a point as the yield load where a line parallel to the line connecting the
origin to the maximum load meets the load-displacement curve as shown in Figure 15.
The proposed retrofitting method has shown an increase in the strength, with increasing
thicknesses of bottom plates and the number of vertical grids. The experiment resulted in
an average increase of 3.2 times the maximum load and an average increase of 1.3 times
the maximum displacement.

Table 6. Flexural test results.

No. Name
Pn

1

(kN)
Py,test

2

(kN)
Pu,test

3

(kN)
Pu/Pn Pu/Py

δy
4

(mm)
δu

5

(mm)

1 RC 138.06 137.55 171.65 1.24 1.08 18.09 38.72

2 D100-A2 535.19 370.86 508.48 0.95 1.11 13.48 47.89

3 D100-B2 585.03 466.03 602.62 1.03 1.08 16.27 52.21

4 D100-B4 585.03 423.40 597.55 1.02 1.07 13.90 49.25

5 D100-B0 556.73 382.13 514.00 0.92 1.10 14.61 50.86
1 Pn: The nominal force calculated by the nominal flexural strength applied to the beam. 2 Py,test: The yield load
of each specimen. 3 Pu,test: The maximum load of each specimen. 4 δy: The displacement when the yield load
applied. 5 δu: The displacement when the maximum load applied.

5.2. Load-Strain Relationship

Figure 16a shows the load-strain relationship of the C1 gauge located in the upper of
the concrete specimen. The strains of all the specimens were similar and after exceeding
the maximum compressive strain of the concrete under the maximum load of 0.003, the
gauge was found to have been damaged due to the compressions on the top of the concrete.
Figure 16b shows the load-strain relationship for the R2 gauge located at the vertical
grid. Although there were differences in the slopes of the initial linear depending on the
specimen, the strain of the specimens increased in a similar, and the yield strain reached
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0.002 under the maximum load and then yielded. It is judged that the specimens exhibited
sufficient flexural behavior because vertical grid as tensile reinforcement yielded.

Figure 15. Determination of the yield strength.

 

(a) (b) 

Figure 16. The Load-strain relationships: (a) C1 Guage; (b) R2 Gauge.

5.3. Ductility Capacity

The ductility of flexural members, such as beams, can be calculated by the ratio of
the maximum displacement and yield displacement after the maximum load is generated,
without a sudden reduction of the load when the load is reduced to 70–80%. In this study,
the ductility was calculated by dividing the displacement δ0.8Pu when the maximum load
was reduced to 80% of the maximum load after the maximum load was applied by the
displacement δy when the yield load was applied. The ductility capacities of each specimen
are summarized, as shown in Table 7. The ductility capacity of specimens retrofitted steel
plates was shown to be at least 7.47 and up to 10.01, averaging 8.85. Compared to the RC
specimen, the ductility capacity is about 2.5 times higher. The ductility of each D100-A2
and D100-B2 specimens, with variable thicknesses of the bottom plate, was 10.01 and 7.47,
respectively, indicating that the ductility decreases as the thickness of the bottom plate
increases. In addition, the comparison of specimens according to the number of vertical
grid resulted in improved ductility as the number of vertical grid increased to 7.47 for D100-
B4, 9.67 for D100-B0, and 8.26 for the D100-B0 specimen. However, due to the thickness of
the bottom plate and the presence or absence of vertical grid, excessive reinforcement on
the tensile zone is considered to be possible due to the crushing of concrete. The ductility
capability can be improved by the application of modularized steel plates.
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Table 7. Analysis of the ductility capacity for each specimen.

No. Name δ0.8Pu
1 δy

2 δ0.8Pu/δy
3

1 RC 64.78 18.09 3.58

2 D100-A2 134.88 13.48 10.01

3 D100-B2 121.52 16.27 7.47

4 D100-B4 134.43 13.90 9.67

5 D100-B0 120.75 14.61 8.26
1 δ0.8Pu: The displacement when the maximum load reduced to 80%. 2 δy: The displacement when the yield load
applied. 3 δ0.8Pu/δy: The ductility capacity of each specimen.

5.4. Energy Dissipation Capacity

Energy dissipation is one of the structural performance evaluation elements of a
member that measures the ability of the structure and member to absorb the energy
generated when deformation is applied to the structure and components. An analysis of
the energy dissipation capacity of specimens is shown in Figure 17.

 
Figure 17. Analysis of energy dissipation capacities.

For the energy dissipation with a thickness increase of the bottom plate, the D100-A2
specimen measured 61.6 kN-m, and the D100-B2 specimen measured 64 kN-m, and the
difference with varying thickness of the bottom plate was minimal. The D100-B2 specimen,
D100-B4 specimen, and D100-B0 specimen, with variable numbers of vertical grid, are
shown to improve their energy dissipation capacity as the number of vertical grid increases
to 64 kN-m, 71.6 kN-m, and 55 kN-m, respectively. It has been confirmed that the energy
dissipation capability was approximately 7 times higher than that RC specimen.

5.5. Model Validation and Discussion

The results of the numerical model are validated and confirmed by comparing the
results of the experiments and the numerical model. Analysis conditions were set the iden-
tical as for parametric study. For comparison with the experimental results, a displacement
of 120 mm was applied. Figure 18 shows the comparison of the numerical predictions
with the experimental results for the D100-B4 specimen. The comparison indicated that
numerical results could reasonably predict the overall structural performance in terms of
initial stiffness and maximum load capacity. The numerical models slightly became stiffer
than the experimental results. This may be due to the numerical model not considering
micro-crack or the construction error of the specimen, but it is considered to be acceptable.
However, the numerical model shows a different behavior after yielding due to the limita-
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tion of the numerical models in implementing the failure mechanism. This is a topic for
further investigation by the authors.

Figure 18. Comparison between the numerical and the experimental results of load versus midspan deflection.

6. Conclusions

The purpose of this study is to propose and examine a modularized steel plate
retrofitting method resulting in improved structural performance and constructability.
The details of retrofitting method were proposed based on the finite element analysis.
The flexural test was conducted to evaluate the structural performance of concrete beams
retrofitted with the proposed method. The main conclusions obtained from the study are
as follows:

(1) In this study, the details and components of the modularized retrofitting method are
proposed, with Z-shaped side plates, L-shaped lower plate, and bottom plate with
vertical grid. Finite element analyses were carried out to investigate the effect of the
bottom plate thickness, L-shaped lower plate thickness, Z-shaped side plate thickness,
and the bolt spacing on the stress distribution. Details of the modularized steel plate
retrofitting system were proposed based on the analysis results.

(2) The maximum load increased as the thickness of the bottom plate increased, but it was
found to be relatively lacking in ductility. Although the number of vertical grid did
not significantly affect stiffness, the increase in that number improved the ductility.
In addition, the flexural performance increased by about 1.17 times, depending on
the presence of the vertical grid. The vertical grid attached to the bottom plate
increased the confinement effect of the mortar and reduced spalling by acting as a
flexural reinforcement.

(3) The ductility and energy dissipation capabilities were compared and analyzed. Com-
pared to non-retrofitted reinforced concrete beams, the ductility capacity increased by
about 2.5 times, and the energy dissipation capacity increased by about seven times.
This confirms that the application of the proposed retrofitting method can improve
the structural performance of existing concrete members.

(4) The experiment in this paper focused on the evaluation of the flexural capacity of
retrofitted concrete beams. Further experimental research is needed on the shear be-
havior of concrete beams retrofitted with modularized steel plates. Moreover, a finite
element model that can predict structural capacity is required for the design stage.
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Abstract: For non-seismically designed columns with insufficient strength and flexural stiffness,
intense inter-story drift can be incurred during a strong earthquake event, potentially leading to the
collapse of the entire building. Existing strengthening methods mainly focus on enhancing axial or
flexural strength but not the flexural stiffness of columns. In response, a novel direct fastening steel
jackets that can increase both flexural strength and stiffness is introduced. This novel strengthening
method features straightforward installation and swift strengthening as direct fastening is used
to connect steel plates together to form a steel jacketed column. This new connection method can
quickly and stably connect two steel components together by driving high strength fasteners into
them. In this paper, the design procedure of RC columns strengthened with this novel strengthening
method is originally proposed, which includes five steps: (1) estimating lateral load capacity of
damaged RC columns; (2) determining connection spacing of steel jacket; (3) estimating the lateral
load capacity of strengthened RC column; (4) evaluating the axial load ratio (ALR) of strengthened
RC columns; and (5) estimating effective stiffness of strengthened RC columns. Lastly, an example is
presented to illustrate the application of the proposed design procedure.

Keywords: RC columns; strengthening; direct fastening; steel jackets; design procedure

1. Introduction

Reinforced concrete (RC) moment-resisting frame buildings are widely used in schools,
hospitals, and residential buildings. RC columns are the principal structural component
in the resisting of lateral and gravity loads in frame buildings. Based on post-earthquake
investigations [1–3], the stability of frame buildings is known to be critically dependent
on the seismic performance of RC columns. The structural deficiencies identified in
outmoded non-seismically designed RC columns [1–10] are (1) insufficient lap splice length
of longitudinal reinforcement at column ends, (2) insufficient transverse reinforcement at
the plastic hinge, (3) strong beam-weak column arrangement, (4) insufficient corrosion
resistance, (5) insufficient strength due to new functional use of the building, (6) fire-
induced damage, and (7) earthquake-induced damage. The first five above mentioned
deficiencies may result in insufficient flexural strength, which can be mitigated by various
available strengthening techniques such as RC jacketing [11,12], steel jacketing [13,14]
and fiber reinforced polymer (FRP) jacketing [15–17]. However, in the case of fire or
earthquake damaged columns, both flexural strength and stiffness can be reduced [18–21].
Figure 1 illustrates the seismic displacement demands of structurally damaged and non-
damaged buildings within a demand spectrum. Any reduction in lateral strength and
stiffness within a structural system can then induce higher seismic displacement demand
during subsequent earthquake events. To restore the seismic capacity of columns to their
undamaged state, both flexural stiffness and strength must be improved.

Appl. Sci. 2021, 11, 3649. https://doi.org/10.3390/app11083649 https://www.mdpi.com/journal/applsci169
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Figure 1. Design spectrum and capacity curves for damaged and undamaged structures.

In response, a novel steel jacket that deviates from traditional steel jacketing (assem-
bled by either welding or bolting) is developed (see Figure 2). This new strengthening
method offers straightforward installation and rapid strengthening, as direct fastening is
used to connect steel plates together to form a steel jacketed column. The strengthening
process is briefly described herein: (1) the prefabrication of steel jackets is achieved by
welding the end angles to the end of the steel plates (welding can be conducted in-shop);
(2) four steel plates are fastened by anchor bolts to the top and base beams; (3) the steel
plates are tightly clamped to minimize gaps between them and the RC columns, and steel
angles are temporarily fixed to the adjacent steel plates; and (4) the adjacent steel plates and
steel angles are tightly and quickly joined by high strength nail using a powder-actuated
gun (see Figure 3).

 
(a) 

 
(b) 

Figure 2. Proposed strengthening scheme: (a) front view; (b) plane view.
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Figure 3. Strengthening procedure.

In this paper, previous experimental and theoretical studies on shear connections
joined by direct fastening, axial load strengthening and the seismic strengthening of RC
columns strengthened by direct fastening steel jackets are first reviewed. Based on the
findings in previous studies [22–25], a design procedure of RC columns strengthened by
direct fastening steel jackets is developed. To illustrate the application of the proposed
design procedure, a worked example is presented.

2. Review of Previous Work

2.1. Mechanical Behavior of Shear Connectors Joined by Direct Fastening

The connections used in this novel steel jacket resist shear loading incurred as a
result of concrete expansion or lateral load. The load transfer process of these connections
is similar to that of single lap joints subjected to tensile force at the ends. However,
the behaviors of this type of connection have rarely been studied and relevant design
specifications are thus not available. Therefore, the experimentation on the single lap joints
shown in Figure 4 was carried out to study the mechanical behavior of direct fastening
connections [22].

Two kinds of failure modes—bearing and shear fracture—were examined in the tests.
Similar to the bearing failure seen in bolted or screwed connections, this failure occurs
with enlarged nail holes and bulging of the material around the fastener holes due to large
plastic deformation, leading to desirable ductile behavior (see Figure 5).
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Figure 4. Illustration of connection test joined by direct fastening.

 
(a) 

 
(b) 

Figure 5. Mechanical behavior of connections: (a) bearing failure; (b) shear load versus displace-
ment curve.
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Although equations for predicting the maximum bearing resistance of bolted and
screwed connections are available in current specifications EN-1993-1-8 [26], ANSI/AISC
360-10 [27], and AS 4100 [28], these equations cannot be applied to estimate the maximum
bearing resistance (yield strength) of connections joined by direct fastening without modifi-
cation. Therefore, a unified design equation is developed to evaluate the maximum bearing
resistance of the connections:

Fb = ψ f pψ f kαbrdntp fpu (1)

where αbr is the bearing resistance factor, which is taken as 1.6; ψfp is the factor that considers
the effect of protuberance; ψfk is the factor that takes the effect of knurling into account; dn
is the nominal fastener diameter; tp is the thickness of the connected steel plate; and fup is
the ultimate strength of the connected steel plate.

The two factors caused by the effects of protuberance and knurling are given as:

ψ f p =

{
1.35 without pre − drilled holes on connected steel plate
1.0 with pre − drilled holes on connected steel plate

(2)

ψ f k =

{
1.17 fastener with knurling
1.0 fastener without knurling

(3)

2.2. Axial Strengthening of RC Columns by Direct Fastening Steel Jackets

From the experimental study on the axial strengthening of RC columns by the direct
fastening of steel jackets [23], the reliability and effectiveness of the proposed method
were observed. Critical parameters (i.e., vertical spacing between adjacent connections,
thickness of the steel plate and number of fasteners in each connection) affecting load
bearing performance and deformation behavior were identified.

In the proposed strengthening method, steel plates can directly sustain axial load. The
axial load contribution of the steel plates is determined by buckling strength as buckling
occurs prior to the yield strength of steel plates. The buckling strength is presented in the
following section.

Direct fastening connections behave in the manner of transverse reinforcement (i.e.,
stirrups). Due to the transverse dilation of the column, passive confinement stress is
mobilized in stirrups and direct fastening connections, which enhances the strength of
the column. To determine confined concrete strength, the equivalent passive confinement
stress shown in Equation (3) should be determined.

fest =
mαst fyst Ast

sstlst
(4)

fed =
2αdn f Fb

(sd + dd)dc
(5)

where m is the stirrup legs; lst is the center-to-center distance of the peripheral stirrup; sst is
the stirrup spacing; fyst is the yield strength of the stirrup; Ast is the cross-sectional area of
the stirrup; sd is the clear vertical spacing of the adjacent connections; dd is the length of the
right steel angle bracket; dc is the column width; αst is the stress ratio of the stirrup; and αd
is the shear force ratio of the direct fastening connection.

A theoretical study was carried out to examine the stress ratio of the stirrup and the
shear force ratio of the direct fastening connection [24]. Based on an extensive parameter
study, a lower bound value of 0.34 is used to represent the stress ratio of the stirrups with
a yield strength of 400 MPa. To consider the effect of the yield strength, a yield strength
factor of γfyst was proposed. The yield strength factors for yield strengths of 500 MPa
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and 600 MPa are 0.8 and 0.66, respectively. The shear force ratio of the connections is
obtained using:

αd = γn f (0.82 − 0.64λd) (6)

where λd is the normalized connection spacing (λd = sd/dc); and γnf represents a factor of
the number of fasteners on the shear force ratio of the connections. When the number of
fasteners is 2 and 4, the factor is equal to 0.72 and 0.47, respectively.

The failure criterion proposed in [29] is used to derive the confined concrete strength
of fcc

′. The failure criterion is given by:

τ∗
oct = 6.9638

(
0.09 − σ∗

oct
c − σ∗

oct

)0.9297
(7)

c = 12.2445(cos 1.5θ)15 + 7.3319(sin 1.5θ)2 (8)

cos θ =

√
3

2
s1√

J2
(9)

τ∗
oct =

τoct

f ′c
(10)

σ∗
oct =

σoct

f ′c
(11)

where τoct and σoct are the octahedral shear and normal stress, respectively; θ is the direction
of the deviatoric stress on the deviatoric plane; s1 is the first deviatoric stress; J2 represents
the second invariant of the deviatoric stress tensor; and fc′ is the compressive strength of
the unconfined concrete.

The key parameters in the applied failure criterion are summarized as follows:

s1 =
f ′cc − f ′

3
(12)

J2 =
1
3
(

f ′cc − f ′
)2 (13)

cos θ =
f ′cc − f ′

3
√

2τoct
(14)

τoct =

√
2( f ′cc − f ′)

3
(15)

σoct = −2 f ′ + f ′cc
3

(16)

where f cc
′ is the axial compressive strength of the confined concrete and f ′ is the equivalent

passive confinement stress.

2.3. Seismic Strengthening of RC Columns by Direct Fastening Steel Jackets

To investigate the seismic performance of strengthened RC columns using direct
fastening steel jackets, an experimental study was conducted [25]. Attention was given to
the enhancement of flexural stiffness and strength.

On the basis of comparisons between predicted and measured effective flexural
stiffness, the expressions recommended in EN 1994-1-1 [30] are advised to calculate effective
flexural stiffness:

Ki = (EI)s + 0.6(EI)c (17)

where (EI)s is the flexural stiffness provided by the steel jacketing; and (EI)c is the flexural
stiffness provided by the RC column.

Buckling of the steel plate on the compressive side was observed. The corresponding
buckling stress of steel plate under a compressive state should thus be embedded within
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the theoretical model used to predict lateral capacity. Using the Rayleigh–Ritz method and
assuming the initial bowing and subsequent deflection as a trigonometric function, the
buckling strength of steel plate is given as:

σp,critical =
4π2Ddp

sd
2 Ap

(1 − αi) (18)

where D is the bending stiffness of the steel plate per unit width; dp is the plate depth; Ep
and μp are elastic modulus and Poisson’s ratio of steel plate; Ap is the cross-sectional area
of steel plate; and αi is the imperfection factor.

The imperfection factor αi is introduced to consider the initial bowing effect induced
by the welding and is calibrated using the experimental results:

αi = 1.046 − 0.73λsr

100
(19)

where λsr = sd/tp is the slenderness ratio of steel plate. As the empirical imperfection factor
was calibrated with limited available data, it is useful to assume a slenderness ratio of the
steel plate between 14 and 39.

It is worth noting that the steel plate detached from the RC column at the bottom of
the tension fiber. This was largely due to the strain incompatibility between RC column
and the steel jacket on the tension side during bending. As a result, the assumption that
the plane section would remain plane after deformation throughout the entire length of the
column is inaccurate. Hence, a reduction factor of ηi = 0.6 was introduced for the tensile
component of the steel plate when the lateral resistant capacity was estimated.

3. Design Procedure

In this section, the critical parameters (i.e., steel plate thickness, fastener number
and connection spacing) are first roughly determined. The feasibility of these parameters
are further examined by satisfying four conditions: (1) desirable flexural failure occurs
prior to brittle shear failure; (2) lateral load capacity is larger than lateral load demand; (3)
ALR does not exceed the limit stipulated in current specification; and (4) effective flexural
stiffness should be comparable to that of the undamaged RC column.

3.1. Estimating Lateral Load Capacity of Damaged RC Columns

The deficiency of the RC column may occur for a variety of reasons (e.g., fire). It is
necessary to estimate the lateral load capacity of the damaged RC column and compare
this with the load demand. According to the assumption that the plane section remains
plane after deformation, the strain profile and the stress of the longitudinal rebar can be
defined (Figure 6).

⎧⎪⎨
⎪⎩

− fyl ≤ σl1 = Es(dc − c − φst − φl
2 − xc)

εcu
xc

≤ fyl

− fyl ≤ σl j = Es(dc − c − φst − φl
2 − (j − 1)sl − xc)

εcu
xc

≤ fyl

− fyl ≤ σlm = Es(dc − c − φst − φl
2 − (m − 1)sl − xc)

εcu
xc

≤ fyl

(20)

where sl is the longitudinal rebar spacing; subscript lj represents the jth row longitudinal
rebar counting from the tensile sides (1 ≤ j ≤ m); m is the total rows of longitudinal rebars
which is equal to the stirrup legs; φl is the diameter of the longitudinal rebar; φst is the
diameter of the stirrup; c is the cover thickness of the column; xc is the compressive depth
of the column; εcu is the ultimate strain of concrete and is taken as 0.003 in accordance with
ACI 318 [31]; fyl is the yield strength of the longitudinal reinforcement; and σlj is the stress
of the jth row longitudinal rebar.
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(a) 

 
(b) 

Figure 6. Vertical strain and stress profiles of RC column: (a) strain profile; (b) stress profile.

The stress profile of the concrete is quantified using the equivalent rectangular stress
block. The compressive depth is then determined by the axial equilibrium:

N0 +

m
∑

j=1
kj Alσl j

γs
− α f ′cdcβxc

γc
= 0 (21)

where kj is the number of the jth row longitudinal rebar; γs is the partial safety factor of
rebar; γc is the partial safety factor of concrete; N0 is the axial load; Al is the cross-sectional
area of longitudinal rebar; fc′ is the concrete strength; and α and β are the two factors used
to determine the equivalent rectangular stress block.
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By taking moment to the extreme compressive fiber of the RC column, the moment
capacity is given as:

Mcap = N0
dc
2 +

m
∑

j=1
kj Al σl j(dc−c−φst− φl

2 −(j−1)sl)

γs
− α f ′cdc βxc

βxc
2

γc

(22)

Under the assumption that the stiffness of the upper and lower joints is comparable,
the lateral load resistance is then given by:

Vcap =
Mcap

0.5L
(23)

where L is the length of the column.
If lateral load capacity cannot satisfy lateral load demand, the RC column can be

strengthened using the direct fastening steel jackets.

3.2. Determining Connection Spacing of Steel Jacket

Flexural failure is the desirable failure mode. To ensure that desirable flexural failure
occurs, the following relationship should be satisfied in light of ASCE 41-13 [32].

V ≤ Vcap,stren ≤ 0.6Vstren (24)

where V is the lateral load demand acting on the RC column; Vcap,stren is the lateral load cor-
responding to the moment capacity of the strengthened RC column; and Vstren is the shear
strength of the strengthened RC column which is determined by the following expression:

Vstren = Vd + Vc + Vs

= 0.5 dc
sd+dd

2n f Fb
γs

+
0.17(1+ N0

14Ac )
√

f ′cdcdw
γc

+
mAst fystdw

γssst

(25)

where nf is the fastener number in a connection; Ac is the cross-sectional area of the column;
and dw is the depth of the column.

The first term represents the shear resistance produced from the connections. To avoid
an overestimation of the shear resistance from the steel jacket, a factor of 0.5 is introduced by
following EN 1998-3:2005 [33]. As the partial safety factor for direct fastening connections
is absent, the partial safety factor of steel rebar is used.

Combining the above two expressions, the connection spacing of the steel jacket can
be determined.

3.3. Estimating Lateral Load Capacity of Strengthened RC Column

According to the assumption that the plane section remains plane after deformation,
the strain profile and stress profile of the longitudinal rebar and steel plates of the strength-
ened RC column are defined, respectively (see Figure 7). It should be noted that the side
plate is divided into n equal small parts to accurately define the stress in the side plate.
Moreover, the buckling of the steel plate under a compressive state is embedded.⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨

⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

σpt = Ep(dc +
tp
2 − xc)

εcu
xc

≤ fpy

σpc = Ep(
tp
2 + xc)

εcu
xc

≤ σp,critical

−σp,critical ≤ σpside_i = Ep(dc − dc−dp
2 − Δi

2 − (i − 1)Δi − xc)
εcu
xc

≤ fpy

− fyl ≤ σl1 = Es(dc − c − φst − φl
2 − xc)

εcu
xc

≤ fyl

− fyl ≤ σl j = Es(dc − c − φst − φl
2 − (j − 1)sl − xc)

εcu
xc

≤ fyl

− fyl ≤ σlm = Es(dc − c − φst − φl
2 − (m − 1)sl − xc)

εcu
xc

≤ fyl

(26)

where i represents the ith partitioned part of the steel plate parallel to the lateral load
counting from the tensile side; σpside_i is the stress of the ith partitioned part of the steel
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plate parallel to the lateral load; Δi is the length of the equal small part and is equal to dp/n;
and σp,critical is the ultimate compressive stress of the steel plate, which can be defined by
Equation (8).

 
(a) 

 
(b) 

Figure 7. Vertical strain and stress profiles of strengthened RC column: (a) strain profile; (b) stress profile.

178



Appl. Sci. 2021, 11, 3649

The compressive depth of the strengthened RC column is then determined by the
axial equilibrium.

0 = N0 +

m
∑

j=1
kj Alσl j

γs
+

ηiσpt Ap − Apσpc + 2
n
∑

i=1
tpΔiσpside_i

γs
− α f ′cdcβxc

γc
(27)

By taking moment to the extreme compressive fiber of the strengthened RC column,
the moment capacity is given as:

Mcap,stren = N0
dc
2 − α f ′cdc βxc

βxc
2

γc
+

m
∑

j=1
kj Alσl j(dc−c−φst− φl

2 −(j−1)sl)

γs

+
ηiσpt Ap(dc+

tp
2 )+Apσpc

tp
2 +2

n
∑

i=1
tpΔiσpside_i(dc− dc−dp

2 − Δi
2 −(i−1)Δi)

γs

(28)

Under the assumption the stiffness of the upper and lower joints is comparable, the
lateral load resistance is then given by:

Vcap,stren =
Mcap,stren

0.5L
(29)

Then, the relationship between the ultimate lateral load and the lateral load resistance
of the strengthened RC column can be checked.

3.4. Estimating ALR of Strengthened RC Columns

The confined concrete divisions are shown in Figure 8a. Confined concrete 1 is
confined by the erected steel jacket. Confined concrete 2 is confined by the stirrup. Confined
concrete 3 is confined by the stirrup and erected steel jacket. Because the area of confined
concrete 1 and confined concrete 2 is relatively smaller than that of confined concrete 3,
and these two areas are close, the confined concrete divisions can be simplified in the
design calculation. The simplified concrete divisions are shown in Figure 8b, in which
the confined effect of confined concrete 2 is imposed on confined concrete 1. Thus, the
initial three varieties of confined concrete can be equivalent to one confined concrete that is
confined by a stirrup and steel jacket. For the confined concrete in Figure 8b, the imposed
equivalent passive confinement stress is fl = fest + fed, which can be determined according
to (3). Using the confined concrete strength model in (5), the confined concrete strength
(fcc

′) can be determined. Thus, the axial load capacity is given as:

Nc,stren =
Acc f ′cc + Ac0 f ′c

γc
+

(4m − 4)Al fyl + 4Pp,critical

γs
(30)

where Acc is the area of confined concrete in Figure 8b; and Ac0 is the area of the unconfined
concrete in Figure 8b.

The confined concrete area Acc and unconfined area Ac0 are respectively given as:

Acc = d2
c − 4

d2
l

6
− (4m − 4)Al (31)

Ac0 = 4
d2

l
6

(32)

where dl is the edge-to-edge horizontal distance of the connections, as shown in Figure 8b.
The ALR is given as:

ALR =
N0

Nc,stren
(33)

According to the recommendation in EN 1998-1:2004 [34], the ALR must necessarily
be less than 0.65.
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(a) 

 
(b) 

Figure 8. Divisions of the confined concrete: (a) exact divisions; (b) simplified divisions.

3.5. Estimating Effective Stiffness of Strengthened RC Columns

In light of the findings relating to the seismic strengthening of RC columns by direct
fastening steel jackets, the effective flexural stiffness of the strengthened RC column can be
estimated by (7). The effective flexural stiffness of the strengthened RC column should be
comparable to that of the undamaged RC column, with the aim of the deformation capacity
and seismic load carrying capacity remaining unchanged.

4. Parameter Study

A parameter study is conducted in this section to investigate the enhancement ratio
(ηM = Vcap,stren/ Vcap) of the lateral load capacity of strengthened RC columns and roughly
estimate the required thickness of steel plate. Four critical variables (i.e., thickness of
steel plate, cross-sectional dimension of column, longitudinal rebar ratio ρl and ALR) are
investigated to plot the design curves. The range of these four variables is set out in Table 1.
The yield strength and elastic modulus of the longitudinal rebar are 500 MPa and 200 GPa,
respectively. The yield strength, ultimate strength and elastic modulus of the steel plate
are 300 MPa, 400 MPa and 200 GPa, respectively. The cylinder strength of the concrete
is 30 MPa. The compressive strength of the compressive steel plate is greatly affected by
its slenderness ratio (λsr). For conservative consideration, λsr is taken as 38, which is the
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upper bound value of the slenderness ratio of steel plate determined from the experimental
study [23,25].

Table 1. Range of four variables in parametric study.

tp (mm) ALR dc (mm) ρl

3, 4, 5 0.15, 0.3 400, 500 0.015, 0.03

It can be determined from Figure 9 that the enhancement ratio is significantly affected
by the thickness of the steel plate and longitudinal rebar ratio. The enhancement ratio
increases with the thickness of the steel plate, which can be seen from Equation (17). The
enhancement ratio declines by 20% when the longitudinal rebar ratio increases from 0.015
to 0.03, as RC columns comprised of more longitudinal rebar possess a higher lateral
load capacity, causing the decreased enhancement ratio. Compared with the effect of
the longitudinal rebar ratio, the effect of the ALR on the enhancement ratio is marginal,
especially for RC columns possessing higher longitudinal rebar ratios.

ρ

 
(a) 

 
(b) 

Figure 9. Enhancement of lateral load capacity: (a) ALR = 0.15; (b) ALR = 0.3.

181



Appl. Sci. 2021, 11, 3649

5. Worked Example

The prototype of the RC column is shown in Figure 10. The height of the column is
3000 mm. The cross-sectional dimension is 500 mm × 500 mm. The reinforcement cage is
formed by 12T20 and R10@150. At the ultimate limit state, the factored axial load (N0) and
factored lateral load (V) are 1400 kN and 300 kN, respectively. The elastic modulus of the
rebar is 200 GPa. The yield strength of the stirrup and the longitudinal rebar is 400 MPa and
500 MPa, respectively. The cylinder strength (fc′), cube strength (fcu), and elastic modulus
(Ec) of the concrete are 30 MPa, 40 MPa, and 25 GPa, respectively. The cover thickness
(c) is 20 mm. It is postulated that the column experienced a fire event up to 570 ◦C. The
strength and stiffness of the RC column can be greatly impaired after exposure to high
temperature. The proposed strengthening method of directly fastening steel jackets can be
used to restore fire-damaged RC columns. The elastic modulus, yield strength and ultimate
strength of the steel plate are 200 GPa, 300 MPa and 400 MPa, respectively. The steel angle
bracket used to connect the two adjacent steel plates measures 75 mm × 75 mm × 5 mm
with a length of 50 mm. The 4 mm diameter high strength knurled fastener is used in this
strengthening system. The partial safety factor of steel and concrete is taken as 1.2 and 1.5.

 
 

(a) (b) 

Figure 10. Reinforcement details of column: (a) front view; (b) plane view.

5.1. Evaluating Lateral Load Capacity of Fire-Damaged Column

After the concrete is exposed to fire, the concrete strength is impaired. The concrete
strength post fire can be estimated according to the recommendation in EN-1992-1-2 [35].
The residual cylinder strength (fc′ ,pf) of the RC column following exposure to 570 ◦C fire
is 0.5fc′.

According to the study on the mild steel post fire in [22], the residual strength and
elastic modulus of rebar can be readily determined. The residual strength of longitudinal
rebar is given as:

fyl,p f = fyl Rsy

= 500 × (1.0 − 0.2 × 570−400
600 )

= 470 MPa
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The residual strength of the stirrup is given as:

fyst,p f = fystRsy

= 400 × (1.0 − 0.2 × 570−400
600 )

= 376 MPa

The residual elastic modulus of rebar is given as:

Es,p f = EsRsE
= 200 × (1.0 − 0.07 × 570−350

500 )
= 194 GPa

According to (20) and (21), the stresses of the four rows of longitudinal rebar and thus
the compressive height of the plane section can be determined.

N0 +
4Alσl1 + 2Alσl2 + 2Alσl3 + 4Alσl4

1.2
−

α f ′c,p f dcβxc

1.5
= 0

The compressive height of the plane section is solved as:

xc = 304 mm

The moment capacity is derived by (22).

Mcap = N0
dc
2 − α f ′c,p f dc βxc

βxc
2

1.5

+
4Al σl1(dc−c−φst− φl

2 )+2Al σl2(dc−c−φst− φl
2 −sl)

1.2

+
2Al σl3(dc−c−φst− φl

2 −2sl)+4Al σl4(dc−c−φst− φl
2 −3sl)

1.2
= 311 kN · m

The lateral load resistance of the fire-damaged RC column is given by (23).

Vcap =
Mcap

0.5L
=

311 × 103

0.5 × 3000
= 207 kN < V = 300 kN

Thus, the fire-damaged RC column is not safe, and the required enhancement ratio of
the RC column is around 1.4.

5.2. Evaluating Lateral Load Capacity of Strengthened RC Column

Since the required enhancement ratio is around 1.4 and the longitudinal rebar ratio is
0.015, 4 mm steel plate is utilized to strengthen the fire-damaged RC column based on the
findings in Figure 8. Additionally, four fasteners on the connection are used.

(a) Determining connection spacing

Flexural failure is the desirable failure mode. To realize this, Equation (24) should
be satisfied.

300 kN = V ≤ Vcap,stren ≤ 0.6Vstren

According to Equation (25), the shear capacity of the strengthened fire-damaged RC
column is given as:

Vstren = Vd + Vc,p f + Vs,p f

= 0.5 dc
sd+dd

2n f Fd
γs

+
0.17(1+ N0

14Ac )
√

f ′c,p f dcdw

γc
+

mAst fyst,p f dw
γssst

= 0.5 × 500
s′d

× 2 × 4×1.6×1.35×1.17×4×4×400
1.2 +

0.17(1+ 1400×1000
14×500×500 )
1.5

×√
15 × 500 × (500 − c − φst − φl

2 ) +
4× 3.14×102

4 ×376×(500−c−φst− φl
2 )

150×1.2

183



Appl. Sci. 2021, 11, 3649

Solving the above two equations, the connection spacing is given as:

sd ≤ 160 mm

Here, the connection spacing is taken as 100 mm. The corresponding shear capacity of
the strengthened column is 623 kN.

(b) Determining ultimate compressive stress in compressive steel plate

The slenderness ratio of the steel plate is given as:

λsr =
sd
tp

=
100
4

= 25

The initial imperfection factor is given by (19).

αi = 1.046 − 0.0073λsr = 1.046 − 0.0073 × 25 = 0.86

The ultimate compressive stress of the steel plate is determined by (18).

σp,critical =
4π2Ddp
sd

2 Ap
(1 − αi) =

4π2Ept2
p

12s2
d(1−μ2

p)
(1 − αi)

= 4×3.142×200×103×42

12×1002×(1−0.32)
× (1 − 0.86)

= 162 MPa < fyp = 300 MPa

(c) Determining lateral load capacity of strengthened RC column

The stresses in steel plate and longitudinal rebar are given by Equation (26). The com-
pressive depth of the strengthened fire-damaged RC column is determined by Equation (27).

0 = N0 +
4Al σl1+2Al σl2+2Alσl3+4Al σl4

1.2

+
0.6σpt1 Ap−Apσpc1+2

n
∑

i=1
tpΔiσpside_i

1.2 − α f ′c,p f dc βxc

1.5

The compressive height of the plane section of the strengthened fire-damaged RC
column is solved as:

xc = 302 mm

The moment capacity of the strengthened fire-damaged RC column is derived by
Equation (28).

Mcap,stren = N0
dc
2 − α f ′c,p f dc βxc

βxc
2

1.5

+
4Alσl1(dc−c−φst− φl

2 )+2Alσl2(dc−c−φst− φl
2 −sl)

1.2

+
2Alσl3(dc−c−φst− φl

2 −2sl)+4Alσl4(dc−c−φst− φl
2 −3sl)

1.2

+
0.6σpt1 Ap(dc+

tp
2 )+Apσpc1

tp
2 +2

n
∑

i=1
tpΔiσpside_i(dc− dc−dp

2 − Δi
2 −(i−1)Δi)

1.2
= 530 kN · m

The lateral load resistance of the strengthened fire-damaged RC column is given by
Equation (29).

Vcap,stren =
Mcap,stren

0.5L
=

530 × 103

0.5 × 3000
= 353 kN > V = 300 kN

The condition in (24) is rechecked herein.

Vcap,stren = 353 kN < 0.6Vstren = 374 kN
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5.3. Checking ALR

(a) Estimating equivalent passive confinement stress

The equivalent passive confinement stress originated from the stirrup and the connec-
tions are respectively given by (4) and (5).

fest =
4αst fyst,p f Ast

sst lst

=
4×0.34×376×3.14× 102

4
150×(500−20×2−10)

= 0.59 MPa

fed =
2αdn f Fd
(sd+dd)dc

=
2×0.47×(0.82−0.64× 100

500 )×4×1.6×1.35×1.17×4×4×400
150×500

= 0.56 MPa

(b) Estimating axial load capacity

For the confined concrete in Figure 7b, the imposed equivalent passive confinement
stress is fl = fest + fed = 0.59 + 0.56 = 1.15 MPa. Using the confined concrete strength model
in (7)–(16), the confined concrete strength is 22.5 MPa. Thus, the axial load capacity is given
by Equations (30)–(32).

Nc,stren =
Acc f ′cc,p f +Ac0 f ′c,p f

γc
+

12Al fyl,p f +4Apσp,critical
γs

=
(500×500−12× 3.14×202

4 − 2
3 (500−70×2)2)×22.5+ 2

3 (500−70×2)2×15
1.5

+
12× 3.14×202

4 ×470+4×4×495×162
1.2

= 5800 kN

The ALR is given by (33).

ALR =
N0

Nc,stren
=

1400
5800

= 0.24 < 0.65

5.4. Checking Effective Flexural Stiffness

Based on the study conducted by Hwang et al. [6], the residual elastic modulus of
concrete retains around 0.2Ec after exposure to a 570 ◦C fire event. According to (17), the
effective flexural stiffness of the strengthened RC column is given as:

Ki = (EI)s + 0.6(EI)c,p f

= 2
EPtpd3

p
12 + EPtpdp

d2
c

2 + 0.6 0.2Ecd4
c

12
= 2 × 200000×4×4953

12 + 200000 × 4 × 495 × 5002

2 + 0.6 × 0.2×25000×5004

12
= 8.1 × 1013N · mm2 ≈ 7.8 × 1013N · mm2 = 0.6 × 25000×5004

12 = 0.6(EI)c

Until then, the parameters of the steel jacket (i.e., steel plate thickness, fastener number
and connection spacing) are determined. The strengthening scheme is shown in Figure 11.
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(a) (b) 

Figure 11. Strengthened RC column: (a) front view; (b) plane view.

6. Conclusions

In this paper, a novel direct fastening steel jacket is introduced. The main findings of
the available experimental and theoretical studies on the proposed strengthening method
are reviewed, based on which the design procedure for the proposed strengthening method
is presented. The design procedure can be processed by the application of four critical
steps: (1) sizing the steel plate thickness based on the required enhancement ratio and
Figure 9; (2) sizing the connection spacing and fastener number by avoiding flexural failure;
(3) checking lateral load demand and capacity; and (4) checking the ALR limit. If either
of the final two checking conditions is not satisfied, the process should be repeated from
step (1) until these two final conditions are satisfied. Subsequently, the effective flexural
stiffness is examined to ensure it is similar to that of the undamaged RC column.
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Abstract: A bolt-connected precast reinforced concrete deep beam (RDB) is proposed as a lateral
resisting component that can be used in frame structures to resist seismic loads. RDB can be installed
in the steel frame by connecting to the frame beam with only high-strength bolts, which is different
from the commonly used cast-in-place RC walls. Two 1/3 scaled specimens with different height-to-
length ratios were tested to obtain their seismic performance. The finite element method is used to
model the seismic behavior of the test specimens, and parametric analyses are conducted to study
the effect on the height-to-length ratio, the strength of the concrete and the height-to-thickness ratio
of RDBs. The experimental and numerical results show that the RDB with a low height-to-length
ratio exhibited a shear–bending failure mode, while the RDB with a high height-to-length ratio failed
with a shear-dominated failure mode. By comparing the RDB with a height-to-length ratio of 2.0,
the ultimate capacity, initial stiffness and ductility of the RDB with a height-to-length ratio of 0.75
increased by 277%, 429% and 141%, respectively. It was found that the seismic performance of frame
structures could be effectively adjusted by changing the height-to-length ratio and length-to-thickness
of the RDB. The RDB is a desirable lateral-resisting component for existing and new frame buildings.

Keywords: precast reinforced concrete deep beam; experimental study; seismic performance; finite
element method (FEM)

1. Introduction

A reinforced concrete (RC) shear wall is commonly used as an infilled lateral load-
resisting component in RC frames for high-rise buildings. The RC frames with infill RC
shear walls exhibited better performance compared with the traditional bare RC frames
because of the insufficient lateral stiffness and resistance of RC frames. The frame columns
and beams are used to resist the vertical loads and moments due to earthquakes, while
the RC shear walls (RCSW) resisted the majority of shear forces [1]. The initial researches
focused on different kinds of RCSW systems and conducted experimental and theoret-
ical investigations on their seismic performance [2–4]. Furthermore, experimental and
numerical studies were performed to analyze the mechanical behavior of different types of
connections between RC walls and building frames [5–7]. However, the RC shear walls may
exhibit oversized lateral stiffness resulting in an insufficient lateral deformation capacity of
the structure with an insufficient load-carrying capacity. Besides, the shear force carried
by the RC shear walls may be transmitted as tension or compressive force to the frame
columns [8]. To prevent severe damage from occurring at the end of frame columns, strong
columns must be designed to comply with the design principle of “strong frame, weak
wall”. Furthermore, to meet the architectural requirements, the effects of different kinds of
openings on the seismic performance of RCSWs also need to be investigated, which may
make the seismic design of RCSWs more difficult.

Three major issues should be considered for the frames with RCSW systems. Firstly, a
few RC shear walls might be placed in the first story for the stores and open lobbies due to
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the architectural demands. These buildings may have a soft first story if insufficient shear
walls are placed in the first story compared to the upper stories [9]. Secondly, rapid repair
and retrofit methods of a severely damaged component are desired for structures after
an earthquake occurs [10,11]. The RC shear walls are commonly connected with frame
columns and beams cast in place; thus, the frame columns and beams may be destroyed if
the retrofit work is performed on the damaged walls. Lastly, the dimensions of the infill
walls are determined by the dimensions of the surrounding frame. The lateral stiffness and
resistance of the structure are mainly adjusted through the thickness of the walls. However,
the thickness is a strict rule for the RC walls due to stability requirements [2]. Therefore,
the lateral stiffness and resistance of the RC frames with RCSWs are difficult to change on
a large scale to meet the optimization design of RC structures.

In the past decades, the RC wall panel (RCWP) was introduced by Kahn and Han-
son [12] as a strengthening member to enhance the performance of RC structures. It was
also proposed as a retrofit/repair strategy for the RC frames [13] because the member could
be connected to structures with precast construction. Engineered cementitious composite
materials (ECC) were proposed for RCWP due to their good performance to dissipate
energies generated from earthquakes [14], and a series of experimental and theoretical
investigations were performed. In recent years, many researchers have suggested that the
RC walls should be separated with frame columns, including separating the RC infill wall
from the RC frame by slits [15], and slitting the separated RC infill wall [9]. Other types
of steel wall panels, such as double-skin wall panels [16] and panel wall strengthened
systems [17–20], were proposed and analyzed. Different from the steel wall panels, the
RC wall panels were commonly connected to the boundary frames with cast-in-place
construction. Thus the RC wall panels are difficult to remove or repair. The precast concrete
components or structures should be developed for the rapid construction of new structures
and repairing existing damaged structures under seismic hazard, and it is important to
guarantee the desired structural performance for the precast structures [21,22]. The con-
nections are the key aspects of obtaining precast structures’ desired performance [23–26].
Therefore, a new type of connection could realize the rapid construction and replacement
of RC wall panels and could also ensure the connecting performance between RC wall
panels and boundary frames.

Based on the researches presented here, the bolt-connected precast reinforced concrete
deep beam (RDB) is proposed in this paper. It connects to the frame beam with high-
strength bolts. It exhibits some advantages to handle the above issues compared to the
other RC walls for the following reasons. Firstly, the RDB can be flexibly placed, and thus
it provides architectural space for the installation of doors and windows. Secondly, it can
be easily assembled or removed from the bolted connection; thus, it can be rapidly and
cost-efficiently fabricated in building repair or retrofit. Lastly, the length of the RDB could
be selected in a wide range; thus, it can achieve a wide range of initial stiffness and lateral
resistance. In addition, the main deformation of the deep beam is combining bending and
shearing deformation; thus, RDB may exhibit better ductility by comparing it with the RC
infill walls for relatively sufficient plastic development of materials. It is also a part of a
project that uses a deep beam as a lateral resisting system.

In this study, experimental investigations of two precast reinforced concrete deep
beam specimens that were 1/3 scaled were performed, and numerical studies of RDBs
were conducted and verified by test results. The initial stiffness, as well as the mechanical
behavior of the bolt connections, were also discussed and calculated. Such results provide
information for the seismic design of bolt-connected precast RDB components.

2. Materials and Methods

2.1. Material Properties

In Table 1, the average cube compressive strength of concrete material, as well as the
material performance of reinforcing bars, is presented. The concrete and reinforcement
steel bars were designed as C30 and HPB235, respectively. Based on the Chinese standard
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GB50081 [27], concrete cube specimens taken from the batches of concrete were tested.
Three repeatable specimens were fabricated with 28 days of standard maintenance, and the
average values were used. For the high-strength bolts used in this paper, the yield strength
was 800 N/mm2, and the yield-failure ratio was 0.8. The pretension force applied to each
bolt was 125 kN.

Table 1. Mechanical properties of concrete and reinforcing bars.

Material Item Result

Concrete Average cube compressive strength, f cu 45.3 MPa

Reinforcing bars

Diameter, D 7.8 mm
Yield strength, f y 237.0 MPa

Tensile strength, f u 536.7 MPa
Elastic modulus, Es 207.2 × 103 MPa
Elongation ratio, Δ 36.6%

2.2. Test Specimens

In the test program, two bolt-connected precast reinforced concrete deep beams (RDB)
were designed on a 1/3 scale and different height-to-length ratios (RDB-A and RDB-B were
2.0 and 0.75, respectively). The dimensions of these specimens and the test setup are shown
in Figure 1. The height of RDBs was 900 mm, and the length was 450 mm for RDB-A and
1200 mm for RDB-B, respectively. The clear height of the specimens was 810 mm. The
thickness of the specimens was 60 mm. The reinforcing bars were arranged at a distance of
75 mm, and the diameter was 8 mm.

 

Figure 1. Test setup and test specimens.

2.3. Setup and Measurements of Test Specimens

The construction details of the test device and the specimens are presented in Figure 2.
To distribute the load in the RDBs more evenly, a distribution member was designed to
connect to the actuator through M45 bolts. Two angles were placed at the two sides of RDBs,
and these angles were equipped back-to-back to support the RDBs. M20 high-strength bolts
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were used to connect the angles and the RDBs. The angles were connected to the base beam
and distribution member by M20 bolts, and they were connected to the strong floor by
anchorage bolts. To ensure that no out-of-plane deformation developed in the specimens
during the tests, two rigid beams were constructed to provide lateral supports. Two pairs
of sliding constraints were installed between the rigid beams and the distribution member.

 

Figure 2. Details of the test device, specimens, connection details and boundary conditions.

Three displacement-based linear transducers were used for measuring the lateral
displacement of the specimen. They were placed at the two sides of the RDBs and the
base beam, and they were used to measure the relative lateral deformation of the test
specimens. The stress distribution of the RDBs was traced by uniaxial strain gauges, and
they were placed along the reinforced bars to analyze the mechanical behavior of the RDBs,
as presented in Figure 3. The loading pattern of the test specimens was designed based on
the Chinese standard JGJ 101 [28], and it was controlled by displacement. The diagrams of
the loading pattern are shown in Figure 4. An increment of 1 mm on displacement was used
at the elastic mechanical stage, and the displacement did not repeat at the same loading
level. The increment was increased at the elastic–plastic stage, and the displacement was
repeated three times at the same loading level. Two methods were used to determine the
yield displacement of the test specimens: some of the strain gauges exceeded the yield
value, and the slope of the load–displacement curves decreased sharply.

  
(a) RDB-A (b) RDB-B 

Figure 3. Arrangement of uniaxial strain gauges on the reinforcing bars.
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(a) RDB-A (b) RDB-B 

Figure 4. Loading patterns for the test specimens.

3. Test Results

3.1. Failure Mode and Hysteretic Behavior

The RDB-A failed to combine with the bend and shear destroy. An inclined crack
was found at the bottom of the deep beam at the 2 mm loading step. At this loading step,
concrete spalling was observed at the top side corner of the deep beam, but the reinforcing
bars were not exposed, as shown in Figure 5a. New cracks were observed at the corner and
bottom of the specimen at the story displacement of 3 mm, and a major crack had obviously
developed along the direction of 45◦ in a horizontal direction. When the displacement
reached 5 mm, the concrete at the bottom corners was apparently crushed, as presented in
Figure 5b, which resulted in exposing the stirrups. A crisp noise was produced from the
high-strength bolts at this step. After that, a relative slip deformation was found, and the
cracks developed quickly. The final failure pattern of the RDB-A specimen is depicted in
Figure 5c.

  
(a) Spalling of concrete (b) Crack at the corner (c) Failure of the RDB-A 

Figure 5. Failure modes of the RDB-A.

The RDB-B failed, dominated by the shearing destroy. The first crack was found at the
bottom corner nearby, with the first high-strength bolt at the story displacement of 2 mm.
When the displacement had reached 3 mm, such cracks could not be closed, as shown in
Figure 6a, and a crisp noise was heard from the high-strength bolts. The first diagonal
crack was detected; it was formed along the direction of 45◦ in a horizontal direction
when the lateral displacement was 5 mm, as shown in Figure 6b. After that, more other
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inclined cracks were formed at the center region of the deep beam. The final failure mode
is presented in Figure 6c.

   
(a) Cracks at the corner (b) Diagonal cracks at the center region (c) Failure of the RDB-B 

Figure 6. Failure modes of the RDB-B.

The relation curves of lateral load and displacement curves of the specimens are
depicted in Figure 7. The force and displacement results of some key points are presented
in Table 2. When the height-to-length ratio of the RDB specimen decreased from 2.0 to 0.75,
the ultimate capacity, initial lateral stiffness and ductility increased about 277%, 429% and
141%, respectively. The results indicated that the height-to-length ratio is an important
factor in adjusting the strength and stiffness of the RDBs on a large scale.

  
(a) RDB-A (b) RDB-B 

P P

θ 

P P

θ 

Figure 7. Loading-displacement curves of the specimens.

Table 2. Force, displacement and ductility results.

Test
Specimen

Yield Value Maximum Value Ductility Value
μΔ = Δmax/ΔyPy (kN) Δy (mm) ϕy (%) Pmax (kN) Δmax (mm) ϕmax (%)

RDB-A 9.23 3.07 0.34 10.35 3.63 0.40 1.18
RDB-B 25.69 2.08 0.23 39.06 5.90 0.65 2.84

3.2. Ductility and Energy Dissipation

In this paper, the displacement-based ductility coefficient μΔ is utilized to represent
the ductility performance of RDBs. The μΔ is determined by the displacements when the
specimens yield and fail, and the calculation is μΔ = Δmax/Δy. The equal energy method
is used to obtain the value of Δy. The failure displacement is defined as 85% times the
maximum value [8]. The ductility results are listed in Table 2. The RDB-B exhibited better
ductility than the RDB-A, indicating that the ductility of RDBs increases if the height-to-
length ratio reduces.
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To evaluate the energy dissipation performance of RDB specimens, the energy dis-
sipation coefficient E is used. The detailed calculation and the diagram are shown in
Figure 8a [8]. The energy dissipation coefficients of the test specimens in this paper are
presented in Figure 8b. The results show that the energy dissipation coefficient decreases
with the increase of the lateral displacement for the most part. The energy dissipation
capacity of RDB-A is close to the RDB-B, indicating that the energy dissipation capacity of
RDBs changes little by decreasing the height-to-length ratio. Due to the limited number of
specimens, it should be highlighted that the effects of the height-to-length ratio on ductility
and energy dissipation coefficient are not regular.

  
(a) Calculation method (b) E-displacement curves 
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Figure 8. Energy dissipation results of test specimens.

3.3. Elastic Stiffness

The boundary condition is an important factor to determine the stiffness as well as
the ultimate strength of RC deep beams [29]. Thus, the boundary conditions of the RDBs
can be simplified as a deep beam with fixed supports [8], and the idealized diagram is
presented in Figure 9a. The initial stiffness of the RDB could be obtained by considering
the bending deformation and shearing deformation of the RDB. The deformation diagram
and force distribution diagram of the RDBs associated with lateral force F are shown in
Figure 9b.

 
(a) Deformation diagram (b) Force diagram (c) Force distribution of bolt connections 
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Figure 9. Deformation and force diagrams for RDBs and bolt connections.
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The lateral displacement of RDBs Δw is a combination of bending deformation ΔwM
and shearing deformation ΔwV. The displacement of RDBs can be calculated based on the
Graph Multiplication Method in basic theory in structural mechanics:

Δw = ΔwM + ΔwV =
Vwh3

12Ec Iw
+

1.2Vwh
GA

(1)

where Iw, Vw and A are the moments of inertia, shear force and section area of RDBs,
respectively; Ec and G are the elastic modulus and shearing modulus of concrete. Thus,
Equation (1) can be expressed as:

Δw =
Vw

Ect

[
1

(l/h)3 +
2.88
(l/h)

]
(2)

where h is the effective height and l is the effective length. The elastic lateral stiffness Ke is
calculated as:

Ke =
Ect[

(h/l)3 + 2.88(h/l)
] (3)

Table 3 presents the comparison of the elastic lateral stiffness of the test specimens
obtained from Equation (3) and the tests. It was found that the error is no more than 20%,
and the values derived from the equation slightly overestimate the lateral stiffness of the
test specimens. It can be concluded that the imperfections of the specimens and uncertainty
in test procedures were not considered in the equation. However, the overestimation can
also be treated as safety reserves in the structural design of RDBs.

Table 3. Comparison of elastic stiffness of the theoretical and experimental test results.

Specimen
Elastic Lateral Stiffness (kN/mm)

ErrorKe-theoretical Ke-experimental

RDB-A 13.08 11.06 15.4%
RDB-B 69.71 58.48 16.1%

3.4. Mechanical Behavior of the Bolt Connection

The frictional types of high-strength bolts were used in the tests to transfer the shear
forces. Thus, it is important to ensure the effectiveness and reliability of the bolt connections.
In this paper, the mechanical behavior of the bolt connections is divided into two main
phases; they are: (1) phase I, the carried shear force of a bolt is less than its friction force;
(2) phase II, the carried shear force of a bolt is larger than its friction force.

A mechanical diagram of RDBs at phase I is presented in Figure 9c; the shear force
of bolts generated from the lateral load (Nv) and bending moment (Nm) are included in
the diagram. The lateral force is considered as an even distribution force on the bolts; the
shear force of each bolt is determined as Nv = Vw/n, where n is the number of the bolts
in a support of RDBs. According to Figure 9c, Mw = Vwh/2 = 0.405Vw for the RDB-A,
thus the Nm = Mw/4D = 0.675Vw, and Nv = Vw/3. The largest shear force is 0.75Vw. For
the mechanical diagram of RDB-B, Mw = Vwh/2 = 0.405 Vw and Nm4 = 0.225Vw, and
Nv = Vw/8. The largest shear force is 0.26 Vw.

At phase II, due to the carried shear force of the bolts that exceeded the friction
force, the bending moment is carried by the RDB, and thus the bolts carry the shear force
solely. The largest shear force of the bolts is 0.33 Vw and 0.125 Vw for the RDB-A and
RDB-B, respectively.

The shear force carried by the bolts in specimens is 10.35 kN and 39.06 kN for the
RDB-A and RDB-B (Table 2), respectively. Thus the largest shear force is 7.76 kN and
10.16 kN in phase I for bolt connections in RDB-A and RDB-B, respectively, and the largest
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shear force is 3.42 kN and 4.88 kN in phase II for the bolt connections in RDB-A and
RDB-B, respectively.

The friction force NvuI in phase I and shear resistance NvuII in phase II of the bolts
used in this paper are:

NvuI = 0.9nfμP (4)

NvuII =
πd0

2

4
fv (5)

where nf is the number of frictional faces of bolts; μ is the anti-sliding coefficient between
bolts and angles, and it is determined as 0.3 according to suggestions [8]; P is the pre-tensile
force, it is 125 kN in this study; d0 is the clear diameter of bolts, and it is 20 mm; f v is the
yield shear strength of bolts, and it is 320 MPa.

Thus NvuI = 67.5 kN and NvuII =100.5 kN can be calculated according to Equations (4) and (5),
and the calculated values represent the loading resistance of a high-strength bolt at the
two phases. The calculated values are larger than the maximum shear force of the bolts
during tests; thus, it can be concluded that high-strength bolts are safe enough in the test
specimens. According to test results recorded by the LVDTs, there was also no slipping
behavior or bolt-damage failure observed in the test specimens.

4. Numerical Study

4.1. Validation of Finite Element Model

The numerical study was performed by ANSYS, as presented in Figure 10, and the
“Solid 65” and “Pipe20” elements were selected out to model the mechanical behavior of
reinforced concrete. A bilinear model was used for the reinforcements, and the material
test results such as the elastic modulus, yield stress and ultimate stress were derived from
material test results. The concrete damage plasticity model in ANSYS was used for the
concrete material in RDBs, because it considers the nonlinear behavior of concrete after
it cracks or crushes. The compressive strength curve was taken from the compressive
test results of the concrete, and the tensile cracking strength was estimated as 5.6% of the
compressive strength. The 3D 8-node solid element captured the cracking and crippling
behavior of the concrete. The same mesh sizes (50 mm) were used to mesh the model.
The intersectant nodes in concrete elements and reinforcing bar elements were coupled
together at the same positions so that they could cause consistent deformations. The
boundary conditions of the bottom and top side of the concrete panel are considered as a
fixed connection (at the bottom side, fixed the X, Y, Z, Rot X, Rot Y and Rot Z; at the top
side, fixed the Y, Z, Rot X, Rot Y and Rot Z; the X-direction represents the direction that
applied lateral loads). The lateral load is assumed as a uniform load to apply to the top
side of the concrete panel in the finite element model, and this mechanical assumption was
valid by Jiang et al. [8].

  
(a) Concrete model b Reinforcement model

Figure 10. Deformation and force diagrams for RDB.
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The limitations of the modeling method are: (1) the effects of bolt connections, includ-
ing the influence on stress concentration and the weakness on RC walls, are not considered
in this model; (2) the bond-slipping deformation between reinforcements and concrete is
not considered in the model.

The comparison between test and FEM results on lateral–loading curves and failure
modes are presented in Figures 11 and 12, respectively. There is a relatively close agreement
between the test results and FEM results in the elastic and elastic–plastic stage. For the
RDB-A, the peak shear force of RDBs during the tests and FEM analysis is 10.35 kN and
12.22 kN, respectively, and it is 39.06 kN and 45.24 kN for RDB-B specimen, respectively.
The difference in maximum shear force value between tests and FE models is no more
than 18%. Besides, the failure modes of FEM (Figure 12) can predict the position where
concrete cracking is in the test specimens at the estimated boundary conditions. Thus,
it can be concluded that the numerical method could effectively simulate the nonlinear
behavior of the RDBs, especially for the ultimate lateral resistance of RDBs, even though the
largest error is about 18%. However, the loading, deformation and degradation changing
processes are basically predicted by the numerical method, and it is assumed that the
method can be used for the following parametric study to analyze the effects of different
parameters on the mechanical performance of RDBs.

 

P

Figure 11. Comparison of the load-displacement relationship between the test and FEM results.

4.2. Parametric Analysis Study

A parametric analysis was performed to summarize the effects on geometrical and
material parameters based on the verified numerical modeling method in Section 4.1. The
following parameters were considered: height-to-length ratio (α), height-to-thickness (β)
and material type of concrete. The height of RDBs is determined as 900 mm, which is the
same as the test specimens. The thickness of RDB includes 60 mm, 80 mm and 100 mm.
The height-to-length ratio of RDB is ranged from 0.75 to 2.0. The compressive strength of
concrete includes three types: 25 N/mm2 (C25), 30 N/mm2 (C30) and 35 N/mm2 (C35).
Table 4 presents the detailed information of these RDB models. The effects on lateral
loading–displacement curves with parameters of height-to-length ratio, height-to-thickness
and material type of concrete are shown in Figure 13.
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(a) FEM for RDB-A (b) Test for RDB-A 

(c) FEM for RDB-B (d) Test for RDB-B 

Figure 12. Failure pattern comparison of the tests and FEM predictions.

Table 4. Parameters analyzed for RDBs.

Specimens Effects h/mm t/mm l/mm Concrete
Parameters

α β

RDB-1

Height-to-length ratio of RDB
(α = h/l)

900 60 450 C30 2.0 15
RDB-2 900 60 600 C30 1.5 15
RDB-3 900 60 750 C30 1.2 15
RDB-4 900 60 900 C30 1.0 15
RDB-5 900 60 1050 C30 0.75 15

RDB-6 Strength of concrete material 900 60 600 C25 1.2 15
RDB-7 900 60 600 C35 1.2 15

RDB-8 Height-to-thickness ratio
(β = h/t)

900 80 600 C30 1.5 11.25
RDB-9 900 100 600 C30 1.5 9

Note: h, l and t are the height, length and thickness of the RDB, respectively.

As the results presented in Figure 13a show, it can be concluded that the height-to-
length ratio of the RDB is showing a high contribution to the shear resistance of the RDBs.
A higher height-to-length ratio of the RDB results in a higher shear resistance throughout
all of the loading levels, as demonstrated by the test results. According to Figure 13b, it
can be seen that the shear resistance of RDB is increasing with the increase in compressive
strength of the concrete material. However, the increment is decreasing with the increase
in the compressive strength. The shear resistance of RDB is obviously increasing with the
decrease in the height-to-thickness ratio of RDB (see in Figure 13c), and such increment is
increasing with the decrease in the height-to-thickness ratio of RDB.

Therefore, it can be concluded that the shear resistance of RDB can be efficiently
strengthened by a large margin by decreasing the height-to-length ratio and increasing the
height-to-thickness ratio of RDBs. However, the material type of concrete shows little effect
on the seismic performance of RDBs.
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(a) Height-to-length ratio ( ) (b) Material type of concrete 

P

 
(c) Height-to-thickness ratio ( ) 

Figure 13. Effects of parameters on seismic performance of RDBs.

5. Conclusions and Discussions

In order to understand the mechanical behavior and seismic performance of RDBs,
two scaled specimens were designed and tested under cyclic loads, and the corresponding
nonlinear FE models were established and verified. The conclusions are listed as follows:

(1) The first crack formed at the corner of RDB-A due to large normal stress, but the
first crack of RDB-B formed at the center region due to large shear stress. Besides,
the RDB-A failed with a bending–shear failure mode for both typical horizontal and
diagonal cracks that developed in the RDB-A; while the RDB-B failed with a shear
dominating failure mode, as only diagonal cracks were observed in RDB-B. This
indicates the bending–shear dominated mechanical behavior of RDB-A and the shear
dominated mechanical behavior of RDB-B;

(2) By comparing the RDB with the height-to-length ratio of 2.0, the ultimate capacity,
initial lateral stiffness and displacement-based ductility of the RDB with a height-to-
length ratio of 0.75 increased 277%, 429% and 141%, respectively. This indicates that
the height-to-length ratio is a good choice to adjust the capacity and stiffness of RDB
to cater to the performance requirement of building structures;

(3) According to the parametric analysis, the shear resistance, elastic lateral stiffness and
displacement-based ductility are significantly enhanced when decreasing the height-
to-length ratio of RDB, which is similar to the test results. The height-to-thickness
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ratio shows a general influence on the seismic performance of RDBs, but the effect of
concrete strength on the seismic performance of RDBs is relatively small.

The bolt-connected RC deep beam (RDB) proposed in this paper is quite different
from other types of RC shear walls. The bending–shear mechanical characteristic of RDBs
is a benefit for the plastic development of RC materials. The length of RDBs could be an
effective parameter to adjust the lateral stiffness and resistance of frame structures, and
the RDBs could be flexibly arranged to achieve the architecture requirement. According
to the failure patterns of RDB specimens, the bolt connection was effective to ensure
the performance utilization of RDBs. Thus, the bolt connection could be treated as a
reliable connection for RC deep beam and boundary frames. The authors have conducted
experimental and numerical analyses on steel frames with steel panel walls, RC panel walls
and composite steel panel walls [17–20]. The aim of this paper is to investigate the seismic
performance of RDBs solely and to understand the collaborative working relationship
between the steel frames and RDBs. We found that the seismic performance of the steel
frame with RDB specimens is better than the sum of the steel frame and the RDB based
on the test results. Though the numerical model developed in this paper is simplified
compared to the macroscopic model [20], the simple model proposed in this paper has
relatively good accuracy in predicting the lateral resistance of RDB.
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Nomenclature

Py yield strength;
Δy yield displacement;
ϕy yield drift ratio;
Pmax maximum strength;
Δmax maximum displacement;
ϕmax maximum drift ratio;
μΔ displacement ductility coefficient;
E energy dissipation coefficient;
F lateral force of the RDBs;
h effective height of the RDBs;
l effective length of the RDBs;
t effective thickness of the RDBs;
Δw lateral displacement of the RDBs;
ΔwM bending deformation of the RDBs;
ΔwV shearing deformation of the RDBs;
Iw moment of inertia of the RDBs;
Ec elastic modulus of the concrete;
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G elastic shear modulus of the concrete;
A cross-section area of the RDBs;
Ke elastic stiffness of the RDBs;
Ke-theoretical theoretical elastic stiffness of the RDBs;
Ke-experimental experimental elastic stiffness of the RDBs;
Vw shear force of the RDBs;
Nv shear force of a bolt due to lateral load;
n the number of bolts;
Nm shear force of a bolt due to bending moment;
D distance between bolt connections;
NvuI friction force of the high strength bolts at phase I;
NvuII ultimate shear resistance of the high strength bolts at phase II;
nf the number of frictional faces;
μ anti-sliding coefficient;
P pre-tensile force of the high strength bolts;
d0 clear diameter of the bolts;
f v yield shear strength of the bolts;
α height-to-length ratio;
β height-to-thickness ratio.
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Abstract: This study focused on characteristic cases of recently tested real-scale RC framed wall infilled
structures with innovative seismic protection through polyurethane joints (PUFJ) or polyurethane-
impregnated fiber grids (FRPU). The frames revealed a highly ductile response while preventing
infill collapse. Herein, suitable 3D pseudo-dynamic FE models were developed in order to reproduce
the experimental results. The advanced Explicit Dynamics framework may help reveal the unique
features of the considered interventions. Externally applied double-sided FRPU jackets on OrthoBlock
infills may maintain an adequate bond with the surrounding RC frame as well as with the brick infill
substrate at up to a 3.6% drift. In a weak four-column RC structure, the OrthoBlock infills with PUFJ
seismic joints may increase the initial stiffness remarkably, increase the base shear by three times
(compared with the bare structure) and maintain a high horizontal drift of 3.7%. After this phase,
the structure may receive FRPU retrofitting, reveal the redistribution of stress over broad infill regions,
including predamaged parts, and still develop a higher initial stiffness and base shear (compared with
the bare RC). The realization of a desirable ductile behavior of infilled frames through PUFJ of only
20 mm thickness, as well as through FRPU jacketing, may remarkably broaden the alternatives in
seismic protection against the collapse of structures.

Keywords: RC frames; brick infills; prior damage; finite element analyses; seismic joint; FRP

1. Introduction

The behavior of infilled reinforced concrete (RC) frames under in-plane and out-of-
plane loading is an open issue as there is a variability of existing RC frames designed and
constructed according to different design codes over the years, with or without modern
seismic-resistant provisions or suitable reinforcement detailing. Further, the infills may
include solid or hollow clay bricks (usually with a horizontal direction of the holes of
the bricks), concrete solid or hollow blocks and several other types of infill wall units.
Therefore, there is a high variation in the modulus of elasticity, strength and modes of
failure of the infills when interacting with the RC frames. In some cases, the effects of the
infills on the RC frames may be detrimental and lead to building collapses during severe
earthquakes. On the other hand, collapsed infills alone may lead to human injuries or loss.
Numerous experimental campaigns have addressed the variable behavior of infilled RC
frames. The high scatter in the prediction of several critical parameters—especially the
ones related to displacement ductility—reveals the complexity and uncertainty involved
(see the studies by [1–7], among others). Furthermore, the out-of-plane response of the
infills is equally crucial to predict (see, e.g., [4,8–10], among others). The abovementioned
studies suggest that, in most cases, common clay brick infills reveal an accumulation of
severe damage for the lateral drift of the infilled RC frame that ranges between 0.5 and
1.5%. Hence, they lead to reduced displacement ductility levels with respect to the case
of a bare RC frame, despite the fact they increase the elastic stiffness and maximum base
shear capacity of the infilled frame.
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Several investigations at the building level, following rigorous assessment approaches,
suggest that, in most cases, brick wall infills may enhance the performance of RC frames
at low-intensity earthquake excitations (increased base shear capacity). Further, at higher
intensities, shear-related failures of columns or out-of-plane collapse of damaged infills
(especially if they have openings) may lead to premature exhaustion of buildings’ structural
capacity (i.e., at lower drifts) with respect to the bare structure at different serviceability
or ultimate limit states (see, e.g., dynamic experiments in [11] or analytical investigations
in [12–14], among others). Wall infills are very crucial to take into account, especially in the
damage assessment at serviceability limit states [14]. In any case, an increased uncertainty
in building behavior should be considered as the dynamic excitation intensity is increased
and/or multiple structural deficiencies are identified.

Innovative repair and strengthening solutions for RC frames with infill walls involved
externally applied sprayable ductile fiber-reinforced cementitious composites [15], or fiber-
reinforced polymer sheets [3,16,17], among others. Koutas et al. [18] tested RC frames
infilled with brick walls, strengthened with textile-reinforced mortar. The RC frames were
of old-type detailing (with inherent deficiencies). In most of the cases of such RC frames
subjected to a constant vertical load and cyclic horizontal loading, the infill walls revealed
limited ductility before their retrofitting. Even after their strengthening, the structural
behavior and failure mechanism were similar to the as-built infilled frames. However,
the retrofitted infilled RC frames exhibited a significant increase in the shear resistance and
dissipated energy [19,20]. Again, usually, the accumulation of severe damage occurs for a
lateral drift range between 0.5 and 1.5%. Such values for the infill performance limit the
potential of the retrofitted RC frames [18]. This early damage accumulation may pose a
threat, in some cases, to the targeted ductile behavior of strengthened RC frames with infill
walls. For example, detrimental effects may be introduced by the highly uncertain and
undesirable infill wall–RC frame interaction. Such effects may include premature shear-
related failure of the columns in contact with the infills, or partial collapse of the infills,
among others, or trigger an undesirable soft-story mechanism [21] and even whole-building
collapse (if seismically induced overloads or out-of-plane infill collapses occur).

In general, the deterioration of the bond between commonly used cement-based
materials at the boundary between the RC frame and the infill, as well as the severe
damage accumulation within the fragile brick infills (subjected, mainly in plane, to vari-
ably imposed diagonal compressive deformation and suffering diagonal cracks or corner
crushes), led to the development of different seismic protection solutions. Marinkovic and
Butenweg [22,23] proposed a system to protect the infilled frame against in-plane and out-
of-plane loads. Specially designed, three-sided elastomer joints at the infill–RC boundary
interface were placed with a total thickness of 62.5 mm (25 mm plus 37.5 mm). A bottom
elastomer was used as well. The composite frame sustained in-plane and out-of-plane load-
ing, reaching a 3% ultimate drift for in-plane loading. Morandi et al. [6] proposed sliding
joints inserted in the masonry at different levels with 30 mm thickness (3 × 30 = 90 mm)
and deformable joints at the wall–frame interface (25 mm thickness). Similarly, the seismic
protection was remarkable up to a 3% frame drift.

Real-scale shake table experiments are of great significance for the validation of novel
seismic protection systems. INMASPOL (“INfills and MASonry structures protected by
deformable POLyurethanes in seismic areas”—INMASPOL SERA Horizon 2020 project)
involved a real-scale RC frame building subjected to multiple ground excitations on a shake
table. The excitation was suitable for the validation of the out-of-plane performance of the
OrthoBlock brick wall infills of the structure, protected by innovative seismic joints, as well
as for their in-plane response. The joints were made of highly deformable polyurethane
(polyurethane flexible joints, PUFJ) of 20 mm thickness. The structure was driven to a
high lateral drift of up to 3.7% without base shear degradation and no brick infill collapse.
Then, the brick infills were retrofitted with an innovative glass grid, impregnated with
high-deformability polyurethane (fiber-reinforced polyurethane, FRPU) and retested (for
the experimental validation, see [20,24]). The techniques of seismic joints and externally
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bonded fiber grid jackets have already been validated separately in real-scale RC frames
subjected to pseudo-static cycles of horizontal top displacements [25]. Different frames
with boundary polymer seismic joints on three or four sides were tested with a 20 mm
thickness. Further, an infilled frame without seismic joints was retrofitted with a fiber grid
jacket impregnated with highly deformable polyurethane. In all cases of the tested frames,
the ductility of the composite frames was remarkable, and the corresponding drift ranged
from 3.5% to 4.4%. However, during experimental campaigns involving large-scale frames,
only a few parameters can be investigated due to the high demand of resources and time.
Three-dimensional (3D) finite element (FE) modeling and analyses may help address the
effects of critical design parameters (see [26–34], among others).

This paper developed suitable 3D pseudo-dynamic FE models for a real-scale brick in-
filled frame receiving external fiber grid retrofitting. Further, this study developed suitable
3D FE models of the real-scale RC INMASPOL frame building with innovative polymer
seismic joints at the boundary of the infills. The analyses cover the first phase of successive
shake table tests as well as the second phase of shake table tests, after retrofitting of the
damaged structure with externally bonded fiber grids. The structure sustained a series of
scaled modified real earthquake recordings of increasing maximum ground acceleration
during tests, in accordance with the dynamic pushover approach. The analyses presented
herein concern the inelastic pseudo-dynamic pushover response of the structure through
imposed top displacements. Bare structure analysis is also included for comparative in-
vestigations. The 3D FE analyses’ results compare well with the experimental ones and
may provide a unique insight on the variable interaction of the brick infill–RC frame with
seismic polymer joints and retrofitting through FRP jacketing. The results help to elucidate
the unique features of the interventions that enable the investigated RC framed structures
to reveal high top displacement ductility. Suitable combined retrofits are also examined.

2. Brief Presentation of Existing Experimental Results

2.1. Seismic Protection of Infilled RC Frames with FRP Jackets

Herein, the experimental results of the real-scale RC frame A2R from the study
by [25,35] were considered for the analytical elaborations. The RC frame had plane di-
mensions of a 270 cm-long beam with extensions of 30 cm on both sides and a height
of 245 cm (245 cm to the level of the diaphragm). The columns had cross-section di-
mensions of 25 × 25 cm, 8Φ16 longitudinal continuous rebars (without lap splices) and
Φ10/100 mm closed stirrups (one peripheral and one rhombic per 100 mm). The columns
had two top extensions of 30 cm, as well as a common foundation beam with dimensions
of 30 × 40 × 355 cm. The top beam had cross-section dimensions of 25 × 25 cm and was
reinforced with 8Φ14 longitudinal rebars and Φ10/100 mm closed stirrups (peripheral).
The dimensions of the RC frame and the detailing of the internal steel reinforcement are
presented in Figure 1a and in Table 1. Specimen A2R included an infill wall with special
thermal insulating hollow clay units, KEBE OrthoBlocks K100 (KEBE, Greece), with di-
mensions of 100/240/250 mm and a weight of about 100 kg/m2 (infill wall with vertical
holes in the bricks), built with mortar. The mortar for the building of the walls (with
nominal strength class M10) formed 3 mm-thick layers at the head or bed joints as well as
at the infill–RC frame interface (no seismic joint). The infill was retrofitted with an external
glass grid (of type SikaWrap 350 G Grid, with a real weight of 360 g/m2) impregnated
with highly deformable PS (Sika) polymer (fiber-reinforced polyurethane jacket, FRPU,
Figure 1b). The corresponding properties are cited in Table 2.
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Figure 1. (a) Dimensions of the RC frame and detailing of the internal steel reinforcement and (b) specimen A2R with FRPU
jacket on the infill surfaces.

Table 1. The dimensions of the RC frame and the detailing of the internal steel reinforcement.

b (mm) h (mm) H (mm)
Longitudinal

Steel Bars
Stirrups

Columns 250 250 2450 1 8Φ16 Φ10/100
Foundation

beam 300 400 3550 4Φ25 + 4Φ20 + 2Φ16 Φ10/100

Top beam 250 250 3550 8Φ14 Φ10/100
1 To the level of the diaphragm.

Table 2. Material properties of the infilled RC structure.

Material Density (kg/m3) Structural Element Property Value

Concrete 2380
Foundation

Compressive strength 1
34.1 MPa

Columns 27.1 MPa
Slab 34.2 MPa

Steel 7850 Reinforcement Characteristic yield strength 500 MPa

Clay 1800 OrthoBlock Weight 100 kg/m2

Glass Fiber 2600 In FRPU jacket
Elastic modulus 80 GPa

Strength 2600 MPa
Ultimate elongation 4%

Polyurethane 910

PUFJ
Elastic modulus 4 MPa

Strength 1.4 MPa
Ultimate elongation 110%

In FRPU jacket
Elastic modulus 16 MPa

Strength 2.5 MPa
Ultimate elongation 40%

1 Cubic strength at 28 days.
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The two columns of the frame received a constant concentric axial load of 375 kN each.
The horizontal actuator imposed successive pseudo-static cycles of gradually increased
displacements at the top beam. More details on the materials used, the experimental setup,
the instrumentation and test results of the A2R can be found in [25,35].

2.2. Seismic Protection of Infilled RC Structure with Highly Deformable Joints
2.2.1. Material Properties

A real-scale fully symmetrical one-story RC structure, consisting of masonry wall
infilled RC frames (4 columns and 4 beams with a top slab), was subjected to shake table
tests (see also Figure 2). The structure was designed according to current Eurocodes 2 and
8 [36,37]. The plane dimension of the structure was 3.8 × 3.8 m, and it was 3.3 m high.
The material properties for the concrete, the reinforcing steel bars, the masonry (made of
OrthoBlocks identical to the ones in A2R), the glass fiber grid and the PS polymer in the
FRPU composite (FRPU identical to the one in A2R) are cited in Table 2. The structure
was protected with 20 mm-thick polyurethane flexible joints (PUFJ) at the infill–RC frame
interfaces made of PM polymer (mechanical properties are cited in Table 2). More details
on the material properties can be found in [24].

Figure 2. Structure significantly damaged after PHASE 1: (a) north side—type B infill; (b) south side—type B infill;
and (c) FRPU-strengthened infill of type B after PHASE 1.

2.2.2. Structure Detailing

The frames had floor plan dimensions of 2.7 × 2.7 m—based on the columns’ position—
and a height of 2.5 m (to the top of the slab). The dimensions and longitudinal and
transverse reinforcement detailing are cited in Tables 3 and 4, respectively. The beam was
hidden inside the slab. The 4 columns supported, on their top, an RC slab that was 200 mm
thick. The slab carried carefully anchored steel ingots as additional masses (total 7200 kg)
for the tested structure. The slab had a central square opening for access to the inside of the
structure. The welded mesh top and bottom reinforcements of the slab are cited in Table 4.
An additional slab reinforcement was placed at the perimeter edges and at the edges of the
opening. The structure had a special foundation, with holes and hooks for attaching it to
the shake table and for lifting and manipulating the structure (Figure 2a).

The infills in the building had a height of 2.3 m. Therefore, the ratio of the vertical (or
horizontal) interface joint thickness to the infill wall height was 20/2300 = 0.0087. The infills
were 100 mm thick, with holes in the vertical direction (identical to the ones in A2R).
Out of the total of four infills, the two pairs of parallel walls had different seismic joint
configurations to experimentally investigate the implementation of PUFJ in existing and
new buildings. The two parallel infills of type B (Figure 2b) were constructed directly on
the RC foundation with a 3 mm-thick mortar bed joint, while there was a PUFJ of 20 mm
thickness, produced in situ through injection of polyurethane Sika PM. The polymer was
injected between the infill and the RC columns, and between the infill and the RC slab
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(three-sided joint). The adhesiveness of Sika PM to brick substrates was determined equal
to 0.63 MPa by a pull-off test in [38], followed by an adhesive brick/polymer failure mode.
The two parallel infills of type C were constructed on a prefabricated 20 mm-thick PUFJ
bottom joint (bonded to the RC foundation beam), while identical prefabricated joints were
bonded at the sides and top of the infill (four-sided joint). The adhesiveness of Sika PS to
brick substrates (used in FRPU) was determined by a pull-off test in [38] and was equal
to 1.48 MPa, followed by an adhesive brick/polymer failure mode. More details on the
detailing of the structure can be found in [24].

Table 3. Dimensions of structure and of different parts.

Height (mm) Length (mm) Width (mm)

Infill 2300 2300 100
Brick Unit 240 250 100
Bed Joint - - 3 (thickness)

Head Joint - - 3 (thickness)
Wall B FRPU - - 20 (thickness) 3 sides
Wall C FRPU - - 20 (thickness) 4 sides

Beam 200 2300 200
Columns 2500 200 200

Beam–Column Joint 200 200 200

Table 4. Reinforcement detailing.

Columns Beam

Longitudinal 8Φ10 8Φ10
Transverse peripheral Φ8/50 Φ8/50
Transverse rhombic Φ8/50 -

Additional Information
Clear concrete cover 42 mm

Slab thickness/Reinforcement 200 mm/Q503
Total 7200 kg mass anchored on the top of the slab

2.2.3. Loading Phases

Only PHASE 1 and PHASE 2 were considered for the numerical analysis. The original
position of the model was such that both walls of type B were loaded in plane, and both
walls of type C were loaded out of plane. In this position (PHASE 1), the structure suffered
at least 10 dynamic earthquake runs of increasing maximum acceleration. The structure
sustained a top slab relative displacement of 88.9 mm, corresponding to a 3.7% drift during
the last run of PHASE 1. The damage to the infills of type B after the last run is depicted in
Figure 2a,b. However, it should be noted that during that run, both brick infills of type B
(tested in plane), protected by the PUFJ seismic joint, did not exhibit any significant damage
up to a 2.5% drift of the structure. Both brick infills of type C (tested out of plane) had
no significant damage after the last run of PHASE 1. After the first PHASE, the damaged
brick infills of type B received FRPU external strengthening bonded on both sides of the
damaged wall using a flexible adhesive of type Sika PS without any special treatment
of the infill face and no crack repair (see Figure 2c). Then, three additional runs were
performed during PHASE 2 up to a 1.62% drift of the structure. Further excitation during
PHASE 2 was avoided in order to secure the integrity of the structure for PHASE 3 of the
experiments (not presented herein) as the RC columns had already suffered significant
damage. No additional significant damage to the infill walls of type B or to the infill walls
of type C or any damage to the FRPU retrofit was observed after PHASE 2.
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3. 3D FE Models

The numerical models were developed, and the material parameters were suitably
calibrated based on the experimental parameters, using the Explicit Dynamics framework
of the ANSYS Workbench [39] (see also [33,34]).

3.1. Geometry and Elements

RC members were modeled with solid elements for the concrete and linear elements
for the reinforcement. Longitudinal steel bars and steel stirrups for columns, beams and
slabs were modeled using the concept of “reinforcement” body interaction, not permitting
separate reinforcement behavior. The parts for PUFJs were solid bodies with a 20 mm
thickness, surrounding the 3 sides of the brick infill–RC frame interface for the type B
infill and the 4 sides for the type C infill. Due to the small thickness of FRPUs, they were
modeled as surface bodies to eliminate numerical instabilities and enhance the mesh
quality. The body interaction between different components was considered as “bonded”.
The model used the 8-node reduced integration hexahedral elements. These elements are
suitable for dynamic applications including large deformations, large strains, large rotations
and complex contact conditions in Explicit Dynamics. Linear 4-node tetrahedron elements
are available for use in Explicit Dynamics analysis whenever hexahedral element meshing
fails. Figure 3 shows the geometry of the FE models and mesh density.

Figure 3. Geometry and mesh of the (a) A2R frame and of (b) 4-column model of INMASPOL structure.
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3.2. Material Models

The properties of the materials satisfied the experimental properties. PUFJs and glass
FRPU were modeled as elastic materials. Concrete was of type RHT concrete, an advanced
plasticity model for brittle materials developed by Riedel et al. [40–42]. The failure function
for the RHT constitutive model, its fracture surface and the strain softening and damage
relations of the model are gathered in Table 5.

Table 5. RHT concrete model.

RHT Concrete Model Brief Presentation

Equation No Definition
f
(
P,σeq, θ, έ

)
= σeq − YTXC(P)×FCAP(P)×R3(θ)×(F)RATE(i) (1) Generalized failure surface

YTXC= f’
c

[
AFail

(
P∗ − P∗

spallFRATE

)NFail
]

(2) Fracture surface

FRATE =

⎧⎨
⎩

1+
(

έ
έ0

)α
for P> 1

3 fc(compression)

1+
(

έ
έ0

)δ
for P< 1

3 ft(tension)

where έ0= 3e − 6 in tension and
30e − 6 in compression.

(3) Rate-dependent enhancement factor

R3 =
2(1−Q2

2)cosθ+(2Q2−1)
√

4(1−Q2
2) cos2 θ−4Q2

4(1−Q2
2) cos2 θ+(1−2Q2)

2

cos(3θ) = 3
√

3J3

2
3
2
√

J2

and Q2= Q2.0+BQ.P∗

with 0.5<Q2<1, BQ = 0.0105

(4) Third invariant dependence term

Y∗= Yelastic +
εpl

εpl(pre−softening)
(Yfail − Yelastic)

where εpl(pre−softening) =
Yfail−Yel

3G

(
Gelastic

Gelastic−Gplastic

) (5) Bilinear strain hardening function for the case of
uniaxial compression

D =∑
Δεpl

εfailure
p

where εfailure
p = D1

(
P∗ − P∗

spall

)D2
(6) Damage is assumed to accumulate due to inelastic

deviatoric straining (shear-induced cracking)

Y∗
fractured = (1 − D)Y∗

failure+DY∗
residual

where Y∗
residual= Min

[
B(P∗)M, YTXC×SFMAX

] (7) Strain softening

Gfractured = (1 − D)Gelastic+DGresidual (8) The shear modulus reduction

P = max[D×Pmin, P(ρ, θ)] (9) Maximum tensile pressure in the material is limited

σeq is the uniaxial compressive strength; YTXC(p) is the fracture surface; FCAP(P) is a dimensionless cap function which activates the elastic
strength surface within the RHT material model at high pressures; R3(θ) is the third invariant dependence term; (F)RATE(i) is the strain rate
effect represented through fracture strength with plastic strain rate; f ′c is the cylindrical compressive strength; AFail , NFail are user-defined
parameters; P* is pressure normalized to f ′c ; P∗

spall is the normalized hydrodynamic tensile limit; FRATE is the rate-dependent enhancement
factor in Equation (3); fc and ft are static uniaxial compressive and tensile strengths; ε, ε0 are the static strain rates; α is the compressive
strain rate factor; δ is the tensile strain rate factor; Yelastic is the initial elastic surface; Yfail is the failure surface; G is the shear modulus; ηpl
is the plastic strain before the failure strength; ηpl(pre-softening) is the total plastic strain, and it can be determined by the secant modulus
between the elastic limit surface and the failure surface; D1 and D2 are material constants used to describe the effective strain to fracture as
a function of pressure. Damage accumulation can have two effects in the model.

3.3. Boundary Conditions and Loads

The supports of the columns and infill had a fixed boundary condition. Pseudo-
dynamic analyses of controlled monotonic displacement, imposed at the top of the structure
(beam in A2R or at the top slab), were conducted to obtain the inelastic behavior of the
A2R frame or of the structure for PHASE 1 and PHASE 2. The pseudo-dynamic pushover
approach followed herein utilizes the advanced Explicit Dynamics features and minimizes
the analysis time for demanding cyclic or dynamic tests (see also [33,34]).
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4. 3D FE Analyses Results

4.1. A2R Frame

Figure 4 shows, in black and black-gray curves, the experimental envelope base
shear–top displacement curves of A2R for (+) and (−) push, respectively, based on the
results reported in [25,35]. The external application of the FRPU jackets on the OrthoBlock
infill resulted in a remarkable top displacement ductility of the infilled frame A2R, with a
negligible base shear reduction up to a 3.6% drift for push (+) and (−). Table 1 cites
the experimental and numerical results of the A2R frame. The parameter used for the
comparisons in this study is the absolute divergence (AD), also known as the absolute error
(AE), and it is defined in Equation (10).

AD =
|aanal.− aexp.

∣∣
aexp.

(10)

where a is the compared value (analytical or experimental).

Figure 4. Analytical base shear force–displacement curve for A2R, compared against the experimental
ones.

The pseudo-dynamic analytical FE red curve coincides with the experimental ones up
to 10 mm of top displacement, and then it falls in between the experimental curves for top
displacement higher than 35 mm. The analytical maximum base shear is 204.7 kN (between
the experimental push (−) and push (+)) at a top displacement of 59.1 mm, which is 9.1%
lower than the experimental one. Satisfactory is the prediction of the ultimate base shear as
well (Table 6). The divergence at the range of 10–35 mm top displacement may be attributed
to the relatively rough modeling of the infill wall as a 3D panel.
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Table 6. Comparative results for A2R frame.

A2R

Exp. Anal. AD (%)

Pmax (+) (kN) 214.1 204.7 4.4
δPmax (+) (mm) 65.0 59.1 9.1
Pmax (−) (kN) 190.6 204.7 7.4
δPmax (−) (mm) 65.0 59.1 9.1

Pu (+) (kN) 210.4 199.1 5.4
δPu (+) (mm) 81.4 81.4 -
Pu (−) (kN) 178.7 199.1 11.4
δPu (−) (mm) 81.4 81.4 -

4.2. INMASPOL Structure

Based on the FE developments in RC frames and on the characteristics of the IN-
MASPOL structure, three numerical models were developed and analyzed. The bare RC
structure with no infills (model 1) was analyzed for comparison reasons. The response
of analytical model 1 was compared against the response of the brick wall infilled struc-
ture with the innovative PUFJs (model 2, INMASPOL structure), as tested in PHASE
1. Then, the damaged brick wall infilled structure received external double-sided glass
FRPU jacketing (model 3, corresponding to PHASE 2 shake table tests). The damage in
model 3 was implemented by removing the continuous material from the infill walls,
based on the observed infill type B wall damage after the end of the experimental PHASE
1 (see Figure 2a). That is, in model 3 the infill had selected 3D finite elements removed to
simulate the locally damaged parts of the infill. Such approaches can also be found in the
analytical investigation of the residual capacity of buildings with damaged infills or RC
members in [43].

Figure 5a presents the diagrams of the experimental top slab accelerations (equivalent
to the base shear divided by the excited mass of the structure) versus the relative drift
of the top slab (relative top slab–column bottom displacement divided by the respective
vertical distance) for each dynamic excitation of the structure on the shake table for PHASE
1, while Figure 5b shows these for PHASE 2. Herein, it should be noted that the results
are reported in acceleration–drift terms, as in [20], and can be easily transformed to the
equivalent base shear–top displacement terms.

Figure 5. Cont.
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Figure 5. Mean slab acceleration (or base shear/mass) versus horizontal drift diagram (a) for
experimental PHASE 1; (b) for experimental PHASE 3; and (c) for numerical model 1, model 2 and
model 3, against the experimental results of PHASE 1 and PHASE 2.

Figure 5c shows the results obtained from the pushover analyses in terms of top slab
acceleration (base shear divided by the excited mass of the structure) versus the drift of
the structure (relative top slab–column bottom displacement divided by the respective
vertical distance).

The black star marks in Figure 5a,c show the experimental results from the shake table
tests for the INMASPOL real-scale RC structure with OrthoBlock infills and PUFJ highly
deformable seismic joints. The structure exhibits a ductile top acceleration–drift behavior
which is equivalent to a ductile base shear–drift behavior. It reaches a 3.7% drift without
degradation of the top acceleration (base shear). Figure 2a suggests there is no collapse of
the infills tested in plane or out of plane after a 3.7% drift. Further, Figure 2c shows that
the damage in infills of type B could be repaired with emergency FRPU external jackets
without any special treatment of the infill (more details can be found in [20,24]).

The red star marks in Figure 5b,c show the experimental results from the shake table
tests for the INMASPOL real-scale RC structure with OrthoBlock infills and PUFJ highly
deformable seismic joints after the repair with FRPU (PHASE 2). The structure exhibits
a rather linear elastic-like top acceleration–drift behavior which is equivalent to a linear
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elastic base shear–drift behavior. During retesting of the retrofitted structure, the achieved
drift was 1.62% without degradation of the top acceleration (base shear). The FRPU
maintained the integrity of the damaged infills, and collapse was also avoided in PHASE
2 (more details can be found in [20]). Interestingly, the stiffness of the repaired structure
seems relatively increased, owing to the effects of the externally bonded FRPU jackets
(more details can be found in [20]).

The abovementioned dynamic experimental results validate the advanced seismic
protection provided by the 20 mm-thick PUFJ to the infill and the RC frame. An undesirable
interaction is avoided, and the base shear drift behavior is remarkably ductile, while the
potential of the structure is higher (tests at higher accelerations were avoided to prevent
the structure from collapse and continue with PHASES 2 and 3). Similarly, the results in
PHASE 2 validate the advanced retrofit of the infills by the FRPU jackets, and the potential
of the structure is again higher.

Figure 5c also includes the FE analysis results for model 1 (triangles), for model 2 (black
rhomb) and for model 3 (red rhomb). The developed models 2 and 3 compare well with
the experimental results of the PHASE 1 and PHASE 2 tests. For model 2, the INMASPOL
structure, in PHASE 1, at the initial stage of the acceleration–drift diagram, the behavior
of the structure is elastic, and the experimental (black star marks) and analytical curves
(black rhomb marks) coincide. After the stage of yielding of the steel bars of the concrete
columns, the analytical curves start to overestimate the experimental points. The analytical
acceleration value at a 3.7% drift slightly overestimates the corresponding experimental
one. Overestimation of the experimental values by the analyses may be attributed to
the higher damage accumulation in the RC columns and in the brick infills of type B
during the experiments (the structure suffered a total of 10 earthquake excitations of
increasing severity).

At PHASE 2, the analytical model was updated with the observed damage of the brick
infill and with the retrofit with the FRPU (see the mesh in Figure 6a). The analytical values
of model 3 (red rhomb) slightly overestimate the experimental ones (red star). The model
reproduces the FRPU repair effects despite the local brick damage. Figure 6c reveals the
engagement of broad infill regions (predamaged regions included) through the interaction
with the highly deformable FRPU jacket and the RC frame.

Figure 6. Cont.
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Figure 6. (a) Mesh of the RC structure, of the damaged brick infill and of the external FRPU retrofit;
(b) model 2 at the end of PHASE 1; and (c) model 3 at the end of PHASE 2.

Furthermore, the advanced FE analyses allow for a comparative investigation of the
analytical response of the bare RC structure (model 1) against analytical models 2 and 3.
The analyses in Figure 6 show that the bare structure sustains a maximum acceleration of
around 0.55 g, while model 2’s and model 3’s maximum accelerations occurred at the end
of PHASE 1 at around 1.63 g and 0.99 g, respectively. Therefore, the infilled structure with
seismic protection developed a three times higher maximum acceleration (or base shear)
than the bare structure at PHASE 1. The corresponding increase in the initial stiffness was
similarly remarkable while maintaining the high displacement ductility (3.7% horizontal
drift). At PHASE 2, the retrofitted structure still revealed a higher initial stiffness when
compared with the bare structure, while it could develop, at least, around double the
maximum acceleration (base shear). The area under the acceleration–drift curve (denoting
a measure of the energy dissipation potential) is higher for model 2 (RC structure with
infills protected with PUFJ joints) than for model 1 (bare RC structure). Therefore, in the
case that the OrthoBlock infill with PUFJ protection is considered in the intervention for a
weak bare RC frame, it can ensure a remarkable increase in the elastic stiffness and base
shear while providing a desirable ductile P–δ behavior, with a drift as high as 3.7%.

4.3. FRPU Retrofitted INMASPOL Structure with the Addition of Steel Dowels

The developed 3D FE models allow for the analytical investigation of the FRPU
retrofitted INMASPOL structure with additional mild intervention with steel dowels. Only
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five steel dowels were used at the top infill–RC beam boundary interface in order to increase
the initial stiffness of the damaged structure, based on the approach proposed by Facconi
and Minelli [44]. The steel connectors had a diameter of 16 mm and a length of 90 mm
and consisted of a smooth-surface round bar made of structural steel having a nominal
yield strength of 235 MPa. The distance between the five dowels was 410 mm (horizontal
direction), while the middle dowel was placed at the middle of the beam span (no dowels
in the vertical interfaces). This detailing avoids the position of the dowels within the corner
beam–column regions that will increase their efficiency but will also increase the damage
within the brick infill. As it is depicted in model 3, FRPU is efficient enough to maintain the
integrity of the corner regions. The anchorage of the steel dowels in the reinforced concrete
beam is 40 mm, and in the masonry wall, it is 50 mm. To increase the cohesiveness of the
connection and to prevent early-stage damage, the area around dowels in the masonry was
modeled with thixotropic mortar, as in [44].

Indeed, Figure 7 shows that at a 0.22% drift, the developed acceleration is 0.135 g
for the revised model 3DOW with the additional steel dowels. Model 3 without dowels
developed only 0.08 g acceleration (Figure 5c). The increase in the developed acceleration is
68% and reveals the earlier engagement of the infill. After a 0.6% drift, the accelerations for
the two models almost coincide. Figure 8 reveals that the proposed dowel detailing leads
to damage accumulation around the region within the brick infill in which the dowels are
anchored. A vertical mode in controlled damage accumulation within the infill is denoted
that coincides with the position of the five dowels. However, the interaction with the FRPU
maintains the integrity of the infill. Based on the developed 3D FE models, the structure
may receive a suitable combination of retrofits that could manipulate (in this case increase)
the engagement of the infill and, correspondingly, the initial stiffness, if required. Further,
the damage accumulation may be controlled in order not to lead to degradation in the
performance of the structure.

Figure 7. Mean slab acceleration (or base shear/mass) versus horizontal drift diagram for the model
3DOW with additional steel dowels.
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Figure 8. Damage accumulation in model 3DOW at the end of PHASE 2 (upper part).

5. Conclusions

The developed 3D FE analytical models provide satisfactory predictions of the ex-
perimental P–δ response of the RC frame A2R with infills and FRPU jacketing. Similarly,
satisfactory are the predictions for the experimental top acceleration–drift response of
the INMASPOL structure having seismic protection through PUFJs in PHASE 1 and then
retrofitting with FRPU jackets in PHASE 2.

The external application of double-sided FRPU jackets on the OrthoBlock infill resulted
in a remarkable top displacement ductility of the infilled RC frame A2R, with a negligible
base shear reduction up to a 3.6% drift for push (+) and (−). FRPU jackets with highly
deformable polyurethane impregnation resin may maintain an adequate bond with the
surrounding RC frame. Further, they maintain an adequate bond with the brick infill
substrate. In all cases, FRPU jacketing ensured the integrity of the infill and of the jacket,
excluding total or partial collapse of the infill or of smaller parts.

The INMASPOL real-scale RC frame possesses a low base shear capacity and a high
ductility to satisfy the aims of the shake table tests: (a) carry enough mass to lead the
real-scale infilled structure to in-plane infill failure and allow for the investigation of the
infill contribution at high ductility levels and up to failure; (b) suffer specially designed
severe excitation for the out-of-plane performance of the infills. The real-scale RC structure
with OrthoBlock infills and PUFJ highly deformable seismic joints exhibited a ductile top
acceleration–drift behavior (which is equivalent to a ductile base shear–drift behavior) up
to a 3.7% drift, without degradation of the top acceleration (base shear). No collapse of the
infills tested in plane or out of plane after a 3.7% drift was evidenced. The damage to infills
of type B could be repaired with emergency FRPU external jackets without any special
treatment of the infill. After its emergency repair with FRPU (PHASE 2), the structure
exhibited a rather linear elastic-like top acceleration–drift behavior (equivalent to a linear
elastic base shear–drift behavior) up to 1.62%, without degradation of the top acceleration
(base shear). The FRPU maintained the integrity of the damaged infills, and collapse
was avoided. The abovementioned dynamic experimental results validate the advanced
seismic protection provided by the 20 mm-thick PUFJ to the infill and the RC frame.
An undesirable interaction was avoided, and the base shear drift behavior was remarkably
ductile, while the potential of the structure was expected to be higher (tests at higher
accelerations were avoided to prevent the structure from collapse and continue with
PHASES 2 and 3). Similarly, the results in PHASE 2 validate the advanced retrofit of the
predamaged infills by the FRPU jackets, while the potential of the structure was expected,
again, to be higher.

The advanced FE analyses allowed for a comparative investigation of the analytical
response of the bare RC structure (model 1) against analytical models 2 and 3. The infilled
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structure with seismic protection developed a three times higher maximum acceleration
(or base shear) than the bare RC structure at PHASE 1. The corresponding increase in the
initial stiffness was similarly remarkable while maintaining the high displacement ductility,
with a 3.7% horizontal drift. At PHASE 2, the FRPU retrofitted structure still revealed a
higher initial stiffness when compared with the bare structure, while it could develop,
at least, around double the maximum acceleration (base shear). Model 3 reproduced the
FRPU repair effects despite the local brick damage. Broad infill regions (predamaged
inregions cluded) were engaged through the interaction with the highly deformable FRPU
jacket and the RC frame through the PUFJ. It seems that FRPU bridged the damaged
brick infill areas and, together with the PUFJ, succeeded in causing a beneficial stress
redistribution within the infill.

In the case the OrthoBlock infill with PUFJ protection is considered in the intervention
for a weak bare RC frame, it can ensure a remarkable increase in the elastic stiffness and base
shear while providing a desirable ductile P–δ behavior, with a drift as high as 3.7% (even
after multiple earthquake excitations). Simultaneously, for the case under investigation,
it prevents in- or out-of-plane collapse of the protected infills. Even if the structure suffers
a drift as high as 3.7%, it may receive emergency retrofitting to maintain the integrity of the
infill and increase its beneficial contribution to the RC frame.

The realization of a desirable ductile behavior of infilled frames through PUFJs of only
20 mm thickness (only 0.0087 of the height of the infill, compared with alternative proposals
with detailing of 65 mm seismic joints or 90 mm sliding joints) and FRPU jacketing is of
high importance. PUFJ, due to its high deformability and excellent bonding properties,
constitutes a low-volume application (only 20 mm thickness of the joint) with simple
detailing (only an interface layer). The application is straightforward in the retrofitting of
existing walls (by injection) or in the construction of new walls with the use of prefabricated
PUFJs. The polymer cures within hours (see [20]), and therefore it can serve as an emergency
measure for retrofitting through injection or in new wall constructions (even with the
construction of the prefabricated joints in situ ready to be used). No shear key detailing
is required to exclude out-of-plane failure of the infill. The simplicity of the detailing,
the low volume and the fast curing, compared with alternative seismic joint solutions
such as the abovementioned ones presented in [6,22,23], reveal this solution’s feasibility of
practical application, economic advantages and fast full protection activation. Similarly,
FRPU, due to the high-deformability polyurethane involved, can be applied without any
prior treatment of the infill substrate, cures within hours and maintains the bond with the
substrate despite extensive infill cracking during loading. Such advantageous alternatives
may contribute to building collapse prevention as well as preventing in- and out-of-plane
infill collapses. Both are common causes of detrimental human injuries or human loss
during severe earthquakes. The developed FE models provided a unique insight on the
variable interactions and effects of the innovative interventions and may serve as a solid
basis for further analytical investigations such as the utilization of combined retrofits.
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Abstract: Progressive collapse refers to the spread of primary local damages within the structure.
Following such damages due to removing one or more load-bearing columns, the failure spreads in
a chain and causes structural failure. This study represents a report investigating the influence of
various retrofitting methods on the progressive collapse resistance of multistorey reinforced concrete
(RC) structures. To this end, eight different cases were considered. The first one included a thirteen-
story RC moment-resisting frame (bare frame), while the others were frames upgraded with the
application of X-brace, diagonal brace, inverted V-brace, the viscous damper in the central bay,
viscous damper in two inner bays, viscous damper only in certain stories and carbon fiber reinforced
polymer. Moreover, three different column removal scenarios were considered as a column failure
at stories one, six, and thirteen of each case study structure. The analysis results indicated that
the redistribution of loads after the column’s failure and the RC buildings’ collapse resistance was
increased depending mainly on the type of approach used for upgrading the bare frame.

Keywords: column removal; non-linear analysis; progressive collapse; reinforced concrete frame; retrofitting

1. Introduction

Progressive collapse refers to the spread of primary local damages within the structure
(also known as disproportionate collapse) is a high-impact, low-probability event. After
the collapse of the Ronan Point Building in London in 1968, the Murrah Federal Building
in Oklahoma City in 1995, and the World Trade Center Towers in New York City in
2001, the structural engineers and government organizations became concerned about
progressive collapse [1,2]. Because it is hard to describe a potentially hazardous load that
causes localized damage to a building, it is common to use the decoupling technique to
suppose whether the remaining structure can bridge over the removed components by
removing a supporting column or wall. The remaining structures would be subjected to
linear static, linear dynamic, non-linear static, and non-linear dynamic analysis [3]. Energy
equilibrium [4] or equation of motion can connect dynamic and static performance [5].

Researchers have recently become interested in the effect of secondary components,
such as bracing, on progressive collapse performance. The strengthening of reinforced
concrete (RC) frame structures against progressive collapse have various challenges: (1) The
application of typical strengthening methods for RC frame construction continues to be re-
searched because progressive collapse is a significant deformation behavior; (2) The degree
of strengthening against progressive collapse is significant, which could result in “strong
beams and weak columns” and have an impact on seismic performance; (3) Anchorage
is the primary issue in strengthening reinforced concrete structures against progressive
collapse, and dependable and rapid construction anchorage solutions for minimizing
progressive collapse strengthening are urgently needed [6].

Retrofitting is not a common practice to make an old system compliant with the new
code’s rules, as this option is not cost-effective. Alternatively, to ensure a set degree of
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collapse or to avoid the building collapsing entirely, it is advised that retrofit goals for
a structure prone to progressive collapse be based on performance-based criteria. Steel
braces are often employed to produce lateral stiffness and resist lateral loads in steel
buildings [7–9]. Seismic retrofitting with steel bracing for existing RC frames has also
received much interest due to the ease of installing steel braces [10–12]. In another study by
Bigonah et al. [13], which evaluated the performance of infill types, the results show that
adding infill reduces vertical displacement and improves redistribution of forces against
progressive collapse. Steel braces impact on the resilience of structures to progressive
collapse has recently attracted researchers’ attention through two-dimensional numerical
models. In addition, they investigated the progressive collapse of 10-storey braced steel
frames designed following different seismic intensities and found that the frame with
concentric braces is more likely to collapse than the frame with eccentric braces [14]. The
effective techniques of modern strengthening methods of RC frames against progressive
failure are studied, and the results show that increasing the percentage of rebar reduced
vertical displacement [15]. The structural behavior of three-dimensional (3d) 20-storey
braced steel frames is investigated and discovered that removing a column at a higher
story increases the likelihood of the frame collapsing [16,17]. Another study experimentally
investigated the progressive collapse resistance of five one-fourth scaled two-bay by three-
story RC frames strengthened by four types of steel bracing [18]. They found that basically,
all bracing can improve progressive collapse resistance, with eccentric X braces performing
the best. Steel bracing is either designed for seismic design or lateral stability. The steel
braces are only situated at one or several defined spans but are continuous in elevation
from the first to the thirteenth floor. Costanzo et al. [19] reviewed the design rules and
requirements for XCBFS to simplify the design and improve the ductility and waste capacity
of the structural system, applying bracing on the roof floor to obtain a structural response
with proper distribution of plastic deformation section with height. At the same time,
it can be ignored for three-story structures. D’Aniello et al. and Costanzo et al. [20,21]
also investigated the effect of beam flexural stiffness on the seismic response of concentric
braces. The results show that the higher the stiffness, the lower the drift ratio occurs.
As a result, the deformation in the brace is limited under compression. The braces can
add progressive collapse resistance if the removed column is positioned in the braced
span; otherwise, their contribution is minimal [12,16,17]. This means that steel bracing
designed to withstand seismic loads and provide lateral stability may be incapable of
enhancing structural robustness. On the other hand, steel bracing is a viable alternative
for strengthening existing buildings against progressive collapse, and the best approach to
design such braces requires more research.

Similarly, the effectiveness of proposed carbon fiber reinforced polymers (CFRP) and
glass fiber reinforced polymers (GFRP) strengthening strategies for improving progressive
collapse behavior using a series of flat slab substructures were evaluated [22]. Moreover,
the efficiency of ten RC beams employing CFRP anchors and/or U-wraps is studied [23].
Hence, CFRP is used to improve the continuity of RC beams to shift the load carried by
the damaged column to an intact zone and therefore control the spread of progressive
collapse [24]. They found that beams with discontinuous reinforcement improved by
roughly 55 to 60%, while beams with continuous reinforcement improved by 109%.

Compared to other retrofitting methods, such as bracing and CFRP, there have been
fewer researches on the influence of viscous dampers retrofitting. Viscous dampers often
meant to reduce building vibration caused by wind or earthquakes, are another type of
retrofit to improve a structure’s resistance to progressive collapse. Kim et al. [23] examined
the progressive collapse resistance of structures equipped with viscous dampers, often
installed to dampen wind- or earthquake-induced vibration.

In this study, an attempt is made to evaluate the influence of various retrofitting
systems on the progressive collapse resistance of a multi-storey RC building. For this
purpose, eight different cases were taken into account. The first one contained a thirteen-
story RC moment-resisting frame (bare frame) while the others were frames upgraded
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with the use of X-brace, diagonal brace, inverted V-brace, the viscous damper in the central
bay, the viscous damper in two inner bays, viscous damper only in certain stories and
carbon fiber reinforced polymer (CFRP). Besides, three different column removal scenarios
were considered as a column failure at stories one, six, and thirteen. Non-linear dynamic
analysis was conducted by using a finite element program. Parametric study results for
each case were provided by considering the shear, axial, and moment of columns adjacent
to the collapsed column. The moment and shear forces for the beam above the collapsed
column were also investigated with the story displacements and building performance
levels reported after the vertical member’s loss. Finally, all the investigated parameters for
each case were evaluated and discussed comparatively.

2. Methodology

2.1. Description of Structural Models

The structure studied in this research is a 13-story RC building (Figures 1 and 2). The
structure is two-dimensional (2D), and it consists of five bays with a 6 m length span.
The height of each story is 3.2 m. Dead and live loads are 4 and 2 kN/m2, respectively.
The section of the beams for all cases is 500 mm × 350 mm. The column sections from
stories 1 to 4, 5 to 9, and 10 to 13 are 600 mm × 600 mm, 500 mm × 500 mm, and
400 mm × 400 mm, respectively. The compressive strength of the concrete is 25 MPa,
and the yield strength of the steel bar is 392 MPa according to the specified factory. The
structure is designed following the framework of ACI Committee 318 (2014). To evaluate
the behavior of the RC buildings against progressive collapse eight different cases were
taken into consideration. The first one is RC moment-resisting frame (bare frame), whereas
the others are the upgraded frames, namely, X braced frame, diagonally braced frame,
inverted V-braced frame, viscously damped frame in the central bay, viscously damped
frame in two inner bays, viscously damped frame only in certain story and frame with CFRP.
Then, three different column removal scenarios were adopted by considering the failure
of the central column at stories one, six, and thirteen. Evaluation and comparison of the
structural response of the eight frames against progressive collapse have been conducted.
Table 1 defines the cases studied.

 

Figure 1. Plan view of the RC building.

In the case of the frames upgraded with braces, common configurations for concen-
tric bracing systems including inverted-V (chevron)-type, X-type, and diagonal braces
were considered. The force-displacement relationship of braces based on the uniaxial
phenomenological model, adopted in Federal Emergency Management Agency (FEMA-
(356)) [25], in which Δy and Δcr are the yielding and buckling displacements, and Py and Pcr
are the tension and compression forces, respectively. The braces are hollow steel tubes, and
sections are 2UNP14 and 2UNP13 for stories 1 to 6 and 7 to 13, respectively. The analyzed
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structural models are subjected to the loss of the first, sixth and thirteenth-floor center
column, in which the structure deforms symmetrically, and the full capacity of bracing is
activated. Figure 3 shows the various bracing configurations to be analyzed.

Figure 2. Elevation view of the RC building.

Table 1. Definitions for the different frames.

Case No Frame Model

Case 1 Moment resisting frame (Bare frame)
Case 2 X braced frame
Case 3 Diagonally braced frame
Case 4 Inverted V braced frame
Case 5 Viscously damped frame in the central bay
Case 6 Viscously damped frame in two inner bays
Case 7 Viscously damped frame only in certain stories
Case 8 Frame with CFRP

   
(a) (b) (c) 

Figure 3. (a) X-braced frame; (b) Diagonally braced frame, and (c) Inverted V-braced frame.
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The diagonal brace or chevron brace is the traditional configuration for viscous
dampers. In the case of the frames with viscous dampers, the former one was used.
The cases for viscous dampers are viscously damped frame in the central bay, viscously
damped frame in two inner bays, and viscously damped frame only in a certain story,
as shown in Figure 4. Damper’s capacity has been determined according to the study of
Cimellaro and Retamales [26].

   
(a) (b) (c) 

Figure 4. (a) Viscously damped frame in the central bay, (b) viscously damped frame in two inner
bays, and (c) Viscously damped frame only in certain stories.

In the studied structure, the effect of viscous damping with 15% damping has been
investigated. To determine the required damping of the structure to reach the damping
percentage of the target, the stiffness of the whole structure should be determined [26].
First, the triangular pattern of the base shear force and the level of drifts of each story are
calculated. Then, with the help of the sheer force of each story and the corresponding drift
with the same shear force, the shear stiffness of each story can be obtained. Finally, the total
damping coefficient that must be added to the structure to achieve the target damping can
be calculated [27].

In the case of the frames upgraded with carbon fiber reinforcement polymer (CFRP),
the CFRP is assumed to be warped around the two sides and bottom of beams. The ultimate
strength is 3200 MPa, in the longitudinal direction of fibers, and the elastic modulus
is 210,000 MPa. The thickness of the CFRP wrap is 1.4 mm. An investigation of the
effectiveness of the proposed CFRP strengthening schemes in mitigating the progressive
collapse of the structures of this study is made.

The nominal shear strength of an RC section (Vn) with CFRP is expressed in Equation (1) [28]:

Vn = VC + VS + Vf (1)

VC is the shear strength of the concrete, VS is the shear strength of the steel rein-
forcement, and Vf is the shear contribution of the CFRP. The design shear strength, Vn, is
achieved by multiplying the nominal shear strength by a strength reduction factor for shear,
the factor for steel and concrete contribution from (ACI 440.2R-02) [28] is 0.85 [29], and the
factor for CFRP contribution is suggested to be 0.70. Equation (2) [28] presents the design
shear strength.

φVn = 0.85(Vc + Vs) + 0.7Vf (2)
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The expression to compute CFRP contribution is given in Equation (3) [28]. This
equation is similar to steel shear reinforcement and is consistent with (ACI 440.2R-02).

v f =
A f × f f e(sinβ + cosβ)× d f

S f
≤
(

2
√

f c′ × bw × d2

3
− Vs

)
(3)

2.2. Removal of the Column and Details of the Analysis

The removal process of the column should be such that the effect of a dynamic effect
on the structure is seen due to the shock caused. A method to consider collapse ability in
SAP2000 software was used to do this. The number of joints and elements is depicted in
Figure 5. To simulate the sudden removal of columns in different scenarios in non-linear
analysis, dead and live loads were first applied from 0 to 5 s, and then, they were removed,
and the structure response was reviewed after this moment up to 10 s. Figure 6 shows
the removal of the inner columns at different story levels. The dynamic amplification
factor in the dynamic analysis is not recommended by both guidelines (GSA and UFC). To
apply dynamic analysis, prior to column removal, axial force acting is calculated. Then the
column is replaced by point loads equivalent to its member forces [1,2,30].

Figure 5. Numbering of elements and joints.
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(a) (b) (c) 

Figure 6. Column removal scenario in (a) story one, (b) story six, and (c) story thirteen.

3. Results and Discussion

In this section, the status removing columns are investigated, with the amount of
displacement and the redistribution forces after applying the column removal scenario.
Non-linear dynamic analysis (NDA) is done for inner column removal in the first, sixth
and thirteenth floors, and results are presented here. Four graphs are plotted in SAP2000:
vertical displacement vs. time, axial force vs. time, bending moment vs. time, and shear
vs. time. Vertical displacement is taken at the point where the column was removed. The
beam with maximum axial force and bending moment vs. time is taken for plotting.

All of the examples were subjected to a 2D frame analysis. As illustrated in Figures 7–14,
all 2D frame analysis cases showed partial progressive collapse. The collapse zones in the
2D frame analysis were estimated directly after the collapse of beams connected to the
removed column. The 2D frame analysis revealed that the collapse spreads to all levels of the
structure, indicating that the structure has a high risk of progressive collapse and should be
modified, according to the General Service Administration (GSA). In addition, because the
main support was removed, the static system of beams became longer, resulting in collapse
due to insufficient reinforcing.

   
(a) (b) (c) 

Figure 7. Hinge formation in the moment-resisting frame (Bare frame) exposed to column removal in
(a) story one, (b) story six, and (c) story thirteen.
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(a) (b) (c) 

Figure 8. Hinge formation in the X braced frame exposed to column removal in (a) story one, (b) story
six, and (c) story thirteen.

 
 

(a) (b) (c) 

Figure 9. Hinge formation in the diagonally braced frame exposed to column removal in (a) story
one, (b) story six, and (c) story thirteen.

  
 

(a) (b) (c) 

Figure 10. Hinge formation in the inverted V-braced frame exposed to column removal in (a) story
one, (b) story six, and (c) story thirteen.
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(a) (b) (c) 

Figure 11. Hinge formation in the viscously damped frame in central bay exposed to column removal
in (a) story one, (b) story six, and (c) story thirteen.

 
  

(a) (b) (c) 

Figure 12. Hinge formation in the viscously damped frame in two inner bays exposed to column
removal in (a) story one, (b) story six, and (c) story thirteen.

   
(a) (b) (c) 

Figure 13. Hinge formation in the viscously damped frame only in certain stories exposed to column
removal in (a) story one, (b) story six, and (c) story thirteen.

231



Appl. Sci. 2022, 12, 1045

  
(a) (b) (c) 

Figure 14. Hinge formation in the frame with CFRP exposed to column removal in (a) story one,
(b) story six, and (c) story thirteen.

3.1. Performance Level of the Frames

The damage levels of members were analyzed for the non-linear analytic techniques
using various performance levels such as immediate occupancy (IO), life safety (LS), and
collapse prevention (CP). The performance level of the structure should not exceed collapse
prevention according to GSA rules, or structural members will be classified as seriously
failed [1]. In all cases, the plastic hinge formation is illustrated in 2D frames.

Figure 7 shows the removal of columns on different stories in a moment-resisting
frame (bare frame). After removing the column on the first floor, all the beams in the span
were failed at collapse prevention, and the span completely collapsed at all floors above.
The removal of the column on floor six caused the beams to fail and reach the life safety
point at all floors above, and the structure could not redistribute the forces well. Moreover,
removing the column on floor thirteen puts its beam almost in a state of complete collapse.
The hinges of the beams in the affected spans reach the failure point (red-colored hinge), as
shown in Figure 7 in all the cases of column removal scenario. The failure of one column
leads to the collapse of all the members in the affected span.

Steel bracings are used as a remedy to provide resistance against progressive col-
lapse [31]. Although few bracing members fail by buckling in compression, a bracing
system can strengthen the building to resist progressive collapse. For example, Figure 8
shows the removal of columns at different stories by adding an X brace. After removing a
column and a brace, the function of the beams was out of operational performance.

The plastic hinges generated in the beams meet the acceptability level. The plastic
hinge creation occurred on the diagonal braced element inside the collapse range, which is
considered compression failure of the brace, as shown in Figure 8a.

In Figure 9, the use of one-way bracing on both sides improved the performance
of the whole structure. The plastic hinge did not enter the non-linear area because the
structure’s chain function was well performed. However, even the performance of the
brace did not enter the operational performance levels. As seen in Figure 9a,b, the plastic
hinge formation has begun to develop in brace members. As a result, plastic hinges formed
in columns and beams and were disseminated over particular building members within
the immediate occupancy area. The lateral stiffness is improved as well compared with
other braced frames.

In Figure 10, the use of inverted V-bracing in the structure improved the performance
of the structure against progressive collapse. Although the column was removed at higher
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stories, the structure had a better performance, and the concentration of stiffness at the
removed point improved the redistribution of forces and the chain performance of the
structure. The inverted-braced arrangement increases the constraint level at the beam end,
allowing catenary action. The bracing system generated a new load transfer path. The
horizontal braces distributed certain gravitational stresses to the surrounding structures
then carried to the foundation via the vertical braces. Following compression brace buckling,
certain columns buckled before tension braces yielded, culminating in brittle failure modes.
When a column adjacent to the braced bay was removed, the constructions with only
single-bay braces proved extremely fragile. The progressive collapse can be avoided in this
scenario by designing the frame with braces.

In Figure 11, the frame is called a viscously damped frame in the central bay; a viscous
damper was used diagonally in a span. The results showed that, as shown in Figure 11a,
the plastic hinges in beams on the third and fourth floors reach within range of collapse
and that the application of a viscous damper prevented significant oscillation and shock
to the structure. In addition, plastic rotation in the beam ends was lowered to below the
immediate occupancy state, and plastic hinges were removed in numerous places.

The application of viscous dampers in two inner bays enhanced the structure’s tensile
performance, whereas the performance of the beams improved when compared to the
viscously damped frame in the central bay example, as shown in Figure 12. As shown in
Figure 12a,b, the plastic hinge creation in the area of column removal (the connection of
beam and column removal) is observed. The plastic hinge formation is more common in
the structure’s vertical parts.

Figure 13 shows viscously damped frame only in certain stories based on the method
of Cimellaro and Retamales [26], the most optimal case in 3 stories was used. The results
show that it had little effect on the performance of the structure and the redistribution of
forces was not well done and the plastic hinges were out of the collapse prevention.

Figure 14 shows a frame with CFRP, which uses a CFRP layer in all beams. The results
showed that the redistribution of forces and tensile performance in the beams was fairly
distributed, increased the structure’s strength, and improved the chain performance in the
beams. Moreover, relatively low cost created the best performance in the whole structure
against progressive collapse. The plastic hinge formation disperses mostly on the column,
which is in a state of immediate occupancy.

3.2. Frame Displacements Due to Column Loss

For internal column loss in the first, sixth, and thirteenth stories, the numerical findings
from non-linear dynamic calculations up to 10 s are given in Figures 15–17. The maximum
permitted ductility and/or rotation limits of beams are verified following GSA. For RC
structures, GSA refers to ASCE 41 [32] approval criteria for non-linear analysis to assess
the damage on a structure due to a column loss. If beam end rotations in any of the
frames investigated herein surpassed the acceptance standards, then it would indicate
the maximum permissible ductility of the beam, as specified in [1,32]. It is seen that the
maximum displacement is varied around 45 cm for the braced frames, as indicated in
Figure 15, due to the rapid inner column loss in story one. When compared to other types
of frames, the abrupt columns in the first, sixth and thirteenth stories do not affect the
displacement of an X braced frame.

On the other hand, the displacement of X braced, and inverted V-braced frames are
often smaller than that of other types of frames. Moreover, as given in Table 2, the moment-
resistant frame (bare frame) is observed to be failed for all column removal scenarios. The
discrepancies in displacement values for the others are varied depending mainly on the
strengthening method used.
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Figure 15. Vertical displacement at column removed position due to column loss in story one.

Figure 16. Vertical displacement at column removed position due to column loss in story six.

Figure 17. Vertical displacement at column removed position due to column loss in story thirteen.
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Table 2. Vertical displacement after removing a column in the stories.

ST1 ST6 ST13

Type
Displacement (mm) Displacement (mm) Displacement (mm)

Max Constant Max Constant Max Constant

Case 1 Fail Fail Fail Fail Fail Fail
Case 2 −49.94 −43.38 −44.20 −37.99 −28.77 −22.18
Case 3 −8.68 −7.73 −9.72 −8.63 −13.10 −11.50
Case 4 −50.19 −44.05 −47.08 −41.33 −37.32 −30.38
Case 5 −76.75 −76.75 −66.65 −66.65 −76.48 −76.48
Case 6 −55.15 −55.15 −56.81 −56.81 −77.93 −77.93
Case 7 −116.87 −116.87 −168.79 −168.79 Fail Fail
Case 8 −78.35 −50.45 −78.64 −51.37 −71.40 −47.77

Due to the removal of the column on the first story as shown in Table 2, the maximum
vertical displacement is related to case 7 and also case 1 is damaged in all floors and the
best performance is related to case 3, while in the 6th floor the most Vertical displacement
is related to case 7 and the lowest is related to case 3 with a value of −8.63 mm. Therefore,
in addition to removing the column on the top floor, there was a breakdown in case 3 in
case 7.

3.3. Force Distribution Due to Column Loss in Beams Next to Column Removal

Bending moment and shear generated by sudden column loss were greater for story
one beams than for frames with CFRP (Case 8). This is due to the higher flexural stiffness
of the CFRP-framed structure, which captivates more forces. Figures 18 and 19 depict
the bending moment and shear on the beam caused by column loss for the first and sixth
stories. Bending moments for the bare frame and various retrofitting frames are less than
for CFRP framed first and sixth stories, as demonstrated in Figure 19. This is because the
joint stiffness of CFRP frames attracts more force. Apart from Case 8, forces are dispersed
evenly throughout all levels in all other situations. As a result, having a CFRP framed
structure reduces the bending moment demands in a simple jointed beam, increasing the
CFRP frame’s progressive collapse resistance owing to column loss.

Figure 18. Beam behavior after column removal in story one: (a) shear and (b) moment.
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Figure 19. Beam behavior after column removal in story one: (a) shear and (b) moment.

In the first and sixth stories, the beam shear force for the bare frame (Case 1) is less than
the other cases (see Figures 18 and 19). This is because the joint stiffness of CFRP frames
attracts more force. In other circumstances, pressures are evenly dispersed overall plot
levels. As a result, having a CFRP framed structure minimizes the axial force demands in a
simple jointed beam, enhancing the CFRP frame’s progressive collapse resistance due to
column loss. The bending moment value for the viscously damped frame in two inner bays
on floor thirteen is more than the bending moment for CFRP framed, as shown in Figure 20.
Because of the stiffness, Case 8 performs well against progressive collapse, although there
are many moments in the column adjacent to the brace, necessitating the employment of a
less rigid brace. Viscous dampers were able to lower bending moment forces and provide
effective energy absorption in the circumstances where they were applied.

Figure 20. Beam behavior after column removal in story thirteen: (a) shear and (b) moment.

As shown in Table 3, which was compared with the removal of the column on the first
floor in case 8, in beam number 118, the highest shear force is related to case 8, and the
lowest is related to case 1; however, in the bending moment model is the highest force in
case 8 and the lowest is related to case 3. As Figure 19 shows and values are illustrated in
Table 4, after removing the column on the 6th floor, the highest shear force is created in case
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8, while the lowest is related to case 3. Therefore, the bending moment force is related to
case 3.

Table 3. Result force story 1 for element 118.

Type
Shear (N) Moment (Nm)

Max Constant Max Constant

Case 1 −954.38 −41,857 137,747 −4271.2
Case 2 −2409.6 −23,488 129,084 −2396.7
Case 3 −25,662 −40,876 −11,803 −4171
Case 4 −2531.8 −23,531 128,930 −2401.2
Case 5 −2031.4 −2044.9 130,093 −208.66
Case 6 −3693 −3693 125,379 −376.84
Case 7 −1123.5 −1123.5 132,357 −114.65
Case 8 91,115 39,827 345,480 4063.98

Table 4. Result force story 6 for element 123.

Type
Shear (N) Moment (Nm)

Max Constant Max Constant

Case 1 −1860.2 −42,805 137,632 23,002.7
Case 2 −4208.8 −21,984 126,347 78,079.4
Case 3 −26,358 −45,391 −23,574 −26,477
Case 4 −4254.7 −20,611 1,242,119 802,693
Case 5 −3646.9 −3646.9 127,990 127,990
Case 6 −6524.5 −6524.5 115,720 115,720
Case 7 −1857.7 −1857.7 137,318 137,318
Case 8 71,997.3 26,287.7 304,069 175,567

As shown in Figure 20 and tabulated in Table 5, case 8 has the highest shear force, and
its lowest shear force is related to case 7 with a value of −2622.87 N. In the case of bending
moment, when it is proven after the oscillation, the highest bending moment is related to
case 4; however, the lowest is related to case 7 and its value is 20,838.58 N.

Table 5. Result force story 13 for element 130.

Type
Shear (N) Moment (Nm)

Max Constant Max Constant

Case 1 −2625.25 −43,752.4 137,480.4 20,838.6
Case 2 −24,073.4 −33,571.7 28,612.19 4591.762
Case 3 −26,772.2 −19,694.6 −24,506.6 −38,748.3
Case 4 −7316.24 −19,694.6 118,550.3 80,526.13
Case 5 −5218.5 −5218.5 126,341.4 126,341.4
Case 6 −5199.03 −5199.03 126,519.3 126,519.3
Case 7 −2622.87 −43,752.4 137,660 20,838.58
Case 8 37,417.97 3799.409 228,482.2 126,166.3

As shown in Figure 21 and depicted in Table 6, after removing the first-floor column,
the results show that the highest axial force in the case of Case 4 is with the −1,009,521 N
value, whereas the lowest in case of Case 6 is that of 18,863.2 N in the case of flexural anchor,
is the most applied force associated with Case 5 and the lowest in case of Case 7.

As shown in Figure 22 and Table 7, after removing the column in the 6th floor, the
maximum axial force created in the column in case 3 is −594,235 N, while in the shear
force created in the column, the maximum is related to case 2, and in the case of bending
moment, most of it is related to case 2, although it has good performance in some members
and has enhances improved the chain performance as well as the forces in the members.
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Figure 21. Column behavior after column removal in story one: (a) axial force, (b) shear, and
(c) moment.

Table 6. Result force story 1 for element 53.

Type
Shear (N) Axial force (N) Moment (Nm)

Max Constant Max Constant Max Constant

Case 1 31,745.6 31,742.8 −1,005,789 −2,413,732 32,907.1 32,878.7
Case 2 90,041.5 26,483 −1,006,285 −2,059,768 398,733 252,295.7
Case 3 6833.02 6028.07 −1,055,734 −2,890,048 7058.88 6225.3
Case 4 77,242.5 29,757.9 −1,009,521 −2,080,616 345,715 215,709.8
Case 5 114,224 29,249.3 −1,005,789 −2,413,732 404,512 166,427.8
Case 6 18,863.2 18,847.7 −1,005,789 −2,964,215 19,528.7 19,506.1
Case 7 20,330.7 20,318.1 −1,005,789 −2,984,732 21,128.2 21,106.5
Case 8 77,252.2 49,470.8 −1,008,649 −3,013,599 80,140.9 51,206.8

Figure 22. Column behavior after column removal in story six: (a) axial force, (b) shear, and (c) moment.
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Table 7. Result force story 6 for element 58.

Type
Shear (N) Axial force (N) Moment (Nm)

Max Constant Max Constant Max Constant

Case 1 24,731.7 24,718.8 −581,912 −1,702,429 0.9 −428
Case 2 69,741.2 40,499.1 −582,285 −1,228,997 168,017.6 118,980.8
Case 3 4886 3924 −594,235 −1,619,619 1640.2 629.3
Case 4 65,370.1 32,649.9 −584,647 −1,241,878 124,436.8 81,744.3
Case 5 16,127.4 −522.1 −581,912 −1,444,982 33,400.3 329.2
Case 6 16,423.7 15,919.1 −581,912 −1,687,495 7708.1 6959.7
Case 7 17,723.2 17,067.8 −581,912 −1,567,263 8725.8 7948.4
Case 8 56,651.4 35,584.6 −583,447 −1,752,195 30,784.9 18,377.1

In Figure 23 and Table 8, the results show that the maximum bending force generated
in Case 2 is 92,318.4 N, while the lowest bending force is in Case 3. The lowest is related
to case 3. In the case of shear force, the highest force is related to case 8, and the lowest is
5244.2 N in case 3.

Figure 23. Column behavior after column removal in story six: (a) axial force, (b) shear, and
(c) moment.

Table 8. Result force story 13 for element 65.

Type
Shear (N) Axial force (N) Moment (Nm)

Max Constant Max Constant Max Constant

Case 1 43,963 38,738.9 −69,268.5 −200,110 29,336.2 25,964.6
Case 2 74,027.3 48,891 −69,311.3 −149,529 92,318.4 61,104.8
Case 3 5244.2 4527.3 −68,916.7 −141,667 4554.1 4132.5
Case 4 60,214 39,615.7 −69,922.7 −168,470 68,195.2 44,635.9
Case 5 68,762.7 40,588.4 −69,268.5 −190,002 85,899.2 33,461.9
Case 6 33,930.3 33,930.3 −69,268.5 −193,062 22,858 22,858
Case 7 44,140.8 39,111 −69,268.5 −200,602 29,511.1 26,201.8
Case 8 77,010.4 49,050.8 −69,591.2 −207,391 51,915.9 33,394.9
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4. Conclusions

In this study, the assessment of different retrofitting approaches on the structural
performance of RC buildings against progressive collapse was studied by comparing the
eight different cases. The following conclusions are drawn from the results of the analysis:

• Overall, in structures reinforced with various braces, the use of a diagonal bracing
system has performed better than other braces and has been able to maintain the
level of immediate occupancy performance, and the distribution of plastic hinges in
structures has been improved. The most important limitation of this method is that
the brace’s frame has a better performance against progressive failure. However, 2D
models do not redistribute forces properly and affect other frames.

• In X-braced frames, the plastic hinge creation occurred on the braced element inside
the collapse range, which is considered compression failure of the brace.

• In diagonal bracing, the plastic hinge formation has begun to develop in brace mem-
bers. As a result, plastic hinges formed in columns and beams and were disseminated
over particular building members within the immediate occupancy area.

• The inverted V-braced arrangement increases the constraint level at the beam end,
allowing catenary action. In addition, the horizontal braces distributed certain gravita-
tional stresses to the surrounding structures, which were then carried to the foundation
via the vertical members.

• In structures reinforced with viscous dampers, the results show that dampers in certain
stories have lower performance than other methods.

• In the viscously damped frame in the central bay, the plastic hinges in beams on the
third and fourth stories reach within range of collapse, and that the application of a
viscous damper prevented oscillation and shock to the structure.

• Using the viscously damped frame in two inner bays enhanced the structure’s ten-
sile performance, and improved the performance of the beams compared with the
viscously damped frame in the central bay.

• The use of CFRP to retrofit the results shows that it improves the structure’s overall
performance, increases its chain performance, and improves the redistribution of forces
in the structures. The advantages of this method are that it can be easily implemented
in the whole structure and does not cause architectural problems. On the other hand,
the disadvantage of this method is that it could create much force after removing the
column; this issue could be problematic with increasing the possibility of damage in
the structure.

• In general, various retrofitting schemes can be applied to strengthen the structure and
increase the resistance of the structures under progressive collapse. In this regard,
their combined use could be utilized furtherly to redistribute forces more quickly and
achieve the best performance in the structure in terms of chain performance under
progressive collapse.
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