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Jure Žižmond and Matjaž Dolšek
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Introduction

This Special Issue gathers 29 scientific papers that capture various open and challeng-
ing issues in earthquake engineering for the assessment and design of structures. Advanced
computational, analytical, numerical, and experimental studies have provided novel results
and interesting discussions.

Six papers are focused on evaluating the seismic performance of structures, consider-
ing key parameters that still have not been fully understood. Thus, the first paper authored
by J. Valdés-Vázquez, A. García-Soto, and M. Jaimes [1] is focused on studying the effect
of the vertical seismic component in the assessment and design of a steel frame structure.
The paper authored by W. An, and G. Song [2] provides an insight into the influence of
near-fault vertical seismic excitation amplitude on bridge pier failure. The paper authored
by M. Srbić, A. Mandić Ivanković, A. Vlašić, and G. Hrelja Kovačević [3] is focused on the
seismic performance of existing bridge columns with an atypical cross-section, without
seismic details and with smooth reinforcement. The vertical irregularity setback in a re-
inforced concrete (RC) building subjected to earthquake ground motions is the topic of
interest in the paper authored by T. Maulana, B. Enkhtengis, and T. Saito [4]. A review of
the methodologies regarding the effect of the seismic action’s incidence angle on the perfor-
mance of the structures is presented in the paper authored by I. Bugueño, J. Carvallo, and J.
Vielma [5]. The sixth paper authored by A. Marchisella and G. Muciaccia [6] is focused on
the evaluation of bi-axial shear demand for RC beam–column joints by comparing different
numerical methods for seismic analysis.

Four papers are focused on providing new results to improve the effectiveness of
dampers on the seismic mitigation performance of structures. In the first paper authored
by M. Shih, and W. Sung [7] a new impulsive semi-active mass damper to mitigate the
damage to facilities in high-rise buildings is presented. In the paper authored by J. You, Y.
Yang, Y. Fan, and X. Zhang [8] a magnetorheological damper is proposed to analyze the
multi-dimensional seismic mitigation performance and the torsional vibration characteristic
of L-shaped frame structure. In the third paper authored by C. Mrad, M. Titirla, and W.
Larbi [9] three types of passive energy dissipation systems tuned mass dampers, viscous
dampers, and friction dampers are evaluated as strengthening solutions for RC symmetric
buildings. Finally, the structural performance of a 10-story steel building with passive
control systems using a single type of damper or a combination of different types of
dampers is evaluated in the paper authored by A.K. Karimi, E. Moscoso Alcantara, and T.
Saito [10].

The next four papers introduce new approaches for the seismic fragility assessment
of structures. In the paper authored by M. Flenga, and M. Favvata [11] the seismic perfor-
mance of RC structures subjected to structural pounding is assessed through displacement-
based and curvature-based fragility curves. Different methodologies for developing the
fragility curves of the pounding risk are evaluated, while linear and bilinear probabilistic
seismic demand models are introduced. C. Contiguglia, A. Pelle, B. Briseghella, and C.
Nuti [12] study the accuracy and the effectiveness of different analysis methods to assess
the vulnerability of structures. For this purpose, fragility curves derived by MPA-based
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cloud analysis, IMPA, and cloud analysis are compared against IDA. J. Vielma, R. Aguiar, C.
Frau, and A. Zambrano review the effect of masonry infill panels on the seismic response
of RC structures with characteristics similar to the typology and the mechanical and the
geometric characteristics of the corner buildings of Portoviejo [13]. Fragility curves have
been developed based on IDAs, and a new damage measure based on floor rotations is
proposed. In the paper authored by Q. Liu, and C. Yang a copula technique for developing
seismic fragility curves for an RC-isolated continuous girder bridge, is presented taking
into account different damage indicators [14].

In two papers, new types of reinforcing steel for the seismic design and assessment of
RC structures are presented and discussed. The first paper authored by J. Žižmond, and
M. Dolšek [15] introduces an insight into the seismic performance of RC frame buildings
designed by Eurocode 8 and reinforced by a recently developed dual-phase reinforcing
steel (DPD2). The DPD2 is a new type of reinforcing steel that increases corrosion resistance.
The seismic performance of DPD2 buildings was found to be improved compared to those
designed with conventional reinforcing steel. The other paper authored by V. Kytinou,
P. Kosmidou, and C. Chalioris [16] evaluates the seismic behavior of RC external beam-
column joints with CFRP longitudinal bars in the beam. Experimental tests followed by
FE analyses were performed. The results of the FE analyses reveal useful insights into
replacing conventional reinforcement with CFRP bars.

In the next four papers, experimental results are used to evaluate and/or validate the
structural performance of components such as anchors, connectors, and nuclear compo-
nents. So, in the paper authored by S. Lee, and W. Jung static and dynamic experiments on
the anchorages of non-structural elements are conducted using the seismic performance
evaluation criteria of anchorages in accordance with the standards of the United States
and Europe [17]. In the paper authored by G. Koo, T. Shin, and S. Ma the seismic isolation
performance, and the dynamic characteristics of full-scale laminated rubber bearings (LRBs)
are investigated through a well-established test matrix [18]. Results of shaking table tests
are used by G. Koo, S. Ahn, J. Hwang, and J. Kim to validate the inelastic seismic analysis
method applicable to pressure-retaining metal components in nuclear power plants [19].
An external ALC panel connector is proposed by K. Ding, D. Zong, Y. Liu, S. He, and W.
Shen [20]. In this paper, experimental and numerical results between the external hooked
bolt connector and the pendulous Z-panel connector are analyzed and discussed.

Also, an interesting topic that is addressed in this Special Issue is the seismic perfor-
mance of retrofitted structures. In the paper authored by Y. Sonoda, H. Tamai, and H. Ikeda
the effectiveness of the SRS method as a seismic retrofitting method on existing dam piers
is studied using FEM analyses [21]. The practical difficulties in upgrading the structural
performance of existing RC structures when retrofitting structural members by conven-
tional RC jacketing are discussed in the paper authored by G. Manos, and K. Katakalos [22].
In this paper, an effective procedure for the shear upgrade of under-designed RC T-beams
is presented. The tensile capacity of CFRP strips with or without anchors can be found by
using a simple, novel laboratory test set-up devised by the authors.

Some other studies are motivated by the need for analytical modeling tools that can
effectively capture the seismic behavior of substandard RC structural elements. Thus, in the
paper authored by S. Pardalopoulos, S. Pantazopoulou, and G. Manolis a new assessment
framework is proposed aiming to determine whether the estimated local drift demands can
be tolerated without failure developing along the load resistance path of substandard RC
buildings [23]. The paper authored by C. Lu, and Y. Sonoda [24] presents an analysis model
that can produce crack development during the pull-out process and evaluate concrete
fracture, bolt fracture, and steel–concrete bond fracture in the SPH method.

A modification of the modal-based ground motion selection method is presented in the
next paper authored by Y. Liu [25]. The proposed modified method aims on improving the
reliability of the nonlinear response time history analysis of RC shear wall structures. On
the other hand, the paper authored by R. Zhang, D. Ye, J. Zhou, and D. Quan [26] presents a
modified displacement-based method for the seismic analysis of an underground structure
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in the loess area. Nevertheless, in the paper authored by A. Naqi, T. Roy, and T. Saito a
method for evaluating the cumulative damage of buckling-restrained braces under multi-
hazard events that are expected to occur during the service life of a high-rise building,
is introduced [27]. The paper authored by E. Diaz-Segura [28] provides a review on the
methodologies for seismic site classification according to the Chilean regulations from their
implementation in the 1930s to the most recent proposal in 2018–2021.

In the last paper authored by F. Fuentes, S. Lozano, M. Gomez, J. Vielma, and A.
Lopez the dynamic characteristics of a multistory RC buildings are estimated, considering
two different identification techniques [29]. Data based on earthquake acceleration time
histories recorded by accelerometers placed throughout the building are used.
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Featured Application: In this work, the non-linear dynamic response of buildings is studied

considering both the horizontal component and the vertical component of seismic acceleration

records. With an adequate discretization of the structure, it is found that the plastic rotations of

the structure can change significantly, which is why the inclusion of the vertical seismic compo-

nent in the assessment and design of buildings is recommended.

Abstract: This study discusses the impact of the vertical component of earthquake ground motion in
the performance level of steel building subjected to earthquake excitations. Analyses are carried out
for the strong column-weak beam philosophy because the structural performance is focused on these
elements. A realistic steel frame is also considered to investigate the impact of including the seismic
vertical component in the non-linear response of the building. The main findings of this study are:
(1) When an analysis is performed by considering the horizontal and vertical components of ground
motion acting simultaneously (near the causative fault), larger plastic rotations in the beams are
obtained as compared to those resulting by considering only the horizontal component. (2) Due to
the previous finding, if a codified criterion to inspect the steel beams performance in terms of the
plastic rotation is considered, the beam performance could lie within a different acceptation criterion
(i.e., from immediate occupancy to collapse prevention) if the vertical component is included in
the analysis.

Keywords: non-linear dynamic analysis; seismic response; vertical component; acceptance criteria;
steel buildings

1. Introduction

It has been reported in the works by Papazoglou et al. [1] and Elnashai et al. [2]
that the vertical earthquake ground motion component of some earthquakes located near
the causative fault can have an important detrimental impact in the structural behavior
of different systems. For instance, Papazoglou et al. [1] attributed seismic failures to
the effect of the vertical component of three studied earthquakes on structures. Besides
possible compressive overstress or tension failure, the vertical response can lead to failures
for the ultimate limit states of flexure moment and shear. The latter (i.e., shear) may
explain observed failures perhaps associated with underlying vertical motion effects,
because the compression can be reduced, or even mild tension could be reached, decreasing
the contribution of concrete to shear resistance. The moment capacity and ductility of
reinforced concrete (RC) columns can also be reduced. Unconsidered fluctuations in the
axial force due to vertical motions may precipitate flexural failures. In another study,
Elnashai et al. [2] based on modal analysis proposed a conservative simple approach to
assess vertical seismic forces for buildings. More recently, Kim et al. [3] by means of

Appl. Sci. 2021, 11, 1925. https://doi.org/10.3390/app11041925 https://www.mdpi.com/journal/applsci5



Appl. Sci. 2021, 11, 1925

experimental and analytical studies corroborated that the axial load level associated with
the seismic vertical component has a detrimental effect on the shear capacity.

The influence of the earthquake ground motion vertical component has been found
not only important in the structural response of buildings but also in that of bridges. For
instance, Kim et al. [4] evaluated the effect of vertical earthquake ground motion on RC
bridge piers and found that the inclusion of the vertical component importantly impacts
the response of all components. They concluded that the vertical component should be
taken in consideration for bridge design. Likewise, for highway overcrossings, Kunnath
et al. [5] found the vertical component of ground motions as a main cause of amplification
in the axial force in the columns and flexure moment in the girders. This was reported
as especially critical for midspan moments in negative bending. Ancient and historical
buildings have also presented damaged attributed to the vertical component of earthquakes,
as observed on 7 September 2017 in historical structures located near the epicentral zone of
the great Tehuantepec Mw8.2 earthquake, Mexico, Pozos-Estrada et al. [6]; it was suggested
that the high frequency contents generated by this event and its vertical component led to
damages to belfries, domes, towers and vaults of the historical structures.

On the other hand, it is also reported that when a modal analysis is carried out,
different bending moments, axial forces and shear forces are obtained whether the lumped
or consistent matrix mass approach is followed, as indicated in Valdés-Vázquez et al. [7],
being the structural response (in terms of bending moments and shear forces) significantly
increased for the consistent matrix mass approach if the vertical component is included.
This is possibly due to the dynamic behavior of beams, which implies carrying loads (due
to the vertical component of earthquakes) perpendicular to their longitudinal direction,
which in turn causes bending moment and deflections, as cited in Paz et al. [8]. The two
approximate methods to consider the inertial effect in the structure in general, and in the
beams in particular, are the lumped mass approach (the distributed mass is concentrated in
point masses) and the consistent mass approach (the point masses also include rotational
effects); this latter method is consistent with the static traverse displacements of the beam,
as cited in Paz et al. [8].

In addition, in the studies by Bozorgnia et al. [9] is reported that under certain con-
ditions (i.e., short structural periods, especially for soft soils and near the epicentre) the
vertical component becomes much more significant than the horizontal component of
ground motion. Besides, it has been pointed out that, specifically for soft soils in the
proximity of an active fault in Mexico City, the effects of the vertical component of ground
motion should be incorporated in codified design, Jaimes et al. [10]. Other studies including
the vertical component are given in [11–17], and some others related to bridge engineering
with the vertical component are [18–21].

The effects, damage and possible collapse of structures under the action of the vertical
component of ground motion due to earthquakes have been reported in the literature.
For instance, the contribution of the vertical component to the response of structures is
indicated by Di Sarno et al. [22], who found that the demand due to this component can be
significant. The observed evidence, after large seismic events, of structural damage induced
by the vertical seismic component is reported for the 1994 Northridge, California and the
1995 Kobe, Japan historical earthquakes [22]. More recently, similar observations are also
reported for the 2009 L’Aquila, Italy earthquake [22]; it was indicated that the axial load
in reinforced concrete columns was very large (more noticeably in compression), if both
components were considered in the seismic analysis. It was stated that both components
should be incorporated in the evaluation of the response of building frames, more markedly
in the near-fault cases.

Compressions in columns above the balance load, as well as tensions in isolation
systems and columns (over the balanced load too) have also been reported for buildings
(Mazza et al. [23]) when the horizontal and vertical components of near-source earthquakes
are considered. Other study related to seismically isolated systems subjected to seismic
excitations from horizontal and vertical components found that including the latter is of
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key importance to designing pendulum isolators for two-degree of freedom systems (Landi
et al. [24]). In addition, regarding base-isolated structures (irregular ones with friction
pendulum), it has been found that when the vertical component is significant (near-source
sites), uplift could occur if the effect of the vertical component is not accounted for (Mazza
et al. [25]).

Collapse-prone frame structural types under the action of the seismic vertical compo-
nent have been identified in terms of the ground motion characteristics, when the structures
are subjected to multi-directional excitations (Harrington et al. [26]). The Housner intensity
(Housner [27]) can be used to assess the influence of the vertical seismic component in
the collapse of structures, especially structures more vulnerable to such component, as
buildings with many cantilevered members and buildings which columns are subjected to
large load effects.

Therefore, investigating the impact of including the earthquake ground motion vertical
component in the earthquake resistant design and analysis of buildings is needed. In this
study, the seismic response of steel buildings subjected to horizontal and vertical ground
motions during Mexican earthquakes is presented.

The main objective of this study is to assess the impact of including the vertical
component of essentially near-fault earthquake ground motions in the performance level
of steel beams, by carrying out non-linear dynamic analyses on steel-frame buildings.
Comparisons are given against the analysis by considering only the horizontal component,
including the case of a steel frame designed by an experienced practicing engineer.

2. Hypothetical Buildings Considering the Strong-Column Weak-Beam Philosophy

To establish the framework used in this study, first the seismic response assessment of
two hypothetical steel-frame buildings subjected to Mexican ground motions is considered.
These structures do not necessarily correspond to minimum requirements from any code,
but to structures which follows the strong-column weak-beam philosophy and are expected
to exhibit a non-linear behavior under seismic loading. Nevertheless, this framework is
applied later to a realistic structure designed by an experienced practicing engineer as per
international standards, to validate the findings from a practical design standpoint.

For the hypothetical structures in this section, the considered steel is A-36 according to
the American Institute of Steel Construction. In Figure 1 the studied buildings are shown.
One is formed by a six-story steel-frame structure with columns W18 × 60 and beams
W12 × 14 sections; the showed diagonals are W10 × 45 sections. A uniformly distributed
load of 12 kN/m for all beams is assumed; this load plus the self-weight of the structure
is used for calculating the natural vibration periods. The second is a 10-story building
frame formed by W18 × 211, W16 × 31 and W10 × 45 sections for the columns, beams and
diagonals, respectively. In this case, an 18 kN/m load is considered for all the beams plus
the structure self-weight. The plastic hinges of steel beams to be studied are indicated by
red dots in Figure 1; they are selected because the analyses indicated that they are the most
critical in terms of plastic rotations (i.e., they are identified after performing all seismic
dynamic analyses and rank the rotations in all the buildings). The plastic hinges shown are
not the only ones (which also vary depending on the record used). For the comparisons,
the study is focused on the plastic hinges with the largest rotations.
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Figure 1. Steel-frame buildings and plastic hinges (red dots) considered.

Although not specific code was used for designing the frames as mentioned before,
they correspond to the strong-column weak-beam philosophy contained in many relevant
standards (e.g., American Society of Civil Engineers (ASCE 7–16) [28]; IBC-2018 [29];
NTCS-2017 [30]; Eurocode [31]).

For the six-story building, the first horizontal vibration period is T1h = 0.398 s, the
second is T2h = 0.108 s and the third one is T3h = 0.052 s, as shown in Figure 2. The same
corresponding periods, but for the vertical response are T1v = 0.173 s, T2v = 0.164 s and
T3v = 0.060 s, respectively, as in Figure 3.

   

(a) T1h = 0.398 s (b) T2h = 0.108 s (c) T3h = 0.052 s 

Figure 2. Horizontal vibration modes for the six-story building.

   

(a) T1v = 0.173 s (b) T2v = 0.164 s (c) T3v = 0.060 s 

Figure 3. Vertical vibration modes for the six-story building.

The computed horizontal and vertical vibration modes in the same order as previously
described for the ten-story building are T1h = 0.841 s, T2h = 0.238 s and T3h = 0.121 s, and
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T1v = 0.198 s, T2v = 0.122 s and T3v = 0.058 s, respectively, which are depicted in Figure 4
for the horizontal modes and Figure 5 for the vertical ones.

Based on a previous study by Valdés et al. [7], the frames and elements were selected
so that they work in a range 60–80% of their capacity for gravitational load only. Therefore,
when the buildings are subjected to the records reported in Table 1, the inelastic behavior
of several elements can be inspected and compared for the one-versus the two-component
analyses. Another possibility to guarantee that many members of the structures undergo
into the inelastic range is to scale the records. This alternative is recommended in future
research using reliable methods and recognizing their limitations. In the last floors, where
the member sizes are normally smaller, it has been showed that when the vertical compo-
nent is added to the horizontal component in the dynamic analysis using consistent masses,
the shear forces and bending moments are larger in the upper levels, especially for the roof,
which is not normally noticed in regular design (Valdés et al. [7]).

In general terms, two finite element-based formulations to analyze structures are
available: the displacement-based formulation and the force-based formulation. For the
former an adequate discretization of the structure is required, so that an adequate solution
can be captured, whereas for the latter, the right solution is determined solely with one
element. Therefore, the force-based formulation is preferred. However, when the vertical
seismic component is included, the force-based formulation is insufficient, and an adequate
discretization is warranted to accurately obtain the solution. In this study, elements by
considering the force-based formulation are used, together with an adequate discretization.

Ground Motions

In order to capture the influence of the vertical component of earthquake ground
motion in the performance level of steel building beams, this study uses different ground
motions from Mexico listed in Table 1 (where PGAh and PGAv denote peak ground
acceleration for the horizontal and vertical component, respectively) and whose response
spectra are shown in Figure 6. These earthquake ground motions were selected to represent
significant to non-significant vertical earthquake ground motion values (e.g., PGAV from
0.45 to 0.094 g).

  

(a) T1h = 0.841 s (b) T2h = 0.238 s (c) T3h = 0.121 s 

Figure 4. Horizontal vibration modes for the ten-story building.
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(a) T1v = 0.198 s (b) T2v = 0.122 s (c) T3v = 0.058 s 

Figure 5. Vertical vibration modes for the ten-story building.

 

Figure 6. Response spectra used from different stations.
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Table 1. Mexican ground motions used for the frames in Figure 1.

1 Station Direction
Date

(YYYY/MM/DD)
Magnitud

Mw
Rrup (km) Lat. Long. H (km) PGAh (g) PGAv (g)

NILT NS 2017/09/07 8.2 100.6 14.76 94.11 58 0.498 0.449
CALE EW 1997/01/11 7.1 25.15 17.91 103.91 40 0.404 0.422
JAMI EW 1999/09/30 7.4 48.74 16.03 96.96 47 0.256 0.292
SCRU NS 2017/09/07 8.2 91.65 14.76 94.11 58 0.253 0.299
LANE NS 1999/09/30 7.4 22.56 16.03 96.96 47 0.244 0.213
HMTT EW 2017/09/19 7.1 48.99 18.33 98.67 57 0.147 0.094
RABO NS 2017/09/19 7.1 14.51 18.33 98.67 57 0.132 0.120

1 Stations designations are somewhat arbitrary acronyms of names in Spanish from different accelerometric arrays.

3. Seismic Structural Response

For the analysis of the structures, the OpenSEES program [32] was used, together
with the pre- and post-processor GiD [33] and the coupling interface between both of them,
GiD+OpenSees Platform [34].

They consider distributed plasticity with fibers in all the elements. In the case of
beams, the P-delta effect is added. At intersections, the joint offset node with a dimension
equal to half the depth of the elements is also considered. At the base, all the columns
are fixed in all degrees of freedom and, in the stories, a rigid diaphragm was considered
at each level. For the whole structure, the OpenSEES element type force-beam-column
was used. The maximum size for the finite element mesh was 0.87 m for the columns and
1.75 m for the beams, with the idea of adding intermediate nodes in the elements to capture
the vertical modes more accurately. The selected mesh size was determined by inspecting
the maximum size for which no further accuracy is gained if more refined mesh sizes are
used. Note also that the same mesh size was used in other study by Gremer et al. [15].

The damping ratio was determined through the Rayleigh damping method taking
into account the first two horizontal vibration periods of each structure, together with the
current stiffness matrix. The used element type from OpenSEES is the force-Beam-Column,
considering three Gauss–Lobatto integration points. The material type is Steel02 with a
yield stress Fy = 248.21 MPa, initial elastic tangent E = 200 GPa and a strain-hardening
ratio b = 0.01 (as defined in OpenSEES). A 2D model was used, where first a static analysis
under gravity loads was carried out, then the inertial force generated by every record was
added in a second step considering a 0.01 s time step.

In this section, the results from the non-linear dynamic analyses using the records
in the previous section are presented. For brevity, only flexure moments for the outer-
most fiber of the beam sections are depicted in moment-rotation diagrams. The employed
notation is as follows: XXXX-YY-ZZ, where XXXX defines the considered event (NILT,
CALE, etc.; e.g., Figure 6), YY the story (e.g., 5S for the 5th story of the building in
study) where the most critical studied beam is located and ZZ denotes the side where the
considered beam is situated (RS and LS for right and left side, respectively), in agreement
with the plastic hinges depicted in Figure 1. In the following, results are first presented
for the 6-story building and then for the 10-story building. Note that for the horizontal
components in this study, only one of the orthogonal horizontal components is selected.
Although every ground motion contains recordings for two horizontal and one vertical
(orthogonal) components, the horizontal one leading to the most critical results when the
vertical component is added was selected. This not necessarily implies that the most critical
horizontal component corresponds to a larger peak ground acceleration.

3.1. Results for 6-Story Building

For the 6-story steel-frame structure the most critical plastic hinges are located at
Floors 5 and 6 as shown in Figure 1. The W12 × 14 beams in this structure has a yielding
flexure moment My = 60.7 kN-m and a yielding rotation θy = 0.0109 rad. For brevity, H
and V are used to denote the horizontal and the vertical component, respectively.
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When the 6-story building is subjected to the earthquake recorded at station NILT, the
rotations and equivalent values (as function of the yielding rotation) from the non-linear
dynamic analyses are 0.0293 rad (2.69θy) for H and 0.0348 rad (3.20θy) for H&V (i.e.,
horizontal and vertical component acting simultaneously). This represents an increase of
18.9% if the two components are used instead of only H (Figure 7, NILT-5S-RS).

 

Figure 7. Non-linear response of the outer-most fiber in different beams for different earthquakes;
6-story buildings (Part 1).

As an exceptional response for NILT recording, the rotations and equivalent values
considering one or the two components for the non-linear dynamic analysis are 0.0351 rad
and 3.22θy (H) and 0.0342 rad and 3.15θy (H&V), respectively. In this case the change is
−2.1% (i.e., the structural response actually decreased for this earthquake when both com-
ponents were considered). This last result indicates that consideration of both components
simultaneously can lead in some cases to less critical results (Figure 7, NILT-5S-LS). This
could be explained because in some cases the vertical demand counteracts the horizontal
one, for certain elements and under certain excitations, albeit this is not frequent.

For the recording of station CALE, the most critical beam is on the left side of the
5th floor. When only the horizontal seismic component is considered for the analysis, the
maximum rotation value is 0.0268 rad, equivalent to 2.46θy. On the other hand, when both,
the horizontal and the vertical, seismic components are considered, the maximum rotation
results in 0.0407 rad, equivalent to 3.73θy. This means that the maximum rotation increased
51.6% with respect to that calculated when only the horizontal component is taken into
account (Figure 7, CALE-5S-LS).

For the earthquake recording of station JAMI, this time the most critical beam is
situated on the left side of the 6th floor (6th story—6S–LS). For the horizontal response,
the rotations remain linear with a value of 0.0102 rad, equivalent to 0.94θy. On the other
hand, when both components are considered simultaneously, the rotation is 0.0134 rad,
which is equivalent to 1.23θy. This represents a 30.8% rotation increase, as compared to the
horizontal component analysis alone (Figure 7, JAMI-6S-RS).

For the earthquake recorded at station SCRU (Figure 8, SCRU-6S-RS), the most critical
beam is located on the right side of the 6th level. In this case for the seismic horizontal
component, 0.0100 rad and 0.92θy were obtained. When both components were included,
this led to 0.0303 rad and 2.79θy, representing a very significant increase of 203.2% with
respect to the single-component analysis.
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Figure 8. Non-linear response of the outer-most fiber in different beams for different earthquakes;
6-story buildings (part 2).

For the earthquake recording of station LANE, the most critical beam is on the right
side in Floor 5. When only the horizontal component is considered, the maximum rotation
reaches 0.0183 rad, or 1.69θy. When both components are included in the analysis, the
values are 0.0295 rad and 2.71θy, respectively, which represents an increment of 60.3% in
this case (Figure 8, LANE-5S-RS).

For the recording of station HMTT the rotations and equivalent values considering
one or the two components for the non-linear dynamic analyses are 0.0110 rad and 1.01θy
and 0.0154 rad and 1.41θy, respectively. This represents an increase of the two-component
dynamic analysis in relation to the horizontal component analysis of 39.6% (Figure 8,
HMTT-5S-RS).

Finally, for earthquake recorded at station RABO (Figure 8, RABO-6S-LS), the most
critical beam is located on the left side of the 6th level. In this case, for the horizontal
component seismic analysis, 0.0094 rad and 0.87θy were obtained. When both compo-
nents were included, this led to 0.0191 rad and 1.75θy, representing a significant increase
of 101.1%.

As a summary, the previous values are listed in Table 2.

Table 2. Rotations generated by horizontal earthquake components and by horizontal and vertical
earthquake components acting together (6-story building).

Rotation Rotation Values for Earthquake Station Register Considered (rad)

Computed NILT CALE JAMI SCRU LANE HMTT RABO

θh
0.0293

(2.69θy)
0.0268

(2.46θy)
0.0102

(0.94θy)
0.0100

(0.92θy)
0.0183

(1.69θy)
0.0110

(1.01θy)
0.0094

(0.87θy)

θh+v
0.0348

(3.20θy)
0.0407

(3.73θy)
0.0134

(1.23θy)
0.0303

(2.79θy)
0.0295

(2.71θy)
0.0154

(1.41θy)
0.0191

(1.75θy)

Figure 9 shows plastic hinges for JAMI seismic record where the red color indicates
that the plastic hinge is formed. The color contour represents the plastic rotation depicted
graphically with the GiD+OpenSEES interface, i.e., it shows the zones where the plastic
hinges occur. The red/blue color indicates higher/lower degree of plastic rotation.
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(a) Only horizontal component (b) Horizontal and vertical component 

Figure 9. Plastic hinges for earthquake JAMI at the end of the seismic register. The red/blue color in
the color contours indicates higher/lower degree of plastic rotation.

3.2. Results for 10-Story Building

This section is analogous to the previous one but results for the 10-story building are
reported. The most critical plastic hinges were found in Levels 7, 8 and 9, as observed in
Figure 1.

For the W16 × 31 beams, the yielding flexure moment is My = 192.0 kN-m, with a
yielding rotation θy = 0.0114 rad. Likewise, in Figure 10 rotation diagrams for cases NILT-
7S-LS and NILT-8S-RS are shown. Their respective values were (again for the one- and
two-component analyses) 0.0274 rad (2.41θy) and 0.0377 rad (3.31θy), 0.0284 rad (2.50θy)
and 0.0353 rad(3.10θy) corresponding to increases of 37.3% and 24.0%, respectively (i.e.,
increases with respect to the horizontal component analysis).

 

Figure 10. Non-linear response of the outer-most fiber in different beams for different earthquakes;
10-story buildings (Part 1).

For the case CALE-9S-LS, one- and two-component analysis led to rotations of
0.0107 rad (0.94θy) and 0.0330 rad (2.89θy), which is a 207.4% increase with respect to
considering only the horizontal component (Figure 10).

Response to the earthquake for case JAMI-7S-RS depicted in Figure 10, led to 0.0114 rad
(1.0θy) and 0.0132 rad (1.15θy) for the one- and two-component analysis, respectively. These
values represent an increase of the two-component non-linear dynamic analysis in relation
to its one-component counterpart of 15.0%.

Likewise, in Figure 11 rotation diagrams for SCRU-8S-LS are shown. Their respective
values were (again for the one- and two-component analyses) 0.0175 rad (1.54θy) and
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0.0276 rad (2.42θy), corresponding to an increase of 57.1% (i.e., increase with respect to the
horizontal component analysis).

 

Figure 11. Non-linear response of the outer-most fiber in different beams for different earthquakes;
10-story buildings (Part 2).

The response to the earthquake of station LANE-7S-LS is depicted in Figure 11, led
to 0.0130 rad (1.14θy) and 0.0178 rad (1.56θy) for the one- and two-component analysis,
respectively. These values represent increases of the two-component non-linear dynamic
analyses in relation to their one-component counterparts of 36.8%.

Response to the earthquake for case HMTT-8S-RS depicted in Figure 11, led to
0.0100 rad (0.88θy) and 0.0137 rad (1.20θy) for the one- and two-component analysis,
respectively. These values represent increases of the two-component non-linear dynamic
analyses in relation to their one-component counterparts of 36.3%.

Likewise, in Figure 11 rotation diagrams for earthquake response for the case RABO-
9S-LS are shown. Their respective values were (again for the one- and two-component
analyses) 0.0095 rad (0.84θy) and 0.0129 rad (1.13θy) corresponding to increases of 34.5%
with respect to considering only the horizontal component.

These values are also summarized in Table 3. Figure 12 shows plastic hinges for SCRU
seismic register which are colored in red.

Table 3. Rotations generated by horizontal earthquake components and by horizontal and vertical
earthquake components acting together (10-story building).

Rotation Rotation Values for Earthquake Station Register Considered (rad)

Computed NILT CALE JAMI SCRU LANE HMTT RABO

θh
0.0274

(2.41θy)
0.0107

(0.94θy)
0.0114
(1.0θy)

0.0175
(1.54θy)

0.0130
(1.14θy)

0.0100
(0.88θy)

0.0095
(0.84θy)

θh+v
0.0377

(3.31θy)
0.0330

(2.89θy)
0.0132

(1.15θy)
0.0276

(2.42θy)
0.0178

(1.56θy)
0.0137

(1.20θy)
0.0129

(1.13θy)
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(a) Only horizontal component (b) Horizontal and vertical component 

Figure 12. Plastic hinges for earthquake SCRU at the end of the seismic register. The red/blue color
in the color contours indicates higher/lower degree of plastic rotation.

4. Trends of Damage as a Function of Seismic Intensity

In this section, it is investigated whether the level of a seismic intensity measure (IM)
can be associated with the level of damage (in terms of rotation) of the steel beams for
the considered hypothetical buildings. The pseudo-spectral acceleration, Sa, is selected to
inspect possible correlations with the beams rotations, because this IM is readily available
in engineering practice and easier to communicate to decision makers.

First, the horizontal accelerations for the three vibration modes leading to the highest
mass participation factors Γh are obtained. This information is listed in Table 4 for the 6-
story building. It is pointed out that not necessarily the three first modes lead to the highest
participation factors; whereas this is usually the case for the horizontal component, it is not
for the vertical component. Then the square root of the sum of the squares (SRSS) of the
horizontal accelerations is computed (denoted as Sa HSRSS) with the following expression:

Sa HSRSS =

√√√√ n

∑
j=1

1
n

[
Γhj × Sa

(
Thj
)]2

(1)

where n is the number of modes selected (i.e., 3 in this study), Γhj is the mass horizontal
modal participation factor for the j mode and Sa

(
Thj
)

is the pseudospectral acceleration
for j mode. Results are shown in Table 4.

Table 4. Accelerations due to horizontal earthquake in the 6-story building.

Period
1Γhj

Pseudospectral Horizontal Acceleration

(s) 2Sa-NILT 2Sa-CALE 2Sa-JAMI 2Sa-SCRU 2Sa-LANE 2Sa-HMTT 2Sa-RABO

0.398 0.698 0.665 0.599 0.261 0.296 0.412 0.265 0.174
0.108 0.196 1.864 1.059 0.613 0.532 0.548 0.348 0.309
0.052 0.043 1.232 0.563 0.909 0.405 0.457 0.213 0.233

ΣΓh = 0.937
Sa HSRSS 0.342 0.270 0.128 0.134 0.177 0.114 0.078

1Γhj stands for mass horizontal modal participation factor; 2Sa denotes the pseudospectral accelerations obtained for each spectrum (i.e.,
NILT, CALE, etc.) in the horizontal direction.
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Likewise, for the vertical accelerations with the highest modal participation (not
necessarily the first three as mentioned before) Sa VSRSS is computed with:

Sa VSRSS =

√√√√ n

∑
j=1

1
n
[
Γvj × Sa

(
Tvj
)]2 (2)

where Γvj stands for the mass vertical modal participation factor for the vertical direction
and Sa

(
Tvj
)

denotes the pseudospectral accelerations obtained for each spectrum (i.e.,
NILT, CALE, etc.) in the vertical direction. The values are listed in Table 5.

Table 5. Accelerations due to horizontal earthquake in the 6-story building.

Period
2Γvj

Pseudospectral Vertical Acceleration

(s) 2Sa-NILT 2Sa-CALE 2Sa-JAMI 2Sa-SCRU 2Sa-LANE 2Sa-HMTT 2Sa-RABO

0.173 0.524 0.374 0.502 0.240 0.431 0.325 0.223 0.318
0.164 0.046 0.432 0.495 0.247 0.493 0.353 0.231 0.278
0.060 0.106 1.025 1.266 1.150 0.697 0.615 0.128 0.185

ΣΓv = 0.677
Sa VSRSS 0.130 0.171 0.101 0.138 0.105 0.068 0.097

2Γvj stands for mass horizontal modal participation factor; 2Sa denotes the pseudospectral accelerations obtained for each spectrum (i.e.,
NILT, CALE, etc.) in the vertical direction

To inspect which earthquake ground motion causes more damage when its horizontal
and vertical components are simultaneously applied to the 6-story building, the information
from Tables 4 and 5 is also included in Table 6. Table 6 contains a new value termed as AF
(adjustment factor) that is calculated as the inverse of the sum of the modal participations
ΣΓh and ΣΓv, for the modes included in Tables 4 and 5, respectively; these are the inverse
of 0.937 and 0.677, leading to 1.066 and 1.477, respectively. Then, SaH&V is computed with:

SaH&V =

√√√√((ΣΓh)
−1 × (Sa HSRSS)

)2
+
(
(ΣΓv)

−1 × (Sa VSRSS)
)2

2
(3)

which is used to complete the values listed in Table 6.

Table 6. Resultant accelerations of the horizontal plus vertical components (6-story building).

Component AF Sa-NILT Sa-CALE Sa-JAMI Sa-SCRU Sa-LANE Sa-HMTT Sa-RABO

Sa HSRSS 1.066 0.342 0.270 0.128 0.134 0.177 0.114 0.078
Sa VSRSS 1.477 0.130 0.171 0.101 0.138 0.105 0.068 0.097
SaH&V 0.292 0.271 0.1438 0.176 0.173 0.111 0.117

The values in Table 6 and the corresponding rotations from the non-linear analyses are
depicted in Figure 13 (blue points) for the beams reported in Figures 7 and 8. Additionally,
in Figure 13 simple linear fits are shown to visualize possible trends. In general, Figure 13
shows that larger damage (rotation) is expected for larger horizontal Sa (Figure 13 left)
and that, the same occurs, but with even higher damage when the horizontal and vertical
components act simultaneously (Figure 13 right). In both cases the plastic rotation is 0.0109.

Analogous results and trends are listed in Tables 7–9 and Figure 14. The same con-
clusions can be drawn, except that the dispersion of the damage around the trend line is
higher for the 10-story building under the action of both components (Figure 14 right).
Results for other beams are not shown for brevity, but they exhibit similar trends but with
a value of plastic rotation equal to 0.0114.
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Table 7. Accelerations due to horizontal earthquake in the 10-story building.

Periodo
Γhj

Pseudospectral Horizontal Acceleration

(s) Sa-NILT Sa-CALE Sa-JAMI Sa-SCRU Sa-LANE Sa-HMTT Sa-RABO

0.8412 0.738 0.379 0.229 0.195 0.294 0.224 0.126 0.070
0.2383 0.157 1.383 0.733 0.245 0.457 0.521 0.301 0.320
0.1216 0.039 2.048 1.187 0.671 0.597 0.557 0.275 0.322

ΣΓh = 0.934
Sa HSRSS 0.210 0.121 0.087 0.132 0.107 0.060 0.042

Table 8. Accelerations due to vertical earthquake in the 10-story building.

Periodo
Γvj

Pseudospectral Vertical Acceleration

(s) Sa-NILT Sa-CALE Sa-JAMI Sa-SCRU Sa-LANE Sa-HMTT Sa-RABO

0.198 0.398 0.263 0.584 0.198 0.292 0.259 0.277 0.247
0.122 0.070 0.766 0.587 0.366 0.464 0.494 0.172 0.216
0.058 0.254 1.004 1.287 1.128 0.701 0.634 0.125 0.187

ΣΓv = 0.722
Sa VSRSS 0.162 0.233 0.172 0.124 0.112 0.066 0.063

Table 9. Resultant accelerations of the horizontal plus vertical components (10-story building).

Component AF Sa-CALE Sa-JAMI Sa-LANE Sa-HMTT Sa-NILT Sa-RABO Sa-SCRU

Sa HSRSS 1.070 0.121 0.087 0.107 0.060 0.210 0.042 0.132
Sa VSRSS 1.383 0.233 0.172 0.112 0.066 0.162 0.063 0.124
SaH&V 0.245 0.181 0.136 0.080 0.224 0.070 0.157

 

Figure 13. Rotation as a function of Sa for the 6-story building for beams studied in Figures 7 and 8;
left for the horizontal component, right for the horizontal plus vertical component.

 

Figure 14. Rotation as a function of Sa for the 10-story building; for beams studied in Figures 10 and 11.
Left for the horizontal component, right for the horizontal plus vertical component.

Before proceeding to the next section, it is emphasized that Equation (3) leads to the
consistent (quantifiable) trend shown in Figure 13 because the modes with the highest
modal participation (not necessarily the first three) are used and an extrapolation is carried
out to consider the 100% mass participation. Other combinations of the response (different
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to Equation (3)) do not lead to this consistent trend. Therefore, Equation (3) is considered
as a contribution of the present study.

5. Performance Level of Critical Beams

To discuss the performance level of the beams studied, guidelines from the American
Society of Civil Engineering—ASCE SEI 41–17, [35] are considered. The stipulated criteria
in that reference (acceptance criteria) are divided in: immediate occupancy (IO), life safety
(LS) and collapse prevention (CP).

If the beams in the examples presented above, and the reference values IO = 1θy,
LS = 9θy and CP = 11θy, are considered, it is noted that in no case the LS level is reached.
However, it was noticed that if only the horizontal seismic component is considered,
the elements remain in the elastic range in several cases, as for stations JAMI, SCRU
and RABO for the 6-story building, and as for stations CALE, HMTT and RABO for the
10-story building.

As reported before, the rotations change, sometimes significantly, when both, the
horizontal and the vertical, components are considered. In almost all cases there are
increases in rotation ranging from 15% to up to about 207% for the two-component analysis
as compared to the one-component non-linear dynamic analysis. This indicates that the
response could lead to different acceptation criteria levels in the ASCE SEI 41–17, depending
on whether both components are acting simultaneously.

Therefore, it is concluded that while a certain structure would reach the LS acceptation
level with the horizontal component only, it could reach the CP acceptation level if both
components are acting simultaneously. This is important, because it may imply that a sup-
posedly rightly designed structure could collapse if the horizontal and vertical components
act together. This is schematically illustrated for some cases in Figures 15 and 16 for the
6-story building, and Figures 17 and 18 for the 10-story building.

For instance, Figure 15 shows that for the case in the bottom-left column of the figure
(case CALE-5S-LS) the rotation resulting from the horizontal component (H) is located
within the LS performance level, whereas the rotation caused by both components acting
together (H&V) increases the rotation, but it is also within the LS performance level. This
is also observed in Figure 15 in the top-left column of the figure (case NILT-7S-LS).

 

Figure 15. Examples of acceptance criteria for the 6-story building. Part 1.

Contrarily, the other cases in Figures 16 and 17 (cases SCRU-6S-RS and CALE-9S-LS,
respectively) do lead to a change in the performance level from IO to LS when the vertical
component is added in the analyses. These results indicate that inclusion of the effects of
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the vertical component of earthquake ground motion, when considered simultaneously
with the horizontal component, can also have an impact in codified design. Therefore, code
developers and designers should also be aware of this impact for practical purposes.

Figures 15 and 16 and Figures 17 and 18 shows the acceptance criteria of beams studied
in Figures 7 and 8 and Figures 10 and 11, respectively. In all these figures, at the top-left of
each individual figure the percentage difference between horizontal and horizontal + vertical
acceptance criteria are shown in green.

It could be argued that the results in this section may not be useful in practice, because
the structures considered in this section meet the strong-column weak-beam philosophy
but are not realistically code-designed buildings. Therefore, a moment-resisting steel
frame, designed by a practicing engineer to withstand seismic loads in accordance with an
international code, is used in the following section to further inspect the obtained results, in
terms of the seismic performance levels due to the adding effects of the vertical component.

 

Figure 16. Examples of acceptance criteria for the 6-story building. Part 2.

 

Figure 17. Examples of acceptance criteria for the 10-story building. Part 1.
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Figure 18. Examples of acceptance criteria for the 10-story building. Part 2.

6. Performance Levels of a Code-Designed Structure

In this section, the same procedure used to obtain the results shown in Figures 15–18
is applied to a structure designed by an experienced practicing engineer (Roeder et al.,
1993 [36]; Schneider et al., 1993 [37]) as per the seismic provisions of the Uniform Building
Code (UBC, 1988 [38]). This structure could be considered more representative of existing
structures and be closer in design terms to buildings located in seismic-prone regions, in
comparison to the structures considered in the previous sections.

It is the eight-story moment-resisting steel frame showed in Figure 19, where the W-
Shapes of A-36 steel for beams and columns can be observed, together with the dimensions
and the points with the largest rotations (red dots); depicted green symbols indicate change
in the columns section (at midstory).

Figure 19. Realistic code-designed moment-resisting steel frame to assess seismic performance levels.
Red dots denote selected plastic hinges. Green symbols indicate the section change at midstory.

This structure just meets the UBC (1988) [38] requirements for earthquake design
(Roeder et al., 1993 [36]; Schneider et al., 1993 [37]). The considered gravity load (including
dead load and live load) in the non-linear analyses is 52.54 kN/m at interstory levels and
43.78 kN/m at roof level. The self-weight of the elements is considered in the analyses.
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These uniformly distributed loads are based on the loads per area unit reported for this
structure (Roeder et al., 1993 [36]; Schneider et al., 1993 [37]) and the consideration that the
frame corresponds to a central frame and that the tributary areas for each side of the beams
are half of the area for a given floor.

For the eight-story building, the first horizontal vibration period is T1h = 2.048 s, the
second is T2h = 0.738 s and the third one is T3h = 0.415 s. The same corresponding periods,
but for the vertical response are T1v = 0.230 s, T2v = 0.151 s and T3v = 0.126 s, respectively.

Roeder et al., 1993 [36] reported only the fundamental period for the horizontal
component. Some assumptions were made with the available information found in [36], as
mentioned above. This led to some variation in the fundamental period since a period of
2.4 s is indicated in [36].

The structure in Figure 19 is to be subjected to the records in Table 1 for the non-linear
dynamic analyses too, plus other four Mexican records listed in Table 10. The corresponding
response spectra are depicted in Figure 20 for the additional records.

Table 10. Additional Mexican ground motions used in this section.

Station Direction Date
Magnitud

Mw
Rrup
(km)

Lat. Long. H (km)
PGAh

(g)
PGAv

(g)

BALC EW 1994/12/10 6.4 59.2 17.98 101.52 50 0.185 0.202
PANG EW 1999/09/30 7.4 50.0 16.03 96.96 47 0.114 0.096
PETA EW 1994/12/10 6.4 74.8 17.98 101.52 50 0.208 0.086
RIOG EW 1999/09/30 7.4 33.8 16.03 96.96 47 0.303 0.224

 

Figure 20. Response spectra for the ground motions in Table 10.

The non-linear response is computed as before, i.e., the OpenSEES program [32], the
pre- and post-processor GiD [33] and the coupling interface GiD+OpenSees Platform [34]
are used with the same previously stated assumptions and nomenclature, except that the
steel frame in Figure 19 and its characteristics are considered. Distributed plasticity with
fibers in all the elements is assumed. However, in this case, the P-delta effect is not added
for simplicity and at intersections the joint offset node was not taken into account.

The results are shown in Figures 21–23 for the red dots in Figure 19. The W18 × 40
beams on the 7th floor have a yielding flexure moment My = 278.1 kN-m and a yielding
rotation θy = 0.0076 rad. It is observed that the beam undergoes into the inelastic range
for almost the 11 ground motions (except for the PETA-7S-LS case) and that, when both
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components act simultaneously, larger plastic rotations (from moderate to significant
increases) are obtained.

 

Figure 21. Non-linear response of the outer-most fiber in the considered beam for different earth-
quakes; 8-story building (Part 1).

 

Figure 22. Non-linear response of the outer-most fiber in the considered beam for different earth-
quakes; 8-story building (Part 2).

These results confirmed the findings in the previous section, namely, the inclusion of
the vertical component in the analyses can lead to significant larger plastic rotations. This
also implies that the structure could change its performance level if the vertical component
of the ground motion is considered together with the horizontal component. This is to be
discussed shortly after.

The acceptance criteria for the steel frame in Figure 19 are shown in Figures 24–26.
Again, the considered acceptance thresholds in this last example have values IO = 1θy,
LS = 9θy and CP = 11θy. As for the previous examples, in Figures 24–26 the increasing effect
due to the addition of the seismic vertical component is readily observed and, although
the crossing of a threshold (in terms of the acceptance criteria) is not as clearly observed,
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case BALC-7S-LS can be seen as an example that including the simultaneous occurrence of
the vertical component in the analysis may lead to a change from IO to LS. The increase in
terms of percentage can be also significant as observed for instance for case HMTT-7S-LS
in Figure 25 (as before, percentages are indicated in green in the left upper corner for each
case). It is highlighted that the largest rotations of 0.0502 rad and 0.0489 rad are obtained
for cases NILT-7S-Ls and LANE-7S-LS, respectively.

 

Figure 23. Non-linear response of the outer-most fiber in the considered beam for different earth-
quakes; 8-story building (Part 3).

 

Figure 24. Examples of acceptance criteria for the 8-story building. Part 1.
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Figure 25. Examples of acceptance criteria for the 8-story building. Part 2.

 

Figure 26. Examples of acceptance criteria for the 8-story building. Part 3.

In Table 11, a summary of the maximum rotations for all considered records is given.

Table 11. Rotations generated by horizontal earthquake components and by horizontal and vertical earthquake components
acting together (8-story building).

Rotation Rotation Values for Earthquake Station Register Considered (rad)

Computed NILT CALE JAMI SCRU LANE HMTT RABO BALC PANG PETA RIOG

θh
0.0433
(5.7θy)

0.0370
(4.9θy)

0.0289
(3.8θy)

0.0351
(4.6θy)

0.0458
(6.0θy)

0.0172
(2.3θy)

0.0209
(2.8θy)

0.0084
(1.1θy)

0.0098
(1.3θy)

0.0072
(0.95θy)

0.0335
(4.4θy)

θh+v
0.0502
(6.6θy)

0.0430
(5.7θy)

0.0339
(4.5θy)

0.0404
(5.3θy)

0.0489
(6.4θy)

0.0301
(4.0θy)

0.0235
(3.1θy)

0.0106
(1.4θy)

0.0119
(1.6θy)

0.0077
(1.01θy)

0.0367
(4.8θy)

Therefore, the structural response of the moment-resisting steel frame in Figure 19
under the seismic records in Tables 1 and 10 demonstrates that the conclusions previously
stated (for the frames in Figure 1) hold also for a realistic code-designed structure subjected
to real ground motions. It is, therefore, considered that the findings in this study can be of

25



Appl. Sci. 2021, 11, 1925

guidance for practical applications and can further highlight that the simultaneous action
of the vertical component and the horizontal component (as it occurs in the real physical
phenomenon) should not be disregarded in seismic design. It is acknowledged though, that
the study is far from exhaustive and that further research using different steel structures
configurations, standards and ground motions is required.

One last figure, Figure 27, is analogous to Figures 13 and 14, but considering the code-
designed steel frame in this section. It can be observed that the increasing trends of rotations
as a function of increasing Sa is also confirmed (with some more dispersion though). Notice
that the pseudo-accelerations are not so large for the horizontal component alone. The
reason is that the structural periods correspond to small spectral ordinates. However,
when both components are considered, the spectral ordinates for the vertical component
corresponds to larger spectral ordinates, shifting this case to larger Sa in Figure 27. In
contrast, the difference in terms of rotations is not as noticeable for both cases depicted in
Figure 27.

 

Figure 27. Rotation as a function of Sa for the 8-story building beam (see Figure 19). Left for the
horizontal component, right for the horizontal plus vertical component.

7. Discussion

This study discusses the impact of the vertical earthquake ground motion component
in the performance level of steel building beams. First, two hypothetical steel-frame
buildings with diagonals are used as case studies to perform seismic non-linear dynamic
analyses subjected to earthquake excitations from very large earthquakes that damaged
many structures in Mexico. OpenSEES software is used to inspect the performance of the
steel beams in terms of plastic rotations. The performance is inspected from the perspective
of codified design.

It was found that the inclusion of the vertical component of earthquake ground
motion, located near the causative fault, in the analysis leads to larger plastic rotations
in the beams (i.e., when both, the horizontal and vertical components act simultaneously
on the structure), compared to the rotations obtained by subjecting the structure to the
earthquake excitations of only the horizontal component.

It had not been previously reported that most of the practical cases focus only on the
horizontal component, and when the vertical component is included it does not significantly
change the load effects, as described in [7]. An important change in the load effects of the
structural elements is obtained when considering consistent mass matrices in the analysis,
which is not common to find in commercial software [7]. Another way to achieve this
change is through the discretization of the structural elements as is done with the analyses
based on the finite element method.

It is concluded that designers and code developers should incorporate as criterion
to perform non-linear analyses of the horizontal and vertical components acting together,
because this leads in some elements to a change in the acceptation criteria in codified design
to a most critical one when both components act simultaneously. This would be particularly
important for places where the vertical component becomes relevant (near the source).
General trends indicate that larger pseudo-spectral accelerations lead to larger plastic
rotations of the steel beams. These general trends also confirm that structures subjected
to the simultaneous action of horizontal and vertical components of ground motion yield
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larger plastic rotations (as compared to those from the one-component analysis) for the
same level of pseudo-spectral acceleration.

Moreover, a more realistic structure was also considered to validate the results. It
was demonstrated that when a steel frame designed by a practicing engineer is subjected
to real near-fault ground motions by means of non-linear analyses, the same conclusions
hold. It is acknowledged that other seismic standards, including the newest versions of
worldwide used codes, more recordings representative of the seismic hazard of a given
structure designed as per the applicable regulations, other structural typologies, and other
materials (e.g., reinforced concrete frames) should be considered to have further insight
into the findings of the present study. This is recommended for further research.

8. Conclusions

Current structural design regulations for the construction of buildings in seismic zones
specify that a non-linear seismic analysis could be performed. Depending on the type of
structure, it can be a non-linear static seismic analysis (pushover) or a non-linear dynamic
seismic analysis. An important difference between both methods is that generally different
acceptance levels result for the same structure, becoming more critical when performing a
dynamic seismic analysis.

Taking this into account, in this work a non-linear dynamic seismic analysis was
carried out where both the horizontal component and the vertical component of several
seismic records occurred in Mexico are considered. Two hypothetical and one realistic
(code-designed) steel frames are considered.

It was found that the dynamic analysis considering the horizontal and the vertical
components simultaneously (as compared to using only the horizontal component), does
not always lead to the largest rotation. This does not occur in most cases and could be
attributed to the counteracting effect of the vertical component for certain ground motions
and considered structure.

In addition, it is found that there are higher levels of acceptance (i.e., larger plastic
rotations) when both seismic components (horizontal and vertical acting simultaneously)
are considered than when only the horizontal component is considered, as happens in
most practical cases. It is recommended to include the vertical seismic component in future
earthquake assessment and design of buildings since the extra calculation effort is minimal
(compared to a dynamic analysis by considering only the horizontal component).

This study contributes to the understanding of structural behavior by considering the
effect of both components of ground motions from a specific tectonic environment, since
Mexican earthquakes are used.

A simple quantitative expression to correlate the non-linear response (in terms of
plastic rotations) and a ground motion intensity measure (pseudo-spectral acceleration) is
proposed. In the proposed equation the three modes with the highest modal participation,
which are not necessarily the first three, are used. Since other combinations of the response
do not lead to this consistent trend, the proposed expression is considered as a contribution
of the present study.

It is acknowledged that in order to formulate more robust conclusions, further studies
are required by extending the analysis to other structures and by using many other recorded
near-fault ground motions, while also incorporating more refined modelling assumptions
for the elements and connections of realistic structures.

Other aspects which are recommended for further research are to explore a prob-
abilistic rather than a deterministic approach (for instance to obtain median values of
the response using two components, while also determining the variability in quanti-
tative terms), as well as the use of scaled records to guarantee that many members of
realistic structures undergo into the inelastic range consistent with future extraordinary
seismic scenarios.
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Abstract: Given the possible separation problem caused by the double-span continuous beam
bridge under the action of the vertical earthquake, considering the wave effect, the transient wave
characteristic function method and the indirect mode superposition method are used to solve the
response theory of the bridge structure during the earthquake. Through the example analysis, the
pier bending moment changes under different vertical excitation periods and excitation amplitudes
are calculated. Calculations prove that: (1) When the seismic excitation period is close to the
vertical natural vibration period of the bridge, the main girder and the bridge pier may be separated;
(2) When the pier has a high height, the separation has a more significant impact on the longitudinal
displacement of the bridge, but the maximum relative displacement caused by the separation is
random; (3) Large-scale vertical excitation will increase the number of partitions of the structure, and
at the same time increase the vertical collision force between the main girder and the pier, but the
effect on the longitudinal displacement of the form is uncertain; (4) When V/H exceeds a specific
value, the pier will not only be damaged by bending, but will also be damaged by axial compression.

Keywords: bridge; near-fault vertical earthquake; multiple separations; seismic excitation period;
vertical excitation amplitude; bending damage; axial compression failure

1. Introduction

As a transportation hub, bridges cause serious damage to the road network when an
earthquake occurs, which brings great difficulties to rescue work in the disaster-stricken
areas. Simultaneously, this greatly affected the post disaster recovery and reconstruction
work and significantly reduced the traffic function between regions [1,2]. In the past, the
research on pier failure mainly focused on horizontal excitation, ignoring the influence
of vertical earthquake [3–5]. However, with the progress of monitoring level in recent
years, increasingly monitoring data show that the near-fault earthquake which has a
sizeable vertical excitation amplitude, may cause landslides and damage to the bridge
foundation [6–9]. In addition, the pier will suffer more tremendous vertical pressure, or
even cause the pier axial compression damage [10–12]. Moreover, the fluctuation of axial
force may also change the flexural and shear performance of the pier. In this regard, many
experimental studies have been carried out [13–16]. For the main girder, the vertical seismic
excitation will also increase the mid-span bending moment and even cause the bending
failure of the structure [13,17]. In order to reduce the response of bridges under earthquake,
a series of research have been carried out in the field of energy dissipation, such as the
performance of rubber-bearing isolators under seismic events [18,19].

For the ratio of vertical and horizontal seismic acceleration, many codes simply set it
as 2/3. However, these years, monitoring data show that V/H was far more than 2/3 or
even 2. For example, in the Northridge earthquake, the ratio of vertical acceleration to
horizontal acceleration reached 1.79, and the amplitude of vertical acceleration reached
1.18 g [20]. Under the Kobe earthquake, the peak acceleration ratio V/H is as high as 2 [21].
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Analyzing nine pieces of data collected within 20 km of the Wenchuan earthquake source,
the average acceleration ratio V/H is 0.89, and the maximum value is 1.2 [22].

Unlike foreign rigid frame bridges, most bridges in China use rubber bearings. The
main beam is directly placed on the pier, and the structure lacks a tensile connection [23,24].
When the vertical seismic excitation is too large, the main beam and pier may be separated.
In the 1989 Loms Prieta earthquake [25], a highway bridge is divided under the vertical
quake, and the girder is thrown up. When the bridge collides again, the pier directly passes
through the bridge deck. Besides, Tanimura [26] considered that the impact force caused
by separation might damage the bearing and local pier.

In the past, the collision of bridge mainly focused on the longitudinal beam to beam
collision [27], and the research on the vertical collision was less. In addition, the damping
measures are set in the horizontal direction [28,29], but the effect of the vertical separation
on the horizontal seismic response is ignored. Previous studies on bridge failure assumed
that the structure always kept in contact and did not consider the possibility of structural
separation caused by the near-fault vertical earthquake. In this study, a double-span
continuous beam bridge model is established, and the forced resonance response of the
bridge is calculated by using the transient wave function method [30]. The structural
displacement response caused by the collision force is calculated by using the indirect
modal function method [31]. The force and displacement response of the bridge are
calculated by the theoretical approach, and the bending conditions of the bridge pier under
different conditions are obtained.

2. Theoretical Model and Vertical Displacement Calculation

The model used in this study is a double-span continuous bridge. The calculation
model is shown in Figure 1. The main beam is a prestressed box beam, and the pier is a
double-column circular pier. The round lead high damping rubber bearing is used between
the main girder and the piers. In the vertical direction, the hysteresis curve of the bearing is
long and narrow, ignoring the damping of the vertical bearing. In the horizontal direction,
the damping of the bearing is ζ1 = 20%. In the vertical direction, the stiffness of the bearing
is Kc = 2.4 × 109 N/m; in the horizontal direction, the stiffness is Kv = 2.4 × 106 N/m. To
simplify the calculation, this study makes the following assumptions:

(1) In order to simplify the calculation, linear elastic calculation is adopted for the material
of the model, ignoring the nonlinearity of the structure;

(2) Ignore the possible bearing shear failure caused by a horizontal earthquake;
(3) During seismic action, there are often stops in the lateral direction. This study only

considers the coupling of vertical and longitudinal seismic activities;
(4) Ignore the difference in the arrival time of the horizontal and vertical seismic waves,

assuming that the earthquakes in both directions are excited at the same time.

vK

cK

ζ

U ξ

Figure 1. Model of a double-span continuous beam bridge.
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2.1. Vertical Seismic Response Spectrum

The bridge is located in an area with a seismic intensity of 80. The reference peak
value of horizontal seismic acceleration is selected as 510 gal (5.1 m/s2). The values of
horizontal seismic acceleration under different seismic excitation periods are shown in the
specification [32]. The selection of the characteristic value of the vertical seismic response
spectrum is given in reference [33], and the epicenter distances are 3 km, 10 km, and
20 km, respectively:

λ = V/H =

⎧⎨
⎩

α
α − β(T − 0.1)

0.5

T < 0.1
0.1 ≤ T < 0.3

T ≥ 0.3
(1)

where T is the vertical seismic period, α is the peak value of V/H, and β is the linear
attenuation coefficient. When the epicenter distance is 3 km, 10 km, and 20 km, α = 1.5, 1.4,
1.3; β = 5, 4, 3.

Complex seismic waves can be obtained by the superposition of harmonic components
of each order by the Fourier expansion method. By calculating the excitation of a single
harmonic component, the seismic excitation response of bridge structure in full frequency
state can be obtained by superposition method. Therefore, for simplicity, this paper uses
the single harmonic motion instead of the seismic excitation, and the acceleration peak
value uses the seismic excitation acceleration peak value.

2.2. Theoretical Solution of Displacement Response of Bridge in Vertical Contact Stage

The wave equations of girder AB and pier CD can be described as the following:

OA : ∂2(Eb Ib∂2Y1(x,t)/∂x2)
∂x2 + ρAb

∂2Y1(x,t)
∂t2 + q = 0

OB : ∂2(Eb Ib∂2Y1(x,t)/∂x2)
∂x2 + ρAb

∂2Y1(x,t)
∂t2 + q = 0

CD : Er Ar
∂2U(ξ,t)

∂2ξ
− ρAr

∂2U(ξ,t)
∂t2 = 0

(2)

In these equations, Y1(x, t), Y2(x, t) is the deflection of the beam; U(ξ, t) is the axial
displacement of pier.

The boundary condition of bridge displacement is:

Y1(−L, t) = 0, Y2(L, t) = 0, U(0, t) = 0
∂2Y1(−L,t)

∂2x = 0, ∂2Y2(L,t)
∂2x = 0

(3)

and the displacement continuity condition at the middle of the main girder is:

Y1(0, t) = Y2(0, t),
∂Y1(0, t)

∂x
=

∂Y2(0, t)
∂x

,
∂2Y1(0, t)

∂x2 =
∂2Y2(0, t)

∂x2 (4)

The continuity condition of shear force and displacement between girder, pier and
support are:

U(H, t)− Y1(0, t) = δ1 = Fc
Kc

= − Er Ar
Kc

∂U(H,t)
∂ξ

Er Ar
∂U(H,t)

∂ξ = Eb Ib(
∂3Y1(0,t)

∂x3 − ∂3Y2(0,t)
∂x3 )

(5)

Vertical displacement field Y(x, t) of the girder can be divided into static displacement
Ys, rigid body displacement Yg and dynamic deformation Yd.

Y(x, t) = Ys(x) + Yg(x, t) + Yd(x, t)
U(ξ, t) = Us(ξ) + Ug(ξ, t) + Ud(ξ, t)

(6)

Dynamic displacement satisfies the wave equation, continuity condition, equilibrium
differential equation, and force boundary condition.
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Static displacement of the bridge is as follows:

Y1s(x) = [q(−5L4 + 6L2x2 − x4)− 2Fc(2L3 − x3 − 3x2L)]/24Eb Ib
Y2s(x) = [q(−5L4 + 6L2x2 − x4)− 2Fc(2L3 + x3 − 3x2L)]/24Eb Ib

Us(ξ) = Fcξ/Er Ar

(7)

where Fc is the axial pressure of the initial girder and the support.
The displacement of the rigid body of the bridge is as follows:

Y1g(x, t) = Y2g(x, t) = Ug(ξ, t) = B(t) (8)

The dynamic deformation part of the structure can be expanded as an infinite series
of wave mode products:

Y1d(x, t) =
∞
∑

n=1
ϕnb1(x)qn(t), Y2d(x, t) =

∞
∑

n=1
ϕnb2(x)qn(t)

Ud(ξ, t) =
∞
∑

n=1
ϕnr(ξ)qn(t)

(9)

The equation includes the bending wave function ϕnb1, ϕnb2 of the girder, the longitu-
dinal wave function ϕnr of the pier, and the time function qn(t).

The wave model function is solved by the characteristic equations. The characteristic
equations of the main girder and pier are, respectively:

OA : a2 ϕnb1
(4)(x)− ωn

2 ϕnb1(x) = 0
OB : a2 ϕnb2

(4)(x)− ωn
2 ϕnb2(x) = 0

CD : c2 ϕnr
(2)(ξ) + ωn

2 ϕnr(ξ) = 0
(10)

where ωn(n = 1,2,3, · · · · · · ) is the natural frequency of bridge structure, a =
√

Eb Ib/ρAb is
the coefficient related to the beam flexural wave speed, c =

√
Er/ρ is the rod phase speed.

Flexural wave modes of the main girder and longitudinal wave of the pier can be
described as:

ϕnb1(x) = A1 sin kbnx + B1 cos kbnx + C1sinhkbnx + D1 cosh kbnx
ϕnb2(x) = A2 sin kbnx + B2 cos kbnx + C2sinhkbnx + D2 cosh kbnx

ϕnr = E1 sin krnξ + F1 cos krnξ
(11)

where kbn and krn are the wave numbers of flexural wave and longitudinal wave respec-
tively. A1, B1, C1, D1, A2, B2, C2, D2, E1, F1 are the coefficients.

The boundary conditions of the characteristic equation are as follows:

ϕnb1(−L) = 0, ϕnb2(L) = 0, ϕnr(0) = 0
ϕ′′

nb1(−L) = 0, ϕ′′
nb2(L) = 0

(12)

The continuity conditions of feature direction are as follows:

ϕnb1(0) = ϕnb2(0), ϕ′
nb1(0) = ϕ′

nb2(0), ϕ′′
nb1(0) = ϕ′′

nb2(0)

ϕnb1(0) = ϕnr(H) +
Er Ar ϕ′

nr(H)
Kc

, Eb Ib(ϕ′′′
nb1(0)− ϕ′′′

nb2(0)) = Er Ar ϕ′
nr(H)

(13)

The orthogonal consistency of bending wave and longitudinal wave can be obtained
by Equation (10):

∫ 0

−L
ρAϕmb1 ϕnb1dx +

∫ L

0
ρAϕmb2 ϕnb2dx +

∫ H

0
ρAr ϕmr ϕnrdξ = δmn (14)
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By introducing Equations (12) and (13) into Equation (11), the wave functions of the
bridge structure can be obtained as follows:

ϕnb1(x) = Mn An(− sin kbn(x+L)
cos kbn L + sinhkbn(x+L)

cosh kbn L )

ϕnb2(x) = Mn An(
sin kbn(x−L)

cos kbn L − sinhkbn(x−L)
cosh kbn L )

ϕnr(ξ) = An sin krnξ

(15)

By introducing Equation (15) into Equation (13) can solve for Mn and An.
Through the orthogonality condition, the time function qn(t) differential equation of

the bridge can be obtained:

ω2
nqn(t) + 2ζωn

.
qn(t) +

..
qn(t) =

..
Qn(t) (16)

By Laplace transformation, qn(t) can be obtained:

qn(t) = e−ζ2ωnt(qn(0) cos ωdt +
.
qn(0)+ζ2ωnqn(0)

ωd
sin ωdt)

+ 1
ωd

∫ t
0 e−ζ2ωnτ

..
Qn(τ) sin(ωd(t − τ))dτ

(17)

In Equation (7) ωd =
√

1 − ζ2
2ωn.

2.3. Corresponding Theoretical Solution of Bridge Vertical Separation Stage Displacement

In the separation process, the beam and the rod do not interact and move at their own
characteristic frequencies ωnb and ωnr.

The displacement response of the main girder and pier can be decomposed into static
displacement, rigid displacement, and dynamic deformation, and the main beam does not
need to be decomposed into two segments.

Y(x, t) = Ys(x) + Yg(x, t) + Yd(x, t)
U(ξ, t) = Us(ξ, t) + Ug(ξ, t) + Ud(ξ, t)

(18)

The vertical static displacement and rigid displacement of the bridge structure are
as follows:

Ys(x) = q(−5L4 + 6L2x2 − x4)/24Eb Ib, Us(ξ) = 0
Yg(x, t) = Ug(ξ, t) = B(t)

(19)

The wave equations of girder AB and pier CD can be described as the following:

AB : ∂2(Eb Ib∂2Y(x,t)/∂x2)
∂x2 + ρAb

∂2Y(x,t)
∂t2 + q = 0

CD : Er Ar
∂2U(ξ,t)

∂2ξ
− ρAr

∂2U(ξ,t)
∂t2 = 0

(20)

The wave mode functions of the main girder and pier are:

ϕnb(x) = A3 sin kbnx + B3 cos kbnx + C3sinhkbnx + D3 cosh kbnx
ϕnr = E2 sin krnξ + F2 cos krnξ

(21)

where A3, B3, C1, D3, E2, F2 are the coefficients.
The boundary conditions of the characteristic equation are as follows:

ϕnb(−L) = 0, ϕnb(L) = 0, ϕnr(0) = 0
ϕ′′

nb(−L) = 0, ϕ′′
nb(L) = 0

(22)

The wave functions of the bridge structure can be obtained as follows:

ϕnb(x) = Anb sin kbn(x + L)
ϕnr(ξ) = Anr sin krnξ

(23)
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For the main girder and pier, the wavenumber is:

kbn =
√

ωbn/a = nπ/2L, krn = ωrn/c = (2n − 1)π/2H (24)

Based on the orthogonality of the wave mode function, the coefficient can be ob-
tained as:

Anb = 1/
√

ρAbL, Anr = 2/
√

ρAr H (25)

If the separation contact phenomenon occurs many times, it can be assumed that
t∗ = t − t2k is the time variable of the k-th collision, t∗ = t − t2k+1 is the time variable of
the k-th separation.

In the k-th separation process, the dynamic displacement responses of the main girder
and pier are as follows:

qnb(t∗) = e−ζ2ωb1t∗(q1b(t+2k+1) cos ωb1t∗ +
.
qn(t

−
2k+1)+ζ2ωb1qnb(0)

ωb1
sin ωb1t∗)

+ 1
ωbd

∫ t∗
t+2k+1

e−ζ2ωbnτ
..
Qbn(τ) sin(ωbd(t∗ − τ))dτ

qnr(t∗) = e−ζ2ωr1t∗(q1r(t+2k+1) cos ωb1t∗ +
.
qn(t

−
2k+1)+ζ2ωr1qnr(0)

ωr1
sin ωr1t∗)

+ 1
ωrd

∫ t∗
t+2k+1

e−ζ2ωrnτ
..
Qrn(τ) sin(ωrd(t∗ − τ))dτ

(26)

The initial displacement and velocity of the girder and pier structure are considered
only by the first mode. By viewing the residual rate and deformation of the last process,
the contact separation process is solved continuously.

2.4. Corresponding Theoretical Solution of Bridge Vertical Impact Stage Displacement

When the relative displacement between the girder and pier is less than zero, it is con-
sidered that the girder and the pier are in contact again. At the moment of collision contact,
the overall frequency of the bridge cannot be calculated. The use of resonance frequency
calculation will produce large dispersion, and it is difficult to ensure the convergence of
the calculation results. In the process of vertical impact process, the dynamic deformation
after contact collision is divided into impact force deformation XF and dynamic wave
deformation Xz. The indirect mode superposition method [24] calculates the structural
displacement under the impact force. Initial contact time, Ys + Yd = Us + Ud = 0. In the
subsequent vertical collision process, the main beam and the bridge pier have no vertical
contact force at the initial moment. And the static displacement of the girder and the pier
is zero. It can be concluded that the dynamic displacement of the bridge at the initial
moment is:

Y1d(0, t+2k) = Y2d(0, t+2k) = Ud(0, t+2k) = 0 (27)

The collision displacements of the structure are:

YF =

∞
∑

i=1
ϕnb(0)

.
qbn(t

−
2k)

ωnb
sin ωnbt − ∞

∑
n=1

ϕnb(x)
∫ t∗

t2k
Qnbhnbdτ

UF =

∞
∑

i=1
ϕnr(0)

.
qrn(t

−
2k)

ωnr
sin ωnrt +

∞
∑

n=1
ϕnr(ξ)

∫ t∗
t2k

Qnrhnrdτ

(28)

where Qnb = Fp ϕnb(x0), Qnr = Fp ϕnr(ξ0) is the generalized collision force. x0 and ξ0 are
the coordinate of the collision point of the main beam and pier, respectively. Fp is the
impact force. The positive and negative signs in Equation (27) denote the relationship
between force and displacement direction, respectively.

hnb =
1

Mnbωnb
sin ωnb(t − τ), hnr =

1
Mnrωnr

sin ωnr(t − τ) (29)
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where Mnb, Mnr are modal masses.

Mnb =
∫ L

−L
ρAϕ2

nb(x)dx, Mnr =
∫ H

0
ρAr ϕ2

nr(ξ)dξ (30)

In the stage of impact contact, the displacements of the girder and the pier are different.
The impact force Fp = 0 when the girder and pier are separated, and the collision force
Fp > 0. At the impact point, the displacement response is:

YF(0, t)− UF(H, t) = Fp(t)/Kc (31)

By introducing Equation (28) in Equation (29), the vertical load Fp and the collision
contact part of bridge structure displacement YF, UF can be calculated by using the step-
by-step integration method.

The partial time function of dynamic deformation is as follows:

qn(t) =
1

ωn

∫ t∗

t2k

..
Qn(τ) sin(ωn(t − τ))dτ (32)

The dynamic deformation of the bridge can be expressed as follows:

Yd1 =
∞

∑
n=1

ϕnb1(x)qn(t), Yd2 =
∞

∑
n=1

ϕnb2(x)qn(t), Ud =
∞

∑
n=1

ϕnr(ξ)qn(t) (33)

3. Calculation of Horizontal Displacement Response of Bridge

Referring to the process of solving the vertical displacement response of the bridge, the
wave mode equations of the girder and pier in the longitudinal direction can be obtained as:

ϕnb1(x) = An sin kbnx + An tan kbnL cos kbnx
ϕnb2(x) = −An sin kbnx + An tan kbnL cos kbnx

ϕnr(ξ) = M1 An(sin krnξ − sinhkrnξ) + M2 An(cos krnξ − cosh krnξ)
(34)

Refer to Equations (13) and (14) to solve for M1, M2, An.
Considering the bearing damping, the time function of the bridge displacement

response is:

qn(t∗) = e−(ζ1+ζ2)ωnt∗(qn(0) cos ωdt∗ +
.
qn(0)+qn(0)ωn(ζ1+ζ2)

ωd
sin ωdt∗)

+ 1
ωd

∫ t∗
0

..
Qn(τ)e−(ζ1+ζ2)ωn(t−τ) sin ωd(t∗ − τ)dτ

(35)

where ωd =
√
[1 − (ζ1 + ζ2)

2ωn.
During the separation process, the wave mode functions of the main beam and bridge

pier are:

ϕnb(x) = Anb sin kbn(x + L)
ϕnr(ξ) = Anr(cosh krnξ − cos krnξ) + M3(sinhkrnξ − sin krnξ))

(36)

The time function of the girder and pier is consistent with Equation (28). The calcula-
tion process of the longitudinal displacement response of the bridge in the collision process
is the same as the vertical calculation process, except that ζ2 in Equations (27) and (30) is
changed to ζ1+2.

By referring to the calculation of longitudinal displacement of bridge under earth-
quake, the transverse wave function of main girder and pier can be calculated:
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ϕnb1(x) = Mn1 An(− sin kbn(x+L)
cos kbn L + sinhkbn(x+L)

cosh kbn L )

ϕnb2(x) = Mn1 An(
sin kbn(x−L)

cos kbn L − sinhkbn(x−L)
cosh kbn L )

ϕnr(ξ) = An(sin krnξ − sinhkrnξ) + Mn2 An(cos krnξ − cosh krnξ)

(37)

During the separation process, the wave mode functions of the main beam and bridge
pier are:

ϕnb(x) = Anb sin kbn(x + L)
ϕnr(ξ) = Anr(cosh krnξ − cos krnξ) + M3(sinhkrnξ − sin krnξ))

(38)

The solution of time function is referred to in Section 3.

4. Numerical Simulation and Analysis

The model used in this study is a double-span continuous bridge. The main beam is a
prestressed box beam, and the pier is a double-column circular pier. Figure 2 shows the
reinforcement details and cross-sectional dimensions of the bridge. The bearing adopts a
high damping rubber bearing. To simplify the analysis, the equivalent parameters of the
bridge can be calculated according to specifications for the design of highway reinforced
concrete and prestressed concrete bridges and culverts in China [24]. According to the spec-
ification, the equivalent cross-sectional area of the bridge pier is Ar = Arc +

(
αy − 1

)
Ary,

the equivalent Young’s modulus of bridge pier is Er =
(
Erc Arc + Ery Ary

)
/
(

Arc + Ary
)
,

the equivalent moment of inertia of bridge pier is Ir = Irc + Iry. The equivalent section
area of main girder is Ab = Abc +

(
αy − 1

)
Aby +

(
αp − 1

)
Abp, the equivalent Young’s

modulus of the main girder is Eb =
(

Ebc Abc + Eby Aby + Ebp Abp

)
/(Abc+Aby + Abp). The

equivalent section moment of inertia of the main girder is Ib = Ibc + Iby + Ibp. The round
lead high damping rubber bearing is used between the main girder and the piers.

 
Figure 2. Dimensions and details of the bridge elevation and section drawings.
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In the vertical direction, the hysteresis curve of the bearing is long and narrow, ignoring
the damping of the vertical bearing. In the horizontal direction, the damping of the bearing
is ζ1 = 20%. In the vertical direction, the stiffness of the bearing is Kc = 2.4 × 109 N/m; in
the horizontal direction, the stiffness is Kv = 2.4 × 106 N/m. To simplify the calculation,
this study makes the following assumptions:

(1) When the bridge is forced to resonate, the structural force and displacement response
are always calculated by elastic deformation;

(2) Ignore the possible bearing shear failure caused by a horizontal earthquake;
(3) During seismic action, there are often stops in the lateral direction. This study only

considers the coupling of vertical and longitudinal seismic activities;
(4) Ignore the difference in the arrival time of the horizontal and vertical seismic waves,

assuming that the earthquakes in both directions are excited at the same time.

4.1. The Influence of Near-Field Vertical Seismic Acceleration on the Structure

To use the methods in Sections 3 and 4 to calculate the response of the bridge under
earthquake action, it is necessary to select an appropriate number of modes and time-
step increments.

Due to the effect of structural damping, the high-order modal response has little effect
on the structure. The number of modes selected in this paper is n = 5. The shortest time for
the bending wave and axial wave penetration structure of the main beam is Δt = L/cb =
10.8 × 10−3 s. The shortest time for the pier’s bending wave and axial wave to penetrate
the system is Δt = L/cb = 4.38 × 10−3 s. Therefore, the chosen time step must be less than
4.38 × 10−3 s, and the selected time step in this article is 18 × 10−3 s.

Figure 3 shows the calculation flow chart of the vertical displacement of the bridge
in the case of possible vertical separation. The calculation time was 2 s. By recording the
time of each separation and recontact in the vertical calculation, and substituting it into
the longitudinal seismic calculation, the longitudinal displacement response of the bridge
considering the separation condition was obtained.

When the seismic excitation period T = 0.2 s, two types of V/H are selected. One is
0.67 specified in the specification, and the other is given by Equation (1), where the value
is 1.0. Figure 4 shows the seismic response of the bridge under two V/H values. When
λ = 0.67, it can be seen that the main girder and the pier are always in contact, and the
maximum vertical contact force is 20.4 MN. When λ = 1, the main girder and the bridge
pier will be divided, and the main girder and the bridge pier will be separated six times in
2 s. The vertical contact force increased to 26.6 MN, an increase of 30.4%.

Compared with the vertical contact force, the separation has a more significant impact
on the longitudinal displacement response of the structure. When the height of the pier is
H = 15 m (Ts > Tv. Ts and Tv are the horizontal and vertical natural vibration periods
of the bridge, respectively), the maximum longitudinal relative displacement of the pier
and beam is 14.9 mm when the separation is ignored. When the structure is separated, the
maximum longitudinal relative displacement increases to 29.9 mm, nearly two times.

Figure 5 shows the effect of separation on the displacement response of the structure
when the pier height H = 9 m (Ts < Tv) and 12 m (Ts ≈ Tv). When H = 9 m, the
separation caused the maximum longitudinal displacement of the pier beam to increase
from 6.06 mm to 7.09 mm, increasing by 17%. When H = 12 m, the separation caused
the maximum longitudinal displacement of the pier beam to increase from 17.83 mm to
21.1 mm, increasing 21.9%. The effect of separation on the displacement response of the
structure is significantly lower than when the pier height is 15 m. It can be seen that the
partition has a more significant impact on the longitudinal displacement of the bridge
when Ts > Tv.
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Figure 3. Flow chart showing bridge vertical displacement calculation procedure.
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Figure 4. Seismic response of the bridge under different λ: (a) The vertical displacement and
contact force response of the bridge when λ = 0.67; (b) The vertical displacement and contact force
response of the bridge when λ = 1; (c) Longitudinal relative displacement of pier beam when λ = 0.67;
(d) Longitudinal relative displacement of pier beam when λ = 1.

 
Figure 5. Longitudinal relative displacement of pier beam under different pier height: (a) Longitu-
dinal relative displacement of pier beam under two conditions of separation or not when H = 9 m;
(b) Longitudinal relative displacement of pier beam under two conditions of separation or not when
H = 11 m.

Figure 6 shows the change of bending moment of bridge pier in two cases. It can be seen
that when the pier is higher, the separation has a greater impact on the bending moment.
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Figure 6. Bending moment change of bridge pier under two conditions: (left) Vibration bending moment; (right) Eccentric
compression moment.

To calculate the bending failure of the pier, it is assumed that the pier is under eccentric
compression. The collision diagram is shown in Figure 7. In order to consider the most
unfavorable situation of the structure, it is assumed that the leading eccentricity and the
maximum collision force occur at the same time. The shear stiffness of the bearing has no
attenuation and remains unchanged within the calculation range. The bottom of the pier is
composed of three bending moments: the bending moment Mz caused by forced resonance,
the bending moment Mv caused by the bearing shear force at the pier bottom, and the
bending moment Mc generated by eccentric collision. To simplify the calculation in this
study, the influence of the plastic hinge produced at the pier bottom on the displacement of
the pier top and the bending moment at the pier bottom is ignored. Ignoring the reset of the
bearing during separation, the shear deformation is the longitudinal relative displacement
of the pier and beam. The calculation formula of each bending moment is as follows:

Mc = Fmax × η × Δd; Mv = Kv × Δd × L; Mz = Er Ir∂2Ud/∂ξ2 (39)

where η is the magnification factor of the eccentric collision.

dΔ
pF

vF

cM

zM

vM

Figure 7. Force diagram at the bottom of the pier under eccentric compression.

To better study the effect of separation on the structure, three types of piers are selected
here: 9 m, 12 m, and 15 m. Figure 8 shows the changes in the bending moment at the
bottom of the pier at three heights. Figure 8a shows that when the pier height H = 9 m, the
high amplitude vertical acceleration reduces the allowable bending moment of the pier.
Whether separated or not, the piers are in a safe zone. When the pier height H = 12 m,
Ts is close to the excitation period T. The forced resonance of the bridge pier produces a
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large bending moment, the high amplitude vertical impact force under the condition of
separation reduces the allowable bending moment of the pier and causes damage to the
pier. When the pier height H = 15 m, the moment of the pier is 1.66 MN and the structure is
in the safe zone. When the system is separated, the bending moment increases to 2.94 MN,
which increases by 77%, and the pier is damaged.
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Figure 8. Various bending moments and allowable bending moments at the pier bottom: (a) Changes
of various bending moments at the bottom of the pier at three different heights; (b) Longitudinal
relative displacement of pier beam under different pier height.

Figure 8b shows the variation of various bending moments at the pier bottom under
different conditions. It can be seen that the shear stiffness of rubber bearing is low, and
the bending moment produced by bearing shear has little influence on pier failure in most
cases. When H = 12 m, the pier failure is mainly due to forced resonance, and the bending
moment caused by eccentric compression is significantly increased compared with H = 9 m.
When H = 15 m, the seismic excitation period is far away from the longitudinal natural
vibration period of the bridge, the seismic response of the bridge is low, and the structure
is always in the safe range. When the structure is separated, Mc and Mz are immensely
increased by the large expansion of longitudinal relative displacement. It can be seen that
ignoring the bridge separation caused by high vertical acceleration not only underestimates
the vertical contact force between the main girder and pier, but also may misestimate the
seismic displacement response of the bridge.

4.2. Seismic Response of Bridge Pier under Different Excitation Periods

The seismic excitation period affects the bridge displacement response. The research
range selected in Figure 9 is T = 0.05 s∼0.5 s. The change of seismic acceleration under a
long period, the characteristic site period Tg = 0.3 s, is selected in this study. It can be seen
that only when the excitation period is close to the vertical first-order natural vibration
period of the bridge that the structure will separate, and the higher-order modes have little
effect on the structural separation. The full longitudinal relative displacement of the pier
beam will peak at T = Ts, but this crest may not be the maximum value. When the pier
height H = 15 m, the ultimate value appears at T = 0.25 s, and the excitation period at
this time is close to Tv and far away from Ts. It can be seen that the most unfavorable
conditions caused by the forced vibration of the bridge piers are not entirely in the interval
T = Ts. When the piers are higher (Tv > Ts), the structural separation produced in the
interval T = Tv will increase the seismic response of the bridge and cause the pier to be
bent damaged.

43



Appl. Sci. 2021, 11, 4068

 sT T H m= =

sT T H m= =

sT T H m= =

Figure 9. Longitudinal relative displacement of pier beam under different excitation periods.

The bending failure of the pier is affected by the relative displacement of the pier and
beam. The change of axial force not only affects the allowable bending moment, but also
changes the bending moment generated by eccentric compression. Figure 10 shows the
vertical contact force between the main girder and the pier under different excitation cycles.
It can be seen that the peak value of the vertical contact force is concentrated in the T ≈ Ts
interval. Compared with the specification λ = 0.67, calculated by Equation (1), it has a more
considerable peak value in a short period and a smaller peak value in an extended period.
The structure separation of the bridge will occur under both conditions, but the excitation
period of the structural separation calculated by Equation (1) is shorter. The maximum
vertical contact force of the two is the same, in the range of 2.5 Fc ∼3Fc.

λ
λ
λ

λ
λ
λ

Figure 10. Various bending moments and allowable bending moments at the pier bottom:
(left) Changes of various bending moments at the bottom of the pier at three extra heights; (right) Lon-
gitudinal relative displacement of pier beam under extra pier height.

Figure 11 shows the variation of the bending moment of the pier under different
seismic excitation periods. Under different excitation periods, when H = 9 m, the bending
moment produced by eccentric compression is shallow, which can be ignored. When
H = 12 m, Mc has a peak at T close to Ts, which is due to the more enormous displacement
response produced by resonance. When H = 15 m, Mc has two extremes, one is when T is
close to Ts, this is because the resonance produces a larger displacement response. One is
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in the separation interval, which is due to the expansion of the relative displacement due
to structural separation. It can be seen from Figure 11b,c that the variation trend of Mz
and Mv in different seismic periods is the same as that of Mc. When the height of the pier
is low, the bending moment of the pier under the earthquake action is small. When the
pier height is higher, the bending moment at the bottom of the pier is greater. In addition,
when considering the structure separation, there will be two wave peaks, which need to
consider the pier damage in two cases.

 

 

 
Figure 11. Various bending moments at the bottom of the pier under different periods: (a) Bending
moment caused by eccentric collision under different excitation periods; (b) Bending moment
generated by forced vibration under different excitation periods; (c) Bending moment caused by
bearing shear under different excitation periods; (d) When H = 9 m full moment and the permissible
moment pier; (e) When H = 12 m full moment and the permissible moment pier; (f) When H = 15 m
full moment and the permissible moment pier.
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The variation trend of the allowable bending moment of the pier with three heights
under different excitation periods is the same. Only when T approaches to Tv, there is an
extreme value, and the other intervals remain unchanged. With the increase of pier height,
the vertical contact force decreases and the allowable bending moment increases. When
H = 9 m, the total bending moment of the pier has little change. When H = 12 m and 15 m,
the total bending moment of the pier increases greatly, the former is caused by resonance,
and the latter is caused by structural separation. With the increase of excitation period,
the total bending moment decreases gradually when H = 12 m. However, when H = 15 m,
the second wave crest will appear, and the total bending moment is close to the allowable
bending moment, which may cause damage to the pier.

4.3. Seismic Response of Bridge Piers under Different Vertical Excitation Amplitudes

A large number of monitoring data show that the vertical and horizontal acceleration
amplitudes of near-field earthquakes are not only more than 2/3 of the code, but some-
times even more than one or even close to two. To study the influence of vertical seismic
excitation amplitude on pier failure, Figure 12a shows the variation of longitudinal relative
displacement and vertical contact force of pier beam with vertical seismic excitation ampli-
tude when the length of the single-span beam is L = 38m and the pier height is H = 9 m,
12 m and 15 m, respectively. When H = 9 m and 12 m, the amplitude of V/H has little effect
on the longitudinal displacement of pier beam. When H = 15 m, the maximum longitudinal
relative displacement of pier beam is irregular, which is because the displacement response
of the structure after separation is related to the initial position and velocity at the time
of separation, and has great randomness. Compared with the longitudinal displacement,
V/H has a greater impact on the vertical impact force. It can be seen from Figure 12b that
with the increase of V/H, the vertical contact force of the structure increases monotonically,
and the smaller the pier height, the greater the increase. When V/H exceeds a certain
value, the vertical impact force exceeds the compressive strength of the pier, resulting in
compression failure of the pier.

 
Figure 12. Seismic response of bridges under different vertical seismic excitation amplitudes: (a) Lon-
gitudinal relative displacement of main girder and pier under different vertical seismic excitation
amplitudes; (b) Vertical contact force between main girder and pier under different vertical seismic
excitation amplitudes.

Figure 13 shows the bending moment variation of pier under different vertical exci-
tation amplitudes. As the amplitude of V/H increases, the total bending moment of the
bridge pier shows an increasing trend. When H = 15 m, the total bending moment will
increase drastically and fluctuate after the structure is separated. The allowable bending
moment of the bridge pier decreases monotonously as the vertical collision force increases.
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It can be seen from Figure 13 that when the height of the pier is low, with the increase of
V/H, the damage of the pier is mainly due to the increase in the vertical collision force,
which reduces the allowable bending moment of the pier. When the height of the pier
is high, the damage is partly due to the decrease in the allowable bending moment, and
partly due to the increase in the total bending moment of the pier.

 

Figure 13. Bending moments at the bottom of the pier under different periods: (a) When H = 9 m
total moment and the permissible moment pier; (b) When H = 12 m total moment and the permissible
moment pier; (c) When H = 15 m total moment and the permissible moment pier.

5. Discussion

In this paper, the influence of the separation of main girder and pier on the failure
of bridge pier under near-field earthquake is calculated by numerical simulation. The
seismic force and displacement responses of medium- and small-span bridges under the
condition of separation can be easily calculated by using this method. However, in order
to simplify the calculation, the structure is assumed to be always in the elastic stage, and
the plastic hinge at the bottom of the pier is ignored, resulting in a certain error. Therefore,
the influence of the plastic hinge at the bottom of the pier needs to be considered in the
follow-up, and further verification is obtained through finite element calculation.

6. Conclusions

In this study, the influence of near-fault vertical seismic excitation amplitude on pier
failure was considered. Double-span continuous beam bridge model was established. The
transient wave function expansion method and the indirect mode superposition method
were used. The theory solved the longitudinal displacement and vertical contact force
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response of the bridge. By applying different vertical excitation amplitudes, the damage of
three types of piers under different amplitudes was studied. The following conclusions
were obtained by calculation:

1. For medium- and small-span rubber bearing bridges, when the designed piers were
high (Ts > Tv), the change of longitudinal displacement caused by separation will
affect the bending failure of bridge piers.

2. Only when the excitation period was close to the vertical natural vibration period can
the structure separation occur, and the allowable moment of pier is the lowest. There
may be two peaks in the total bending moment of pier. The excitation period was
close to the longitudinal natural vibration period, and the other is when the structure
is separated.

3. With the increase of V/H, the total bending moment at the bottom of pier increased
slowly, the allowable bending moment decreased gradually, and the pier is damaged.

4. When V/H exceeded a specific range, the structure will be separated and a large
vertical impact force will be produced. The impact force will cause the pier axial
compression failure.
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Nomenclature

λ the magnitude of V/H
α the peak value of V/H
β the linear attenuation coefficient
ρ density of structure
Eb modulus of elasticity of main girder
Ib main girder section coefficient
Ab main girder section area
Er modulus of elasticity of pier
Ir pier section coefficient
A pier section area
q uniform load of main beam
Yi the deflection of the beam (i = 1,2)
Yis static displacement of the beam (i = 1,2)
Yid dynamic deformation part of the beam
U the deflection of the pier (i = 1,2)
Us static displacement of the pier (i = 1,2)
Ud dynamic deformation part of the pier
Fc axial pressure of the initial girder and the support
ϕnbi equation includes the bending wave function of the girder at contact time (i = 1,2)
ϕnr the longitudinal wave functionof the pier at contact time
ϕnbi equation includes the bending wave function of the girder at separation of time (i = 1,2)
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ϕnr the longitudinal wave functionof the pier at separation of time
ωn natural vibration frequency of the structure at contact time
ωnr main beam seismic frequency at contact time
ωnb pier seismic frequency at contact time
ωd natural frequency of the vibration considering the damping effect
ζ1 bearing damping
ζ2 structural self-damping

kbn
wave numbers of flexural wave at contact time (longitudinal direction is wave numbers of
longitudinal wave)

krn
wave numbers of longitudinal wave at contact time (longitudinal direction is wave
numbers of flexural wave)

kbn
wave numbers of flexural wave at separation time (longitudinal direction is wave numbers
of longitudinal wave)

krn
wave numbers of longitudinal wave at separation time (longitudinal direction is wave
numbers of flexural wave)

qn(t) time function of the bridge
qnb(t) time function of the main beam
qnr(t) time function of the pier
hnb impulse response function of the main beam
hnr impulse response function of the pier
Mnb modal masses of the main beam
Mnr modal masses of the pier
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Abstract: In seismically active areas, knowledge of the actual behavior of bridges under seismic load
is extremely important, as they are crucial elements of the transport infrastructure. To assess their
seismic resistance, it is necessary to know the key indicators of their seismic response. Bridges built
before the adoption of standards for seismic detailing may still contain structural reserves due to
the properties of the used materials and construction approach. For example, smooth reinforcement
which is found in older bridges due to the material properties, detailing principles, and lower bond
strength compared to ribbed reinforcement, allows for greater deformations. In bridges, columns
are vital elements employed in the dissipation of seismic energy. Their cross-sections often deviate
from the regular square, rectangular, or round cross-sections, which are typically found in building.
Based on the behavior of the columns in the vicinity of potential plastic joints, we can determine their
deformability. This paper presents an experimental study of seismic resistance indicators around a
potential plastic joint for a column with an atypical cross-section, without seismic details and with
smooth reinforcement. The experimental results are compared with the numerical and analytical,
but also with the experimental results on samples with ribbed reinforcement. Conclusions are made
about the behavior of such column elements and their seismic resistance indicators, allowing for
the application of an analytical or numerical method with realistic material and element properties
and derivation of correction factors due to the effect of the smooth-reinforcement slippage from the
anchorage area.

Keywords: plastic hinge region; smooth reinforcement; M/ϕ characteristics; atypical cross-section

1. Introduction

The assessment of the condition of existing bridges and their appropriate and optimal
maintenance plan is certainly an issue that will take priority over the design of new
transport infrastructure in the near future. To be more precise, the construction of much of
today’s European transport infrastructure began in the 1960s and more and more European
bridges are approaching their planned lifetime [1,2]. This hot topic is further accentuated by
exceptional events and the increasing failure of bridges in recent years, which, in addition
to material damage [3,4], also has tragic consequences.

It is also worth mentioning that these structures are often located in areas of extreme
seismicity. The current design approach for new structures implies that it is uneconomic to
design structures that provide a fully elastic response to the design value of seismic actions.
An alternative is the widely accepted structural design approach for smaller seismic design
loads, while at the same time detailing them according to the rules of ductile behavior so
that they can withstand significant seismic loads due to inelastic deformation. There are
many existing bridges that were designed according to now outdated norms which did not
contain guidelines for the design of elements for ductile behavior. Some even older bridges
do not even take earthquake loads into account. The degree of ductility of these bridges is
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unknown. Therefore, the question of the correct seismic assessment of bridges is still open
for research.

Several previous studies [5–9] indicate that structures that are not designed and detailed
for seismic actions may still have some degree of seismic resistance. The loss of bond strength
between concrete and smooth reinforcement, but also the better ductility of such reinforcement
allows for greater deformability of the elements. In general, previous research on structural
elements has focused on elements typical of high-rise buildings (beams, columns), which are
produced with ribbed reinforcement [10–14] while a smaller number of studies evaluate the
seismic resistance of bridges, especially girders [15–17] and arches [18–21]. By analyzing the
main parameters of the seismic resistance indicators [22–24], selecting a suitable evaluation
method [25], and using the currently available guidelines for the evaluation of structures [26]
and recent research in this field [10–14], it is possible to determine seismic resistance reserves
of bridges that have not been previously designed and detailed for such actions.

Nonlinear methods are mainly used to assess the seismic load-bearing capacity of
existing bridges [25–27]. The application of such methods requires the knowledge of the
actual behavior of the structure, either the actual rotational capacity of the elements under
static load, if non-linear static analyses are used, or under cyclic load, if non-linear dynamic
analyses are used.

The ductility of reinforced concrete elements in the cracked state is estimated based on
of the effective stiffness when the yield strength is reached. A review of the literature shows
two approaches in defining effective stiffness [11]. First approach is the theoretical effective
stiffness obtained from the relationship between the bending moment My and the chord
rotation θy when the yield point is reached. This approach is more suitable for assessing the
state of existing structures. The second approach is empirical formulation which is more
suitable for designing new structures. The chord rotation at the yield point depends on the
sum of the rotations of all cross-sections along the height of the element. The rotation of
the end section is dominant. The end section of columns fixed to the foundation, arch, or
superstructure is the key component in assessing the seismic resistance of bridges.

The ratio of moment and cross-section rotation is the basis for deriving the value of the
cross-section rotation parameter ϕy when the yield point is reached. Several expressions
[14,28,29] can be found in the literature to calculate the approximate value of cross-sectional
rotation during yielding. These expressions can be used to estimate the value of rotation
when the yield point is reached for rectangular and circular sections. In bridge structures,
we often use cross-sections of columns that differ from these two typical shapes, i.e., cross-
sections for which a detailed M/ϕ analysis is required to obtain information about their
rotational capacity.

Accurate data input (shape and dimensions of the cross-section, arrangement, and
quantity of longitudinal and transverse reinforcement) and the properties of the materials
used (stress and strain ratio) are crucial to obtain the most accurate ratio of moment to
rotation of the cross-section. This refers primarily to the ratio between stress and strain,
which should be considered as close as possible to the actual behavior of the material
(non-linear diagrams). The accurate determination of the bending moment to rotation
diagram of reinforced concrete sections is a reliable indicator of the bearing capacity of
elements under seismic loads [30,31].

In simplified calculations of reinforced concrete elements, the connection between the
reinforcement and the concrete is considered completely fixed. This assumption can be
applied in areas where very low stresses occur between concrete and reinforcement. In
areas with high shear stresses, such as in sections around cracks, relative deformations
between concrete and reinforcement occur. For this reason, the slip effect must be used as a
parameter when analyzing the behavior of the structural element [32].

The low bond strength between reinforcement and concrete directly affects three main
deformation mechanisms: Bending, shear, and end section rotation. The results of experi-
mental research show an average 35% higher deformation capacity of elements made with
smooth reinforcement compared to elements made with ribbed reinforcement [7]. While
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the deformability of elements with smooth reinforcement is increased due to their better
ductility properties, it simultaneously decreases due to the nonseismic detailing of such
elements. Unconfined concrete has significantly lover properties in the region of plastic
hinges than confined concrete. Tests have shown that the level of the rotational capacity
is significantly affected by the amount of axial force applied and that the deformability
of the elements decreases almost linearly under the influence of such a force [33]. An
insufficient number of tests on elements with such properties suggests caution in assessing
their deformability.

In addition to rectangular, square, and circular cross-sections, which are all typical for
columns in buildings, bridge columns often have cross-sections whose seismic resistance
indicators cannot be analyzed using the previously mentioned expressions developed by
individual researchers.

The purpose of the research presented in this paper is to define the seismic resistance
indicators of the columns of the existing bridge, which have an atypical cross-section
with smooth reinforcement and without seismic details. The experimental part of this
research extends the current base of the tested column thus providing the improvement
and development of the standards for the seismic assessment of structures.

2. Experimental Testing

2.1. Specimens Information and Production

A total of 15 column specimens were prepared for experimental testing. Previous
experimental researches are presented in [34–38]. Since this research focuses on indicators
of seismic resistance of existing bridges, specimens of the test columns were modelled
according to an over-arch column of a real bridge built in 1968. This column does not have
any seismic details. Cauchy relations [39] were used to reduce the physical quantities of the
real column to the size of a specimen suitable for laboratory tests. Scaling factor 4 was used.
Comparative cross-sections and material properties of the actual column and specimen are
shown in Figure 1.

The columns were manufactured under controlled production conditions. First the
anchor base of the column including the reinforcement of the column was erected, then the
column itself was concreted. This erection process resulted with a construction joint at the
connection between the anchor block and the column. During the erection of the columns,
samples were taken to check the material properties of the concrete and reinforcement. The
static system of the test column is a console that was fixed to the laboratory floor. Several
column specimens are prepared to test different types of horizontal loads (monotonic and
cyclic) and different axial load levels (100, 125, and 150 kN). The columns differ according
to the diameter (8, 10, and 12 mm) and the type of longitudinal reinforcement (smooth or
ribbed). Details of the column samples are given in Table 1. The values of the reinforcement
area coefficient (related to the cross-sectional area) and the normalized axial force (ratio of
the applied axial force to the total cross-sectional resistance) are also given.

For later analysis and comparison of the results, the columns were divided into four
series with common parameters. The first and largest series of nine column specimens
comprised columns with the same geometric characteristics, but differing in load type and
magnitude of axial force. In the second and third series, the columns differed in the type
of load and the geometric characteristics of the cross-section, while the level of axial force
was the same. The fourth series included columns with ribbed reinforcement for different
load types and axial force levels.

By choosing the appropriate ratio of column height to section height, the dominant
bending stress of the column was ensured while the shear stress was minimized. The
magnitude of the applied axial force was determined by modal analysis of the global bridge
model using the spectral load from the actual bridge position Figure 1. The total axial force,
which is composed of the column dead weight and the seismic load, was also reduced
to experimental values using Cauchy relationships. The final result of such an approach
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in experimental modeling is that the cross-sectional rotation in the area of plastic joint
formation is the same for both the actual column and the tested specimen.

Figure 1. (a) The comparison of geometric and material properties of the existing column and model, (b) global bridge
model for assessment of actions on columns.

In order to carry out the experimental investigations, it was necessary to first investi-
gate the behavior of the column under the influence of the expected loads. The expected
displacement at the top of the column and the structural behavior of the column in the
area of the plastic joint (area of reinforcement plastification, concrete crack zone, and the
level of compressive stresses in the concrete) are important parameters that determined the
positioning of the individual measuring instruments.
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Table 1. Column specimens’ characteristics.

Sample
Designation

Reinforcement
Type

Applied
Load

Reinforcement
Diameter

Reinforcement
Area Coefficient

Axial Load
(kN)

Normalized
Axial Load

AB-NS-001-1 GA 240/360 Monotone Φ10 and Φ8 0.0081 100 0.05
AB-NS-001-2 GA 240/360 Monotone Φ10 and Φ8 0.0081 100 0.05
AB-NS-001-3 GA 240/360 Cyclic Φ10 and Φ8 0.0081 100 0.05
AB-NS-001-4 GA 240/360 Cyclic Φ10 and Φ8 0.0081 100 0.05
AB-NS-001-5 GA 240/360 Monotone Φ10 and Φ8 0.0081 150 0.07
AB-NS-001-6 GA 240/360 Monotone Φ10 and Φ8 0.0081 150 0.07
AB-NS-001-7 GA 240/360 Cyclic Φ10 and Φ8 0.0081 150 0.1
AB-NS-001-8 GA 240/360 Cyclic Φ10 and Φ8 0.0081 150 0.1
AB-NS-001-9 GA 240/360 Cyclic Φ10 and Φ8 0.0081 125 0.08

AB-NS-002-1 GA 240/360 Monotone Φ12 and Φ10 0.0120 125 0.07
AB-NS-002-2 GA 240/360 Cyclic Φ12 and Φ10 0.0120 125 0.07

AB-NS-003-1 GA 240/360 Monotone Φ12 and Φ8 0.0103 125 0.07
AB-NS-003-2 GA 240/360 Cyclic Φ12 and Φ8 0.0103 125 0.08

AB-NS-004-1 B 500B Monotone Φ10 and Φ8 0.0081 100 0.07
AB-NS-004-2 B 500B Cyclic Φ10 and Φ8 0.0081 150 0.10

Geometric features for the numerical model were taken over from the experimental
model according to the dimensions. During the planning of the experiment the prop-
erties of the materials used were not yet known, so that for this numerical model the
assumed values are similar to those in the documentation of the bridge project. A nonlinear
numerical analysis of the column was performed, considering the material and geometri-
cal nonlinearity, and the results obtained were important for the further planning of the
experiment.

The test specimen consisted of two parts, an anchor block, and the column itself. The
dimensions of the anchor block 90 × 80 × 45 cm were defined by conditions to achieve a
firm fixation in the laboratory floor. All specimens had the same dimensions, with only
minimal deviations that occurred during the erection. The height of the column measured
from the anchor block was 185 cm. The cross-sectional shape of all columns was a polygon
with maximum dimensions of 40 × 20 cm. The dimensions of the column specimens and
the reinforcement details are shown in Figure 2.

The longitudinal reinforcement of the column was continuous over the entire length.
The bars ended with hooks to achieve a good anchorage between the reinforcement and the
concrete. The column specimens differed in the cross-section depending on the amount of the
longitudinal reinforcement. A typical arrangement consists of four bars arranged around the
center of the cross-section and four bars at the edges of the cross-section. Table 1 shows the
diameters of the longitudinal reinforcement for each column specimen (the first diameter is
for the reinforcement in the center of the cross-section and the second diameter is for the edge
reinforcement). The amount of longitudinal reinforcement in the cross-section area was in
the range of 0.8–1.2% and is shown in Table 1. The transverse reinforcement consisted of a
four-legged stirrup of smooth bars Ø6 mm with a spacing of 25 cm. The position of the initial
stirrup was shifted by half the distance of the transverse reinforcement from the cross-section
with the maximum bending moment in order to reduce the effects of confinement around the
concrete crushing area.
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Figure 2. Column (series 001) and reinforcement details.

2.2. Test Setup and Protocol

Special equipment adapted to the dimensions of the column was used to test the
column specimens in order to ensure fixed conditions in the laboratory floor and sufficient
force introduction into the column. The joint axis of the fixing anchor bolts passing through
the column foot are perpendicular to the axis of the horizontal press and is located in the
axis of the column. Such an anchoring position did not provide sufficient fixation, so that
an additional steel grid had to be erected to ensure fixation to the laboratory floor. The steel
frames on which the presses are located were additionally stiffened with struts to minimize
the displacement of the anchoring points of the press.

All 15 specimens were loaded with axial and horizontal force at the top of the column
(end of the static cantilever system). A total of two presses were used to apply this force—a
vertical press with a capacity of 1000 kN and a horizontal press with a capacity of 250 kN,
both with hinged connection to the steel frame. The load transfer from both presses was
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achieved by a specially designed steel cap at the top of the column. The horizontal press
was located at a height of 2.3 m above the laboratory floor. The horizontal press was
supported by a hinged connection to the frame structure and the connection to the column
cap. Due to the rotation of the column cap and thus the axial displacement of the horizontal
press, it was additionally supported at its other end. The elements and dimensions of the
test set-up are shown in Figure 3.

Figure 3. Test setup.

In the first phase, the desired value of the axial load was applied by a vertical press
(Table 1). The vertical force was applied by means of a force control. Due to the large
number of measuring points, all measuring points were checked after the force was applied
and the position of a single measuring instrument was recorded. The first test phase was
the same for all test specimens. In the second phase a horizontal load was then applied.
The second test phase differed depending on the type of load (monotonic, cyclic). The
horizontal load was applied by the displacement control method, i.e., a time interval is
defined in which a certain displacement is reached. The horizontal force was measured by
a compression–tension dose with a capacity of 100 kN. This type of dose had to be used
because of the cyclical input of the horizontal force at the top of the column. Due to the
horizontal displacement at the top of the column, the vertical press rotates and was thus
stretched. This leads to a decrease in the press force, so that a constant force correction is
required to keep the vertical force constant. At this stage the displacement in the horizontal
press increases until the specimen fails. The effect of the rotation of the vertical press results
in an additional horizontal force that acts together with the horizontal press. This effect
can be seen in Figure 4.
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Figure 4. Effect of the vertical press rotation to a horizontal force component.

Before starting the test, the distances of the individual press supports and the positions
of the axis of the steel cap dowels in relation to the column axis were known (Figure 4).
During the test the displacement of the column top Δ was measured with an LVDT mea-
suring device, and the rotation of the axis of the column top β was measured with an
inclinometer. In addition to the geometrical measurements, the components of the forces
in the direction of the axis of each press were also measured. The actual vertical and
horizontal force components acting on the column top were further determined according
to the relationships shown in Figure 4.

2.2.1. Monotonous and Cyclic Load Application

During the testing of the specimens, the increase of the horizontal load was controlled
by manually entering the displacement of the horizontal press. In the case of a monotonous
load, the curve of the displacement increment was programmed so that the horizontal
press rested for a certain time (1 min) after each 10 mm displacement increment in order to
check the measuring points (Figure 5). These pauses during the test were also necessary to
determine the development of cracks and to mark and measure their widths.
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Figure 5. Load input curves by displacement control; left: monotonous load; right: cyclic load.

The quasi-static cyclic load input report was preformed according to the guidelines
given in [40].

The following guidelines were adopted in the testing protocol:

• In total, two load cycles were performed for each load (displacement) amplitude;
• More than six load cycles (8 cycles) have been carried out until the lowest damage limit
• The value of the maximum amplitude was determined from the monotonous testing

of the elements
• The number of load input cycles was more than 10 (22 cycles)
• Each subsequent load amplitude is approximately increased according to the follow-

ing expression:
αi+1 = 1.4 × αi (1)

where αi is the amplitude of the previous step and αi+1 is the amplitude of the next
step.

A cyclic curve was formed according to the above guidelines and then applied with a
computer-controlled horizontal press by entering a displacement cycle from 0 to 100 mm.

The displacement was increased until the moment of failure of the concrete in the
compression section at the bottom of the column. After the maximum horizontal displace-
ment was reached and all the measuring points were recorded, the horizontal press was
returned to its initial position, followed by the unloading of the vertical press.

The maximum displacement of the top of the column was 100 mm for all monotonically
tested specimens. In all tested specimens, failure occurred in the compressive area of the
concrete in the lower section of the column.

2.2.2. Measuring Instruments and Measured Parameters

Several different measuring instruments were used during the test (Figure 6). Strain
gauges were attached to reinforcing bars prior to concreting, LVDT extensometers were
placed at characteristic locations on the outer surface of the column, LVDT measuring
instruments were used to control the displacements of characteristic points and to measure
the relative deformations of the end section, inclinometers were used to measure column
rotation and dial gauges without electronic recording were used to cheque the displacement
measurements. In addition to the above mentioned measuring instruments, LVDT was
also installed in the presses and measuring doses to define the magnitude of the load and
displacement of the press at each test step. Most of the measuring instruments were located
near an expected plastic joint.
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Figure 6. Positions of measuring spots.

The stress level and deformation in the longitudinal reinforcement bars was moni-
tored by strain gages installed during the concreting of the specimens. The position and
number of the strain gages were not the same for each specimen. Since there were several
parameters determined by experimental analysis, the strain gages were placed in the most
suitable locations for recording the results of each parameter. All columns had built-in
strain gages on the rebars in the area of the end section in the compression and tension
zones. In most cases one strain gage is installed in the compression zone and two strain
gages in the tension zone. For monotonically tested specimens, the compression zone
of the cross-section is uniquely determined, whereas for cyclically tested specimens the
compression zone is considered to be the one in which compressive stresses occur in the
first load cycle. For monotonically tested specimens, which are marked AB-NS-001-2,
AB-NS-001-6, and AB-NS-004-1, four additional strain gages were installed at the height of
the plastic joint on the tensile reinforcement at distances from the end section of 100, 200,
250, and 300 mm. Cyclically tested column specimens marked AB-NS-001-4, AB-NS-001-8,
AB-NS-001-9, AB-NS-002-2, and AB-NS-003-2 had strain gage pairs (compression-tension
side) at heights of 100, 200, 250, and 300 mm. An additional stress level was monitored
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by a strain gage installed in the anchor foot just below the end section on the columns
with the designation AB-NS-001-1; AB-NS-001-3; AB-NS-001-5; AB-NS-001-7; AB-NS-001-9;
AB-NS-002-1-2; and AB-NS-003-1-2. HBM K-CLY4-0030-1-120-3-020-N strain gages with a
3 mm measurement base were used. Figure 7 shows the arrangement of the measuring
devices near the plastic joint. The column AB-NS-001/18/9-9 is shown in this figure, as
this column had the most measurement points.

Figure 7. The position of measuring instruments in the vicinity of the plastic joint for column
AB-NS-001/18/9-9.

LVDT extensometers were placed at the level of the plastic joint formation on both
sides of the column to measure the relative deformations. Strain transducers with a
measurement base length of 100 mm were used. A pair of strain transducers were placed
at the bottom of the column to measure the relative deformations near the end section of
the column. Due to its dimensions, the measuring instrument cannot be placed at the end
section itself, but 150 mm from the bottom of the column. A second pair of extensometers
was placed at the level of the plastic joint, the position of which was obtained from the
numerical analysis. This served to obtain the relative deformations at this point and to
confirm the accuracy of the numerical calculation. From the experimentally obtained values
of relative deformations, the cross-sectional rotations were calculated, but also, if found,
the crack width around the measured base of the extensometer was recorded.

The measurement of the displacement at the column top was performed with an LVDT
instrument with a measured base of 250 mm. This displacement was also controlled by
the LVDT installed in the horizontal press. Together with the inclinometer, which was
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mounted in the upper third of the column, this displacement provided all necessary values
for the calculation and correction of the forces applied at the top of the column.

The expected rotation of the end section in relation to the base was measured with two
LVDT gages mounted on the column surface with a measuring rod resting on the column
base. In combination with the results of the internal strain gage and the data from this
LVDT, it was possible to determine the rotation of the end section due to the loss of bond
strength between the concrete and the smooth reinforcement.

2.3. Testing of Material Mechanical Properties

A total of five series of three column specimens were erected. In total, three samples
were taken from each series to test the compressive and tensile strength of concrete and the
static and dynamic modulus of elasticity Figure 8. The compressive and tensile strength of
concrete was tested on cubes of 150 × 150 × 150 mm, the modulus of elasticity on prisms of
100 × 100 × 400 mm according to standardized methods [41–45]. The average values of the
results obtained are shown in Table 2. For each series of columns, differences in properties
were found. The values obtained from the tests were used in the further analysis.

 

Figure 8. Performance testing of concrete and steel.
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Table 2. Performance of concrete.

Series
fcm,cube

Derive from Testing
(MPa)

fcm=
0.8fcm,cube/0.92

(MPa)

fck=
fcm-8
(MPa)

fck,cube=
fck/0.8
(MPa)

Ecm=
Derive from Testing

(GPa)

1 47.27 41.10 33.10 41.38 33.62
2 47.93 41.68 33.68 42.10 33.76
3 35.97 31.28 23.28 29.10 30.97
4 40.83 35.50 27.50 34.38 32.17
5 36.23 31.50 23.50 29.38 31.04

Smooth and ribbed reinforcement bars were both used for the reinforcement, depend-
ing on the individual column specimen. The reinforcement test is shown in Figure 8. For
longitudinal bars smooth (Ø8, Ø10, and Ø12 mm profiles) and ribbed reinforcement (Ø8
and Ø10 mm profiles) were used. The mean values of the reinforcement properties derived
from testing are shown in Table 3. The transverse reinforcement was made of smooth bars
with a diameter of Ø6 mm.

Table 3. Performance of reinforcement.

Type of
Reinforcement

Reinforcement
Diameter

Es
(MPa)

fyk

(MPa)
ftk

(MPa)
εyk

(‰)
εsh

(‰)
εuk

(‰)

Smooth reinforcement
GA 240/360

Ø8 2.1 × 105 375.0 492.0 1.786 8.581 119.0
Ø10 2.1 × 105 402.0 539.0 1.914 13.95 129.0
Ø12 2.1 × 105 346.0 470.0 1.649 13.52 141.0

Ribbed reinforcement
B 500B

Ø8 2.0 × 105 597.0 676.0 2.98 12.4 42.6
Ø10 2.0 × 105 571.0 643.0 2.855 12.0 46.43

3. Numerical and Analytical Analysis

In order to compare the experimentally obtained results, a numerical and analytical
analysis of the ratio of moment and rotation of the end section was carried out. To obtain
the best possible comparison, the properties of the material obtained experimentally on the
samples taken during the erection of the columns were used.

The numerical analysis was performed with a commercial software professionally
used for bridge structures using FEM. A non-linear numerical analysis was used, which
included material and geometric non-linearity. The material properties were taken as
material working law diagrams (stress/deformation ratio) for concrete (Equation (2)) and
for reinforcement (Equations (3)–(5)). These expressions resulted in a good match of the
constitutive laws with the experimentally obtained ones. The quantities and the position
of the reinforcement in each cross-section of the column were taken in the same way as
in the experimentally tested specimens. Numerical column models comprise cantilever
3D beam finite elements (mesh size 2 cm) with 6 degrees of freedom which are fixed for
all translations and rotations at the point corresponding to the connection of the column
and the anchor block. The beam axis was assigned the column cross-section in its center
of gravity. Model of the column was then loaded horizontally in steps corresponding to
those performed in the experimental tests. The load increase was carried out until the
load-bearing capacity of the element was reached. The vertical axial load was entered
immediately at the beginning of the calculation and remained unchanged until the end of
the calculation. The amount of the axial load changes for different columns (Table 1). Due
to the properties of the software package used, it was possible to perform the calculation
until the maximum concrete stress value and the corresponding relative deformation was
reached. Then the ratio of moment and rotation of the final cross-section was observed.
Points of interest, such as the yield strength, are marked to compare the results. Only
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the monotonic load was applied in the numerical analysis and the results obtained were
processed for comparison with experimental and analytical results.

The analytically obtained ratio of moment and rotation of the end section is presented.
This ratio is described by three characteristic points in the curve, which represent the cross-
sectional state due to the load increase. The first domain is up to the point where the first
crack occurs, followed by the domain until the yield strength of the reinforcement is reached
(or concrete compressive failure), and finally the domain until the load bearing capacity of
the cross-section is reached (concrete tensile strength or compression zone failure). The
domain between the characteristic points was achieved by gradually increasing the load.
Non-linear material properties were used. The non-linear stress-strain ratio specified in [46]
was used for concrete, while the ratio specified in [47] was used for reinforcement.

σc

fcm
=

k · η − η2

1 + (k − 2) · η
(2)

where σc and εc are compressive stress and strain respectively. The coefficients η and k are
given in [32].

0 ≤ εs ≤ εykσs = Es · εs ≤ fyk (3)

εyk ≤ εs ≤ εshσs = fyk (4)

εsh ≤ εs ≤ εukσs = ftk −
(

ftk − fy
)( εuk − εs

εuk − εsh

)2
(5)

In Equations (3)–(5), εs and fs are the reinforcement steel strain and stress, Es is the
elasticity module, fu and εsu are the stress and strain at the ultimate stress, fy and εy are the
stress and strain at the yielding.

As the cross-section was not seismically designed, the influence of the concrete re-
inforcement confinement was not considered, i.e., the stress–strain ratio of unconfined
concrete was used. The method itself includes the analysis of the equilibrium of internal
and external forces acting on the cross-section. The internal forces resulted from the ten-
sion and compression part of the concrete cross-section and the force in the tension and
compression reinforcement, while the external forces were the axial compression force and
the bending moment. The irregular shape of the cross-section was divided into a sufficient
number of strips with the corresponding values of stresses and strains, which were then
integrated into the resultant of the compression and tension zone of the concrete. The
analytically obtained ratio agreed well with the numerically obtained results, as shown
in chapter 4.4. Due to the large number of parameters that have different influences on
the cross-sectional behavior, the analysis of the influence of each parameter on the ratio of
moment and cross-section rotation helped in understanding the results of the experimental
analysis. The method of analysis used is presented in [48].

4. Experimental Results and Discussion

The results of the monotonically and cyclically tested specimens are given below. The
results are presented in the form of the ratio of moment and rotation of the cross-section
at several points in the area of the plastic joint (Figure 9 and Figure 13). The width and
distribution of the cracks along the height of the element is shown in Figure 11. The rotation
of the cross-section was measured at three points along the height of the element, starting
at the bottom of the column. The first point is located directly at the connection of column
and anchor block, the second point is located at a height of 150 mm from the bottom of the
column, while the third point is 350 mm from the bottom of the column.
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Figure 9. Moment to rotation ratio for monotonously tested column specimens: (a) end section;
(b) section at 150 mm height; (c) section at 350 mm height.

Knowing the level of the horizontal and vertical force and the displacement and
rotation of the top of the column, the bending moment in each section was determined.
The bending moment of a single section includes the influence of the horizontal force
component, the influence of the vertical force due to the rotation of the vertical press, and
the influence of the vertical force due to the displacement of the column top (P-Δ effect).

There are many parameters that influence the result of the relationship between
bending moment and section rotation. The interaction of the individual parameters makes
it difficult to define the degree of influence of each parameter on the indicators of seismic
resistance of the element. Therefore, in the next chapter separate results for monotonically
and cyclically loaded specimens are presented and commented on in detail in order to
draw final conclusions.

4.1. Monotonously Tested Specimens

In total, seven column specimens were tested with a monotonic load. The speci-
mens AB-NS-001-1, AB-NS-001-2, AB-NS-001-5 and AB-NS-001-6 are made with smooth
reinforcement and have the same cross-sectional properties (same amount of reinforcement-
central reinforcement 4 × Ø10 and corner reinforcement 4 × Ø8). The first two specimens
were loaded with a force of 100 kN, while the other two specimens were loaded with a
force of 150 kN. The specimens AB -NS-002-1 and AB -NS-003-1 were loaded with the same
force of 125 kN, but had different diameters of the longitudinal reinforcement bars. The
central cross-sectional reinforcement (4 × Ø12) is the same for both specimens. The corner
reinforcement is different, it is 4 × Ø10 in the first specimen, while it is 4 × Ø8 in the second
specimen. The last monotonically tested specimen with the designation AB-NS-004-1 was
produced with ribbed reinforcement, 4Ø10 as central reinforcement and 4Ø8 as corner
reinforcement. This specimen was loaded with an axial force of 100 kN. The geometrical
properties and the type of longitudinal reinforcement of each column are given in Table 1,
while the mechanical properties of each type of reinforcement are shown in Table 3.

For monotonically tested specimens, the analyzed results of the moment and the
rotation ratio showed a clear correlation. The main characteristic of all tested specimens
is a high ductility due to the plastic deformation of the smooth reinforcement around the
plastic joint resulting in a large displacement at the top of the column. The behavior of the
column in three characteristic cross-sections of the monotonically tested column specimens
is shown as the M/ϕ relationship in Figure 9.

Experimentally obtained curves show three characteristic domains of the ratio of
moment and rotation of the cross-section: the domain until the occurrence of the first crack
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(the initial part of the diagram where the curve of the ratio of moment and rotation for
all samples coincides), the linear elastic domain until the occurrence of the cross-section
yield (the part of the diagram from the beginning of the separation of the curves up to the
beginning of the horizontal part of each curve) and the plastic domain up to the limit state
of the bearing capacity of the cross-section (the horizontal part of the diagram).

After the first crack has appeared, there is a significant separation of results for each
sample. The reasons for this are differences in cross-section properties, material properties,
and changes in axial force.

When the yield strength of the reinforcement is reached, we move to the third domain
of the diagram, which shows a small slope of the curve tangent for all monotonically
examined samples. This relationship between moment and cross-section rotation is then
continued until the specimen fails.

From the ratio of moment and cross-section rotation it is clear that in the end cross-
section and cross-section at a height of 150 mm there is a yield area, whereas in a cross-
section at a height of 350 mm the yield area only occurred in two tested specimens (in
one specimen AB-NS-004-1 with ribbed reinforcement and in one specimen AB-NS-001-2,
which showed a different crack pattern). All tested specimens manufactured with smooth
reinforcement have a pronounced plastic area that is five times or more larger than the
elastic area. The influence of the axial force on the bearing capacity is also visible, as well
as the influence on the rotation of the cross-section around the plastic joint. A higher
axial force leads to a higher bending resistance of the cross-section, but also to a slightly
lower rotation of the cross-section when reaching the final limit state. This can be seen
from a comparison of monotonically tested columns loaded with an axial force of 100 kN
(AB-NS-001-1) and columns loaded with a force of 150 kN (AB-NS-001-5). These specimens
have the same cross-sectional properties but different axial force levels.

Besides the influence of the axial force, the influence of the amount of the longitudinal
reinforcement is also clearly visible. The samples AB-NS-002-1 and AB-NS-003-1 were
produced with different diameters in the corners of the column (AB-NS-002-1: 4 × Φ10,
AB-NS-003-1: 4 × Φ8), whereby a larger amount of reinforcement is expected to increase
the load-bearing capacity of the column. These two specimens were tested with the same
axial force (125 kN) and were erected in the same series so that their concrete properties
are the same. It should be noted that in addition to the amount of horizontal force and the
amount of reinforcement (diameter), there are also differences in the mechanical properties
of the installed reinforcement.

In order to compare the influence of the different types of reinforcement, the results of
the experimental testing of three specimens, which were carried out with the same amount
of reinforcement, are compared. Specimens AB-NS-001-1 and AB-NS-001-2 were made with
smooth reinforcement, while specimen AB-NS-004-1 was made with ribbed reinforcement.
The same axial force (100 kN) was applied to all three specimens by experimental testing.
When examining the moment to rotation ratio of the end cross-section, we can see that the
specimen made with ribbed reinforcement can reach a limit moment almost 40% higher
than the specimen with smooth reinforcement with the same properties. The same can be
concluded by observing the other two cross-sections in which the relative deformations
have been measured, thus determining the ratio of moment and rotation of the cross-
section. From this it can be concluded that the specimen made with ribbed reinforcement
has a higher load bearing capacity than the specimens made with smooth reinforcement.
It should be emphasized that by testing the compressive strength of the concrete on
cubes of specimens made with ribbed reinforcement, the mean compressive strength was
determined to be 36.2 MPa, while the same was determined for specimens with smooth
reinforcement at 47.3 MPa. From this it can be concluded that the load-bearing capacity
of the specimen would have been even higher if it had been made from the concrete with
the same properties as those of the two specimens made with smooth reinforcement. If we
compare the end cross-sectional rotations of these specimens, we can see that a specimen
made with ribbed reinforcement has a significantly lower value of cross-sectional rotation
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on failure than specimens made with smooth reinforcement with the same geometrical
properties and the same level of applied axial force. However, if we look at the rotation
of other measured cross-sections along the height of the ribbed reinforced specimen, we
can see that a slightly higher value of rotation was measured at failure than for smooth
reinforced specimens. From this we can conclude that the cross-sectional rotation is more
evenly distributed over the height of the member in the ribbed reinforcement specimen
than in the specimens made with smooth reinforcement where the dominant rotation
occurs in the end cross-section and in the cross-section where the first crack occurs.

Most of the monotonically examined specimens made with smooth reinforcement do
not show a clear boundary between the areas in the diagram. If one considers bending
moment and section rotation ratio for all tested specimens, it is not possible to determine
the beginning of the reinforcement yield clearly. The reason for this is the loss of bond
strength between the concrete and the reinforcement, which significantly influences the
cross-sectional rotation. The gradual reduction in the stiffness of the element makes it
difficult to detect the appearance of the first crack. For specimens with ribbed reinforcement,
these limits are somewhat more pronounced.

The effect of gradual loss of bond strength and its influence on stiffness is visible in a
constant change of the tangent slope almost from the beginning of load introduction (the
ratio M-ϕ does not show a constant tangent slope until the first crack). This is particularly
evident in the diagram of the ratio M/ϕ of the end section. In the two other observed cross-
sections, the characteristic points in the diagram are more clearly visible (sudden jumps in
the slope of the tangent of the diagram). The tested column specimen AB-NS-001-6 shows
a sudden loss of stiffness immediately at the beginning of the test, followed by a strong
increase in stiffness with the ratio M/ϕ almost vertical. This is considered to be caused
by a slippage between concrete and reinforcement at the beginning of the test due to a
larger unanchored part of the bar as a result of the column erection method, which then
causes a decrease in stiffness. As the process progresses, the effects of slipping become less
pronounced and lead to a significant increase in stiffness.

4.2. Specimens Cracking

The pattern of crack development of all monotonically tested specimens made with
smooth reinforcement is characterized by the occurrence of two dominant cracks. The first
crack is a crack of the previously mentioned end cross-section. The second crack occurs in
most specimens near the first stirrup (125 mm from the bottom of the column).

A monotonically tested specimens showed a crack at a height of 200 mm, which differs
significantly from all other specimens (the ratio of moment and cross-sectional rotation of
this specimen also showed differences compared to other tested specimens). These two
cracks at the bottom of the column have a constant change in width as the displacement
of the top of the column increases and have a significant effect on the amount of element
rotation around the plastic joint. Other cracks along the height of the column do not
show significant width growth during the test (in some cases it even decreases). The crack
width measurements of each specimen are shown in Figure 10. The results given apply to
monotonic (designation M) and cyclic (designation C) specimens.
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Figure 10. View of the crack in the area of plastic hinges.

The cracks shown are located on the plastic joint itself, but also in the immediate
vicinity. The crack designations contain the distance of the observed crack from the bottom
of the column. The figure shows the dominance of the crack at the end cross-section and the
smaller but still significant influence of the first crack from the bottom of the column of all
monotonically tested specimens. For monotonically tested specimens (AB-NS-004-1) made
with ribbed reinforcement, the crack width at the end section is almost half of the crack
width of specimens made with smooth reinforcement. The crack in the end cross-section
is also significantly less pronounced compared to the first crack from the bottom of the
column. The occurrence of cracks in the sample with ribbed reinforcement was observed
up to a height of 1.2 m from the bottom of the column, whereas in the samples with smooth
reinforcement the height of the crack reached only 0.65 m. In total, two specimens made
with a larger amount of longitudinal reinforcement (AB-NS-002-1 and AB-NS-003-1) also
show a smaller crack width in the end section and thus a lower dominance of the crack in
relation to the adjacent crack. It should be noted that a larger amount of reinforcement was
achieved by increasing the reinforcement diameter, while the position and distribution of
the reinforcement over the cross-section remained almost the same (the only difference is
the position of the center of gravity due to a larger bar diameter).

Figure 11 shows the width and distribution of cracks at the location of the plastic joint
and in its vicinity for cyclically tested specimens. For almost all cyclically tested specimens,
the dominance of the crack is visible at the end cross-section. In contrast to the monotonous
tests, these tests show that the second crack from the bottom of the column is significantly
less dominant and does not deviate much from the other cracks above. According to the
measured crack sizes at the location of the plastic joint and in its immediate vicinity, the
specimens with ribbed reinforcement behave in the same way as specimens with smooth
reinforcement. The difference is only visible in the height at which cracks occur. In the case
of the cyclically tested specimen with ribbed reinforcement, cracks appear up to a height of
1 m, whereas in the case of specimens with smooth reinforcement the crack height is the
same as in the monotonously tested specimens and is about 0.65 m.
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Figure 11. Crack width and position around plastic joint in relation to column top displacement.

4.3. Cyclically Tested Specimens

Cyclic load tests were carried out on eight column specimens. Figure 12 shows the
hysteresis loop for one test column obtained through the ratio of the transverse load and
the displacement of the column upper end. A gradual increase in the area of the hysteresis
loop with an increase in the displacement cycle is visible, which results in greater energy
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dissipation. The low bond strength between reinforcement and concrete affects pinching
effect. The gradual reduction in stiffness in each cycle is favorable in term of the seismic
resistance of the columns. For cyclically tested specimens, the results were prepared in
such a way that envelope curves were derived from the hysteresis curves, which connect
the extreme values of the curves and thus define the relationship between moment and
cross-sectional rotation, which can be analyzed further.

Figure 12. Hysteresis cycles in one of the specimens.

As with monotonically loaded specimens, the diagram of the ratio of moment to
rotation obtained here can be divided into three characteristic areas. In the second area,
the results for each specimen differ due to the geometrical and material properties of the
individual specimen and the amount of axial load. Figure 13 shows the behavior of a
single column specimen in three characteristic cross-sections around the plastic joint area.
Their analysis shows the influence of each parameter on the load bearing capacity and
deformability of the column.

The specimens AB-NS-001-3, AB-NS-001-4, AB-NS-001-7, AB-NS-001-8, and AB-NS-
001-9 are made with smooth reinforcement and have the same cross-sectional properties.
The longitudinal reinforcement in the central part of the cross-section is 4 × Ø10, while the
reinforcement in the corners is 4 × Ø8. The differences are only in the applied axial load
and the concrete properties, as they are not all from the same series. The first two specimens
were loaded with an axial force of 100 kN, the other two with a force of 150 kN, while the
last specimen was loaded with a force of 125 kN. For the first two specimens, the mean
compressive strength of the concrete tested on cubes was 47.5 MPa, while the other three
specimens were loaded with 36.0 MPa. The specimens AB-NS-002-2 and AB-NS-003-2 were
loaded with the same axial force of 125 kN, but their geometrical and material properties
of the cross-sections are different, as they are made with smooth reinforcement. As with
the monotonically tested specimens of the same series, the differences are in the amount
of the reinforcement. The longitudinal reinforcement in the middle of the cross-section is
Ø12 mm. In the first specimen, the corner bars are Ø10 mm, in the second specimen these
bars are Ø8 mm. The concrete compressive strength test showed a small difference in the
average compressive strength for both specimens, as they were not erected in the same series.
The average compressive strength of 40.8 MPa was measured in the specimen AB-NS-002-2,
while the compressive strength of 36.2 MPa was measured in the specimen AB-NS-003-2. The
specimen AB-NS-004-2 is made with ribbed reinforcement. The reinforcement around the
center of the cross-section is Ø10 mm, while the corner reinforcement is Ø8 mm. The average
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compressive strength of the concrete cube is 36.2 MPa. The specimen was loaded with an
axial force of 150 kN.

Figure 13. Moment to section rotation ratio of cyclically tested specimens: (a) end section; (b) 150 mm
higher section; (c) 350 mm higher section.

A characteristic failure of all specimens occurs as crushing of the concrete in the
compression area around the end section after large deformations of the tensile area due
to the loss of bond strength between reinforcement and concrete and the yielding of
the reinforcement.

As with the monotonically tested specimens, no clear boundaries are visible between
the individual areas of the M/ϕ ratio of the end section diagram, while in the other two
sections these boundaries are more pronounced. The reason for this is again the loss of
bond strength between the reinforcement and the concrete, where there is no sudden
change in the slope of the diagram due to the loss of stiffness after crack formation. In
cyclically tested specimens, the effect of the loss of bond strength between reinforcement
and concrete on the decrease in stiffness during loading with horizontal force is not visible,
as was the case with a monotonically tested specimen.

The influence of the axial force on the displacement–force ratio is visible in the first four
cyclically tested specimens. During the test, the specimens AB-NS-001-3 and AB-NS-001-4
were loaded with a lower axial force than the specimens AB-NS-001-7 and AB-NS-001-8,
resulting in a lower cross-sectional load capacity. It should be noted that the compressive
strength test showed that the first two sets of specimens had a concrete compressive
strength one class higher than the other two (47.5/36.0 MPa). It can therefore be assumed
that the differences would be even greater for the same concrete properties. Looking at
the rotation of the cross-section when the failure is reached on the same specimens, it can
be seen that for both specimens with a smaller value of the axial force, the rotation of the
cross-section is higher. Specimen AB-NS-001-9 was tested with an axial force of 125 kN.
The load bearing capacity of this specimen is between the specimens tested with forces of
100 and 150 kN, while its rotation is lower than that of the other specimens tested in this
series, which is also due to the lower compressive strength of the concrete.
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The specimens AB-NS-002-2 and AB-NS-003-2 were made with different amounts of
reinforcement in the corners. The column AB -NS-002-2 column has a larger amount of
reinforcement (4Φ10) than the column AB-NS-003-2 (4Φ8), so the load-bearing capacity is
higher as expected.

If we compare columns AB-NS-001-7, AB-NS-001-8, and AB-NS-004-2, we can see
differences in the load-bearing capacity of smooth and ribbed reinforcement of cyclically
loaded columns. These columns are made with the same amount of reinforcement, have
approximately the same concrete properties and are loaded with the same axial force,
but the column made with ribbed reinforcement AB-NS-004-2 showed a 30% higher load
bearing capacity than the column made with smooth reinforcement. If we observe the
rotation of the end cross-section of specimens with the same geometric properties and the
same amount of axial force applied, we see that the specimen tested with ribbed reinforce-
ment has a slightly lower rotation on failure than the specimens produced with smooth
reinforcement. The difference here is not as pronounced as in the case of monotonically
tested specimens.

The results of measuring the relative deformations of the cross-section at a height of
150 and 350 mm from the bottom of the column and the corresponding values of cross-
section rotation show the behavior of the column at the plastic joint. For the cross-section
at a height of 150 mm from the bottom, we can see that in most of the tested specimens
a third area, i.e., the area of plasticization, was present. At a height of 350 mm from the
bottom, the two specimens reached the values where plastification takes place.

4.4. Comparison between Results of Analytical and Numerical Analysis

By measuring the relative deformations at the location of the extremely loaded cross-
section (at the bottom of the column), the amount of cross-section rotation at which the
yield strength of the reinforcement was reached was determined. The results obtained were
compared with the values of the cross-section rotation when the yield strength obtained by
analytical and numerical methods was reached. As the analytical and numerical results do
not include the effect of slippage of the smooth reinforcement, a significant difference of the
experimentally obtained cross-section rotation when reaching the yield strength is visible.

Figure 14 (above) shows the moment and rotation ratios for the end cross-section of the
two monotonically tested specimens. Experimentally, analytically, and numerically obtained
curves are compared in the diagram. The first specimen was made with smooth reinforcement
(Figure 14 top left) and the second with ribbed reinforcement (Figure 14 top right).

The point of reaching the yield strength obtained by experimental tests is shown by a
rhombus marking, while the point of reaching the analytically and numerically obtained
yield strength is shown by cross and triangle markings. The cross-sectional rotation at the
point of reaching the analytically and numerically obtained yield strength almost coincides,
while the difference of the experimentally obtained rotation angle in comparison with
the two previous analyzes is marked with the notation Δϕ. The given diagrams clearly
show the differences in the angle of rotation of the cross-section when reaching the yield
strength of the specimen made with smooth reinforcement and the specimen made with
ribbed reinforcement. Specimens with smooth reinforcement show a significantly greater
deviation of the experiment results from the numerical or analytical analysis.

The values of the angle of rotation angle when reaching the yield strength of other
monotonically tested columns are shown in Figure 15. A comparison of the results for
the end section and two sections where relative deformations were measured in relation
to the results obtained analytically and numerically is given. The results of the tested
specimens with smooth reinforcement show on average a five-times higher rotation of the
experimentally obtained end section when reaching the yield point compared to the results
obtained with analytical and numerical methods which do not take into account the effect
of slippage from the anchoring area (Figure 15). For specimens with ribbed reinforcement
(AB-NS-004), the rotation angles of the end cross-section when reaching the yield point

72



Appl. Sci. 2021, 11, 2658

in the experiment have a significantly smaller difference from the results obtained by
analytical and numerical analysis (two-times the rotation of the experimental result).

Figure 14. Moment to section rotation ratios: (a) monotonous specimen with smooth reinforcement; (b) monotonous
specimen with ribbed reinforcement; (c) cyclical specimens with smooth reinforcement; (d) cyclical specimen with ribbed
reinforcement.

After opening the first crack, specimens made with smooth reinforcement also show a
greater deviation of the experimentally obtained moment to rotation curves compared to
specimens with ribbed reinforcement. The effect of slipping of the smooth reinforcement
from the anchorage area on the side of the anchor block and the column body itself
influences the rotation of the cross-section as soon as the first crack occurs.
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Figure 15. Section rotation when reaching yield point for monotonously (M) and cyclically (C) tested specimens.

The greater distance between the anchoring points of the smooth reinforcement leads
to a greater relative deformation of the bar and thus to a greater rotation of the cross-section,
which then accumulates at the end cross-section. From this it can be concluded that the
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ribbed reinforcement bars are better anchored in the concrete, which leads to a shorter
length where relative deformation occurs, and thus to a smaller angle of rotation of the
end cross-section.

To compare the ratio of moment and cross-sectional rotation of smooth and ribbed
reinforcement under cyclic loading, comparative M/ϕ diagrams of two specimens with
smooth and one specimen with ribbed reinforcement are shown in Figure 14 (below). In
addition, the locations where the yield strength of the reinforcement is reached are marked
according to different analysis methods. For cyclically tested specimens, the difference
between the angle of rotation when the yield point is reached, which was determined by
experimental analysis, and those determined numerically and analytically for smooth and
ribbed reinforcement is significantly smaller than for monotonously tested specimens. This
leads to the conclusion that these two types of reinforcement around the plastic joint behave
similarly with regard to bond strength under cyclic loading. Alternating load cycles with a
compression–tension effect causes the concrete to be crushed near the reinforcement ribs,
which causes the non-anchored part of the ribbed bar to increase in size and thus behave
like smooth reinforcement, so that the results for both smooth and ribbed reinforcement
are closer together.

The results of measurements on cyclically tested specimens made with smooth re-
inforcement show similar behavior near the end cross-section as monotonically tested
specimens. The rotations of the end section and the section where the first crack occurs
are dominant. For cyclically tested specimens, the difference between the experimental
results of the end section rotation when the yield strength is reached, and the analytical
and numerical results is somewhat smaller compared to monotonically tested specimens.
On average, the difference is four-and-a-half-times higher than the difference between
the rotation of the experimental measurements compared to the analytical and numerical
results. As with monotonically tested specimens, the reason for this discrepancy is the loss
of bond strength between concrete and reinforcement in the anchorage area of the smooth
reinforcement.

Differences between the cyclically tested specimens and the monotonically tested
specimens can be seen in the specimens made with ribbed reinforcement. A 50% larger
rotation of the end cross-section of the cyclically tested specimens can be seen in comparison
to the monotonically tested specimens made with ribbed reinforcement. Since the influence
of a higher axial force reduces the rotatability of the cross-section, it can be assumed that
the difference would be even greater since the cyclically tested specimen was loaded with
a 50% higher force. This proves that ribbed reinforcement with high ductility properties
(B500 B) behaves much better under cyclic loading in terms of element ductility than under
monotonic loading.

5. Final Remarks

This research defines important indicators that influence the behavior of a column
with an atypical cross-section, loaded by seismic action, erected without the guidelines
for anti-seismic reinforcement placement, and made with smooth reinforcement in the
area of plastic joint formation. From the analytical and experimental analysis results, a
great influence on the properties of the material and therefore the importance of modeling
them accurately in order to define more realistically the indicators of seismic resistance
was achieved. Using non-linear material properties in analytical and numerical analysis,
results have been obtained that are approximately equal to those obtained in experimental
analysis, with deviations due to slippage of reinforcement from the anchorage area.

For most of the specimens tested, all three methods used showed a good agreement
of results in the linear range. Small deviations of the results occurred immediately after
the opening of the first crack and significant deviations are visible when the yield strength
is reached. The main reason for the discrepancy between the results was the slippage of
the reinforcement from the anchorage area. In addition, there were deviations due to a
mismatch of the stress-strain curve (material properties) after the beginning of hardening of
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the reinforcement steel-difference between the working law diagrams of the experimentally
obtained reinforcement and the theoretical diagrams used in analytical and numerical
analysis. Another reason are the deviations that occurred during the erection, such as
deviations in the dimensions of the cross-section and thickness of the protective layer of
the reinforcement.

Comparing monotonically and cyclically tested specimens, significant deviations of
the end section rotation when reaching the yield strength are visible in relation to the
analytical and numerical analysis. For all monotonically tested specimens, the rotation of
the experimentally obtained end section is about five times greater than that obtained by
analytical and numerical analysis. For cyclically tested samples, this deviation is somewhat
smaller and is on average four-and-a-half-times greater. In the case of monotonous testing
of spacemen made with ribbed reinforcement, the difference obtained is much smaller
and is twice the rotation in the experimental results. When comparing the results of the
specimens made with ribbed reinforcement, a 50% higher rotation of the end cross-section
of the cyclically tested spacemen compared to the monotonously tested spacemen can be
seen. From this it can be concluded that significant deviations of the end section rotation
when reaching the yield point are due to the loss of bond strength between concrete
and reinforcement.

When the final limit state is reached, the deviation of the experimental results in
relation to the analytical results is much smaller than when the yield point is reached. This
proves that the influence of reinforcement slippage from the anchorage area decreases as
we approach the final limit state.

Depending on the arrangement and width of the cracks around the plastic joint
formation area in columns with smooth reinforcement, the following can be concluded:

• First cracks appear in the early phase of loading for most of the tested specimens (up
to 20 mm displacement at the top of the column).

• Discrete cracks generally developed around the area of the transverse reinforcement.
• For all specimens, cracks appear first at the location of the initiated crack (end section).
• The first crack was formed mainly at a height of 120–140 mm from the bottom of the

column and, together with the crack at the bottom, represents the place of plastification
of the element.

• Other cracks stop expanding after some time (when the displacement at the top
of the column is 40–50 mm) and remain within the limits allowed for reinforced
concrete elements.

From the above it can be concluded that the total plastic deformation is reduced to
a rotation around the crack of the end section and the first crack from the bottom of the
element. The same can be concluded by analyzing the rotation of three characteristic
cross-sections. It can be observed that most of the plastic rotation is concentrated in the
end section, while in the cross-section of the first crack the amount of plastic rotation is
much smaller, and in the cross-section of the second crack (the third cross-section observed)
plastification is almost non-existent in most of the specimens tested. From all the above, a
conclusion is drawn about the height of the plastic joint for monotonically and cyclically
tested specimens, which mainly develops to about the height of the first crack and is 0.7 h,
where h is the height of the cross-section in the load direction.

For specimens with ribbed reinforcement (monotonically tested), the plastification
height extends up to a height of 1.2 h, which corresponds approximately to the values given
in [11]. From this it can be concluded that the given expression is calibrated to elements
with ribbed reinforcement and its application to elements with smooth reinforcement is
questionable. The experiment has shown that for specimens with ribbed reinforcement, the
crack widths are evenly distributed over the height of the column, the larger ones at the
bottom, and the smaller ones because the distance from the bottom is greater. The same
applies to the distribution of rotations along the height. This explains why the plasticizing
zone in specimens with ribbed reinforcement is distributed at a higher column height than
in specimens with smooth reinforcement.
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For specimens with ribbed reinforcement, the differences in the results of the cyclic and
monotonic tests should be emphasized. The specimen subjected to the cyclic test showed a
similar behavior in the area of the plastic joint as the specimen with smooth reinforcement
(two cracks dominating at the bottom of the element), in contrast to the monotonically
tested specimen where the results are significantly different. Alternating load cycles cause
the concrete to be crushed in the vicinity of the reinforcement ribs, resulting in a larger area
of the non-anchored part of the reinforcement and therefore greater relative deformation.
From all the above it can be concluded that this behavior in the vicinity of the ribbed
reinforcement further contributes to the ductility of elements made with highly ductile
ribbed reinforcement (B 500 B).

The behavior of the elements in the vicinity of the formation of plastic joints under the
influence of seismic loads has not yet been sufficiently investigated. This refers primarily
to structural elements that were erected before the adoption of regulations and guidelines
for the seismic calculation and design of earthquake-resistant elements, to elements that
do not have adequate quantities of transverse reinforcement and reinforcement for the
concrete core enclosure according to modern design guidelines. Due to the special charac-
teristics of their structural elements, but also the way they react to seismic actions, bridge
structures must be included in future guidelines for the assessment of existing structures.
These guidelines will certainly become increasingly applicable due to the large number of
structures that require a more detailed analysis of the load-bearing elements to determine
their actual seismic resistance.

The results of this research are applicable to the analysis of the basic indicator (Diagram
M/ϕ) of the seismic resistance of atypical cross-sections. It will allow for the application of an
analytical or numerical method with realistic properties of the materials and elements and the
derivation of correction factors due to the effect of slippage of the smooth reinforcement from
the anchorage area.
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30. Ćurić, I.; Radić, J.; Franetović, M. Determination of the bending moment—curvature relationship for bridge concrete columns.
Teh. Vjesn. Tech. Gaz. 2016, 23, 907–915. [CrossRef]

31. Srinivasan, C.; Nunziante, L.; Serino, G.; Carannante, F. Seismic Design Aids for Nonlinear Analysis of Reinforced Concrete Structures;
CRC Press Taylor & Francis Group: Boca Roton, FL, USA, 2009.

32. Kwak, H.; Kim, S. Nonlinear analysis of RC beams based on moment—Curvature relation. Comput. Struct. 2002, 80, 615–628.
[CrossRef]

33. Panagiotakos, T.B.; Fardis, M.N. Deformations of Reinforced Concrete Members at Yielding and Ultimate. ACI Struct. J. 2001,
98, 135–148.

78



Appl. Sci. 2021, 11, 2658

34. Rasulo, A.; Pelle, A.; Lavorato, D.; Fiorentino, G.; Nuti, C.; Briseghella, B. Finite Element Analysis of Reinforced Concrete Bridge
Piers Including a Flexure-Shear Interaction Model. Appl. Sci. 2020, 10, 2209. [CrossRef]

35. Kong, Q.; Robert, R.H.; Silva, P.; Mo, Y.L. Cyclic Crack Monitoring of a Reinforced Concrete Column under Simulated Pseudo-
Dynamic Loading Using Piezoceramic-Based Smart Aggregates. Appl. Sci. 2016, 6, 341. [CrossRef]

36. Hwang, H.-J.; Kim, C.-S. Simplified Plastic Hinge Model for Reinforced Concrete Beam–Column Joints with Eccentric Beams.
Appl. Sci. 2021, 11, 1303. [CrossRef]

37. Guo, K.; Guo, Q.; Wang, Y. Effect of Bond-Slip on Dynamic Response of FRP-Confined RC Columns with Non-Linear Damping.
Appl. Sci. 2021, 11, 2124. [CrossRef]

38. Masi, A.; Santarsiero, G. Seismic Tests on RC Building Exterior Joints with Wide Beams. Adv. Mater. Res. 2013, 787, 771–777.
[CrossRef]

39. Taucer, F.; Pinto, A.V. Mock-Up Design of Reinforced Concrete Bridge Piers for PsD Testing at the ELSA Laboratory: (Vulnerability
Assessment of Bridges Project); Institute for Systems, Informatics and Safety: Ispra, Italy, 2000.

40. Interim Testing Protocols for Determining the Seismic Performance Characteristics of Structural and Nonstructural Components; FEMA
461; Applied Technology Council: Redwood City, CA, USA, 2007; p. 113.

41. Eurocode. Steel for the Reinforcement and Prestressing of Concrete—Test Methods—Part 1: Reinforcing Bars, Rods and Wire (ISO
15630-1:2019; EN ISO 15630-1:2019); European Committee for Standardization CEN: Brussels, Belgium, 2019.

42. Eurocode. Testing Hardened Concrete—Part 3: Compressive Strength of Test Specimens (EN 12390-3:2009); European Committee for
Standardization CEN: Brussels, Belgium, 2009.

43. Eurocode. Testing Hardened Concrete—Part 6: Tensile Splitting Strength of Test Specimens (EN 12390-6:2009); European Committee
for Standardization CEN: Brussels, Belgium, 2010.

44. Eurocode. Testing Hardened Concrete—Part 4: Determination of Ultrasonic Pulse Velocity (EN 12504-4:2004); European Committee for
Standardization CEN: Brussels, Belgium, 2004.

45. Eurocode. Testing Hardened Concrete—Part 13: Determination of Secant Modulus of Elasticity in Compression (EN 12390-13:2013);
European Committee for Standardization CEN: Brussels, Belgium, 2013.

46. Eurocode. Eurocode 2—Design of Concrete Structures—Part. 1-1: General Rules and Rules for Buildings; European Committee for
Standardization CEN: Brussels, Brussels, 2004; Volume BS EN 1992, ISBN 978-0-580-73752-7.

47. M.J.N. Priestley, G.M.; Calvi, M.J.K. Displacement Based Seismic Design of Structures; IUSS Press: Pavia, Italy, 2007.
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Abstract: A vertical irregularity setback in reinforced concrete (RC) building affects its performance
and response especially subjected to earthquake ground motions. It is necessary to understand how
the seismic damage is established due to setbacks and avoid damage concentration on the irregularity
section. The objective of this study is to propose a formula to estimate the damage distribution
along the height of the setback building from a geometric measure of the degree of irregularity. First,
previous experimental tests for two types of setback buildings, a towered and a stepped setback
frames, were analyzed to verify the accuracy of the frame analysis. The results of the frame analysis
considerably matched the experimental test results. Furthermore, to study the relationship between
the degree of setback and the distribution of damage, a parametric study was conducted using
35 reinforced concrete setback frames, consisting of models with stepped setback type and towered
setback type with different degrees of setback. The inelastic dynamic analyses of all the frames under
three earthquake ground motions were conducted. The irregularity indices proposed in literature
were adopted to express the degree of setback and the structural damage was expressed by the
Park–Ang damage index. Using nonlinear regression analysis, formulas to estimate damage index
ratio between two main structure parts (tower and base) from setback indices were proposed. Finally,
the proposed formula was applied to the experimental test results to confirm its validity.

Keywords: setbacks; earthquake; damage index; seismic evaluation performance; damage distribution

1. Introduction

1.1. Background

In recent modern multistory building construction, the implementation of horizon-
tal and vertical irregularities is getting popular due to different building functions and
architectural needs. Vertical irregularity often regarded as a setback affects discontinuities
in mass, stiffness, and structural strength distributions [1,2]. Under seismic excitations,
this irregularity has a considerable effect on structure responses [3]. The existence of the
setback may cause torsional response [4] and stress and damage concentration on the
irregular part [5].

Studies on the seismic response of buildings with setbacks had been conducted by
several researchers. Shakib and Pirizadeh [6] assessed the effect of simultaneous action of
two orthogonal ground motion components on the performance of structure with different
setback ratios and found that the effect of ground motion components is significant for the
seismic performance of setback structures. Lin et al. [7] investigated the modal response
history analysis of setback buildings and instead of using the conventional SDOF modal
system, the 2DOF modal system was employed in modal response history analysis of
building with specific vertical irregularities, to characterize the distinctly different modal
response of tower and base structures. It was found that the 2DOF approach adequately
captured the characteristic of drastic change in the peak interstory drift ratios between
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tower and base. Georgoussis and Mamou [8] proposed the equations to minimize the
rotational response due to the mass eccentricity of setback buildings by changing the
location of lateral load resisting elements. The parameters in the proposed equations
involved the first mode frequency and the displacement ratio between the tower and the
base structure. The proposed equations were also applied for minimizing the rotational
response of medium-rise buildings with irregular plans under seismic excitations [9].

Habibi and Asadi [10] developed equations to determine the Park–Ang damage
index [11,12] of setback buildings using three independent parameters, namely overall drift
(which is the ratio between the maximum roof displacement to the total height of the frame),
the natural period, and the irregularity indices of the building. The adopted irregularity
indices were originally introduced by Karavasilis et al. [13], involving the geometry of
setback buildings, such as the number of stories and bays and the height and the width of
setback buildings. Varadharajan et al. [14,15] also predicted the Park–Ang damage index
of setback structures using three primary parameters: the ratio of modal participation
factor between irregular and regular buildings, the beam to column stiffness ratio, and
the displacement ductility. Hait et al. [16] assessed the Park–Ang damage index of low
to mid-rise buildings using parameters generated from dynamic analyses, such as the
maximum interstory drift, the peak roof displacement, and the maximum joint rotation of
the members. Hait et al. [17]. also predicted the Park–Ang damage index by multi-variable
regression using the artificial neural network. In these studies, the Park–Ang damage
index was computed through nonlinear dynamic analysis for both tower and base sections,
and the damage distribution could be retrieved after. This procedure could take time and
resources for the dynamic analysis.

The objective of this paper is to propose the formula to determine the damage distri-
bution of setback buildings based on the geometric measure of the degree of irregularity
without conducting dynamic analysis. First, to verify the accuracy of the analytical method,
the experimental tests for two types of setback buildings are analyzed. The experimental
tests are a towered structure of fifteenth-scale 9-story 3-bay RC frame with a setback at
level 3 by Wood [18] and a quarter model of 6-story 2-bay setback RC frame by Shahrooz
and Moehle [19]. Then, the relationship between damage distribution of the Park–Ang dam-
age index and the irregularity indices are examined by the parametric study of 35 models
with different setback types. Finally, the nonlinear regression equations are proposed
to determine the building damage distribution from the geometrical irregularity indices.
Then, these equations are validated using the previous experimental results.

1.2. Park and Ang Damage Index
1.2.1. Definition

The damage index (DI) introduced by Park and Ang [11,12] is expressed by Equation (1).
This DI value is based on the structural deformation and the hysteretic energy response
due to seismic excitations.

DI =
um

uu
+ β

Eh
Fyuu

(1)

where:

um: Maximum displacement response of structure element due to earthquake,
uu: Ultimate displacement capacity under a monotonic loading,
Eh: Hysteretic energy dissipated by the structural element,
Fy: Yield force,
β: Non-negative parameter based on repeated loading effect.

The relationship between the DI and the physical damage appearance for RC elements
suggested by Park and Ang [12] is shown in Table 1. The parameters in Equation (1) are
explained in the following passages.
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Table 1. Damage Index for RC elements.

Damage Degree Damage Index Physical Appearance

Collapse DI > 1.0 Collapse state

Severe 0.4 < DI < 1.0 Extensive crushing of concrete,
disclosure of buckled reinforcement.

Moderate 0.25 < DI < 0.4 Extensive large cracks,
spalling of concrete in weaker elements.

Minor 0.1 < DI < 0.25 Minor damage, light cracking throughout.
Slight DI < 0.1 No damage or localized minor cracking

1.2.2. Determination of uu

The ultimate displacement uu is formulated as follows.

uu = μuuy (2)

where:

uu: Ultimate displacement under monotonic loading,
μu: Ultimate ductility factor,
uy: Yield displacement.

The yield displacement uy is defined for each member based on element geometry
and material properties. Due to the limitation of the available references stating clearly
about the ultimate ductility factor μu, in this study, for each member, the μu is taken value
as 15 by considering the probable failure mode occurs at the beam and column elements to
be dominated as flexural failure [11].

1.2.3. Determination of β

The parameter β by Park and Ang [12] is presented in Equations (3) and (4).

β = (−0.447 + 0.073
l
d
+ 0.24n0 + 0.314pt)× 0.7pw (3)

n0 =
N

fcbd
(4)

where:

l/d: Shear span ratio (= 1.7 if l/d less than 1.7),
n0: Normalized axial stress (= 0.2 if n0 less than 0.2),
pt: Longitudinal bars ratio, in percentage (= 0.75% if pt less than 0.75%),
pw: Transversal bars ratio,
N: Axial load,
fc: Concrete compressive strength,
b: Width of cross section,
d: Effective height of cross section.

1.2.4. Damage Index of Building Component

The DI value is also suggested for a part of a structure, such as the individual story
and the entire structure, by considering a weighting factor that is based on the dissipated
hysteretic energy (Eh) of each member or the component as shown below, that are proposed
originally by Park and Ang [12] and developed by Belkacem et al. [20]. Figure 1 shows the
difference between DIstory and DIcomponent. In the component weighting factor calculation,
the dissipated energy (Eh) considered is only in the same story, while the calculation of
story weighting factor, all energies in all stories are considered.

DIStory =
nm

∑
i=1

(λi,componentDIi,component) (5)
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λi,component =

[
Eh,i

∑nm
i=1 Eh,i

]
component

(6)

DIoverall =
nk

∑
j=1

(λj,storyDIj,story) (7)

λj,story =

[
Eh,j

∑nk
j=1 Eh,j

]
story

(8)

where:

i: number of element member, starting at 1,
j: number of story, starting at 1,
nk: total number of building’s story,
nm: total element member (beams and columns) in the reviewed story,
DIi,component: Damage index for each component such as beam and column,
DIStory: Damage index for each story,
DIoverall: Overall damage index,
λi,component: Weighting factor of each component,
λj,story: Weighting factor of each story.

Figure 1. Illustration about damage index component and damage index story in a frame structure.

1.3. Setback Indices

Two kinds of vertical irregularities are selected to be studied: stepped and towered.
The stepped type is a setback with the upper structure part at one side of the building,
while the towered type is the condition when the upper structure part is in the middle
region of the building. The illustration of the stepped type is shown in Figure 2a, and the
towered type is shown in Figure 2b.

To consider the setback effect, two irregularity indices are adopted. These indices
were initially introduced by Mazzolani and Piluso [21], which were then developed by
Karavasilis et al. [13]. The indices describe the irregularity due to the presence of setbacks
through simple geometrical indices ϕb and ϕs given by the following Equations (9) and (10).

ϕs =
1

ns − 1
×

i=ns−1

∑
i=1

Li
Li+1

(9)
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ϕb =
1

nb − 1
×

i=nb−1

∑
i=1

Hi
Hi+1

(10)

where:

ns: Number of stories of the frame,
nb: Number of the bays of the first story of the frames,
Hi: Height of each bay from base to roof,
Li: Total width of each story.

Figure 2. Frame geometry for irregularity indices definition for: (a) stepped type of setbacks; (b) towered type of setbacks.

In the case of stepped setback type, since the height Hi is counted from the left side,
the value of ϕb will be different if the tower part is on the right side or on the left side.
Therefore, in this study, Hi is always counted from the side that has the highest level.

2. Simulation of Setback RC Buildings Tested by Shaking Table

To verify the accuracy of the frame analysis, shaking table experimental tests of
scaled setback RC buildings conducted by Wood in 1985 [18] and Shahrooz and Moehle in
1987 [19] were chosen to be numerically analyzed, and the raw data of both experimental
tests were retrieved from DataCenterHub repository [22,23]. A software developed by
one of the co-authors, STERA_3D, is used to perform the nonlinear dynamic structural
analysis [24]. The following subchapters elaborate about the numerical tool and the detail
of specimens.

2.1. Simulation Method of RC Frame Analysis

Figure 3a,b shows the interface of the STERA_3D for the test specimens of towered set-
back and stepped setback respectively. The RC beam element is modeled as a line element
with two nonlinear flexural springs at both ends and one nonlinear shear spring at the
middle as shown in Figure 4. The end displacement vector is obtained from Equation (11) as
the sum of the displacement vector of each component. The dynamic earthquake response
analysis is conducted by adopting Newmark-β numerical integration method [25].

⎧⎨
⎩

θA
θB
δx

⎫⎬
⎭ =

⎧⎨
⎩

τA
τB
δx

⎫⎬
⎭+

⎧⎨
⎩

ϕA
ϕB
0

⎫⎬
⎭+

⎧⎨
⎩

ηA
ηB
0

⎫⎬
⎭ (11)

where:

θ: the total rotation at the element joint,
δx: is the element deformation at direction x,
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τ: is the elastic element rotation,
φ: is the nonlinear element rotation due to bending, and
η: is the nonlinear element rotation due to shear.

Figure 3. STERA_3D interface on (a) a towered setback and (b) a stepped setback building models.

Figure 4. Elastic, nonlinear bending, and nonlinear shear springs for elements modeled by
STERA_3D.

2.2. Simulation of Experimental Test of Towered Setback Structure
2.2.1. Specimen Description

The specimen tested by Wood [18] represents a scaled building with three bays and
nine stories where the first story has a slightly higher elevation, and the setback location is
in between level 2 and 3. The size of the experiment test frame model was 15 times smaller
than the real building. The structure consists of two 2D beam-column frames, where the
mass is attached to both frames using additional structures. For the first and second story,
the weight is 5.04 kN, while the rest are 1.73 kN per level. The concrete compressive
strength was 42.33 MPa, and the beam and column longitudinal rebar yielding strengths
are 380.59 MPa and 388.17 MPa, respectively. The elevation of the specimen is presented in
Figure 5.
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Figure 5. Experimental test specimen of towered setback structure: (a) front view, and (b) side view.

2.2.2. Input Data

For specimen of Wood [18], the input motion is only one direction parallel to the
2D frames. The input motions were a set of successive earthquake acceleration records,
based on scaled 1940 El Centro NS with different magnitude. In this study, the first input
of scaled 1940 El Centro NS with the peak acceleration of 382.8 cm/s2 was used in the
numerical study. The detail of input motion properties and the earthquake time history are
presented in Table 2 and Figure 6.

Figure 6. Time history acceleration of input motion.

Table 2. Detail of input motion properties.

No Year Event, Station Component Max. Acc. (cm/s2) Abbreviation Input Direction

1 1940 scaled Imperial
Valley, El Centro NS 382.89 EC382.8L Longitudinal

2.2.3. Results of Comparison

The maximum story drift and the maximum acceleration response of each story are
shown in Figure 7a,b, and the time history of top floor displacement response is presented in
Figure 8. Although there are some differences between analytical and experimental results,
the trends of both displacement and acceleration responses are similar between simulation
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and experiment. The demonstrated results show that STERA_3D software has the sufficient
accuracy to conduct numerical dynamic analyses of towered setback structures.

Figure 7. Comparison of experiment of towered setback structure with STERA_3D response: (a) interstory drift; (b) maxi-
mum acceleration.

Figure 8. Roof displacement history responses of experiment of towered setback structure compared with STERA_3D.

2.3. Simulation of Experimental Test of Stepped Setback Structure
2.3.1. Specimen Description

The specimen tested by Shahrooz and Moehle [19] was designed for combined gravity
and seismic effects according to the 1982 Uniform Building Code requirements to satisfy the
seismic provisions of the American Concrete Institute Building Code (ACI 318-83) and the
ACI-ASCE Committee 352 recommendations. The prototype is represented by the 1/4 scale
model as depicted in Figure 9, in three dimensions with 2 2 bays of 1143 mm × 1905 mm
floor panel size. Design concrete strength was 27.5 MPa, and all reinforcement was Grade
60 (minimum yield stress of 413 MPa). The weight of structures is 72 kN per level for first
to third story and 41 kN per level for fourth to sixth story, and the inter story height is
914.4 mm.

2.3.2. Input Data

The specimen of Shahrooz and Moehle [19] was subjected to two input motions se-
quentially: unidirectional and bidirectional. The first stage consists of three different scaled
1940 El Centro NS ground motions, while the second phase includes three unidirectional
horizontal motions inputted at an angle of 45 degrees to simulate bidirectional motions.
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In this study, the numerical analysis only focuses on the longitudinal study and neglects
the bidirectional simulation. The detail of input motion properties and the earthquake time
histories are presented in Table 3 and Figure 10.

Figure 9. Elevation view of setback experimental test specimen: (a) front view, (b) side left view, and
(c) side right view.

Figure 10. Time history acceleration of input motions.

Table 3. Detail of input motion properties.

No Year Event, Station Component Max. Acc. (cm/s2) Abbreviation Input Direction

1
1940 scaled Imperial Valley,

El Centro
NS

76.10 EC7.7L
Longitudinal2 163.00 EC16.6L

3 484.00 EC49.3L
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2.3.3. Results of Comparison

The relative maximum displacement response and the absolute maximum acceleration
response of unidirectional experimental tests by Shahrooz and Moehle [19] and analytical
tests are depicted in Figure 11a,b, and the time history of displacement response at the top
floor against the last input motion is presented in Figure 12. The result shows that there
are only slight differences between experiment and simulation in both acceleration and
displacement response.

Figure 11. Comparison of experiment of stepped setback structure specimen with STERA_3D response: (a) interstory drift;
(b) maximum acceleration.

Figure 12. Roof displacement history responses of experiment of stepped setback structure compared with STERA_3D.

3. Parametric Study of Generated Setback Frames

To examine the relationship between the degree of setback and the distribution of
damage, a parametric study was conducted using 35 reinforced concrete setback frames,
consisting of 20 models with stepped setback type and 15 models with towered setback
type with different degree of setback as depicted in Figures 13 and 14. All the frames have
six stores with the number of bays ranging from two to five depending on the model. Each
of generated models is represented with two numbers at the above frame illustration. The
first number is the difference of the number of bays between top and base structures and
the second number is the number of stories in the top structure.

The typical plan of the structure is shown in Figure 15. All the frames use one type of
beam section, namely B1, and one type of column section, namely C1. The concrete com-
pressive strength is 30 MPa, while the yield strength of both longitudinal and transversal
rebars are 390 MPa. The slab thickness is 15 cm with reinforcement of D13 with the spacing
of 10 cm. The section details of elements are presented in Table 4. The total gravity load
implemented for every floor is 12 kN/m2.
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Figure 13. Generic 2D frame structures of stepped setback model.

Figure 14. Generic frame structures of towered setback model.

Table 4. Section details of column and beam.

No Element Code Story Level Depth (mm) Width (mm) Longitudinal Rebars Transversal Rebars

1 Column C1 1–6 700 700 8 D-35 2 D-13 @ 10 cm

2 Beam B1 1–6 600 300 3 D-35 on top and
3 D-35 on bottom 2 D-13 @ 15 cm
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Figure 15. 2D plan of generated structure of 2 × 5 bays for 6-story building.

Nonlinear dynamic analyses were performed using STERA_3D, and the story damage
indices were populated. The list of input earthquake ground motions is shown in Table 5.
Ten input ground motions are recorded acceleration waves scaled to have the maximum
velocity of 50 cm/s. The ground motion data are retrieved from PEER [26] and COSMOS
Virtual Data Center [27]. The intensity of these input ground motions corresponds to
the level of design earthquakes for the safety limit state in the Japanese seismic standard.
The acceleration response spectrum is presented in Figure 16, and the wave shapes of the
earthquake input motions are depicted in Figure 17.

Table 5. Selected earthquake ground motion.

No Event Year Station Component
Original Max.
Acc. (cm/s2)

Scaled Max.
Acc. (cm/s2)

1 Imperial Valley 1940 El Centro NS 341.69 510.70
2 Kern County 1952 Taft EW 152.69 496.50
3 Chi-chi 1999 CHY080 360 DEG 836.84 434.04
4 Northridge 1994 Arleta-Nordhoff Ave Fire Station 90 DEG 337.32 417.87
5 Loma Prieta 1989 Saratoga-Aloha Ave 0 DEG 494.45 597.96
6 Valparaiso, Chile 1985 Vina del Mar 200 DEG 355.50 578.31
7 Villita, Mexico 1985 Guerrero Array Stn VIL N00W 125.37 318.36
8 Cape Mendocino 1992 Petrolia 0 DEG 578.14 598.43
9 Cape Mendocino 1992 Rio Dell-101/Painter St. Overpass 270 DEG 378.27 422.98
10 Kobe 1995 JMA NS 817.80 449.80

Figure 16. Acceleration response spectra (with 5% damping factor) of input earthquake motions.
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Figure 17. Time history acceleration waves of input earthquake motions.

4. Proposal of Tower-Base Damage Index Ratio

The nonlinear dynamic analysis using STERA_3D was conducted for all 35 frames
with three input earthquake ground motions to calculate the damage index (DI) of each
story. The damage index of each story is calculated using Equation (5). The following
DIratio is proposed to examine the distribution of the DI along the height of the frame.

DIratio =
max(DItower)

max(DIbase)
(12)

where the DItower and DIbase are taken as the average for the ten input ground motions. If the
value of DIratio is larger than one, the damage will be concentrated at the tower structure.
Conversely, if the value is less than one, the base structure will suffer more damage than
the tower.
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The mathematical model is developed for predicting DIratio from irregularity indices
ϕs and ϕb using the nonlinear regression analysis so that the damage distribution is easily
evaluated without conducting the nonlinear dynamic analysis. The relation between the
calculated DIratio of all the frames and irregularity indices ϕs and ϕb are shown in Figure 18
for the stepped model and Figure 19 for the towered model type, respectively.

Figure 18. DIratio with different ϕs and ϕb for stepped model.

Figure 19. DIratio with different ϕs and ϕb for towered model.

Values of ϕs and ϕb equal to 1 correspond to a structure with a uniform configuration.
As values of ϕs and ϕb increase, the degree of the setback in the frame structure becomes
larger. A large value of DIratio indicates a relatively large damage concentration in the tower.
The nonlinear regression analysis is performed to derive the quadratic polynomial equation
for estimating the damage index ratios from irregularity indices,ϕs and ϕb. The obtained
equations are shown in Equation (13) for stepped type and Equation (14) for towered
type. The red lines in Figures 18 and 19 indicate the prediction of the damage index ratio
using Equations (13) and (14). The values of R-squared of red lines, which indicate the
goodness-of-fit measure for the regression model, vary between 0.865 and 0.999.

DIr,stepped = 98.19 − 124.29ϕs − 105.06ϕb + 142.75ϕs ϕb + 38.34ϕs
2 + 25.47ϕb

2 − 37.09ϕs ϕb
2 − 45.44ϕs

2 ϕb + 13.22ϕs
2 ϕb

2 (13)

DIr,towered = −3.09 + 16.89ϕs + 17.22ϕb − 35.99ϕs ϕb − 12.88ϕs
2 − 12.53ϕb

2 + 17.34ϕs ϕb
2 + 19.59ϕs

2 ϕb − 6.22ϕs
2 ϕb

2 (14)

94



Appl. Sci. 2021, 11, 6754

5. Validation of Proposed Damage Index Ratio

To validate the proposed method to calculate DIratio, the towered setback frame by
Wood [18] and the stepped setback frame tested by Shahrooz and Moehle [19] are examined.
The input wave is the 1940 El Centro NS record scaled to have the maximum velocity of
50 cm/s; however, the time step is adapted for each specimen. The specimen of Wood [18]
is subjected to the earthquake with the time step divided by 4 by rounding up the value of√

15, while the specimen of Shahrooz and Moehle [19] is subjected to the earthquake with
the time step divided by 2, by considering the scale factor of test specimen. Dynamic time
history analysis was performed using STERA_3D to calculate the DI of each story. The
calculated damage index ratios were compared with the predicted damage index ratios
from the proposed equations and presented in Table 6.

Table 6. Numerical analysis result compared to prediction result using Regression Equation.

Frame ϕb ϕs Natural Period T (s) Calculated DIratio Predicted DIratio Accuracy (%)

Wood [18] 2.75 1.25 0.118 1.2691 1.3552 93.22
Shahrooz and Moehle [19] 2.00 1.20 0.248 1.1641 0.7766 66.71

The accuracy of the prediction from Equation (13) is adequate, 66% for the stepped
setback and the prediction accuracy from Equation (14) is relatively high, 93% for the
towered setback.

6. Conclusions

To understand better the earthquake response and damage concentration of setback
buildings, numerical investigations were conducted and a practical method to evaluate the
damage distribution was proposed.

First, two previous experimental tests of reinforced concrete buildings comprising a
towered setback and a stepped setback were modeled and analyzed by STERA_3D and the
test results were successfully simulated.

Then, to study the building damage distribution, 2D reinforced concrete frame mod-
els containing 20 stepped and 15 towered setback frames were generated to inspect the
relationship between the damage index ratio and the irregularity indices under safety level
earthquake input ground motions. Based on the results, two nonlinear regression equations
were proposed as an alternative to the dynamic analysis procedures.

Finally, the proposed equations were applied to the previous experimental tests, and
it was demonstrated that the proposed formulas could predict the damage to vertically
irregular reinforced concrete moment-resisting frame with reasonable accuracy. Although
the prediction formula works, it is important to be noted that the setback buildings consid-
ered in this study are limited for low- to mid-rise reinforced concrete frame buildings with
uniaxial seismic loading.
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Abstract: Current seismic analysis contemplates the simultaneous use of the orthogonal components
of an earthquake in order to determine the structural stresses closer to reality. This has led to these
components being combined considering a fraction of them, as applying them completely would
lead to excessively conservative results. However, their application is carried out considering that
the direction of the components coincides with the orientation of the orthogonal axes that define
the resistant structure. The assumption takes on special importance when it comes to establishing
performance demands on a structure based on nonlinear time-history analysis. To establish the
proportional relationship between the seismic components, the angle of incidence is used, which
is one of the imponderable variables of an earthquake. In this investigation, a group of reinforced
concrete structural archetypes with various typologies and regularity in plan is presented, which
allow the effect of the angle of incidence in determining the maximum displacement demands to
be studied. To study the response, a set of strong earthquakes recorded in Chile is used, obtaining
the angle of incidence that produces the maximum displacement demands through interstory drift
and roof displacement. A statistical analysis is also carried out in which the influence of the angle of
incidence that produces the maximum response is studied.

Keywords: structural irregularity; incidence angle; nonlinear time-history analysis; maximum
displacement; maximum interstory drift

1. Introduction

At present, the seismic-resistant design of structures is based on the results of the
seismic analysis carried out considering two components of ground acceleration, which are
transformed into seismic forces that act in two directions. The problem lies in determining
the proportions in which the application of the accelerations, and thus the design of seismic
forces, must be carried out, as the combination of the proportions can lead to results that
are either on the conservative side or on the low side. In particular, the angle of incidence
considered when performing the seismic analysis becomes important when determining
the demands to which the structure will be subjected (MacRae and Mattheis [1]). For
example, Athanatopoulou et al. [2] concluded that the estimation of interstory drift due to
bi-directional earthquakes is dependent on the chosen reference axes, which is especially
important in irregular structures. On the other hand, Rigato and Medina [3] obtained
variations of up to 80% between the maximum inelastic deformations calculated with angles
of incidence different from the usual ones (0◦ and 90◦). On the other hand, underestimation
in engineering demand parameters (interstory drifts and displacements) can be reduced by
up to 20% by performing nonlinear time-history analysis with a large number of records in
normal directions and parallel to the fault (Reyes and Kalkan [4]). However, these types
of solutions may not be practical in Chilean territory given the extension of the active
seismic zone. Regarding the errors observed, according to Kashkooli and Banan [5], mean
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maximum errors have been reported for story displacement and interstory drift of up to 22%
and 42%, respectively, or errors of up to 37% in roof displacements and rotations in plastic
hinges (Magliulo et al. [6]). Finally, Prajwal et al. [7] reported variations in displacement
demands of up to 90%.

The direction in which the earthquake interacts with the structure is arbitrary, so the
structural axes do not necessarily correspond to the main axes of movement, which would
present the most unfavorable situation. To study this characteristic, Rigato and Medina [3]
obtained the response of asymmetric and symmetric structures by varying the degrees
of inelasticity, vibration periods, and incidence angles used, observing that the response
varies depending on the fundamental period, structuring, and degree of inelasticity. In the
analyses, two archetypes were used, varying the angle of incidence in increments of 5◦ from
0◦ to 180◦. According to the authors, the ratio between the maximum inelastic deformation
for a given angle and the maximum obtained for an angle of 0◦ and 90◦ tends to increase
along with the fundamental period, averaging between 1.1 and 1.6 for torsionally balanced
and unbalanced models. It was concluded that the structural axes are not necessarily the
most unfavorable and that the critical incidence angle varies depending on the intensity
of the record. On the other hand, Lagaros [8] studied two different structures, using three
records and incidence angles in increments of 5◦ varying from 0◦ to 360◦. These records
were used as a basis to scale an acceleration spectrum considering the first period of the
structures, damping of 5%, and three levels of intensity. The response of the structures
varied according to the records, intensity level, and incidence angle.

In order to study the effect of the directionality of earthquakes on structures, nonlinear
response analysis has frequently been used. Cantagallo et al. [9], studied the influence of
directionality on seismic response variation, including in the study the variation of the
angle of incidence between 0◦ and 180◦ in increments of 22.5◦, reaching the conclusion that,
for the analyzed structures, the main axes underestimated the demand, especially in plan
irregular structures, while in structures with double symmetry, no considerable variations
were obtained. Additionally, it was observed that the effects of directionality are lower in
scaled seismic records. It should be noted that only four structures were considered in this
study, so these results are limited.

Fontara et al. [10] studied the influence of the orientation of the seismic action and
its intensity on single-story asymmetric reinforced concrete structures. The sensitivity
of the structure to the angle of incidence varied depending on the degree of incursion
in a nonlinear range; as the level of damage increases, the variability in the results as a
function of the angle of incidence increases as well. The results indicated that the most
unfavorable case was not obtained in the structural axes; that scaling the records using
the same scale factor allows for similar levels of damage regardless of whether they are
recorded, correlated, or not correlated; and that, if different scale factors are used, different
levels of damage are obtained at the critical angle.

The influence of the angle of incidence of an earthquake has mainly been determined
using three-dimensional nonlinear time-history analysis on reinforced concrete frame struc-
tures of between one and four stories, not necessarily applying both records simultaneously.
This is found in several works [3,8,10–12], among others, with increments of incidence
angles ranging from 1◦ to 22.5◦. The highest structure analyzed in order to study the
angle of incidence had nine stories (Kalkan and Reyes [12]). With this, it was determined
that, when performing a nonlinear time-history analysis, the records should be applied
in the maximum direction, this being the direction in which there is the greatest linear
response of a mass with degrees of freedom in both horizontal directions: the normal
direction and that which is parallel to the fault, at sites less than 15 km away from the
fault. The recommendation given is based on the low attenuation observed in propagating
waves within this range. Although the previous recommendations would not represent the
worst case, they would deliver higher demand parameters than usual. Recently, dynamic
incremental analysis has gained special importance in evaluating the response of various
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structural types [13–15] or even in determining their seismic design factors [16], but this
type of analysis is usually computationally expensive in all its phases.

Many authors have tried to estimate, generally, the least favorable angle of incidence
or the response given by it, and to express this through formulas. An example of this
has been the procedure applied to reinforced concrete structures (Wilson and Button [17]).
Although this procedure is practical in design, as it is based on modal response spectrum
analysis, it does not take into account the components of the earthquake when they act
on the main structural axis. Meanwhile, Smerby and Der Kiureghian [18] have indicated
that the previous method had certain limitations. The problem has continued to be studied
by González [19], even applying linear analysis, obtaining relative errors of up to 30%. A
formula for determining the critical incidence angle has been proposed by Wilson et al. [20]
based on linear response spectrum analysis or modal response spectrum analysis to de-
termine the critical angle, using five load cases and three response spectra (López and
Torres [21]).

Response spectra are commonly used in the definition of seismic action, so it is
advisable to study their application by explicitly using the definition of directionality
(Anastassiadis and Panetsos [22]). Regarding the results, the different types of analysis
used tend to significantly affect their deviation from those obtained through conventional
analysis. For example, a bridge with curvature in plan studied by Gao et al. [23] using
nonlinear time-history analysis, combined with seismic records with incidence angles
varying between 0◦ and 180◦ in 6◦ increments, presented variations in force and moments
of up to 45% with respect to the conventional analysis. Similar studies [24–26] that have
addressed the use of different types of analysis present different results regarding the
influence of the angle of incidence on the maximum responses of the structures.

Next, some of the cited works are presented in greater detail, which will allow a better
understanding of the different approaches that have been applied to the problem.

1.1. Wilson and Button

They consider two response spectra applied at angles of 0◦ and 90◦, evaluate the forces
obtained using the CQC combination [17], and subsequently determine the critical angle of
incidence by means of the following equation:

tan (2θcr) = 2 f0 f90
1 + α2

( f02 − f902)(1 − α2)
(1)

where α is the factor that multiplies the response spectrum and f0 and f90 are the responses
obtained for an angle of incidence of 0◦ and 90◦, respectively.

1.2. González

In this work, three structures were analyzed with the proposed methodology that
consists of calculating the maximum response in each vibration mode using the angle of
incidence of the earthquake as a parameter and subsequently combining the results with
any modal combination criterion [19]. The displacement and stress results were compared
using nonlinear time-history analysis and modal response spectrum analysis as a basis. It
was concluded that the SRSS combination presented the best results in conjunction with
the proposed method.

1.3. López and Torres

The authors propose addressing the problem of directionality through modal response
spectrum analysis, solving five load cases [21].

The proposed method consists of the following:

• Solving the five spectral modal load cases to obtain the response parameters.
• Using Equation (3) to obtain the critical angle of incidence.
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• Using Equation (2) to obtain the maximum responses for each critical angle of inci-
dence.

It should be noted that each parameter can have a different critical angle, where R is
the peak response of the chosen parameter, C is the participation coefficient, and θcrit is the
critical incidence angle, calculated using the following equations:

R(θ) =
{[(

R1x)2
+
(

R2y)2
]
cos2(θ) +

[(
R1y)2

+
(

R2x)2
]
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[
∑
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∑
j
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In Equations (2) and (3), R2x
j and R2y

i are the peak modal responses obtained along the

structural reference axes x and y, respectively. Finally, R3 is the peak modal response in the
vertical axis z.

1.4. Menun and Der Kiureghian

The authors propose the use of the CQC3 combination as an alternative to the multi-
component combination (instead of the use of SRSS, CQC, and rules of 30% or 40%) [27].
Additionally, a formula is proposed for the calculation of the critical angle, where k and
l represent the axes and the seismic components considered, α is the coefficient of par-
ticipation related between the modes and the indicated direction, ρ corresponds to the
correlation coefficient between modes, and γ is the ratio between the design spectra used.
Finally, Ski correspond to the kth principal axis of the ground motion. The equations are
presented below:

R2
k = ∑

i
∑

j
ρijαkjαkiSkiSkj (4)

R2
kl = ∑

i
∑

j
ρijαl jαkiSkiSlj (5)

θcr =
1
2

tan−1[
2
γ R12

R2
1 − 1

γ2 R2
2
] (6)

1.5. Anastassiadis and Panetsos

This method is based on previously published considerations presented by Penzien
and Watanabe [24], which are used by means of the response spectra when considering
the existence of a major axis in the direction of the epicenter, intermediate transversal,
and minor vertical, this being valid only when the effects of proximity to the fault are
absent. The proposed seismic design is based on determining the critical orientation that
provides the greatest response, on calculating maximum and minimum response values
and on the application of the extreme stress or extreme force method to determine the most
unfavorable combination of the resulting stresses acting on specific structural elements [22].
To determine the critical direction, the reference systems indicated in Figure 1 and the
following equations should be used:

θcr =

⎧⎨
⎩ θ0 = 1

2 tan−1
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2 Rxy
Rx2−Ry2

)
θ0 + π/2

(7)
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2
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minR2 =
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(9)

R2
x = Rxa

2 + Ryb
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i
∑
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εij

(
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)
(10)

R2
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2 + Rya
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(11)
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∑
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εij

(
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)
(12)

Figure 1. Reference system; (a) maximum reactions; (b) minimum reactions [22].

In Equations (10)–(12), εij represents the correlation coefficients between the modes i
and j. A graphical representation of the reactions calculated using Mohr’s circle is shown
in Figure 2.

Figure 2. Representation using the circle of Mohr [22].

1.6. Dongsheng et al.

This method corresponds to a simplified version of the CQC3 method. The similar
method SRSS3 was introduced for the first time by Gao et al. [23], who postulate that this
method presents considerable errors if there is a high correlation between the vibration
modes of the structure, otherwise it gives similar results to the CQC3 method. The equations
presented below takes into account the proportionality between the design spectra in each
direction of analysis [28].

R1x = ∑
i

Ri
1xRi

1x (13)

R1y = ∑
i

Ri
1yRi

1y (14)

θ =
1
2

tan−1(
2 ∑i R1x

i R1y
i

(R1x)
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1.7. Athanapoulou et al.

The authors presented an analytical formula to determine the critical incidence angle
for structures subjected to three correlated seismic components. This implies solving three
time-history cases (one for each component) without the use of the model of Penzien and
Watanabe [24] and assuming linear behavior, as response spectra cannot be used because
correlation of the records is assumed. The object of the study was an irregular structure
with five stories [26]. Figures 3 and 4 show the reference axes considered and a graphic
representation of the reactions indicated.

Figure 3. Displacements with respect to reference axis (p, w) [26].

The equations necessary for the calculation of the critical angle are presented below,
where θcr1 corresponds to the angle for which the maximum response is obtained and θcr2
to the minimum response of the envelope R0, both taking into account the signs.

R0(tcr)
2 = Rx(tcr)

2 + Ry(tcr)
2 (17)

θcr1 = tan−1
(

Ry(tcr1)

Rx(tcr1)

)
(18)

θcr2 = tan−1
(

Ry(tcr2)

Rx(tcr2)

)
− π (19)

where tcr1 and tcr2 are the critical times when the maximum positive and minimum negative
displacements occur.

1.8. Lagaros

Multidirectional incremental dynamic analysis (MIDA), using pairs of records and
incident angles generated by Latin hypercube sampling (LHS), has been proposed to take
into account the variability of seismic excitation and the angle of incidence, focused on
the implementation of incremental dynamic analysis for performance-based design [29].
One symmetric and one asymmetric structure (both of three stories) were analyzed, consid-
ering fifteen records and an incidence angle between 0◦ and 180◦, uniformly distributed
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for the generation of the sample using LHS. Subsequently, the MIDA and its respective
representative MIDA curve were performed.

Figure 4. Displacements with respect to the reference axis (x, y) [26].

To perform the MIDA, intensity measurement must be selected, such as peak ground
velocity (PGA), peak ground acceleration (PGV), a spectrum related to the damping and
the first period, and so on. Then, the engineering demand parameter must be determined,
which was categorized into maximum deformation, cumulative damage, and global param-
eters [30]. The interstory drift measurements are based on maximum displacements, and
are used in this analysis as there is an established relationship between such measurements
and the performance of the structures: immediate occupation, life safety, and collapse
prevention (FEMA 273 [31]).

In summary, the method consists of the following:

• Selection of records;
• Selection of intensity;
• Selection of engineering demand parameter;
• Sample generation using LHS;
• Carrying out MIDA and its curves.

1.9. Summary of the Studies That Analyze the Influence of the Angle of Incidence

The studies shown so far include relevant procedures that are directly applied to
determine the seismic response of structures, either at the regulatory level [27] or at the
level of research carried out on structures whose importance or irregularity requires more
refined procedures of analysis [29]. On the other hand, these procedures serve as a basis for
questioning the regulatory application of address combinations [19,21,26], among which is
the combination of 100% and 30%, or the way in which the results are combined [19,22,28]
to obtain the stresses that will be applied in the structural design. These studies have
served as the basis for determining the influence of the seismic action’s incidence angle
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on different structural types that are presented below. A numerical study will be applied
to a set of representative archetypes of various structural typologies, which will make
it possible to obtain the maximum demands in displacements (produced by means of a
nonlinear time-history analysis combining the two components of strong earthquakes that
occurred in Chile), and in which the angle of incidence has been allowed variation in order
to determine under which angle the highest demands are reached.

2. Methodology

The following steps summarize the methodology applied to determine the influence of
the angle of incidence on the response of structures subjected to the seismic action typified
by accelerograms.

1. Definition of the archetypes to be analyzed, representative of the structural typologies
conventionally used in reinforced concrete buildings.

2. Selection of demand parameters, in this case corresponding to roof displacement and
interstory drift.

3. Selection of records to be used, considering strong earthquakes recorded in Chile.
4. Matching of the selected records with respect to the elastic design spectrum for a

type-B soil (fractured rock, stiff or dense soil) and reduction of the duration by means
of Arias intensity.

5. Application of transverse and longitudinal component of each record pair of compo-
nents simultaneously to the archetypes.

6. Normalization of the results obtained based on the maximum response obtained for
the archetype and record in question, considering all the angles of incidence used.

7. Combination of the engineering demand parameters by SRSS, as shown in the follow-
ing equation:

Ri,θ,j =
[
(max|Ri,θ,x|)2 + (max

∣∣Ri,θ,y
∣∣)2
]0.5

(20)

where max(Ri,θ,x) is the maximum reaction for archetype i in the angle of incidence θ
in direction x, or y in the case of max

(
Ri,θ,y

)
.

8. Calculation of the demand parameters for each archetype as the average of the maxi-
mums given the records used.

3. Definition of Case Studies

To study the combined effect of the angle of incidence of the seismic action and the
symmetry of the structures, a set of archetypes was defined in which different structural
typologies were used that gave rise to symmetric and asymmetric configurations. It is
important to clarify that the symmetry being studied refers to the orientation plane of the
structural axes (x and y), as asymmetry in elevation (with respect to the z axis) is outside the
scope of this study. The conventional axes found in the literature (shown in Figure 5) were
used as reference axes, where x and y correspond to the orthogonal axes that define the
structure and that are commonly used in its design and analysis. Meanwhile, w and p are
the axes upon which the pair of records was applied to perform the nonlinear time-history
analysis, with w being the longitudinal component and p the transverse component. The
pair of components of each record was applied with a variation at every 22.5◦, making a
sweep between the 0◦ position and the 360◦ position.

A set of strong motions recorded in Chile, which have been used in a recent study [32],
were used to perform the nonlinear analysis; the information of the records is summarized
in Table 1. A matching process was carried out, considering a Type-B soil (fractured rock,
stiff or dense soil) characterized by shear wave velocity greater than 500 m/s, modifying
the records so that the average of the combined displacement spectra for all pairs of
records is not less than 1.17 times the elastic spectrum of displacements of the Chilean
seismic code NCh433 [33], according to the procedure defined by Achisina [34]. The above
spectrum was determined for a high level of seismic hazard (0.4 g). The seismic records
were matched using the SeismoMatch software [35], which allows for the ordinates of the
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resulting response spectra to be adjusted to the ordinates of a spectrum specified by the
user. The algorithm developed by Al Atik and Abrahamson [36], available in the software,
was used. The results of the pairing process are shown in Figure 6. The significant duration
of the seismic records was reduced according to the Arias intensity [37], taking into account
the section equivalent to 5% to 95% of the earthquake intensity, obtaining records with
different duration, with this being a variable that affects the seismic response of low-rise
buildings [38].

Figure 5. Definition of axes according to the angle of incidence [29].

Table 1. Set of strong motions used to perform the nonlinear response analysis [32].

Seismic
Event

Mw
Epicenter
Coordinates

Station Direction PGA (g)
PGV
(cm/s)

PGD (cm)
Significant
Duration (s)

Valparaíso
1985

8.0 (CSN) 33.207◦ S Melipilla Longitudinal 0.53 40.30 6.03 29.35
Transverse 0.69 34.20 12.01 29.35

7.4 (USGS) 71.663◦ W San Isidro
Longitudinal 0.72 43.20 6.91 45.40
Transverse 0.71 43.40 5.54 45.40

Bío-Bío 2010

8.8 (CSN) 36.122◦ S
Angol Longitudinal 0.94 37.50 3.40 54.01

Transverse 0.70 34.30 7.00 54.01
Concepción
San Pedro

Longitudinal 0.61 44.70 21.10 78.15

8.8 (USGS) 72.898◦ W
Transverse 0.65 38.10 20.10 78.15

Constitución
Longitudinal 0.54 43.30 9.80 66.49
Transverse 0.63 68.60 13.90 66.49

Coquimbo
2015

8.4 (CSN) 31.573◦ S El Pedregal Longitudinal 0.69 30.60 19.80 52.74
Transverse 0.57 26.20 15.60 52.74

8.3 (USGS) 71.674◦ W Tololo
Longitudinal 0.24 31.80 14.50 53.72
Transverse 0.35 38.20 11.60 53.72

The structural archetypes proposed for the analysis suppose a representation of certain
specific conditions typical of real structures [39,40]. The archetypes represent buildings
with five stories, with spacing between stories of 3 m; a floor plan of 18 × 15 m with four
axes distributed every 6 m in the x axis and four every 5 m in the y axis; the sections of
the columns are 0.5 × 0.5 m and the walls are 0.2 m thick; the beams used have sections
of 0.30 m by 0.60 m; and the slabs are 0.15 m thick (see Figure 7). A residential use
of the buildings was considered. The structural elements were designed following the
procedures contained in the current versions of the Chilean regulations. Finite elements
with distributed plasticity were used, modeling concrete with the model proposed by
Mander et al. [41] and reinforcing steel with the Menegotto and Pinto model [42]. The
slabs were modeled as rigid elements. The buildings were modeled and analyzed using
the SeismoStruct software [43]. The design characteristics of the element materials are
summarized in Table 2.
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Figure 6. Design elastic spectrum in displacements, amplified by 17% with both average response
spectra and those obtained for the records used in the investigation.

Figure 7. Plan of archetypes used for analysis of the influence of the angle of incidence: (a) Archetype
1 plan, torsionally flexible; (b) Archetype 2 plan, torsionally rigid; (c) Archetype 3 plan, unidirectional
eccentricity; (d) Archetype 4 plan, flexible.
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Table 2. Properties of concrete and reinforcement steel.

Material Denomination f’
c or Fy[MPa] E [GPa] ν γ[kg/m3]

Concrete G25 25 25.7 0.2 2500
Steel A630-420H 420 200 0.3 7850

The four archetypes chosen correspond to reinforced concrete structures configured us-
ing different typologies, ranging from very stiff (building with shear walls, Archetype 2) to
structures of intermediate stiffness (frame building with a core of shear walls, archetype 1)
to flexible structures (frame building, Archetype 4). An archetype that presents a high plan
irregularity was intentionally introduced, so that the effect of such irregularity could be
studied along with the directionality of the applied seismic components. Figure 8 shows the
isometric views of the four archetypes studied; note the irregular distribution of the shear
walls of Archetype 3, which generates unidirectional eccentricity (according to the x axis).
The irregularity of Archetype 3 is proposed in a way that influences the dynamic results.
This strategy has been used in structures with another type of irregularity in plan [39]. All
the Archetypes designed comply with the normative prescriptions that govern the maxi-
mum admissible drifts for the different structural typologies. Likewise, all the Archetypes,
except naturally Archetype 3, satisfy the design requirements that limit irregularity in plan.

Figure 8. Isometric views of the archetypes studied: (a) Archetype 1 with a semi-rigid structure
made up of frames and a core of shear walls, (b) Archetype 2 with a rigid structure made up of shear
walls, (c) Archetype 3 with a semi-rigid structure made up of frames and shear walls distributed
asymmetrically, and (d) Archetype 4 with a flexible structure made up of frames.
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The results of the linear elastic analysis of the archetypes were obtained considering a
fraction of 5% of the critical damping. Table 3 shows the periods of the first six vibration
modes (obtained as a result of the dynamic analysis), specifying whether each mode is
translational (along the x or y axis) or rotational (along the z axis). Figure 9 shows the
design inelastic spectrum reduced by a regulatory response reduction factor of 11, and
presents the vibration periods of the first modes in the x and y direction. Some of the most
noteworthy findings are the special difference among the periods of Archetype 3 and the
practically equal periods in both directions for Archetype 4. It should also be noted that
some archetypes did not reach the minimum seismic coefficient in some directions (in
which cases, the response reduction factors were adjusted to ensure compliance).

Table 3. Periods of the first six modes of vibration of the archetypes.

Archetype

1 2 3 4

Mode T(s) Mode Type T(s) Mode Type T(s) Mode Type T(s) Mode Type

1 0.239 y 0.103 y 0.17 y 0.348 y
2 0.205 z 0.077 x 0.093 x 0.346 x
3 0.116 x 0.057 z 0.074 y 0.283 z
4 0.082 y 0.037 y 0.06 y 0.12 y
5 0.07 z 0.032 z 0.042 z 0.119 x
6 0.05 y 0.03 x 0.037 z 0.097 z

Figure 9. Inelastic design spectrum with the predominant structural periods in the directions
of analysis.

The stiffness and torsional properties of the archetypes were calculated and are sum-
marized in Table 4. The results show that there is a significant difference between the
stiffness of Archetypes 1 and 3. Archetype 2 presents a less notable difference in stiffness
than the previous one, while Archetype 4 presents practically the same stiffness in both
directions. The imbalance in the rigidity will prove to be significant in determining the
influence of the angle of incidence on the response of the archetypes. The calculated value
of torsional stiffness, as expected, is significantly higher in Archetype 2 (whose structure is
based on shear walls), and to a lesser extent in Archetype 3 (which has shear walls only on
the right side of the plan). This irregular distribution is what produces the eccentricity of
8.7 m in this archetype. It is important to point out that Archetype 1 presents insufficient
torsional rigidity, when verifying that ryc < ls.
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Table 4. Torsional properties of the archetypes.

Archetype

Parameter 1 2 3 4

Structural
eccentricity

ex (m) 0.00 0.00 8.70 0.00
ey (m) 0.00 0.00 0.00 0.00

Structural stiffness
Kx (kN/m) 3,209,720.85 7,330,165.60 5,072,777.75 325,002.45
Ky (kN/m) 737,992.79 4,069,043.81 1,610,221.60 320,719.98

Torsional stiffness JTC (kN.m/rad) 49,469,906.05 706,687,893.34 237,687,881.87 29,340,630.20

Trosional radius
rxc (m) 8.19 13.18 12.15 9.56
ryc (m) 3.93 9.82 6.85 9.50

Radius of gyration ls (m) 6.76 6.76 6.76 6.76

The nonlinear behavior of the archetypes was determined using fiber finite elements,
with a structural damping equal to 5% of the critical damping. The structural members
were incorporated into the model including the characteristics of the reinforcement, both
longitudinal and transverse, previously designed according to current regulations in Chile
for a high level of seismic hazard (0.4 g). In both the static and dynamic analyses, the P-Δ
effect was included.

As a first approximation to the seismic response, the conventional pushover analysis
was carried out in both directions for each archetype, whose capacity curves are summa-
rized in Figure 10. The pushover analysis was carried out considering a distribution of
lateral forces corresponding to the first vibration mode. This procedure, however, is not the
most appropriate to determine the torsional behavior of the archetypes studied.

Figure 10. Capacity curves obtained from conventional pushover analysis.

The results of the pushover analysis show capacity curves in which it is possible to
appreciate the difference in lateral stiffness of archetypes 1, 2, and 3 in the two directions
of analysis. Note that the capacity curves were represented in a normalized way with
respect to height and seismic weight, so that the response of the different archetypes can
be compared.
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4. Results and Discussion

Among all the results of the nonlinear time-history analysis, the two parameters of
the seismic response chosen are interstory drift (usually an indicator of the damage to
structural elements corresponding to a specific story) and roof displacement (which usually
allows the global ductility demands on a structure to be observed).

Next, figures are presented with the average results obtained for each archetype in
terms of interstory drift. All displacements and interstory drifts were calculated at the
centre of mass of each story. It should be noted that these figures display both the values
obtained by axes as well as the values calculated by SRSS combination. Global averages
refer to the average obtained by considering all the results on the indicated axis. There is a
clear trend in terms of the angle of incidence for each archetype, which does not seem to be
significantly affected by the story being evaluated on the structure in question.

The results presented below involving both interstory drift and roof displacement
were expressed in polar graphs. Each angle of incidence was presented considering a sweep
from 0◦ to 360◦ with an increment of 22.5◦. To graph the values of the interstory drift or
the displacement, the maximum values were calculated for each pair of components of the
corresponding earthquake considered in Table 1. Then, the maximum value, both for each
earthquake and for each angle of incidence, is determined between the previous maximum
values and for each direction of the response. This maximum value per direction is taken
in order to serve as a value against which all previous maximum values are normalized
according to the same value for all stories. It is important to mention that the maximum
displacements and the maximum drifts do not all occur at the same time of application of
the records used in the study. Similarly, it was not determined that these maximum values
occur at the times in which the PGA of the records occurs.

4.1. Interstory Drift

The results obtained in the archetypes using the accelerograms contained in Table 1
are presented below. This part shows the interstory drift measurements, which are very
important in the verification of the design as they can be correlated with the damage
achieved in a specific story. Figure 11a shows that Archetype 1 presents a clear trend, with
the angles of incidence of 135◦ and 315◦ producing the least response in the y axis (dotted
lines). For the x axis (solid lines), the trend is not so clear, because, apart from the two
angles of incidence mentioned for the y axis, it is noted that the incidence angles of 112.5◦
and 292.5◦ also present low values of interstory drift. The response obtained in the y axis is
similar to that obtained by the SRSS combination (see Figure 8b). Note that, in these figures,
each color corresponds to a specific story, obtaining in this case greater drift on the highest
stories of the archetype.

Figure 12a,b show the results obtained in Archetype 2. Given the irregular shape of
the displacements and interstory drifts, it seems that the minimums are given for angles of
incidence of 135◦ and 315◦, with a clear similarity between the SRSS combination and the
results obtained by the y axis. Also note that the largest interstory drift measurements are
reached for angles of incidence of 45◦ and 225◦. For the analysis in the x axis, it is noted
that the angles of incidence for which the smallest drift is obtained are the 45◦ and 225◦
angles. On the contrary, the largest interstory drifts in the y axis are reached for angles of
incidence of 157.5◦ and 337.5◦.

Regarding Archetype 3, Figure 13 shows a relatively homogeneous distribution for
the results obtained along the y axis. However, on the x axis, a clear influence of the angle
of incidence is observed. First, it can be seen that, on the x axis, the maximum interstory
drift measurements are reached for both angles of incidence of 0◦ and 90◦, while on the y
axis, the maximum interstory drift measurements are reached for angles of incidence of
157.5◦ and 337.5◦, with a notable reduction in interstory drift for angles of incidence of
67.5◦ and 247.5◦. The distribution obtained by means of the SRSS combination is similar
to that obtained in the results with respect to the y axis. This dissimilar behavior can be
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attributed to the fact that the structure on the x axis is symmetric, while on the y axis, it is
highly asymmetric.

Figure 11. Mean interstory drift measurements normalized for Archetype 1 per story, (a) without and
(b) with SRSS combination.

Figure 12. Mean interstory drift normalized for Archetype 2 per story, (a) without and (b) with
SRSS combination.
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Figure 13. Mean interstory drift normalized for Archetype 3 per story, (a) without and (b) with
SRSS combination.

Finally, the results obtained with Archetype 4 are presented. It is observed that this
archetype presents the most homogeneous response, which coincides with the more regular
structure obtained with structural frames in both directions, without the presence of eccen-
tricities. Note especially in Figure 14b that the interstory drift values are uniform regardless
of the angle of incidence, with a slight predominance of the 0◦ angle. Additionally, it can be
mentioned that the drift distribution in this archetype maintains the tendency to increase
with the height observed in the rest of the archetypes.

Figure 14. Mean interstory drift normalized for Archetype 4 per story, (a) without and (b) with
SRSS combination.
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Table 5 summarizes the results obtained from all the analyses regarding interstory
drift. The results show the angles of incidence under which the maximum and minimum
interstory drift occurred on both the x and y axes. Note that there is no common preferential
angle of incidence for the four archetypes studied, although, for Archetypes 2, 3, and 4 on
the x axis, maximum interstory drift values are maintained for an angle of incidence of 67◦
30′, while the minimum drift occurs for an angle of incidence of 157◦ 30′, which means
that there is a rotation of 90◦ between the angle of incidence of maximum and minimum
interstory drift. The same happens for the results of Archetype 1, where interstory drift
on the x axis reached maximum values for an angle of incidence of 292◦ 30′ and minimum
values for an angle of incidence of 202◦ 30′. Regarding interstory drift on the y axis, it can
be noted that the angle of incidence that produces the highest values is different for each
of the four archetypes, while the minimum values of interstory drift occur for an angle of
135◦ in the case of Archetypes 1, 2, and 3, and Archetype 4 reaches minimum values under
an angle of incidence of 157◦ 30′.

Table 5. Summary of the angles of incidence that produce the maximum and minimum drifts on the
archetypes in the x and y directions.

Min. Interstory Drift x Max. Interstory Drift x Min. Interstory Drift y Max. Interstory Drift y

Archetype Inc. Angle Story Inc. Angle Story Inc. Angle Story Inc. Angle Story

1 292◦ 30′ 1 202◦ 30′ 5 135◦ 1 270◦ 5
2 67◦ 30′ 2 157◦ 30′ 1 135◦ 1 247◦ 30′ 5
3 67◦ 30′ 1 157◦ 30′ 5 45◦ 1 157◦ 30′ 5
4 67◦ 30′ 1 157◦ 30′ 4 157◦ 30′ 1 90◦ 4

Meanwhile, Table 6 shows the interstory drift values calculated with the two compo-
nents of the analysis using the SRSS method. The values show that there is no clear trend
regarding the angles of incidence that produce the maximum and minimum interstory drift
for the different archetypes considered.

Table 6. Summary of the angles of incidence that produce the maximum and minimum interstory
drifts on the archetypes.

Archetype Min. Interstory Drift Max. Interstory Drift

1 135◦ 270◦
2 135◦ 247◦ 30′
3 315◦ 157◦ 30′
4 225◦ 0◦

4.2. Roof Displacement

Figure 15 shows the results of the roof displacement obtained and normalized. It is
observed that there is no major variation between any of the axes and the results obtained
by combination. The results obtained are similar to those presented above for each story.
On the other hand, the influence of the displacements reached in the y direction and on the
results of the combination according to SRSS is verified.

Table 7 shows the incidence angles for which the maximum and minimum roof dis-
placement occurs. Note the wide variety of angles of incidence that produce the maximum
displacement in both directions of analysis, which shows that the different archetypes do
not reach the maximum demands for a specific angle of incidence. The same can be inferred
from Table 8, in which the combined roof displacement is shown using SRSS. Note the
influence of the prevailing angle of incidence on the direction, which is reflected in both
the minimum and maximum values.
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Figure 15. Mean roof displacement, SRSS combination for (a) Archetype 1, (b) Archetype 2,
(c) Archetype 3 and (d) Archetype 4.
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Table 7. Summary of the angles of incidence that produce the maximum and minimum roof displace-
ment on the archetypes in each direction.

Archetype Min. Displ. x Max. Displ. x Min. Displ. y Max. Displ. y

1 292◦ 30′ 202◦ 30′ 135◦ 22◦ 30′
2 67◦ 30′ 315◦ 135◦ 247◦ 30′
3 67◦ 30′ 157◦ 30′ 135◦ 157◦ 30′
4 67◦ 30′ 337◦ 30′ 157◦ 30′ 247◦ 30′

Table 8. Summary of the angles of incidence that produce the maximum and minimum roof displace-
ment on the archetypes, SRSS combination.

Archetype Min. Displ. Max. Displ.

1 135◦ 22◦ 30′
2 135◦ 247◦ 30′
3 135◦ 157◦ 30′
4 225◦ 270◦

4.3. Comparison of Results with SRSS Combination

Figure 16a–d show the results of the interstory drifts and the global drift (Du is the
roof displacement normalized to the height of the building) in the axes for different angles
of incidence compared with those obtained using the SRSS combination. The results shown
were obtained taking into account the interstory drifts calculated in both directions of
analysis and for all angles of incidence. In these figures, the mean values and the values
of 1 and 1.5 standard deviation were included. It is observed that the combination has a
noteworthy impact in Archetypes 2 and 4, while in the rest, it can be considered negligible.
In none of the cases presented below is there a coefficient of variation greater than 5%,
which reflects some uniformity in the results obtained after their normalization. However,
it is observed that the structural elements could be oversized during the design process, as
the variations are noteworthy compared with not using the SRSS combination, especially in
Archetypes 2 and 4. From this, the following can be inferred: in buildings with very similar
stiffnesses in both directions of analysis (Archetypes 2 and 4), the results obtained applying
the SRSS method show less dependence to the flexible direction of the buildings, compared
with Archetypes 1 and 3, in which there is a greater difference between the stiffnesses
depending on the directions of analysis (see Table 3).
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Figure 16. Ratio of the interstory drifts achieved with different angles of incidence with respect to the
displacements achieved using SRSS combination for (a) Archetype 1, (b) Archetype 2, (c) Archetype
3, and (d) Archetype 4.

5. Concluding Remarks

In this study, four archetypes with different structures were used, using shear walls
(Archetype 2), frames (Archetype 4), and two combinations of such considering a regular
distribution in plan (Archetype 1) and an irregular one (Archetype 3). The results of the
nonlinear time-history analysis indicate that there is no clear predominance in the incidence
angle that produces the highest values of the chosen engineering demand parameters (roof
displacement and interstory drift).

When analyzing the results obtained by calculating seismic demand parameters such
as roof displacement and interstory drift, there seems to be a relationship between the
proportion of the stiffnesses obtained in each direction of analysis and the influence of the
angle of incidence; that is, as the proportion of the stiffnesses approaches 1, the influence of
the angle of incidence on the structural response decreases.

This influence is clear when comparing the shapes of the displacement distributions
of Archetype 2 (oval) and Archetype 4 (circular), as seen in Figure 9b or Figure 11b. This is
also supported by the results presented in Table 4. It should be noted that this difference
could also be due to the structuring of the archetypes, as Archetype 2 has a flexible axis
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and a rigid axis if its periods are analyzed, while Archetype 4 does not have such a clear
difference between its two orthogonal directions. On the other hand, Archetype 3, having
significant differences between the periods of its axes, shows more uniform distributions
with its flexible y axis as a reference, thus more studies are required to reach a conclusive
determination regarding the influence of the period on the angle of incidence.

In terms of roof displacement ratios obtained with various angles of incidence (calcu-
lated with SRSS combination), structures composed of shear walls and frames (Archetypes 1
and 3) present a lower dispersion than structures composed only of shear walls (Archetype 2)
or frame (Archetype 4). The moment-resisting frame archetype presents the lowest mean
values of roof displacement ratios, allowing us to consider that the design driven by the
values obtained with the SRSS combination should lead to a conservative design of such
structural typology.

Although the literature has extensively dealt with this issue, no results are found
regarding the cases of shear wall structures, so it would be prudent to carry out more
nonlinear time-history analysis using real structures, of different numbers of stories and
varied seismic hazard levels, given that—as indicated by various authors—the seismic
hazard level is essential when calculating the critical incidence angle.

In this study, the influence of a unidirectional eccentricity was also evaluated, but no
substantial differences were observed with respect to other archetypes, thus the review of
bidirectional eccentricities of greater magnitude is suggested in order to verify their influ-
ence in these case studies. This case corresponds to structures with large plan irregularities.

The results obtained are limited and should go further in the study of the directionality
of the earthquake to verify if other parameters of seismic demand are substantially affected
or not depending on the angle of incidence considered.
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Abstract: This paper focuses on the evaluation of bi-axial shear demand for reinforced concrete (RC)
beam–column joints assuming: (i) the SPEAR frame as a benchmark; and (ii) different structural
analysis methods which share the same seismic input. A numerical model was implemented using
lumped plasticity. The joints were modeled as rigid offsets of beams and columns. The shear demand
at a joint is evaluated as a post-process of the beam’s nodal moment. The discussion focuses on the
differences between the estimated shear demand considering modal-response-spectrum analysis
(MRSA), non-linear static analysis (NLSA) and non-linear time history (NLTH). Strength assessment
of joints is discussed as well. Significant strength differences were recognized by using different
building codes targeted to existing structures which, in general, behaved on the safe side. The
elliptical shear strength domain resulted in being conservative when compared to NLTH shear
demand orbits. NLSA, using modal combination, proved to estimate the larger shear demand with
respect to MRSA and NLTH.

Keywords: SPEAR; RC beam-column joint; pushover

1. Introduction

Post-earthquakes surveys revealed that beam–column joint failure is recurrent in RC
buildings showing structural deficiencies such as inadequate joint reinforcement [1]. When
a beam–column joint fails prematurely, the RC frame is both not able to sustain significant
displacement demand and, eventually, loses its gravity load carrying capacity because of
the buckling of column reinforcement [2].

The stress state of a beam–column joint is prevalently characterized by shear developed
at the boundaries of the joint and at the interfaces between the joint concrete and the
beam or column reinforcement [3]. Given its shear nature, design check is based on
equilibrium between shear demand and shear strength [4]. Nonetheless, compatible
models, defining the shear stress vs shear distortion constitutive law, are used in more
sophisticated numerical applications [5].

According to Mohele [6], a beam column joint is defined as that portion of the column
within the depth of the deepest beam that frames into the column. This definition implies
that more than one beam can frame into the column and, consequently, force input should
be considered bi-axial.

This paper focuses on the evaluation of bi-axial shear demand for beam–column
joints, comparing different numerical methods to carry out seismic structural analysis. The
selected benchmark structure is the SPEAR building [7]. First, the definition of joint shear
demand and joint shear strength are summarized in the section titled “Fundamentals of RC
beam–column joint”. Second, the section “Numerical study” presents the SPEAR frame by
recalling the associated literature; details of the implemented numerical models are given
as well. Third, the section “Results and Discussion” focuses on the shear demand at beam–
column joints, highlighting the differences between modal-response-spectrum analysis,
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non-linear-static-analysis and non-linear-time-history. Strength assessment according to
building codes targeted to existing structures is discussed as well. Finally, some conclusions
summarize the work.

2. Fundamentals of RC Beam-Column Joints

2.1. Joint Shear Demand

Considering an RC seismic primary frame such as the one shown in the Figure 1, a
beam–column joint panel is defined as the zone where both the beam and column converge.
A remarkable definition of the joint shear demand (Vj) is due to Paulay and Priestley [8],
who assumed the joint panel as a continuous part of the column (the same considerations
apply if it is considered as a part of the beam). When the diagram of bending moments are
characterized by a seismic prevalent condition, a sign inversion is needed, passing from the
top face to the bottom face of the joint panel. In this regard, Vj can be defined as follows, by
considering it as the gradient of the bending moment within the beam depth:

Vjh =
Vc(H − hb)

hb
, (1)

where Vc is the column shear, H is the distance between the column’s contraflexure points,
hb is the beam depth. As a result, by considering a common value of 3 m for H and 0.30
for hb, the ratio Vjh/Vc amounts to 9, roughly suggesting that the shear demand in the
beam–column joint has a different order of magnitude with respect to shear force either
in the column or in the beam. Different results have been suggested by Paulay [8], who
claimed the occurrence of a reduced gradient. In fact, Vjh/Vc was supposed to vary from
four to six. Similarly, Mohele [6] suggested Vjh/Vc ranging from three to five for interior
joints and half of those values for the exterior.

Gravity
G + 0.30q

Earthquake
E = Sa(q;T;..) W

W E

Beam-Column Joint
Free-body diagram

H
hb

Vb

Vc

C
olum

n Bending 

Vj = Vc(H-hb)/hb

Contraflex.

M(G+0.3 q) M(E) M(G+0.3 q +E)

Joint Panel
Reduced 
Gradient

Figure 1. Beam–column joint definition for a planar moment-resisting frame under gravity and lateral
forces. (Notes. The diagram of bending moment (M) are obtained from a simplified 2D analysis
carried out on SPEAR frame).
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The conventional definition of Vjh, widely adopted in design codes, is shown in Figure 2a.
An interior beam–column joint is considered when the hogging moment acts on the right
beam. After cutting with a horizontal plane, the horizontal free-body equilibrium requires:

Vjh = TR + CL − Vc, (2)

where TR is the tensile force of the top reinforcement on the right part, CL is the result of
compression stresses on the left part. This study assumes neglecting Vc in Equation (2).
Such an assumption will always result in being conservative as long as the seismic condition
is dominant for the bending moment diagram.

Vjh

VcVc
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CR

TL

CL TR CL

Vc

Beam Reinforcement

Cut Plane

Beam End Moment

Stress Distribution

jx

jy x

y
z

Mx

Ty

Tx

MyVcy

VcxVcx

Vcy

Aj

Aj,y

Aj,x

j

(a)

(b)

Cut Plane

Figure 2. Horizontal joint shear (Vjh) definition: (a) Case of a 2D interior joint; (b) 3D corner joint.

A similar definition can apply, considering the case of a bi-dimensional joint as the
one shown in Figure 2b. In this case, Equation (2) should apply both in x-z and y-z planes.

Frequently, shear stresses are used instead of shear forces. The definition is given
as follows:

τj =
Vjh

Aj
, (3)

where Aj is the horizontal projection of the joint area.

123



Appl. Sci. 2022, 12, 7153

According to ACI318 [9], the forces TR and CL, in Equation (2), should be calculated
either from: (i) the maximum moments transferred between the beam and column as
determined from factored-load analysis for beam–column joints with continuous beams in
the direction of joint shear considered; or (ii) from the beam nominal moments strength
possibly with overstrength. The latter is intended to account for: (a) the actual yield stress
of a typical reinforcing bar being commonly 10 to 25% higher than the nominal value; and
(b) the reinforcing bars strain hardening at member displacements only slightly larger
than the yield rotation. EC8 [10] and ACI352 [11], specifying an overstrength factor (γRd)
equal to 1.20 and 1.25, respectively. As an example, by defining As as the area of the beam
reinforcement anchored within the joint and fy the yielding stress, the yielding force (Ty)
can be written as follows:

Ty = As fyγRd. (4)

2.2. Joint Shear Strength

The following section reviews the evaluation of joint shear strength according to
three different building codes targeted to the assessment of existing structures, i.e., Eu-
ropean code [12] (draft of the new generation version), New Zealand code [13] and US
code [14]. The background of the analytical method is summarized in the following. A
final parametrical comparison is given.

2.2.1. Ec8

The draft of the new Eurocode 8 [12] applies the principal stress criterion for the
assessment of an existing RC beam–column joint. With reference to Figure 3a, the joint
volume is studied in the plane stress condition. The input forces are the horizontal shear
force (assumed to be equal to T) and the axial force in the column (N). The stress condition
is studied via Mohr’s circle as the one shown in Figure 3b. Both the cases of un-reinforced
and reinforced joint are represented.

When the principal tensile stress reaches fct the joint shear stress (τρ), for a reinforced
joint, can be written as follows:

τρ = fc

√(
νρsh +

fct

fc

)(
ν +

fct

fc

)
, (5)

where:

• ρsh = Ash
Ab

is the reinforcement ratio;

• ν = N
Ac fc

is the normalized axial force.

The shear stress is usually divided by the factor
√

fc. Such normalization is commonly
adopted by US authors and building codes, the cracking resistance of a beam–column
joint being assimilated to the tensile strength of concrete which is traditionally given as a
function of

√
fc [15]. Assuming ρsh is equal to zero in Equation (5) (un-reinforced joint),

the tensile normalized shear strength (vj,t) is written as follows:

vj,t =
fct√

fc

√
1 +

ν fc

fct
. (6)

The procedure to obtain the compressive normalized shear strength (vj,c) is similar to
that presented above for vj,t. First, Mohr’s circle is used to obtain the shear stress by im-
posing the value η fc for the compressive principal stress, where η = 0.55[min(1; 30/ fc)]1/3

is a reduction factor which takes into account the detrimental effect of transversal tensile
strains. Second,

√
fc normalization is used. Finally, the expression is as follows:

vj,c = η
fc√

fc

√
1 − ν

η
. (7)
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Figure 3. Principal stress method application to beam–column joint: (a) Free body diagram and stress
state definition for un-reinforced and reinforced joint; (b) Mohr’s Circle.

2.2.2. Nzsee-2017

Similarly to Eurocode 8, NZSEE-2017 [13] assumes the principal stress method to
evaluate the joint shear strength. However, an empirical coefficient (kj) is used: (i) to define
the increased strength of interior joint with respect to exterior; and (ii) to represent the
strength reduction at an imposed ductility level. The background of kj is experimental.
Further details are due to Hakuto [16]. kj values and its effect on the Mohr’s Circle are
shown in Figure 4.

The normalized shear strengths, vj,t and vj,c, are written as follows:

vj,t =
0.85√

fc

√
(kj
√

fc)2 + kj
√

fcν fc (8)

vj,c =
0.85√

fc

√
(0.60 fc)2 − 0.60 f 2

c ν. (9)

125



Appl. Sci. 2022, 12, 7153

A reduction of 30% is prescribed for joint shear strength when the joint is subjected to
bidirectional loading.

1.0 fc

0.40 fc

½ v

kj reduction

Figure 4. Definition of kj coefficient according to New Zealand code [13].

2.2.3. Asce41-17

ASCE 41-17 [14] prescribes nominal values for normalized joint shear strength by
selecting the joint type (interior or exterior) and the presence of transverse beam (defined
as the beam orthogonal to the flexural plane). This definition has been adapted for three-
dimensional joints, either having two-ways or three-ways converging beams, by defining
the joint type in each flexural plane as shown in Figure 5.

The reduced value of the strength is given for “non-conforming” joints, i.e., joints
characterized by the absence of horizontal reinforcement.

Additional provisions for bi-axial strength are given in ACI352 [11], i.e., the elliptical
interaction domain is assumed.

2.2.4. Parametrical Comparison

A parametrical analysis was carried out using the predicted values of the normalized
shear strength according to the reviewed building codes. The investigated parameters are:
(i) the compressive strength of concrete ( fc); and (ii) the normalized axial load (ν) ranging
from 10 to 60 MPa and from 0 to 0.70, respectively. The un-reinforced beam–column joints
being the target of this paper, Equation (5) was not addressed. A value of kj equal to 0.40
was assumed for NZSEE2017.

Figure 6a,b represents the EC8 results using Equations (6) and (7), respectively. The
condition of ν larger than η implies the lost of meaning for Equation (7), which is then
conveniently represented with zero resistance. Figure 6c,d shows the NZSEE2017 outcomes
using Equations (8) and (9), respectively. Fixed values of shear strength are given by
ASCE41-17 for different joint types, i.e., (INT) interior, (INT-TR) interior with transverse
beam, (EXT) exterior, and (EXT-TR) exterior with transverse beam.

As expected, for un-reinforced joints, tensile strength is generally lower with respect
to the compressive one. Exceptions are due to large values of the normalized axial force
contemporary to low values of fc, e.g., ν larger than 0.5 and fc lower than 30 MPa for EC8.

The normalized shear strength calculated according to the reviewed building codes
partly illustrates substantial differences to the point that a variation in the safety margin
should be expected if an existing structure is assessed according to different codes as will
be proved in the following numerical study.
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Figure 5. Beam–column classification according to ASCE41-17 [14].
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Dark
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Figure 6. Results for parametrical analysis on beam–column joint strength (normalized shear strength
vj []MPa0.5]) predicted by different building codes: (a) Equation (6); (b) Equation (7); (c) Equation (8);
(d) Equation (9). All the plots includes the constant values of the prediction given by ASCE41-17 [14].

3. Numerical Study

3.1. Scope

A numerical study is presented addressing the estimated shear demand for beam–
column joints of an RC 3D frame structure using different methods for the seismic structural
analysis, such as modal-response-spectrum-analysis (MRSA), non-linear-static-analysis
(NLSA) and non-linear-time-history (NLTH). The selected benchmark structure is the
SPEAR frame which was tested in 2004 pseudo-dynamically (PsD) at the European Joint
Research Centre at Ispra, Italy. Details of the structure as well as of the structural analysis
methods are given in the following.

3.2. Details of SPEAR Frame

The frame was a three storey frame with two bays in both plan directions. The details
of the structures are represented in Figure 7.
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Figure 7. SPEAR frame layout.

The structure was conceived by Prof. Fardis [17] as a typical RC structure designed
for gravity load only. Beams had a 250 × 500 mm cross-section, column had 250 × 250 mm
cross-section, 250 × 750 mm cross-section was used for one column. Flat slab had 150 mm
thickness with reinforcement mesh grid of 8 mm diameter bar spaced at 20 cm or 40 cm.
Beam–column joints were characterized by the absence of stirrups and straight anchorage
for the beam longitudinal reinforcement both at the bottom (two bars with diameter 12 mm)
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and top layers (four bars with diameter 12 mm). The estimated seismic masses were
65.5 tons for the first and second floors and 64.1 for the third floor.

The structure was tested both in the as-built condition and retrofitted using differ-
ent techniques for column strengthening, i.e., fiber-reinforced polymer (FRP) or jacket-
ing [17,18]. PsD tests were carried out with bi-axial seismic input. Montenegro 1979
Herceg–Novi ground motion record was selected. The recordings of the two orthogonal
components of horizontal accelerations were modified from natural records to be compati-
ble with the Eurocode 8 [10], Type 1 design spectrum, soil type C and 5% damping [19].
Time histories were scaled to conventional values of peak-ground-acceleration (PGA) equal
to 0.15 g and 0.20 g.

During the strongest test (0.20 g of PGA), the obtained displacements at the third floor
were in the order of 100 mm in both directions and 20 mrad of floor rotation. Columns
were the most damaged members of the structure, especially at the second story; significant
inclined cracks were observed on their compressive sides and on the tensile side at the beam–
column interface [20]. The damage on the rectangular column C6 was less important, even
though the crushing of concrete and cracks at the interface with beams were observed [18].

Through the years many researchers [7] addressed the SPEAR frame to validate
numerical models; a survey of the most relevant studies is summarized in Table 1. NLTH
analysis in conjunction with frame modeling was often adopted. In one case [21] brick
finite elements were used. The validation chain usually adopted: (i) experimental results of
the PsD test against NLTH; and (ii) NLTH against either NLSA or MRSA. To facilitate the
validation, the modeling criteria used in this study, which are summarized in the following,
were generally compliant with those assumed by the surveyed literature.

Table 1. Literature survey of numerical studies addressing SPEAR frame.

Author Ele (a)
Type of Analysis

Scope of Investigation Refs.
MRSA NLSA NLTH

Bento F � � � Validation of non-linear static procedures. [22]

Bhatt F � � �
Extension of Capacity Spectrum Method [23] to
non-symmetric case. [24]

Brun F � � � Validation of GC [25] time integration algorithms. [26]

Di Ludovico F � � � Assessment of experimental results. [27]

Dolsek F � � �
Validation of a probabilistic seismic performance
assessment. [28]

Fajfar F � � �
Definition of torsional amplification to be applied to
N2 method [29]. [30,31]

Kosmopoulos F � � � Validation of chord rotation demand from MRSA. [17]

Mola F � � � Assessment of experimental results. [32]

Pardalopoulos F � � �
Validation of lumped non-linear hinges representing
brittle failures. [33]

Reynouard B � � � Assessment of experimental results. [21]

Rozman F � � �
Comparison of seismic conforming variants of
SPEAR frame. [34]

Stratan F � � �
Assessment of experimental results. Influence of
modelling assumptions. [35,36]

Notes. (a) Type of elements: [F] frame; [B] Bricks or shells.

3.3. Structural Modeling and Seismic Demand

A three dimensional frame structural model was developed using SAP2000 [37]. De-
tails are given in Figure 8. Beams and columns were modeled using a lumped-plasticity [38]
approach. Specifically, elastic 3D frame elements (two nodes, 12 dofs) were used in conjunc-
tion with rotational non-linear springs (plastic hinges) assigned at the same location (zero
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length) of the extreme nodes. The element size was kept equal to one half of the inter-storey
height for the columns and half-bay for the beams. Columns were clamped at the base.
Floor masses were lumped at the centers of mass. Diaphragm kinematic constraint was
assigned at each floor.

Elastic beam element

Plastic Hinge

Details of 
beam-column joint

Rigid 
Offsets

hb

hc

Node

Zero
Length

Figure 8. Modeling features.

The plastic hinges’ constitutive law (moment vs rotation) was defined for each beam
and columns, considering different axial load levels for the latter. In particular, a preliminary
sectional analysis was carried out using Response2000 [39]. The yielding moment was
evaluated from the moment–curvature diagrams (examples are given in Figure 9). Plastic
rotation capacities were attributed empirically as shown in Figure 10, complying with the
FEMA356 [40], similarly with what was presented by Stratan [35]. Takeda [41] model was
used for the hysteretic response.

Slab contribution to the flexural capacity of the beam was neglected because it would
activate only for large ductility demand [42], which was not reached at the imposed seismic
level. Furthermore, a weak column condition is recognized even using the beam’s nominal
dimensions, as can be inferred from Figure 9. Indeed, despite the case of the strong column
(cross-section 25 × 75 cm), beam bending capacity (nominal cross section 25 × 50 cm)
results in being larger with respect to the columns having a 25 × 25 cm cross-section.
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Figure 9. Moment–curvature diagrams for the cross sections of beams and columns of SPEAR frame.
Results were obtained using the software Response 2000 [39].
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Figure 10. Definition of plastic hinges according to FEMA356 [40].

Beam–column joints were modeled as rigid. The half depth of both the column and
beam was set as a rigid length. A discussion about differences in adopting center-line
modeling, which assumes beams and columns that are entirely flexible, can be generally
found in [43]. Moreover, Stratan [35] studied the influence for SPEAR frame’s joint. In
essence, higher shear demand is a consequence of rigid offsets. Center-line modeling may
be used as a simple way to account for both the reduction of stiffness and strength due to
additional deformation in the joint regions [44].

Different methods were used to carry out the seismic structural analysis as presented
in Table 2. The seismic demand was chosen such that the comparison between different
methods can be sustained as explained in the following.

NLTH assumed Herceg–Novi (1979) spectrum-compatible accelerograms as shown in
Figure 11. The original time recordings, available at http://ngawest2.berkeley.edu in April
2022, were processed (using OpenSeismoMath [45]) to fit the elastic spectra (5% damping,
Type I, Soil C), defined according to Eurocode 8 [10]. This procedure is consistent with
what was described by Negro [19] for the execution of the PsD test.

MRSA used a design spectrum. A behavior factor (q) equal to 3.45 was assumed to be
similar to that declared by Rozman [34].

NLSA simply assumed 100 mm roof displacement (center of mass), in both x and y
directions, as a target displacement. This condition is comparable to the results obtained
via both NLTH and MRSA. Gravity load and P-Δ effect were not taken into account.

Time Window used in NLTH

(a) (b)

q = 3.45

5% Damping
SOIL C

Figure 11. Seismic demand: (a) Response spectrum; (b) Herceg–Novi (1979) acceleration time histories.
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Table 2. Details for structural analyses.

Method Seismic Demand Notes Ref. (a) Bi-Dir. (b)

MRSA Design Response Spectrum with q = 3.45
according to Figure 11. Modal Combination uses CQC rule. [34] 30% rule.

NLSA Capacity Spectrum with 100 mm target
displacement in both directions. Multi-Modal according to [46]. [18,36] SRSS.

NLTH Herceg-Novi Accelerogram (PGA = 0.25 g)
according to Figure 11 Direct integration according to [47]. [33] Simultaneous

inputs.

Notes. (a) References used to compare the numerical results. (b) Method used to account for bi-directional seismic
demand.

3.4. Validation

The structural analyses were validated against both experimental and numerical
results derived from the literature. Results are briefly discussed, in the following, assuming
the global behavior of the structure as a target, e.g., inter-story drifts, capacity curves,
displacement time histories.

The influence of beam–column joints modeling was recognized by modal analysis. In
particular, rigid offsets gave shorter periods for the first three modes as can be inferred
from Table 3. Furthermore, the first three modes (Figure 12a) amount to almost 80%
of the participating mass in both x and y directions. Clearly, the third mode involved
torsional behavior, although only partly confirmed by previous numerical investigation.
Nevertheless, MRSA produced comparable results with respect to Rozman [34] for drift
values as shown in Figure 12b.

Table 3. Validation of Modal Analysis results.

Author/Model Ref.
T1 MX MY T2 MX MY T3 MX MY
(s) (%) (%) (s) (%) (%) (s) (%) (%)

DiLudovico [27] 0.62 71.80 5.80 0.54 12.40 60.50 0.43 12.40 60.50
Reynouard [21] 0.64 - - 0.54 - - 0.42 - -
Stratan [36] 0.57 - - 0.48 - - 0.39 - -
Rozman [34] 0.80 69.00 4.80 0.69 15.60 47.80 0.58 2.70 30.30
Negro (Experimental) [19] 0.84 - - 0.78 - - 0.67 - -
RIGID This paper 0.85 55.00 0.00 0.47 2.18 56.00 0.35 31.00 27.00
FLEXI This paper 1.24 54.00 0.00 0.64 2.10 56.00 0.50 31.00 27.00

Notes. MX and MY are the participating masses in X and Y direction, respectively.

Results of NLSA are shown in Figure 13. For the sake of validation, two different load
patterns were adopted, i.e., uniform distribution of forces and modal; the latter resulting in
reduced lateral load bearing capacity. Plastic hinges formed in the columns. Most of the
beams remained in the elastic regime. This evidence agreed with what was presented by
Rozman [34].

Figure 14 shows the resulting displacement history (roof) in the y direction obtained
via NLTH. The comparison with experimental outcomes shows that agreement was found
for the oscillation period, the differences in peak values being in line with those obtained,
for instance, by Pardalopoulos [33].
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Figure 12. Validation of MRSA applied to the SPEAR frame: (a) Modal analysis results [Note. The
first three relevant modes amount 86% and 82% of participating masses in X and Y directions,
respectively]; (b) MRSA drifts results.
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The Reader is referred to the color version of this figure.
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Figure 14. Validation of NLTH applied to the SPEAR frame, y–displacement at the roof.

4. Results and Discussion

4.1. Shear Demand at a Joint

The shear demand at a beam–column joint is not conventionally given as an output
by commercial FEM software, thus post-processing is needed. Figure 15 shows the key
aspects of the implemented post-processing. At the joint labeled “i” each converging
beam delivers a bending moment, represented as arrows in the x-y plane. The horizontal
shear demand (Vjhx and Vjhy) is given in each flexural plane as the summation of T-forces
contribution coming from left and right side of the column neglecting the column’s shear.
The T forces represent the resultant of stresses at the column–face cross section under the
applied bending moment. For the sake of simplicity, a fixed value of the internal lever
arm is assumed equal to 0.83 times the effective depth of the beam. Different assumptions
should not lead to significant changes for the final shear demand [48].
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Figure 15. Post-process procedure to evaluate shear demand at beam–column joint “i”. (Note “a”,
“b”, “c”, “d” labels define the converging beams at the node).
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Considering a practical assessment scenario, the designer might be interested in
envelope values. In this regard, the following additional assumptions either on modal
combination or bi-directional seismic demand were made for the different analysis methods:

• (MRSA) Maximum values of shear demand at a joint are evaluated, considering the
30% rule for the bi-directional combination. Modal contributions were summed using
the complete-quadratic combination (CQC);

• (NLSA) Pushover curves were calculated using the modal force distribution for the
first three modes. Specifically, target displacements were assumed in the x-direction
for the mode “1” and in the y-direction for the mode “2”. Mode “3” being torsional,
both the ±x and ±y directions of target displacements were considered. Subsequently,
idealization of the pushover curve into a bi-linear curve is made. Shear demand
at a joint is extracted for each idealized pushover curve, at the target displacement.
The final shear demand is then computed, summing the modal contribution using
CQC. This procedure is compliant with what was proposed by Chopra [46], named
modal-pushover-analysis (MPA);

• (NLTH) Extreme values of shear demand at a joint are extracted from time histories.
Acceleration of time histories apply simultaneously in ±x and ±y directions. Envelope
of the results coming from different direction signs is made.

To summarize, the shear demand at each flexural plane of a beam–column joint is
computed as a post-process starting from values of beams’ bending moments converging
at one node. Two major hypotheses were made: (i) the internal lever arm at the column
face cross section of the beam is assumed to be constant; and (ii) the contribution to the
horizontal equilibrium of the column’s shear is neglected. The latter assumption has already
been discussed in Section 2.1, defining the joint shear demand for a planar joint.

Different strategies with respect to the one proposed in this study might facilitate the
output of shear demand. Usually they imply additional dofs for the numerical model. As
an example, explicit joint modeling can be pursued via single or multi-springs [5]. Besides,
the introduction of a stiff “shear hinge” was recently proposed by Pardalopoulos [33]. It
is worth mentioning, though, that the introduction of a large stiffness, compared with the
flexural stiffness of the beam, remains dubious in the light of numerical errors (the reader
is refereed to paragraph 8.2.5 of [49]).

4.2. Bi-Axial Shear Demand Using NLTH

Figure 16 shows the bi-axial shear demand curves obtained via NLTH analysis for
the case of +x and +y excitation. This condition is privileged in this discussion because
it is equal to the pseudo-dynamic experimental input [19]. Additionally, the elliptical
domain prescribed by ACI352 [11] is defined at each beam–column joint. The ellipse radii
represent the joint shear strength evaluated according to ASCE41-17 [14]. Moreover, the
results are compared with the yielding threshold defined according to Equation (4). For
the sake of synthesis, only the first and the second floor results are discussed. The latter
was characterized by the highest shear demand peaks. The third floor has been omitted
because shear demand results were moderate.

As expected, the shear demand does not overcome the yielding threshold, this being
inherently included in the definition backbone curves for the beams’ plastic hinges. The
elliptical envelope shape of the shear demand orbits is recognized for the majority of the
cases. The principal axes of the envelope do not necessarily coincide with x and y directions.
This result is consistent with what was proven, numerically, by Menun [50] for bi-axial
bending interaction at the columns.

Cases where the shear demand exceeds the shear resistance deserve a particular
explanation. In fact, the studies describing the experimental results [18,20] of the SPEAR
frame did not report beam–column joint failure and diagonal cracking has been described
as occasional. In this regard, and by observing that the shear resistance is exceeded
especially for the cases where bi-axial interaction becomes significant (i.e., corner joint), it
follows that the elliptical strength domain is conservative. Nothing can be said about a
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possible over-estimation of shear demand which cannot be sustained conclusively due to
the impossibility to validate the obtained results against experimental references. To the
authors’ knowledge, only Stratan [36] attempted to numerically evaluate the shear demand
at the beam–column joint of the SPEAR frame. Results were reported as mean extreme
values of NLTH analysis (the reader may find the definition of mean extreme value in the
Section titled “Probability Distribution for extreme values” in [51]). Comparison with those
is given in the following. Besides, Pardalopoulos [33] modeled the SPEAR frame including
“shear hinges” at beam–column joints but shear demands were not presented explicitly.

Scale 
1 MPa0.5

vjx

vjy

1st Floor 2nd Floor

KEY

Yielding threshold ASCE 41-17
Strength Ellipse

Figure 16. Bi-axial shear demand of beam–column joint obtained with NLTH (Case of +x and +y
excitation). The reader is referred to the color version of this figure.

4.3. Evaluated Shear Strength

Shear strengths evaluated according to building codes reviewed in Section 2.2 are
graphically presented in Figure 17. The numerical values are given in Table 4. For the
sake of synthesis, both the Figure and the Table include also the shear demand which is
discussed subsequently.

Shear strength has been evaluated considering the beam–column joints as being three
dimensional without stirrups. The definition of joint type, at each flexural plane, according
to Figure 5 applies only for ASCE41-17 and NZSEE2017. No distinction is given for EC8. A
reduction of 30% has been applied to the strength values of NZSEE2017, complying with
the provision for the bi-axial condition. The axial load for the column is considered at the
seismic combination. Only tensile failure (e.g., Equation (6)) is reported because it has been
recognized as dominant with respect to the compressive. Moreover, a constant value of 0.4
for the coefficient kj (defined at Figure 4) in Equation (8) has been assumed according to
the evidence of reduced ductility demand for the beam.

Differences between predicted values of shear strength, using different building codes,
are recognized. NZSE2017 gives generally the lowest prediction with respect to EC8 and
ASCE41-17. The latter prevails for knee joints. Figure 18 shows the ratio between the
evaluated shear demand via NLTH (assumed as the most accurate with respect to NLSA
and MRSA) with respect to predicted shear strength (demand-to-strength) as a function of
the different joint type. Demand-to-strength ratio is expected to be less than one according
to the experimental absence of joint shear failure. Values larger than one are recognized
mostly for exterior joint type. This condition can be explained as an excess of safety margins
for corner joints if the plane exterior joint type is attributed to both the flexural planes.
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Probably, a larger strength should be expected as the result of the confinement offered by
the beams in both directions as claimed by Kurose [52] discussing experimental evidence.
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Figure 17. Evaluated joint shear demand and strength for beam–column joints of SPEAR frame. The
reader is referred to the color version of this figure.
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Figure 18. NLTH Demand-to-strength ratios for the beam–column joints of SPEAR frame. The reader
is referred to the color version of this figure. (Note. NLTH demands are evaluated using extreme
absolute values.)

Table 4. Shear strength and demand evaluated for beam–column joints of the SPEAR frame.

Shear Strength Shear Demand

min(vj,x) min(vj,y) max(vj,x) max(vj,y)
All the Values Are Expressed in MPa 0.5

COL FL T-XZ T-YZ ν EC8 ASCE41-17 NZSEE2017 MRSA NLSA NLTH
(a) (b) (c) (d) (e) vj,x−y vj,x vj,y vj,x vj,y vj,x vj,y vj,x vj,y vj,x vj,y
C8 1 EXT EXT 0.03 0.471 0.498 0.498 0.397 0.397 0.531 0.517 0.703 0.700 0.515 0.778

C9 1 EXT-
T

INT-
T 0.10 0.607 0.664 0.996 0.511 1.043 0.337 0.588 0.925 0.900 0.049 0.672

C5 1 EXT EXT 0.04 0.493 0.498 0.498 0.415 0.415 0.509 0.419 0.627 0.750 0.388 0.119

C1 1 INT-
T

EXT-
T 0.16 0.701 0.996 0.664 1.143 0.591 0.618 0.303 0.884 1.161 0.920 0.683

C2 1 EXT EXT 0.11 0.626 0.498 0.498 0.528 0.528 0.408 0.364 1.074 0.728 0.709 0.525
C4 1 EXT EXT 0.21 0.767 0.498 0.498 0.647 0.647 0.309 0.444 0.771 0.769 0.039 0.241
C7 1 EXT EXT 0.08 0.571 0.498 0.498 0.481 0.481 0.378 0.562 0.768 0.556 0.075 0.241

C6 1 INT-
T

EXT-
T 0.04 0.504 0.996 0.664 0.940 0.425 0.391 0.404 0.784 0.714 0.075 0.014

C3 1 EXT-
T

INT-
T 0.31 0.884 0.664 0.996 0.747 1.352 0.231 0.673 1.521 0.886 0.369 0.718

C8 2 EXT EXT 0.01 0.433 0.498 0.498 0.364 0.364 0.429 0.486 0.512 0.553 0.508 0.905

C9 2 EXT-
T

INT-
T 0.05 0.514 0.664 0.996 0.433 0.950 0.257 0.573 0.642 0.701 0.498 0.540

C5 2 EXT EXT 0.02 0.447 0.498 0.498 0.377 0.377 0.370 0.402 0.535 0.662 0.441 0.493

C1 2 INT-
T

EXT-
T 0.08 0.574 0.996 0.664 1.009 0.484 0.462 0.304 0.684 0.838 0.553 0.536

C2 2 EXT EXT 0.05 0.524 0.498 0.498 0.441 0.441 0.296 0.327 0.800 0.664 0.477 0.569
C4 2 EXT EXT 0.11 0.614 0.498 0.498 0.518 0.518 0.241 0.393 0.563 0.695 0.500 0.397
C7 2 EXT EXT 0.04 0.491 0.498 0.498 0.414 0.414 0.304 0.497 0.728 0.406 0.463 0.783

C6 2 INT-
T

EXT-
T 0.02 0.458 0.996 0.664 0.897 0.385 0.315 0.369 0.741 0.422 0.528 0.363

C3 2 EXT-
T

INT-
T 0.16 0.695 0.664 0.996 0.587 1.138 0.183 0.663 1.050 0.499 0.374 0.664

C8 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.173 0.257 0.498 0.234 0.195 0.217
C9 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.106 0.241 0.268 0.265 0.170 0.208
C5 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.140 0.188 0.249 0.306 0.358 0.228
C1 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.170 0.140 0.279 0.332 0.250 0.210
C2 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.118 0.151 0.332 0.263 0.143 0.123
C4 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.104 0.156 0.239 0.260 0.105 0.259
C7 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.133 0.230 0.562 0.166 0.168 0.235
C6 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.144 0.229 0.702 0.177 0.141 0.224
C3 3 KNEE KNEE 0.00 0.404 0.332 0.332 0.340 0.340 0.080 0.323 0.384 0.174 0.224 0.201

Notes. (a) Column label according to Figure 7. (b) Floor number. (c,d) Joint type according to Figure 5. (e) Normal-
ized axial load at top portion of the column. Shear demand at yielding of beam’s longitudinal reinforcement (top
layer) is equal to 0.89 MPa0.5.
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To summarize, beam–column joints of the SPEAR frame showed significant strength
differences. Two major aspects impacted the most , i.e.: (i) the definition of the joint type in
each flexural plane; and (ii) the use of a different building code. For the latter, a discussion
on the strength accuracy (e.g., [4]) cannot be sustained conclusively because the compared
shear demands represent a condition far from failure, as it was observed experimentally.

4.4. Comparison of Shear Demands

The envelope values of shear demand, computed for different structural analysis
methods, are reported in Table 4 and Figure 17.

It is clearly recognized that NLSA: (i) gave larger values if compared with MRSA
and NLTH; and (ii) generally exceeded the lowest predicted strength. The latter, which
contradicts the experimental evidence, can be partly sustained by recalling what was
claimed by Chopra for the estimation of plastic hinge rotations using the modal-pushover
(MPA) [53]: . . .All pushover analysis procedures considered do not seem to compute accurately
local response quantities, such as hinge plastic rotations. Thus, the structural engineering profession
should examine the present trend of comparing computed hinge plastic rotations against rotation
limits established in FEMA-273 to judge structural performance. Perhaps structural performance
evaluation should be based on storey drifts that are known to be closely related to damage and can be
estimated to a higher degree of accuracy by pushover analyses. In this context, element forces
could also be assimilated to local response quantities, thus less accuracy should be expected
when MPA is employed. As a proof of that, cases where the estimated shear demand
overcame the yielding force were recognized. Specifically, according to Equation (4), a
value of 0.88 MPa0.5 was obtained for the hogging type moment, having considered an
overstrength factor equal to γRd 1.25. Although the sagging type moment gave half of
the value, the comparison with envelopes of shear demand can be sustained only for the
former case.

While the adoption of MPA has been considered as the state-of-the art for the inelastic
analysis of non-symmetric structure (possibly torsionally flexible) under bi-axial seismic
input, the authors are aware of other procedures such as the “modified” N2 method [30,31].
Although its computational effort is reduced with respect to MPA, the same lack of accuracy
in predicting the element forces should be expected.

Differences were recognized by comparing NLTH values with those given by Stratan [36].
The deviation trend is not easily discernible to the point that, aside from general differences
in modeling, both (i) a different definition of shear demand and (ii) use of mean extreme
values rather than absolute might have an influence.

Finally, the shear demands are represented as a function joint type in Figure 19. The
exterior joints with a transverse beam were characterized by the highest shear demand by
using NLSA. Interior joints prevailed with MRSA. NLTH did not show a quite clear trend.
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Figure 19. Shear demand of beam–column joints of SPEAR frame as a function of the joint type.
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5. Conclusions

A numerical study was presented considering a notorious benchmark in the context
of RC structures against earthquake loading, i.e., the SPEAR frame. This paper focused on
shear demand at beam–column joints. Results were obtained using a three-dimensional
numerical model validated against past studies addressing the same structure. Beam–
column joints were modeled with rigid offsets. Flexural type plastic hinges were assumed
to be inelastic sources for both beams and columns. Different methods for structural
analysis were employed such as MRSA, NLSA and NLTH, assuming a comparable seismic
demand. The obtained shear demands at joints were compared to shear strengths evaluated
according to building codes targeted to existing structures. The following conclusions can
be drawn:

1. The shear demand at a beam–column joint being a non-conventional output, a post-
process based on nodal moments is needed. Two major hypotheses were made: (i)
the internal lever arm at the column face cross section, of the beam, was assumed
constant and (ii) the contribution to the horizontal equilibrium of the column’s shear
was neglected. The last assumption’s results are conservative;

2. Shear strength evaluation should be extended to all the beam–column joints in a
three-dimensional frame, distinguishing two flexural planes. Significant strength
differences might be influenced by (i) the joint type attribute in each flexural plane
and (ii) the use of different building codes;

3. The larger safety margin was recognized for corner joints by assigning to them the
exterior joint type in both the flexural planes. Larger strength should be expected as a
result of the confinement offered by the beams in both directions. Besides, elliptical
strength interaction domain results were conservative when compared with NLTH
shear demand orbits;

4. Among the reviewed building codes, EC8 produced larger strength predictions than
ASCE41-17 and NZSEE2017. The latter produced the lowest ones. Discussion about
the strength accuracy was not intended because the compared shear demands repre-
sent a condition far from failure;

5. NLSA was proven to estimate the larger shear demand with respect to MRSA and
NLTH. Differences were explained as a consequence of the possible inaccuracy of
NLSA, using modal combination, in the evaluation of elements’ forces. Such evidence
needs to be investigated further since NLSA is frequently adopted in the assessment
of existing RC structures as a compromise between MRSA and NLTH.
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CQC Complete Quadratic Combination
dofs degrees-of-freedom
MPA Modal-pushover-Analysis
MRSA Modal Response Spectrum
NLSA Non-Linear Static Analysis
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NLTH Non-Linear Time History
PGA Peak Ground Acceleration
PsD Pseudo-dynamic
RC Reinforced Concrete
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Abstract: When high-rise buildings are shaken due to external forces, the facilities of the building
can be damaged. A Tuned Mass Damper (TMD) can resolve this issue, but the seismic resistance of
TMD is exhausted due to the detuning effect. The Impulsive Semi-Active Mass Damper (ISAMD)
is proposed with fast coupling and decoupling at the active joint between the mass and structure
to overcome the detuning effect. The seismic proof effects of a high-rise building with TMD and
ISAMD were compared. The numerical analysis results indicate that: (1) the reduction ratio of the
maximum roof displacement response and the mean square root of the displacement reduction ratio
of the building with the ISAMD were higher than 30% and 60%, respectively; (2) the sensitivity of the
efficiency index to the frequency ratio of the ISAMD was very low, and detuning did not occur in the
building with the ISAMD; (3) to achieve stable seismic resistance of the ISAMD, its frequency ratio
should be between 2 and 4; (4) the amount of displacement of the control mass block of the ISAMD
can be reduced by enhancing the stiffness of the auxiliary spring of the ISAMD; and (5) the proposed
ISAMD has a stable control effect, regardless of the earthquake distance.

Keywords: Impulsive Semi-Active Mass Damper; frequency ratio; mass ratio; structural displace-
ment; maximum roof displacement

1. Introduction

As science and technology advance further, the demand for urban development con-
tinues, so high-rise buildings and skyscrapers are constantly being built. Many important
cities think of such buildings as landmarks. However, if such buildings are shaken by
wind or earthquake forces, the users may experience both physical and psychological
discomfort. Such shaking can also damage the facilities in the building, such as elevators,
water towers and pipelines. Although these effects are rarely considered as design control
factors for structural security, long-term dynamic deformation can shorten the fatigue
lifetime of structural materials. Thus, the shock absorption of high-rise buildings is a very
important issue.

Unlike energy dissipation technology [1–16], a TMD needs to be installed on the
higher floors of a building to provide a fine shock absorption effect. The weight of a
mass damper is much less than that of the structure, and the available space for such an
installation is limited. However, the TMD is a popular passive control technology for super
high-rise buildings. Currently, TMDs have been installed in buildings worldwide, such
as the Citigroup Center, USA [17]; CN Tower, Canada [18]; John Hancock Tower, Boston,
USA [19]; and Taipei 101, Taiwan [20]. The main purpose of a mass damper is to reduce
wind-generated building vibrations by 30–40%. Many empirical formulas of the optimal
parameters for the frequency ratio and damper ratio of a TMD [21–27] have been proposed
over the past 20 years. The optimization of the design of a TMD is not complicated if the
basic natural frequency is calibrated well. However, changes to the service modes of a
building, aging materials and other problems can contribute to changes in the structural
frequency of a building, and. over time, the frequency ratio of the TMD will deviate from
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the effective frequency ratio interval. This deviation reduces the shock absorption effect of
the TMD. Many studies have pointed out that, when the material or geometric conditions
of a structure enter a nonlinear state under the action of a strong wind or seismic force, the
shock absorption effect of a TMD is almost completely lost. The reason is that the basic
natural frequency of the structure decreases and the frequency ratio of the TMD shifts. This
phenomenon is called the “detuning effect” of a TMD. To mitigate or obviate this effect,
many improvement strategies have been proposed by many scholars [28–44], including the
Multi-Tuned Mass Damper (MTMD), Active Variable Interal-Semi-Active Mass Damper
(AVI-SAMD) and Switched Semi-Active Mass Damper (Switch-type SAMD).

The natural frequency of the Semi-Active Mass Damper (SAMD) is similar to the
natural frequency of the structure. Therefore, the natural frequency of the semi-active mass
dampers with impulsive reaction [45] provides twice the natural frequency of the structure.
Therefore, a kind damper was defined to distinguish the difference between SAMD and
this new structural control mechanism, the Impulsive Semi-Active Mass Damper (ISAMD).
The main purpose of ISAMD is to address the main defects of the TMD and thereby
to improve the shock absorption effect. The ISAMD adopts the advantages of both the
TMD and the Active Mass Damper (AMD) and requires only a limited power supply.
The control method of the ISAMD involves simply locking and unlocking the connection
between the structure and the control mass. These “Unlock” and “Lock” actions of the
ISAMD are determined solely according to the structural reactions of the structure under
excitation by external forces. Because this action changes the natural frequency of the
entire structure, the structural reactions can be reduced. The research achievements of the
impulse semi-active mass control mechanism [46] show that the optimal design frequency
ratio for this ISMAD is around 4 with a mass ratio around 0.04–0.06 as well as suitable
mass distribution at each floor. The frequency ratio of structure with ISAMD should be
less than 4.0 to avoid enlarging the maximum acceleration responses. Regardless of the
structural frequency misestimation ratio, the detuning phenomenon had little effect on
structure under control of ISAMD. Nevertheless, a higher or lower misestimation ratio of
the structure frequency caused a worse shock absorption effect of structure under control
of TMD [47]. To overcome the defects of TMD, the control mechanism of the ISAMD and
the Directional Active Joint of the ISAMD were developed in this research to derive the
control law based on the control characteristics of the proposed ISAMD, and the Vector
Form Instinct Finite Element method (VFIFE) was applied to perform a dynamic numerical
simulation for a structure with TMD or ISAMD, respectively. Then, time histories of
structural responses of high-rise buildings with a TMD and the ISAMD under excitation of
various near-fault and far-field ground motion records were compared to determine the
seismic proof capabilities and the maximum displacements of the control mass blocks of
these two dampers under different parameters. In addition, the shock absorption effect
and displacement of the control mass block of the ISAMD under various parameters with
an auxiliary spring and damper are discussed in this paper, as is the seismic resistance of a
building with a TMD or ISAMD affected by near-fault and far-field ground motion. The
goal of this study was to develop this new ISAMD to reduce vibrations induced by wind
and earthquake forces in high-rise buildings.

2. Concept of the ISAMD

The main idea of the ISAMD is that an active joint between a structure and a mass
damper can be locked or unlocked to form a series, namely a structure–spring–active
joint–mass damper, as shown in Figure 1.

The components of the proposed ISAMD are as follows: (A) control mass block; (B) ac-
tive component unit (comprising (B1) switching spring and (B2) active joint); (C) vibration
sensing unit (comprising (C1) structural vibration sensors and (C2) vibration sensors for
the control mass block); (D) controller; and (E) fixed component unit (comprising (E1) fixed
rebound device and (E2) energy dissipation device). The workflow of the proposed ISAMD
is as follows:
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(1) Motion of the structural floor and the control mass block is detected by motion sensors
(accelerometers, C1 and C2). The signal is actively retrieved by the controller.

(2) The controller converts the acceleration signal to velocity and displacement signals.
(3) The controller determines whether to “Unlock” or “Lock” the active joint according

to the control law and outputs the control signal to the active joint.
(4) The active joint (B2) releases or captures the switching spring (B1) according to the

control signal from the controller.
(5) Steps (1)–(5) are repeated.

 
Figure 1. Composition of Impulsive Semi-Active Mass Damper.

The control can perform on/off switching by using a quick-reaction electromagnetic
server or solenoid valve. In the “Unlock” status of the active joint, there may be no
interaction between the control mass block and the structure, or a weak spring (E1) and
energy dissipation device (E2) may maintain a weak interaction force to reduce the stroke
of the control mass block. In the “Lock” status of the active joint, the control mass block
and the main structure have a strong connection. The interaction force induced by the
deformation of the strong spring is applied to change the movement behaviors of the main
structure and the control mass block. The timing of the switching of the active joint can be
achieved with positive/negative symbols of the work done by the control mass block on
the main structure, as follows:

(1) Lock to Unlock: When the inner force of the switching spring (B1) begins to do
positive work on the structure, the ISAMD switches to the “Unlock” status and the
structure and the control mass become separated.

(2) Unlock to Lock: When the ISAMD switches to the “Lock” status, the switching spring
(B1) performs negative work on the structure. Then, the controller (D) sends a “Lock”
command to the active joint (B2) to reconnect the main structure and control mass
with the switching spring.

3. Developing Directional Joint of the ISAMD

The process from Unlock to Re-Lock of structural control device can cause time delays
due to equipment problems. The longer the time delay lasts, the less control it will have,
which can seriously affect the control effect of control device. To reduce the defects of time
delay problems and achieve the above Unlock/Lock switching process, a directional active
joint is developed in this research. The main components are as follows: (A) bevel casting
tube (blue); (B) locking steel ball (green); (C) switching tube (red); (D) push rod (yellow);
(E) end cover plate (grey); (F) central slider (white); and (G) spring (black) (Figure 2). An
exploded diagram of the directional active joint is provided in Figure 3. When a force on
the central slider pushes it to the right, the steel ball is in contact with the central sliding
rod and the double bevel casing. It is automatically locked and unable to move to the right.
The steel balls on the left maintain contact with the central sliding rod and double bevel
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casing. Conversely, when the central slider slides to the left under force, the normal force
of the steel balls on the left side disappears. Since there is no locking power, the sliding
rods are free to move to the right. If the steel balls on the right (Figure 2) also maintain
contact with the central sliding rod and the double bevel casing, the contact provides a
restraint function opposite to that of the steel balls on the left side. Thus, the slider can
slide to the right without moving to the left.

Therefore, this joint, which can optionally lock the movement in one direction, is
installed in the ISAMD to accurately and automatically combine the control mass block and
the main structure for a short impact and then separate them. In addition, this directional
active joint can avoid delaying the re-lock action and allows easy simplification of the
control law. It greatly increases the reliability of the control mechanism. The directional
joint and the control mass block pass through the spring–damper to connect with the top
of the structure at both ends of the sliding shaft, as shown in Figure 4. The main hardware
of the ISAMD is shown in Figure 5.

 

Figure 2. Section of directional active joint (schematic view).

Figure 3. Exploded diagram of the directional active joint.

 

Figure 4. The main hardware of the ISAMD with the directional joint, sliding car and mass block.
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Figure 5. Combination of directional joint, sliding car and mass block.

4. Analysis Model

4.1. Control Law of the ISAMD

The control law of the ISAMD is based on the switching spring, which can capture
the structure at the right time for the control mass block to absorb the kinetic energy of
the structure. When the control mass block begins to do positive work on the structure,
the switching spring is released to maximize the negative work to achieve the maximum
energy dissipation effect. The basic condition for the timing is that the mass control block
can do negative work on the structure. To maximize this negative work, it is also necessary
to consider the structural velocity and acceleration responses. The proposed control law in
this study is as follows:

Status of Joint is “Unlock”, When (WVVs − WA As)× VCS ≤ 0, Switch to “Lock”
Status of Joint is “Lock”, When VS × DCS > 0, Switch to “Unlock”

(1)

where
VS is the moving velocity of the controlled structure, where the rightward direction is posi-
tive;
VCS is the moving velocity of the control mass block relative to that of the controlled
structure, where the rightward direction is positive; and
DCS is the displacement of the control mass block relative to that of the controlled structure
when the active joint is locked. It is equal to the deformation of the switching spring.

When VS × DCS > 0, the ISAMD does positive work on the structure. WV is the
weighting of velocity, which is greater than or equal to 0. WA is the weighting of accelera-
tion, which is greater than or equal to 0. The flowchart of the control law of the ISAMD is
shown in Figure 6.

According to this control law, the lock/unlock time of the active joint must take into
account the structural acceleration. In fact, the sensor detects the trend of velocity changes
in its motion. Therefore, the acceleration sensor is not required as long as the first difference
of the speed sensing value of the controller unit or the second difference of the displacement
sensing value of the controller unit obtains acceleration responses.
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Figure 6. Control Low flowchart of the ISAMD.

4.2. One-Dimensional Vector Form Instinct Finite Element Method, VFIFE

During the action of the ISAMD, the directional joint of the ISAMD is applied to lock
or unlock the connection between the ISAMD and the structure. Thus, the Vector Form
Instinct Finite Element Method (VFIFE) is applied to analyze the structural responses of
the structure with the ISAMD. The steps of the analysis are as follows:

Step 1: Discretization
The VFIFE method is used to discretize the joints of the nodes and elements, where the

nodes are the vertices of the element. Nodes are assigned to the mass of the element and
become the contact point between two separate elements. The element provides internal
force based on the overall coordinates of its nodes and is assigned to the node. The equation
is as follows:

→
F

k

in,j(ti) =
→
f
(
→
u (ti),

.→
u (ti), Ωk

)
(2)

where
→
F

k

in,j(ti) is the internal force vectors of the k element at time point ti to maintain this element
at the time the node coordinate state is in the jth node. This internal force is affected by
the equation of motion, which includes mass matrix, damping matrix and stiffness matrix.
→
u (ti) and

→
u (ti) are the system displacement vector and velocity vector at time point ti,

respectively;
Ωk represents the properties of the kth element, including the material properties and
geometric definitions.

Step 2: Force Equilibrium
At each time point ti, the internal forces acting on each node associated with the

element can be calculated by the node displacement and velocity vector at that time. The
external and internal forces on the degrees of freedom of all nodes can be accumulated to
achieve the unbalanced force vector on each node’s degree of freedom. The equation can
be expressed as follows:

Δ
→
F j(ti) =

→
F ext,j(ti)−

ne

∑
k=1

→
F

k

in,j(ti) (3)

where
Δ
→
F j(ti) is the balance force vector of the jth node at time point ti and

→
F ext,j(ti) is the external force vector of the jth node at time point ti.

Step 3: Predict displacement vector at the next time step ti+1
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The centered difference scheme is applied to explicitly estimate the displacement
reaction at time point ti+1 under the condition of acceleration responses as a known
condition at time point ti:

..→
u j(ti) =

→
u j(ti+1)− 2

→
u j(ti) +

→
u j(ti−1)

Δt2 (4)

where..→
u j(ti) is the acceleration vector of the jth node at time point ti and
Δt is an analytical stride.

Then, the displacement reaction at time point ti+1 can be expressed as follows:

→
u j(ti+1) = Mj

−1Δ
→
F j(ti)Δt2 + 2

→
u j(ti)−→

u j(ti−1) (5)

where Mj is the mass matrix of the jth node. It is a diagonal matrix.
Step 4: Repeat the above steps to complete the analysis.

5. Setting of the Analysis Model for the Shock Absorption Effect of a 10-Story
Building with the ISAMD

To explore the reaction to seismic forces of a structure with multiple degrees of
freedom and the ISAMD and define the effective interval of the control parameters of
the ISAMD for control system design, a 10-story shearing building under excitation of
various earthquake records was investigated. These numerical simulations compared the
displacement reaction at the roof of the building and at the control mass block for a 10-story
shearing building under control of a TMD and the ISAMD and under excitation of different
earthquake records. Thus, the structural displacement and displacement reduction ratio
of the control mass block under various combinations of parameters were compared to
obtain the optimal design parameters. An analysis program with a VFIFE function was
applied to perform numerical simulations. In those simulations, the element of the linear
spring-damper in parallel was applied to simulate the elastic recovery force and damping
provided by the column of the shear building as well as simulate the spring force and
damping force between the TMD and the top floor of the main structure. The spring
stiffness and weighting of the velocity and acceleration of the control law were set for the
ISAMD. Time delay effects were not considered in this research.

5.1. Analysis Setting

The analyzed control subject matter in this study was the 10-story shearing building
shown in Figure 7. To compare the control characteristics of the building under control of
the ISAMD and TMD, this research analyzed the structural responses of the building with
these two dampers under excitation of different earthquake records. The main parameters
of the analysis included the parameters of the main structure and the control parameters of
the ISAMD and TMD, described as follows.

5.1.1. Main Structure Parameters

The bare structure was the 10-story shearing building. Assuming a mass ms of each
floor of 500 tons, the story stiffness ks and damper cs were 883,645 kN·m and 2813 kN·s/m,
respectively. The first modal frequency and damper ratio were 1.0 Hz and 0.01, respectively.

5.1.2. Control Parameters of the ISAMD

The control parameters of the ISAMD can be divided into two categories: (1) system
hardware control parameters, including the control mass block ratio (μ), frequency ratio
of the control mass block (γ f ) and the damping ratio of the control mass block (ξa); and
(2) control law parameters, including the weight of velocity response (wv) and acceleration
response (wa) of the control law.
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The control mass block ratio can be defined by the rate of the mass of the control block
and structure:

μ =
ma

∑ ms
(6)

Then, the frequency ratio of the control mass block can be defined as the rate of a
natural vibration frequency and the first modal frequency of the main structures:

γ f =
fa

f0
=

√
ka/ma

2π f0
(7)

 

(a) Building under control of the TMD  (b) Building under control of the ISAMD 

Figure 7. Analysis model of Building with TMD and ISAMD.

The weight of velocity response (wv) and acceleration response (wa) of the ISAMD
control law affect the timing of the “releasing” and “capturing” status of the control mass
block and the main structure. If wv : wa = 1 : 0, the “releasing” (unlock) or “capturing”
(lock) status is determined by the structural velocity responses at the installation position
of the control mass block. The timing of the combination of the ISAMD and structure is
at the point when the direction of the structural motion reverses, which is the maximum
or minimum structural displacement, at which point the structural velocity is zero. In
contrast, when wv : wa = 0 : 1, the “releasing” or “capturing” status is determined by
the structural acceleration responses at the installation position of the control mass block.
The timing of the combination of the ISAMD and the structure is at the point when the
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direction of the structural acceleration reverses, i.e. the structural displacement is zero
and the structural acceleration reaches the maximum or minimum acceleration. The ratio
between these two extreme ratios causes the switching time point to be between these two
extreme time points, at which point the velocity and acceleration direction are the same.
Five different proportions are compared to determine the seismic resistance in this study.
The control parameters of the ISAMD are listed in detail in Table 1.

Table 1. Analysis setting value [47].

Analysis Parameter Category Parameter Range

Parameters of main structure

Structure type: 10DOF shear building
Story mass: ma = 500 tn
Inter-story stiffness: ka = 883,645 kN/m
Inter-story damping: ca = 2813 kN·s/m
First modal frequency: f0 = 1.0 Hz
First modal damping ratio: ξ0 = 0.01

Control Parameters of the ISAMD

Mass ratio: μ = 0.02
Freq. ratio: γ f = 0.8145~6.0 @rate = 0.95
Damping ratio: ξa = 0.01~0.10
Weight ratio:
wv/wa = 1/0, 4πf0/0.414, 2πf0/1, 2πf0/2.414, 0/1

Control Parameters of the TMD

Mass ratio: μ = 0.02
Freq. ratio: γf = 0.8145~1.2277@rate = 0.95
Detuning rate: Γ = 18.55%~22.77%
Damping ratio: ξa = 0.071~0.10

Seismic waves 26 records of ground acceleration of earthquakes with
epicentral distance = 1–339 km (see Table 2)

5.1.3. Control Parameters of the TMD

The control parameters of the TMD are as follows. The control mass block ratio (μ),
frequency ratio (γf) and damper ratio (ξa) have the same definitions as those of the ISAMD.
To compare the influence of the shock absorption ratio by the detuning effect, the frequency
ratio (γf) of the control mass block of the TMD was changed. The range of variation of this
frequency ratio was around 0.8145–1.2277. The detuning frequency (Γ) is the ratio of the
difference of the frequency ratio of the control mass block and the optimal frequency ratio
of the TMD to the optimal frequency ratio of the TMD:

Γ =
γf − γf,opt

γf,opt
× 100% (8)

The control parameters of the TMD are listed in detail in Table 1 and were based on
the formula of the optimal control parameters suggested by Lin et al. [48] to estimate the
optimal frequency ratio and the damping ratio, 0.9694 and 0.07035, respectively. Therefore,
the optimal frequency of the control mass block was 6.283 rad./s.

r f =
fa

fp
=

(
a

1 + μ

)b
; a = 1.0 − ξp

4
; b = 1.35e3.2ξp ; ξa = 0.46μ0.48 (9)

5.1.4. Earthquake Records

The seismic action of a near fault is short in duration. Thus, the maximum structural
displacement occurs under a 1.5–2.5 cycle action of the main shock wave. The shock
absorption effect of the TMD comes from the kinetic energy of the control mass block.
The TMD does not provide enough energy to resist the structural movement in the early
stage of an earthquake. Therefore, there is no noteworthy shock absorption effect of the
TMD on the maximum structural displacement reaction under the action of a near-fault
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ground motion. Conversely, the structural displacement reaction is controlled by the
component of the resonant frequency under the action of a far-field ground motion. The
maximum displacement reaction occurs at 3–5 reciprocating cycles because the control
mass block has enough time to accumulate sufficient kinetic energy to confer seismic
resistance. Therefore, the TMD and ISAMD have significant control effects on the maximum
structural displacement reaction for far-field ground motions because the shock absorption
effect of the structural control method is closely related to the actual time history of
the earthquake force. To compare the control efficiencies of different control methods,
diachronic analysis of a building under control of the TMD and ISAMD is necessary to
analyze and compare the average ratio and standard deviation of the shock absorption
effect. Records of 26 earthquakes with epicentral distances of 1–339 km were used to
analyze the seismic resistance. Each earthquake’s name, occurrence time, recording station,
epicentral distance, seismic direction and original peak ground acceleration are listed in
Table 2.

Table 2. Earthquake records for analytical use.

No. Earthquake Year Station Epi. Dist. (km) Dir. PGA (g)

1 Kobe, Japan 1995 KJMA 1 NS 8.21

2 Northridge, USA 1994 Tarzana 4 EW 17.45

3 Santa Barbara, USA 1978 UCSB Goleta 14 NS 3.40

4 Chi-Chi, Taiwan 1999 TCU075 18 NS 2.57

5 Northridge, USA 1994 Newhall 19 EW 5.72

6 Northridge, USA 1994 S_Monica 23 EW 8.66

7 Norcialtaly, Italy 2016 St_Angelo 28 - 2.06

8 Northridge, USA 1994 LA 38 EW 3.48

9 Northridge, USA 1994 SF bay 40 - 1.64

10 Norcialtaly, Italy 2016 Colfiolito 40 - 2.55

11 Loma Prieta, USA 1989 S_Cruz 48 NS 3.62

12 Calexico, USA 2010 Sierra 77 EW 4.91

13 Chile 2010 CCSP 109 EW 5.94

14 Sumatra, Indonesia 2007 PSKI 125 EW 1.24

15 Chile 2016 LL06 136 - 2.24

16 Chile 2010 VA03 168 - 2.68

17 Chile 2010 GO01 170 EW 2.32

18 Chile 2010 CUR 170 EW 4.66

19 Chile 2010 GO04 175 EW 2.34

20 Chile 1980 ANGO 209 NS 6.84

21 Chile 1980 MAT 230 NS 3.37

22 Alaska, USA 2016 HNE 254 EW 2.07

23 Chile 1980 LLO 274 NS 3.19

24 Chile 2010 S_Jose 333 NS 4.61

25 Chile 2010 S_Lucia 334 NS 2.39

26 Chile 2010 ColegioLasAmericas 339 NS 3.02

154



Appl. Sci. 2021, 11, 2468

5.2. Indices of Control Performance

The shock absorption effects of these two dampers were compared in the building with
TMD or ISAMD control under excitation of near-fault and far-field ground motion records.
Six indices of control performance were defined to investigate the seismic resistance.

(1) Average ratio of the maximum roof displacement reaction (J1):

J1 = average
(

max(|Roo f displacement with ISAMD or TMD|)
max(|Roo f displacement withoutcontrol|)

)
(10)

(2) Standard deviation of the maximum roof displacement reaction ratio (J2):

J2 = stdev
(

max(|Roo f displacement with ISAMD or TMD|)
max(|Roo f displacement withoutcontrol|)

)
(11)

(3) Average Root Mean Square, RMS ratio of the roof displacement reaction (J3):

J3 = average
(

rms(Roo f displacement with ISAMD or TMD)

rms(Roo f displacement withoutcontrol)

)
(12)

(4) Standard deviation of the average RMS ratio of the roof displacement reaction (J4):

J4 = stdev
(

rms(Roo f displacement with ISAMD or TMD)

rms(Roo f displacement withoutcontrol)

)
(13)

(5) Average ratio of the roof maximum absolute acceleration reaction (J5)

J5 = average
(

max(Roo f acceleration with ISAMD or TMD)

max(Roo f acceleration withoutcontrol)

)
(14)

(6) Average ratio of the maximum displacement of the control mass block (J6):

J6 = average
(

max(|Mass displacement with ISAMD|)
max(|Mass displacement with TMD|)

)
(15)

All indices of control performance in this research follow the axiom of the Smaller the
Better (STB).

6. Results and Discussion

6.1. Analysis Results

The analysis results of the control performance indices of the building with TMD or
ISAMD control under excitation of 26 near-fault and far-field ground motion records are
shown in Figures 8–13. The optimal control performance indices of the TMD and ISAMD
are listed in Table 3. Table 3 reveals that the optimal control performance indices of the
building under control of the TMD or ISAMD were relative to the frequency ratio of the
control mass block γf. The ISAMD, without additional auxiliary dampers or springs and
only one spring and active joint, switched the status of “Unlock” to “Lock”.
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Table 3. The optimal control performance indices for the building with TMD or ISAMD under
excitation of 26 seismic records.

Parameter J1 J3 J5 J6

TMD
Value 0.72 0.48 0.88 N.A.

min. at rf 0.95 0.95 0.95 N.A.

ISAMD
WV:WA = 1:0

Value 0.65 0.40 0.85 5.43

min. at rf 1.59 1.43 1.67 2.19

ISAMD
WV:WA = ω0 :

√
2 − 1:

Value 0.62 0.38 0.91 3.79

min. at rf 2.1 2.1 1.45 5.78

ISAMD
WV:WA = ω0:1

Value 0.65 0.38 0.91 3.87

min. at rf 2.79 2.27 1 4.90

ISAMD
WV:WA = ω0 :

√
2 + 1:

Value 0.67 0.38 0.93 3.98

min. at rf 2.79 2.90 1.2 2.12

ISAMD
WV:WA = 0:1

Value 0.68 0.4 0.94 3.71

min. at rf 3.25 3.25 1.36 3.42

 
(a) Average response ratio of maximum roof 

displacement 

 
(b) Average response ratio of RMS roof dis-

placement 

 
(c) Average response ratio of maximum roof ac-

celeration 

 

Figure 8. Response ratio of Structure with TMD under 26 seismic excitations [45].
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(a) Average response ratio of maximum roof 

displacement 
(b) Average response ratio of rms. roof dis-

placement 

 
(c) Average response ratio of maximum roof 

acceleration 

 
(d) Average response ratio of maximum Mass 

displacement with respect to TMD 

Figure 9. Response ratio of Structure with the ISAMD with WV:WA = 1:0, without auxiliary damper and spring under
26 seismic excitations.

(a) Average response ratio of maximum roof
displacement 

(b) Standard dev. response ratio of maxi-
mum roof displacement 

(c) Average response ratio of rms. roof dis-
placement 

(d) Standard dev. response ratio of rms. roof
displacement 

Figure 10. Cont.
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(e) Average response ratio of maximum roof
acceleration 

(f) Average response ratio of max Mass dis-
placement with respect to TMD 

Figure 10. Response ratio of Structure with the ISAMD with WV:WA = ω0 :
√

2 − 1, without auxiliary damper and spring
under 26 seismic excitations.

 
(a) Average response ratio of maximum roof 

displacement 

 
(b) Average response ratio of rms. roof dis-

placement 

 
(c) Average response ratio of maximum roof 

acceleration 

 
(d) Average response ratio of max Mass dis-

placement with respect to TMD 

Figure 11. Response ratio of Structure with the ISAMD with WV:WA = ω0 : 1, without auxiliary damper and spring under
26 seismic excitations [45].

(a) Average response ratio of maximum roof
displacement 

(b) Standard deviation response ratio of
maximum roof displacement

Figure 12. Cont.
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(c) Average response ratio of rms. roof dis-
placement 

(d) Standard dev. response ratio of rms. roof
displacement 

(e) Average response ratio of maximum roof
acceleration 

(f) Average response ratio of max Mass dis-
placement with respect to TMD 

Figure 12. Response ratio of Structure with the ISAMD with WV:WA = ω0 :
√

2 + 1, without auxiliary damper and spring
under 26 seismic excitations.

 
(a) Average response ratio of maximum roof 

displacement 

 
(b) Average response ratio of rms. roof dis-

placement 

 
(c) Average response ratio of maximum roof 

acceleration 

 
(d) Average response ratio of max Mass dis-

placement w.r.t TMD 

Figure 13. Response ratio of Structure with the ISAMD with WV:WA = 0:1, without auxiliary damper and spring under
26 seismic excitations.

159



Appl. Sci. 2021, 11, 2468

6.2. Discussion

J1, as listed in Table 3, reveals that the maximum displacement reduction effect of
the ISAMD was better than that of the TMD. The maximum displacement responses of
the roof were further reduced by about 4–10%. The root mean square of the displacement
reduction effect of the ISAMD was greater than that of the TMD, leading to a reduction of
8–10%. Conversely, the shock absorption effect of the structural acceleration responses of
the building with the ISAMD was no better than that of the TMD. However, the maximum
displacement response of the control mass block was significantly less than that of the
TMD, so the required installation space of the ISAMD is 2–4 times that of the TMD.
The comparison between the structural responses of the building with the TMD and the
bare structure shown in Table 3 and Figure 6 indicates that the frequency ratio of the
optimal control performance indices of the building with TMD was around 0.95. When the
frequency ratio was slightly offset, the control performance indices J1, J3 and J5 increased.
For example, when the frequency ratio was 1.2, J1, J3 and J5 were 0.83, 0.79 and 0.94,
respectively. The shock absorption effect was very limited, manifesting the so-called
detuning effect. In contrast, the relationship of the control performance indices to the
frequency ratio, as presented in Table 2 and Figures 6–11, revealed that the minimum
values of J1 and J3 occurred on a very flat curve. The frequency ratio was almost constant
in this range. That is, the sensitivities of the control performance and frequency ratio
were extremely low. Basically, this phenomenon could be expected because the maximum
roof displacement reaction and the root mean square displacement of the building with
the ISAMD had reduction rates of more than 30% and 60%, respectively. The control
mass block displacement of the ISAMD was 2–4 times that of the TMD, as shown in
Figures 9d, 10f, 11d, 12f and 13d. This suggests that the installation space of the ISAMD
must be large. In fact, the higher ISAMD frequency of the control mass could provide the
benefit of reducing the installation space, such as the simple pendulum TMD of the Taipei
101 building. It has a 6.8 s cycle, which requires a pendulum length of 11.48 m, occupying
a space of four stories. Conversely, if the frequency ratio of the ISAMD is 3 with a 2.26 s
cycle, the pendulum length only needs to be 1.27 m. It can be set up in one story. Therefore,
the space requirement of the ISAMD may not be greater than that of the TMD.

6.2.1. The Maximum Roof Displacement and Root Mean Square Displacement of
the Structure

The maximum roof displacement and root mean square displacement of the TMD
under the condition of the optimal frequency ratio and those of the ISAMD with the
weight ratio WV:WA = 1:0 without a parallel auxiliary spring or damper under excitation
of 26 earthquake records are compared in Figures 14 and 15. These two figures show
that the shock absorption ratio of the ISAMD was 10% higher than that of the TMD. The
shock absorption effect of the TMD varied greatly with the seismic load, and the standard
deviation was about 0.26 and 0.17. The standard deviations of the ISAMD were only
0.20 and 0.10. In other words, the reliability of the displacement reaction of the control
structure with the ISAMD is better than that of the TMD.

6.2.2. Influence of WV:WA on the Control Performance of the ISAMD

The timing of the “Unlock” and “Lock” switching of the ISAMD is dependent on the
control law of the ISAMD and is regulated by the velocity and acceleration weight. For
noncyclic near-fault and far-field ground motion loads, the shock absorption effect of the
ISAMD under various weight ratios should be investigated. The results of analyzing six
control performance indices of a building under control of the ISAMD with five different
weight ratios and without auxiliary stiffness or a spring under excitation of 26 seismic
loads are listed in Table 2. The results for the control performance indices J1–J6 are shown
in Figures 16–20.
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Figure 14. The maximal roof displacement ratio of the TMD with optimal rf and ISAMD
WV:WA = ω0 : 1, K = 0, C = 0.

 

Figure 15. RMS roof displacement ratio of the TMD with optimal rf and ISAMD WV:WA = ω0 : 1,
K = 0, C = 0.

 

Figure 16. The average maximum roof displacement ratio of the building with the ISAMD, J1.

161



Appl. Sci. 2021, 11, 2468

 

Figure 17. The standard deviation of the maximum roof displacement response ratios of the ISAMD, J2.

 

Figure 18. The average value of the root mean square roof displacement responses of the ISAMD, J3.

 

Figure 19. The standard deviation of the root mean square roof displacement response ratio of the
ISAMD, J4.
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Figure 20. The average value of the maximum roof acceleration response ratio of the ISAMD, J5.

The minimum index of J1 was mostly within 0.65–0.67 for the ISAMD under all weight
ratios, and the average seismic resistance ratios were 33–35% for the building with the
ISAMD under excitation of 26 seismic records. The orange dotted line in Figure 16 shows
that, when the ISAMD functions without consideration of acceleration responses (V0A1),
the sensitivity of the control performance index J1 of the ISAMD to the frequency ratio (rf )
is the highest weight ratio of the ISAMD. When the frequency ratio is greater than 2, the
shock absorption effect is reduced. However, there is a large range of stiffness changes
from the optimal frequency ratio, around 1.59–2. This is not a defect of design. Thus, if
the weight of acceleration responses is only considered in J1, the value of J1 monotonically
decreases with the frequency ratio. The frequency ratio should be very high to have the
same shock absorption effect as other ratios. If it is too high, there will be other adverse
reactions. Thus, adopting only the consideration of acceleration weight (V0A1) is not
recommended. Figure 16 shows that the frequency ratio of 2–4 with a weight ratio of
V1A0–V0A1 can achieve a stable shock absorption effect.

When the standard deviation of the maximum roof displacement reaction ratio is
low, the sensitivity of the control performance to the seismic wave is low and the shock
absorption control is stabler. Figure 17 shows that, when the frequency ratio is lower than
1, the value of J2 is the minimum. When the frequency ratio is large, it can steadily fall by
0.2. The shock absorption ratio is about 34% for rf = 2.0. The shock absorption effect of the
ISAMD can be guaranteed.

Figures 18 and 19 reveal that the root mean square roof displacement shock absorption
effect of the ISAMD is better than the roof displacement shock absorption effect of the
ISAMD. The average shock absorption ratio is around 60%, and the standard deviation
is also relatively small. Therefore, the ISAMD provides a fine damping effect. Figure 18
shows that, for the control effect of the ISAMD, the V1A0 weight ratio is slightly inferior to
the other weight ratios.

The control performance index of the ISAMD of acceleration responses behaves poorly.
The acceleration reaction of the ISAMD with a frequency ratio interval of 2–4 and a better
displacement control effect is basically larger than those of the bare structure. The reason
is that the control force of the control mass block is close to the impact force when the
frequency ratio is large. Therefore, the acceleration responses are amplified.

Another disadvantage of the ISAMD is the displacement responses of the control mass
block. Figure 21 shows that the maximum displacements of the ISAMD are several times
larger than those of the TMD. For example, with a frequency ratio of 2–4, the maximum
displacements of the control mass block are roughly 4–6 times those of the TMD. The
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large displacement responses of the control mass block restrict the application range of the
ISAMD; it can only be installed in buildings with adequate space.

 

Figure 21. The average value of displacement responses of the control mass block of the ISAMD, J6.

6.2.3. Seismic Resistance and Mass Block Displacement Influence of the ISAMD with
Auxiliary Damper and Spring

The large mass block displacement of the ISAMD is a major limitation of its application,
as shown in Figure 21. Therefore, a feasibility study of the ISAMD with an auxiliary spring
and damper installed to reduce the mass block displacement between the mass block and
the structure was performed. The ISAMD in parallel with an auxiliary spring and damper
is shown in Figure 22. The parameters of weight, added strength and damping coefficient
interval of the ISAMD were WV:WA = ω0 : 1, 0, 50, 100 and 200–3600 kN/m and ca = 0, 20,
40 . . . 100 kN·s/m, respectively, to investigate the influence of seismic resistance and mass
block displacement.

Figure 22. ISAMD Structure with auxiliary spring and damper.

The analysis of the control efficiency index J1 with the maximum displacement of the
top floor showed that, when the stiffness of the auxiliary spring kaux is much lower than
the optimal stiffness of the TMD, J1 decreases as Kaux increases. When Kaux increases up to
one-quarter of the optimal stiffness of the TMD, J1 increases as Kaux increases. Therefore, for
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the analysis example in this paper, the auxiliary spring stiffness of the ISAMD is 1/8–1/4 of
the optimal stiffness of the TMD to effectively reduce the mass block displacement without
reducing the shock absorption effect of the ISAMD displacement control. To facilitate the
comparison of the influence of an auxiliary spring and damper on the control efficiency
indices J1 and J5 and the mass displacement index J6, the average value of the average
efficiency indices was defined as each index of the main spring frequency ratio of the
ISAMD being between 2 and 3, WV:WA = ω0 : 1, the better parameter interval.

J∗k =
∑NCase

i=1 Jk,i

NCase
(16)

where NCase is the number of analysis examples at which the frequency ratio of the ISAMD
main spring is between 2 and 3.

Figures 23–25 show the influence of the auxiliary spring and damper on the top dis-
placement control index, top floor acceleration control index and mass block displacement
control index, respectively.

 

Figure 23. Influence of auxiliary spring and damper on the control index of maximal roof displacement.

 

Figure 24. Influence of auxiliary spring and damper on control index of maximal roof acceleration.
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Figure 25. Influence of auxiliary spring and damper on control index of damper mass displacement.

The bold black lines in Figures 23–25 show the variation of the control indices of
the ISAMD with only the auxiliary spring. The conclusions from the observations can be
drawn as follows:

(1) Figure 25 shows that, when the spring stiffness is up to 1000 kN/m, equivalent to one-
quarter of the optimal stiffness of the TMD, the mass block displacement is reduced
to twice that of the TMD. The displacement of mass blocks is effectively controlled
with a reduction rate of about 60% compared to the original displacement reaction.

(2) When the stiffness of the auxiliary spring is less than 1500 kN/m, the change in the
displacement control effect for the maximum structural displacement reaction of the
roof is less than 1%.

(3) The auxiliary spring reduces the mass block displacement without affecting the
control of structural acceleration; structural acceleration at the roof is even slightly
lower than that without the auxiliary spring.

(4) The ISAMD with an auxiliary damper has a more significant effect on reducing the
mass block displacement than that of the ISAMD with the auxiliary spring. When
the ISAMD is paired with auxiliary spring stiffness of 1000 kN/m, the damping
coefficient is 80 kN·s/m, equivalent to the optimal damping coefficient of the TMD,
and the mass block displacement is only 1.31 times that of the TMD. Nevertheless,
the control effect index of the structural displacement reaction of the roof, J1*, is 0.70,
indicating a 4% loss in seismic resistance.

(5) The ISAMD with the auxiliary damper obviously magnifies the structural displace-
ment of the roof. The ISAMD with the auxiliary spring should be preferred to reduce
the displacement of the mass block.

(6) The sensitivity of the ISAMD control indices to the frequency ratio of the main spring
can be further reduced by the ISAMD with the auxiliary damper.

6.3. Influence of Near-Fault and Far-Field Ground Motion

The maximum structural displacement of the roof and the root mean square of the
structural displacement reaction for the structure with the ISAMD under 26 seismic loads,
as presented in Table 4 and Figure 26, were compared with those of the TMD. The optimal
frequency ratio with the ISAMD was employed, with a weight ratio of WV:WA = 0:1 and
without the auxiliary spring or damper. These ground motion records were classified into
two categories by the epicentral distance of 20 km. The ground motion characteristics of
these seismic records and the influence of the control effect on the structure with TMD and
ISAMD were compared.

166



Appl. Sci. 2021, 11, 2468

Table 4. Comparison of optimal TMD and ISAMD (WV:WA = 0:1, K = 0, C = 0).

Response TMD (max) ISAMD (max) TMD (rms) ISAMD (rms)

Average (overall) 0.77 0.63 0.57 0.38

Average (<20 km) 0.93 0.84 0.56 0.40

Average (>20 km) 0.73 0.58 0.58 0.38

Stdev. (overall) 0.26 0.20 0.17 0.10

Stdev. (<20 km) 0.46 0.29 0.28 0.16

Stdev. (>20 km) 0.18 0.15 0.14 0.08

  
(a) The maximum displacement response 

ratio 
(b) Root mean square (RMS) displacement
response ratio 

Figure 26. Comparison of control effects of the TMD and ISAMD.

If the epicentral distance were less than 20 km, the control effect on the structure with
TMD and ISAMD would be affected, as shown in Figure 24. The average response ratios
and standard deviation were higher than the ensemble average. The average maximum
reaction ratio and standard deviation of the structure with the TMD were 0.93 and 0.46,
respectively, indicating that the probability of the maximal roof displacement response
larger than that of a structure without control is nearly 39.64%. The average maximum
reaction ratio and standard deviation of the structure with the ISAMD were 0.84 and 0.20,
respectively, indicating that the probability of the maximal roof displacement response
larger than that of a structure without control is nearly 11.20%.

7. Conclusions

An ISAMD is proposed in this paper, and a directional active joint is developed as
the breaker to lock and unlock contact between the structure and damper. To achieve the
maximum dissipation effect, the proposed ISAMD does negative work on the structure.
To investigate the seismic resistance of the proposed ISAMD, VFIFE was used to derive a
mathematical model based on the characteristics of the ISAMD. Then, a 10-story shearing
building controlled by the TMD or ISAMD under excitation of 26 seismic wave records
was used to investigate: (1) the structural displacement reactions of the top floor and the
mass block displacement reactions of the TMD and ISAMD under various combinations of
parameters; (2) the displacement reduction ratio of the mass control block; (3) the influence
of different parameter combinations on the seismic dissipation effect; (4) the influence
of the seismic resistance and mass block displacement of the ISAMD with an auxiliary
damper and spring; and (5) the influence of near-fault and far-field ground motions.

From the above analysis and results, the following conclusions are presented:

1. The maximum displacement reduction effect of the ISAMD is only slightly better
than that of the TMD, reducing the maximum displacement responses of the roof
by 4–10%. The optimal control efficiency indices of the TMD control system happen
at a frequency ratio of 0.95. When the frequency ratio is slightly offset, the seismic
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resistance of the TMD is extremely limited due to the detuning effect. The sensitivity
of the control indices of the ISAMD to the frequency ratio is very low, so detuning
does not occur.

2. The maximum roof displacement reaction of the structure with the ISAMD has
a reduction ratio above 30%, and the root mean square of displacement reaction
indicates greater than 60% seismic resistance. The control mass block displacement
of the ISAMD is 2–4 times greater than that of the TMD. The installation space of
the ISAMD must therefore be large. However, when the control mass frequency
ratio of the ISAMD is relatively high, the installation space does not need to be
excessively large.

3. The frequency ratio should be around 2–4 for the structure with the ISAMD under
different weight ratios to achieve a stable shock absorption effect. The average seismic
resistance ratio is about 33–35%. The shock absorption effect of the root mean square
of the roof structural displacement of the structure with the ISAMD is better than that
of the maximum structural displacement reaction. The average seismic proof effect is
consistently around 60%. Therefore, the ISAMD provides a very good damping effect.
Nevertheless, the weight ratio of the ISAMD should avoid V1A0, as the control effect
is slightly inferior to those of other weights.

4. The control mass block displacement of the ISAMD can be reduced effectively by
increasing the stiffness of the auxiliary spring. The gradient of the control mass block
displacement on the stiffness of the auxiliary spring has a decreasing tendency with
lower stiffness.

5. The seismic resistance of the TMD changes greatly with the seismic load. However,
the shock absorption effect of the ISAMD is stable, and the reliability of the structural
displacement control effect of the structure with the ISAMD is better than that of the
TMD, regardless of earthquake distance.

6. The design criteria of the proposed ISAMD should consider a frequency ratio and
weight ratio of around 2–4 and less than natural frequency, respectively.
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Abstract: To analyze the multi-dimensional seismic mitigation performance and the torsional vibra-
tion characteristic of an L-shaped frame structure with a magnetorheological damper (MRD). Firstly,
the mechanical property of the MRD is experimentally studied. Then, the calculation models of the
L-shaped frame structure without and with MRDs are found through theoretical analysis, and the
programs of the calculation models are compiled. Finally, the time history responses of the calculation
models are calculated during the excitation of bi-directional seismic wave; the responses of displace-
ment, acceleration, story drift ratio, shear force and bending moment and torsional vibration are then
compared and analyzed. The results show that by adjusting the current, the damping force provided
by the MRD can be adjusted continuously in the range of 3.1 to 120 kN. The compiled calculation
model programs of the L-shaped frame structure without and with MRDs can effectively simulate the
multi-dimensional seismic response of the structure. Reasonable arrangement of MR dampers can
effectively reduce the displacement, acceleration, shear force, bending moment, multi-dimensional
vibration, and torsional vibration response of L-shaped frame structures.

Keywords: magnetorheological damper; seismic response; story drift ratio; shear force; bending
moment; torsional vibration

1. Introduction

Magnetorheological fluid (MRF) is a new kind of smart fluid whose rheological char-
acteristics are related to the strength of the magnetic field under the action of the magnetic
field; MRFs can restore to the initial liquid state without the magnetic field [1]. Magne-
torheological dampers (MRDs), semi-active control devices using MRFs, become effective
damping control devices for controlling structural vibration because of advantages such
as quick response, low energy consumption, large damping force, and being continuously
adjustable. Therefore, MRDs have shown good application prospects in civil engineering
earthquake mitigation and disaster prevention [2–8].

The mechanical performance of the MRD is an important factor affecting the efficiency
of suppressing vibration control of structures [9]. Therefore, the performance of the MRD
should be experimentally studied before the MRD is installed on the structure [10,11]. Since
1996, many important experimental studies on the performance of MRDs have been carried
out. Spencer et al. [12] designed and tested an MRD that had a 200 kN damping force. In
2003, Fujitani et al. [13] developed a 400 kN MRD for a real base-isolated building, whose
dynamic characteristics were verified through tests. Xu et al. [14] carried out tests on a
multi-stage shear-valve mode MRD, and the test results showed that the energy dissipation
and the damping force increased significantly with the current until magnetic saturation
occurred. Tu et al. [15] presented a large-scale MRD that had a 500 kN damping force
and carried out its performance experiments; the results showed that the damping force
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increased obviously with the increase of current, and when the current was 1.0 A, the
maximum damping force provided by the MRD was 537 kN.

The trends of the irregular plane frame structure [16–19] have rapidly increased due
to flexible column grid layouts and large practical spaces. However, the building structures
with irregular planes are more susceptible to seismic forces than regular ones. The reason
is that the center of mass has different positions from the center of rigidity in the irregular
frame structure, and the torsional deformation of the structure caused by eccentricity is
more likely to lead to structural failure. To reduce the torsional response of irregular
structures, many experimental studies on the multi-dimensional seismic response of the
irregular structure with MRDs have been carried out, and the results demonstrate that
setting MRDs in the structure can efficaciously decrease the structural torsion response and
the multi-dimensional dynamic response [20–26].

Dyke et al. [27] studied a three-story model structure with MRDs through tests and
concluded that MRDs had a significant weakening effect on the peak and RMS responses
caused by seismic excitations. Yoshida et al. [28] conducted experimental research on a
two-story structure model with an irregular column distribution and concluded that the
responses of the structure were greatly reduced after adopting the semi-active controller.
Although the analysis of the structure with MRDs has the advantages of obtaining ac-
curate results and high reliability, it also has the disadvantages of high costs and being
time-consuming. Moreover, numerical simulation analysis of the structure with MRDs
is an effective and economical method to study the effect of structural torsion and multi-
dimensional dynamic responses.

Therefore, many scholars have used MATLAB programming to establish various
models of the structures with MRDs. Zhang et al. [29] carried out the time history analysis
on the elastic-plastic for the plane structure with MRDs, and the results showed that the
amount of the yielding point and cracking point of the controlled structure obviously
decreased and that MRDs can improve the seismic performance of the structure. Bhaiya
et al. [30] established the elastic plane mode of a ten-story frame structure with MRDs and
conducted the analysis and research under the action of the seismic force. Xu et al. [31]
developed a time history analysis program on the elastic–plastic of the spatial frame
structure with MRDs through using MATLAB programming.

However, the program of the spatial frame structure to MRDs in [29] ignored the
function of the floor, and the other plane model cannot simulate the multi-dimensional
vibration response and torsional vibration control effect of the L-shaped frame structure
with MRDs. Compared with [32], this paper tests the mechanical properties of the self-
made MRD and analyzes the shear force and bending moment of the structural columns.
Additionally, the L-shaped frame structure with MRDs has not been studied up until now.

In this paper, the mechanical performance of the self-made MRD is experimentally
studied at different displacement amplitudes and currents. The calculation models of the
L-shaped frame structure with and without MRDs are established in view of the theories
of spatial beam elements, shell elements, and semi-active control algorithms, and the
programs of the calculation models are then compiled by MATLAB software. The dynamic
time history analysis is conducted during the action time of bi-directional seismic waves,
and the responses of displacement, acceleration, story drift ratio, shear force, bending
moment, multi-dimensional vibration, and torsional vibration of the L-shaped frame
structure without and with MRDs are then contrasted and analyzed.

The rest of the work includes Section 2, which provides details about the tests on the
MRDs. Section 3 describes in detail the modeling theory of the L-shaped frame structure.
Section 4 describes the model and explains the verification process. Additionally, Section 5
gives a detailed analysis and interpretation of results, and finally, Section 5 summarizes the
research conducted and presents the future objectives that can extend it.
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2. The Tests of the MRD

2.1. Structure of the MRD

The structure chart of the self-made four-coil shear valve mode MRD is shown in
Figure 1. The MRD consists of a multi-stage piston, a piston rod, a cylinder, a guide sleeve,
a cover plate, an O-ring, a ball-end piston rod, and coils, in which the multi-stage piston
is made of electrical pure iron and the piston rod, cylinder, guide sleeve, cover plate, and
cylinder are made of No. 45 steel. The parameters of each part of the MRD are shown in
Table 1.

 

Figure 1. Structure schematic diagram of the MRD (mm).

Table 1. The structure parameters of the MRD.

Parameter Size Parameter Size

Outer diameter of cylinder (mm) 150 Stroke (mm) ±80
Inner diameter of cylinder (mm) 120 Coil groove depth (mm) 25

Diameter of piston (mm) 118 Damping gap (mm) 1

The cavity of the MRD was filled with self-made MRF, whose main components
were carbonyl iron power, sodium dodecyl sulfate, and methyl silicone oil. The masses of
carbonyl iron powder and methyl silicone oil account for 78% and 20%, respectively. When
the shear rate is 100 s−1, the shear stresses of the MRF under different magnetic fields are
given in Table 2.

Table 2. Shear stress of the MRF under different magnetic fields.

Magnetic Field Intensity (T) 0 0.05 0.10 0.15 0.20 0.25 0.30 0.35 0.40 0.45 0.50

Shear stress (Pa) 304.8 1340 4062.9 7928 10,921 15,016.7 18,346 21,312 23,550 25,498 26,732

2.2. Test Loading of the MRD

Tests on the MRD were conducted to research the characteristics of the MRD. During
the test, the MRD was powered by a regulated DC power supply, and the current levels for
the four coils were identical to the current levels from 0 A to 0.28 A at the interval of 0.14 A.
For each current level, the MRD was held in a fixed position at one end, while the other
end was subjected to a triangular displacement, as shown in Figure 2.
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Figure 2. Loading protocol of the MRD.

2.3. Test Results Analysis

According to the test results, the variation of mechanical performance with current
is plotted in Figure 3. As shown in Figure 3a, when the current is 0 A, the minimum
damping force provided by the MRD can attain about 3.1 kN, while the maximum damping
force can attain about 5.3 kN when the displacement amplitude is 40 mm. As shown
in Figure 3c, when the current attains 0.28 A, the minimum damping force provided by
the MRD can attain about 80 kN when the displacement amplitude is 4 mm, while the
maximum damping force can attain 120 kN when the displacement amplitude is bigger
than 4 mm. As seen in Figure 3b,c, in the case of the MRD power supply, the damping force
can fluctuate within a certain range after it rises rapidly to the maximum value with the
increase of displacement amplitude.

Figure 3. Damping force-displacement hysteresis curve of the MRD at different currents.

3. Modeling Theory of the L-Shaped Frame Structure

3.1. Theory of Spatial Beam Element

For the spatial beam element, as shown in Figure 4, every node has 6 degrees of
freedom (DOFs), where u, v, and w are the axial displacements in x, y, and z directions,
respectively; θx, θy, and θz are the angular displacements around x, y, and z directions,
respectively. The numbers in brackets in Figure 4 denote the DOF number.
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Figure 4. Node displacement and DOF number of beam element.

According to [33], the stiffness matrix of spatial beam element, considering shear
deformation ke, is as follow:

ke =

[
k11 k12
k21 k22

]
(1)

k11 =

⎡
⎢⎢⎢⎢⎢⎢⎣

k1 0 0 0 0 0
0 k2 0 0 0 k3
0 0 k4 0 k5 0
0 0 0 k6 0 0
0 0 k5 0 k7 0
0 k3 0 0 0 k8

⎤
⎥⎥⎥⎥⎥⎥⎦

(2)

k22 =

⎡
⎢⎢⎢⎢⎢⎢⎣

k1 0 0 0 0 0
0 k2 0 0 0 −k3
0 0 k4 0 −k5 0
0 0 0 k6 0 0
0 0 −k5 0 k7 0
0 −k3 0 0 0 k8

⎤
⎥⎥⎥⎥⎥⎥⎦

(3)

k12 = k21
T =

⎡
⎢⎢⎢⎢⎢⎢⎣

−k1 0 0 0 0 0
0 −k2 0 0 0 k3
0 0 −k4 0 k5 0
0 0 0 −k6 0 0
0 0 −k5 0 k9 0
0 −k3 0 0 0 k10

⎤
⎥⎥⎥⎥⎥⎥⎦

(4)

In Equations (2)–(4), k1 = EA
L , k2 = 12EIz

(1+βz)L3 , k3 = 6EIz
(1+βz)L2 , k4 =

12EIy
(1+βy)L3 ,

k5 = − 6EIy
(1+βy)L2 , k6 = GJ

L , k7 =
(4+βy)EIy
(1+βy)L , k8 = (4+βz)EIz

(1+βz)L , k9 =
(2−βy)EIy
(1+βy)L , k10 = (2−βz)EIz

(1+βz)L ,

βy =
12μEIy
GAL2 , βz =

12μEIz
GAL2 .

Where E is the elastic modulus, A is the cross-sectional area, L is the length of the
element, I is the cross-sectional inertia moment, G is the shear modulus, μ is Poisson’s
ratio, and J is the torsional moment of inertia. The stiffness matrix represents the system of
linear equations that must be solved in order to ascertain an approximate solution to the
differential equation.

The mass matrix of spatial beam element me is as follow [33]:

me =
ρAL
420

[
m11 m12
m21 m22

]
(5)
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m11 =

⎡
⎢⎢⎢⎢⎢⎢⎣

m1 0 0 0 0 0
0 m3 0 0 0 m4
0 0 m3 0 −m4 0
0 0 0 m7 0 0
0 0 −m4 0 m9 0
0 m4 0 0 0 m9

⎤
⎥⎥⎥⎥⎥⎥⎦

(6)

m22 =

⎡
⎢⎢⎢⎢⎢⎢⎣

m1 0 0 0 0 0
0 m3 0 0 0 −m4
0 0 m3 0 m4 0
0 0 0 m7 0 0
0 0 m4 0 m9 0
0 −m4 0 0 0 m9

⎤
⎥⎥⎥⎥⎥⎥⎦

(7)

m12 = m21
T =

⎡
⎢⎢⎢⎢⎢⎢⎣

m2 0 0 0 0 0
0 m5 0 0 0 m6
0 0 m5 0 −m6 0
0 0 0 m8 0 0
0 0 m6 0 m10 0
0 −m6 0 0 0 m10

⎤
⎥⎥⎥⎥⎥⎥⎦

(8)

In Equations (6)–(8), m1 = 140, m2 = 70, m3 = 156, m4 = 22L, m5 = 54, m6 = −13L,
m7 = 140J

A , m8 = 70J
A , m9 = 4L2, m10 = −3L2, and ρ is the density.

3.2. Theory of the Shell Element

For the shell element, as shown in Figure 5, each node also has 6 DOFs, and the DOFs
of the shell element node are the same as those of the spatial beam element node. The
numbers in brackets for Figure 5 denote the DOF number.

Figure 5. Node displacement and DOF number of the shell element.

The stiffness [32] of the shell element consists of the membrane stiffness km
e and the

bending stiffness kb
e . km

e , given in Equation (9), is used to deal with shell element membrane
effects, whose corresponding DOFs are u, v and θz; kb

e given in Equation (10) is used to deal
with shell element bending effects, whose corresponding DOFs are w, θx, and θy; km

ij and

kb
ij are the submatrices with the dimension of 3 × 3. Then, the shell element stiffness matrix

ke is obtained by combining Equations (9) and (10), the dimension of which is 24 × 24, as
shown in Equation (11).

km
e =

⎡
⎢⎢⎣

km
11 km

12 km
13 km

14
km

21 km
22 km

23 km
24

km
31 km

32 km
33 km

34
km

41 km
42 km

43 km
44

⎤
⎥⎥⎦ (9)
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kb
e =

⎡
⎢⎢⎢⎣

kb
11 kb

12 kb
13 kb

14
kb

21 kb
22 kb

23 kb
24

kb
31 kb

32 kb
33 kb

34
kb

41 kb
42 kb

43 kb
44

⎤
⎥⎥⎥⎦ (10)

ke =

⎡
⎢⎢⎣

k11 k12 k13 k14
k21 k22 k23 k24
k31 k32 k33 k34
k41 k42 k43 k44

⎤
⎥⎥⎦ (11)

In which

kij =

⎡
⎢⎢⎢⎣

km
ij (1, 1) km

ij (1, 2) 0 km
ij (1, 3)

km
ij (2, 1) km

ij (2, 2) 0 km
ij (2, 3)

0 0 kb
ij 0

km
ij (3, 1) km

ij (3, 2) 0 km
ij (3, 3)

⎤
⎥⎥⎥⎦ i, j = 1, 2, 3, 4 (12)

Analogously, the shell element mass matrix [32] is derived in an identical method
as the stiffness matrix. The membrane mass matrix mm

e given in Equation (13) is used to
deal with shell element membrane effects, whose corresponding DOFs are u, v and θz; the
bending mass matrix mb

e given in Equation (14) is used to deal with shell element bending
effects, whose corresponding DOFs are w, θx, θy. mm

ij and mb
ij are the submatrices, with

dimensions of 3 × 3. Then, the shell element mass matrix me is obtained by combining
Equations (13) and (14), the dimension of which is 24 × 24, as shown in Equation (15).

mm
e =

⎡
⎢⎢⎣

mm
11 mm

12 mm
13 mm

14
mm

21 mm
22 mm

23 mm
24

mm
31 mm

32 mm
33 mm

34
mm

41 mm
42 mm

43 mm
44

⎤
⎥⎥⎦ (13)

mb
e =

⎡
⎢⎢⎣

mb
11 mb

12 mb
13 mb

14
mb

21 mb
22 mb

23 mb
24

mb
31 mb

32 mb
33 mb

34
mb

41 mb
42 mb

43 mb
44

⎤
⎥⎥⎦ (14)

me =

⎡
⎢⎢⎣

m11 m12 m13 m14
m21 m22 m23 m24
m31 m32 m33 m34
m41 m42 m43 m44

⎤
⎥⎥⎦ (15)

In which

mij =

⎡
⎢⎢⎢⎣

mm
ij (1, 1) mm

ij (1, 2) 0 mm
ij (1, 3)

mm
ij (2, 1) mm

ij (2, 2) 0 mm
ij (2, 3)

0 0 mb
ij 0

mm
ij (3, 1) mm

ij (3, 2) 0 mm
ij (3, 3)

⎤
⎥⎥⎥⎦ i, j = 1, 2, 3, 4 (16)

3.3. Coordinate Transformation

The ke and me are element matrices in the local coordinate system (x, y, z), which need
to be converted into the element matrices Ke and Me in the global coordinate system (X, Y,
Z) before the total matrix is assembled. Ke and Me can be given as follow:

Ke = TTkeT, Me = TTmeT (17)
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where the transformation matrix T can be given as follow:

T =

⎡
⎢⎣

t 0 0

0
. . . 0

0 0 t

⎤
⎥⎦

a×a

(18)

in which a is equal to 4 and 8 for the spatial beam element and the shell element, respectively.
t can be derived according to the direction cosine relationship between the global coordinate
system and the local coordinate system.

t =

⎡
⎣ cos(X, x) cos(X, y) cos(X, z)

cos(Y, x) cos(Y, y) cos(Y, z)
cos(Z, x) cos(Z, y) cos(Z, z)

⎤
⎦ (19)

3.4. Equation of Motion

The equation of motion of the L-shaped structure with MRDs under seismic load can
be given as follow:

M
..
x(t) + C

.
x(t) + Kx(t) = −MR

..
xg(t)− HF(t) (20)

where M is the mass matrix, C is the Rayleigh damping matrix, K is the stiffness matrix, R
is the unit column vector, H is the location matrix of the MRD,

..
x is the acceleration vector

of the structure,
..
xg is the acceleration vector of seismic ground motion, and F is the control

force matrix of the MRD.

3.5. Semi-Active Control Algorithm

At present, the classical linear quadratic control algorithm is mostly used to solve for
the optimal control force [34]. In this algorithm, the optimal control force U is selected
through the following performance indicators.

J =
1
2

∫ t

0

[
ZTQZ + UTRU

]
dt +

1
2

ZTQ0Z (21)

where the diagonal positive definite matrix R, with the dimension of m × m, is the weight-
ing matrix for the control matrix, where m is the number of MRDs, the diagonal positive
semidefinite matrix Q0, and the diagonal positive definite matrix Q are the weighting
matrix for the response of the structure, and Z is the state vector of the controlled system.
The optimal control question of the system state is to find the optimal control vector in an
infinite time interval; the optimal control force can be given as follows:

U = R−1BTPZ (22)

in which the solution of the Riccati matrix algebraic equation P is as follows:

− PA − ATP + 1/2PBR−1BTP − 2Q = 0 (23)

In which, A =

[
0 I

−M−1K −M−1C

]
, B =

[
0

−M−1H

]
, Q = α

[
K 0

0 M

]
, R = βI.

In which α and β can be obtained through trial calculation, and I is the unit matrix
with the dimension of m × m.

As can be seen in Section 2, the minimum and maximum damping forces of the MRD
are Fmin = 3.1 kN and Fmax = 120 kN when the current is 0 A and 0.28 A, respectively;
therefore, the damping force range of the MRD is 3.1 to 120 kN, as shown in Figure 4.
The optimal control force should be regulated when it surpasses the adjustable range of
the damping force developed by the MRD, or it is opposite to the relative displacement
direction of the two ends of the MRD. In addition, some scholars have found that a real-time
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controlled MRD can trace the required damping force well [35–37]. Thus, the semi-active
control strategy for adjusting the optimal control force is shown in Equation (24).

Fi =

⎧⎨
⎩

sgn(ui)Fmin when Ui·ui > 0 or |Ui| < Fmin
Ui when Ui·ui < 0 and Fmin < |Ui| < Fmax

sgn(ui)Fmax when Ui·ui < 0 and |Ui| > Fmax

(24)

where Ui is the optimal control force of the ith MRD, ui is the relative displacement at both
ends of the ith MRD, and Fi is the damping force provided by a single MRD on the ith
chevron support [38].

3.6. Determination of the MRD Location Matrix

Due to the fact that the damping force of the MRD is relatively small, two dampers
are arranged on each chevron support, as seen in Figure 6. There are the following rela-
tionships between the damping force of MRD and the force on the corresponding nodes of
the structure: ⎧⎨

⎩
Fjx = Fkx = Fi
Fpx = Fqx = −Fi
Fjz = −Fkz = −2Fih/d

(25)

j k

qp

Fi

Fi Fi

Fi

Fi Fi

d

2Fi h/d
2Fi h/d

h

Figure 6. The schematic diagram of damping force distribution.

The location matrix H is used to distribute the control force vector F of the MRD to
the corresponding nodes of the structure, whose dimension is n × m, in which n is the
amount of the structural DOFs, and m is the number of MRDs [39,40]. For the MRDs on the
ith chevron support, as shown in Figure 6, the elements corresponding to nodes j and k in
location matrix H are: H(6j− 5, i) = H(6k− 5, i) = 1, H(6j− 3, i) = −H(6k− 3, i) = −2h/d,
and the elements corresponding to nodes p and q in location matrix H are: H(6p − 5, i) =
H(6q − 5, i) = −1, while the others without damping force are all 0.

4. Model Description and Verification

4.1. Model Description

The calculation model of the L-shaped frame structure with MRDs is presented in
Figure 7. The L-shaped frame structure has ten floors with a total height of 34.5 m. The
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heights between the first and the third floors are 4.5 m, and the heights of the other floors
are 3.0 m. The column spacing in the X direction is 6.3, 4.5, and 4.5 m, and column
spacing in the Y direction is all 6.3 m. The cross-sectional sizes of X directional beams are
0.25 × 0.65, 0.25 × 0.6, and 0.25 × 0.6 m, and those of Y directional beams are all 0.3 × 0.7 m.
The cross-sectional sizes of columns of 1 to 3 floors are 0.7 × 0.7 m, and those of other floors
are 0.6 × 0.6 m. The thickness of all floors is 0.12 m; Poisson’s ratio μ = 0.2, elastic modulus
E = 3.25 × 104 N/mm2, and density ρ = 2500 kg/m3. Assuming the damping ratios of the
first- to second-order vibration modes of the structure are set to 5%, the bottom columns
are assumed to be consolidated. As the deformation of frame structure under seismic load
is mainly concentrated in the bottom floors, the MRDs are, therefore, set on the first to sixth
floors, as seen in Figure 7. Numbers in brackets of Figure 7 indicate the node number.

 

 

Figure 7. Calculation model of the L-shaped frame structure with MRDs.

4.2. Model Verification

According to the theories and methods described in Sections 3.1–3.4, the programs
of the calculation model of the L-shaped frame structure with and without MRDs were
compiled by MATLAB software. For verifying the validity of the programs, the model of
the L-shaped frame structure is set up by ANSYS, which is the finite element software, in
which the BEAM188 element is used for beams and columns and the SHELL 181 element is
used for plates. The material parameters and geometry in the ANSYS model are the same
as in the self-compiled program. For the ANSYS model and the self-compiled program,
each beam and column is divided into 5 and 1 elements. The El-Centro wave, whose
maximum acceleration is 0.7 m/s2, is adopted in both the ANSYS model and the self-
compiled program, and the peak acceleration ratio of the seismic wave in the horizontal
direction is X:Y = 1:0.85. Contrasts of the dynamic response of Node 141 of the self-compiled
program and the ANSYS model are shown in Figure 8.

As seen in Figure 8, throughout the duration of the El-Centro wave, the dynamic
responses of the two models of Node 141 are basically consistent. Numerically, the relative
errors of the maximum displacement in the horizontal bi-direction are 2.33% and 2.32%;
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the relative errors of the maximum acceleration in the horizontal bi-direction are −0.95%
and −0.52%. Moreover, the contrasts of the maximum displacement and acceleration of
representative nodes between the ANSYS model and the self-compiled program can be
seen in Tables 3 and 4.

 

 
Figure 8. Contrasts of time history response of Node 141 between the self-compiled program and the
ANSYS model.
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Table 3. Contrasts of the maximum displacement of the nodes between the self-compiled program
and the ANSYS model.

Floor (Node) 10 (154) 10 (148) 10 (141) 9 (140) 9 (134) 9 (127) 8 (126) 8 (120) 8 (113)

X
direction

ANSYS (mm) 44.10 24.11 22.73 42.48 23.42 22.06 40.50 22.48 21.10
Self-compiled (mm) 42.34 23.34 22.20 40.94 22.71 21.57 38.89 21.75 20.64
Relative error (%) 3.97 3.20 2.33 3.63 3.05 2.22 3.96 3.26 2.18

Y
direction

ANSYS (mm) 22.78 32.91 19.38 22.17 31.93 18.91 21.20 30.54 18.18
Self-compiled (mm) 21.97 31.65 18.93 21.41 30.76 18.47 20.50 29.45 17.74
Relative error (%) 3.54 3.84 2.32 3.44 3.65 2.34 3.31 3.56 2.45

Table 4. Contrasts of the maximum acceleration of the nodes between the self-compiled program and
the ANSYS model.

Floor (Node) 10 (154) 10 (148) 10 (141) 9 (140) 9 (134) 9 (127) 8 (126) 8 (120) 8 (113)

X
direction

ANSYS (m/s2) 2.32 1.47 1.17 2.19 1.39 1.14 2.05 1.29 1.09
Self-compiled (m/s2) 2.22 1.43 1.18 2.11 1.37 1.135 1.98 1.27 1.088

Relative error (%) 4.47 2.45 −0.95 3.52 1.52 0.43 3.41 1.89 0.12

Y
direction

ANSYS (m/s2) 1.53 2.01 1.19 1.49 1.96 1.17 1.43 1.87 1.13
Self-compiled (m/s2) 1.50 1.93 1.20 1.46 1.87 1.165 1.39 1.79 1.11

Relative error (%) 2.16 3.96 −0.52 2.24 4.51 0.38 2.70 4.52 1.36

5. Analysis and Interpretation of Results

In this part, the compiled programs are used for calculating the time history response
of the L-shaped frame structure with and without MRDs, and the seismic excitations are
the Kobe wave and the Taft wave, whose peak accelerations are 2 m/s2 and the peak
acceleration ratio of the seismic wave in the horizontal bi-direction is X:Y = 1:0.85. Through
the trial calculation [41], the value of weight matrix coefficients α, β of the LQR control
algorithm is set to α = 100 and β = 3.5 × 10−5.

5.1. Results Analysis on Multi-Dimensional Vibration Reduction of the Structure

Throughout the duration of seismic waves, contrasts on the dynamic displacement
response of Node 154 of the L-shaped frame structure with and without MRDs are plotted
in Figure 9. As seen in Figure 9, during the action time of the Taft wave, in contrast with
the structure without MRDs, the three-directional displacement responses of Node 154
of the structure with MRDs are decreased significantly. The three-directional maximum
displacements of Node 154 of the structure without MRDs are 71.79, 48.27, and 1.51 mm,
respectively, and those with MRDs are 42.36, 38.42, and 1.25 mm, which are decreased by
41.01%, 20.41%, and 17.36%, respectively [42]. During the action time of the Kobe wave,
the three-directional maximum displacements of Node 154 of the structure without MRDs
are 89.56, 64.13, and 2.20 mm, and those with MRDs are 57.41, 53.87, and 1.68 mm, which
are decreased by 35.90%, 16.01%, and 23.58%, respectively.

Under the excitation of seismic waves, contrasts on the dynamic acceleration response
of Node 154 of the L-shaped frame structure with and without MRDs are plotted in
Figure 10. As shown in Figure 10, during the action time of the Taft wave, in contrast with
the structure without MRDs, the three-directional acceleration responses of Node 154 of
the structure with MRDs are significantly decreased [43]. The three-directional maximum
accelerations of Node 154 of the structure without MRDs are 3.29, 3.35, and 0.13 m/s2,
respectively, and those with MRDs are 2.77, 2.91, and 0.12 m/s2, which are decreased by
15.87%, 13.03%, and 5.31%, respectively. During the action time of the Kobe wave, the
three-directional maximum accelerations of Node 154 of the structure without MRDs are
3.56, 3.70, and 0.13 m/s2, and those with MRDs are 2.87, 3.21, and 0.11 m/s2, which are
decreased by 19.35%, 13.29%, and 12.32%, respectively.
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Figure 9. Contrasts of displacement response of Node 154 of the structure with and without MRDs.
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Figure 10. Contrasts of acceleration response of Node 154 of the structure with and without MRDs.

According to the differential equation of motion of the MRD damping structure [32],
a control force matrix will be added because of the setting of MRDs in the structure; it is
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equivalent to increasing the stiffness and damping of the structure, and both of them can
reduce the displacement response of the structure under the action of seismic waves; hence,
by setting the MRD in the structure, the displacement control effect of the structure is very
obvious, as shown in Figures 9 and 11. However, increasing the damping and stiffness of
the structure has the opposite effect on the acceleration response of the structure under
the action of seismic waves. Therefore, setting the MRD in the structure, the acceleration
control effect of the structure is relatively general, as shown in Figures 10 and 11. Since
there are no MRDs in the Z direction, the displacement and acceleration responses in the Z
direction are relatively small.

Figure 11. The max horizontal displacement, acceleration, and story drift ratio of every floor of the
structure with and without MRDs.

5.2. Results Analysis on the Maximum Displacement, Acceleration, and Story Drift Ratio of
the Structure

Under the excitation of seismic waves, the maximum horizontal displacement, ac-
celeration, and story drift ratio of every floor of the L-shaped frame structure with and
without MRDs are plotted in Figure 11. As shown in Figure 11a, during the action time of
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the Taft wave, the maximum horizontal displacement, acceleration, and story drift ratio
of every floor of structure with MRDs are obviously lower than those without MRDs [44].
For Node 126 on the eighth floor, during the action time of the Taft wave, the horizon-
tal bi-directional maximum displacements of the structure without MRDs are 66.05 and
45.07 mm, and those with MRDs are 38.62 and 35.77 mm, which are decreased by 41.53%
and 20.64%, respectively. The horizontal bi-directional maximum accelerations of the struc-
ture without MRDs are 2.95 and 3.15 m/s2, and those with MRDs are 2.54 and 2.74 m/s2,
which are decreased by 14.01% and 13.12%, respectively. The horizontal bi-directional story
drift ratios of the structure without MRDs are 1.51 × 10−3 rad and 0.92 × 10−3 rad, and
those with MRDs are 0.97 × 10−3 rad and 0.76 × 10−3 rad, which are decreased by 35.55%
and 17.51%, respectively.

As shown in Figure 11b, for Node 126 on the eighth floor, during the action time
of the Kobe wave, the horizontal bi-directional maximum displacements of the structure
without MRDs are 82.99 and 59.99 mm, and those with MRDs are 52.67 and 50.32 mm, which
are decreased by 36.53% and 16.14%, respectively. The horizontal bi-directional maximum
accelerations of the structure without MRDs are 3.15 and 3.38 m/s2, and those with MRDs are
2.48 and 2.91 m/s2, which are decreased by 21.08% and 13.89%, respectively. The horizontal
bi-directional story drift ratios of the structure without MRDs are 1.74 × 10−3 rad and
1.17 × 10−3 rad, and those with MRDs are 1.25 × 10−3 rad and 1.01 × 10−3 rad, which are
decreased by 28.41% and 14.44%, respectively.

It can be seen from Figure 11 that the story drift ratios of the L-shaped frame structure
with and without MRDs first increase and then decrease with the increase in the number
of floors of the structure, and the maximum value appears on the third floor. This is
because the bottom column of the structure is assumed to be consolidated, and the angle
displacement of the bottom column is 0, resulting in a small story drift ratio between the
bottom floors at not less than 1/2 of the second layer displacement angle; it shows that the
envelope diagram is reasonable.

5.3. Results Analysis on Shear Force and Bending Moment of the Structural Columns

Under the excitation of seismic waves, the maximum shear force and bending moment
of the column on every floor of the L-shaped frame structure with and without MRDs are
plotted in Figure 12. As shown in Figure 12, the maximum shear force and the bending
moment of the column on each floor of the structure with MRDs are obviously lower
than those without MRDs, and the shear forces at both ends of the column are equal.
Taking the column (Nodes 20 and 34) on the second floor as an example, as shown in
Figure 12a, under the excitation of the Taft wave, the horizontal bi-directional maximum
shear forces of the column of structure without MRDs are 184.90 and 220.93 kN, and those
with MRDs are 128.35 and 167.67 kN, which are decreased by 30.58% and 24.11%, respec-
tively. As shown in Figure 12b, throughout the duration of the Kobe wave, the horizontal bi-
directional maximum shear forces of the column of structure without MRDs are 265.29 and
302.03 kN, and those with MRDs are 195.07 and 247.98 kN, which are decreased by 26.47%
and 17.90%, respectively.

As shown in Figure 12, the inflection point of the column on the top floor appears
in the lower middle of the column, the inflection point of the column on the ground
floor appears in the upper middle of the column, and those on the other floors appear
in the middle of the column. Throughout the duration of seismic waves, the maximum
bending moments at both ends of columns on each floor of the structure with MRDs are
obviously lower than those without MRDs. Taking the column (Nodes 20 and 34) on the
second floor as an example, as shown in Figure 12a, during the action time of the Taft
wave, the horizontal bi-directional maximum bending moments of the column bottom of
structure without MRDs are 541.61 and 468.77 kN·m, and those with MRDs are 413.81 and
325.01 kN·m, which are decreased by 23.60% and 30.66%, respectively. As shown in
Figure 12b, throughout the duration of the Kobe wave, the horizontal bi-directional maxi-
mum bending moments of the column bottom of structure without MRDs are 731.01 and
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674.36 kN·m, and those with MRDs are 602.17 and 496.72 kN·m, which are decreased by
17.62% and 26.34%, respectively.

Figure 12. The max shear forces and bending moments of the columns of every floor of the structure
with and without MRDs.

5.4. Results Analysis on Torsional Vibration Control of the Structure

Contrasts of the horizontal displacement response of the top node of the L-shaped
frame structure without MRDs are plotted in Figure 13. As shown in Figure 13, the X
directional displacement time history responses of Nodes 153 and 141 are significantly
different, and the Y directional displacement time history responses of Nodes 144 and 141
are also different. As shown in Figure 13a, during the excitation of the Taft wave, the X
directional maximum displacements of Nodes 153 and 141 are 71.79 and 48.20 mm, and the
ratio is 1.489; the Y directional maximum displacements of Nodes 144 and 141 are 53.77
and 44.52 mm, and the ratio is 1.208. As shown in Figure 13b, during the excitation of the
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Kobe wave, the X directional maximum displacements of Nodes 153 and 141 are 89.56 and
71.93 mm, and the ratio is 1.245; the Y directional maximum displacements of Nodes 144
and 141 are 69.62 and 62.01 mm, and the ratio is 1.123. The results show that the L-shaped
structure without MRDs has obvious torsional vibration in the horizontal plane.

Figure 13. Contrasts of the horizontal displacement response of the top node of the structure
without MRDs.

Contrasts of the horizontal displacement response of the top node of the L-shaped
frame structure with MRDs are plotted in Figure 14. As shown in Figure 14, the X directional
displacement time history responses Nodes 153 and 141 and Y directional displacement
time history responses of Nodes 144 and 141 are almost identical. As shown in Figure 14a,
during the excitation of the Taft wave, the X directional maximum displacements of Nodes
153 and 141 are 42.36 and 37.25 mm, and the ratio is 1.140; the Y directional maximum
displacements of Nodes 144 and 141 are 40.26 and 37.25 mm, and the ratio is 1.081. As
shown in Figure 14b, during the excitation of the Kobe wave, the X directional maximum
displacements of Nodes 153 and 141 are 57.41 and 57.55 mm, and the ratio is 0.998; the Y
directional maximum displacements of Nodes 144 and 141 are 57.79 and 51.92 mm, and the
ratio is 1.113. The results show that, compared with the L-shaped frame structure without
MRDs, the torsional vibration of the structure with MRDs is significantly reduced.
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Figure 14. Contrasts of the horizontal displacement response at the top node of the structure with MRDs.

For the action time of seismic waves, the maximum horizontal displacement ratios of each
floor of the L-shaped frame structure with and without MRDs can be seen in Tables 5 and 6.
As shown in the tables, compared with the L-shaped frame structure without MRDs, the Y
directional maximum displacement ratios of every floor of the structure with MRDs are
getting closer to 1; the X directional maximum displacement ratios are obviously on the
decrease. The results demonstrate that the L-shaped frame structural torsional vibration is
significantly controlled.

Table 5. The maximum horizontal displacement ratios of every floor during the Taft wave excitation.

Floor (Node/Node)
X Direction

Floor (Node/Node)
Y Direction

Without MRDs With MRDs Without MRDs With MRDs

1 (27/15) 1.395 1.046 1 (18/15) 1.253 1.103
2 (41/29) 1.445 1.087 2 (32/29) 1.261 1.112
3 (55/43) 1.480 1.109 3 (46/43) 1.249 1.101
4 (69/57) 1.503 1.116 4 (60/57) 1.243 1.103
5 (83/71) 1.506 1.122 5 (74/71) 1.235 1.102
6 (97/85) 1.499 1.127 6 (88/85) 1.226 1.097
7 (111/99) 1.494 1.135 7 (105/99) 1.218 1.092

8 (125/113) 1.491 1.141 8 (116/113) 1.212 1.086
9 (139/127) 1.489 1.140 9 (130/127) 1.208 1.081
10 (153/141) 1.489 1.140 10 (144/141) 1.208 1.081
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Table 6. The maximum horizontal displacement ratios of every floor during the Kobe wave excitation.

Floor (Node/Node)
X Direction

Floor (Node/Node)
Y Direction

Without MRDs With MRDs Without MRDs With MRDs

1 (27/15) 1.232 0.937 1 (18/15) 1.119 1.104
2 (41/29) 1.237 0.974 2 (32/29) 1.133 1.121
3 (55/43) 1.237 0.986 3 (46/43) 1.131 1.119
4 (69/57) 1.242 0.989 4 (60/57) 1.130 1.124
5 (83/71) 1.247 0.988 5 (74/71) 1.128 1.125
6 (97/85) 1.248 0.987 6 (88/85) 1.125 1.124
7 (111/99) 1.247 0.990 7 (105/99) 1.123 1.120

8 (125/113) 1.246 0.993 8 (116/113) 1.122 1.116
9 (139/127) 1.244 0.995 9 (130/127) 1.121 1.113
10 (153/141) 1.245 0.998 10 (144/141) 1.123 1.113

It can be seen from Figure 7 that the center of mass has different positions from the
center of rigidity in the L-shaped frame structure; it directly leads to the obvious torsional
vibration response under the action of seismic waves. Since the multi-floor L-shaped
frame structure is a shear-type structure, many MRDs are arranged at the bottom floor
of the structure, which can effectively increase the shear rigidity and torsional rigidity of
the overall structure. This is the main reason why the multi-dimensional vibration and
torsional vibration response of the L-shaped frame in this article are effectively controlled
after setting the MRDs.

6. Conclusions

In the present study, extensive research about the mechanical performance of the self-
made MRD is experimentally studied at different displacement amplitudes and currents.
Finally, the main conclusions are summarized as follows:

1. The damping force provided by the MRD gradually increases with the current, and
the adjustable scope of damping force is from 3.1 to 120 kN when the current level
increases from 0 to 0.28 A.

2. The programs of the calculation model and time history analysis of the L-shaped
frame structure without and with MRDs are proposed, which offers a new way for
seismic response analysis of frame structures with MRDs.

3. In contrast with the L-shaped frame structure without MRDs, the three-directional dis-
placement and acceleration, story drift ratio, shear force, and bending moment of each
floor of the L-shaped frame structure with MRDs have been significantly decreased.

4. Throughout the duration of seismic waves, the L-shaped frame structure has the
obvious response of torsional vibration, and the response of torsional vibration can be
controlled by reasonably arranging MRDs in the structure.

A comparison of the most known machine learning algorithms will be considered in the
same scenario for future applications. Moreover, a more comprehensive range of structural
systems should be examined to incorporate them into the seismic response methodology.
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Abstract: The aim of this study is to compare the seismic response of reinforced concrete (RC)
symmetric buildings, with a varied number of stories, strengthening with three types of passive
energy dissipation systems, as tuned mass dampers, viscous dampers, and friction dampers. The
paper presents an overview of design optimization with the object of minimizing certain functions:
(i) the maximum displacement at the top of the structures, (ii) the base shear loads, and (iii) the
maximum interstory drift. The objective functions were evaluated in three residents’ buildings (a
four-story building, a nine-story building, and a sixteen-story building) subjected to seven (real
and artificial) seismic recorded accelerograms. For this purpose, 94 nonlinear dynamic analyses
were carried out. The effects of each strengthening solution are presented, and from this innovative
comparison (optimal design, three different passive energy systems, three different story numbers),
further useful results were observed. The outcomes of the study show the effectiveness of a tuned
mass damper (TMD) system, and how it might be better for tall and flexible structures than for stiffer
structures. However, the response of the pendulum tuned mass damper (TMD) configuration is
better than the conventional one because it acts in all directions. The viscous dampers (VDs) provide
a significant reduction for mid-rise buildings, while friction dampers (FDs) boost the performance of
all structures under seismic action, especially in terms of displacement, and they are more suitable
for low-rise buildings.

Keywords: passive energy dissipation systems; tuned mass damper; viscous damper; friction
damper; optimization; dynamic response

1. Introduction

During an earthquake, most structures have an inherent damping in them which
results in some of the input seismic energy being dissipated, but a large amount of energy
is absorbed by the structure, causing it to undergo several deformations and maybe even
collapse. So, over the last year, there has been great interest in the creation of seismic
energy dissipation devices that will absorb the majority of the seismic energy, but will not
belong to the supporting structure of the construction (conventional braced frames). The
main advantages of these are their easy replacement or repair. These devices belong to
the passive energy dissipation systems, do not require external power to generate system
control forces, and hence, are easy and cheap to implement in a structure [1–3]. Passive
energy dissipation devices such as tuned mass dampers (TMD), viscous dampers (VD),
and friction dampers (FD) have widely been used to reduce the dynamic response of
civil engineering structures that are subjected to seismic loads. Their effectiveness for
the seismic design of building structures is attributed to minimizing structural damages
by absorbing the structural vibratory energy and by dissipating it through their inherent
hysteresis behavior.
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The passive TMD is undoubtedly a simple, inexpensive, and somewhat reliable means
to suppress the undesired vibrations. The TMD concept was first applied by Frahm in
1909 [4] to reduce the rolling motion of ships and ship hull vibrations. A theory for the
TMD was presented later by Ormondroyd and Den Hartog [5], followed by a detailed
discussion of optimal tuning and damping parameters in Den Hartog’s book on mechanical
vibrations [6]. A number of TMDs have been installed in tall buildings, bridges, and towers.
The first structure in which a TMD was installed is the Centrepoint Tower in Sydney
Australia, which was conceived in 1968 [7]. There are many buildings in the United States,
like the Citicorp Center in New York City [8] and the John Hancock Tower in Boston [9]; in
Japan, there is the Chiba Port Tower [10] and others [11].

A VD damper generally consists of a piston within a damper housing filled with a
compound of silicone or a similar type of oil, with the piston containing a number of small
orifices through which the fluid may pass from one side of the piston to the other [12].
Viscoelastic materials are very popular in engineering [13,14]. As the damper piston rod
and piston head are stroked, fluid is forced to flow through orifices either around or
through the piston head. The first applications of VD dampers to structures were for
reducing acceleration levels, or increasing human comfort, due to wind. In 1969, VD
dampers were installed in the twin towers of the World Trade Center in New York as
an integral part of the structural system. In 1982, VD dampers were incorporated into
the 76-story Columbia Sea First Building in Seattle, Washington, to protect against wind-
induced vibrations [15]. Applying the well-developed fluid damping technology to civil
structures was relatively straightforward; within a short time, the first research projects
were completed on the application of fluid dampers to a steel framed building [12] and an
isolated bridge structure [16].

In a typical FD, the generated frictional force helps to dissipate the external energy
and stabilize the structure under the dynamic excitation scenarios. The FDs are also not
prone to thermal effects, and possess a stable hysteretic behavior for a considerable number
of cycles under such dynamic excitations [17]. Based primarily upon an analogy to the
automotive brake, Pall et al. [18] began the development of passive frictional dampers to
improve the seismic response of structures. The objective is to slow the motion of buildings
“by braking rather than breaking” [19]. After that, many researchers proposed friction
dampers that focus on protection in the braced frames or in the joint connection [20–27].
Several of these devices have been selected for the seismic strengthening of existing or new
buildings in the USA, Canada, and Japan [28–30].

This study compares the seismic response of three reinforced concrete (RC) symmetric
buildings of varying stories and their strengthening with three types of passive energy
dissipation systems, as tuned mass dampers, viscous dampers, and friction dampers. We
focus on the optimal design of each building in minimizing (i) the maximum displacement
at the top of the structures, (ii) the base shear loads, and (iii) the maximum inter-story drift.
Three residents’ buildings (a four-story building, a nine-story building, and a sixteen-story
building) were subjected to seven (real and artificial) seismic recorded accelerograms.
For this purpose, 94 nonlinear dynamic analyses were carried out. The effects of each
strengthening solution are presented, and from this innovative comparison (optimal design,
three different passive energy systems, and three different story numbers), further useful
results were observed.

2. Description of Benchmark Investigated Buildings

Three symmetric, in plan, reinforced concrete residential buildings were studied in
this paper. The three buildings were regular in plan according to EC8 [31], and they had
the same external dimensions: 40.00 m in the longitudinal direction and 20.00 m in the
transversal direction, as shown in Figure 1. The number of the stories was varied, with the
constant height of each story equal to 3.50 m. The first building, mentioned from now on
as « Low-rise », consisted of three stories; the second building, mentioned as « Mid-rise »,
consisted of eight stories; the third building, mentioned as « High-rise », consisted of 15
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stories. More details of the construction elements are given in Table 1. The buildings had a
structural system for resisting horizontal loads based to walls. Their distribution in plan
was symmetric in both horizontal directions to avoid an additional torsional effect.

Figure 1. Plan view of the buildings (units in m).

Table 1. Description of the investigated buildings.

Building Type Low-Rise Mid-Rise High-Rise

Number of stories G + 03 G + 08 G + 15
Story height 3.5 m

Total height including roof level 14 m 31.5 m 56 m
Columns cross section 30 × 50 cm 30 × 80 cm 30 × 80 cm

Beams cross section 30 × 30 cm
Walls thickness 30 cm
Slab thickness 20 cm

3. Building’s Modeling

A finite element method (FEM) was constructed to model the structural system and
mass distribution. Non-linear dynamic time history analyses were performed to account
for geometrical and structural non-linearities. The beams and the columns were modeled as
frame elements with rectangular cross sections (see Table 1), while the walls were modeled
as shell elements. The rigid floor diaphragm assumption was used for the modeling of
the stories, as the buildings are regular (EN 1998-1:2004, page 42, section 4.2.3.2) and in
elevation (EN 1998-1:2004, page 43, section 4.2.3.3) [31]. For the walls and floors, a four-
node shell elements was used in this study. The selected shells elements are homogeneous,
with 6DOF in each node, and an appropriately selected mesh was used in order to have
equilibrium between the accuracy of the results and the computation cost (103,200 DOF for
the « low-rise » building, 272,400 for the « mid-rise », and 628,800 for the « high-rise »). In
the three-dimensional structural model, elastic flexural stiffness and shear stiffness were
taken into account, and equal to the one-half of the corresponding stiffness of the uncracked
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elements [31]. Material properties like concrete and steel rebars remain the same for all the
stories, while the building is subjected to gravity and lateral loads (see Figure 1).

The optimal design of the strengthening solutions is presented in the Section 4 of this
paper. A tuned-mass damper (TMD), also known as a pendulum damper, is not actually
a damper, but rather a pendulum or another gravity-based oscillator that is attached to
the structure in such a way that it counteracts the vibration of one or more fundamental
modes, thereby reducing the wind and/or seismic response of those modes. A TMD was
modeled using a spring-mass system with damping. A linear link element reproduced
the spring properties, while the mass and weight was also assigned in the model. The
details of the TMD mass (or PTMD) for each building are presented in the Section 4.1.
The damping properties of nonlinear viscous dampers (VD) were based on the Maxwell
model of viscoelasticity [32]. The nonlinear properties, as stiffness, damping coefficient,
and damping exponent were specified, and modeled in series. A linear link object is most
suitable unless nonlinear damping is assigned using a damping exponent other than 1.0.
This enables the modeling of a linear dashpot parallel with linear stiffness for both linear
and nonlinear analysis cases. The numerical modeling of friction dampers (FD) was very
easy, since the hysteretic loop of the friction dampers is perfectly rectangular, similar to the
perfectly elasto-plastic material. The friction dampers were modeled as a fictitious plasticity
element having a yield force equal to the slip load. The FD and VD were positioned in steel
diagonal brace elements. More details for the shape and the position of the steel diagonal
braces are given in the Section 4 of this paper. The braces were modeled as a frame element.

All building models, i.e., the benchmark buildings and the alternative ones with the
passive energy dissipation systems, were analyzed for seven different real and artificial
accelerograms that were compatible to ground type B-dependent Eurocode 8 elastic spectra
(seismic zone V according to the French national annex [33]). The selection of the accelero-
grams was based on the provisions of Eurocode 8 Part 1 [31]. The mass and stiffness
proportional damping was chosen, and critical damping ratios equal to 5% and 4% were
considered for the first and second period of the analyzed building systems, correspond-
ingly. The strengthening solutions were carried out by maximizing structure performances
as much as possible. This can be done by adopting an elastic linear behavior (behavior
factor q = 1) to help prevent damages in structural elements that could compromise the
durability of the structures. In order to take into account uncertainties linked to the location
of the masses and the spatial variation of the seismic movement, EC8 requires an additional
accidental eccentricity of at least 5% of the dimension of the building that is perpendicular
to the direction of seismic action. This means that the center of gravity of each story must
be offset in each direction of this eccentricity with respect to its nominal position. The
adopted 5% eccentricity is considered constant, and repeated on each story in the same
direction in the present study.

A nonlinear dynamic analysis was performed with seismic inputs described by bi-
directional recorded accelerograms (Figure 2a), which have been applied at base level.
Figure 2b shows the response spectra of the selected accelerograms compared to the EC8
elastic response spectrum Type 1, with peak ground acceleration equal to 0.3 g, ground
type B, and 5% damping.
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(a) (b) 

Figure 2. (a) The bidirectional recorded accelerograms, (b) response spectra relative to the selected accelerograms compared
to the EC8 elastic response spectrum Type 1 with peak ground acceleration equal to 0.3 g, ground type B, and 5% damping.

4. Optimal Design of Passive Energy Dissipation Systems

These days, there are numerous passive energy dissipation dampers, while the present
study is focused on TMD, VD, and FD, which are described in the introduction. A design
optimization technique for each system is presented in this section, covering damper
characteristics and displacements. The design optimization sought to minimize (i) the
maximum displacement at the top of the structures and (ii) the maximum inter-story drift.

4.1. Tuned Mass Damper

TMD is a motion-based passive system that consists of a mass md, a spring with spring
stiffness kd, and a dashpot with a damping coefficient cd attached and typically tuned
to the natural structural frequency [34]. During an earthquake, the damping system is
stretched and compressed, reducing vibrations in the structure by increasing its effective
damping [34]. A schematic representation of the 2 DOF (degree of freedom) system is
shown in Figure 3, noting that m, k, and c represent, respectively, the main mass, stiffness,
and inherent damping coefficient of the structural system. TMD is typically effective over
a narrow frequency band. It is therefore important to be tuned to a particular natural
frequency. The system efficiency decreases, with structures having several closely spaced
natural frequencies [34].

Figure 3. Schematic representation of the 2 DOF system.

An appreciation of TMD efficiency can be obtained by following the basic development
of Den Hartog [6], which considers an undamped structural system subject to a sinusoidal
excitation. Figure 4 shows that the dynamic amplification factor, R, which takes the
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damping effect of the TMD, is a function of the four essential variables: the mass ratio m
(m = md/m), the TMD damping ratio ξd (ξd = cd

2·md ·ωd
), the frequency ratio ν ( ν = ωd/ω) ,

and the forced frequency ratio λ ( λ = ω/ω) , where ω =
√

k/m and ωd =
√

kd/md
are the natural frequency of the structural system and TMD, respectively. The dynamic
amplification factor R is expressed by the Equation (1):

R =

√√√√ (ν2 − λ2)
2 + (2·ξd·ν·λ)2

[(ν2 − λ2)(1 − λ2)− ν2·λ2·m]
2 + (2·ξd·ν·λ)2(1 − λ2 − λ2·m)

2 (1)

 

Figure 4. Dynamic amplification factor as a function of λ.

Figure 4 shows a plot of R as a function of λ for m = 0.05 and ν = 1. Without TMD
damping, the response amplitude is infinite at two resonant frequencies of the 2 DOF
systems. Furthermore, for an infinite TMD damping, the two masses are virtually fused to
each other, leading the amplitude of resonant frequency to be infinite again [1]. Therefore,
between these extremes, there is a value of ξd, for which the peak becomes a minimum.

An objective of installing TMD in structures is to bring the response amplitude down
to its lowest possible value, 1; this is why the damping ratio of TMD must be carefully
selected in such a way that small amplifications over a wider frequency bandwidth can
be achieved. As can be seen in Figure 4, this can be achieved by taking a small value of
ξd, like 30%. So, the effect of the TMD damping ratio is very essential. One observes that
this parameter must exist but must not be high, because at this case, the amplifications
are small and the frequency range in which the damper works is the biggest increasing
damper efficiency. Outside of this range, the motion is not considerably influenced by the
TMD system.

The conventional TMD described above requires a large mass and space for installa-
tion, thus creating architectural constraints [35]. An alternative approach is using a pendu-
lum configuration PTMD. During ground motion, the pendulum produces a horizontal
force which opposes the story motion [36]. This configuration type can be represented by
an equivalent SDOF system attached to the story, as shown in Figure 5.

With the pendulum configuration [36], the equivalent stiffness is given by keq = md·g/L ,
the natural frequency is expressed by ωd =

√
keq/md =

√
g/L and the natural period is

set by Td = 2·π·√ L/g . The tuning parameters of PTMD are the mass md and the length
L. This configuration is advantageous over the conventional TMD, especially for high-rise
buildings, because its frequency can be retuned easily by modifying the cable length [37].
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Figure 5. PTMD schematic representation.

The first important parameter in the optimal design process of the TMD system is the
mass ratio m. It is well known that the structural response decreases as m increases, but
this ratio has a limit in practice which must not exceed 10% [34] based on geometrical and
economical constraints. Then, optimized absorber parameters are calculated.

All real systems contain some inherent damping, meaning that an absorber is added
to a lightly damped system. The effect of the inherent damping in the real system is
an important design consideration on the optimum tuning parameters of TMD. Table 2
shows the equations used in the present study for ν and ξd, which includes the structural
damping ratio of the primary structural system ξ, the derived rigidity kd, and damping
coefficient cd of the TMD, respectively [38]. Also, Table 3 shows the structure and TMD
optimal parameter values taken for the three investigated buildings, noting that T is
the fundamental period of the structure in the transversal direction in which the TMD
is applied.

Table 2. TMD optimized parameters expressions.

Expressions

Optimal tuning parameters of TMD given in [38] ν = 1
1+m ·

[
1 − ξ·

√
m

1+m

]
(2)

ξd = ξ
1+m +

√
m

1+m
(3)

Optimized absorber parameter kd = ωd
2·md = ν2·ω2·m·m (4)

cd = 2·ξd·ωd·md = 2·ξd·υ·ω·m·m (5)

Table 3. Structure-TMD optimal parameter values.

Building Type
Structure TMD

Parameter Value Parameter Values

Low-rise
T [s] 0.216 m = 0.5% ν = 0.9915 ξd = 12.03%
m [t] 1572.29 m = 1% ν = 0.9852 ξd = 14.90%

Mid-rise
T [s] 0.985 m = 1% ν = 0.9852 ξd =14.90%
m [t] 4626.92 m = 3% ν = 0.9626 ξd = 21.92%

High-rise T [s] 2.202 m = 2% ν = 0.9735 ξd = 18.90%
m [t] 8560.39 m = 3% ν = 0.9626 ξd = 21.92%

In order to choose the most appropriate mass ratio, two analyses will be carried out
for two mass ratios per building (Table 4). The structural response will be compared to the
undamped case in Table 5.
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Table 4. TMD design parameter values for the three investigated buildings.

Building Type  md
[t]

kd
[kN/m]

cd
[kN·s/m]

Low-rise
0.50% 7.86 6561.47 54.63

1% 15.72 12,955.58 134.49

Mid-rise
1% 46.27 1829.10 86.70
3% 138.8 5238.61 373.86

High-rise 2% 171.2 1321.15 179.82
3% 256.8 1937.40 309.24

Table 5. Responses of the three investigated buildings for the two different mass ratio of TMD with margin from undamped case.

Building Type Case Direction

Fundamental Period Top Roof Displacement Base Shear

Value
[s]

Margin
Value
[cm]

Margin
Value
[kN]

Margin

Low-rise

Undamped Longitudinal 0.156 0.8556 9536.64
Transversal 0.216 0.4248 2772.68

Damped with
m = 0.5%

Longitudinal 0.158 −1.28% 0.8243 3.66% 9530.28 0.07%
Transversal 0.218 −0.93% 0.4183 1.53% 2751.67 0.76%

Damped with
m = 1%

Longitudinal 0.157 −0.64% 0.8237 3.73% 9287.71 2.61%
Transversal 0.216 0.00% 0.4164 1.98% 2693.44 2.86%

Mid-rise

Undamped Longitudinal 0.697 13.2068 24,870.8
Transversal 0.985 5.4141 4652.36

Damped with
m = 1%

Longitudinal 0.71 −1.87% 12.6213 4.43% 23,726.16 4.60%
Transversal 0.997 −1.22% 5.3094 1.93% 4567.02 1.83%

Damped with
m = 3%

Longitudinal 0.733 −5.16% 12.5036 5.32% 22,507.32 9.50%
Transversal 1.031 −4.67% 4.7931 11.47% 4559.55 1.99%

High-rise

Undamped Longitudinal 1.983 38.377 19,306.7
Transversal 2.202 12.5677 5222.92

Damped with
m = 2%

Longitudinal 2.058 −3.78% 35.9845 6.23% 18,077.8 6.37%
Transversal 2.284 −3.72% 10.2574 18.38% 5112.19 2.12%

Damped with
m = 3%

Longitudinal 2.091 −5.45% 36.3981 5.16% 17,476.06 9.48%
Transversal 2.322 −5.45% 10.1373 19.34% 5331.14 −2.07%

Flexible buildings undergo larger horizontal displacements, which may result in
significant damages. In this case, it is preferable to choose a relatively big mass ratio, unlike
rigid buildings, for which it is advisable to adopt a relatively small ratio, because increasing
its value does not provide any additional damping effect.

This is why the low-rise building is studied over the two following small mass ratio
values 0.5% and 1%, the mid-rise building over 1% and 3%, while the high rise building
will be studied for 2% and 3%.

As for the installation location of TMD, choosing the best location is the most important
factor to consider in the optimal design process to show excellent control performance for
the controlling dynamic response [39]. It is important to note that there are not enough
studies carried on the installation of TMD in a spatial structure, as well as a lack of data on
the optimal installation [40].

The TMD is commonly installed at the center plan to avoid creating torsional effects.
In their study on the performance and placement of one or more TMDs in buildings,
Almazan et al. [41] concluded that the optimum location is near the geometric center of
the plan, whether for symmetric or asymmetric buildings. In addition to that, TMD is a
motion-based system, which means that the TMD efficiency in reducing structural response
is gained by applying it at the story that will experience the most motion. In symmetric
buildings, it is usually on the upper story level [42].
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The margins in Table 5 are calculated according to the undamped case, which means
that a reduction is detected for positive values. The negative margins mean that there is an
increase in parameter values after installing the TMD.

After focusing on the margin between the two proposed mass ratio for each of the three
investigated buildings, it is clear that an increase in the mass ratio brings a relatively small
additional damping for Artificial 4 ground motion. This is why for economic concerns,
0.5% is adopted for the low-rise building as a value of mass ratio, and 3% for the mid and
high-rise building.

Optimized TMD design parameter values are listed in Table 6. However, the optimal
position for irregular buildings is not necessarily on the upper story due to the different
stiffness values for each story in elevation. Furthermore, the damper location in plan is
considered a primary design variable; in this case, it depends essentially on the eccentricity
between the center of mass and rigidity, but is always near the geometric center of the
plan [41]. It is important to note that buildings optimal design is evaluated for Artificial
4 ground acceleration by applying a nonlinear time history analysis because its spectral
response is close to the EC8 elastic response spectrum [31].

Table 6. Cable length required for the three investigated buildings.

Building Type  ωd [rad/s] L [m]

Low-rise 0.50% 28.893 0.012
Mid-rise 3.00% 6.143 0.259
High-rise 3.00% 2.747 1.300

An alternative solution is using a PTMD configuration, which can provide additional
damping, as it can act in all directions. Table 6 shows that the cable length required for
the low and mid-rise building are too small, and thus, unrealistically small values. So, the
PTMD configuration is only evaluated for the high-rise building. The cable that relates
the additional mass to structure is composed of steel rods, with a circular section offering
high axial rigidity. In this optimization section, a comparison between TMD and PTMD
configuration is established. It is clear that the values obtained for the three parameters
studied are relatively close. This can be explained by the fact that the building is not too
flexible, which limits the performance of TMD and PTMD as well (Figure 6). However, the
PTMD configuration is adopted in the high-rise building because it offers more reduction
than the translational configuration, and its frequency can be easily retuned (Table 7).

 
(a) (b) 

Figure 6. Modeling configuration of (a) TMD for low-rise and mid-rise buildings, (b) PTMD for high-rise building.
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Table 7. Response of the high-rise building for the TMD and PTMD configuration.

Case
Longitudinal Transversal

Undamped With TMD With PTMD Undamped With TMD With PTMD

Fundamental period [s] 1.983 2.091 1.801 2.202 2.322 2.67
Top roof displacement [cm] 38.377 36.39 25.01 12.567 10.14 9.23

Base shear [kN] 19,306.7 17,476.06 16,974.11 5222.9 5331.14 4386.71

4.2. Viscous Dampers (VDs)

Viscous damping is the dissipation of energy that occurs when a particle in a vibrating
system is resisted by a force, the magnitude of which is a constant independent of displace-
ment and velocity, and the direction of which is opposite to the direction of the velocity of
the particle. Uniaxial force is a result of a pressure across the piston head. Since the fluid
is nearly incompressible, a reduction in fluid volume results in a restoring force, which
is prevented by the use of a rod make-up accumulator [12]. Previous research show an
increase in temperature can be significant, particularly in long-durations or large-amplitude
seismic motions. This temperature is compensated by a relatively small effect through
mechanisms [43,44].

An efficient mathematical model to describe VD behavior (linear or nonlinear) was
proposed by Seleemah and Constatinou [45] based on experimental results. The force of
the damper P(t) is calculated by the following Equation (6):

P(t) = Cd
∣∣ .
u(t)

∣∣α sgn
[ .
u(t)

]
(6)

where Cd is the damping coefficient, u(t) is the displacement across the damper, and α is a
coefficient, depending on the piston head design and viscosity properties of fluid.

The coefficient α is the first important parameter to verify which could be less or
equal to 1. Figure 7a describes the force-velocity relationship for linear and nonlinear
behavior, while Figure 7b shows the force–displacement hysteretic loops. For earthquake
resistance structures, the α coefficient has a value ranging from 0.3 to 1.0, in order to
provide larger forces and to minimize shocks for high velocities with no degradation of
performance [46]. In addition, the lowest value needed to maintain a high amount of
energy absorbed per cycle of vibration is shown in Figure 7b, and minimizes at the same
time the stress at adjacent structural members [47]. So, in our study, an α value equal to 0.3
has been selected.

(a) (b) 

Figure 7. (a) Force-velocity behavior of VD and (b) Force-displacement hysteretic-loops.

Velocity is the second important parameter to fix. This is because the VD force
varies with velocity, which is related to structural motion and depends on the structural
fundamental period. The horizontal flexibility of the structure injects the full movement
directly into the horizontal component of the damper, so VD is considered efficient for
flexible rather than rigid structures [47]. In this study, a parametric study was done in
order to select the correct velocity in accordance with previous studies [47].
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The damping coefficient (Cd) is the third important parameter to define, related to
the desired effective damping ξe f f , and attributed to the structure. Design codes do not
provide any substantial procedure for the distribution of the calculated damping coefficient
over the whole building. These days, a large variety of methods have been proposed,
classified between two categories: standard and advanced methods [48,49]. In the present
study, the damping coefficient is distributed along the height of the building, based on the
proportionality respective of the story shear force (Equation (7)); the effective damping ξe f f
is a sum of the structural inherent damping ratio (ξ0) and the damping ratio of the viscous
dampers (ξd), according to [50] recommendations (see Equation (8)).

Cd,i =
Vi

∑ Vi
∑ Cj (7)

ξe f f = ξ0 + ξd = ξ0 +
∑ λCjφrj

1+α cos1+α θj

2πA1−αω2−α ∑ Miφi
2 (8)

λ = 22+α Γ2(1 + α
2
)

Γ(1 + α)
(9)

where A is the amplitude, φrj is the relative horizontal displacement of the damper, θj is the
inclined angle of the damper j, ω is the loading frequency supposed equal to the natural
structural frequency, Mi is the vibrating mass of the story i, φi is the modal displacement at
story i, and λ is a parameter calculated by Equation (9) [51].

Del Gobbo [52] indicates that in order to establish the optimal effective damping,
nonstructural elements must be taken into account. To have an essential damping ratio-
repair cost relationship, the range of optimal effective damping is identified as 30 − 40% to
minimize mean economic losses. However, the optimal damping amount also depends on
the building’s properties, such as the fundamental period of structure. Table 8 shows the se-
lected, effective damping and velocities values, as well as the calculated damping coefficient.

Table 8. Effective damping and calculated damping coefficient for the three investigated buildings (α = 0.3).

Building Type Direction
Fundamental

Period [s]
Structural Rigidity

Description
Suggested

Velocity [m/s]
Suggestedeffective

Damping ξeff

∑Cj
[kN·(s/m)]

Low-rise
Longitudinal 0.156 Rigid 0.127 30% 71,537.07
Transversal 0.216 0.127 30% 59,405.58

Mid-rise
Longitudinal 0.697 Semi-rigid 0.254 35% 56,981.16
Transversal 0.985 0.254 35% 39,325.16

High-rise Longitudinal 1.983
Flexible

0.381 40% 12,658.71
Transversal 2.202 0.381 40% 12,095.19

The design optimization of VD is not limited only on the mechanical parameters
of VDs, but also on the position of the dampers in the plan-view of the building. It is
important to ensure that the dampers are located in a configuration that does not introduce
eccentricity to the structure; this is why the most efficient placement would be equivalently
about the building’s center of mass, for example, along the perimeter of typical structures.
The main reason is to be able to control any torsional motion of the building [47]. In
our study, the VDs are positioned in steel diagonal braces, half of them working under
compression, and the other under tension. Different configurations of VD’s placement
were studied, while two of them are illustrated in the Figure 8. At least two dampers were
positioned in each direction and on each side of the building’s center mass at every story,
even though it is not required. It could be terminated before the top levels or alternated at
different story levels. Moreover, to limit damper force output, more than two dampers per
direction could be used, especially for buildings with large footprints.

203



Appl. Sci. 2021, 11, 10103

Figure 8. (a) Alternative 1 of dampers placement and (b) Alternative 2 of dampers placement.

To choose the best one for each building by evaluating the fundamental period, the top
roof displacement and base shear obtained in the longitudinal and transversal directions
is indicated in Table 9. It should be noted that dampers were installed at all levels with
four systems per direction. It must be noticed that the dampers placement can affect
a building’s structural response by evaluating the structural response between the two
alternatives of dampers placement shown in Table 9. In general, alternative 2 provides the
best reduction, especially for the low and mid-rise building, and alternative 1 offers the
smallest values of displacement for the high-rise building. So, alternative 2 is chosen for
the low and mid-rise building, and alternative 1 for the high-rise building. Figure 9 shows
the schematic configuration during the modeling of VDs.

Table 9. Responses of the three investigated buildings for the two alternatives of VDs placement.

Building Type Direction

Fundamental Period
[s]

Top Roof Displacement
[cm]

Base Shear
[kN]

Altern. 1 Altern. 2 Altern. 1 Altern. 2 Altern. 1 Altern. 2

Low-rise
Longitudinal 0.112 0.112 0.167 0.176 1973.2 1905.6
Transversal 0.148 0.147 0.218 0.345 2308.6 2070.0

Mid-rise
Longitudinal 0.387 0.387 3.121 3.763 1888.1 7567.0
Transversal 0.775 0.775 2.997 1.760 4991.5 83.3

High-rise Longitudinal 0.543 0.543 5.812 6.821 10,828 322.5
Transversal 0.989 0.989 4.604 4.803 178.6 14,737.6

Figure 9. Modeling configuration of VDs.

4.3. Friction Dampers (FDs)

FD is a displacement-based system which dissipates energy through friction across
the surfaces between two solid elements [1,3]. The dissipative mechanism generates heat
through dry sliding friction with a stable hysteretic behavior [53]. A simple model for
defining the behavior of the damper is given by the idealized Coulomb model of friction.
The theory is based on the following hypotheses, which are experimentally validated [19]:

• Force independent of the apparent contact surface
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• Force proportional to the total normal force acting through the interface
• Force independent of speed even with a slip at low speed

As a result, the force can be written using the following expression Ft = μ·Fn, where
Ft and Fn represent the frictional and normal forces, respectively, and μ the coefficient of
friction which depends on the selection of sliding materials and present conditions of the
sliding interface. Fn and μ are maintained at constant values over extended durations of
time, which is difficult to achieve in practice [3]. The damper hysteresis loop is rectangular,
showing a great amount of energy dissipated per cycle of motion, and the cyclic behavior
of FD is strongly nonlinear, as shown in Figure 10a. When the friction force is overcome,
FD adds initial stiffness to the structural system. It is important to note that if no restoring
force is provided, permanent structural deformation may exist after an earthquake [3]. As
shown in Figure 10b, the response of the structure is highly affected by FD slip force, and
a small variation of FD optimum slip load has a minimum effect on structure’s response.
The selected slip force must be high enough to prevent the damper from slipping under
a small applied lateral loads value, and should be low enough to achieve slip before the
yielding of the main structural elements [54].

 
(a) (b) 

Figure 10. (a) Force-Displacement hysteresis loop of a friction damper, (b) optimal slip force effect on
structural response.

A simple method used in the present study consists of taking a portion from the
applied shear force, so the load at each story is estimated by the Equation (10)

Ft, optimal =
1
3
[Vi/ni] (10)

where Ft,opt is the optimal slip force or frictional force, Vi is the shear load, and ni is the
number of dampers per direction in the story i. The shear load was calculated from the
results of the Fast Nonlinear Analysis (FNA).

For the diagonal configuration to the damper-brace assembly, it is clear that the device
and the brace are connected in series. The FD stiffness value is considered infinity, so the
total stiffness value to integrate while modeling is equal to the brace system to avoid brace
buckling, as explained in Equation (11) [55]:

kbd =
1(

1
kb

)
+
(

1
kd

) kd→∞→ kbd = kb (11)

The same two alternatives, as in the optimal design of VDs, were studied in the
optimal design of the FDs (see Figure 8). Table 10 summarizes and compares the results.
The authors selected configuration number 1 due to certain criteria: the significant reduction
obtained in the longitudinal direction in terms of displacement and base shear. Although
alternative 2 provides an important reduction in some buildings in the transversal direction,
the alternative that is able to reduce top displacement and base shear values as much as
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possible was chosen. Figure 11 shows the schematic configuration during the modeling of
FDs with the use of N-link plastic elements.

Table 10. Responses of the three investigated buildings for the two alternatives of FDs placement.

Building Type Direction

Fundamental Period
[s]

Top Roof Displacement
[cm]

Base Shear
[kN]

Altern. 1 Altern. 2 Altern. 1 Altern. 2 Altern. 1 Altern. 2

Low-rise
Longitudinal 0.158 0.158 0.228 0.290 6971.2 7296.0
Transversal 0.218 0.218 0.126 0.057 1525.1 2000.0

Mid-rise
Longitudinal 0.707 0.708 1.682 1.775 14,030.2 14,639.4
Transversal 0.998 0.999 1.124 0.298 3100.0 3500.0

High-rise Longitudinal 2.016 2.016 6.915 7.787 12,373.0 13,950.1
Transversal 2.239 2.239 4.349 2.672 3494.58 4000.0

Figure 11. Modeling configuration of FDs.

5. Results and Discussion

The alternative design buildings with the three passive energy dissipation systems
were redesigned. Focus was placed on the optimal design of the dissipated systems. The
aim of the attempted redesign was to minimize (i) the maximum displacement at the
top of the structures, (ii) the maximum inter-story drift, and (iii) the base shear loads.
The results are presented in terms of two essential parameters: the maximum top roof
displacement and base shear forces. In addition, the maximum inter-story drift is presented.
A comparison of each parameter is established between the undamped and the damped
cases with tuned mass damper, viscous, and friction dampers for the seven selected ground
motions. An interpretation is established at the end in order to provide a conclusion on the
comparative results, and to select the most suitable damper for each type of building.

5.1. Displacement at the Top of the Structures

Figure 12 illustrates the horizontal displacement at the top of each building in the
longitudinal and transversal direction for the seven accelerograms. The percentage of
reduction in the responses for the low-rise building (Figure 12a,b) equipped with friction
dampers, in comparison with the structure without dampers, generally exceeds 70.29% in
both directions, and reaches 86.10% with ChiChi earthquake excitation in the transversal
direction. Although the reduction in the longitudinal direction with viscous dampers is
bigger than those obtained with friction dampers, it is limited in the transversal direction,
reaching a maximum of 39.49%. As for the damped case with TMD, the percentage of
reduction does not exceed 12.94% for all earthquake records except Samos. By evaluating
the mean value of percentage reduction in both directions, which is equal to 6.72% and
9.75% with a tuned mass damper, 91.11% and 30.82% with viscous dampers, and 71.44%
and 76.87 % with friction dampers, it can be seen that friction dampers perform better than
the two other types in the response reduction in the low-rise building.
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. 

Figure 12. Horizontal displacement at the top of (a,b) the low-rise building, (c,d) the mid-rise building, and (e,f) the
high-rise building.

The maximum roof displacement value of the mid-rise building for each history
record is plotted in Figure 12 with and without dampers. According to the results, it
can be seen that utilizing viscous dampers reduces the displacement the most in both
horizontal directions, which goes beyond 91.46%. For comparison purposes, the maximum
displacement values with friction dampers in an 87.26% and 79.25% reduction and with
tuned mass damper in a 31.71% and 19.24% reduction, respectively, in longitudinal and
transversal direction. Since the viscous and friction dampers have the greatest impact on
the displacement by evaluating the mean value of percentage reduction in both directions,
which is equal to 6.58% and 6.30% with a tuned mass damper, 93.70% and 98.96% with
viscous dampers, and 81.14% and 63.29% with friction dampers, both systems seem to
perform well under all earthquake records for the mid-rise building.

From the results of the high-rise building, all three types of dampers contribute to
significant reduction in terms of displacement. One could observe that the percentage of
reduction for the high-rise building equipped with friction dampers reaches a maximum of
90.36% in the longitudinal direction, and a maximum of 69.50% in the transversal direction,
which is considered high. Viscous dampers also provide high values of reduction, reaching
a maximum of 91.89% and 76.96% in both horizontal directions, respectively. Moreover,
the pendulum configuration of PTMD offers a great reduction of 52.10% and 65.75% for the
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longitudinal and transversal direction, respectively. In terms of mean values, a reduction
of 39% and 30% is detected with a tuned mass damper, 82.53% and 65.71% with viscous
dampers, and 75.28% and 51.75% with friction dampers. Considering the mean values
listed before, even though the PTMD system performs less than the two other damping
systems, the reduction results are considered acceptable.

5.2. Base Shear Load

Figure 13 shows the results of the base shear load under the seven seismic ground
records for the undamped and the three damped cases. For all damper systems, the ratio
between the base shears of models with and without dampers for the low-rise building
shows an important reduction (Figure 13a,b). Up to a 76.74% response reduction was
achieved with viscous dampers in the longitudinal direction, and a maximum reduction
attained by 36.61% in transversal direction. High values of reduction with friction dampers
reach 39.93% and 59.14%, respectively, in both directions. With TMD, the percent of
reductions are given as about a maximum of 15.74%. By evaluating the mean value of
percentage reduction in both directions, which is equal to 2.54% and 5.32% with tuned
mass damper, 79.96% and 31.06% with viscous dampers, and 27.38% and 41.66 % with
friction dampers, both viscous and friction dampers appear to be effective for the low-rise
building in base shear reduction.

 

 

Figure 13. Base shear load for (a,b) the low-rise building, (c,d) the mid-rise building and (e,f) the high-rise building.
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Tuning of the three studied dampers resulted in a 14.79%, 70.09%, and 43.59% maxi-
mum reduction of the base shear values with the tuned mass damper, viscous dampers,
and friction dampers systems, respectively, in the longitudinal direction, and in a 16.14%,
98.22%, and 40.70% maximum reduction, respectively, in the transversal direction. Consid-
ering all the results obtained, and by evaluating the mean value of percentage reduction in
both directions, which is equal to 7.12% and 7.72% with tuned mass damper, 63.91% and
97.62% with viscous dampers, and 30.97% and 27.57% with friction dampers, the mid-rise
building equipped with viscous dampers have the greatest impact on the reduction of the
base shear response in earthquake excitations compared to the two other damping systems.

Base shear results indicated a maximum reduction achieved with viscous dampers
reaching 71.20% and 98.76% for ChiChi earthquake in longitudinal and transversal direc-
tion, respectively, and a maximum of 43.77% and 63.48% with friction dampers.

5.3. Interstory Drift

Due to a large number of diagrams, the authors have decided to present the diagrams
of the interstory drift only for the accelerogram Samos (Figures 14 and 15). The interstory
drift index is defined as interstory displacement, δs,i, divided by story height, hi. The
relationship between the interstory drift index and the global drift index δt/ht depends
on the extent of inelasticity in the structure, the type of plastic hinge mechanism, and the
importance of higher mode effects. This comparison validates the general conclusion of
this study that is presented in the Section 6.

(a) (b) (c) 

Figure 14. Maximum interstory drift for (a) low-rise, (b) mid-rise, and (c) high-rise building in the longitudinal direction.

(a) (b) (c) 

Figure 15. Maximum interstory drift for (a) low-rise, (b) mid-rise, and (c) high-rise building in the transversal direction.
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5.4. Hysteretic Loops

In this section of our study, the hysteresis loops of the three dampers (PTMD, VD and
FD) are presented in Figure 16. This figure presents the loops of the real accelerogram of
Samos for the high-rise building. The shape of the loops is compared with the expected
and well known shape of each damper based on previous studies [1–3,15–17,21–24,56,57]
and the accuracy of this study is qualitative.

 
(a) (b) (c) 

Figure 16. Hysteretic loops for (a) PTMD, (b) VD, (c) FD.

5.5. General Remarks

The comparative evaluation of the results obtained between undamped and damped case,
discussed in terms of displacement and base shear, has led to the following interpretations:

• It is well known that the structural response reduction increases as the mass of TMD
increases, but this mass has a limit in practice, due to geometrical and economical
constraints. That is the reason why the mass ratio is not considered as an important
value to optimize, and therefore, it is hard to achieve high reduction values practically.
The results show that TMD systems are not effective for low and mid-rise buildings,
because both the displacement and base shear values are barely affected, unlike high-
rise building values. In fact, TMD are motion-based systems that demonstrate how
their effectiveness is very limited for rigid buildings. As for the high-rise building,
even though damped case with PTMD provides less reduction compared to the
two other damped cases, it is considered acceptable and more suitable for this kind
of structure.

• Structural strengthening with viscous damper systems is defined by the desired
additional damping fixed in the preliminary design. From the results obtained, it has
been observed that the structural response with the viscus dampers decreases well,
showing better performance in terms of the displacement and base shear. In addition,
viscous dampers are velocity-dependent systems, where its effectiveness increases
with high velocities, usually for flexible buildings. Even though these systems are
considered effective for the three studied buildings, they are considered more suitable
for mid-rise buildings.

• Friction dampers’ incorporation into the structures reduces considerably the building’s
response after optimizing dampers slip forces, their numbers, and locations under
all earthquakes and types of buildings considered. It can be seen from the results
obtained that the friction dampers are effective for both rigid and flexible buildings.

6. Conclusions

The present study compares the seismic response of three reinforced concrete (RC)
symmetric buildings with varied number of stories strengthening with three types of
passive energy dissipation systems, as tuned mass dampers, viscous dampers, and friction
dampers. We focus the optimal design of each building on minimizing (i) the maximum
displacement at the top of the structures, (ii) the base shear loads and (iii) the maximum
interstory drift. Three residents’ buildings (a four-story building, a nine-story building,
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and a sixteen-story building) were subjected to seven (real and artificial) seismic recorded
accelerograms. The buildings were tested by considering a nonlinear dynamic analysis.
The selected recorded time history functions fulfill the spectrum compatibility conditions
required by the Eurocode.

The objective of the present paper was to optimize damper properties and placement
in the selected buildings in order to maximize structural performance by providing high
reduction, especially in terms of the displacement and base shear. A comparison was
established between obtained results with the three types of passive dampers used, in-
cluding tuned mass dampers (TMD), viscous dampers (VD), and friction dampers (FD) to
choose the most suitable damping system for each type of structure, taking into account
the damping–cost general relationship.

As a conclusion, the friction dampers were found suitable for the low-rise building,
the viscous damping more preferable to incorporate in the mid-rise building, and the
pendulum configuration of the tuned mass damper system more appropriate for the high-
rise building. These results are valid for the previous symmetric structures under the
earthquake considered in the present study. However, they provide a good insight into
the effect of strengthening solutions with passive energy dissipation systems in symmetric
reinforced concrete buildings. It is important to notice that for further investigation,
buildings with other characteristics, such as irregularities in plan and elevation, should be
also examined in order to study their effect on dampers design optimization, and choosing
the most appropriate strengthening solutions for irregular buildings with different heights.
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Abstract: The number of buildings with passive control systems is steadily growing worldwide.
For this reason, this study focuses on the reliability analysis of these systems employing fragility
curves. The structural performance evaluation is obtained for a 10-story steel building with two
different sections (trimmed and conventional). The trimmed section of the building was evaluated
with hysteresis and oil dampers, while the conventional section of the building was evaluated
without damper. The fragility curves were obtained from the incremental dynamic analysis using
20 ground motion records. Spectral acceleration response at the fundamental period of the building
was considered and used as the intensity measure for the ground motion records. The maximum inter-
story drift ratio of the building was employed as the damage measure. In addition, the seismic energy
absorption rate was compared between hysteresis and oil dampers. As a result, hysteresis dampers
were found to be more effective for high ground motion intensities. On the other hand, the oil damper
dissipates energy immediately, even for low ground motion intensities. Furthermore, the combination
of different types of dampers improved the seismic performance of the trimmed section of the building
to almost the same level as the conventional section of the building. Eventually, a combination of
hysteresis and oil dampers in a building is suggested to improve structural performance.

Keywords: response controlled systems; dampers’ combination; fragility curves; incremental
dynamic analysis

1. Introduction

Earthquakes pose serious threats to life and infrastructure. The experience and knowl-
edge gained through these events have improved our understanding of how to manage,
mitigate and work towards the prevention of similar catastrophes. To reduce the impact of
earthquakes on people and property, response-controlled systems are an advanced practice
in managing the consequences of such disasters. In Japan, seismic response-controlled
systems have been applied to almost all of the high-rise buildings constructed in the last
several years in order to improve their structural safety and decrease damage sustained
during seismic excitations [1]. Furthermore, these systems have been applied to rehabilitate
the seismic resistance of existing structures. Different response-controlled techniques are
presented, such as seismic isolation, dampers, and so on [2]. Moreover, researchers have
combined different types of dampers to improve the seismic performance of structures. It
is necessary to justify the adoption of a response-controlled system to building officials,
owners, and users in terms of seismic performance during higher-intensity earthquakes.

There have been several studies on the performance of dampers and structures
equipped with dampers. Hysteresis dampers, oil dampers, viscous dampers, and vis-
coelastic dampers are four major types of energy dissipation device [3]. The Japan Society
of Seismic Isolation (JSSI) guidebook [4] for the design, fabrication, testing, quality control,
and analytical modeling of various passive control systems was issued to cover the main
concerns at all stages of design, manufacture, and construction of the above four major
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passive dampers. To improve the damping, stiffness, and strength characteresistics of
the buildings, passive energy dissipation systems make use of a variety of materials and
technologies. The dissipation may be achieved either by transferring energy into vibrating
modes or by the conversion of kinetic energy into heat. The first mechanism consists of
devices involving deformation of viscoelastic solids or fluids and those employing fluid
orificing, while the latter group includes devices that operate on principles such as yield-
ing of metals and frictional sliding. A third classification consists of re-centering devices
that use either a preload generated by fluid pressurization or internal springs, or a phase
transformation to produce a modified force–displacement response that includes a natural
re-centering component [5].

Kam et al. [6] proposed a combination of various alternative energy dissipation el-
ements (hysteretic, viscous, or visco-elastoplastic) in series and/or in parallel to self-
centering elements and called it an advanced flag-shaped (AFS) system. They compared
the seismic performance of AFS systems with that of the conventional system using a set
of four single-degree of freedom systems under a suite of near-fault and far-field ground
motions by performing nonlinear dynamic analyses. Chukka et al. [7] compared the seismic
performance of an X-shaped metallic damper (XMD) and a fluid viscous damper (FVD)
by analyzing five-, eight-, and ten-story reinforced concrete buildings without dampers,
with XMD, and with FVD under eight different earthquake ground motions. They also
discussed how the locations of the dampers affected the seismic response of the structure.

To examine the performance of a structure with passive dampers, seismic fragility
analysis is commonly used, where the probability of reaching or exceeding a specified limit
state of damage measure (DM) is calculated as a function of a specified intensity measure
(IM) in a structure. For a specific limit state of damage, several IMs can be achieved under
multiple earthquake excitations, and collectively they are referred to as the multi-recorded
IM cluster. The IM cluster is a random function, and the average and standard deviation
can be obtained by calculating the mathematical characteristic values of multiple IM values.
According to [8], it is assumed that the conditional probability of DM to IM satisfies the
lognormal distribution. This assumption is based on large amounts of data statistics
experience with existing research results on engineering structures, and the advantage of
this assumption is that the logarithm of DM, (ln(DM)), and the logarithm of IM, (ln(IM)),
are linear in the logarithmic coordinate. Del Gaudio et al. [9] obtained the seismic fragility
curves using lognormal distribution function to analyze 250 reinforced concrete structures
in L’Aquila that were subjected to the 6 April 2009 L’Aquila earthquake and came up with
a damage scenario that matched the real one.

Fragility curves are obtained using analytical methods such as Incremental Dynamic
Analysis (IDA). The IDA is widely used to capture the overall seismic performance of
structures. Alternative procedures for IDA include procedures such as Multiple-Stripe
Analysis (MSA, [10]) and Cloud Analysis (CA, [11]), where MSA involves performing
a series of nonlinear dynamic analyses at specific intensity levels, whereas CA aims at
deriving IDA-based fragility curves by choosing ground motion intensities strategically in
order to minimize the amount of scaling. CA requires linear regression predictions based
on the results of the structural analysis of the un-scaled records to identify the range of
intensity values near demand to capacity ratios equal to unity prior to performing actual
CA. These nonlinear dynamic analyses are used to characterize the relationship between
DMs and IMs and to perform fragility assessments based on recorded ground motions.
Vamvatsikos et al. [12] simplified and standardized IDA’s general procedure, creating a
strong foundation for its future implementations. IDA is a way of subjecting analytical
models of structures to a suite of Ground Motion Records (GMRs), and each GMR is
scaled to several intensity levels designed to force the structure from the elastic range to
the nonlinear range. IDA can analyze a structure’s seismic performance, from elasticity
through plasticity to collapse. IDA includes the selection of appropriate IM and DM,
selection of a suitable and adequate number of ground motion intensities, and appropriate
scaling of GMRs for higher intensities to cover the entire range of structural responses by a
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series of scale factors [12,13]. Then, it is possible to obtain the IDA curves that describe the
relationship between the IM of the GMRs and the DM of the structure.

The selection of appropriate IM and DM is the first important step in performing IDA.
A sufficient and efficient IM should be selected based on depicting a good correlation with
the DM of choice, possessing low dispersion, and predicting a relatively better structural
response using a relatively low number of GMRs [8]. The peaks of the ground acceleration,
velocity, and displacement signals (PGA, PGV, and PGD), as well as the spectral acceleration
value Sa(T1) corresponding to the fundamental period of a structure, are now used as typical
ground motion IMs. Considering that a structure’s displacement response, Sa(T1), is the
most efficient IM, since it allows records to be selected regardless of magnitude, distance,
or duration, as well as predicting the response with less uncertainty [14]. It is known that
the spectral acceleration, Sa(T1), has a good correlation with the seismic damage measures
in first-mode-dominated structures [15]. However, for taller or asymmetric structures
where higher modes become important, improved IM alternatives should be sought [14].
On the other hand, the maximum inter-story drift ratio, θmax (hereafter referred to as
story drift ratio) appears to be an effective damage measure index [14]. Mazza et al. [16]
studied the predictive ability of nine spectral IMs for base-isolated structures subjected to
near-fault earthquakes using three engineering demand parameters. Asgarian et al. [17]
used IDA to study the Tehran communications tower with various types of DMs and IMs,
concluding that Sa(T1) is more efficient than PGA. In addition, during IDA-based seismic
fragility analysis, the story drift ratio is also used as the quantitative index to separate the
performance levels. The performance-based guidelines established by the Japan Structural
Consultant Association (JSCA) [18] can be used to identify structural damage levels based
on the story drift ratio.

The second important step in performing IDA is the selection of appropriate GMRs
possessing a minimum of scatter in their structural response. The selection of a proper suite
of GMRs to reliably predict the limit-state capacity of buildings is still challenging due to
the lack of a solid framework. Several methodologies for selecting suitable GMRs have
been suggested. Most of these studies were looking for GMRs that were well-matched to
the target spectrum, including in terms of design, uniform hazard, and conditional mean
spectrums. Due to the uncertainty of earthquake excitation, a sufficient number of ground
motions should be selected for IDA to accurately assess the seismic performance of the
structure, and the selected earthquake records should cover the strongest earthquake action
that the structure may suffer in the future. A set of ten to twenty records is usually enough
to provide sufficient accuracy in the estimation of seismic demands, assuming a relatively
efficient IM, like Sa(T1), for mid-rise buildings [19]. Each ground motion record needs to be
appropriately scaled for higher intensities to cover the entire range of structural responses
by a series of scale factors [13].

Since there is no efficient method to compare the structural performance of damper-
equipped building, this paper employs a novel method and performs original work on the
reliability analysis of response-controlled buildings using fragility curves. To evaluate and
compare the seismic performance and reliability of damper-equipped buildings, this study
analyzes the seismic performance of two major damper types (hysteresis and oil dampers)
in a 10-story moment-resisting steel structure, and their fragility curves are then compared.
Additionally, the efficiency of integrated systems was also investigated by combining the
dampers in the building. The building models were analyzed using the frame analysis
software STERA 3D [20], developed by one of the authors, and their dynamic responses
were obtained. Sa(T1) was chosen as the IM since the building models used in this work are
the first-mode-dominated structures. On the other hand, the story drift ratio was used as
the DM. The story drift ratio is employed as a quantitative measure to distinguish structural
performance levels during IDA-based seismic fragility assessments. To properly portray
an earthquake scenario, a collection of 20 distinct Japanese GMRs that a building might
face during its lifetime was selected. The IDA curves for each model were generated by
analyzing the models for all 20 GMRs using the STERA 3D software. From the IDA curves,
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fragility curves for the story drift of the JSCA damage levels were obtained. Furthermore,
energy responses were compared between the buildings with different types of dampers.

2. IDA Pre-Requirements (Target Building, Dampers, and Input Earthquakes)

2.1. Target Buildings Description and Configurations

A 10-story moment-resisting steel building was selected from the JSSI theme struc-
tures [21] to examine the performance of dampers. The building was designed with two
different steel sections, namely the Trimmed Section (TS) and the Conventional Section
(CS). The buildings have a rigid frame structure in both directions. A description of build-
ing models with different damper arrangements is given in Table 1. The columns of the
buildings have a square box-shaped cross-section, while the beams are H-shaped. The
dimensions of the structural columns listed in Table 2 represent the height, width, and
thickness (H × B × t) of the column sections, while the dimensions listed in Table 3 repre-
sent the beam height, flange width, web thickness, and flange thickness (H × B × t1 × t2)
of the structural beams, respectively. The TS building was deliberately designed to be
weaker than the CS building to see the effect of the dampers. The steel was SN490B, which
has yield and tensile strengths of 325 and 490 MPa, respectively [21]. The building models
are first-mode-dominated structures, and the vibration effects of the other modes are minor,
since more than 80% of mass participation is from the first mode of the buildings, as shown
in Table 1. The STERA 3D software was used to model and analyze the target buildings. The
beam element was modeled as a nonlinear bending spring, while the column element was
modeled as a nonlinear vertical spring [22]. The analysis was performed in the longitudinal
direction of the buildings only; hence, hysteresis and oil dampers were arranged in the
longitudinal direction of the TS building, as shown in Figure 1. The top floor has dampers
only in the center. The plan, elevation, and damper arrangement are shown in Figure 1a,
while Figure 1b represents the 3D model of the building. The dimensions of structural
columns and beams are summarized in Tables 2 and 3, respectively.

Table 1. Description of building models with different damper arrangements.

Concise Name Model Description Fundamental Period (T1)
Mass Participation of First

Mode

10F_TS_FM 10F TS Frame Model 2.018 s 82.8%
10F_TS_HM 10F TS Hysteresis Model 1.356 s 80%
10F_TS_OM 10F TS Oil Model 2.018 s 82.8%

10F_TS_HOHM 10F TS Hysteresis-Oil-Hysteresis Model 1.501 s 80.5%
10F_TS_OHOM 10F TS Oil-Hysteresis-Oil Model 1.685 s 81.7%

10F_CS_FM 10F CS Frame Model 1.323 s 84.2%

Table 2. Structural column dimensions (mm).

Story Interior Column Exterior Column Corner Column

TS
(H × B × t)

CS
(H × B × t)

TS
(H × B × t)

CS
(H × B × t)

TS
(H × B × t)

CS
(H × B × t)

9–10 350 × 350 × 25 550 × 550 × 22 350 × 350 × 25 500 × 500 × 22 350 × 350 × 16 500 × 500 × 19
8 400 × 400 × 25 550 × 550 × 22 350 × 350 × 25 500 × 500 × 22 350 × 350 × 16 500 × 500 × 19
7 400 × 400 × 28 550 × 550 × 22 350 × 350 × 28 500 × 500 × 22 350 × 350 × 16 500 × 500 × 19

5–6 450 × 450 × 25 600 × 600 × 28 400 × 400 × 25 550 × 550 × 25 400 × 400 × 19 550 × 550 × 22
4 450 × 450 × 28 600 × 600 × 28 400 × 400 × 25 550 × 550 × 25 400 × 400 × 19 550 × 550 × 22
3 500 × 500 × 28 650 × 650 × 28 450 × 450 × 25 600 × 600 × 25 450 × 450 × 19 600 × 600 × 22
2 500 × 500 × 28 650 × 650 × 28 450 × 450 × 25 600 × 600 × 25 450 × 450 × 19 600 × 600 × 22
1 500 × 500 × 36 650 × 650 × 28 450 × 450 × 36 600 × 600 × 28 450 × 450 × 28 600 × 600 × 25
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Table 3. Structural beam dimensions (mm).

Trimmed Section (TS)

Longitudinal Direction (X) Transverse Direction (Y)

Story
Interior Beam

(H × B × t1 × t2)
Exterior Beam

(H × B × t1 × t2)
Short Span

(H × B × t1 × t2)
Long Span

(H × B × t1 × t2)

R 450 × 200 × 9 × 16 450 × 200 × 9 × 12 450 × 300 × 16 × 28 450 × 350 ×16 ×32
10 450 × 300 × 9 × 16 450 × 200 × 12 × 19 450 × 300 × 12 × 19 450 × 300 × 16 × 28
9 500 × 300 × 12 × 19 500 × 300 × 9 × 16 500 × 300 × 12 × 25 500 × 300 × 16 × 32
8 500 × 350 × 12 × 19 500 × 300 × 12 × 19 500 × 300 × 12 × 25 500 × 300 × 16 × 32
7 500 × 350 × 12 × 22 500 × 300 × 12 × 22 500 × 350 × 12 × 25 500 × 350 × 16 × 32
6 500 × 350 × 12 × 22 500 × 300 × 12 × 22 500 × 350 × 16 × 28 500 × 350 × 16 × 32
5 500 × 350 × 16 × 25 500 × 300 × 16 × 25 500 × 350 × 16 × 28 500 × 350 × 16 × 36
4 500 × 350 × 16 × 28 500 × 300 × 16 × 25 500 × 350 × 16 × 32 500 × 350 × 16 × 36
3 500 × 350 × 16 × 28 500 × 300 × 16 × 25 500 × 350 × 16 × 32 500 × 350 × 16 × 36
2 500 × 350 × 16 × 32 500 × 300 × 16 × 28 500 × 350 × 16 × 36 500 × 350 × 16 × 36

Conventional Section (CS)

Longitudinal Direction (X) Transverse Direction (Y)

Story
Interior Beam

(H × B × t1 × t2)
Exterior Beam

(H × B × t1 × t2)
Short Span

(H × B × t1 × t2)
Long Span

(H × B × t1 × t2)

R 600 × 300 × 12 × 22 600 × 250 × 12 × 22 600 × 300 × 14 × 25 600 × 300 × 14 × 32
10 600 × 300 × 12 × 22 600 × 250 × 12 × 22 600 × 300 × 14 × 25 600 × 300 × 14 × 32
9 700 × 300 × 12 × 22 700 × 250 × 12 × 22 700 × 300 × 14 × 25 700 × 300 × 16 × 32
8 700 × 300 × 12 × 22 700 × 250 × 12 × 22 700 × 300 × 14 × 25 700 × 300 × 16 × 32
7 750 × 300 × 16 × 25 750 × 250 × 14 × 25 750 × 300 × 16 × 28 750 × 300 × 16 × 32
6 750 × 300 × 16 × 25 750 × 250 × 14 × 25 750 × 300 × 16× 28 750 × 300 × 16 × 32
5 750 × 300 ×16 × 28 750 × 250 × 16 × 28 750 × 350 × 16 × 28 750 × 350 × 16 × 32
4 750 × 300 × 16 × 28 750 × 250 × 16 × 28 750 × 350 × 16 × 28 750 × 350 × 16 × 32
3 750 × 300 × 16 × 28 750 ×250 × 16 × 28 750 × 350 × 16 × 28 750 × 350 × 16 × 32
2 800 × 300 × 16 × 32 800 × 300 × 16 × 28 800 × 300 × 16 × 32 800 × 300 × 16 × 32

 

 

(a) (b) 

Figure 1. Target building (dimensions in mm): (a) plan, elevation, and damper configuration,
(b) 3D model.
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2.2. Passive Dampers

The current study uses two types of dampers: hysteresis and oil dampers. A hysteresis
damper is a deformation-dependent damper, such as the buckling restrained brace [22]. It
consists of steel as a damping material to absorb vibration energy by means of its plastic
deformation [23]. The hysteresis damper is modeled as a shear spring, as shown in Figure 2a,
with a bi-linear force deformation relationship, as shown in Figure 2b [22]. An oil damper
is a velocity-dependent damper that uses the orifice flow resistance mechanism. It consists
of a low-viscosity oil in a cylindrical tube configuration. The force–velocity relationship
of the oil damper normally appears as an ellipse hysteresis shape [24]. The bi-linear oil
damper is modeled as a shear spring, including the Maxwell model with an elastic spring
with stiffness, KD, and a dashpot with bilinear type damping coefficient, C, connected
in series [25]. The element model of the bi-linear oil damper is shown in Figure 3a. The
force–velocity relationship of the dashpot is shown in Figure 3b. The technical parameters
of both the hysteresis and oil dampers were calculated by Prof. Kasai [4] and are given in
Table 4.

  

(a) (b) 

Figure 2. Hysteresis damper: (a) element model, (b) bi-linear force–displacement relationship.

 

(a) (b) 

Figure 3. Bi-linear type oil damper: (a) element model, (b) force–velocity relationship of oil damper.
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Table 4. Technical parameters of hysteresis and oil dampers.

Hysteresis Damper Oil Damper

Story Height (H)
Damper

Stiffness (KD)
Force
(Fy) Stiffness

Ratio (K1/K0)

Damper
Stiffness (KD)

Damping
(C0)

Relief
Velocity (Vr) Damping

Ratio C1/C0
m kN/mm kN kN/mm kN-s/mm cm/s

10 4.0 16.82 112.17 0.02 27.30 5.67 38.6 0.02
9 4.0 56.03 373.5 0.02 31.00 6.45 38.6 0.02
8 4.0 74.52 496.83 0.02 37.92 7.88 38.6 0.02
7 4.0 96.83 645.5 0.02 42.13 8.77 38.6 0.02
6 4.0 98.52 656.67 0.02 50.23 10.45 38.6 0.02
5 4.0 116.65 777.67 0.02 52.70 10.95 38.6 0.02
4 4.0 124.6 830.67 0.02 56.50 11.75 38.6 0.02
3 4.0 105.73 704.83 0.02 65.93 13.70 38.6 0.02
2 4.0 118.15 787.67 0.02 66.02 13.72 38.6 0.02
1 6.0 67.93 679.33 0.02 48.18 10.02 57.9 0.02

2.3. Ground Motion Record (GMR) Selection

The selection of a proper and adequate suite of GMRs is highly important when
conducting the IDA of the building. Japan is located along the subduction zone, with
numerous active faults. The target buildings are designed in accordance with Japanese
standards, so the collection of 20 distinct Japanese GMRs presented in Table 5 were selected,
with a moment magnitude scale ranging from 6 to 9 Mw, and an epicenteral depth ranging
from 6 to 66 km, consisting of both near-field and far-field earthquakes. GMRs were
collected from different sites to have a wide range of spectral intensity. The acceleration
response spectra for all of the GMRs are given in Figure 4. They were used as the input
ground acceleration in the longitudinal direction of the building. To obtain the IDA curves
of the buildings, analyses were performed by gradually increasing the intensities of GMRs
until the required damage levels were obtained.

Table 5. Summary of input earthquake ground motions.

Record Name Depth (km) Magnitude (Mw) Duration (s) PGA (g)

1 JP_2000_Tottori 11 7.3 240 0.616
2 JP_2011_Tohoku 24 9 300 0.572
3 JP_2008_Iwate 8 7.2 300 0.701
4 JP_2007_Noto 11 6.9 300 0.864
5 JP_1997_Kagoshima 8 6.3 70 0.503
6 JP_2016_Kumamoto 12 7.3 300 0.630
7 JP_2003_Hokkaido 42 8 300 0.494
8 JP_2003_Miyagi 42 8 300 0.737
9 JP_2005_Miyagi 42 7.2 162 0.406

10 JP_2018_Osake 13 6.1 124 0.812
11 JP_2020_Hachinohe 35 6.3 156 0.326
12 JP_2009_Shizuoca 23 6.5 219 0.451
13 JP_1995_Kobe 17.9 6.9 50 0.630
14 JP_2021_Fukushima 55 7.3 300 0.528
15 JP_2004_Chuetsu 13 6.8 299 1.335
16 JP_2001_Geiyo 51 6.4 193 0.566
17 JP_2021_Miyagi 59 6.9 300 0.623
18 JP_2003_Hokkaido 42 8 300 0.414
19 JP_2011_Miyagi 142 7.1 193 0.428
20 JP_2011_Fukushima 39 7 194 0.415
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Figure 4. GMR acceleration response spectra (5% damping).

3. Fragility Curve Based on Incremental Dynamic Analysis

3.1. Intensity Measure (IM) and Damage Measure (DM) Selection

Since the building models employed in this study are first-mode-dominated structures,
Sa(T1) is a better choice as the IM. On the other hand, the story drift ratio θmax was
used as the DM index. The θmax is employed as a quantitative measure to distinguish
performance levels during IDA-based seismic fragility assessments. The performance-
based guidelines established by JSCA [18] were used as a reference to select the structural
damage from three different levels as shown in Table 6. The selection of damage levels
such as 1/200 shows minor damage, while 1/100 and 1/50 represent significant damage
and collapse respectively.

Table 6. Structural damage levels based on the story drift ratio.

Structural Damage No Damage Minor Damage Significant Damage Severe Damage Collapse

Story drift (θmax) θmax ≤ 1/300 1/300 < θmax ≤ 1/150 1/150 < θmax ≤ 1/100 1/100 < θmax ≤ 1/75 θmax > 1/75

3.2. Scale Factors

The models were analyzed by gradually increasing the spectral acceleration Sa(T1) of
the GMRs until the required story drift ratios were obtained. To achieve 1/50 (2%) θmax,
the Sa(T1) increased from 0.01 to 1.5 (g) with an incremental step of 0.05 (g), where g is the
gravity acceleration (9.8 m/s2).

3.3. Applying IDA

IDA was applied to all six models using STERA 3D software [20]. The analysis
was performed at each incremental step of ground motion intensity. A total number of
3600 analyses were performed for all six models using 20 GMRs commencing from 0.01 g
with an incremental step of 0.05 g and stopping at 1.5 g. IDA graphs were obtained for
each model, representing the θmax values as a function of increasing intensities of Sa (T1).
The IDA curves for the TS buildings are shown in Figure 5a–c, while the IDA curves for the
CS building (10F_CS_FM) are shown in Figure 5d.
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(a) (b) 

  
(c) (d) 

Figure 5. IDA curves for models: (a) 10F_TS_FM, (b) 10F_TS_HM, (c) 10F_TS_OM, (d) 10F_CS_FM.

3.4. Fragility Curves

Analyzing the models with 20 GMRs provides a bunch of discrete points on an
IM_DM plot. The IM values corresponding to 0.5, 1.0, and 2.0% story drift were obtained
using interpolation.

By using the estimated mean and standard deviation values of IM, the fragility curve
was obtained as the lognormal cumulative distribution function expressed by Equation (1),
as follows:

P(DM ≥ DMco) = ∅

(
lnX − μlnX

σlnX

)
(1)

where Φ is the standard cumulative distribution function, lnX is the natural logarithm of
the variable X(Sa(T1)), and μlnX and σlnX are the mean and the standard deviation of the
natural logarithm of X, respectively.

The lognormal distribution of IM (Sa(T1)) corresponding to 0.5, 1.0, and 2.0% story
drift are presented in Figure 6a for the TS building and in Figure 6b for the CS building.
The mean (μ) and standard deviation (σ) of Sa(T1) for the required levels of damage are
given in Table 7.
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(a) (b) 

Figure 6. Lognormal distribution of Sa(T1): (a) trimmed section (b) conventional section.

Table 7. Mean (μ) and standard deviation (σ) values.

θmax 10F_TS_FM 10F_TS_HM 10F_TS_OM 10F_CS_FM

μ σ μ σ μ σ μ σ

0.5% −2.645 0.421 −2.572 0.541 −2.242 0.466 −1.606 0.290
1.0% −1.961 0.416 −1.517 0.434 −1.584 0.408 −0.965 0.257
2.0% −1.348 0.346 −1.000 0.383 −1.056 0.332 −0.358 0.343

The fragility curves for the TS building are presented in Figure 7. The lower the
fragility curve, the less the probability of damage. For instance, considering 0.5% story
drift, the probability of damage is higher for the hysteresis damper model (10F_TS_HM
(0.5%θ)) than for the oil damper model (10F_TS_OM (0.5%θ)) for any value of Sa(T1). On
the other hand, for 2% story drift, the probability of damage seems to be higher for the
model equipped with oil dampers (10F_TS_OM (2.0%θ)) compared to that equipped with
hysteresis dampers (10F_TS_HM (2.0%θ)).

 

Figure 7. Fragility curves of trimmed section models.
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3.5. Response Energy of the Dampers

Hysteretic dampers dissipate energy through the inelastic deformation of metallic
substances. On the other hand, oil dampers use the orifice flow resistance mechanism as a
response to energy. For nonlinear systems, the equation of motion can be expressed as [22]:

[M]
{ ..

u
}
+ [c]

{ .
u
}
+ Q

(
u,

.
u
)
= −[M][u]

⎧⎪⎨
⎪⎩

..
x0..
Y0..
Z0

⎫⎪⎬
⎪⎭= {p} (2)

where [u] is the displacement vector, [M] and [C] are the mass and damping matrices,
{u} and {p} are the displacement and external force vectors, respectively, and Q

(
u,

.
u
)

is
the nonlinear restoring force vector.

The equation of energy can be derived by multiplying the velocity vector,
{ .

u
}T, and

integrating by the time range [0–t]:

WK + WD + WP = WI Equation of energy (3)

WK =

{ .
u
}T

[M]
{ .

u
}

2
Kinematic energy (4)

WD =
∫ t

0

{ .
u
}T

[C]
{ .

u
}

dt Damping energy (5)

WP =
∫ t

0

{ .
u
}T Q

(
u,

.
u
)
dt Potential energy (6)

WI =
∫ t

0

{ .
u
}T{P}dt Input energy (7)

The STERA 3D software also [20] calculates the energy absorption rate of the structural
members and the dampers as shown in Equation (3). The average rate of energy absorption
by hysteresis and oil dampers with increasing values of ground motion intensity was
calculated by the software as shown in Figure 8. It can be seen that the hysteresis damper’s
energy absorption rate gradually increases with increasing ground motion intensity and
decreases after reaching its maximum absorption capacity. On the other hand, oil dampers
store energy that is significant for smaller intensities of ground motion, but their capacity
will decreases at higher intensities.

 

Figure 8. Energy response of hysteresis and oil dampers for TS models.
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4. Combination of Different Types of Dampers

4.1. Combination of Hysteresis and Oil Dampers

To further improve the seismic performance of the damper-equipped models and to
use the results of the fragility curves and the response energy of the hysteresis and oil
dampers, two different combinations of hysteresis and oil dampers were considered. The
first combination was dubbed the Hysteresis–Oil–Hysteresis Model (HOHM), because the
hysteresis dampers in the center portion of the hysteresis model were replaced with the
same number of oil dampers, while the hysteresis dampers in the two outer sections of
the model remained the same as shown in Figure 9a. In contrast, the latter combination
had the reverse arrangement, namely, the Oil–Hysteresis–Oil Model (OHOM), as shown in
Figure 9b.

(a) (b) 

Figure 9. New combinations (dimensions in mm): (a) Hysteresis–Oil–Hysteresis Model; (b) Oil–
Hysteresis–Oil Model.

4.2. Performance Evaluation of Combined Dampers Models

The same analysis was performed for the combined dampers models as for the indi-
vidual damper-equipped models, and their fragility curves were compared with each indi-
vidual damper-equipped model, as shown in Figure 10. Figure 10a–c show the probability
of exceeding 0.5, 1.0, and 2.0% θmax, respectively, for all TS buildings. The 10F_TS_HOHM
has the highest seismic performance for all performance levels, as seen in Figure 10a–c.

In addition, the TS building equipped with a Hysteresis–Oil–Hysteresis damper
(10F_TS_HOHM) configuration has almost the same performance as the CS building
(10F_CS_FM), as shown in Figure 10d. Therefore, this configuration of dampers in a TS
building can significantly improve the seismic performance equivalent to the CS building.

Moreover, the average rate of energy absorption with increasing values of ground
motion intensity was obtained for all of the models that included the combination models,
and these values were then compared, as shown in Figure 11. It appears that the combined
models use a mixture of the properties of hysteresis and oil dampers, and absorb energy
more consistently for all levels of ground motion intensity.
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(a) (b) 

  
(c) (d) 

Figure 10. Fragility curves of all models: (a) TS (0.5%) θ, (b) TS (1.0%) θ, (c) TS (2.0%) θ,
(d) 10F_CS_FM vs. 10F_TS_HOHM.

 

Figure 11. Energy response of all TS models.
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5. Conclusions

Since there was no efficient method for comparing the performance of damper-
equipped buildings, this paper employed a novel method and performed original work on
the reliability analysis of response-controlled buildings using fragility curves. The building
models were 10-story steel buildings consisting of two different sections (trimmed and
conventional), and hysteresis and oil dampers were installed in the trimmed section of the
building. The building models were created and analyzed with the use of a single type of
damper and with a combination of different types of dampers. Moreover, the combination
of hysteresis and oil dampers proposed in this paper significantly improved the seismic
performce of the buildings. The following points are the main conclusions of this study:

• The IDA is an effective method that can accurately predict the fragility assessment
and reliability of response-controlled buildings.

• Sa(T1) is an efficient IM, since it has a good correlation with the seismic damage
measures of first-mode-dominated structures. On the other hand, the story drift ratio
θmax appeared to be an effective DM index. The lognormal cumulative distribution
function provides a good understanding of damage probability with respect to the
intensity of an earthquake at the certain damage level.

• Hysteresis and oil dampers effectively improved the seismic performance of the
TS building.

• On the basis of the fragility curves, hysteresis dampers are more effective for larger
ground motion accelerations than oil dampers.

• Oil dampers dissipated energy before hysteresis dampers for small deformations.
• Combined hysteresis and oil dampers in the TS buildings exhibited better performance

than the individual hysteresis and oil damper buildings.
• The TS building equipped with a Hysteresis–Oil–Hysteresis damper configuration has

almost the same performance as the CS building.
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Abstract: This study aims to evaluate five different methodologies reported in the literature for
developing fragility curves to assess the seismic performance of RC structures subjected to structural
pounding. In this context, displacement-based and curvature-based fragility curves are developed.
The use of probabilistic seismic demand models (PSDMs) on the fragility assessment of the pounding
risk is further estimated. Linear and bilinear PSDMs are developed, while the validity of the
assumptions commonly used to produce a PSDM is examined. Finally, the influence of the PSDMs’
assumptions on the derivation of fragilities for the structural pounding effect is identified. The
examined pounding cases involve the interaction between adjacent RC structures that have equal
story heights (floor-to-floor interaction). Results indicate that the fragility assessment of the RC
structure that suffers the pounding effect is not affected by the examined methodologies when the
performance level that controls the seismic behavior is exceeded at low levels of IM. Thus, the more
vulnerable the structure is due to the pounding effect, the more likely that disparities among the
fragility curves of the examined methods are eliminated. The use of a linear PSDM fails to properly
describe the local inelastic demands of the structural RC member that suffers the impact effect. The
PSDM’s assumptions are not always satisfied for the examined engineering demand parameters of
this study, and thus may induce errors when fragility curves are developed. Nevertheless, errors
induced due to the power law model and the homoscedasticity assumptions of the PSDM can be
reduced by using the bilinear regression model.

Keywords: RC structure; structural pounding; probabilistic seismic assessment; fragility curves;
global and local EDPs; linear and bilinear PSDMs; PSDM’s assumptions; nonlinear dynamic analyses;
Eurocode 8

1. Introduction

In the last three decades, several researches have been undertaken to address the
seismic performance of structures through probabilistic procedures. A key issue in these
methods is the definition of accurate fragility curves that identifies the vulnerability of
structures to seismic damage. Withman et al. [1] introduced the concept of damage proba-
bility matrices (DPM) to provide the probability that a particular level of damage will occur
to a structural system, while the ground motion has been described by the modified Mer-
calli intensity (MMI) scale. Thereafter, in 1991, the Applied Technology Council (ATC) and
the Federal Emergency Management Agency (FEMA) introduced the use of vulnerability
functions for lifelines in the ATC-25 report [2]. For this purpose, the concept of a continuous
relation between the seismic damage and ground motion intensity is established and a
regression analysis of different damage probability matrices is performed. In 1997, the
risk assessment software package Hazard United States (HAZUS) was first introduced
by the Federal Emergency Management Agency (FEMA). The HAZUS earthquake model
consisted of an inventory data base, a ground motion model, an earthquake model of
buildings, and lifelines damage models in order to evaluate the probability of damage to
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buildings and infrastructures according to ground shaking data from the U.S. Geological
Survey (USGS) shake map [3]. Nowadays, fragility curves have been evolved as an efficient
tool for retrofit and design of infrastructures [4].

Different types of fragility curves have been reported in the literature, namely expert-
based opinion, experimental, analytical, hybrid, and empirical curves. Expert opinion
fragility curves are developed based on statistics estimations of the probable damage when
different earthquake intensities occur. ATC-13 [5] developed DPMs for typical California
infrastructures using MMIs based on opinion of 42 experts. In 2007, Kostov et al. [6]
developed vulnerability curves for Sofia’s buildings stock and lifelines according to Eu-
ropean Macro Seismic Scale (EMS98). Nevertheless, the reliability of this type of fragility
curves is questionable due to uncertainties contain the experts’ judgements [7]. Empiri-
cal fragility curves are developed based on damage observations from past earthquakes.
Basöz et al. [8] assessed the vulnerability of bridges based on the observed data of Loma
Prietta 1989, and Northridge 1994 developed empirical fragility curves through logistic
regression. In 2003, Rosseto and Elanshai [7] developed empirical fragility curves based
on a database of 99 post-earthquake damage distributions observed in 19 earthquakes of
340,000 RC buildings. Other researchers [9–11] have also used post-earthquake damage
data to develop empirical curves. On the other hand, the experimental fragilities are based
on experimental results. Vosooghi and Saidi [12] developed experimental fragility curves
for bridge piers based on shake table and cyclic load tests. They correlate the damage state
and the damage index to develop fragility functions. In the case of absence of damage data
from real earthquakes, analytical fragility curves can be developed using results of struc-
tural demands from analytical simulations of non-linear static analysis [13–15], non-linear
dynamic analysis [16–25], and elastic spectral analysis [26,27]. Finally, the hybrid method
uses a combination of different procedures (available damage statistics and nonlinear
analysis) for the prediction of the damage levels. Kappos et al. [28,29] developed DPMs
where part of intensity levels was constructed using available data from past earthquakes
and results based on nonlinear dynamic analyses. In 2006, Kappos et al. [30] presented
fragility curves for masonry and RC buildings combining statistical data derived from
earthquake-damage Greek buildings and results of nonlinear static or dynamic analyses.

In order to develop fragility curves, the structural demands, the earthquake intensity
measures, and uncertainties regarding demand and capacity have to be defined. Focused
on the development of analytical fragility curves non-linear dynamic analysis procedures
have to be performed. Thus, the influence of the record-to-record variability on structural
seismic response is taken into account, as the structural model is subjected to a wide range
of ground motions. The characteristics of ground motions are described through intensity
measures (IMs) while the structural behavior through engineering demand parameters
(EDPs). Nonlinear dynamic analysis procedures, such as cloud analysis (CA) [31–33],
incremental dynamic analysis (IDA) [34], and multi-stripe analysis (MSA) [35,36], can be
performed to generate samples of EDPs-IMs pairs.

Thereafter, the discrete probability data points for each level of earthquake intensity
can be defined incorporating directly the results of the nonlinear analyses (e.g., IDA) in or-
der to provide a form of empirical cumulative distribution function (CDF) of fragility curve.
A key parameter for the development of a fragility curve is the definition of the median
(μ) and the dispersion (β) of the EDP-IM values, and thus different approaches have been
reported in the literature. Among them, the moment method, the method of maximum like-
lihood estimation, the IM percentiles method, and the concept of the probabilistic seismic
demand model (PSDM) are widely used [37–40]. For the moment method (also known as
Method A by Porter) [37], parameters of the fragility curves occur based on the earthquake
intensities of the observed data. Baker [38] introduced the method of maximum likelihood
estimation where the parameters of the fragility curves are deduced through maximizing
the likelihood of producing the observed data. The IM percentiles [39] incorporate results
of the IDA and are based on the summarized 16%, 50%, and 84% IDA curves, respectively.
Cornel et al. [31] introduced the relationship between the IM and EDP that provides a
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closed form solution of fragility curves. In this method, the variation of the structural
demand for a wide range of earthquake intensities can be described through regression
models known as the probabilistic seismic demand model (PSDM). In this context, the
linear regression model is commonly used. Nevertheless, when nonlinear seismic demands
have to be described, the use of bilinear PSDM is suggested [40]. Ramammothy et al. [41]
developed fragility curves based on linear and bilinear PSDMs for the vulnerability assess-
ment of RC buildings and the evaluation of retrofitted strategy. Bai et al. [42] developed
linear and bilinear PSDMs in order to achieve a better representation of the demand for
the examined range of the IM. Freddi et al. [43] used bilinear PSDM to describe the local
EDPs of low-ductility RC frames. Aljawhari et al. [44] used bilinear PSDM to study the
influence of ground motion sequences on the fragility of RC moment-resisting frames.
Other researchers developed fragility curves based on a Bayessian approach for the formu-
lation of PSDMs [41,42,45,46]. Furthermore, Jalayer et al. [47] introduced a robust fragility
assessment approach for the RC moment-resisting frame using Markov Chain Monte Carlo
(MCMC) simulation.

Recently, fragility curves have also been used for the probabilistic evaluation of
the pounding effect between adjacent buildings. Tubaldi et al. [40] developed fragility
curves for the assessment of the seismic pounding risk of singe-degree-of-freedom (SDOF)
and multi-degree-of-freedom (MDOF) systems, based on linear and bilinear PSDMs.
Nazri et al. [48] developed fragility curves in terms of maximum interstory drift vs. PGA to
study the structural pounding effect between the adjacent RC frames, taking into account
the available separation distance and the structural irregularities. The results of the assess-
ment were based on the IDA method. In 2020, Flegga and Favvata [49] investigated the
floor-to-floor structural pounding effect between RC structures at different global and local
performance levels as a function of PGA and the spectral acceleration, Sa. Kazemi et al. [50]
studied the effect of the floor-to-floor structural pounding between RC and steel moment
resisting frames (MRFs) at different global performance levels. Fragility curves based on
IDA have been developed in terms of maximum interstory drift as a function of Sa. Finally,
Flenga and Favvata [51] incorporated the local inelastic demands of a RC frame in the
probabilistic assessment of the pounding risk. The floor-to-floor and the floor-to-column
types of structural pounding were evaluated based on fragilities that have been developed
through linear and bilinear PSDMs.

Based on this review, it can be stated that, although many different probabilistic
methods have been proposed for the derivation of accurate fragility curves, a limited
number of methodologies in the research area of the pounding risk between adjacent
structures has been evaluated.

So, this study aims to evaluate five different methodologies reported in the literature
for developing fragility curves to assess the seismic performance of real RC structures
subjected to structural pounding. In this context, displacement-based and curvature-based
fragility curves are developed. The validity of the assumptions commonly used to produce
a PSDM is examined, and the influence of these assumptions on the derivation of the
fragilities for the structural pounding effect is identified. EDPs of the RC structure that
suffers the pounding effect have been estimated based on the results of IDAs [34].

2. Methodologies of Developing Fragility Curves

In modern seismic engineering, fragility curves are employed to assess the vulner-
ability of a structure due to seismic events. Fragility curves describe the probability an
engineering demand parameter (EDP) to exceed the capacity level of Ĉ for a given IM, and
can be calculated as:

P[ EDP|IM ≥ C|IM] = Φ
(

lnμ− ln Ĉ
β

)
(1)

The fragility assessment of the pounding effect is examined considering the following
five methods:
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(a) Empirical cumulative distribution function (CDF),
(b) Moment method (MM),
(c) Maximum likelihood estimation (MLE) method,
(d) 16%, 50%, 84% IM—percentiles, and
(e) Probabilistic seismic demand model (PSDM).

The empirical CDF method provides discrete probability data points at a given value of
IM. For a continuous representation of the fragility curve, the median (μ) and the dispersion
(β) of the responses have to be defined utilizing one of the other four methodologies. All
methods are presented and discussed below. Fragilities based on the empirical CDF method
are considered as the reference probability data.

2.1. Empirical Cumulative Distribution Function (CDF)

The implementation of IDA method results to EDPs values that correspond to each
seismic excitation for a given value of IM. Therefore, stripes of discrete EDPs values
are generated at increasing levels of IM. The probability an EDP to exceed a particular
performance level for a given value IM is estimated as the sum of those events which
exceed the capacity Ĉ over the total number of seismic excitations:

P
[
EDP ≥ Ĉ

]
=

m
n

(2)

where m is the number of events which exceed a particular limit state (capacity level) Ĉ at
the level of IM, and n is the total number of seismic excitations.

In Figure 1, the IDA curves for n ground motions and the corresponding fragility
curve based on the empirical CDF method are presented. In Figure 1a, dots represent the
structural response at a particular value of IM, while the vertical solid line depicts the
capacity Ĉ at the performance level of the assessment. The red dots refer to the m events
where the demand exceeds the capacity at the particular level of IM, while the blue dots
refer to (n-m) events for which demand does not exceed capacity. The discrete probability
data points (Figure 1b) at the performance level of Ĉ can be evaluated based on Equation (2).
Therefore, the fragility curve based on the empirical CDF can be developed by connecting
the discrete points with linear segments. Tubaldi et al. [40] utilized the discrete probability
data points to validate the fragility curves developed through PSDM for different values of
separation gap distance.

(a) (b) 

Figure 1. (a) Set of IDA curves and stripes of EDP at discrete values of IM, (b) Fragility curve based on empirical cumulative
distribution function (CDF).
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2.2. Moment Method

The moment method is used to define the median (μ) and the dispersion (β) in the
case of continuous representation of the fragility curve. This method is also known as
“Method A” by Porter et al. [37] and is based on the results of the IDA method. For the
calculation of median (μ) and dispersion (β) values of IM at the onset of exceedance, a
particular limit state is used considering lognormal distribution. For each seismic motion,
the value of IM at the capacity level Ĉ is presented in Figure 2 with star point.

Figure 2. Set of IDAs curves and corresponding values of IM at the level of capacity Ĉ.

The μ and β can be estimated as:

μ =
1
n

n

∑
i=1

lnIMi (3)

β =

√
1

n − 1

n

∑
i=1

(ln(IMi)− μ)2 (4)

where n is the number of seismic excitations and IMi is the value of IM associated with
the onset of exceedance a particular performance level. Aslani and Miranda [52] used
this fitting approach to develop continuous fragility curves for different damage states in
slab-column connections of non-ductile reinforced concrete buildings.

2.3. Maximum Likelihood Estimation (MLE) Method

The method of MLE [38] provides the median (μ) and dispersion (β) so that the fitted
fragility function is more consistent with the probability data points obtained through
Equation (2).

The likelihood function can be calculated as:

Likelihood =
m

∏
j=1

(
nj
zj

)
Φ

(
ln
(
IMj
)− μ

β

)zj
(

1 − Φ

(
ln
(
IMj
)− μ

β

))nj−zj

(5)

where m is the number of IM levels, zj is the number of ground motions that exceed
a performance level out of nj seismic excitations, and Π denotes a product over all the
considered IM levels.

Through maximizing the likelihood function the median (μ) and dispersion (β), are
defined as:

{μ,β} = maxμ,σ

m

∑
j=1

{
ln
(

nj
zj

)
+zjln Φ

(
ln
(
IMj
)− μ

β

)
+(n j−zj) ln

(
1 − Φ

(
ln
(
IMj
)− μ

β

))}
(6)
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Baker [38] introduced the method of maximum likelihood estimation to develop
fragility curves when incremental analysis was performed up to some level of IM for some
ground motions.

2.4. 16%, 50%, 84%. IM—Percentiles

IDAs curves define the seismic demands of the structural model for a suite of ground
motions, so a deterministic evaluation of structural behavior is provided. The summariza-
tion of IDAs curves into a central value (mean or median) and a measure of dispersion
quantifies the randomness introduced by records [34].

Each EDP|IM point at the summarized IDAs curves of 16%, 50%, and 84% represents
an upper value of EDP where 16%, 50%, and 84% of the records produce demand lower of
this value for a given level of IM. So, in the context of fragility curves, the 16%, 50%, and
84% percentiles curves are also defined in this study.

The median value μ is defined as the intersection of the 50% summarized IDA curve
with the level of capacity Ĉ (μ = IMc,50%), while the dispersion β is calculated as [53]:

β =
1
2

ln
IMC,84%

IMC,16%
(7)

where, IMC,84%, IMC,16% are the intersections of the corresponding summarized IDAs
curves with the capacity level of Ĉ (see Figure 3). Freddi et al. [53] developed fragility
curves for assessing the vulnerability of existing reinforced concrete buildings retrofitted
by dissipated braces.

Figure 3. 16%, 50%, 84% summarized IDAs curves and corresponding values of IM at the level of
capacity Ĉ.

2.5. Probabilistic Seismic Demand Model (PSDM)

Another way of generating fragility curves is through the probabilistic seismic de-
mand model [40–42,45–47,49,51]. A probabilistic seismic demand model is a mathematical
relation between the structural response and the earthquake intensity measure (IM) [54].
The mathematical representation of the PSDM leads to a closed form solution that permits
the definition of the fragility curves [31]. Therefore, Equation (1) is transformed to the
following expression:

GEDP|IM(C|IM) = P[ EDP|IM ≥ C|IM] = Φ

(
ln ˆEDP

∣∣IM − ln Ĉ
βEDP|IM

)
(8)

Φ(.) denotes the standard normal cumulative function, ˆEDP |IM the median structural
demand, Ĉ the median value of the capacity, and βEDP|IM the logarithm standard deviation.
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The mathematical representation of median structural demand response ˆEDP and the
IM can be approximated by a two parameters power law model [31,55]:

ˆEDP|IM = a IM b (9)

The coefficients α and b are calculated through linear regression analysis of logarithm
of IM and EDP, so the Equation (9) is transformed to the following expression:

ln ˆEDP|IM = blnIM + lna + ε|IM (10)

where, ε|IM is the random error with mean zero and variance σ2.
The structural response demand is assumed to follow lognormal distribution [55] with

logarithm standard deviation βEDP|IM which is calculated by the following equation:

βEDP|IM =

√
∑n

i=1
(
lnEDPi|IM − ln ˆEDP |IM)2

n − 2
(11)

Furthermore, a bilinear regression model is also considered to capture the nonlinear
behavior of the structural members. The bilinear regression model can be described by the
following expression:

ln ˆEDP|IM = (a 1+b1 lnIM)(1 − H 1)+
[

lnEDP|IM ∗+b2(lnIM − lnIM∗)
]
H1 +ε|IM (12)

The coefficients α1, b1, and b2 are defined through linear regression analysis and
determine the slope of the two linear branches. H1 is a dummy variable which is equal to
H1 = 0 for IM ≤ IM* and H1 = 1 for IM > IM*. Finally, the parameter IM* is the intersection
of two linear branches, while lnEDP|IM ∗ is the value of the EDP at the intersection point.

3. Examined Case Study

3.1. Description

The probabilistic seismic assessment of an eight-story RC frame structure that suffers
the impact effect from an adjacent three-story rigid structure (T3-story = ∞) is evaluated.
The story levels of the adjacent structures have the same height so that collisions may occur
between the story diaphragms and consequently between the story masses (floor-to-floor
interaction). The separation gap distance (dg) between the adjacent structures is considered
as: dg = 0.0 cm (structures in contact from the beginning), dg = 4.5 cm, and dg = 9.0 cm
(Eurocode’s requirement). The seismic performance of the eight-story structure without
the pounding effect is also included for comparison reasons. The fundamental period of
the eight-story RC frame is 1.132 s and the yield displacement at the top story level is equal
to 5 cm. The two adjacent buildings are considered as fixed-based structures, while the
effect of the soil–structure interaction is not examined in this study.

3.2. Structural Design and Modelling Assumptions

The examined eight-story RC frame was designed according to Eurocodes 2 and 8,
meeting the ductility capacity medium (DCM) criteria of the codes. The seismic behavior
factor for the frame was q = 3.75. The mass M, was taken equal to

M =
G + 0.3Q

g
(13)

where G is gravity loads, Q is live loads, and g is the acceleration of gravity.
The design base shear force V, was equal to

V =
0.3g

q
M (14)
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Reduced values of member moments of inertia (Ief) were considered in the design to
account for the cracking. The geometry of the eight-story RC frame and the reinforcement
of columns at the top (up) and the bottom (dn) cross sections are presented in Figure 4a.
Different reinforcement of the cross sections along the same column is due to the design
code requirements.

 

 
 

(a) (b) 

8-story RC frame
structure

3-story rigid
structure

separation gap dg

Figure 4. (a) Eight-story RC frame and (b) idealization of the contact area.

Using the computer program Drain-2dx [56] two types of one-dimensional beam-
column element are employed for the finite mesh of the eight-story RC frame. The first
type of element is used for the simulation of beams, and it is the common lumped plasticity
model that considers the inelastic behavior concentrated in zero-length “plastic hinges” at
the element’s ends. The second element is the distributed plasticity element that accounts
for the spread of inelastic behavior over the cross-section and along the deformable length
of columns. The latter element performs numerical integration of the virtual work along
the length of the member using data deduced from cross-section analysis at pre-selected
locations (control sections, see Figure 4b). The cross-section analysis that is performed at
the control sections is based on the fiber model, while the hysteretic behavior of columns is
mainly based on the hysteretic rule of materials used in the analysis. More details about
the fiber section model and the overall modelling assumptions can be found in Karayannis
and Favvata [57].

Collisions are simulated using contact elements that become active when the corre-
sponding nodes come into contact. The idealization of the contact area is presented in
Figure 4b. The response of the contact element is described by [58,59]: (a) the negative
direction of the X-axis that represents the condition that the buildings move away from
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each other; and (b) the positive direction of the X-axis that simulates the actual behavior of
the structures in the case there is a small gap distance (dg) between them.

4. Fragility Assessment of Structural Pounding

In this section, the research is focused on evaluating the above-mentioned method-
ologies (Section 2) to assess the seismic performance of the eight-story RC frame structure
subjected to structural pounding. Displacement-based and curvature-based fragility curves
are developed considering three different EDPs: (a) the maximum interstory drift, IDRmax;
(b) the maximum top drift TDRmax; and c) the maximum curvature ductility demands
μϕ,max of the external columns at the pounding side of the eight-story RC frame.

The IDA method [34] was employed to define the seismic demands of the eight-story
RC structure at discrete values of PGA due to the pounding effect. Two horizontal com-
ponents of seven different seismic excitations (totally 14 records) extracted from PEER’s
database [60] are used with PGA to be scaled in the range of 0.005 g to 1.4 g, and 628 nonlin-
ear dynamic analyses were performed. The seismic excitations cover a range of magnitude
(Mw) between 6.2 to 7.9, and closet distance-to-rupture area (R) is between 9.6 km to
116.2 km. The soil average shear wave velocity in upper 30 m of soil (vs,30) is up to
813.5m/s and corresponds to soil class A. The ground motions are selected to fit the Eu-
rocode’s 8 (EC8) elastic spectra based on the provisions of the Eurocode 8 (EN1998-1:2004,
3.2.3.1.2(4), [61]). Thus, taking into account the fundamental period T of the examined
eight-story frame (T = 1.132 s), each record is scaled by a factor so the computed mean
spectrum not to be less than 90% of the Eurocode’s spectra in the range of periods between
0.2264 s (0.2 T) and 2.264 s (2.0 T). The main characteristics of the selected seismic excitations
are presented in Table 1.

Table 1. Main characteristics of seismic excitations.

Seismic Excitations

Duration
(s)

Maximum Acceleration αmax

(m/s2)
Mw

3 R 4

(km)

component FN 1 component FP 2

Italy Arienzo, 1980 (EQ283) 24 0.268 0.405 6.9 52.9

Italy Auletta, 1980 (EQ284) 34 0.615 0.655 6.9 9.6

Chi-Chi Taiwan-06, 1999 (EQ3479) 42 0.073 0.070 6.3 83.4

Denali- Alaska, 2002 (EQ2107) 60 0.869 0.975 7.9 50.9

Loma Prieta, 1989 (EQ804) 25 1.090 0.509 6.9 63.1

Chi-Chi Taiwan-04, 1999 (EQ2805) 60 0.096 0.075 6.2 116.2

San Fernando, 1971(EQ59) 14 0.153 0.181 6.6 89.7
1 Fault Normal component 2 Fault Parallel component 3 Moment Magnitude 4 Closest distance to rupture plane.

4.1. Displacement-Based Fragility Curves

Herein, the five different methodologies presented in Section 2 are used for the
probabilistic evaluation of the pounding effect in terms of IDRmax|PGA and TDRmax|PGA.
The probability data that are directly deduced based on the empirical CDF method are
considered as reference values to evaluate the accuracy and the limitations of the other
four methods. Three different separation gap distances are examined: (a) dg = 0.0 cm;
(b) dg = 4.5 cm; and (c) dg = 9.0 cm, while results based on the free vibration mode (without
pounding) of the eight-story RC structure are also presented.

Fragility curves are developed considering the damage states—capacity levels of [62]:

i. Immediate occupancy (IO) that corresponds to a maximum interstory drift (IDRmax)
is equal to 1% of the story height (hst), and
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ii. 1% maximum top drift (TDRmax) as a function of the total height of the structure
(Htot).

Figure 5 shows the fragility curves in terms of IDRmax|PGA at the performance level
of IO. As it can be observed, all the examined procedures are developing fragilities that
are in a good agreement with the probability data points of the empirical CDF method.
Nevertheless, in the case of analyzing the eight-story RC frame without the pounding
effect, the PSDM-based fragility curve is shifted to greater values of PGA in comparison to
the deduced fragilities based on the MLE, MM, and IM percentiles procedures.

 

(a) (b) 

 
(c) (d) 

Figure 5. MLE, MM, IM percentiles, PSDM methodologies for the fragility assessment of the eight-story RC frame in terms
of maximum interstory drift (IDRmax -%hst) as a function of the PGA. Examined cases: (a) without the pounding effect,
(b) dg = 0.0 cm, (c) dg = 4.5 cm, and (d) dg = 9.0 cm.

In the case of developing fragilities in terms of TDRmax|PGA, the IM percentiles
method gives more conservative results in comparison to the other methodologies (Figure 6).
On the other hand, the PSDM-based fragility curves indicate that the corresponding seismic
assessment of the RC frame against pounding is less vulnerable than the expected one
(probability data of empirical method CDF) when dg = 0.0 cm. Nevertheless, the MM fails
to formulate fragility curves in cases of considering separation gap distance dg = 0.0 cm
and dg = 4.5 cm. This is attributed to the fact that analyses fail to be carried up to values of
PGA that exceed the examined performance level.
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(a) (b) 

 

(c) (d) 

Figure 6. MLE, MM, IM percentiles, PSDM methodologies for the fragility assessment of the eight-story RC frame in
terms of maximum top drift (TDRmax -%Htot) as a function of the PGA. Examined cases: (a) without the pounding effect,
(b) dg = 0.0 cm, (c) dg = 4.5 cm, and (d) dg = 9.0 cm.

The difference among the fragility curves is owed to the estimated values of medians
μ (Table 2). The estimated value of median μ in the case of PSDM-based fragility curve
is greater than the other methods, which explains the shift of the particular curve. The
values of median μ and dispersion β of all the examined cases of this study are presented
in Table 2.

Regarding the fragility assessment of the pounding effect, results presented in
Figures 5 and 6 indicate the following:

• Fragility curves that describe the pounding risk of the RC frame against IDRmax are
shifted to lower values of intensity in comparison with the corresponding fragilities
without pounding.

• The pounding risk is increased as the initial gap distance between the adjacent struc-
tures is decreased.

• The vulnerability of eight-story RC frame against TDRmax demands is almost identical
either with or without considering the pounding effect.

241



Appl. Sci. 2021, 11, 8253

Table 2. Median μ and logarithm standard deviation (dispersion) β.

Methodology

MM MLE IM—Percentiles PSDM

EDPs Examined Case μ (g) β μ (g) β μ (g) β μ (g) β1/β2 †

IDRmax

(%hst)

without pounding 0.239 0.265 0.240 0.286 0.231 0.324 0.300 0.281

dg = 0.0 cm 0.198 0.170 0.192 0.267 0.201 0.274 0.215 0.270

dg = 4.5 cm 0.239 0.262 0.246 0.285 0.236 0.277 0.255 0.290

dg = 9.0 cm 0.243 0.266 0.246 0.285 0.240 0.330 0.270 0.287

TDRmax

(%Htot)

without pounding 0.704 0.323 0.700 0.369 0.642 0.372 0.710 0.320

dg = 0.0 cm - * - * 0.691 0.273 0.644 0.272 0.740 0.352

dg = 4.5 cm - * - * 0.682 0.302 0.595 0.272 0.700 0.324

dg = 9.0 cm 0.661 0.338 0.665 0.347 0.589 0.384 0.691 0.330

C20
μϕ,max

without pounding 0.785 0.274 0.821 0.287 0.745 0.298 0.307 0.334

dg = 0.0 cm 0.364 0.373 0.368 0.315 0.403 0.453 0.308 0.289/0.676

dg = 4.5 cm 0.358 0.317 0.381 0.268 0.376 0.314 0.340 0.315/0.689

dg = 9.0 cm 0.536 0.238 0.546 0.231 0.530 0.279 0.445 0.300/0.768
† β1 depicts the β value at the first linear branch of bilinear PSDM or the β value of a linear PSDM β2 depicts the β value at the second
branch of bilinear PSDM, * no available result.

4.2. Curvature-Based Fragility Curves

Fragility curves in terms of maximum curvature ductility μϕ,max as a function of
PGA have been developed based on the five examined procedures. The consistency of the
fragility curves is examined for the most critical structural member against pounding. For
the examined pounding cases, the local fragility curves of all the external columns at the
pounding side of the eight-story RC frame are developed. These results indicate that the
column at the fourth floor level is the most critically affected due to the pounding with the
adjacent structure (column C20—Figure 1). All the fragility curves are developed at the
yield capacity of the column in terms of μϕ,max (i.e., damage level equal to μϕ,max = 1).

So, in Figure 7 the local curvature-based fragilities of the column C20 are presented
for the cases (i) dg = 0.0 cm; (ii) dg = 4.5 cm; (iii) dg = 9.0 cm; and (iv) without the pounding
effect. Results indicate that fragility curves based on the MLE and MM are very close to the
probability data points of the empirical CDF. On the other hand, when the IM percentiles
method is used, the fragility curve of the column against pounding effect is moved towards
greater values of PGA in the case of dg = 0.0 cm and in comparison to the corresponding
curves based on the MLE, the MM, and the empirical CDF.

Considering the PSDM-based fragility curves, it can be observed that, for the examined
cases, the curvature-based fragilities are shifted to lower values of the PGA in comparison
to the other methodologies. However, an important issue here is the type of regression
model that was used to produce the PSDM. As discussed in Section 2.5, linear and bilinear
regression models are adopted for the PSDM. So, in Figure 7, fragility curves based on both
linear (LPSDM) and bilinear PSDM (BPSDM) are presented. These results clearly indicate
that the use of a linear PSDM can fail in properly describing the local inelastic demands of
the structural member.

In the following sections, the assumptions of producing an accurate PSDM are further
analyzed to give a better insight on the results of this study.
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(a) (b) 

 

 

(c) (d) 

Figure 7. MLE, MM, IM percentiles, PSDM methodologies on the fragility assessment of the eight-story RC frame in
terms of maximum curvature ductility μϕ,max as a function of the PGA. Examined cases: (a) without the pounding effect,
(b) dg = 0.0 cm, (c) dg = 4.5 cm, and (d) dg = 9.0 cm.

5. Validity of PSDM’s Assumptions

In this section, the validity of the assumptions that are commonly used to produce a
PSDM is examined. The considered assumptions are:

i. lognormal distribution of the evaluated structural demands,
ii. power law model relationship between EDP and IM,
iii. constant logarithm standard deviation of structural demands over the examined range

of IM (homoscedasticity assumption).

Lognormality assumption

The validity of the lognormality assumption is examined according to the Anderson–
Darling (AD) test. In general, the Anderson–Darling test measures how well the data
follow a particular distribution. The smaller the AD value, the better the distribution fits
to the data. Through the AD test, the p-value is calculated in order to determine which
distribution fits better to data set [63].

The AD test is implemented for each level of PGA considering a confidence level equal
to 95%. For each level of PGA, the implemented hypothesis test is as follows: For Ho (null
hypothesis), the data follow lognormal distribution; and for H1, the data do not follow the
lognormal distribution. If the p-value for the AD test is lower than the significance level of
0.05, data do not follow lognormal distribution. On the other hand, the null hypothesis
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cannot be rejected. In Figure 8, indicative results of the probability plots at the level of
PGA = 0.355 g are presented, while Table 3 shows the p-values of all the examined cases.

  
(a1) (a2) (a3) 

 
(b1) (b2) (b3) 

Figure 8. Lognormality assumption: Probability plot at PGA = 0.355 g in the case of (a) without the pounding effect, and
(b) when dg = 0.0 cm. Examined engineering demand parameters: (1) IDRmax, (2) TDRmax, and (3) μϕ,max.

It can be observed that, although the assumption of the lognormal distribution cannot
be rejected in the case of considering the IDRmax and TDRmax seismic demands, in the case
of μϕ,max, the distribution of the data does not match the lognormal distribution for all the
examined levels of PGA (see Table 3).

Table 3. Check of the lognormality assumption (p-value cut off equal to 0.05).

EDPs
Examined

Case
PGA (g)

0.005 0.055 0.105 0.180 0.255 0.355 0.455 0.580 0.705 0.855 1.005 1.18 1.355

IDRmax

(%hst)

without
pounding 0.391 0.288 0.349 0.516 0.605 0.872 0.851 0.150 0.559 0.617 0.800 0.61 0.34

dg = 0.0 cm 0.149 0.140 0.241 0.023 0.488 0.627 0.139 0.247 0.823 0.896 - * - * - *
dg = 4.5 cm 0.398 0.403 0.232 0.785 0.769 0.511 0.411 0.871 0.234 0.843 0.138 - * - *
dg = 9.0 cm 0.398 0.403 0.232 0.773 0.952 0.660 0.760 0.316 0.079 0.483 0.109 0.93 - *

TDRmax

(%Htot)

without
pounding 0.848 0.958 0.948 0.723 0.759 0.905 0.662 0.241 0.314 0.841 0.904 0.31 0.40

dg = 0.0 cm 0.536 0.815 0.491 0.087 0.493 0.197 0.134 0.652 0.914 0.745 - * - * - *
dg = 4.5 cm 0.790 0.989 0.944 0.661 0.884 0.514 0.567 0.174 0.442 0.738 0.716 - * - *
dg = 9.0 cm 0.790 0.989 0.944 0.674 0.759 0.844 0.584 0.264 0.388 0.516 0.829 - * - *

C20
μϕ,max

without
pounding 0.889 0.597 0.726 0.404 0.382 0.156 0.097 0.252 0.423 0.082 0.141 0.61 0.41

dg = 0.0 cm 0.196 0.771 0.047 0.902 0.035 0.011 0.096 0.301 0.187 0.099 - * - * - *
dg = 4.5 cm 0.794 0.536 0.535 0.967 0.309 0.178 0.388 0.777 0.130 0.210 0.100 - * - *
dg = 9.0 cm 0.794 0.536 0.535 0.777 0.249 0.037 0.010 0.042 0.098 <0.005 <0.005 - * - *

* no available result.
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Power law model

The second assumption of the PSDM concerns the relationship between the median
structural demand and the intensity measure (IM). It is assumed that the mathematical
relationship between ˆEDP and IM can be approximated by a power law model and, thus,
the representation of EDP-IM pairs in log-log space (lognormality assumption) implies
that the structural response variates linearly (Equation (10)) with the intensity measure.
Therefore, the median structural demand lies on a line at any level of IM [64]. However,
linear representation of the PSDM along the range of IM is not always accurate and the
adoption of a bilinear model is required to describe the variation of the structural demand
especially when the components exhibit significant nonlinear behavior. In Figures 9 and 10,
the accuracy of using the power law model to describe the demands of IDRmax and TDRmax
as a function of the PGA, is examined. In these figures, the blue dots show the structural
demands retrieved based on IDAs, the black rhombus dots represent the median value of
EDPs’ stripes at each level of IM, and the red lines depict the produced PSDM. Figure 9
shows that the probabilistic seismic demand model in terms of IDRmax is in good agreement
with the median demand at each level of IM for all the examined cases. The same results
are also yielded in the case of TDRmax. As it can be observed in Figure 10, the median
TDRmax demand at each level of PGA is very close with the probabilistic seismic demand
model for all the examined cases. Therefore, the linear PSDM can be used to generate the
seismic demands of the eight-story frame in terms of IDRmax and TDRmax in the context of
the probabilistic assessment procedure.

 
(a) (b) 

  
(c) (d) 

Figure 9. Comparative results in terms of IDRmax (%hst) at each level of PGA as deduced based on IDAs, PSDMs, and
median values of demand. Examined cases: (a) without the pounding effect, (b) dg = 0.0 cm, (c) dg = 4.5 cm, and
(d) dg = 9.0 cm.
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(a) (b) 

(c) (d) 

Figure 10. Comparative results in terms of TDRmax (%Htot) at each level of PGA as deduced based on IDAs, PSDMs,
and median values of demand. Examined cases: (a) without the pounding effect, (b) dg = 0.0 cm, (c) dg = 4.5 cm, and
(d) dg = 9.0 cm.

In Figure 11, comparative results between linear and bilinear PSDMs of the column C20
in terms of μϕ,max|PGA are presented. These results are compared with the corresponding
median demands at each level of PGA.

Linear PSDMs Bilinear PSDMs 

 
(a1) (b1) 

Figure 11. Cont.
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(a2) (b2) 

 
(a3) (b3) 

 
(a4) (b4) 

Figure 11. Comparative results in terms of μϕ,max (column C20) at each level of PGA as deduced based on IDAs, PSDMs,
and median values of demand. Regression models: (a) linear, and (b) bilinear. Examined cases: (1) without the pounding
effect, (2) dg = 0.0 cm, (3) dg = 4.5 cm, and (4) dg = 9.0 cm.

It can be observed that the median data are differentiated from the PSDMs in the case
of using a linear regression model. These differences are more pronounced in the case
where the pounding effect is evaluated, and especially when the structural members start
to exhibit significant nonlinear behavior due to the interaction with the adjacent shorter
and stiffer structure.
Homoscedasticity Assumption

The last assumption for the formulation of the PSDM concerns the logarithm standard
deviation (βEDP|IM) of the demand. In order to evaluate the validity of homoscedasticity
assumption, the area limited between the mean plus and minus one standard deviation of
the associated normal distribution at each level of IM is defined. So, in Figures 9–11, the
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green shaded area shows the variation of the demands along the examined range of PGA.
Figure 9 shows that the variation of demands in terms of the IDRmax is not constant but is
slightly reduced for values of PGA greater than 0.255 g. Similar results are also deduced in
the case of TDRmax, as it can be observed in Figure 10.

Therefore, the homoscedasticity assumption of producing the PSDM of IDRmax and
TDRmax is not satisfied within the overall range of PGA. Furthermore, the interaction
between the adjacent structures has not altered the outcomes related to the homoscedasticity
assumption of the PSDM in terms of displacement EDPs. On the contrary, the case of
structural pounding between adjacent structures has altered the outcomes related to the
homoscedasticity of the PSDM in terms of μϕ,max|PGA. As it is discussed below, this is
attributed to the effect of pounding on the local inelastic demands of the column.

Results of Figure 11 clearly indicate that the linear PSDM cannot adequately de-
scribe the maximum local curvature ductility demands, i.e., μϕ,max of the critical column,
due to the pounding effect (Figure 11a). For the bilinear PSDMs, the validity of the ho-
moscedasticity assumption is evaluated at each linear branch of the regression model.
Small fluctuations in the dispersion along the first branch of the regression model are
observed, and the response of the column is still an elastic one. On the other hand, the
nonlinear behavior of the structural member results in a large variation of the demands that
differs significantly for each ground motion. These variations are depicted at the second
branch of the PSDM.

Thus, it could be pointed out that the nonlinear local demands of the structural
member are not sufficiently reflected on the homoscedasticity assumption when only linear
PSDM is adopted.
Interaction of Assumptions on Developing Fragility Curves

In this part of the study, the influence of the PSDM assumptions on the fragility curves
is examined in order to provide a better insight of the bias induced. For this purpose, the
following three different hypothesis cases are considered:

• Case 1 (lognormality assumption) In this case, only the lognormality assumption is
considered for developing the fragility curves. So, the value of the probability is
defined accounting the mean and the standard deviation of each distribution at a
particular level of IM.

• Case 2 (lognormality assumption and power law model) The lognormality assumption is
considered in combination with the power law model. The median of the structural
demand at a particular level of IM is based on the PSDM, while the dispersion is
calculated for each level of IM through Equation (11).

• Case 3 (lognormality assumption, power law model, and homoscedasticity assumption)
The three basic assumptions of PSDM are considered for the development of the
fragility curves.

The available separation gap distances dg between the adjacent structures and the case
of without pounding effect are also incorporated. Furthermore, the discrete probability data
points (empirical CDF method) and the MLE-based fragility curve (as a reliable continuous
fragility curve) are used for the quantification of the bias induced through assumptions.

In Figures 12 and 13, the fragility curves in terms of IDRmax|PGA and TDRmax|PGA
based on the examined hypothesis cases (1–3) are presented. As observed, the examined
fragility curves are in a good agreement with the assessment based on the MLE method.
Therefore, the violation of the homoscedasticity assumption for both EDPs does not influ-
ence the fragility assessment of the pounding effect. So, PSDMs for both EDPs are sufficient
estimators of the structural demand on the fragility assessment of the eight-story RC frame
structure subjected to pounding.

In Figure 14, the corresponding fragility curves that are produced considering the
three different hypothesis cases in terms of μϕ,max|PGA at the performance level of DL,
are presented. It is observed that the fragility curves are significantly influenced by the
assumptions made on the formulation of PSDMs when the seismic performance of eight-
story frame is evaluated without considering the pounding between the adjacent structure
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(Figure 14a). The error induced due to the power law model and the homoscedasticity
assumption in the case of μϕ,max seems to be considerably high. However, this outcome is
not so intense when the effect of structural pounding is assessed. This is attributed to the
use of bilinear PSDM to describe the critical inelastic behavior of the column at low levels
of IM (Figure 14b–d).

 
(a) (b) 

 
(c) (d) 

Figure 12. Influence of the PSDM assumptions on the fragility assessment of the eight-story RC frame in terms of IDRmax

(%hst) as a function of the PGA. Examined assumptions: Case 1—lognormality, Case 2—lognormality and power law model,
and Case 3—SDM’s assumptions. Fragility curves (a) without the pounding effect, (b) dg = 0.0 cm, (c) dg = 4.5 cm, and
(d) dg = 9.0 cm.

 
(a) (b) 

Figure 13. Cont.
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(c) (d) 

Figure 13. Influence of the PSDM assumptions on the fragility assessment of the eight-story RC frame in terms of TDRmax

(%Htot) as a function of the PGA. Examined assumptions: Case 1—lognormality, Case 2—lognormality and power law
model, Case 3—PSDM’s assumptions. Fragility curves (a) without the pounding effect, (b) dg = 0.0 cm, (c) dg = 4.5 cm, and
(d) dg = 9.0 cm.
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(c) (d) 

Figure 14. Influence of the PSDM assumptions on the fragility assessment of the eight-story RC frame in terms of
μϕ,max (C20) as a function of the PGA. Examined assumptions: Case 1—lognormality, Case 2—lognormality and
power law model, Case 3—PSDM’s assumptions. Fragility curves (a) without the pounding effect, (b) dg = 0.0 cm,
(c) dg = 4.5 cm, and (d) dg = 9.0 cm.

6. Conclusions

In this study, five different methodologies for developing fragility curves are evaluated
to assess the seismic performance of real RC structures subjected to structural pounding.
For this purpose, the discrete probability data points deduced based on the empirical
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CDF method are utilized to validate the fragility curves developed through MLE, MM,
IM percentiles, and PSDM procedures. Displacement-based and curvature-based fragility
curves are developed. The use of probabilistic seismic demand models on the fragility
assessment of the pounding risk is further estimated. Linear and bilinear PSDMs are
developed, while the validity of the assumptions commonly used to produce a PSDM
is examined. Finally, the influence of the PSDMs’ assumptions on the derivation of the
fragilities for the structural pounding effect is identified. The examined structural pounding
cases are between an eight-story RC frame and a three-story rigid structure that have equal
story heights (floor-to-floor interaction). The main outcomes of this study are as follows:

• The MLE, MM, and IM percentiles procedures are developing fragilities that are in a
good agreement with the probability data points of the empirical CDF method.

• The IM percentiles method gives more conservative results in terms of TDRmax|PGA,
in comparison to the other methodologies of this study. Nevertheless, in the case
of μϕ,max|PGA, the fragility curve is moved towards greater values of PGA when
dg = 0.0 cm. This result indicates that the IM-percentiles-based local fragility curve
cannot accurate capture the increased inelastic demands of the column due to the
pounding effect, when dg = 0.0 cm.

• The displacement-based fragilities that are developing from the PSDMs are shifted
to greater values of PGA in comparison to the deduced fragilities based on the MLE,
MM, and IM percentiles procedures.

• The curvature-based fragilities that are developing from the PSDMs are shifted to
lower values of PGA in comparison to the deduced fragilities based on the MLE, MM,
and IM percentiles procedures.

• Similar results regarding the fragility assessment of the RC structure between the
examined methodologies are deduced when the performance level controls the seismic
behavior of the eight-story RC frame structure at low levels of IM.

• The observed shift on the fragility curves is owed to the different values of medians μ
that methodologies estimate.

• The lognormality assumption that is evaluated for each level of PGA showing that it
is not always satisfied especially in the case of maximum curvature ductility.

• The homoscedasticity assumption of developing the PSDM of IDRmax and TDRmax is
not satisfied within the overall range of PGA.

• The use of a linear PSDM fails to properly describe the local inelastic demands of the
structural RC member.

• The nonlinear local demands of the structural member are not sufficiently reflected
on the homoscedasticity assumption when only linear PSDM is adopted. The errors
induced due to the power law model and the homoscedasticity assumptions of the
PSDM can be reduced by using a bilinear regression model.
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Abstract: Well-known methods for seismic performance assessment, such as incremental dynamic
analysis (IDA), multi-stripes analysis (MSA) and the cloud method, involve nonlinear response time-
history analyses to characterize the relationship between the chosen damage measure versus intensity
measure. Over the past two decades, many authors have proposed simplified procedures or nonlinear
static approaches to develop fragility. In these procedures, the capacity of the system is evaluated
by nonlinear static procedures (i.e., the capacity spectrum method (CSM), the N2 method, modal
pushover analysis (MPA)) and the demand is derived by response spectra. In addition to the familiar
ones, incremental modal pushover analysis (IMPA) is a novel nonlinear static procedure proposed in
recent years, and it is used in this research to present an IM-based fragility estimation. The accuracy
and effectiveness of different methods to assess vulnerability are investigated by comparing fragility
curves derived by MPA-based cloud analysis, IMPA and cloud analysis against IDA. The comparison
gives valuable insights on the influence of scaling on different sets of records; however, a more
extended validation is needed to confirm the obtained results and draw more general conclusions.
Results arise from two relatively small bins of record motions differing by ranges of Joyner-Boore
distance and scattered in a range of magnitude are presented.

Keywords: IDA; the cloud method; IMPA; MPA; nonlinear static analysis; nonlinear dynamic analysis;
fragility curve

1. Introduction

Performance-based earthquake engineering (PBEE) procedures allow the prediction
and evaluation of the probabilistic seismic performance of bridges and buildings in terms
of system-level decision variables, such as loss of use, repair cost and casualties. In the
United States, the first generation of PBEE assessment and design procedures for buildings
(SEAOC Vision 2000, FEMA 273, ATC-40 [1–4]) took significant steps toward achieving
performance-based earthquake engineering. Since then, the Pacific Earthquake Engineering
Research Center (PEER) has been working on developing a more robust methodology
that involves four stages: hazard analysis, structural analysis, damage analysis, and loss
analysis [5]. In the third stage, damage analysis, fragility functions describe the conditional
probability of component, element or system to be damaged for a given intensity mea-
sure. The first attempt to determine fragility curves can be dated back to 1975, when the
Seismic Design Decision Analysis (SDDA) procedure was proposed in the US [6]. Further
developments [7,8] were initially applied in the field of the nuclear industry to define a
probabilistic relationship between an intensity measure representing seismic input and a
damage measure representing the seismic failure of a component of a nuclear power plant.
From then on, several methods to estimate fragility (expert-based, experimental, analytical,
hybrid, empirical) have been developed by researchers worldwide, relying on different
assumptions and restrictions to overcome prevalent intrinsic uncertainties. However, due
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to the extremely high subjectiveness, lack of data and other drawbacks typical of expert-
based, empirical and experimental methods, the common practice has aroused its interest
in analytical and hybrid methods during the last two decades.

Among analytical approaches to derivate fragility curves (probabilistic seismic de-
mand model, elastic spectral analysis, nonlinear static analysis, linear or nonlinear time his-
tory analysis [9–17]), incremental dynamic analysis (IDA) is a parametric analysis method
developed in 1998 and deeply discussed in 2002 [18,19]. IDA became a worldwide method
used by engineers and researchers, and it is still widespread. However, the introduction
of uncertainties due to an excessively coarse description of seismic input with varying
intensity is inevitable. Eventually, many authors have pointed out that a simple amplitude
scaling of ground motion records is one of the main shortcomings in IDA, together with
its high computational demand [20–23]. In IDA, a certain number of inputs amplitude
scaled to define IM = im, then NL-THA is performed and DCRLS so determined are used to
define the distribution of DCRLS|IM = im. This process is repeated by varying the scale
factor to define the seismic response in a whole range of seismic intensities. According to
previous research [24–26], the median response of a structure subjected to scaled ground
motion records is comparable to that of a structure subjected to unscaled earthquake ground
motion records. However, because a single IM is a highly simplified description of ground-
motion severity, the value of DCRLS from different ground-motion with IM = im may be
different, and thus the relationship DCRLS ~f(IM) is probabilistic. A common limitation
in current databases is the lack of strong ground motion records covering high-intensity
intervals at specific periods of the structure [27,28]. Thus, an excessive scaling to fit within
high-intensity intervals may occur, biasing the structural response [29], generating a false
correlation between IMs and EDPs, and increasing uncertainties in the structural response.

In contrast to IDA and MSA (multiple-stripe analysis), the cloud method [26,30,31] in-
volves nonlinear analysis of the structure subjected to a sample of different distance/intensity
combined unscaled as-recorded ground motion, which may reduce the number of analyses,
uncertainties in seismic input with intensity, computational effort in defining a seismic
fragility curve [32], and is based on a regression in the logarithmic space of structural
response versus seismic intensity.

To respond to the need for simplified, faster and/or approximate methods, from the
late 1990′s, many studies have been published regarding the use of pushover analysis
procedures to assess seismic vulnerability, mostly on bridges. In this case, the capacity
of the system is evaluated by using nonlinear static procedures (NSPs) (i.e., the capacity
spectrum method [33–36], the N2 method [37–39], and modal pushover analysis [20]), while
the demand is estimated by response spectra. To assess the reliability of these analytical
procedures, different authors have compared developed fragility curves to those obtained
by nonlinear time history analysis [34,36,38].

Among NSPs, a novel procedure called incremental modal pushover analysis (IMPA)
has been proposed in recent years by Bergami and his co-workers [40]. IMPA requires the
execution of modal pushover analysis (MPA) and the evaluation of structural performance
within a range of different seismic intensity levels to develop a multimodal capacity curve
in terms of base shear versus top displacement. This approach is suitable for performing
a displacement-based design procedure and structural analysis of existing structures, yet
authors have not suggested the analytical estimation of fragility.

This paper aims to evaluate the reliability of structural fragility derived by the methods
mentioned, advancing an IM-based derivation of structural fragility, strikingly similar to
IDA, based on IMPA. It is known that IDA has a small sensitivity to record-to-record
variability compared to other methodologies. Nevertheless, the results indicate that, amidst
its slightly higher sensitivity, IMPA has the advantage of requiring considerably smaller
computational effort to perform the structural analysis.

The authors argue that scaling response spectra at a higher range of intensities might
introduce less uncertainties than a simple amplitude scaling of ground motions. Further
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steps of this research will address how the uncertainties in the seismic input affect the
reliability of IMPA versus IDA seismic fragility for strong ground motions.

In the following paragraph, analyses are carried out on a real RC frame belonging to a
school building located in Norcia (Italy). Each nonlinear dynamic and static procedure is
briefly presented, including a step-by-step computational procedure of IMPA. Finally, the
reliability of pushover-based estimation of seismic vulnerability is assessed by comparing
these curves to those obtained by IDA.

2. Methodology

2.1. Choice of Engineering Demand Parameter and Intensity Measure

The first-mode spectral acceleration Sa(T1,ξ = 5%) is commonly used as an intensity
measure (IM) parameter [20,21]. Shome et al. [24] stated that the nonlinear response of an
MDOF structure dominated by the first mode of vibration depends on the “intensity” of the
records at the first period of vibration, while magnitude and distance play a minor role in it.
For these reasons, the 5% damped spectral acceleration at the structure’s first-mode period
Sa(T1,ξ = 5%) or simply Sa is adopted as the IM in this work, since the structure selected as
the case study is dominated by the first mode of vibration (structure’s first-mode period of
vibration T1 = 0.62 s and the modal mass participation at first-mode is 82%, see Section 3.1
for more details).

In the literature, various engineering demand parameters (EDPs) have been pro-
posed [24], somehow representative of the structure’s local or global damaged state. In this
study, the critical demand to the capacity ratio for the desired limit state (LS), denoted as
DCRLS [23,41], is assumed to be the EDP. It represents the demand-to-capacity ratio which
brings the system closer to the onset of limit state (herein, the life-safety limit state). The
weakest-link formulation is adopted to evaluate the DCRLS (Equation (1)), which means
that if the demand-to-capacity ratio Djl/Cjl is equal to or higher than unity in just one
element, then the structure attains the expected limit state for the lth mechanism.

DCRLS = maxNmech
l maxNe

j

(
Djl

Cjl(LS)

)
(1)

where Nmech and Ne are the numbers of the considered potential mechanism of failure and
the number of the elements taking part in the lth mechanism, respectively. Djl and Cjl(LS)
are the demand and the limit state capacity, respectively, evaluated for the jth element of
the lth mechanism.

In particular, in this work, only a ductile failure mechanism in columns and beams
is considered as a potential failure mechanism (Nmech = 1). Therefore, in this deformation-
based critical DCRLS, the demand D is expressed in terms of maximum chord rotation in
the jth component. Instead, the capacity C in terms of chord rotation is evaluated according
to guidelines reported in the Commentary [42] of NTC 2018. Namely, the chord rotation
for life-safety limit state is defined as 3

4 of that corresponding to near-collapse limit state θu,
evaluated according to Equation C8.7.2.5 of the Commentary (Equation (2)).

θu =

(
θy +

(
φu − φy

)
Lpl

(
1 − 0.5Lpl

Lv

))
(2)

where θy is the yield chord rotation, φu and φy are the ultimate and yield curvature,
respectively, Lpl is the plastic hinge length, and Lv is the shear length.

2.2. Record Selection

The PEER Next Generation Attenuation (NGA)—West 2 Project [43] has been used
to define the main database of 210 ground motions. In addition, two ground motions
representing the 2016 Norcia earthquake, with epicentral distances of 4.6 km and 26.9 km,
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respectively, have been extracted from the Italian Accelerometric Archive [44] and included
in the aforementioned database.

A set of 36 as-recorded ground motions listed in Table 1 has been defined with an
average shear wave velocity to a depth of 30 m (Vs,30) falling between 213 m/s and 724 m/s,
therefore corresponding to the types of mass B’ or C’ (according to Eurocode 8 [45]) which
are mixed into the set. This latter comprehends highly scattered values of magnitude Mw,
ranging from 5 to 7.5, and Joyner-Boore distance included between 0 km and 50 km. The
set includes about 50% of near-fault (19 records), ranging from an epicentral distance of
0–10 km, and 50% of far-field records (17 records), or records with an epicentral distance
greater than 10 km. The selection exhibits a prevalence of three fault mechanisms: normal,
reverse, and strike-slip. Since the frame model used in this study is 2D (see Section 3),
two orthogonal directions of the same seismic event are avoided. Record selection also
comprehends a wide range of IM and distributed values of DCRLS, with at least one-third
of the values greater than 1 [23]. The original set of 36 records was split into two subsets
depending on the epicentral distance as shown in Figures 1 and 2, and these were studied
separately to investigate the different effects of near-fault versus far-field ground motions.
It is well known that the proximity to the fault renders the same ground motions (NF)
different from ordinary (FF) ground motions [46]. The near-fault records selection avoids
including pulse-like ground motions. Impulsive signals have been identified using the
open-source algorithm proposed by Shahi and Baker [47,48]. This can identify pulses at
arbitrary orientations using continuous wavelet transforms of two horizontal orthogonal
components of a ground motion to identify the orientation that may contain a pulse.

Table 1. Details of the two subsets of ground motion data deepened for the study based on the
NGA—West 2 database.

File ID Earthquake Name RSN Year Mech. Mw Rjb [km] Vs ,30 [m/s] DS-595 [s] DS-575 [s]

1 “Oroville-01” 106 1975 Normal 5.89 7.79 680.37 3.4 1.5
2 “Oroville-03” 114 1975 Normal 4.7 7.35 418.97 4.4 1.3

3 “Santa Barbara” 136 1978 Reverse
Oblique 5.92 0 514.99 7.5 4.3

4 “Tabas_Iran” 139 1978 Reverse 7.35 0 471.53 11.3 6.7
5 “Helena_Montana-01” 1 1935 Strike-slip 6 2.07 593.35 2.5 1.2
6 “Dursunbey_Turkey” 144 1979 Normal 5.34 5.57 585.04 2.5 1.4
7 “Coyote Lake” 145 1979 Strike-slip 5.74 5.3 561.43 8.5 2.7
8 “Norcia_Italy” 156 1979 Normal 5.9 1.41 585.04 5.7 2.7
9 “Livermore-02” 222 1980 Strike-slip 5.42 7.94 550.88 4.5 1.1

10 “Anza (Horse
Canyon)-01” 226 1980 Strike-slip 5.19 5.85 617.78 2.4 1.1

11 “Mammoth Lakes-06” 249 1980 Strike-slip 5.94 6.45 373.18 5.1 2.5
12 “Izmir_Turkey” 134 1977 Normal 5.3 0.74 535.24 1.6 0.3
13 “Mammoth Lakes-07” 253 1980 Strike-slip 4.73 3.86 377.41 10.2 3.1
14 Imperial Valley-02 6 1940 Strike-Slip 6.95 6.09 213.44 24.2 17.7
15 Chalfant Valley-04 563 1986 Strike-Slip 5.44 8.88 316.19 17.1 7.7
16 Kalamata, Greece-01 564 1986 Normal 6.2 6.45 382.21 6.1 1.9
17 Kalamata, Greece-02 565 1986 Normal 5.4 4 382.21 4.2 1

18 Loma Prieta 752 1989 Reverse
Oblique 6.93 8.65 288.62 13.2 5.6

19 Central Italy n.a. 2016 Normal 6.5 4.6 498 n.a. n.a.

20 “Kern County” 15 1952 Reverse 7.36 38.42 385.43 30.3 10.7

21 “Lytle Creek” 49 1970 Reverse
Oblique 5.33 42.14 667.13 5.1 2.9

22 “Santa Barbara” 135 1978 Reverse
Oblique 5.92 23.75 465.51 7 3.4

23 “San Fernando” 81 1971 Reverse 6.61 35.54 529.09 13.7 7.1
24 “Northern Calif-07” 101 1975 Strike-slip 5.2 28.73 567.78 5.7 4.3
25 “Oroville-02” 108 1975 Normal 4.79 12.07 377.25 7.1 3.3
26 “Friuli_ Italy-01” 125 1976 Reverse 6.5 14.97 505.23 4.9 2.5
27 “Coyote Lake” 152 1979 Strike-slip 5.74 20.44 362.98 8.2 3.9
28 “Norcia_ Italy” 157 1979 Normal 5.9 13.21 535.24 10.5 5.9

29 “Anza (Horse
Canyon)-01” 225 1980 Strike-slip 5.19 12.24 724.89 2.1 0.7

30 “Victoria_ Mexico” 265 1980 Strike-slip 6.33 13.8 471.53 8.2 4.4
31 “Mammoth Lakes-04” 241 1980 Strike-slip 5.7 12.75 537.16 11.5 3.4
32 “Mammoth Lakes-09” 274 1980 Strike-slip 4.85 10.96 377.41 16 7.7
33 “Almiros_ Greece” 279 1980 Normal 5.2 13.25 412.68 10 4.6
34 “Coalinga-02” 370 1983 Reverse 5.09 24.23 467.03 13.7 8.6
35 “Borah Peak_ ID-02” 442 1983 Normal 5.1 16.31 468.44 5 2.3
36 Central Italy n.a. 2016 Normal 6.5 26.9 n.a. n.a. n.a.
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Figure 1. Elastic response spectra of the (a) near-fault and (b) far-field subset of records. The figures
highlight the two records of the 2016 Norcia Earthquake, Sa is the average response spectra from the
two set, and Sa ± σ is the range of variance according to standard deviation. (c) Normal distribution
of Sa for T = T1.

Figure 2. Mw magnitude–Rjb distance scatter diagrams of the two subsets, Sel. 1 NF and Sel. 7 FF.
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2.3. Performed Nonlinear Analysis
2.3.1. Cloud-Based Analysis

The cloud-based Analysis (CA) is particularly suitable to assess structural fragility
both for the simplicity of its formulation and for the low required computational effort.
Conversely, it is extremely sensitive to the record selections and based on a few simplifying
assumptions, such as fixed standard error of the regression [23,31,32,39,41,49].

CA adopts a linear regression model in the logarithm scale to fit the pairs of demand
to capacity ratio (DCRLS) and IM, where DCRLS are calculated through nonlinear analysis.
The regression-based probability model describes the DCRLS for a given IM level and can
be evaluated by Equations (3) and (4):

E[ln DCRLS|IM] = ln ηDCRLS |IM = ln a + b ln IM (3)

σln βDCRLS |IM
∼= βDCRLS |IM =

√
∑N

i=1

(
ln DCRLS,i − ln ηDCRLS |IMi

)2
/(N − 2) (4)

where E[lnDCRLS|IM] is the expected value for the natural logarithm of DCRLS given IM,
and ηDCRLS|IM and σlnDCRLS|IM are the median and logarithmic standard deviation for
DCRLS given IM, respectively. The constants lna and b are the linear least square regression
coefficients. Finally, the structural fragility obtained based on the CA is (Equation (5)):

P(DCRLS > 1|IM) = P(ln DCRLS > 0|IM) = Φ

(
ln ηDCRLS |IM

βDCRLS |IM

)
(5)

where Φ is the standard Gaussian cumulative distribution function.
In this work, two different methodologies are adopted to find the relationships of

IM versus DCRLS for the structure under investigation. Namely, in one case, time-history
analyses are employed to evaluate the demand Djl (demand of the jth element of lth
mechanism) at each time step. Within this paper, this approach is named dynamic cloud
analysis, or shortly D-CA.

In the other case, the demand Djl is computed by adopting the modal pushover analy-
sis (MPA). This approach is referred to as MPA-CA. The modal pushover analysis [50,51] is
a nonlinear static procedure based on static analysis of the structure subjected to lateral
forces distributed over the building height according to nth modal shape. Chopra and
Goel [51] showed that this procedure is accurate enough for practical application. The
MPA procedure used in this work adopts the capacity spectrum method (CSM), a non-
linear static analysis procedure to assess the seismic vulnerability of buildings originally
proposed by Freeman [52]. The procedure permits finding a correlation between earth-
quake ground motions and building performance [53] (ATC, 1982) comparing a response
spectrum (representing structure demand) and a pushover curve (representing building
capacity) by an iterative procedure. This latter aims to the definition of the performance
point (PP), which represents the state of maximum inelastic displacement of a building for
a given seismic event. To plot the two curves in the same chart, RS and pushover curves
are transformed into an acceleration displacement response spectrum (ADRS). The whole
procedure employed can be summarized in the following steps (see Figure 3):
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Figure 3. Flowchart of MPA-CA and IMPA procedures. Vb,n and ur,n are the base shear and the
top displacement respectively, PP is the performance point and DCRLS is the critical demand to the
capacity ratio for the desired limit state (LS).

1. Determine demand: elastic response spectrum (T, ξ = 5%);
2. Evaluate the capacity via pushover curves in terms of base shear Vb,n versus top dis-

placement ur,n for the MDOF structure subjected to lateral forces profile proportional
to nth mode shape;

3. Determine maximum demand in terms of top displacement via the capacity spectrum
method:
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• Convert the pushover curve of the nth mode shape to a capacity curve in the
ADRS format by (Equations (6)–(9)):

aC,n =
Vb,n

Mtot·αn
(6)

dC,n =
ur,n

Γn·φn,r
(7)

Γn =
φT

n MI
φT

n Mφn
(8)

αn = Γn
φT

n MI
Mtot

(9)

where Mtot is the total mass of the structure, φn is the nth natural vibration mode,
φn,r is the amplitude of the nth natural vibration mode at the roof of the structure,
and Γn and αn are the modal participation factor and modal mass of the nth
mode, respectively;

• Convert 5% damped response spectrum from the standard pseudo-acceleration
Sa versus the period of vibration T format to the ADRS format by (Equation (10)):

SDe(T) = Sa(T)
(

T
2π

)2
(10)

where SD(T) is the displacement spectrum;
• Plot demand and capacity diagrams together in the ADRS space. Determine the

bilinear capacity curve. Iteratively determine the displacement demand for the
nth mode shape. In this step, the dynamic analyses of a sequence of equivalent
linear systems with successively updated values of equivalent viscous damping
are involved;

• Reduce the elastic spectrum by the equivalent viscous damping (Equation (11));

η =

√
10

5 + υeq
(11)

• Determinate the performance point or the maximum expected demand in terms
of top displacement;

4. Convert displacement demand found in step 3 to global top displacement and indi-
vidual component of local deformation (i.e., interstory drift) for the nth mode shape;

5. Evaluate maximum demand to capacity ratio values according to Equation (1). If
two or more modes of vibration are considered, combine the local modal responses
according to the square-root-of-sum-of-squares (SRSS);

6. Estimate parameters of the linear regression model in the logarithm scale to fit the
pairs of demand to capacity ratio (DCRLS) and IM;

7. Draw structural fragility curve according to Equation (5).

2.3.2. Incremental Dynamic Analysis (IDA)

In IDA, a nonlinear structural model is subjected to a set of scaled ground motion
records (accelerogram aλ), each scaled to multiple levels of a monotonic scalable intensity
measure such as Sa, PGA, PGV (herein IM = Sa(T1,ξ = 5%)).“As-recorded” unscaled time
histories are scaled by using a non-negative scale factor (λ) to obtain a scaled accelerogram
aλ, in which amplitudes are scaled without changing the frequency content of signals. The
output of the analysis is represented by a collection of IDA curves, which are a plot of the
recorded DCRLS (DM) against Sa(T1,ξ = 5%) (IM), all parameterized on the same IMs and
DM [19].
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Among all the analytical methods to develop the fragility based on IDA, the following
is one of the simplest proposed [54]:

P(LS|IM = x) = P(DCRLS ≥ 1|IM = x) = P
(

IMDCR=1 ≤ x
)

(12)

In an EDP-based interpretation of the fragility (Equation (12)), the conditional proba-
bility of exceeding a limit state given an IM, herein the spectral acceleration, is equal to the
probability of the demand to capacity ratio of exceeding 1 for a given Sa.

However, it is possible to express the fragility also as the complementary cumulative
distribution function or “IM-based fragility” (Equation (13)). Incremental dynamic analysis
is well suited to be represented by IM-based derivation of fragility. This interpretation
expresses the seismic fragility as the probability of spectral acceleration values—denoted
as Sa

DCR=1 and defined by intercepting all the IDA curves with the DCRLS = 1—to be
smaller than a given value. DCRLS = 1 represents the threshold of a limit state LS and the
intersection provides the empirical distribution of the random variable (IM), to which a
model such as the lognormal appearing in Equation (12) can be fitted.

P
(

IMDCR=1 ≤ x
)
= φ

(
ln x − ln ηSa |DCR=1

βSa |DCR=1

)
(13)

In this Equation (13), φ denotes the standard normal (Gaussian) cumulative distri-
bution (CDF) of two-parameters (median or log of mean η and standard deviation β)
estimated by the second-moment method or “METHOD A” (Equation (14)) proposed by
Porter [54].

ln ηSa |DRC=1
∼= ∑n

i=1 ln SDCR=1
a

n
βSa |DRC=1

∼=

√√√√∑n
i=1

(
ln SDCR=1

a,1 − ln ηSa |DRC=1

)2

n − 1
(14)

2.3.3. Incremental Modal Pushover Analysis (IMPA)

IMPA is a novel nonlinear static procedure proposed by Bergami and others first
for buildings [40,55,56], and later adjusted also for bridges [57–59]. This procedure takes
advantage of the simplicity of static analysis, but at the same time it grants the definition
of the seismic demand for a certain range of intensity levels by scaling down response
spectra. Conceptually, the procedure to find the maximum expected demand for the jth
element of lth mechanism Djl is the same as that describe for MPA-CA in sub-Section 2.3.1,
yet in IMPA procedure response spectra are scaled to multiple levels of a chosen monotonic
scalable intensity measure as Sa, PGA, PGV (herein IM = Sa(T1,ξ = 5%)) (Figure 4). For each
intensity level, the performance point (P.P.) can be determined and the demand measure
Djl combined if two or more modes of vibration are considered, to define a multimodal
DCRLS. The output of the analysis can be represented as a collection of “IMPA” curves,
which are a plot of the recorded DCRLS against IM, wholly similar to IDA curves. The
intersection of IMPA curves and the chosen threshold of the limit state (DCRLS = 1) generates
the empirical distribution of the random variable (IM) for the probabilistic model of the
fragility aforementioned in Section 2.3.1 (Equations (12) and (13)).
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Figure 4. Flowchart schematically shows the main steps to develop seismic fragility curves for
nonlinear static and dynamic procedures.

3. Numerical Application

3.1. Frame Description

The transverse frame modelled and analysed in this study comes from an actual school
building in Norcia (Italy, 42.7941◦ North latitude, 13.0963◦ East longitude). The building,
which originally consisted of three aligned blocks, was later joined into a single complex
during the various refurbishment works. The building consists of a reinforced concrete
(RC) frame structure with a footprint of 12.80 × 59.80 m and a maximum height (from
the foundations), corresponding to the roof beams, of about 16 m. The building consists
of a one-floor basement, a ground floor, three storeys and an attic above ground. The
inter-story height is 3.50 m for the basement floor and ground floor, 3.30 m for the other
three floors, and 2.5 m for the attic (Figure 5). Built in 1962, the school has survived a
variety of seismic events before the 6.5 magnitude central Italy earthquake that caused
severe damage to structural and especially non-structural parts in 2016. In accordance with
the construction methods of the time of construction, the structure was designed using
2D models schematizing the reinforced concrete frames in the transverse direction of the
building. Although the legislation of the time did not explicitly require it, the designer also
took into account the seismic action by applying an acceleration of 0.07 g.

Figure 5. Cont.
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Figure 5. (a) Plan; (b) transverse section; (c) elevation; (d) modelled frame. The structural joint
originally designed for thermal deformations are highlighted by orange hidden lines.

The frame under study belongs to one of the two lateral blocks (Figure 5) and is a
two-bay (5.65 m and 5.56 m span) regular cross frame. It is considered to be fixed at the
base, and basement and soil-structure interaction has not been considered.

The geometry of the frame, the column and beam geometry, and the reinforcement
details are shown in Figures 5 and 6. The permanent structural load (G1) and permanent
non-structural load (G2) are calculated as G1 + G2 = 5.1 kN/m2 (from ground floor to
2nd floor), G1 + G2 = 4.1 kN/m2 (3rd floor), G1 + G2 = 4.22 kN/m2 (roof beams), the live
load is taken as Q1 = 3 kN/m2 (from ground floor to 2nd floor), Q1 = 1 kN/m2 (3rd floor),
Q2 = 1.8 kN/m2 (roof beams) and taken as concentrated gravity on the columns at the edge
of each floor. Each floor was assigned a seismic mass equal to 1/6 of the total mass of one
of the three original blocks of the building.

Figure 6. Columns (C) and beams (B) cross-sections and longitudinal reinforcement details.

Fundamental and second periods of the frame have been evaluated as T1 = 0.62 s and
T2 = 0.21 s, respectively.

3.2. FE Model Description

The nonlinear FE model of the analysed frame was developed in the OpenSEES
platform [60]. To account for the nonlinearity, “Beam With Hinges Element”, already
available in the OpenSEES library, was used to model columns and beams. This element
adopts a lumped plasticity formulation with plastic hinges at the end of the element
connected by an elastic link. This means that all nonlinearities are concentrated at the
ends of the elements and can be only propagated along the length Lp of the plastic hinge,
unlike the distributed plasticity formulation where they may spread along the whole
element. Therefore, the length of the plastic hinge Lp plays an important role in avoiding
the concentration of strain at the element ends. In this work, in good agreement with
the Lp evaluated by the equation proposed by Priestley and Park [61], it is assumed to
be equal to the cross-section height. The two-point Gauss integration was used on the
element interior, while two-point Gauss-Radau integration was applied over lengths of
4Lp at the element ends. A total of six integration points were used [62,63]. To account
for non-linearity, a four-point moment-curvature relationship was assigned to the element
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ends. The four-point law accounting for crack, yield, ultimate failure and collapse state
(80% of ultimate failure) was evaluated through the software Response2000 [64], which can
simulate nonlinear sectional behaviour by assuming a suitable law for the material. Due to
the dependence of the sectional response on the applied axial load, it is assumed to be zero
for beams, while it is estimated for the column considering their area of influence. Shear
failure was not considered in the model. The Newton line search method was considered
as the solution algorithm for the time-history analyses, which increased the effectiveness of
the Newton–Raphson algorithm by introducing line search to solve the nonlinear residual
equation. The tolerance and maximum number of iterations used were OpenSees default
values [62]. Newmark integrator has been used and the convergence test was the normal
displacement increment. The tolerance of the test is equal to 10−7 and the number of
maximum iterations is 50. Rayleigh damping is adopted to account for energy dissipation.

In IDA, the scale factor λ was chosen to scale the spectral acceleration at the funda-
mental period Sa(T1,ξ = 5%), which was scaled to IM = aλ ∈[0.1 g, 0.8 g] with Δaλ = 0.1 g.
Similarly, in IMPA, the response spectra were scaled multiple times to obtain scaled spectral
acceleration at the fundamental period Sa(T1,ξ = 5%) equal to IM= Saλ ∈[0.1 g, 0.8 g] with
ΔSaλ = 0.1 g. The mass damping coefficient and the stiffness damping coefficient of the
Rayleigh damping are evaluated by considering the first and the second natural frequency
of the case study. The percentage of critical damping is equal to 5%.

4. Results

4.1. Nonlinear Static Analysis Results

The pushover analysis has been performed in displacement control to reach a tar-
get displacement of 350 mm. The number of steps to reach the target displacement is
350 calculation steps with an increment of 1 mm each step. Figure 7 shows the capacity
curves obtained applying two load distributions proportional to the first and second modal
shapes, respectively. The capacity curve for the first load distribution reaches a maximum
base shear of 492 kN corresponding to a top displacement of about 220 mm. The sequence
of the plastic hinges activation with the relative calculation step is shown in Figure 8. A
plastic hinge is activated when the reinforcement of the section reaches and exceeds the
yield point: the first plastic hinges activated in the columns rather than in the beams,
particularly in the upper stories which, according to Eurocode 8, have weak column–strong
beam connections.

Figure 7. (a) First and second modal shapes and (b) capacity curves of the frame.
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(a) (b) 

Figure 8. (a) Plastic hinges and (b) interstory drift at different steps of the pushover analysis.

Finally, Figure 8 shows the interstory drift at different steps of the analysis, with an
interval of 50 steps. It shows a large concentration of interstory drift in the second and
third stories, while the fourth one is moving almost rigidly.

4.2. Nonlinear Dynamic Analysis Results

A total number of six subsets of near-fault records and six subsets of far-field records
were examined. The subsets were randomly generated from the main set of 210 records
to comply with the general rules for record selection explained in Section 2.2. The mean
and standard deviation of the normal distributions for magnitude, epicentral distance and
spectral acceleration of each record selection were given in Table 2.

Table 2. Mean and standard deviation of each record selection magnitude, epicentral distance and
spectral acceleration normal distributions.

Sel. 1

NF

Sel. 2

NF

Sel. 3

NF

Sel. 4

NF

Sel. 5

NF

Sel. 6

NF

Sel. 7

FF

Sel. 8

FF

Sel. 9

FF

Sel. 10

FF

Sel. 11

FF

Sel. 12

FF

μRjb 4.84 4.31 4.73 4.63 4.56 4.28 20.80 19.55 19.32 20.89 19.66 18.84
σRjb 2.95 3.04 3.19 3.08 2.97 3.04 10.09 8.97 6.68 9.84 9.19 6.44

μMw 5.83 5.88 6.03 5.86 5.92 5.85 5.73 5.80 5.64 5.72 5.54 5.72
σMw 0.72 0.77 0.71 0.82 0.82 0.82 0.75 0.73 0.59 0.60 0.56 0.60

μSa 0.41 0.44 0.45 0.45 0.49 0.46 0.18 0.23 0.22 0.19 0.19 0.21
σSa 0.39 0.40 0.37 0.44 0.40 0.42 0.26 0.26 0.29 0.27 0.27 0.27

As expected, the results show that IDA and IMPA are less dependent on record
selection, with the mean values of fragility curves ranging from 0.463 g to 0.525 g and from
0.387 to 0.432, respectively. In contrast, D-CA and MPA-CA show greater dependence
on record selection, with mean values between 0.479 g and 0.724 g and between 0.321 g
and 0.621 g, respectively (Figure 9). It can be pointed out that IMPA provides the most
conservative results for all the datasets studied, as shown in Table 3. Moreover, this
methodology seems to be the more accurate with respect to IDA in estimating vulnerability
for the far-field record selections.
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Figure 9. Histogram of mean values of fragility curves for different methodology and selection of
records.

Table 3. Percentage variation of the 16th percentile, mean and 84th percentile of fragility curves for
different methods with respect to IDA.

Methodology IDA IMPA1 D-CA MPA1-CA IDA IMPA1 D-CA MPA1-CA IDA IMPA1 D-CA MPA1-CA IDA IMPA1

Fractile 0.16 0.16 0.16 0.16 0.5 0.5 0.5 0.5 0.84 0.84 0.84 0.84 β β

[g] % % % [g] % % % [g] % % %

Sel. 1 NF 0.388 −20% 1% −34% 0.487 −15% 8% −29% 0.602 15% 44% −5% 0.23 0.29
Sel. 2 NF 0.353 −13% 3% −33% 0.464 −7% 12% −25% 0.609 32% 62% 8% 0.27 0.35
Sel. 3 NF 0.396 −21% 7% −38% 0.500 −16% 8% −29% 0.632 12% 38% 1% 0.24 0.29
Sel. 4 NF 0.354 −15% 5% −46% 0.466 −12% 8% −32% 0.615 20% 45% 15% 0.28 0.31
Sel. 5 NF 0.399 −30% −11% −42% 0.506 −21% −5% −31% 0.641 14% 28% 3% 0.24 0.37
Sel. 6 NF 0.382 −19% −4% −40% 0.482 −14% 1% −32% 0.608 15% 34% −4% 0.23 0.29
Sel. 7 FF 0.401 −27% 43% 8% 0.481 −18% 50% 21% 0.577 12% 90% 63% 0.18 0.30
Sel. 8 FF 0.376 −26% 32% −28% 0.488 −19% 35% −9% 0.634 14% 78% 50% 0.26 0.35
Sel. 9 FF 0.398 −23% 44% 3% 0.501 −17% 37% 14% 0.631 13% 64% 58% 0.23 0.31
Sel. 10 FF 0.402 −30% 46% −2% 0.515 −21% 37% 21% 0.659 16% 65% 91% 0.25 0.38
Sel. 11 FF 0.429 −26% 34% −3% 0.525 −19% 31% 12% 0.643 7% 57% 58% 0.20 0.29
Sel. 12 FF 0.387 −22% 47% −1% 0.485 −17% 38% 8% 0.607 11% 62% 49% 0.23 0.29

μ [g] 0.39 0.30 0.47 0.31 0.49 0.41 0.60 0.45 0.62 0.56 0.76 0.65
σ 0.02 0.01 0.10 0.09 0.02 0.01 0.10 0.12 0.02 0.02 0.09 0.17

CoV 0.05 0.05 0.21 0.29 0.04 0.03 0.16 0.27 0.03 0.04 0.12 0.27

The two subsets of records studied in-depth (Sel. 1 NF and Sel. 7 FF (Table 1)) comprise
two different records of the real seismic event to which the case study was exposed in 2016,
the 6.5 magnitude Central Italy earthquake, which, as mentioned, caused severe damage to
structural and especially non-structural component of the school. Figures 10 and 11 shows
IDA curves and IMPA curves: the curves of IDA referring to the Norcia 2016 earthquake
exceed the threshold of DCRLS for the intensities of Sa equal to 0.5 g and 0.57 g for NF and
FF selection, respectively. The results of D-CA show that, as expected, the DCRLS threshold
for the SLV limit state is exceeded for both the near-fault record and far-field record, with
DCRLS values of 2.57 and 1.01, respectively (Figure 12). Similarly, even higher DCRLS are
obtained from the cloud analysis based on nonlinear static analysis (Figure 13).

Figure 10. IDA: (a) comparison among IDA curves for near-fault record selection and (b) far-field
record selection; (c) comparison between the two fragility curves obtained.
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Figure 11. IMPA: (a) comparison among IMPA curves for near-fault record selection and (b) far-field
record selection; (c) comparison between the two fragility curves obtained considering only the first
mode; (d) comparison among IMPA curves for near-fault record selection and (e) far-field record
selection; (f) comparison between the two fragility curves obtained considering the first mode and
second mode.

Figure 12. D-CA: (a) comparison among dynamic analysis cloud data regressions for near-fault
record selection and (b) far-field record selection; (c) comparison between the two fragility curves
obtained.

To check the consistency of modal and multimodal IMPA and pushover-based cloud,
the developed fragility curves (Figure 14) are compared with those of IDA. The accuracy
of the prediction of the different fragility models with respect to IDA is quantified by
normalized root-mean-square deviation (RMSD). It is evaluated according to the following
Equation (15), assuming that the values derived by Equation (12) (IDA) are the reference
ones:

RMSD(%) = ∑n
i=1

√
(ŷi − yi)

2

ŷi
2 (15)

where n is the number of points, and yi. and ŷi are the predicted and reference probability
of exceeding the considered limit state (LS), respectively.
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Figure 13. MPA-CA: (a) comparison among modal pushover analysis cloud data regressions for
near-fault record selection and (b) far-field record selection; (c) comparison between the two fragility
curves obtained considering only the first mode; (d) comparison among modal pushover analysis
cloud data regressions for near-fault record selection and (e) far-field record selection, (f) comparison
between the two fragility curves obtained considering the first and the second mode.

Figure 14. Comparison among fragility curves for all aforementioned methods: (a) comparison
among fragility curves for near-fault (NF) selection (b) far-field (FF) selection, and (c) total.

The following Table 4 shows the comparison in terms of the percentage variation of the
median, 16% and 84% fractiles of the fragility curves with respect to IDA and the absolute
values of the standard deviation of each method. Regarding the selection of NF records, the
cloud method appears solid in estimating the 50%, 16% and 84% fractiles compared to IDA
with the smallest normalized root-mean-square deviation of 8%. However, when it comes
to far-field records, IMPA appears to be the most accurate methodology for estimating
fragility. The inclusion of two or more vibration modes in the assessment of the maximum
multimodal DCRLS does not seem to be essential, as it leads to very conservative results.
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Table 4. Percentage values represent the percentage change with respect to the values observed for
IDA.

Methodology

Near-Fault Record (Sel. 1) Far-Field Record (Sel. 7)

η16%

[g]
η50%

[g]
η84%

[g]
β RMSD η16%

[g]
η50%

[g]
η84%

[g]
β RMSD

IDA 0.388 0.487 0.612 0.22 - 0.481 0.401 0.577 0.18 -
D-CA 1% 8% 15% 0.26 8% 43% 50% 58% 0.21 41%

MPA1-CA −34% −29% −24% 0.33 11% 8% 21% 36% 0.24 20%
MPA2-CA −50% −46% −42% 0.33 15% −24% −15% −5% 0.24 5%

IMPA1 −20% −15% −9% 0.28 6% −27% −18% −7% 0.30 6%

IMPA2 −39% −35% −32% 0.27 13% −42% −37% −30% 0.28 12%

5. Conclusions

This paper compares fragility curves obtained by various known static and dynamic
nonlinear procedures. Incremental modal pushover analysis (IMPA) is proposed as an
alternative to IDA, which is currently considered the most reliable method, to determinate
IMPA curves and thus seismic fragility. Similarly, both MPA and NL-THA are used to
determine capacity in the well-known cloud method. For this study, it was necessary to
perform a relatively small number of nonlinear time histories using two different data
sets. These differ in the range of Joyner-Boore distance (Rjb) and are scattered in a range of
magnitude.

The following conclusions can be drawn from this study that is limited to a simplified
2D frame model and a small set of records:

• Comparison of fragility curves shows that, in the case of methodologies distinguished
by scaling (in terms of accelerograms (IDA) or response spectra (IMPA)), near-fault
records and far-field record selections have led to nearly equivalent results. In contrast,
the results in terms of fragility when using records without scaling, i.e., in D-CA and
MPA-CA, show clear differences in the whole range of intensities;

• Fragility curves that only consider the contribution of the first mode in determining
DCRLS have led to more accurate results in relation to IDA, so the inclusion of higher
mode contributions does not seem to be essential for low to medium buildings (up to
nine stories [20]);

• A total number of 12 subsets have been extracted from the main 210 set of records and
exanimated, but results are not fully reported in this paper. The results have shown
that D-CA leads to a smaller vulnerability than MPA-CA and IMPA in all selection
and for the whole range of intensities. Methodologies based on the pushover analysis,
on the contrary, have led to more conservative results, especially for 16% and 50%
fractiles;

• IDA shows less sensitivity to record-to-record variability. It should be noted, however,
that IMPA, despite its slightly greater sensitivity, has the advantage of a large reduction
in the computational effort required to perform the structural analysis. In IMPA, the
total time required relates mostly to the post-processing phase, which is no different
for small 2D frames or more complex 3D buildings.

A more comprehensive validation is needed to confirm the obtained results and draw
more general conclusions.
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Abstract: On 16 April 2016, an earthquake of Mw 7.8 shook the coast of Ecuador, causing the
destruction of buildings and a significant number of casualties. Following a visit by the authors to the
city of Portoviejo during the debris removal and recovery stage, it was noted that several reinforced
concrete buildings located on corners had collapsed in the central part of the city. These buildings
were characterized by the presence of masonry at the edges of the buildings but not between the
two mostly open-plan facades on the corner for practical reasons. This article reviews the effect of
masonry infill panels on the seismic response of reinforced concrete structures. For this, a model that
contains the geometric and mechanical characteristics typical of collapsed buildings was generated
and subjected to nonlinear analysis, with both static and dynamic increments. The results show the
clear influence of the masonry infill panels on the structural response through the torsional behavior
that is reflected in the evolution of the floor rotations. Finally, dynamic incremental analysis is used
to obtain the collapse fragility curve of the building, and a new damage measure based on floor
rotations is proposed.

Keywords: masonry infill panels; torsional behavior; incremental dynamic analysis; collapse fragility
curve; damage measure

1. Introduction

At present, design standards prescribe few or no recommendations aimed at con-
sidering the contribution of masonry to the response of a structure. This is especially
important in regard to structures that are located in areas of high seismic hazard. On the
other hand, in Latin America and in other regions of the world with developing countries,
reinforced concrete buildings are frequently built with informal construction practices
given the low technological level required [1–3]. Such buildings have a low ductility, which
makes them vulnerable to damage [4]. The difference between masonry infilled frames and
confined masonry lies in the construction methodology, resulting in completely different
load transfer mechanisms [5].

Recent reports, produced after the inspection of areas affected by strong earthquakes,
have concluded that informally constructed reinforced concrete buildings responded with
a low level of damage or did not collapse due to the contribution of the masonry [6].
Notably, it has been determined that the contribution of masonry is beneficial when the
construction process is carried out with confined masonry structural systems, which present
an acceptable performance even for modified Mercalli intensities between VIII and IX [7].

Appl. Sci. 2021, 11, 8691. https://doi.org/10.3390/app11188691 https://www.mdpi.com/journal/applsci275
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This acceptable performance contrasts with the precarious performance of other informal
construction typologies that include unreinforced masonry or adobe buildings, which have
presented much more severe damage or even collapse [8].

Following the Wenchuan earthquake [9], various problems associated with the damage
and even collapse of confined masonry buildings were detected, including floor diaphragm
failure, excessive floor deformation failure, and local failure by debonding in beams and
columns as a result of cyclical loads. The authors of this work have previously highlighted
the adequate behavior of buildings designed in accordance with modern codes, without
achieving a notable improvement in the global ductility. Similarly, based on observations of
buildings damaged during the Jaya (Indonesia) earthquake, the following types of failures
in confined masonry buildings were identified: loss of anchor, failure due to in-plane shear,
failure due to out-of-plane action, and differential settlement [10].

In another post-earthquake building survey campaign, this time in Sumatra, the team
identified the causes of failure of confined masonry structures to be shear column failure,
longitudinal reinforcement buckling, and premature masonry collapse [11]. Likewise,
the earthquake that affected Ludian Province in 2014 [12] provided an opportunity for
the authors to corroborate that the confined masonry buildings designed, according to
current standards demonstrated adequate performance, especially those with a uniform
distribution of masonry.

However, the beneficial effect of masonry on the seismic response of a reinforced
concrete structure can produce a detrimental effect if the contribution of its stiffness and
resistance is not taken into consideration [6]. In the event that the distribution of the
masonry in the structure does not follow the uniformity and symmetry criteria in both plan
and elevation, it can produce an irregular structure, whose dynamic response is completely
different from the dynamic response of the concrete structures analyzed alone, causing
torsional effects that mainly affect the columns of the outer frames [13]. Additionally, an
inadequate distribution of masonry can produce harmful effects, such as changes in the
dissipated energy and the generation of local failure mechanisms, such as the effects of a
short column [6].

This detrimental effect of masonry can be described by taking the Ecuador earthquake
of 16 April 2016, as an example [14]. In the city of Portoviejo, several buildings collapsed,
among which it was possible to identify buildings with reinforced concrete frames in
which the presence of masonry presumably caused an irregularity in the plan, producing
a predominant torsional seismic response, and consequently the collapse of buildings
located on corners. In previous work [15], some of these corner buildings were observed
to have undergone extensive damage or even collapse. Among the possible causes of
extensive damage and collapse, the authors point out that the level of acceleration far
exceeded the acceleration of normative design, the excessive flexibility of the structures,
the construction of vertical extensions, the existence of ground floors with open plans
(commercial space) and the effect of siege in some locations in the city. Notably, the
capacity of buildings subjected to corrosive environments rapidly degrades [15], a situation
that may have affected damaged buildings but is not addressed in this research. Figure 1
shows two buildings located on Chile Street in Portoviejo that are currently damaged; note
the predominant structural typology based on columns and slabs with flat beams and
open facades. Figure 2 shows pre-earthquake and post-earthquake images of the Marinero
building, which is also located on Chile Street in Portoviejo and had to be demolished
because it collapsed under the effect of torsion.

This article studies the influence of masonry on the response of a model that at-
tempts to reproduce the typology and the mechanical and geometric characteristics of
the corner buildings of Portoviejo, obtaining the nonlinear response through incremental
push (pushover) analysis and incremental dynamic analysis (IDA), with some records
corresponding to the Ecuador earthquake of 16 April 2016.
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(a) (b) 

Figure 1. Current status of damaged buildings located on the corners of Chile Street, Portoviejo (a) building in use and (b)
building closed.

  

(a) (b) 

Figure 2. Marinero building located on Chile Street in Portoviejo, (a) before the earthquake and (b) after the earthquake.

2. Numerical Model for Confined Masonry Buildings

It is well documented that today, fewer tools are available for the analysis of confined
masonry structures than there are for the analysis of reinforced concrete or steel structures.
In the formulation of calculation programs for confined masonry structures, a compromise
between the precision and the complexity of the model is necessary [16].

The use of macroscale finite element models (macro-models) is common in the nu-
merical study of structures based on confined masonry [1,5,17–20]. The authors developed
a macro-model for simple masonry and confined masonry based on smeared-crack total
strain, validated with experimental results [21]. In the study of [22], the dependence of the
seismic behavior of the macro-models on the following parameters was described in detail:

• The strength of the masonry;
• The density of the masonry walls;
• The level of axial compression of the masonry walls;
• The characteristics of the confining elements.

It was detected in this work that the computational models reviewed to date could
not be considered appropriate to carry out the conventional evaluation of the capacity of
this type of structure, especially due to their numerical instability [22]. In [23], the aspects
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that influence the seismic response of masonry structures were studied and determined
using pushover analysis, especially for cases that can be classified as exhibiting soft-floor
behavior:

• Critical floor drift;
• The total number of floors in the building;
• The configuration of the applied lateral loads.

Among the models used for the analysis of masonry walls, whether simple, reinforced,
or confined, the work of [19] incorporated the size of the masonry units (bricks) as a variable.
The joint model was obtained by considering a connection with two nonlinear springs,
one longitudinal and the other transverse, connected in parallel, and a contact element
connected in series with the other springs. The study of [18] considered a constitutive
model at the cohesion interface to simulate the behavior of cracks both in the concrete
and in the masonry units and mortar joints, adopting an elastic-plastic model. During
the numerical analysis of the cyclical response of masonry buildings, the influence of
the following parameters has been determined: meshing, dilation angle, and boundary
conditions [1].

The consideration of window and door openings in masonry walls introduces a
number of additional modeling complications [5]. These openings have not been considered
in this work. The presence of masonry has been included along only the perimeters of the
studied building.

Most of the models used to numerically simulate the cyclical response of confined
masonry buildings have been validated using laboratory tests in which the specimens were
subjected to gravity loads and lateral loads in the masonry plane [1,24–26].

Inelastic Infill Panel Element

Among the finite element macro-models used to model inelastic infill masonry panels
within frame structures, the one presented in the original work [27] and implemented by
other authors [28], consisting of a four-node element, is highlighted here. In this macro-
model, the structural elements of the frames act in association with the masonry infill
panels, trying to reproduce what happens with these structural typologies when they
are subjected to lateral displacements. In this macro-model, each masonry infill panel
is represented by six struts that allows the interaction that occurs between the cracked
masonry infill panels and the structural elements (beams and columns) that confine them
to be captured (see Figure 3a). Each diagonal direction is represented by two parallel struts
that receive the axial forces along the entire length of these diagonals, and a third diagonal
that supports the shear that is transmitted from the top to the bottom of the masonry panel.
This last strut acts in only the direction of the strut that works in compression, depending
on the activation of the deformations reached in the panel (Figure 3c). The compression
struts use a hysteretic strut model, and the shear strut uses a bilinear hysteretic model.

For the parallel struts, four internal nodes that allow the points of contact between
the panel and the frame elements were set (Figure 3b), considering the dimensions of the
cross-section of the columns and the beams that confine the panel. In addition, four dummy
nodes were used to take into consideration the contact length between the panel and the
structural frame. All the internal forces were transferred to the four outer nodes, which
are defined as the common nodes where the beams and columns of the frame meet. By
defining the internal nodes and the dummy nodes, the area of the compression or tension
strut shown in Figure 3b was obtained. This area represents the cracking condition of
the masonry infill panels, which reduces the contact between the panels and the frame
elements that confine them.

The thickness of the masonry infill panels is defined from the width of the masonry
units arranged in the analyzed structure, ignoring the contribution of the mortar used to
bond the units. Finally, in this model, it is important to define the interstory drift that
indicates the failure of the panel under the action of out-of-plane forces. This leads to the
panels of the model being deactivated when this interstory drift is reached, so that the
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panels are unable to provide stiffness and resistance to the structure anymore, although the
masonry continues to add weight to the structure.

a) Masonry infill panel element

b)  Compression-tension struts c)  Shear strut4
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Figure 3. Confined masonry model (a) masonry infill panel and frame scheme, (b) compression-tension struts and (c) shear
strut. Adapted from [27,28].

3. Damage in Structures with Masonry Infill Panels

It is important to characterize the failure of masonry infill panels. To do so, the
results of post-earthquake surveys were consulted, where it was determined that global
plasticization in confined masonry buildings occurs with drifts of approximately 0.5%
and 0.9% [9]. In a numerical study [4], the authors reported the following drifts for
confined masonry buildings: for formal buildings, drifts of 0.4% and 0.8% correspond to
the maximum response and collapse, respectively, while for informal buildings, these drifts
are 0.25% and 0.5%, respectively. On the other hand, the sudden loss of stiffness that affects
the overall stiffness of buildings is achieved at very low floor drifts. The authors [15] have
indicated that for a drift of 0.1%, 50% of the stiffness of the walls is lost, while for a drift of
0.5%, up to 84% of the stiffness of the walls is lost.

The type of failure of confined masonry buildings designed according to industry
standards shows adequate resistance to strong seismic actions, as was demonstrated in [16],
in which a value of up to 0.8 g was reached in shaking table tests, producing global collapse
through the weak ground floor mechanism. In terms of damage to confined masonry
buildings, two main types must be distinguished: out-of-plane stress failures and in-plane
stress failures. For this last type of failure, numerous researchers have proposed certain
displacements or drifts associated with certain behavioral states [6].

On the other hand, in [29], it was proposed that for interstory drifts between 0.4% and
1.5%, the masonry is expected to fail, while in [30], it was considered that cracking occurs
in masonry walls at lower drifts of approximately 0.25%. An extreme state of damage
in masonry walls has been reported in [5], indicating that the experimental results show
that the bricks undergo crushing when an interstory drift of 1.4% occurs. This value is
very close to that indicated in [6], where a value of 1.5% is set for the limit at which the
masonry collapses. The improvement in the behavior of masonry walls can be achieved

279



Appl. Sci. 2021, 11, 8691

by increasing the presence of confining elements (especially columns) and placing steel
meshes in the seat of the masonry walls [15]. Finally, in [9], the maximum lateral resistance
of confined masonry structures subjected to the action of earthquakes was reached at values
between 0.5% and 0.9%.

The following section provides a concise and precise description of the numerical
results, their interpretation, and the conclusions that were drawn.

4. Case Study

The case study focuses on an archetype of buildings that suffer extensive damage
during earthquakes due to being located on corners. The fragility of these buildings was
due to not only the aspects indicated above but also the inadequate interaction of the
masonry infill panels with a very fragile structure, which caused torsion that ultimately
resulted in the collapse of the buildings. According to [17], the irregular distribution of
masonry infill panels in reinforced concrete buildings contributes to their collapse during
earthquakes; however, the irregular distribution studied did not induce torsion. In the
generated model, the irregular distribution of the masonry panels that existed in the
collapsed corner buildings of Portoviejo is reproduced. This masonry panels were on the
sides that adjoined neighboring buildings, while the other sides presented openings in the
case of windows of the residential floors and accesses in the case of the commercial first floor.
Clearly, the regular distribution of the masonry panels can generate a completely different
dynamic response; however, the study focuses on the response of the representative model
of the collapse, suggesting that the response of buildings with a regular distribution of
masonry panels should be studied in the future.

Description of the Corner Building

The frames of the structure are made up of reinforced concrete beams and columns.
The slabs are ribbed in two directions with a thickness of 0.20 m and are filled with blocks
of clay. The beams have inverted sections with dimensions of 0.50 × 0.20 m, and six longi-
tudinal reinforcement bars 10 mm in diameter, and stirrups 6 mm in diameter separated
every 0.15 m. According to these dimensions, the beams are embedded within the slabs.
The columns have cross-sections with dimensions of 0.35 × 0.35 m, with six longitudinal
reinforcement bars 16 mm in diameter and stirrups 8 mm in diameter separated every
0.20 m. Both the dimensions of the sections and the reinforcement considered for the
elements correspond to conditions similar to those existing in the collapsed buildings in
Portoviejo before the earthquake. Figure 4 shows the floor plan of the studied building,
with four structural axes in each direction equally spaced every 3.5 m. The masonry infill
panels are included toward the north and east ends of the plan. Figure 5 shows elevation
views of the building’s frames, where the height of the first floor is dedicated to commerce
(3.5 m), while the rest of the floors have heights of 2.8 m since they are residences. The
resulting model has similar geometric and mechanical characteristics in both the X and Y
directions.

The characteristics of the materials used in the numerical model are summarized in
Table 1. The resistance values of the concrete and steel used in the model are typical of
the structures present in Portoviejo when the earthquake occurred. The behavior curve of
Mander et al. is used for the model concrete [31], and the Menegotto and Pinto curve is
used for the steel [32], which are available in the SeismoStruct program [33]. The resistance
of the masonry units is estimated by taking into account that they are of the ceramic type
and manufactured with low-quality control [4,17].

Traditionally, the analysis of this type of building is carried out neglecting the stiffness
provided by the masonry, only considering its weight, or its mass in the dynamic analysis.
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Figure 4. Typical plan of the studied building.

Figure 5. Elevation views: (a) west and (b) east.

Table 1. Strengths of the model materials.

Strength Value

Concrete 20.6 (MPa)
Reinforcement 412 (MPa)
Masonry unit 14 (MPa)

To perform the nonlinear analysis, the characteristics of the macro-model struts are
defined, and the compression strut parameters are summarized in Table 2. Of these param-
eters, the most relevant is the compressive strength, which corresponds to the strength of
the masonry infill panel as a whole, not just the masonry units. This parameter shows high
variability among the relevant studies consulted [1,2,4,9,15–19,21] and is determined based
on the shear strength calculated under diagonal compression. The initial Young’s modulus
also exhibits high variability and has been determined to be 1000 times the value of the
compressive strength, as recommended in previous works [34,35].
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Table 2. Parameters of the compression strut implemented in the masonry model.

Curve Parameters Assumed Value

Initial Young’s modulus 3500 (MPa)
Compressive strength 3.5 (MPa)

Tensile strength 0.0 (MPa)
Strain at maximum stress 0.0012 (m/m)

Ultimate strain 0.024 (m/m)
Closing strain 0.004 (m/m)

Strut area reduction strain 0.0006 (m/m)
Residual strut area strain 0.001 (m/m)

The parameters of the shear strut are summarized in Table 3. The shear bond strength
also tends to vary. Among those reported by different authors, a value of 0.3 MPa is
selected for this work, which is the minimum reported in [36] and is within the range
of values from 0.1 to 1.5 MPa suggested in [37]. The maximum shear strength depends
on the masonry shear failure mode (shear friction failure, diagonal tensile failure, and
compressive failure). It is estimated by adding an additional resistance to the already
defined shear bond strength, reaching a value of 0.5 MPa.

Table 3. Parameters of the shear strut implemented in the masonry model.

Curve Parameters Assumed Value

Shear bond strength 0.3 (MPa)
Friction coefficient 0.7

Maximum shear strength 0.5 (MPa)
Reduction shear factor 1.5

The model of the building studied is shown in Figure 6. In this figure, the masonry
infill panels are located on the sides of the building that face other buildings, while the
sides without masonry infill panels correspond to open facades due to the presence of
windows (residential levels) and doors (commercial first level).

Figure 6. Perspective view of the model.
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To obtain an approximation of the dynamic behavior of the model with masonry infill
panels, modal analysis of the structure was performed, obtaining the values of the periods
and the percentages of the participating masses of the first nine vibration modes, which
are presented in Table 4. The second vibration mode corresponds to a translational mass
with equal participatory masses in both directions, which gives rise to a similar behavior
of the structure in both the X and Y directions due to the correspondence in the geometry
in these directions. In turn, this allows the characterization of the seismic response by
performing one-way analysis. The deformed shapes of the first three modes are shown in
Figure 7. These first three modes of vibration concentrate the largest participatory mass in
each direction of analysis.

Table 4. Dynamic parameters with masonry infill panels included in the model.

Mode Period (s) Ux Uy Rz

1 0.458 26.79% 26.79% 29.20%
2 0.458 42.16% 42.16% 0.00%
3 0.402 15.01% 15.01% 54.93%
4 0.132 3.48% 3.48% 3.79%
5 0.118 4.60% 4.60% 0.00%
6 0.065 1.41% 1.41% 5.40%
7 0.065 1.10% 1.10% 1.20%
8 0.059 1.30% 1.30% 0.00%
9 0.039 0.33% 0.33% 0.00%

Figure 7. Perspective, plan, and front views of the deformed shapes corresponding to the (a) first
mode, (b) second mode, and (c) third mode.

5. Determination of the Seismic Response of the Case Studied

With the structural model, two types of analyses are carried out in a nonlinear range
that is the most appropriate to determine the seismic response of buildings [37]. The first is
the analysis with incremental thrust, both conventional and adaptive, while the second is
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the IDA, using records of the seismic event that occurred on the Ecuadorian coast and that
caused the failure of the buildings located in Portoviejo. The details of these analyses are
provided below.

5.1. Nonlinear Static Analysis

Nonlinear static analysis (pushover) has been applied to the model considering the
distribution of lateral loads corresponding to the distribution of the first mode of vibra-
tion [38], although it is evident that the structural axis with masonry infill panels (axis D)
has a stiffness greater than that of a structural axis without masonry infill panels (axes A,
B, and C) (Figure 4). In this way, the effect of the irregularity in the stiffness distribution
on the torsional behavior of the structure can be captured. The nonlinear static analysis is
carried out in both the conventional and adaptive modes, since the validity of the first type
of analysis is limited by the irregular nature of the structure, conferred by the presence of
unevenly distributed masonry infill panels. The advantage of adaptive nonlinear static
analysis is that it allows the variations in the lateral stiffness of the model to be captured
when it undergoes alterations in its elements. The capacity curves of the conventional
nonlinear static analysis are shown in Figure 8, in which the curves corresponding to the X
direction of analysis change in both the positive and negative directions (see Figure 8a,b,
respectively). The capacity curves show the evolution of the normalized basal shear with
respect to the seismic weight vs. the normalized ceiling displacement with respect to the
total height of the building (global drift). Additionally, note that the nonlinear analysis is
carried out in only the X direction since the Y direction is similar in both the geometric and
mechanical characteristics adopted. These curves show how the failure of the masonry
infill panels affects the overall response of the structure (for a global drift close to 0.8%);
however, this failure is not well defined in the curves obtained from the conventional
analysis.

Figure 8. Resulting capacity and idealized curves obtained from conventional pushover: (a) lateral forces (+) and (b) lateral
forces (−).

On the other hand, the capacity curves obtained when applying adaptive pushover
analysis, which are presented as variants of the vector of lateral forces applied to the
structure by virtue of the changes that take place in the modal shapes as different levels of
element damage occur as the simulation progresses, are interesting. The capacity curves in
Figure 9a,b are shown with the idealized curves, which are determined using the method
proposed in [39,40]. With the ultimate displacement and the yield displacement of the
idealized curve, the ductility (μ) of the model is determined according to Equation (1) with
the ultimate displacement (Δu) and the yield displacement (Δy), and is summarized in
Table 5. Note that, although the results of the ductility calculated with the conventional
and adaptive curves are quite similar, the adaptive nonlinear static analysis has allowed
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the curves for which the global drift resulted in the failure of the masonry infill panels to
be clearly identified.

μ =
Δu

Δy
(1)

Figure 9. Resulting capacity and idealized curves obtained from adaptive pushover analysis: (a) lateral forces (+) and (b)
lateral forces (−).

Table 5. Ductility values obtained from the idealized capacity curves.

Analysis Type Δu [%] Δy [%] μ

Conventional (+) 2.4874 1.3896 1.7900
Conventional (−) 2.6891 1.4551 1.8481

Adaptive (+) 2.1512 1.1176 1.9248
Adaptive (−) 2.4201 1.2185 1.9861

Another of the characteristics of the response that is interesting to evaluate is the
variation in the rotations with respect to the displacements at the center of gravity of the
roof level during the pushover analysis. Figure 10a,b show the results of the rotations at the
centers of gravity (CG) of each floor for both the conventional and adaptive incremental
pushover analyses. Beyond the similarity of these curves, it can be seen that, at the
beginning of the analysis, there is a linear increase in the rotations of the centers of gravity
of each floor, but once a global drift of 0.8% is reached, there is a significant reduction
in these rotations. However, residual rotations remain that cannot be recovered due to
the displacement caused by the collapse of the building; thus, the failure mechanism
clearly includes significant rotations in levels 3 and 4 of the building. This reduction in
rotation is produced by the failure of the masonry infill panels, which cease to provide
strength and stiffness to the structure, thereby reducing the eccentricity caused by torsion.
Additionally, each floor reaches the maximum rotation at different displacements, although
these displacements are very similar. On the other hand, the maximum rotation is reached
at the roof level of the building (0.0074 rad). This implies that the columns farthest from
the center of mass of this level reach global drifts approximately 0.3% higher than the
previously mentioned global drift of 0.8%, which implies that the frames associated with
these columns (perimeter frames) undergo greater damage as the lateral displacements
increase.
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Figure 10. Variation in the rotations of the centers of gravity of each floor with respect to the lateral displacement according
to different pushover analyses: (a) conventional pushover analysis and (b) adaptive pushover analysis.

5.2. Incremental Dynamic Analysis

IDA is an analysis that is carried out in the nonlinear range using a set of registers
or synthetic accelerograms as dynamic excitation to obtain the performance of struc-
tures [41]. IDA is applied to the studied structure using a set of four records with a
double component of the earthquake of 16 April 2016, obtained at different seismolog-
ical stations in Ecuador [42]. Table 6 shows the main characteristics of these records,
while Figures 11 and 12 show the seismic records and their response spectra, respectively.
Note the different durations of the records, as well as the maximum acceleration values
achieved [43]. IDA makes it possible to determine the seismic capacity of the structures
considering the variability in the records used [44–46] and to objectively obtain the seismic
performance factors of structural typologies [47].

 

Figure 11. Cont.
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Figure 11. Acceleration records from the four stations reported.

Figure 12. Response, mean, and elastic design spectra corresponding to the accelerograms used for
the IDA.

Table 6. Information from the records used for IDA.

Earthquake Date Station ID Location
Epicentral

Distance [km]
Component

Peak Ground
Acceleration [g]

Ecuador 7.8
Mw

16 April 2016

AES2 Esmeraldas 76
E–W 0.1706
N–S 0.1122

APED Pedernales 36
E–W 1.3413
N–S 0.8258

APO1 Portoviejo 167
E–W 0.348
N–S 0.4196

AMNT Manta 171
E–W 0.4226
N–S 0.5111

Regarding the cyclical behavior of confined masonry structures, the energy dissipation
capacity is determined by the throttling of the hysteresis loops [39,40]. This behavior is
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reflected in the IDA curves in Figure 13, obtained by plotting the values of the maximum
interstory drifts (IDmax) obtained in the centers of gravity of the floors of the building vs.
the spectral acceleration (Sa) corresponding to the predominant period in the direction of
analysis. Note that the average curve has a collapse threshold value lower than 0.2 g. The
collapse threshold SCT is defined on the average curve at the point where it undergoes a
reduction in stiffness, such that the current stiffness is less than 20% of the initial stiffness of
the curve. This criterion for capturing the collapse threshold, based on stiffness reduction,
corresponds to the criterion originally formulated in [41]. By including the interstory
drift as a damage measure (DM) of the analysis, when an increase in the drift occurs, the
reduction in the slope of the curve also occurs; therefore, the criterion adopted preserves a
relationship with the overall damage of the structure.

Figure 13. IDA curves obtained by applying the set of accelerograms.

Finally, with the SCT value resulting from the set of IDA curves and with the total
deviation calculated from the data recommended in FEMA P-695 [47], the collapse fragility
curve that gives the probability values of exceedance for a horizontal acceleration of the
ground is obtained. The total system collapse uncertainty βTOT is computed with

βTOT =
√

β2
RTR + β2

DR + β2
TD + β2

MDL ≤ 0.95 (2)

where βRTR is the record-to-record collapse uncertainty, βDR is the design requirement-
related collapse uncertainty, βTD is the test data-related collapse uncertainty, and βMDL is
the modeling-related collapse uncertainty. The values of the different types of uncertainty
recommended according to the specific conditions of the building studied are summarized
in Table 7.

Table 7. Uncertainty values assumed for the determination of total system collapse uncertainty.
Adapted from [47].

Uncertainty Assumed Value

βRTR 0.40
βDR 0.50
βTD 0.50

βMDL 0.50

The collapse fragility curve is obtained using a lognormal distribution in which the
mean value of the collapse spectral acceleration is SCT = 0.165 g and the total system
collapse uncertainty is βTOT = 0.95 (Figure 14). The fragility curves are especially useful
for determining the seismic vulnerability of structures [45,46] since they give the probability
of exceeding a limit state of the specific behavior, in this particular case, the limit state
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of collapse. With the collapse fragility curve, it is possible to determine the exceedance
probability corresponding to the acceleration demands introduced by the components of
the Portoviejo record for the predominant period of the structure (1.01 g in the northeast di-
rection and 2.13 g in the southwest direction). For these values, a probability of exceedance
greater than 96% is reached, which explains the collapse of this type of structure during
the earthquake of 16 April 2016.

Figure 14. Collapse fragility curve obtained from the IDA analysis of the analyzed building.

5.3. Rotational Incremental Dynamic Analysis

IDA is usually performed by taking into consideration damage measures that have
special significance from a performance point of view. This is how the use of global drift
interstory drift has become widespread, which is related to the advance of the damage to
the structures. However, given the special conditions exhibited by the building studied
here, and similar buildings, it is necessary to ask whether the aforementioned parameters
are the most appropriate to carry out an IDA that truly captures the effect of the torsion
experienced by this type of building.

For this reason, as a result of this research, two candidates for damage measurement
are explored and compared. First, the relative rotation of the center of gravity of each floor
with respect to the foundation level is used as an engineering demand parameter. Thus, the
curve of Figure 15a is obtained according to the evolution of the rotations of the centers of
gravity as the value of the spectral acceleration is increased by 5% of the critical damping.
The other candidate for the damage measure is the relative rotation of successive floors (see
Figure 15b), which, although they result in curves similar to those of the floor rotations, do
not show a trend as defined by the curves obtained using this last parameter as a damage
measure.
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Figure 15. Variations in the (a) maximum rotations and (b) relative rotations of the center of gravity for each floor calculated
for various values of spectral acceleration and 5% critical damping.

6. Discussion of the Results

Nonlinear static analysis provides a good characterization of the seismic response of
regular structures. In the present research, this analysis is used, considering its limitations,
to capture the torsional behavior of a complete structure and to use the results as a basis for
characterization before applying IDA. The results of this analysis show that the structure
presents a low displacement ductility, calculated from the capacity curves determined
by applying conventional and adaptive procedures. On the other hand, it is possible to
observe the influence of the stiffness and resistance of the masonry infill panels on the
lateral deformations of the structure. Upon reaching a global drift of the center of gravity
at the roof of approximately 1%, the masonry infill panels cease to provide stiffness, and
there is a sudden loss in the overall stiffness of the structure, which affects the sharp
reduction in rotation as the lateral loading increases, since the structure loses much of
its eccentricity. In addition, upon reaching the maximum rotation of the roof’s center
of gravity, additional lateral displacements are imposed on the columns farthest from it,
which implies an increase in the global drift of approximately 0.3%. This increase reflects
a higher concentration of rotations in the frames than in the columns (perimeter frames)
and is introduced due to the displacements with a component normal to the plane, which
especially affects the masonry infill panels.

The IDA applied using accelerograms recorded during the Ecuador earthquake of
16 April 2016, results in curves that are not very dispersed, with very well defined points
of collapse for the sections in which at least 20% of the initial stiffness has been lost.

Regarding the fragility curve obtained for this type of building, it is evident that, for
moderate accelerations, for example, 0.2 g, the building would reach a high probability
of exceeding the collapse limit state (approximately 60%). However, if the probability of
exceedance is calculated for the basic acceleration of the current design for the coastal zone
of Ecuador [48], which contains the city of Portoviejo (0.5 g), the probability of exceedance
of the collapse limit state is approximately 90%. If the accelerations achieved in the response
spectra of the two components of the record obtained in Portoviejo are taken into account,
exceedance probabilities very close to 100% are obtained.

Based on the floor rotations obtained from the IDA, it can be clearly seen that, for both
the negative and positive maximum rotations, the floors show an increase up to a certain
value of spectral acceleration slightly higher than 0.10 g. At this threshold, the seismic
action causes the collapse of the masonry infill panels, and without that contribution to
the stiffness of the extreme frames, this change drastically reduces the torsional behavior
of the building; all the rotations reduce to a minimum value corresponding to a spectral
acceleration of approximately 0.17 g. After this, an increase in rotations is again experienced
due to the increase in lateral displacements induced by the application of accelerograms
with ordinates of greater amplitude and the presence of the weight of the masonry, which
remains, although it no longer contributes to the lateral stiffness of the building. This
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behavior is similar to that experienced by the rotations of the centers of gravity when
applying the different types of pushover analyses reported in Figure 8a,b.

On the other hand, the relative rotation of the centers of gravity between successive
floors is considered applicable to measure the damage concentrated in a specific floor,
considering a kind of local concentration of rotations similar to that observed when de-
termining the interstory drifts based on the relative displacements. However, the curves
shown in Figure 15b do not exhibit a clear trend in the evolution of these relative rotations,
for which it is recommended to use the relative rotation of the center of gravity with respect
to the foundation level as a damage measure (see Figure 15b), providing new possibilities
for the study of the dynamic behavior of buildings that, due to their irregularity, are prone
to a response dominated by torsion instead of translation.

7. Concluding Remarks

First, the need to incorporate the contribution of masonry infill panels to the strength
and stiffness of the structure in design is evident, since at present, seismic codes take into
account the contribution of only the seismic weight of buildings. The results presented
above show how the response of the structure in the case study was altered by the presence
of the masonry infill panels.

The model used here captured the failure mode of the corner buildings that failed in
Portoviejo as a consequence of the earthquake that shook the Ecuadorian coast in 2016.
The behavior of these buildings was clearly torsional due to the effect of the eccentricity
introduced by the resistance and stiffness contributions of the masonry infill panels located
on the boundaries of the buildings.

Although nonlinear static analysis (pushover) is not the most effective method of
obtaining the nonlinear response of irregular structures, it provided certain indications that
allow cataloging the seismic behavior of the case studied. On the one hand, it provided
global ductility values lower than 2, which are characteristic of fragile buildings, and on
the other hand, it provided evidence of the occurrence of the loss of lateral stiffness of
corner buildings. Adaptive nonlinear static analysis was shown to be more suitable for
capturing the masonry panel failure threshold than conventional analysis.

The incremental dynamic analysis of the model revealed the inadequate resistance
of this type of building, which may result in an inadequate performance under dynamic
action. The fragility curve obtained by applying a set of records obtained from the seismic
event that triggered the failure of the Portoviejo buildings indicated a high probability that
the limit state of collapse of this type of building was exceeded when considering the basic
acceleration indicated by the Ecuadorian Construction Code for the site area or the values
of the spectral acceleration corresponding to the response spectra of the components of the
Ecuador earthquake of 16 April 2016, recorded in Portoviejo.

The results of the incremental dynamic analysis using the relative rotation of the
centers of gravity with respect to the floor level as a damage measure show that the floor
rotations, instead of the interstory drifts or the global drift, can provide useful indicators of
the threshold at which significant changes in stiffness occur in buildings that are irregular
in plan due to the presence of masonry infill panels. Further studies are required on
different configurations of irregular buildings to validate the use of floor rotation as a
damage measure. Based on the results obtained, it is suggested that studies are carried out
on the effect of uniformly distributed masonry panels on the response of buildings.
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Abstract: This paper presents a copula technique for developing seismic fragility curves for an RC
(reinforced concrete) isolated continuous girder bridge, by considering earthquake damage indicators
such as bridge piers, isolated bearing components, and the main girder of collision damage. The
results of this method are compared with those of the limit method of the first-order reliability
theory. Meanwhile, the incremental dynamic analysis of the bridge structure under different failure
conditions is carried out, and the randomness of the near-fault ground motion and the structural
parameters are accounted. Based on the damage index of the isolated bridge under different damage
conditions, the seismic fragility curves of each component and the whole isolated bridge are obtained.
The research shows that the safety control of the isolated continuous girder bridge structure is mainly
affected by the seismic fragility of the isolated bearing, the influence of bridge pier seismic fragility
is relatively small, and the probability of beam collision in an isolated bridge is lower than that of
a general bridge without isolation bearing. By applying the isolation scheme, the probability of
different damage state of the bridge structure is greatly reduced, thus the seismic performance is
improved. It also verifies the efficiency and superiority of copula technology. The results will provide
a reference for future seismic damage prediction.

Keywords: RC isolated continuous girder bridge; the copula function; seismic fragility analysis;
near-fault ground motions; damage index

1. Introduction

The bridge is an important hub of transportation systems, especially the reinforced
concrete long-span continuous girder bridge, the most common type on highways in China.
In recent years, it has been noticed that the long-period velocity and displacement pulse
motion of the near-fault ground motion may adversely affect the seismic performance and
design of the bridge [1–4]. All previous earthquake disaster statistics have shown that these
bridges will sustain serious damage from earthquakes [5,6]. In order to effectively reduce
the seismic damage to bridges, the isolation design of lead rubber bearing (LRB) is used
in the actual engineering. The seismic responses of such isolated structures have already
been widely investigated [7,8]. It was found that this kind of isolated bridge structure can
not only meet the design requirements under various working conditions but can also
effectively reduce the seismic effect on the bridge pier under the rare earthquake. However,
near-fault ground motion with strong non-stationary characteristics adversely affects the
seismic performance and design of the isolated bridge through support shedding, displace-
ment of expansion joints, excessive relative displacement of pier beams, and falling beams
caused by the collision of the main beams. What is more, the large bearing displacement
and the isolation device failure can cause serious damage to the structure [9,10]. Therefore,
evaluating the seismic performance of isolated bridges under near-fault ground motion is
an important subject for study.

However, because of the uncertain structural and ground motion parameters, the
probabilistic analysis method is generally used to study the seismic performance of bridges.
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The probabilistic approach offers an efficient way to deal with various uncertainties such
as aleatory or epistemic uncertainties in structures and ground motions [11]. Recently, the
performance-based seismic design theory of bridges has drawn attention to the proba-
bilistic seismic capacity of structures at multi-performance levels, and the seismic fragility
analysis method is the most effective method to evaluate the seismic performance of struc-
tures [12,13]. At present, the seismic fragility analysis of bridges mainly includes empirical
analysis and numerical simulation analysis; empirical fragility analysis establishes fragility
curves based on the damage to bridge structures in real disasters. However, owing to the
lack of disaster damage data for bridge structures, application of this method is extremely
limited [14]. The numerical fragility analysis method is based on the numerical simulation
and dynamic response analysis of the bridge structure to establish the fragility curve. This
method can effectively solve the problems resulting from the empirical method, so it is
widely used in the study of the seismic fragility of bridges [15].

In fact, the bridge is a high-order statically indeterminate structure, and the failure
of one member of the whole structure does not mean the failure of the whole structure.
Compared with those of the individual components, the seismic performance of the whole
bridge system deserves more attention [16]. However, under the influence of an earthquake,
the main beams, supports, columns, and piers of the bridge system are mutually affected.
Therefore, accurate simulation of the correlation between the seismic responses of various
components is one of the difficulties in seismic fragility research when shifting from a
single component to the whole bridge system [17,18].

At present, in view of the correlation between the components in the overall bridge
structure, it is assumed that the seismic responses of the components are either completely
correlated or not, and the upper and lower boundary values of the fragility of the bridge
system are obtained by numerical analysis. The upper bound value is conservatively
used to describe the seismic fragility of structural systems [19,20]. However, when the
bridge system contains a large number of components, the difference between the upper
and lower limits of seismic fragility will be too wide [21,22]. The upper bound of the
first-order limit method will obviously overestimate the seismic fragility of the structural
system, which will seriously underestimate the safety and reliability evaluation of the
entire bridge. In addition, the Monte Carlo sampling method can be used to establish the
fragility curve of the bridge system, but the method needs to assume the edge and joint
probability distribution types in advance when establishing the joint probability demand
model [23,24]. However, there are still many problems in the above analysis methods, such
as assuming a linear correlation between the seismic requirements of components, which
involves a large amount of numerical sampling.

With the development of mathematical statistics, the copula theory, which deals with
correlation between variables, has been gradually applied to the mechanical, civil, and
hydraulic engineering fields [25]. At present, the copula function can describe not only the
linear correlation between variables, but also the nonlinear correlation between variables,
and is not limited by the edge distribution function [26]. The copula function model can
accurately simulate the correlation characteristics between variables by separating the
edge distribution of variables from the correlation between variables, thus simplifying
the process of establishing the joint probability distribution model, which provides a new
method for the seismic fragility assessment of the whole system of bridge structures.

Therefore, in this paper, we take an RC isolated continuous girder bridge as a case
and use the performance-based probability analysis method to evaluate the seismic failure
probability of the components and the bridge system. By considering the impact damage
indexes of piers, bearings, and the collision of the main beams, based on the calculation of
the seismic fragility of the piers, bearing components, and the collision of the main beams,
a seismic fragility analysis of the isolation bridge system is carried out using the copula
technique, and the results of this method and the first-order reliability theory method are
compared to verify the accuracy and superiority of the copula method. In addition, in the
seismic fragility analysis, to assess the uncertainty of the structural parameters, 100 near-
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fault ground motions are randomly selected from the PEER (Pacific Earthquake Engineering
Research) database, and a large number of random ground motion structural samples are
established. Thereafter, based on the damage indexes of bridges under different failure
states, the seismic fragility curves of each component and of the isolated bridge system
are obtained according to the capacity and demand of the structure. Finally, according to
the actual seismic demand of similar as-built isolated bridges, the probabilities of damage
states are obtained, and a basis is presented as a guide to isolated structural seismic design,
reinforcement, and maintenance decision making, etc.

2. Calculation Methods

2.1. The Seismic Fragility Analysis Method

Structural seismic fragility is the probability that the structural damage will exceed
a specified value when the ground motion intensity reaches a certain value [27–29]. The
seismic fragility of bridges can be expressed as:

FR(a) = P[EDP ≥ LS|IM = a] =
∫ ∞

V
fR|IM[r|a]dr (1)

where, FR(a) is seismic fragility, P is the probability of the structure failure exceeding
a specified value, EDP is the engineering demand parameter, LS is the state limit of
structure, IM is the intensity coefficient of ground motion; fR|IM [r|a] means that, when the
ground motion intensity is IM, the structure (component) of a certain engineering demand
parameter (EDP) has reached or exceeded the conditional probability density of a specified
damage state.

Assuming that the relationship between EDP and IM follows the log normal distribu-
tion, the mean value of the structure (or component) is:

Λ
EDP = b(IM)c (2)

where, c and b are correlation coefficients.
The seismic fragility of the structural limit state can be calculated. The smooth “seismic

fragility curve” is obtained by statistical curve fitting:

P = [EDP ≥ LS|IM] = 1 − Φ(
ln(LSm − ln(bIMC)√

β2
LS + β2

EDP

) (3)

where, Φ is the cumulative density function of standard normal distribution, LSm is log
normal distribution under structural damage states, βLS is log standard deviation of
structural capacity, βEPD is log standard deviation of structural requirements.

2.2. Seismic Fragility Analysis of Bridge Systems Based on the Copula Technique

The bridge structure is a series system composed of all the structural members of the
bridge. Therefore, to evaluate the failure probability of the overall structure of the bridge,
it is necessary to consider the seismic fragility evaluation of each of its components. The
reliability theory is used to estimate the failure probability of the structure under each
damage state:

Pf s = P[g1(X) ≤ 0, g2(X) ≤ 0, . . . gi(X) ≤ 0] (4)

where, Pf s is the failure probability of the bridge structural system, g1(X), g2(X), gi(X) and
gi(X) are the functions of failure probability for each component of the bridge system. The
probability of the simultaneous failure of all components is:

P[g1(X) ≤ 0, g2(X) ≤ 0, . . . gi(X) ≤ 0]
= P{F1[g1(X)] ≤ F1(0), F2[g2(X)] ≤ F2(0), . . . , Fi[gi(X)] ≤ Fi(0)}
= C[F1(0), F2(0), . . . , F3(0)] = C

(
Pf 1, Pf 2, . . . , Pf i

) (5)
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Then, the failure probability of the bridge system considering the correlation of
components is obtained:

Pf s = P[g1(X) ≤ 0 ∪ g2(X) ≤ 0 . . . ∪ gi(X) ≤ 0]

= Pf 1 + Pf 2 + . . . + Pf i − C
(

Pf 1, Pf 2, . . . Pf i

) (6)

where, Pf 1, Pf 2, Pf i are the failure probabilities of each component of the bridge system; C
is the copula function.

The seismic fragility of the bridge system can be obtained by substituting the seismic
fragility of the bridge components into Equation (3). According to Equation (6), the copula
function is the key to solving the fragility of the bridge system.

The above method can easily determine the seismic fragility of each component using
IDA calculation results. However, it is difficult to calculate the seismic fragility of two or
more components because of the interaction between components. This is because the
joint probability distribution of multiple components cannot be directly established by the
marginal distribution function of a single component. Therefore, this paper will use the
copula technique to analyze the random seismic fragility of the bridge system.

The copula technique provides a common method for describing the nonlinear cor-
relation between random variables. The copula function is defined as an n-dimensional
probability distribution on [0, 1]n, which is expressed as [30]:

C(u1, u2, . . . un) = P(U1 ≤ u1, U2 ≤ u2, . . . Un ≤ un) (7)

where, u1, u2, . . . un is the sample set of uniform random variable U.
Given that Fi(xi) is an edge probability distribution, its joint probability distribution is

represented by F(x1, x2, . . . xn). Then, the relationship between Fi(xi) and F(x1, x2, . . . xn)
can be established by the copula function.

F(x1, x2, . . . xn) = C(F1(x1), F2(x2), . . . Fn(xn)) = C(u1, u2, . . . un) (8)

If Fi(xi) (i = 1, . . . , n) are all continuous functions, then the copula function C(u1, u2, . . . un)
is unique. It can be seen that the copula function connects the joint distribution of variables
with their edge distribution. As a result of the copula function, the joint distribution function
can be expressed explicitly with the edge distribution function. Although it is the connection
function of the edge distribution, the form of the copula function is not limited by the edge
distribution function.

P(X1, X2, . . . Xn|IM ) = C(P(x1), P(x2), . . . P(xn)|IM ) (9)

where, P(Xi)(i = 1, . . . , n) represents the seismic fragility of a single component, which
can be obtained from Equation (3), and n represents the number of components damaged
at the same time. By substituting Equation (9) into Equation (6), the seismic fragility of the
bridge system can be expressed as:

Pf s =
m
∑

i=1
P(Xi|IM )− ∑

1≤i≺j≤m
C
(

P(Xi), P
(
Xj
)|IM

)
+

∑
1≤i≺j≺k≤m

C
(

P(Xi), P
(
Xj
)
, P(Xk)|IM

)
+ . . .+

(−1)m−1C(P(X1), P(X2), . . . , P(Xm)|IM )

(10)

The seismic fragility of the bridge system can be accurately calculated by Equation (10).
The key task of building the seismic fragility curve of the bridge system with the copula
method is determining the edge distribution of each component of the bridge system and
the best fitting copula function that accurately reflects the correlation of the seismic demand
of each component [31].
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In short, the key to the seismic fragility analysis of a bridge system is establishing the
joint probability distribution function of the pier, support, and other components. How-
ever, it is difficult to directly establish the joint probability distribution function between
components because of the correlation between the seismic requirements of the compo-
nents. Therefore, the advantage of using the copula function method is that the correlation
between the seismic requirements of components and the probability distribution function
of each component edge can be separated, thus simplifying the modeling process of the
joint distribution function. In addition, the copula function method not only considers the
nonlinear correlation between the seismic requirements of components but also minimizes
the numerical sampling, which greatly improves the computational efficiency.

2.3. Selection of the Best Fitting Copula Function

The empirical distribution function can be used to estimate the marginal distribution of
the seismic requirements of a component since it is more flexible and has fewer limitations.
Because the normal function and t copula function can describe the symmetry between
component seismic requirements, an empirical distribution-based analysis method was
used in this study to select the most suitable copula from the commonly used copula
functions (normal function and t copula function). The normal copula function and t
copula function with correlation coefficient ρ are expressed as:

C(X1, X2 · · · , Xn; ρ) = Φρ

(
Φ−1(u1), Φ−1(u2) · · · , Φ−1(un)

)
(11)

C(X1, X2 · · · , Xn; ρ, ν) = Φρ,ν

(
Tν

−1(u1), Tν
−1(u2) · · · , Tν

−1(un)
)

(12)

where, Φρ is an n-dimensional standard normal distribution with ρ, Φ−1 is the inverse
normal distribution, Φρ,ν is the n-dimensional t distribution with ρ and ν, and T−1 is the
inverse t distribution.

Furthermore, the marginal distribution function based on the seismic demand of the
component, and the empirical joint distribution function expressed by the empirical copula
function are defined as:

Ĉ(u1, u2, . . . , un) =
1
n

n

∑
i=1

I[Fn(x1i)≤u1]
•I[Fn(x2i)≤u2]

. . . •I[Fn(xmi)≤um ] (13)

where Fn(xji) (i = 1, ..., n; j = 1, ..., m) denotes the marginal probability distribution function
of components. I(•) denotes the indicator function, which is equal to 1 if the value of
component marginal distribution is smaller than ui, otherwise, it is equal to 0.

For the above two copula functions as alternative functions, the copula function with
the smallest distance is the best fitting copula function describing the correlation between
component seismic requirements. The squared Euclidean distance between the alternative
function and the empirical copula function is defined as:

d2 =
n

∑
i=1

∣∣Ĉ(u1i, u2i, · · · , umi)− C(u1i, u2i, · · · , umi)
∣∣2 (14)

where C(•) is the alternative copula function, Ĉ is the empirical copula function.
In short, according to the component seismic requirements obtained using IDA, the

correlation parameters of two commonly used copula functions were estimated, and the
squared Euclidean distance was calculated with Equation (14). Then the minimum distance
criterion was used to select the best fitting copula function. Finally, the system fragility
was obtained by substituting the fragility of each component and the best fitting copula
function into Equation (10).
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2.4. Basic Steps of Seismic Fragility Analysis

In this paper, the Latin hypercube sampling method (LHS) was applied to incorporate
the uncertainty of the structure, and the randomness of ground motion was selected from
the PEER (Pacific Earthquake Engineering Research) database for the seismic fragility
analysis. The whole research process is summarized, and the technical route is given as
follows (Figure 1).

Figure 1. The technical route of the research process.

3. Application

3.1. The Isolated Bridge Geometry and Finite Element Model

The study object of this article is a six-span reinforced concrete continuous girder
bridge with a total length of 120 m. The bridge arrangement is shown in Figure 2. The
bridge superstructure is a 6 × 20 m cast-in-place C40 concrete box girder with a beam
height of 1.3 m. The lower part of the structure is an RC circular pier column of C30
concrete. No. 1 and No. 5 piers are double-column piers 1.3 m in diameter and 8 m in
height; No. 2, 3, and 4 piers are variable cross-section one-column circular bridge piers with
a height of 8 m and diameter of 1.5 m. The main girder and the pier top are connected to an
LRB500 isolation bearing by setting expansion joints on both sides of the stage. The bridge
pier foundation material is C30 concrete. The seismic fortification intensity is 8 degrees in
the area, and the site class is II.
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Figure 2. The isolated girder bridge structural configuration.

The finite element dynamic analysis model of the isolated bridge structure was es-
tablished using OpenSees software [32], and the seismic response of the structure was
measured by only the longitudinal seismic motion. The superstructure was modeled with
elastic beam-column elements because they remain undamaged and in an elastic state in
earthquakes. The damping was simulated with Rayleigh damping [23]. The bearings were
modeled using zero-length elements [33], and the shear force–deformation relationship
was assumed to be perfect elastic–plastic [34]. Regarding the pier, it often enters the plastic
stage, and the plastic hinge appears. Therefore, in the time history analysis, the piers
were simulated by nonlinear beam-column elements. The cross section of the element was
defined by fibers with the corresponding material stress–strain relationship. The concrete
behavior was modeled with Concrete01 in OpenSees. This material was defined with the
Kent–Scott–Park model [35]. The reinforcing steel was modeled with Steel 01 in OpenSees,
and the constitutive model is shown in Figure 1. The expansion joint between the main
beam and the abutment was modeled with a nonlinear contact Gap unit, as shown in
Figure 3. It is worth noting that when solving the contact collision problem, it is required
that the two components in the collision should not have initial penetration, otherwise the
wrong calculation results will be obtained. Therefore, when establishing the model, the
spatial clearance at the contact should be maintained as far as possible, so as to conform
to the actual spatial position of the bridge [36]. Therefore, this paper assumed that the
value of the relative displacement of the abutment and the girder was set, and the collision
would occur when the open value was reached.

Figure 3. The element model for gap.

3.2. Selection of Near-Fault Ground Motion Records

The object of this paper was choosing near-fault ground motion. The accuracy and
efficiency of the structural fragility analysis relies on selecting a reasonable classification
and the appropriate number of seismic ground motions. The seismic ground motions
should meet two requirements: the first is the ability to simulate the random process

301



Appl. Sci. 2021, 11, 9595

of an earthquake disaster itself, and the second is the selection of a large number of
adequate seismic ground motions to reduce the impact of ground motion uncertainty
on the results of the seismic fragility analysis. The general criterion for ground motion
selection was to propagate uncertainty in the magnitude and epicentral distance. In
the present study, a suite of ground motions typical of the bridge location were chosen
from the Next Generation Attenuation database of the Pacific Earthquake Engineering
Research Center (NGA-West2). Then, 100 near-field ground motions with a fault distance
of less than 20 km and with significant velocity pulse effect were selected. The general
properties of the selected ground motions were as follows: (1) the source-to-site distance (r)
was 0 ≤ r ≤ 20 km, (2) the moment magnitude of the selected near-field ground motions
ranged from 6.5 to 7.6, (3) the average shear-wave velocity of the upper 30 m was accepted
from 260 to 500 m/s, and (4) there was significant pulse velocity (a pulse-like waveform
with a long period, rich medium and long-period components, and a large peak value).
The selected near-fault ground motions covered a wide range of intensities to ensure that
the selected suite represented both large and small earthquakes [23]. The distribution of
PGAs in 100 near-fault ground motion records is shown in Figure 4.

Figure 4. PGA distribution near-fault ground motion record.

3.3. Stochastic Simulation of Near-Fault Ground Motion-Isolated Bridge Samples

For isolated bridges, uncertainty parameters include yield strength of steel (Fy), quality
of the upper structure (ρ is bulk density), the compressive strength of concrete (Fc), pre-
yield stiffness of bearing (K1), and yield shear of bearing (Qy) [37,38]. The main uncertainty
parameters and their probability distributions were processed with the Latin hypercube
sampling (LHS) approach in the present study. In this paper, the curvature ductility of the
pier bottom and the displacement of the isolation bearing were selected as the evaluation
indexes, and the parameters of each group of structural samples were changed [39,40].
In order to eliminate the difference between each uncertain parameter in the structural
analysis, the data above were normalized, and the sensitivity results of each structural
parameter under the action of PGA (1.0 g) ground motion were obtained. The structure
parameters of the sensitive variable probability distribution statistics are shown in Table 1.
The analysis showed that the yield strength of steel, the quality of the upper structure, the
compressive strength of concrete, the pre-yield stiffness of bearing (K1), and the yield shear
of bearing (Qy) were sensitive to the seismic response of bridge structures. Thereafter,
LHS (Latin hypercube sampling) was used to randomly combine five main parameters to
form 10 isolated bridge structure samples, which ensured that these parameters (five main
parameters) were taken equally from their probability distributions. Finally, combining
the 10 isolated bridge structural samples with the selected 100 near-fault ground motion
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records, a group of 10 near-fault ground motion-isolated bridge samples were developed
to determine the isolated bridge service life (seismic performance analysis).

Table 1. Statistics of the random variables.

Random Variable
Probability

Distribution
Average Value

Standard
Deviation

Unit

Fy normal 385.42 28.32 Mpa
Fc normal 27.68 5.23 Mpa
ρ normal 28,930 2530 N/m3

K1 uniform 12,357 __ kN/m
Qy uniform 54.83 __ kN

3.4. Definition of Seismic Damage to Isolated Girder Bridges

The seismic performance level of structures is a finite state of damage, and the damage
to structures should be related to the level of performance (FEMA 2008). Bridge structure
damage from earthquake is mainly damage to the bridge pier, bearing, and main beam
component, and especially to the bridge pier, which is the most fragile component. In this
paper, the damage state of the bridge was defined in three aspects: the failure of the bridge
piers, the failure of the isolated bearing, and the collision of the main beam (girder). Thus,
the corresponding damage index was determined.

3.4.1. Bridge Pier

With the curvature of piers as engineering demand parameters (EDPs), and with
the curvature ductility ratio μ as damage index, the damage index of bridge piers is
determined by the moment–curvature relationship of the sections of different damage
conditions [41,42]. Earthquake damages indicated that the bottom of the bridge pier was
the first failure. Therefore, the damage state was defined by the curvature of the bottom
section of the bridge pier, and the damage state and damage index were described at all
levels [43], as shown in Table 2.

Table 2. Damage status and description of damage index for piers.

Damage State Intact Minor Damage Medium Damage Serious Damage Collapse

Failure criterion φ ≤ φ′
y φ′

y ≤ φ ≤ φy φy ≤ φ ≤ φd φd ≤ φ ≤ φu φ ≥ φu

Note: φ′
y is the first reinforcement yielding, concrete cracking; φy is the appearance of the plastic hinge of the section; φd is the maximum

value of the bending capacity; φu is the limit bending state.

3.4.2. Isolation Bearing

The failure state of the isolated bearing is mainly determined by the displacement and
shear strain of the bearing. Five damage states, including basically intact, minor damage,
moderate damage, severe damage, and collapse, were defined by Choi according to the
displacement of the bearings [44]. Here, displacement of the isolated bearing based on
bearing shear strain was adopted as the basis for evaluating earthquake damage. The
definition of the deformation rate of the bearing under different damage states is given in
Table 3.

Table 3. Description of isolated bearing damage indexes (unit: mm).

State Intact
Minor

Damage
Moderate
Damage

Severe
Damage

Collapse

Index dΔ ≤ 100%γ dΔ ≤ 150%γ dΔ ≤ 200%γ dΔ ≤ 250%γ dΔ > 250%γ

Note: dΔ is relative horizontal displacement, γ is the total thickness of the rubber layer.
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3.4.3. The Girder End and the Abutment Collision

Under the action of near-fault ground motion, a large relative displacement may
occur at the girder end. When the relative displacement of the motion reaches or exceeds
the width of the expansion joint between the girder end and the abutment, a collision
may occur between the girder end and the abutment. Furthermore, this paper assumed
that the expansion between the girder ends and the abutment joint width was 100 mm
(gap = 100 mm). In the analysis, the change in temperature and the effect of material
variation on the width of the expansion joint were considered. Under the action of a
strong earthquake, when the relative displacement of the girder end reached or exceeded
100 ± 10 mm, the girder end was considered to collide with the abutment.

3.5. Probabilistic Seismic Demand Model and Correlation Analysis for Bridge Structure

The probabilistic seismic demand model describes the relationship between structural
seismic demand parameters and the ground motion intensity index. Based on the time
history analysis of 10 random samples of isolated bridge ground motion, the relationship
between the maximum response of dimensionless components and the ratio of required
capacity μ under each ultimate failure state and the seismic intensity PGA was obtained.
Furthermore, the fitting result obtained by logarithmic regression analysis (that is, the
least squares method used for regression analysis of seismic demand and ground motion
parameters of structural components) was the probabilistic seismic demand model of the
structure. The relationship between the demand capacity ratio μ of each component of the
bridge structure under different failure states and the peak seismic acceleration PGA can
be expressed as follows:

ln(μ) = A ln(PGA) + B (15)

where, μ is the requirement capacity ratio of the structure; A and B are regression coefficients.
According to Equation (15), the regression analysis of each component of the bridge

system under various failure states could be carried out, and the correlation analysis of the
seismic demands of each component could be carried out according to the analysis results
of nonlinear dynamic time history, and the relevant parameters of the seismic demands of
the structural components of the bridge were obtained, as shown in Table 4.

Table 4. Correlation coefficients of structure seismic demands.

The Correlation Coefficient lnμ(ϕ) lnμ(dΔ) lnμ(Gap)

lnμ(ϕ) 1 0.892 0.753
lnμ(dΔ ) 0.892 1 0.892
lnμ(Gap) 0.753 0.813 1

It can be seen from Table 4 that the correlation between pier and abutment collision
was relatively weak, but the minimum correlation coefficient was still greater than 0.75.
The results showed that the seismic requirements of each component of the bridge structure
were significantly correlated.

4. Results and Discussion

4.1. The Seismic Fragility Analysis of Isolated Bridge Components

As an example, owing to limited space, only the No. 3 pier is provided, based on the
damage index. The pier and isolation bearing of the seismic fragility curves under different
damage conditions are plotted (obtained from Equation (3)) in Figures 5 and 6, respectively.
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Figure 5. The seismic fragility curves of the pier.

 

Figure 6. The seismic fragility curves of the isolated bearing.

In order to analyze the structure under the earthquake action, it was assumed that
when the ground motion intensity was 0.11 g (PGA = 0.11 g), it was a frequent earthquake,
and when the ground motion intensity was 0.51 g (PGA = 0.51 g), it was a rare earthquake.

As is shown in Figure 5, the No. 3 pier with isolated bridges remained intact un-
der frequent earthquake action (PGA = 0.11 g). In the case of rare earthquake action
(PGA = 0.51 g), the probability of minor damage to the bridge pier was 4%, but without
moderate damage, severe damage, complete destruction, or other incidents. Minor damage
did not occur in the frequent earthquake, and it had only a small probability of occurring
from the rare earthquake. This was because the pier could bear a greater force, which
reflected the requirements of ductility design of bridge components. It showed that the
seismic demand on the bridge pier was greatly reduced in the isolation bearing structure.

According to the data shown in Figure 6, under frequent earthquake action (PGA = 0.11 g),
the isolated bearing was not easily damaged. However, under rare earthquake action
(PGA = 0.51 g), damage to the bearing occurred; the probability of minor, moderate, and
severe damage was 52, 11, and 4%, respectively, but a collapse of the isolated bearing did
not happen. Compared with the bridge pier, the seismic fragility of the isolated bearing
played a key role in the safety control of the isolated continuous girder bridge. This
was mainly because the isolated continuous girder bridge canceled the braking pier, the
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deformation of the isolated bearing was relatively large, so the seismic fragility of the
isolated bearing was large.

In order to compare the failure probability of collision between the girder end and the
abutment of the general bridge (without isolation device) and of the isolated bridge, the
seismic fragility curves of the collisions between the girder and the abutment of two dif-
ferent bridges are given in Figure 7. Under the frequent earthquake action (PGA = 0.11 g),
there was no collision between the girder end and abutment of these two types of bridges.
However, in the case of rare earthquake action (PGA = 0.51 g), the probability of collision
between the girder end and the abutment of the general bridge was about 78%, and the
probability of collision between the girder end and the abutment of the isolated bridge was
63%. Therefore, for the bridge constructed using the isolation technology, the probability
of collision was 15% lower than that of the general bridge. The main reason was that
the relative displacement of the beam members from the earthquake was greatly reduced
because of the isolation bearings.

 
Figure 7. The seismic fragility curves of the girder collision (general bridge and isolated bridge).

4.2. Comparative Analysis of the Seismic Fragility of the Bridge Structure System Based on
First-Order Reliability Theory and Copula Technique

In order to verify the accuracy of the copula function method, the upper and lower
limits of the seismic fragility of bridge structures based on the first-order reliability theory
were considered. According to the reliability theory, when the seismic demand on compo-
nents is completely related, the maximum seismic fragility of components is the system
seismic fragility, which constitutes the lower bound of the first-order limit method; when
the seismic demand on components is completely unrelated, any component failure will
lead to the failure of the series system, which constitutes the upper bound of the system
seismic fragility. Therefore, the first-order boundary of the seismic fragility of the bridge
system is:

m
max
i=1

[P(Fi)] ≤ Psys ≤ 1 − m
Π

i=1
[1 − P(Fi)] (16)

where, P(Fi) indicates the probability of failure in the i-th damage state. Psvs is the fail-
ure probability of the bridge system in each damage state. m is the number of bridge
system components.

By substituting the seismic fragility function of piers and bearings into Equation (16),
the upper and lower boundaries of the seismic fragility of the system could be obtained.
For comparison, the seismic fragility boundary of the bridge system based on the copula
function and that based on the boundary method of first-order reliability theory are shown
in Figure 8.
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Figure 8. The seismic fragility curve of the overall bridge based on the copula function method.

As seen in Figure 8, the seismic fragility curve of the overall structure based on the
first-order reliability theory could be used to evaluate the failure probability range of the
overall structure of the bridge under earthquake action. Under the rare earthquake action
(PGA = 0.51 g), the failure probability of the overall structure of the bridge was between
21 and 28%, and the upper boundary seismic fragility curve of the failure probability of
the overall structure of the bridge and the seismic fragility curve of the bearing failure
almost coincided. However, the seismic fragility curve of the bridge system based on the
copula function was between the upper and lower bounds of the first-order boundary in
the whole range of seismic intensity, and it was closer to the lower bound. If the lower
bound described the seismic fragility of the bridge system, it would underestimate the
fragility of the structure, while if the upper bound described the seismic fragility of the
bridge system, it would obviously overestimate the fragility of the structure. With the
increase in ground motion intensity, the difference between the upper and lower bounds
obtained by the first-order reliability theory limit method increased, and the difference
between the upper and lower bounds obtained by the copula function method and the
seismic fragility of bridge system also increased. Therefore, when the intensity of ground
motion is large, the limit method of the first-order reliability theory will fail to estimate the
fragility of the seismic system of the structure and cannot reasonably evaluate the safety
and reliability of the structure.

It can also be seen from Figure 8 that the seismic fragility curve of the bridge system
based on the copula function method, under the rare earthquake action (PGA = 0.51 g),
indicated that the failure probability of the whole bridge structure was 19%. However, no
matter whether they were based on the first-order reliability theory or the copula function
method for seismic fragility analysis, the pier and the bearing of the bridge structure system
will not fail under frequent earthquake action (PGA = 0.11 g), and it is more likely to cause
minor or medium damage. In the rare earthquake action (PGA = 0.51 g), the probability
factors of complete failure of the pier and of the bearing were 8 and 21%, respectively. This
embodied the structural requirements for multiple seismic designs.

In conclusion, compared to the first-order reliability theory, the failure probability
of the whole bridge structure based on copula function analysis was smaller and the
probability interval was safer and more reliable.
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4.3. Comparative Analysis of Seismic Vulnerability between the Isolated Bridge System and
General Bridge System

The comprehensive analysis from the previous section showed that there are signifi-
cant dependences among component seismic demands since the components interact with
each other under earthquake excitation. Therefore, the copula technique was applied to
evaluate the seismic damage probability for the bridge structure system.

In order to compare the effect of the seismic isolation system, the seismic fragility
curves of the general bridge and the isolated bridge were devised based on the copula
function method, as shown in Figure 9.

 
(a) 

(b) 

Figure 9. Comparison of the seismic fragility curves of (a) the isolated bridge and (b) the
general bridge.

From Figure 9, under frequent earthquake action (PGA = 0.11 g), the probability of
minor damage and moderate damage to the general bridge were 18 and 6%, respectively.
The isolated bridge remained basically intact. Under rare earthquake action (PGA = 0.51 g),
the probability of serious damage to the general bridge was 68%, and the probability of
collapse 29%, but the probability of minor damage, moderate damage, severe damage, and
collapse of isolated bridges were 92, 56, 20, and 10%, respectively. Therefore, the probability
of different damage states of the bridge structure was greatly reduced with the seismic
isolation scheme.
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5. Conclusions

In this paper, an RC (reinforced concrete) isolated continuous girder bridge was se-
lected as the research object. In order to reasonably evaluate the seismic performance of the
isolated bridge, considering the randomness of the near-fault ground motion and structural
parameters, an incremental dynamic analysis of the bridge structure under different failure
states was carried out. With the copula function method, the joint distribution function of
components was obtained, and the seismic fragility curve of the bridge system, considering
the influence of multiple components and their demand correlation, was established, which
was compared with the first-order limit reliability theory model. The main conclusions are
as follows.

Compared with the traditional method, the copula function method has obvious
advantages. It can not only overcome the limitation of the assumption that the seismic
demands obey the lognormal distribution but can also describe the nonlinear correlation
between the seismic demands on the bridge components, especially the tail correlation.
This new method eliminates the limitation that only the Pearson correlation coefficient can
describe linear correlation and thus simplifies the modeling process of the multivariate
joint probability distribution function of the bridge structure. It provides a new model for
the seismic vulnerability analysis of complex (multiple) bridge structures.

The fragility curve of bridge structures obtained with the copula method was located
between the two limit values obtained with the first-order method, but there was still a
large gap, which indicated that the limit error caused by the traditional fragility analysis
method was relatively large. The calculation results showed that the failure probability
of the whole bridge structure analyzed with the copula method had a smaller probability
interval, and that the evaluation based on the copula method was more reasonable, safer,
and more reliable, which also proved the calculation efficiency and superiority of the
copula method.

Furthermore, in this study, the seismic fragility analysis of the isolated continuous
girder bridge showed that the failure probability of the isolation bearing was relatively
large and was more likely to occur as a limit state failure, while the failure probability of
the pier was relatively small. Therefore, in the seismic design of this kind of isolated bridge
structure, the seismic capacity of the isolation bearing should be the main consideration.
At the same time, this study also showed that the probability of different failure states in
the continuous bridge structure was greatly reduced with the seismic isolation scheme,
which can greatly improve the seismic performance of the bridge.
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Abstract: To improve the durability and serviceability of reinforced concrete structures, different
variants of dual-phase reinforcing steel were developed within the research project NEWREBAR.
The investigated variant of the new material, termed DPD2 steel, has a specific microstructure that
increases the corrosion resistance, but its yielding strength is less than that of Tempcore steel B500B.
DPD2 steel has no yielding plateau, which is characteristic of conventional reinforcing steel. Thus,
it was investigated whether the current building codes can be used to design earthquake-resistant
concrete structures reinforced by DPD2 steel bars. For this reason, three multi-story reinforced
concrete frame buildings were designed according to Eurocode by considering DPD2 steel and, for
comparison reasons, Tempcore steel B500B. Based on the nonlinear model, which was validated
by cyclic test of columns, the seismic performance of DPD2 buildings was found to be improved
compared to those designed with conventional B500B reinforcing steel. This can mainly be attributed
to the substantial strain hardening of the DPD2 steel, which increases the overstrength factor of the
structure by about 10%. However, for the improved seismic performance, the amount of steel in
DPD2 buildings had to be increased in the design by approximately 20–25% due to the smaller yield
strength of DPD2 steel. Nevertheless, it was demonstrated that Eurocode 8 could be used to design
earthquake-resistant frame building reinforced with dual-phase reinforcing steel DPD2.

Keywords: dual-phase reinforcing steel; earthquake-resistant design; Tempcore reinforcing steel;
reinforced concrete frames; seismic analysis; pushover analysis

1. Introduction

The exposure of reinforced concrete structures to aggressive environmental conditions
causes corrosion of steel reinforcing bars and deterioration of structural performance
against gravity and seismic loads (e.g., [1–4]). The corrosion rate, however, also depends
on the typology of the reinforcing steel. At present, the majority of new reinforced concrete
structures in Europe are reinforced with Tempcore reinforcing bars. Tempcore steel is
characterised by its highly suitable mechanical properties, excellent weldability, ductility,
bendability and manageable production costs. Nevertheless, several authors [5–7] observed
that the deformation and energy dissipation capacity of structural elements reinforced by
Tempcore steel bars rapidly deteriorates if they are exposed to aggressive environmental
conditions. Corrosion affects the bending and shear capacity of structural elements. Thus,
the seismic performance of the structure can be reduced significantly during its lifetime
(e.g., [8–10]). Celarec et al. [8] showed that the corrosion of stirrups could trigger the shear
failure of structural elements, although the frame was designed and constructed according
to the capacity design principles. Lavorato et al. [10], among others, reported that the
corrosion might induce longitudinal bar buckling in sections that were originally designed
to prevent such phenomena.

Therefore, it is sensible to investigate and improve the durability (i.e., resistance
against corrosion) of reinforced concrete structures. The degradation of concrete struc-
tures is often improved by the utilisation of modified concrete mixture [11,12]. The most
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convenient approach is to increase the thickness of the concrete cover and improve the
quality of concrete [13]. However, in recent years, it has become possible to enhance the
properties of steel bars. For example, Lollini et al. [14] and Gu and Meng [15] presented
the applications of stainless steel in construction. Maffei et al. [16] and Salvatore et al. [17]
analysed the possibility of adopting dual-phase (DP) steels for civil construction. DP
steels are widely used in the automotive sector due to their excellent ductile properties
and improved durability performance. However, the use of DP steel in construction is
limited because the technology for mass production of reinforcing bars has yet to be fully
developed. One attempt was made by Lorusso et al. [18], who presented the application
of DP steels in wires for the reinforcement of concrete structures. Authors found that the
DP steels had a greater capacity for energy absorption, ultimate elongation and hardening
exponent than ATR500N, although they showed a slight decrease in resistance. However,
their product did not reach the levels of elongation at maximum strength or at rupture
which are typical for traditional Tempcore steel.

The production of dual-phase reinforcing steel, which has similar characteristics in
terms of strength and deformation capacity to traditional Tempcore steel (e.g., B500B,
B450C), was addressed within the European research project ‘NEW dual-phase steel REin-
forcing BARs for enhancing capacity and durability of antiseismic moment-resisting frames’
(NEWREBAR). The project was funded by the Research Fund for Coal and Steel (RFCS).
The technology for producing DP reinforcing bars is one of the results of this project. In
particular, two DP steel grades (i.e., DPD2 and DPF2) were developed and tested [19],
and the industrial feasibility of DP rebars using existing plants was also evaluated [20]. It
was shown that the existing plants have to be upgraded in order to allow for industrial
production of the new steel.

The two grades of DP steel (i.e., DPD2 and DPF2) were produced using the same
production process, but they have different chemical compositions of produced coils. Con-
sequently, grade DPD2 has higher strength but a lower deformation capacity in comparison
to DPF2. Howeve, details about the production of steels are beyond the scope of this
paper because it focuses on the usability of DP steel for the construction of reinforced
concrete buildings in seismic prone areas [19,21]. The corrosion resistance of innovative
DP reinforcing steels is improved against Tempcore steel [21] as a consequence of their
specific microstructure, characterised by the direct embedment of martensite into the ferrite
matrix. In the case of Tempcore steel, the martensite is formed on the outer surface of the
bars, which increases their hardness, while the remaining ferritic–perlitic core maintains
the typical ductility of hot-rolled bars [22].

Besides the corrosion resistance, the stress–strain curve of DP steel is different from
that of conventional Tempcore steel. The stress–strain curve of DP steel does not indicate
a typical yielding plateau, and it has a different hardening ratio and ultimate stress in
comparison to conventional reinforcing steels. As a consequence, the use of DP steel bars
in reinforced concrete (RC) structures can alter the maximum strain demand in reinforcing
bars. Additionally, the use of DP steel bars affects the ductility of the structural element
and the global ductility of the structure, both of which are essential for achieving the life
safety requirements of the current codes for earthquake-resistant structure design. As
DP steel is a new type of reinforcing steel, it is not yet understood whether the current
building codes [13,23] can be used for the earthquake-resistant design and the seismic
performance assessment of concrete structures reinforced by DP steel bars. For this purpose,
this research was conceived and performed in order to provide an insight into the seismic
performance of concrete structures reinforced by DP steel. The research involved the
earthquake-resistant design and seismic performance assessment of three multi-storey
frame buildings reinforced with B500B and DPD2 bars. The impact of new DP steel on
design and seismic performance results is commented on and evaluated.

In the first part of the paper, the mechanical properties of the traditional Tempcore
B500B reinforcing steel and dual-phase DPD2 reinforcing steel are presented and compared.
Then, the simplified nonlinear models are described, and the cyclic response of a column
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reinforced by B500B or DPD2 steel bars is validated by the results of the cyclic tests [24,25].
Finally, the findings of the earthquake-resistant design of the frame buildings are presented,
and the difference between the seismic performance of frame buildings reinforced with
DPD2 and B500B reinforcing bars are discussed.

2. Mechanical Properties of Tempcore Steel and Dual-Phase Steel DPD2

Tempcore steel grade B500B and innovative DP steel grade D2 (i.e., DPD2 steel grade),
which was developed within the European research project NEWREBAR [19], are produced
using different procedures. Reinforcing steel B500B is produced using the Tempcore pro-
cess, which is characterised by a quenching phase following the self-tempering phase. This
process provides good strength and ductility and moderate production costs. However,
several researchers [6,26] have recently observed various durability problems associated
with Tempcore steel that reduce both the deformation and energy dissipation capacities
of structural elements if exposed to aggressive environmental conditions. However, the
resistance of DP reinforcing steel against corrosion is better, due to its specific microstruc-
ture, which causes also differences in the stress–strain relationship in comparison to that
of the frequently used Tempcore steel (Figure 1). The stress–strain relationship of DP
steel corresponds to DPD2 steel grade manufactured within the European research project
NEWREBAR [21], whereas the stress–strain curve of Tempcore B500B was obtained from
the results of tensile tests performed within a research project that focused on the effects of
corrosion on the mechanical behaviour of steel reinforcing bars [27] and a research project
sponsored by the Slovenian Research Agency [24]. From Figure 1, it can be observed
that the stress–strain relationship of B500B has a yielding plateau, which is typical for
heat-treated steel. This phenomenon is not seen in the case of the DPD2 steel grade, which
is characterised by a continuous yielding, similar to that presented in the literature for
DP steel grades [28]. Therefore, the yield strength of reinforcing steel DPD2 has to be
determined based on a permanent offset of 0.2% of the gage length under load.

Figure 1. Stress-strain relationships of B500B and DPD2 steel grades.

The mechanical properties of the steel grades presented in Figure 1 are elaborated in
Table 1, where fy,k is the characteristic yield strength (i.e., fifth percentile of the measured
yield strengths), fy,m is the mean yield strength, fu is the mean value of the maximum tensile
strength, Agt is the deformation at maximum strength, A5 is the deformation of rupture
of the bar, and k is the hardening ratio. It can be concluded that the DPD2 steel grade has
a higher value of ultimate deformation (A5; 26.2% vs. 25.0%) and higher hardening ratio
(k; 1.28 vs. 1.19). On the other hand, the B500B steel grade has a higher yield and tensile
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strength. The characteristic yield strength of B500B is higher than that of DPD2 by a factor
of 1.25.

Table 1. Mechanical properties of B500B and DPD2 steel grades taken from the experimental res-
ults [21,24,27].

Steel Grade fy,k [MPa] fy,m [MPa] fu [MPa] Agt A5 k

B500B 500 548 650 12.3% 25.0% 1.19
DPD2 400 461 590 11.9% 26.2% 1.28

The results of low-cycle fatigue tests [29] also revealed that DPD2 reinforcing steel has
almost the same energy dissipation capacity as traditional Tempcore steel if the energy dis-
sipation capacity was measured in terms of the maximum cycle numbers at the designated
imposed deformation and the total dissipative energy.

3. Mathematical Modelling of Cyclic Response of Columns Reinforced with B500B
and DPD2

3.1. Description of Code-Based Mathematical Modelling of Seismic Response of RC Columns

The code-based mathematical model of an RC column comprises an elastic element
with nonlinear flexural hinges at both ends of the column. If the model is used for simu-
lation of the cyclic test of a column, then the nonlinear flexural hinge is used only at the
base of the column (see Figure 2a). Such a model is presented in the following and is used
to simulate the cyclic response of columns reinforced with both B500B and DPD2 steel
bars. All simulations were performed using OpenSees [30]; therefore, some features of the
modelling refer to the OpenSees command language.

  
(a) (b) 

Figure 2. (a) mathematical model of column for simulation of cyclic response and (b) four-linear moment-rotation relation-
ship of plastic hinge.

The linear elastic element was modelled using the ‘elasticBeamColumn’ element
available in OpenSees. The element is defined based on the height of column used in
experiments and has the characteristics of a concrete cross-section (i.e., elastic modulus of
concrete, and area and moments of inertia of cross-section).

The four-linear moment–rotation relationship of the nonlinear flexural hinge, similar to
that proposed by Ferreira et al. [31], was defined. The cracking of the concrete cross-section
is represented by the first characteristic point (CR) from the moment–rotation relationship,
whereas other points are related to the reinforcement yielding (Y), the maximum moment
(M) and the near-collapse limit (NC) state (see Figure 2b). Note also that an additional
point (see a red dot in Figure 2b) is presented on the moment–rotation relationship. This
point was added to improve the presentation of the damage of the structural elements.

The data required for the calculation of the moment–rotation relationship (see Figure 2b)
are elastic proprieties of structural elements, the geometry of cross-section of the structural
element, longitudinal reinforcement, transverse reinforcement, the material strength, level
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of normalised axial force and assumed ratio rCM (see below). The cracking MCR, yielding
MY, and the maximum MM moments were calculated by performing a moment–curvature
analysis of the cross-section, which was divided into many fibres. Each fibre was defined
with an appropriate uniaxial material, available in OpenSees. The confined and unconfined
concrete were modelled using ‘Popovics Concrete Material’ (or ‘Concrete04 Material’) [32].
In the case of unconfined cover concrete, the parameters of ‘Popovics Concrete Material’
were assessed according to the requirements of Eurocode 2 [13], whereas the concrete
compressive strength was obtained from the compressive test performed on cubes taken
from the concrete used to cast the column. The parameters of the confined concrete were
estimated according to the draft of the new Eurocode 8-3 [33]. In this case, the confined
concrete maximum compressive strength fcc and the corresponding strain εc0,c can be
determined using the following expressions

fcc = fc(1 + K) (1)

εc0,c = εc0(1 + 5K) (2)

where fc is the concrete compressive strength of unconfined concrete, whereas εc0 is the
compressive strain in the concrete at maximum strength, which is assumed to be 0.002. The
parameter K is calculated with the following equation

K = 3.5
(

α · ρsw · fyw

fc

) 3
4

(3)

where fyw is the mean yield strength of transverse steel, α is the confinement effectiveness
factor, and ρsw is the ratio of transverse reinforcement. From Equation (3), it can be seen that
the response of the confined concrete does not only depend on the amount of transverse
reinforcement but also on the strength of the steel used for reinforcement, as was also
found by Wang et al. [34]. For rectangular sections, the ρsw is defined as

ρsw =
Asw

bw · sw
(4)

where Asw is the area of the transverse reinforcement bars of the cross-section, bw is the
width of cross-section, and sw is the spacing of the stirrups measured from the centreline.
The confinement effectiveness factor α is defined as follows

α =

(
1 − sw

2bo

)(
1 − sw

2ho

)⎛⎜⎜⎝1 −

n
∑

i=1
b2

i

6boho

⎞
⎟⎟⎠ (5)

where bo and ho are the dimensions of the rectangular of the confined concrete measured to
the centreline of the perimeter bar, bi is the i-th centreline spacing between longitudinal
bars, laterally restrained by a stirrup corner or hook, and n is the number of longitudinal
bars, laterally restrained along the perimeter of the cross-section.

The reinforcing steels B500B and DPD2 were modelled using ‘MultiLinear uniaxi-
alMaterial’ [35], which can take the softening branch after the maximum strength into
account. ‘MultiLinear uniaxialMaterial’ is defined by specifying points of the stress–strain
(force-displacement) curve.

The cracking moment, MCR, of the moment–rotation relationship of the nonlinear
flexural hinge corresponded to the cracking of concrete in the first fibre in tension. The
yielding moment MY was reached when the strain in the first reinforcing bar was equal
to the yield strain of the steel εsy. The maximum moment MM was determined from the
results of the moment–curvature analysis of the cross-section of the column. The moment
corresponding to near-collapse limit state MNC was defined at 80% of the maximum
moment in the softening branch of the moment–rotation relationship.
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The rotation in the nonlinear flexural hinge at the occurrence of concrete cracking
(MCR) was determined by assuming a linear curvature along the distance LV

θCR =
MCRLV

3EI
(6)

where EI is the product of elastic modulus of concrete and moment of inertia of the cross-
section, and LV = M/V is the length from the plastic hinge to the point of zero moment,
which, in this case, is equal to the height of the column. The yield rotation θY was calculated
following the draft of the new Eurocode 8-3 [33]

θY = ϕy
LV + aVz

3
+ 0.0019

(
1 +

h
1.6LV

)
+

ϕydbl fy

8
√

fc
(7)

where h is the depth of the rectangular column in the direction of loading, fy is the yield
strength of the steel, fc is the compressive strength of concrete, dbl is the (mean) diameter of
the tension reinforcement, aVz is the tension shift of the bending moment diagram, which
was calculated according to Eurocode 2 [13] 9.2.1.3(2), and ϕy is the yield curvature of a
cross-section, which was obtained by performing moment–curvature analyses in OpenSees.

The rotation at the near-collapse limit state was also estimated in accordance with the
draft of the new Eurocode 8-3 [33]

θNC = θY +
(

ϕu + ϕy
)

Lpl

(
1 −
(0.5Lpl

LV

))
+ Δθu,slip (8)

where ϕu is the ultimate curvature of a cross-section and was obtained by performing
moment–curvature analyses in OpenSees. The Lpl is the length of the plastic hinge, whereas
Δθu,slip is the post-yield fixed-end rotation due to yield penetration in the anchorage zone
beyond the yielding end of the element, and should be taken as

Δθu,slip = 9.5db
ϕu + ϕy

2
(9)

where db is the bar diameter. The ultimate curvature of the cross-section was also calculated
with consideration of the draft of the new Eurocode 8-3, which prescribes that the ultimate
curvature ϕu in a critical zone can occur before (condition a) or after (condition b) spalling
of the concrete cover. Both ultimate curvature models foresee attainment of the ultimate
curvature when the tension strain in the bar equals the ultimate tension strain (εsu) or the
compressive strain in the concrete equals the ultimate compressive strain of unconfined
(εcu) or confined (εcu,c) concrete. However, the criteria for the ultimate tension strain of the
steel and ultimate compressive strain of the concrete differ for conditions (a) and (b). The
ultimate strains in steel and concrete for condition (a) are as follows:

• For the steel bar in tension

εsu = 0.4εsu,nom (10)

• For the (unconfined) concrete

0.0035 ≤ εcu = (18.5/h[mm])2 ≤ 0.01 (11)

where εsu,nom is the uniform elongation at tensile strength in a standard steel coupon test,
and h is the depth of the unspalled section. For condition (b), which refers to the situation
when the ultimate curvature is reached after spalling of the concrete cover, the ultimate
strains in steel and concrete are defined as the minimum of the following strains:

• For the steel bar in tension
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εsu =
4
15

εsu,nom

(
1 + 3

dbL
sw

)(
1 − 0.75e−0.4Nb,compr

)
(12)

• For the confined concrete core inside the steel ties

εcu,c = εcu + 0.04

√
αρsv fyw

fc
(13)

where dbL is the diameter of the longitudinal bars, Nb,compr is the number of bars near
the extreme compression fibres (those in the outermost layer of compression bars for a
rectangular compression zone), and εcu is obtained from Equation (11), replacing h with the
depth of the confined core (ho). The ρsv is the volumetric ratio of transverse reinforcement
defined as the volume of confining hoops over the volume of a concrete core, and α is the
confinement effectiveness (see Equation (5)).

According to Eurocode 8-3, condition (b) applies when the calculated flexural resis-
tance of the confined concrete section exceeds 80% of the resistance of the full unspalled
concrete section at the instant when the strain, either in steel or in the concrete, becomes
equal to the ultimate strain. In all other cases, the ultimate curvature of the section is
defined by condition (a).

The length of the plastic hinge has an important influence on the near-collapse limit-
state rotation. According to the draft of the new Eurocode 8-3, it is determined as follows

Lpl =

(
1 − 1

3

√
min

(
2.5; max

(
0.05;

bw

h

)))
·
(

1 + 0.4min
(

9;
LV
h

))
· (1 − 0.45min(0.7; ν)) · (0.3h) (14)

where bw is the width of the section parallel to the shear force, and ν = N/Acfc is
the normalised axial force, where Ac is the cross-sectional area, and the axial force N is
considered positive for compression.

Based on the definitions from the Eurocode and the adopted four-linear moment-
rotation relationship (see Figure 2b), it is possible to calculate the rotation at maximum
moment θM using rules of similar triangles (i.e., the ratio between the “distances” MM-
MC and θM-θC is equal to the ratio between the “distances” MNC-MC and θNC-θC (see
Figure 2b))

MM − MC
θC − θM

=
MNC − MC
θC − θNC

→ MM − MC
θM · rCM − θM

=
0.8MM − MC

θM · rCM − θNC

→ θM = θNC
(MM − MC)

(MM − MC + (rCM − 1)(1 − 0.8)MM)

(15)

where rotation at the near-collapse limit state θNC is estimated according to Equation (8), the
moments at the characteristic points C and M are calculated as discussed above, and rCM is
the ratio between the rotation at zero moment θC and the rotation at maximum moment θM.
Note that, in the derivation, it was also taken into account that the moment corresponding
to near-collapse limit state MNC was defined at 80% of the maximum moment in the
softening branch of the moment–rotation relationship. As the four-linear moment–rotation
relationship of the plastic hinge of the column is simplistic, the rotation at zero moment θC
is not realistic. Thus, it makes sense to define the rCM based on experimental results in order
to calibrate the moment–rotation relationship at least to the near-collapse limit state. The
rCM is not prescribed by the codes (e.g., [36]). However, in the example of the simulation
of the seismic response of the four-storey reinforced-concrete frame building [37], it was
shown that the match between the results of numerical simulation and the experimental
test was quite good if rCM = 3.5 was used for both columns and beams.

The moments at characteristic points of the four-linear moment–rotation relationship
of the plastic hinge of the column have a rigorous physics background, whereas the
formulas for corresponding rotations are based on empirical regression models. Therefore,
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it is expected that the characteristic rotations obtained from the particular experiment may
differ from the values for the yield or near-collapse rotation from the empirically based
regression models (Equations (7) and (8)). In this study, it was observed that the yield
rotation, estimated according to Equation (7), was notably different from the yield rotation
from the cyclic test of examined specimens. To calibrate the mathematical model with the
results of the particular cyclic tests of the columns reinforced by B500B and DPD2 steel
bars, the yield rotation according to Equation (7) was multiplied by a factor γ, as discussed
in Sections 3.2 and 3.3.

The described mathematical model of the plastic hinge of the RC column was realised
in OpenSees by two zero-length elements, connected in parallel. The three-linear moment-
rotation relationship (i.e., uniaxial material ‘Hysteretic’) was assigned to each zero-length
element, aiming to at simulate flexural behaviour, whereas the axial, shear and torsional
characteristics were defined using ‘Elastic uniaxialMaterial’. The characteristics of each
three-linear moment–rotation relationship were defined in such a manner that the moment–
rotation relationship of the coupled zero-length elements was equal to the four-linear
moment–rotation relationship described above. The rules for determining the parameters of
each of the two zero-length elements with the three-linear moment–rotation relationship are
schematically presented in Figure 3. Note that the rotations θCR and θY define the rotation
at the first characteristic point (CP1) of the three-linear backbone 1 and 2, respectively. The
rotations of the second (CP2) and third (CP3) characteristic points are equal to θM and θC
and are the same for both backbones. The moment corresponding to the third characteristic
point (CP3) is equal to zero for both backbones. In contrast, the moments of the first two
points (CP1 and CP2) of backbones are assessed based on the assumption that the increase
in the moment of the moment–rotation relationship between rotations corresponding to θY
and θM is the same for both backbones.

 

Figure 3. Schematic presentation of coupling two three-linear moment–rotation relationships in
parallel in order to obtain a four-linear moment–rotation relationship in a flexural plastic hinge.

For the reader who is not familiar with OpenSees, it may be interesting to describe the
uniaxial material ‘Hysteretic’. The moment–rotation envelope of this material is defined by
three characteristic points in a positive direction and three characteristic points in a negative
direction. The cyclic behaviour is then controlled by two parameters defining pinching,
the energy-dependant damage parameter, the ductility-dependant damage parameter
and the ductility-dependant parameter β, which affects the unloading stiffness. As the
ductilities of ‘Hysteretic uniaxialMaterial’ materials at a certain rotation are not the same,
the ductility-dependant damage parameter and β have to be appropriately calibrated in
order to achieve a similar hysteretic response of ‘Hysteretic uniaxialMaterial’ materials. For
reinforced concrete elements, the values of parameter β are typically set to approximately
0.75 for a three-linear backbone with smaller initial stiffens (i.e., backbone 2) and 0.69 for
another three-linear backbone (i.e., backbone 1). Note also that the damage and pinching
parameters are usually set to zero in the simulation of a complex multi-degree-of-freedom
structure, because non-zero values can produce convergence problems.
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3.2. Numerical Simulation of Cyclic Test of Column Reinforced with B500B

The proposed model was used to simulate the cyclic response of a column rein-
forced with reinforcing steel B500B and tested within a research project sponsored by the
Slovenian Research Agency [24]. The specimen height was 1.70 m with a cross-section
b/h = 30/30 cm. The square column was reinforced with 8 bars of diameter φ 16 mm in
the longitudinal direction and φ8 mm/7.5 cm n = 2 +

√
2 in the transverse direction (see

Figure 4). The mean compressive strength of concrete was obtained from the experimental
test on the cylinder, and it was equal to 41.2 MPa, whereas for the reinforcing steel, the nom-
inal strength of the B500B was assumed. The column was loaded with an axial force that
corresponded to the normalised axial force 0.15. The distance between the column base and
the centre of the horizontal hydraulic jack, which was used to impose the displacements to
the column, was 1.50 m.

 

Figure 4. Elevation view of specimen with reinforcement, and cross-sections of column of specimen
reinforced with B500B.

The simulation of the response of the column was performed by imposing on the
model the displacements that were used during the cyclic test. The model of the column
was developed according to the rules defined in Section 3.1. The elastic part of the model
was based on the concrete cross-section dimensions and the elastic modulus of concrete
(Ec = 36,000 MPa, see Table 2). The moment–rotation relationship was assessed using the
characteristics of the reinforced concrete cross-section at the base of the column. For the
reinforcing steel, the stress–strain curve for B500B, presented in Figure 1, was used. The
material properties of confined and unconfined concrete are presented in Table 2. Note that
the axial force (N) was not applied to the columns, but its effect was taken into account in
the calculation of the moment–rotation relationship (see Section 3.1).

Table 2. Compressive strength (fc), corresponding compressive strain at fc (εc0), ultimate strain
(εcu), axial tensile strength (fct), tensile strain at fct (εt) and elastic modulus (Ec) of confined and
unconfined concrete.

Unconfined Concrete Confined Concrete

fc [MPa] 41.2 56.8
εc0 [‰] 2.22 6.41
εcu [‰] 3.50 19.66

fct [MPa] 3.1 3.1
εt [‰] 0.086 0.086

Ec [MPa] 3.6·104 3.6·104

321



Appl. Sci. 2021, 11, 4998

The characteristic points of the moment–rotation relationship were calculated as
defined in Section 3.1 by assuming rCM = 3.5. The parameter β was considered, as defined
in Section 3.1 (i.e., 0.75 and 0.69 for, respectively, uniaxial material Hysteretic corresponding
to zero-length element with smaller and higher initial stiffness (see zero-length element 2
in Figure 3)). The pinching and damage parameters were set as 0.

The model for the moment–rotation envelope of the column was further calibrated to
improve the match between the simulated and measured cyclic response of the column. For
this purpose, only the yielding rotation from Equation (7) was multiplied by the correction
factor γ = 0.60, and the rCM was set to 7. The parameter β and the damage parameter
(damage1) of the column were also estimated based on the experimental results. For the
zero-length element with smaller initial stiffness, the parameter β was set to 0.75, and
damage1 was taken to equal 0.009, whereas, for another zero-length element (Figure 3), the
corresponding values were considered to equal 0.55 and 0.001.

The cyclic test results and the corresponding simulations using the basic and the
calibrated model are presented in Figure 5. From Figure 5a, it can be observed that the basic
model overestimates the yield rotation and rotation at the maximum moment. In addition,
it underestimates the amount of dissipated hysteretic energy. The results of the simulation
with the calibrated model are significantly improved. Note also that the near-collapse
rotation of the plastic hinge, calculated according to Equation (8), is sufficiently accurate
for both models.

(a) (b) 

Figure 5. Base shear—displacement at height 1.50 m relationship observed during cyclic test and that obtained from
simulation of cyclic response of a column reinforced with B500B using (a) basic and (b) calibrated model.

3.3. Numerical Simulation of Cyclic Test of Column Reinforced with DPD2

The proposed model was also used to simulate the cyclic response of the column,
which was tested within the NEWREBAR research project [25]. The column height was
1.75 m, with a cross-section b/h = 35/35 cm. In this case, the column was reinforced
with DPD2 steel bars. Eight bars of diameter φ16 mm were placed in the longitudinal
direction and φ 10/7.5 cm n = 2 +

√
2 in the transverse direction (see Figure 6). The mean

compressive strength of concrete, which was obtained from the experimental test on the
cylinder, was relatively low, and amounted to 21.1 MPa. The axial force corresponded to
the normalised axial force 0.30. The distance between the column base and the centre of
the horizontal hydraulic jack was 1.53 m.

The response of the column was simulated by imposing the displacements that were
measured during the cyclic test. The basic model was developed according to the rules
defined in Section 3.1. The elastic part of the numerical model was modelled based on the di-
mensions of the concrete cross-section and the elastic modulus of concrete (Ec = 30,000 MPa,
see Table 3). The moment–rotation relationship was assessed using the characteristics of the
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reinforced concrete cross-section and the results of moment–curvature analysis. For such
an analysis, the confined and unconfined concrete, the mechanical properties of which are
shown in Table 3, were used to define the properties of the uniaxial material ‘Concrete04’.
The stress–strain relationship of the DPD2 reinforcing steel, which is presented in Figure 1,
was used to determine the properties of the uniaxial material ‘MultiLinear’.

 

Figure 6. Elevation view of specimen with reinforcement and cross-section of column of specimen
reinforced with DPD2.

Table 3. Compressive strength (fc), corresponding compressive strain at fc (εc0), ultimate strain
(εcu), axial tensile strength (fct), tensile strain at fct (εt) and elastic modulus (Ec) of confined and
unconfined concrete.

Unconfined Concrete Confined Concrete

fc [MPa] 21.1 35.7
εc0 [‰] 1.80 8.04
εcu [‰] 3.50 23.28

fct [MPa] 1.7 3.1
εt [‰] 0.056 0.086

Ec [MPa] 3.0·104 3.0·104

The basic model was defined as described in Section 3.1. The values of rCM, β, the
pinching and damage parameters, were assumed to be equal to those used in the case of
the basic model of a column reinforced with B500B. The basic model was then calibrated
to improve the simulation of the envelope of the force–displacement relationship. In this
case, the yielding rotation based on Equation (7) was multiplied with the correction factor
γ = 0.75. The ratio between the rotation at zero moment θC and the rotation at maximum
moment θM (rCM) was set to 7, which is equal to the value used in the case-calibrated
model of the B500B column. The ductility-dependant parameters β and damage1 of the
zero-length element with smaller initial stiffness were assumed to be equal to 0.60 and
0.011, respectively. For another zero-length element (Figure 3), the corresponding values
were considered equal to 0.64 and 0.0005, respectively.

The results of the simulations of the cyclic test of the column using the basic and the
calibrated model are presented in Figure 7. The conclusions are similar to those given
for column reinforced with B500B. In this case, the basic model also overestimates the
yield rotation and rotation at the maximum moment. The amount of dissipated hysteretic
energy is also significantly underestimated. From the results of the cyclic test, it can
also be observed that the strength was different in the positive and negative direction.
This phenomenon, which cannot be modelled by simplified nonlinear models, is partly
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a consequence of the issues during the cyclic test, as explained in [25]. The results of the
numerical simulation match particularly well with the experimental results for a positive
direction of displacement, even in the near-collapse range. This match indicates that the
near-collapse rotation, calculated according to Equation (8), is sufficiently accurate, at least
for this particular column, reinforced with DPD2 steel bars. However, in another direction,
the strength and the near-collapse rotation capacity seem to be slightly overestimated by
the numerical simulation.

(a) (b) 
Figure 7. Base shear—displacement at height 1.53 m relationship observed during cyclic test and that obtained from
simulation of cyclic response of a column reinforced with DPD2 using (a) basic and (b) calibrated model.

4. Design and Seismic Performance Assessment of DPD2 and B500B Buildings

The parametric study was conceived and performed, aiming to investigate the usabil-
ity of the current earthquake-resistant design procedures for concrete frames reinforced by
DPD2 steel. Three multi-storey RC frame buildings were designed according to Eurocode
8-1 and assessed using pushover and response history analyses. The seismic design param-
eters and the investigated buildings are first introduced. This is followed by a description
of the mathematical model of the RC frame building, which is based on the model of the
calibrated columns. The results of the seismic performance of DPD2 RC frame buildings
are presented in Section 4.3, along with the results obtained for B500B buildings. For these
cases, B500B and DPD2 steel were taken into account in the design and the seismic perfor-
mance assessment. The second variant of DPD2 buildings was also defined to investigate
the impact of the lower strength of DPD2 steel. In this case, the reinforcement in the B500B
building was replaced by the same amount of DPD2 reinforcement. These buildings are
termed DPD2 buildings, designed as B500B.

4.1. Description of Analysed Buildings

The 4-, 8- and 11-storey reinforced-concrete frame buildings (Figure 8) were designed
and analysed. The building structures were designed for the gravity and seismic load com-
binations prescribed by Eurocode 0 [29]. The design peak ground accelerations amounted
to 1.2·0.30 g = 0.36 g (soil type B), 1.15·0.25 g = 0.29 g (soil type C) and 1.2·0.25 g = 0.30 g
(soil type B), respectively, for the 4-, 8- and 11-storey buildings. The behaviour factor was
assumed to equal 3.9, which is defined in Eurocode 8 for multi-storey multi-bay frames
designed for ductility class medium (DCM). Concrete C30/37 was prescribed in the design
of the 4- and 8-storey buildings, whereas C35/45 was selected in the case of the 11-storey
building. Selected properties of the structures and their design parameters are presented in
Table 4. The largest design base shear–weight ratio was observed for the 4-storey building
(15.5%), whereas the smallest Fb/W ratio was observed for the 11-storey building (5.2%).
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Figure 8. Elevations, plan views and reinforcement in typical columns and beams of (a) 4-, (b) 8- and (c) 11-storey buildings.

Table 4. Total mass, first vibration period, reference peak ground acceleration, soil factor, spectral
acceleration corresponding to first vibration mode from the elastic spectrum and design base shear–
weight ratio of 4-, 8- and 11-storey buildings.

Building Total Mass (t) Period T1 [s] agD,R [g] Soil Factor Se,D(T1) [g] Fb/W

4-storey 339 0.68 0.30 1.2 0.66 15.5%
8-storey 2338 1.21 0.25 1.15 0.36 7.7%

11-storey 10,221 1.67 0.25 1.2 0.23 5.2%

The average longitudinal reinforcing ratios of columns and beams in the critical
zone (zone of the plastic hinge) of each storey are shown in Figure 9. As the design
yield strength of the DPD2 reinforcing steel (fyd,DPD2 = 348 MPa) is lower than that of the
B500B reinforcing steel (fyd,B500B = 435 MPa), the required amount of DPD2 reinforcement
is significantly increased for most of the structural elements. The highest longitudinal
reinforcing ratios of the columns can be observed for 4-storey buildings, followed by the
8- and 11- storey buildings. The longitudinal reinforcing ratios of the columns of the
4-storey building varied between 1.5% and 2.0%, and were equal to approximately 1%
in the case of the 11-storey building. In the critical zones of the columns of the 4-storey
building, the amount of longitudinal reinforcement of DPD2 building is, on average, higher
by a factor of 1.24 than the amount of longitudinal reinforcement of the B500B building.
This result is practically equal to the ratio between the design yield strengths of the two
types of steel (i.e., fyd,B500B/fyd,DPD2 = 435 MPa/348 MPa = 1.25). For an 8-storey building,
the factor is slightly smaller and amounts to 1.20. On the other hand, the longitudinal
reinforcement of the columns of the 11-storey DPD2 and B500B building are practically
the same, which is a consequence of the fact that the reinforcement in the columns of both
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variants of buildings is governed by the minimum requirements of Eurocode 8 [23] (i.e., the
amount of longitudinal reinforcement should be higher than 1% of the area of the concrete
cross-section).

 
Figure 9. Average longitudinal reinforcing ratios in critical regions of (a) columns and (b) and (c) beams at storey level of 4-,
8- and 11-storey building.

The highest longitudinal reinforcing ratios of beams can be observed for the 11-
storey building, followed by the 4- and 8- storey buildings. By comparing the amount of
longitudinal reinforcement of the beams, it can be concluded that, for the 4-storey DPD2
building, the top and bottom longitudinal reinforcement of the beams are, on average,
higher, respectively, by a factor of 1.21 and 1.14, compared to the reinforcement in the B500B
building. In the case of 8- and 11-storey buildings, these factors are slightly increased, and
amount to between 1.23 and 1.28.

4.2. Description of Mathematical Model for Nonlinear Seismic Analysis of RC Frame Building

Simplified nonlinear three-dimensional frame models with concentrated plasticity
were developed for nonlinear static and dynamic analyses of RC frame buildings (Figure 10).
The model of the building structure includes the calibrated model of the column (Section 3).
Other modelling features are consistent with Eurocode 8 [23,36] requirements. Thus, the
beam and column flexural behaviour were based on one-component lumped plasticity
elements, comprising an elastic element and two inelastic rotational hinges (defined by a
moment–rotation relationship) on each side of the elastic element. The element formulation
assumed an inflexion point at the midpoint of the element. For beams, the plastic hinge was
used for major axis bending only. For columns, two independent plastic hinges for bending
about the two principal axes were taken into account. The floor diaphragms were assumed
to be rigid in their own planes, and the masses and moments of inertia of each floor were
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lumped at the corresponding centre of gravity. Beams were modelled using an effective
beam width defined according to Eurocode 2 [13]. The moment–rotation relationship was
modelled by a four-linear relationship (see Figure 2b in Section 3.1).

 

Figure 10. Simplified nonlinear model for seismic performance assessment of frame buildings.

The moment–rotation envelope of plastic hinges was calculated based on the proce-
dure used in the case of the calibrated models of the columns, as presented in Section 3.
However, for elements reinforced with traditional Tempcore steel, it may be interesting to
use a different procedure (e.g., [38]) for the definition of the moment–rotation relationship.
Nevertheless, the moment–curvature analysis was performed for each beam and column
by taking the geometry of the section, confined and unconfined concrete and longitudinal
reinforcement into account. However, the moment–rotation relationship of the plastic hinge
of columns was calculated based on rectangular cross-sections and actual reinforcement,
whereas the properties of plastic hinges in beams were calculated based on a T-shaped
beam cross-section and three layers of longitudinal reinforcement (i.e., the reinforcement
layer at the top and bottom reinforcement of the T cross-section, and reinforcement layer
at the bottom level of the flange). Zero axial force and the axial load due to gravity loads
were taken into account when determining the moment–rotation relationship for beams
and columns, respectively. The distance from the element end to the point of zero moment
LV was assumed to be to a half-length of the element. For determination of the ratio rCM,
a model which is dependent on the axial force was proposed. The model was developed
based on the results of the calibration of the numerical simulation of cyclic response of
the columns (see Sections 3.2 and 3.3) and the results of the various experimental tests
(e.g., [39]). For the cross-sections with a normalised axial force higher than 0.15, the rCM
was assumed to equal 7 (Section 3), but for normalised axial forces between 0 and 0.15, a
linear function with a value rCM between 2.5 and 7 was taken into account. Note that the
rCM was introduced based on the results of the simulation of cyclic response of the columns
(see Section 3.2) and the results of the various experimental tests (e.g., [39]). The parameter
β, which controls unloading stiffness, was defined as in the case of calibrated models of
the columns (Section 3), whereas the damage1 parameter was set to 0 to avoid convergence
issues. However, in the process of calibration of the models of columns, it was found that
the final results were not significantly affected by adopting a damage1 close to 0.

The moment–rotation relationships in the plastic hinges of beams and columns were
calculated using the mean values of material characteristics, as prescribed in Eurocode
8-3 [36]. Therefore, the mean concrete compressive strength was assumed to be 8 MPa
higher than the characteristic value of compressive cylinder strength (i.e., 38 MPa and
43 MPa for C30/37 and C35/45, respectively) [13], whereas the stress–strain relationships
for the B500B and DPD2 were the same as those presented in Figure 1.

Gravity load was represented by the uniformly distributed load on the beams and/or
by concentrated loads at the top of the columns. A total of 5% critical damping was con-
sidered proportional to the mass. Models of all building variants were generated by the
modified version of the PBEE toolbox [37], whereas the analyses were performed with
OpenSees [30]. The PBEE toolbox is a simple yet effective tool for the seismic perfor-
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mance assessment of reinforced concrete frames, using simplified nonlinear models. This
includes different functions for calculation of the moment–rotation relationship of the
plastic hinges in the columns and beams, functions for the generation of the Tcl input code
for OpenSees, functions for the post-processing of the analysis results and functions for
structural performance assessment.

The lumped plasticity models are simplistic. Therefore, some phenomena observed in
reinforced concrete structures (e.g., buckling of rebar bars in compression, bond-slip [40])
cannot be directly simulated. These phenomena are taken into account only indirectly
through the empirical-based regression equations for the estimation of the limit-state defor-
mation capacity, which is usual practice in the assessment. The model does not account
for simultaneous nonlinear effects due to biaxial bending. The nonlinear element’s flexu-
ral behaviour is modelled independently in two perpendicular directions. Furthermore,
the moment–rotation relationship of plastic hinges is based on the constant value of the
axial force during the analysis. The potential shear failure is also not simulated by the
model used in this study because the shear failure is not critical [41] for code-compliant
(i.e., [23]) structures that are not subjected to aggressive environmental conditions. How-
ever, although the lumped plasticity models are simplistic, it was found several times that
they can produce sufficiently good results (e.g., [37,42]). As they are not computationally
demanding, they are attractive for use in the simulation of the seismic response of entire
structures. The fibre elements model is a possible alternative to the seismic analysis of
building structures [40,43]. Such models provide more information on the local level, can
simulate biaxial bending and can consider the axial-flexure load. However, it may be too
complex for multi-storey structures in terms of computational cost, especially in the case of
an iterative earthquake-resistant design based on nonlinear models [44]. The detailed finite
element models could be an alternative, but they are not yet used for the calculation of the
global seismic response of a structure because they are not computationally robust and are
extremely computationally demanding (e.g., [45]).

4.3. Pushover Analyses

The capacity of the buildings was investigated using pushover analyses, which were
performed by utilising the modal pattern of lateral forces. The resulting pushover curves
are presented in Figure 11. The pushover curves are provided for the X direction only
because the pushover curves for the Y direction are similar. Thus, the presentation of
more results does not affect the conclusion of the study. The maximum strength of DPD2
buildings is higher than that of the B500B buildings, and it is observed at a higher roof
displacement. The DPD2 buildings become more flexible at the initiation of the nonlinear
behaviour, which begins with the cracking of concrete. After the yielding of columns at the
base, the pushover curves of B500B buildings are practically horizontal, whereas hardening
is more pronounced in the case of DPD2 buildings. All these differences in the pushover
curves of DPD2 and B500B buildings are primarily the consequences of variations in the
stress–strain relationship of the two types of steel. DPD2 steel bars are more deformable
than the B500B bars, but they are not characterised by the yielding plateau, which is typical
of the conventional reinforcing steel (i.e., for Tempcore steel B500B). However, to achieve
the appropriate strength of DPD2 buildings, the quantity of steel had to be increased in
the design. If the amount of steel in DPD2 buildings was equal to that designed for B500B
buildings, then the strength would be significantly lower (see the pushover curve of DPD2
buildings designed as B500B buildings in Figure 11).
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Figure 11. Pushover curves of variants of (a) 4-, (b) 8- and (c) 11-storey buildings. Diamond-shaped points on each of the
pushover curves correspond to near-collapse displacement.

The maximum base shear (Fmax) and the roof displacement at the near-collapse (NC)
limit state (dNC) are listed in Table 5 and serve as a precise analysis of the described
observations. The maximum strength of DPD2 buildings is from 6 to 10% higher than that
of B500B buildings. On the other hand, the maximum strength of B500B buildings is from
9 to 14% higher than that observed for DPD2 buildings designed as B500B buildings.

Table 5. Maximum base shear (Fmax), near-collapse roof displacement (dNC) and median spectral
accelerations at first vibration period, causing a near-collapse limit state (Se,NC).

Building Designed According to Fmax [kN] dNC [cm] Se,NC [g]

4-storey
B500B 1113 40.0 2.84
DPD2 1203 45.7 3.20

DPD2—designed as B500B 1018 42.0 2.89

8-storey
B500B 2974 62.4 1.48
DPD2 3273 65.0 1.49

DPD2—designed as B500B 2672 64.9 1.42

11-storey
B500B 9402 69.7 0.91
DPD2 9968 64.5 0.83

DPD2—designed as B500B 8272 71.8 0.87

The near-collapse roof displacements dNC were estimated by assuming that the near-
collapse limit state at the structural level is attained when the near-collapse is observed
in the first column. From Table 5, it is clear that the dNC increases with the number of
stories (Table 5). However, the trend regarding the difference in the dNC of DPD2 and B500B
buildings is not clear. A significantly and slightly higher dNC can be observed, respectively,
for 4- (45.7 cm) and 8-storey (65.0 cm) DPD2 buildings, whereas in the case of the 11-storey
building, the dNC was observed to be slightly higher for the B500B building. Note that the
latter observation is not the consequence of the mechanical characteristics (i.e., stress-strain
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curve) of the DPD2 bars. The increase in the deformation capacity of the 11-storey B500B
building was triggered by the higher column-to-beam strength ratio value, which was
observed because the required quantity of longitudinal reinforcement in the columns of
the B500B building was less than that of the DPD2 building. However, in both cases, the
required quantity of longitudinal reinforcement was less than 1%, which is the minimum
requirement according to Eurocode 8.

The only noticeable trend in deformation capacity is that the deformation capacity
of the DPD2—designed as B500B buildings is always approximately 4% higher than that
of B500B buildings. However, DPD2 buildings designed as B500B buildings are only
addressed here for comparative reasons.

By analysing the capacity of the DPD2 buildings, it can be concluded that Eurocode
standards can be used for the design of DPD2 buildings. In most cases, the lateral strength
and deformation capacity were increased in comparison to those observed in buildings
reinforced with B500B bars. As the design procedure of DPD2 buildings and B500B
buildings were the same, the increase in the lateral strength of DPD2 structures can be
attributed to the substantial hardening of DPD2 steel after yielding, which increases the
overstrength factor of the DPD2 buildings by about 10%. However, special attention
should be paid when the minimum requirements of the standard dictate the column
reinforcements. In these cases, the new, stricter minimum requirement should be defined
if the same capacity as the buildings designed with conventional B500B reinforcing steel
is required.

4.4. Results of Seismic Performance Assessment

The observations from the pushover analyses were verified by means of nonlinear
response history analyses. For this purpose, incremental dynamic analysis (IDA) [46] was
performed, aiming to estimate the spectral acceleration causing the near-collapse limit
state, which was attained when a near-collapse rotation was observed in the first column,
as defined in the previous section.

The spectral acceleration at the first vibration period was adopted for the intensity
measure. The ground motions for IDA were selected based on a conditional spectrum
approach [47], using a SHARE seismic hazard model [48]. The mean magnitude and mean
distance were obtained from seismic hazard disaggregation for Ljubljana and for spectral
acceleration, which corresponded to a return period of 2475 years (Se,2475) and the first
vibration period of the structure. Consequently, the selected sets of ground motion are
building-specific. For each building, 30 ground motions (see Figure 12) were selected from
the combined NGA [49] and RESORCE [50] strong ground motion databases, which contain
9188 ground motions. All of 30 ground motions correspond to events with magnitudes
between 4.5 and 7, and source-to-site distances between 5 and 50 km. For the analysis of the
4- and 11- storey buildings, the ground motions were recorded on soil with a shear-wave
velocity vs,30 between 360 and 800 m/s, whereas, in the case of an 8-storey building, the
vs,30 was between 180–360 m/s.

The resulting median spectral accelerations causing the near-collapse limit state Se,NC
are presented in Table 5, whereas the median IDA curves are shown in Figure 13. The
median IDA curves of DPD2 and B500B buildings are highly similar. Slight differences
can be observed in a range close to dynamic instability. The median spectral acceleration
causing the near-collapse limit state Se,NC of the 4-storey DPD2 building was observed
to be higher than that of the DPD2 building, whereas the opposite can be observed for
the 11-storey building. This trend was expected because, in the case of frame buildings,
the deformation capacity controls the ground motion intensity, causing the near-collapse
limit state. Therefore, the IDA curves of 8-storey DPD2 and B500B buildings are practically
equal, because this was also the case for the near-collapse roof displacement of buildings
observed in the pushover analysis. It is interesting to note that the seismic performance, in
terms of the median IDA curves of DPD2 designed as B500B buildings, is not significantly
reduced, although the maximum strength of these buildings is significantly smaller than
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for the other buildings. Namely, the seismic performance of the medium-to-long period
building is controlled by the deformation capacity, which was quite similar for variants of
the investigated buildings (Figure 11).

 

Figure 12. Target conditional acceleration spectra (median, 16th and 84th percentile), corresponding spectra of selected
ground motions for an earthquake scenario based on Se,2475, and acceleration spectra of each ground motion used for
assessment of (a) 4-, (b) 8- and (c) 11-storey buildings.

 

Figure 13. Median IDA curve of (a) 4-, (b) 8- and (c) 11-storey buildings.

To determine whether the life safety objective was fulfilled, the Se,NC were compared
to the risk-targeted spectral acceleration causing the NC of structure Se,NC,a, which was
calculated according to [51], and represents the target median value of spectral acceleration
causing the NC limit state. To calculate Se,NC,a the target (acceptable) annual probability
of collapse PC,a was set to 10−4 (0.5%/50 years). This is a rather high value, but it is close
to the values adopted in some other codes [52]. The seismic hazard curves for spectral
acceleration at the first vibration period of the building, which are also required to calculate
Se,NC,a, were obtained utilising the SHARE seismic hazard model [48]. The dispersion
of the spectral acceleration causing the collapse βSe,C was assumed to be 0.40 [53], and
the limit-state reduction factor γls, which transforms Se,C to Se,NC, was assumed to equal
1.15 [53]. Based on these definitions and assumptions, the target values of Se,NC,a amounted
to 0.95 g, 0.80 g and 0.35 g, respectively, for 4-, 8- and 11-storey buildings (see grey dashed
lines in Figure 13). From Figure 13, it can be observed that the actual median values of
spectral acceleration which caused the NC limit state are significantly higher than Se,NC,a.
Therefore, it can be claimed that all buildings are overdesigned if the life safety objective is
defined by a high value of the annual probability of collapse, PC,a = 10−4.

The results of the analyses showed that the seismic performance of DPD2 buildings
designed by Eurocode 8 are improved in comparison to the seismic performance of B500B
buildings. The advantage of DPD2 building is in their higher resistance to corrosion [21].
However, the amount of reinforcement is increased.

5. Conclusions

The seismic performance of frame buildings designed by Eurocode 8 and reinforced
by recently developed dual-phase reinforcing steel DPD2 and by conventional Tempcore-
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reinforcing steel B500B was investigated. The seismic performance of buildings was
assessed using the improved numerical model of columns with concentrated plasticity. The
developed model of columns, which account for four linear moment–rotation relationships,
was validated by the results of the cyclic test. The conclusions are as follows:

1. Only the yield rotation of Eurocode empirical regression models had to be calibrated
to adequately simulate the moment–rotation relationship from the cyclic tests of partic-
ular columns. However, it is suggested that the modelling uncertainty is investigated
further at the level of DPD2 buildings, for example, by performing a pseudo-dynamic
test using the full-scale building;

2. For the majority of DPD2 buildings, the maximum lateral strength (6–10%), deforma-
tion capacity (up to 15%) and seismic intensity causing a near-collapse limit state (up
to 13%) were observed to be improved in comparison to B500B buildings;

3. Because the seismic performance of DPD2 buildings is better than that of B500B
buildings if they are designed by Eurocode 8, it can be concluded that the DPD2
reinforcing steel can be used for the construction of DPD2 buildings designed by
Eurocode 8;

4. The reinforcement quantity of DPD2 buildings is increased in the design primarily
because of the smaller yield strength of DPD2 steel. However, this is not a prevailing
source of the improved lateral strength of DPD2 buildings;

5. The improved performance of the DPD2 building in terms of strength is attributed to
substantial strain hardening of the DPD2 steel after the yielding point, which is not
the case for the Tempcore steel with a typical yielding plateau;

6. DPD2 reinforcing steel improves seismic resistance and resistance against corrosion,
but also increases the amount of reinforcement required. However, some modifica-
tions to the existing design rules may also be introduced in the future, aiming to
decrease the required amount of reinforcement and to modify the minimum required
amount of reinforcement.
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Nomenclature

B500B Tempcore reinforcing steel with B500B characteristics
DPD2 Dual phase reinforcing steel type D2
DPF2 Dual phase reinforcing steel type F2
DPD2 Dual phase reinforcing steel type D2
CP1-CP3 three characteristic points of three-linear backbone

CR
characteristic point of the moment-rotation relationship associated with cracking
of cross-section

M
characteristic point of the moment-rotation relationship associated with a maximum
moment of cross-section

332



Appl. Sci. 2021, 11, 4998

NC
near collapse limit state/characteristic point of the moment-rotation relationship
associated with the near-collapse limit state of an element

RC reinforced concrete

Y
characteristic point of the moment-rotation relationship associated with yielding of
cross-section

Ac cross-sectional area
Agt deformation at a maximum strength of reinforcing steel
Asw area of the transverse reinforcement bars of cross-section
A5 deformation of rupture of the bar
Ec elastic modulus of concrete
EI product of elastic modulus of concrete and moment of inertia of the cross-section
Fb design base shear
Fmax maximum base shear
K confinement factor
Lpl length of the plastic hinge
LV length between the plastic hinge and the point of zero moment
MCR moment at cracking of cross-section
MM maximum moment of cross-section
MNC moment corresponding to near-collapse limit state, which was defined at 80% of MM
MY moment at yielding od cross-section
N axial force, which is considered to be positive for compression
Nb,compr number of bars near the extreme compression fibres
PC,a target (acceptable) annual probability of collapse
Se,D(T1) spectral acceleration corresponding to first vibration mode from the elastic spectrum

Se,C
median spectral accelerations at the first vibration period causing the collapse of the
structure

Se,NC
median spectral accelerations at first vibration period causing a near-collapse limit
state

Se,NC,a risk-targeted spectral acceleration causing NC of structure
Se,2475 spectral acceleration for a return period of 2475 years
T1 first fundamental period
W weight of the structure
agD,R design peak ground acceleration
aVz tension shift of the bending moment diagram
db bar diameter
dbl (mean) diameter of the tension reinforcement

bi
i-th centreline spacing between longitudinal bars laterally restrained by a stirrup
corner or hook

bw width of the cross-section

bo
width of the rectangular of the confined concrete measured to the centreline of the
perimeter bar

dNC roof displacement at near-collapse limit state
fc concrete compressive strength of (unconfined) concrete
fcc confined concrete maximum compressive strength
fct axial tensile strength of concrete
fu mean value of the maximum tensile strength of reinforcing steel
fyd,DPD2 design yield strength of the DPD2 reinforcing steel
fyd,B500B design yield strength of the B500B reinforcing steel
fy,k characteristic yield strength of reinforcing steel
fy,m mean yield strength
fy yield strength of the steel
fyw mean yield strength of transverse steel
h depth of the rectangular cross-section/the depth of the unspalled section

ho
depth of the rectangular of the confined concrete measured to the centreline of the
perimeter bar

k hardening ratio of reinforcing steel

n
number of longitudinal bars laterally restrained along the perimeter of the
cross-section

rCM ratio between θC and θM
sw spacing of the stirrups measured from the centreline.
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vs,30 shear-wave velocity at last 30 m
Δθu,slip post-yield fixed-end rotation due to yield penetration
θC rotation at zero moment
θM rotation at maximum moment
θNC rotation at near-collapse limit state
θY yield rotation
φ diameter of bar
α confinement effectiveness factor
βSe,C dispersion of the spectral acceleration causing collapse
γls limit-state reduction factor
εcu ultimate compressive strain of unconfined concrete.
εcu,c ultimate compressive strain of confined concrete
εc0 compressive strain in the concrete at maximum strength
εc0,c strain at the confined concrete maximum compressive strength
εsu ultimate tension strain of bar
εsu,nom uniform elongation at tensile strength in a standard steel coupon test
εsy yield strain of the steel
εt tensile strain at fct
ν normalised axial force

ρsv
volumetric ratio of transverse reinforcement defined as the volume of confining
hoops over the volume of a concrete core

ρsw ratio of transverse reinforcement
ϕy yield curvature of a cross-section
ϕu ultimate curvature of a cross-section

References

1. Berto, L.; Caprili, S.; Saetta, A.; Salvatore, W.; Talledo, D. Corrosion effects on the seismic response of existing rc frames designed
according to different building codes. Eng. Struct. 2020, 216, 110397. [CrossRef]

2. Val, D.V.; Stewart, M.G. Reliability Assessment of ageing reinforced concrete structures–Current situation and future challenges.
Struct. Eng. Int. 2009, 19, 211–219. [CrossRef]

3. Anoop, M.B.; Rao, K.B. Seismic damage estimation of reinforced concrete framed structures affected by chloride-induced
corrosion. Earthq. Struct. 2015, 9, 851–873. [CrossRef]

4. Yuksel, I.; Coskan, S. Earthquake response of reinforced concrete frame structures subjected to rebar corrosion. Earthq. Struct.
2013, 5, 321–341. [CrossRef]

5. Apostolopoulos, C.A. Mechanical behavior of corroded reinforcing steel bars S500s tempcore under low cycle fatigue. Constr.
Build. Mater. 2007, 21, 1447–1456. [CrossRef]

6. Caprili, S.; Salvatore, W. Cyclic behaviour of uncorroded and corroded steel reinforcing bars. Constr. Build. Mater. 2015, 76,
168–186. [CrossRef]

7. Meda, A.; Mostosi, S.; Rinaldi, Z.; Riva, P. Experimental evaluation of the corrosion influence on the cyclic behaviour of RC
columns. Eng. Struct. 2014, 76, 112–123. [CrossRef]

8. Celarec, D.; Vamvatsikos, D.; Dolšek, M. Simplified estimation of seismic risk for reinforced concrete buildings with consideration
of corrosion over time. Bull. Earthq. Eng. 2011, 9, 1137–1155. [CrossRef]

9. Xiong, C.; Deng, X.; Liang, Y.; Li, Q.; Huang, J.; Lin, X.; Li, D. Regional seismic damage simulation of corroded RC frame
structures: A case study of Shenzhen City. Appl. Sci. 2020, 10, 4818. [CrossRef]

10. Lavorato, D.; Fiorentino, G.; Pelle, A.; Rasulo, A.; Bergami, A.V.; Briseghella, B.; Nuti, C. A corrosion model for the interpretation
of cyclic behavior of reinforced concrete sections. Struct. Concr. 2020, 21, 1732–1746. [CrossRef]

11. Maraveas, C. Durability issues and corrosion of structural materials and systems in farm environment. Appl. Sci. 2020, 10, 990.
[CrossRef]

12. Al-Obaidi, S.; Bamonte, P.; Ferrara, L.; Luchini, M.; Mazzantini, I. Durability-based design of structures made with ultra-high-
performance/ultra-high-durability concrete in extremely aggressive scenarios: Application to a geothermal water basin case
study. Infrastructures 2020, 5, 102. [CrossRef]

13. CEN. EN1992-1-1, Eurocode 2: Design of Concrete Structures–Part 1-1: General Rules and Rules for Buildings; European Committee for
Standardisation: Brussels, Belgium, 2004.

14. Lollini, F.; Carsana, M.; Gastaldi, M.; Redaelli, E. Corrosion behaviour of stainless steel reinforcement in concrete. Corros. Rev.
2019, 37, 3–19. [CrossRef]

15. Gu, L.; Meng, X.H. Review on research and application of stainless steel reinforced concrete. In Proceedings of the International
Conference on Mechatronics, Manufacturing and Materials Engineering (MMME 2016), Hong Kong, China, 11–12 June 2016.

16. Maffei, B.; Salvatore, W.; Valentini, R. Dual-phase steel rebars for high-ductile r.c. structures, Part 1: Microstructural and
mechanical characterization of steel rebars. Eng. Struct. 2007, 29, 3325–3332. [CrossRef]

334



Appl. Sci. 2021, 11, 4998

17. Salvatore, W.; Buratti, G.; Maffei, B.; Valentini, R. Dual-phase steel re-bars for high-ductile r.c. structures, Part 2: Rotational
capacity of beams. Eng. Struct. 2007, 29, 3333–3341. [CrossRef]

18. Lorusso, H.; Burgueño, A.; Egidi, D.; Svoboda, H. Application of dual phase steels in wires for reinforcement of concrete
structures. Procedia Mater. Sci. 2012, 1, 118–125. [CrossRef]

19. Caprili, S.; Salvatore, W.; Valentini, R.; Ascanio, C.; Luvarà, G. A new generation of high-ductile dual-phase steel reinforcing bars.
Constr. Build. Mater. 2018, 179, 66–79. [CrossRef]

20. Caprili, S.; Mattei, F.; Salvatore, W.; Ascanio, C.; Luvarà, G. Industrial and techno-economic feasibility of concrete structures
reinforced with DP rebars. Constr. Build. Mater. 2021, 283, 122793. [CrossRef]

21. Caprili, S.; Salvatore, W.; Valentini, R.; Ascanio, C.; Luvarà, G. Dual-phase steel reinforcing bars in uncorroded and corroded
conditions. Constr. Build. Mater. 2019, 218, 162–175. [CrossRef]

22. Bautista, A.; Pomares, J.C.; González, M.N.; Velasco, F. Influence of the microstructure of TMT reinforcing bars on their corrosion
behavior in concrete with chlorides. Constr. Build. Mater. 2019, 229, 116899. [CrossRef]

23. CEN. EN1998-1, Eurocode 8: Design of Structures for Earthquake Resistance–Part 1: General Rules, Seismic Actions and Rules for
Buildings; European Committee for Standardisation: Brussels, Belgium, 2004.

24. Dolšek, M.; Kramar, M.; Gams, M.; Bohinc, U.; Anžlin, A.; Lajkovič, G.; Mihelčič, F.; Požonec, V. Poročilo o preizkusih armiranobe-
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50. Akkar, S.; Sandikkaya, M.A.; Şenyurt, M.; Azari Sisi, A.; Ay, B.O.; Traversa, P.; Douglas, J.; Cotton, F.; Luzi, L.; Hernandez, B.; et al.

Reference database for seismic ground-motion in Europe (RESORCE). Bull. Earthq. Eng. 2014, 12, 311–339. [CrossRef]
51. Žižmond, J.; Dolšek, M. Formulation of risk-targeted seismic action for the force-based seismic design of structures. Earthq. Eng.

Struct. Dyn. 2019, 48, 1406–1428. [CrossRef]
52. ATC. FEMA P695, Quantification of Building Seismic Performance Factors; Federal Emergency Management Agency: Washington,

DC, USA, 2009.
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Abstract: In this paper the cyclic lateral response of reinforced concrete (RC) beam-column joints with
composite carbon fiber-reinforced polymer (CFRP) bars as a longitudinal reinforcement in the beam is
simulated with finite element (FE) modeling using software Abaqus. An experimental project of two
full-scale joint specimens subjected to cyclic loading with supplementary accompanying pull-out tests
of CFRP bars is also included in this study. These test results are used to calibrate the developed FE
model, the constitutive laws of the materials and the bond response between CFRP bars and concrete.
Comparisons between test data and numerical results indicate that the calibrated model accurately
predicts the cyclic response of RC beam-column joint specimens with CFRP longitudinal bars as the
beam’s tensional reinforcement. A parametric analysis is also performed to provide useful concluding
remarks concerning the design of concrete joints with composite bars and the ability of CFRP bars to
substitute for conventional steel bars in RC structural members under seismic excitations.

Keywords: reinforced concrete; beam-column joints; carbon fiber-reinforced polymer longitudinal
bars; seismic performance; finite element analysis; tests; bond; cyclic loading

1. Introduction

Fiber-reinforced polymer (FRP) materials are widely accepted as an important aspect
of modern civil infrastructure. The advantages of FRP materials over traditional building
materials such as conventional steel and steel-reinforced concrete (RC) rest in their en-
hanced structural performance in regard of stability, stiffness, strength and durability [1–3].
FRP materials are available in a variety of forms, including cables, sheets, plates and more.
The use of FRP materials is now widespread throughout the world. As a result, the impor-
tance of cost-effective and reliable FRP structures increases. The majority of early research
efforts [4,5] concerning FRP reinforcement (strips, sheets and other textiles) focused on
rehabilitation and strengthening applications of masonry and concrete structures [6–9]. Ex-
tensive experimental and theoretical research has also been conducted on the strengthening
and retrofitting of deficient or/and damaged concrete structures [10–13]. Nevertheless, the
application of FRP rebars in concrete structures continues to be a popular topic of research,
as all the design aspects and implementation drawbacks have not been thoroughly investi-
gated and discussed, especially concerning RC joints [14]. In particular, the joint behavior
and the framework of design standards have not been thoroughly examined. It is evident
from a review of the prior studies that considerable research has been performed in the field
of FRP beam-column joint wrappings for repairing and rehabilitation purposes [15–18],
whereas research on using nonmetallic rebars for beam-column joint implementations is
limited. In recent years, nonmetallic reinforcements have gained prominence in interna-
tional structural applications [19–22]. Even though they have been used successfully in
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construction, nonmetallic reinforcements will only be widely used in engineering if design
specifications and guidelines are developed promptly [23].

The typical method for designing an earthquake-resistant RC structure relies on
the plastic deformation (ductility) of the components, which is primarily caused by the
yielding of reinforcing steel [24,25]. However, the FRP materials display a linear elastic
stress–strain relationship up to failure (no yielding), which has prompted some concerns
over their use in prone to earthquakes areas. However, fundamental research in this
field reveals that concrete structures reinforced with FRP may sustain substantial lateral
displacements without collapsing [26–29]. This was attributable to the high tensile strength
and low modulus of elasticity of FRPs, which permits the structures to tolerate significant
deformations before exceeding their ultimate bearing capacity [30].

The characteristics impacting the performance of RC with FRP reinforcement (FRP-RC)
moment-resisting frames must be thoroughly investigated in light of the encouraging find-
ings of early research on the potential of utilizing FRPs in RC structures located in seismic
zones. To attain this objective, it is vital to comprehend the behavior of beam-column
joints as a critical factor in the lateral stability of frames [31,32]. Several researchers have
examined the seismic performance of externally applied glass FRP reinforcement in existing
RC beam-column joints, focusing on aspects such as joint shear stress, reinforcement details,
the existence of lateral beams and the compressive strength of concrete [33–39]. However,
several known characteristics that impact the seismic performance of FRP-RC beam-column
joints have not yet been addressed. Current regulations and design recommendations for
FRP-RC structures lack complete seismic protections due to a lack of research and data.
The implementation of FRP-RC frames in seismic zones is not feasible without a thorough
understanding of the properties influencing the behavior of beam-column joints.

Recent research has demonstrated that carbon FRP (CFRP) bars may efficiently replace
steel reinforcing bars in concrete members. The bonding strength of FRP reinforcing bars
(rebars) in concrete is significantly lower than that of standard steel rebars, despite the
evident benefits of FRPs [40–43]. The bond between concrete and reinforcing bars affects
the transmission of stress among them, and thus debonding has become one of the most
challenging aspects of the investigation of concrete structures [44]. The bond between FRP
reinforcing bars and the concrete matrix is complex, and a number of variables can affect the
bonding properties of FRP reinforcements to concrete [45–49]. The geometry and surface
characteristics of FRP rebars, concrete compressive strength, confinement pressure, rebar
diameter and location in the cast and specimen, embedment length, temperature variations
and environmental factors all impact bonding between FRP rebars and concrete [50,51].

Numerous experimental investigations have been performed to examine the bond
strength of FRP rebars in concrete and the effects of factors such as fiber type, surface
treatment, bar diameter and temperature on the bond properties of FRP rebars [52–56]. In
addition, these studies demonstrated that the needed embedment lengths of these rebars
must be carefully considered. In contrast to steel rebars, there is little information in the
literature about the bonding behavior of CFRP rebars in normal and high-strength concrete
members, particularly under cyclic loading circumstances [57].

To explore the seismic behavior of RC external beam-column joints with CFRP longitu-
dinal bars in the beam, experimental testing followed by finite element (FE) model analysis
were performed in this study. The influence of CFRP bar bond slip on joint hysteretic
performance was also examined. An FE model was developed to simulate the behavior of
the CFRP-RC joints. The accuracy of the FE simulation was accomplished by accounting for
the nonlinear behavior of concrete, the decrease in concrete’s compressive strength caused
by crack initiation, the confinement given by the internal reinforcement and the bond slip
relation between the reinforcement and concrete. For the purpose of accurately simulating
the bond strength of the CFRP bars, further pull-out tests were conducted to determine the
bond stress versus slip behavior. Finally, further FE analyses were performed to compare
the performance of the CFRP-RC joints to conventionally steel-reinforced RC joints and to
evaluate the potential of replacing conventional reinforcement with CFRP bars.
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2. Experimental Test Program

The experimental program of this study was carried out to investigate the ability of
FRP bars to substitute conventional steel bars in RC structural members during seismic
excitations. Two (2) external T-shaped beam-column RC joints at full size (scale 1:1) were
subjected to cyclic reversal loading with increasing imposed displacement. The beams were
reinforced with CFRP longitudinal bars, whereas the columns were commonly reinforced
with deformed steel bars.

2.1. Geometry and Reinforcement Characteristics of the Specimens

The specimens shared the same geometrical characteristics. The column’s overall
length was 2950 mm with a cross-section of 350/250 mm, and the beam’s overall length
(net span) was 1875 mm with a cross-section of 250/350 mm. The clear concrete cover
was 20 mm. Figures 1 and 2 depict the geometry, cross-sectional dimensions and rein-
forcing features of the tested beam-column joint specimens. The columns of both speci-
mens contained four longitudinal bars with a 14 mm diameter, placed at each angle, and
two longitudinal bars with a 12 mm diameter positioned in the middle of the sides. As
transverse reinforcement in the column area, stirrups with an 8 mm diameter were ar-
ranged per 100 mm. No shear reinforcement was installed in the joint area in either of the
specimens as shown in Figure 2.

  

400
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Figure 1. Schematic drawing of the test setup, geometry and reinforcement of the beam-column joint
specimens subjected to cyclic reversal deformations (dimensions in mm).
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Figure 2. Geometry and reinforcement details of the joint region in specimens JBL5.5 and JBL10
(dimensions in mm).

The specimens differed in the longitudinal reinforcement of the beam. JBL5.5 contained
four CFRP longitudinal bars of a 5.5 mm diameter positioned on the top and bottom sides
of the beam, and JBL10 contained four CFRP bars of a 10 mm diameter as top (2 bars) and
bottom (2 bars) longitudinal reinforcing bars, respectively. The beams were designed as
under-reinforced in accordance with ACI 440.1R-15 [58] design criteria. In particular, the
beams of the beam-column joint specimens were designed in order for their longitudinal
CFRP reinforcing bars to fail under pull-out bond failure between the bar and concrete
instead of fiber rupture at CFRP bar ultimate tension capacity. The reinforcement ratio of the
longitudinal CFRP bars was 0.06% and 0.20% for specimens JBL5.5 and JBL10, respectively.
Furthermore, the anchorage length of the longitudinal CFRP bars utilized in the beams
was specified in accordance with the design requirements of ACI 440.1R-15 [58]. Based
on these provisions, or the specimens, straight anchoring lengths of �emb = 38Øf and 30Øf
were calculated and adopted for the specimens JBL5.5 and JBL10, respectively. This way,
pull-out bond failure of the longitudinal CFRP bars during the cyclic loading procedure
was anticipated. To ensure that the tested specimen had the desired anchorage length
�emb, a stiff polyvinyl chloride (PVC) pipe with a diameter of 10 mm was placed around
the remaining part of the bars near the outside end of the column to form noncontact
(de-bonded) zones between the bars and the surrounding concrete, as shown in Figure 2.
The overall length of this PVC pipe was �p = �av − �emb = 350 − 210 = 140 mm, where �av is
the available anchorage length for the longitudinal bars of the beams, which is equal to the
column’s width.

Both specimens’ shear transverse reinforcement comprised of closed deformed steel
stirrups of an 8 mm diameter spaced uniformly at 50 mm (8/50 mm) along the critical
region of the beams that equals to 350 mm, and at 100 mm (8/100 mm) outside this area.

For the JBL10 specimen, the anchorage length of the CFRP bars was determined to
be �emb = 30Øf = 300 mm. For the HD10 CFRP bars, a rigid PVC pipe with an external
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diameter of 16 mm and a total length of �p = �av − �emb = 350 − 300 = 50 mm was selected
and applied around the remaining portion of the bars near the exterior end of the columns.

2.2. Mechanical Properties of Materials
2.2.1. Concrete

Supplementary compression tests of six standard 150/300 mm cylinders were also
performed to measure the concrete’s compressive strength with grade C20/25. On the
day that the tests were conducted, three cylinders were subjected to axial compression,
while three others were tested under splitting tension. The average compressive and
splitting tensile strengths of the employed concrete were fc = 28.0 Mpa and fct,spl = 2.05 Mpa,
respectively, for all specimens.

2.2.2. Steel and CFRP Reinforcement

The HD5.5 and HD10 longitudinal CFRP bars of the beams were supplied by Sintecno
Company. They were produced using the pultrusion method and were comprised of
continuous longitudinal carbon fibers with a high tensile strength joined together with an
epoxy resin. The HD5.5 and HD10 bars contained approximately 57% and 60% carbon
fiber, respectively. These carbon fibers have nominal tensile strengths and elastic moduli in
excess of 4 Gpa and 230 Gpa, respectively. Due to a particular surface treatment with quartz
sand, the outer layer of the utilized CFRP bars had a rough external surface. The nominal
ultimate tensile strength and elastic modulus of the used CFRP bars were ffu = 1.8 Gpa and
Ef = 130 Gpa, respectively.

The experimentally determined yield tensile strength, f y, of the deformed steel bars
was 550 Mpa for the Ø14 and Ø12 longitudinal bars of the columns, respectively, and
550 Mpa for the Ø8 utilized stirrups.

2.3. Experimental Setup and Instrumentation

The experimental setup and instrumentation are presented in Figure 3a,b. After
performing a 90-degree counterclockwise rotation, the specimens of each beam-column
joint were positioned so that the column was in the horizontal position and the beam was
in the vertical position. In order to replicate the inflection points of the columns in the
center, the specimen was supported with equipment that allowed rotation.

During the testing, a constant Nc = 0.05Ac fc column compressive axial load was
applied (where Ac is the area of the column cross-section). All of the specimens were
subjected to full cycle deformations that were applied by a swivel connector that was
attached to the actuator near the free end of the beam. Throughout the whole load-
ing procedure, the column axial load was maintained at a constant amount of 122.5 kN
(=Nc = 0.05Ac fc = 0.05 × 250 × 350 × 28.0 × 10−3) for all specimens.

The cyclic displacement-controlled loading history at the beam end began after apply-
ing the constant axial load to the column. The specimens were subjected to increasing cyclic
reversal deformation across an eight-step loading history, with maximum displacement,
d = ±8.50 mm, ±12.75 mm, ±17.00 mm, ±25.50 mm, ±34.00 mm, ±51.00 mm, ±68.00 mm
and ±85.00 mm.

As indicated in Figure 4, each loading step contained three complete loading cycles for
each story drift (SD) level. It is noted that d = 17 mm corresponds to SD = 1%. The loading
pace was 0.05 mm/s for the initial four loading phases and then raised to 1 mm/s for the
last four loading steps.
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(a) 

 
(b) 

Figure 3. (a) Experimental setup and instrumentation of the full-scale beam-column joint specimens
under lateral imposed cyclic reversal deformations; and (b) LVDT set for measuring the slip of the
beams’ longitudinal CFRP bars (two LVDTs with 0.01 mm accuracy).

The load was measured with an accuracy of 0.05 kN by a load cell. The displacements
of the beams were measured using two string position transducers placed 0.75 m and
1.84 m from the end of the column (see also Figure 1), while the slip of the longitudinal FRP
bars of the beams was measured using two linear variable differential transducers (LVDT)
with 0.01 mm accuracy (see Figure 3b).

In addition, two SPTs were inserted on the front side of the joint core to assess the
shear deformation until specimen failure. Moreover, one LVDT was installed at the left
end of the specimen column to monitor the support during the test. The photographs of
Figure 3a,b provide additional information on test rig instrumentation.
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d

Figure 4. Cyclic reversal loading sequence: eight (8) loading steps consisting of three (3) full loading
cycles at each loading step.

2.4. Bond Strength Evaluation—Pull-Out Tests

Pull-out tests were conducted to determine the bond slip behavior of the bars em-
bedded in concrete in order to accurately simulate the contact law in the subsequent FE
analysis. Pull-out specimens with a central rebar arrangement were used.

Each bar was embedded in a 300 × 300 × 200 mm concrete cube. Test specimens
comprised of 1.20 m length bars embedded in concrete cubes over a length of five times
their diameter (5Ø in Figure 5). In order to accomplish the specified embedment length,
contact between the concrete and the bar was avoided using PVC tubing during the casting
of concrete, as depicted in Figure 5. A steel tube was bonded to the loading end of the FRP
bar using adhesive to form the loading end grip for the adjustment to the test setup.

  
(a) (b) 

Figure 5. Geometric characteristics of pull-out specimens: (a) 10 mm diameter CFRP bar and
(b) 5.5 mm diameter CFRP bar.

343



Appl. Sci. 2022, 12, 7419

Figure 6 shows a schematic of the pull-out specimen. For each rebar, four iden-
tical specimens were tested to ensure the test setup’s reliability and the test findings’
scatter (Figure 7).

 

Figure 6. Test setup of pull-out specimens.

  
(a) (b) 

Figure 7. Complete series of pull-out specimens: (a) four 10 mm diameter (HD10) and four 5.5 mm
diameter (HD5.5) CFRP bars and (b) bonded steel tube to the loading end.
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The test setup of the pull-out experiments is illustrated in Figure 8. The load was
applied at a rate of 0.5 mm/min to the CFRP reinforcing bar. In order to determine the
post peak behavior, all tests were conducted in displacement control mode. During the
test, three laser sensors, as depicted in Figure 8, measured the slip of the loaded end of the
bar. Typical test results of the performed pull-out tests are presented in Figure 8 in terms of
average bond stress versus slip behavioral curves.

 

Figure 8. Test rig, instrumentation and results of the pull-out tests.

3. FE Model

In this section, the FE software, Abaqus, was used to study the behavior of full-scale
beam-column joints under lateral imposed cyclic reversal deformations [59]. A 3D FE
model was created to account for both the material and geometric nonlinearity, as well as
the bond interaction of the longitudinal CFRP reinforcement and the surrounding concrete.

3.1. Meshing

All parts of the beam-column joints were simulated using 3D elements; the concrete
and the CFRP bars were modelled using eight-node linear brick elements (C3D8R), while
the longitudinal and transversal reinforcement was simulated with two-node linear 3D
truss elements (T3D2) in the developed FE model. The mesh arrangement that was adopted
in the numerical model was nonuniform to reduce simulation time and avoid convergence
issues at the expected regions of substantial inelastic deformations, while a finer mesh was
applied in areas of importance and at regions where stress concentration was expected to
appear (Figure 9). In the areas of a fine mesh, the maximum mesh element size was set to
25 mm, while it was 50 mm in the rest.
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Figure 9. Details of the 3D FE simulation used to simulate the CFRP-RC and RC beam-column joints.

3.2. Material Constitutive Relationship

In order to appropriately simulate the CFRP-RC and RC joints’ behavior, the FE simula-
tion took into account the nonlinearity of concrete under compression and tensile cracking,
the elastic–plastic behavior of steel reinforcement, and the elastic–brittle performance of
the CFRP reinforcement.

3.2.1. Concrete

In the current FE model, the concrete damaged plasticity (CDP) model available in
Abaqus [53] is used to simulate concrete behavior. The CDP model is designed to ana-
lyze RC structures imposed to monotonic, cyclic or dynamic stresses. The CDP model
enables the definition of both the elastic and plastic properties of concrete. In previ-
ous studies, the authors provide further information about the constitutive laws and
parameters used [60–62].

3.2.2. Steel

The conventional steel reinforcement (longitudinal bars and stirrups) was described as
an elastic–plastic material with a strain-hardening behavior. The material demonstrates an
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elastic linear behavior, following the modulus of elasticity, up to yielding point. After the
yielding point is reached, the strain hardening effect begins with an incline of 0.01Es [63]
and reaches its maximum at a strain value of 0.05. Furthermore, the FE analysis required
the steel’s poison’s ratio, which was assumed to be 0.3.

Concerning the interaction of steel reinforcement with concrete (column longitudinal
bars and stirrups of the beam and column), a full bond was adopted by the use of the
embedded region method.

3.2.3. CFRP Reinforcing Bars

The stress–strain curve for CFRP rebars was described as a linear elastic material up
to the point of ultimate tensile strength and, afterwards, the brittle failure of the material
was considered. The characteristics of CFRP bars varied in the transverse direction because
of their fibrous nature, and it would be more appropriate to simulate them as anisotropic
materials. However, for the sake of computational simplicity, an isotropic material assump-
tion is used. The model’s accuracy in the current case is unaffected by this supposition
as the beam-column joints investigated in the present study are designed not to fail in
shear; the contribution of the CFRP reinforcement’s shear dowel action is presumed to be
minimal. Consequently, the shear failure of the CFRP bars is not included in this work. The
longitudinal beam reinforcement mostly contributes by transmitting axial tensile forces,
and, hence, CFRP bars contribute in the fiber direction. The modulus of elasticity and
ultimate strength are the mechanical properties necessary to define the CFRP material
within the FE model.

3.3. Bond Slip Interaction—Cohesive Method

In this model, the surface-based cohesive behavior was employed to represent the
bond stress versus slip behavior between CFRP bars and concrete, utilizing the Abaqus
cohesive approach. This approach, referred to as the surface-to-surface method, can be
used to determine the contact parameters of two surfaces in contact. In comparison to the
node-to-surface approach, this method was selected because it generates more trustworthy
results [64]. Moreover, the surface-to-surface technique applies contact criteria in an average
sense over the regions that surround the slave nodes, suggesting that each restriction will
not only consider one slave node but also nearby slave nodes [65].

To assign surface-to-surface contact, the user must identify two surfaces that are in
touch. The surface that has a coarse mesh is defined as the master surface, while the surface
that contains a fine mesh is defined as the slave surface.

Abaqus calculates the bond behavior for this contact model using the linear elastic
traction–separation model, as illustrated in Figure 10. This model begins by making the
assumption of elastic behavior, then proceeds on to consider the initiation and progression
of damage. The elastic behavior is expressed in terms of an elastic constitutive matrix that
connects normal and shear stresses to normal and shear interface separations. Considering
uncoupled normal and tangential stiffness components, the traction–separation behavior
matrix is as follows

T =

⎧⎨
⎩

tn
ts
tt

⎫⎬
⎭ =

⎡
⎣knn 0 0

0 kss 0
0 0 ktt

⎤
⎦
⎧⎨
⎩

δn
δs
δt

⎫⎬
⎭ = Kδ, (1)

where tn = nominal traction in the normal direction; ts and tt = nominal stresses in two local
shear directions; δn, δs and δt = corresponding displacements. kss, ktt, and knn are derived
as follows [66]

kss = ktt =
τm

sm
, (2)

knn = 100·kss = 100·ktt, (3)
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Figure 10. Traction versus separation model adopted in the performed FE analysis.

The pull-out tests that were conducted in the current research provided the specifi-
cations for maximum bond strength (τm) and slip at maximum bond strength (sm) (see
also Figure 8).

3.4. Boundary Conditions and Load Application

To achieve convergence, the boundary conditions were modelled equivalently to the
experimental test’s supports. To simulate the boundary conditions for the beam-column
joints in the experimental testing, the top face of the column was restricted in the X-direction
resulting in a roller support, while at the bottom of the column, a hinge support was formed
by constraining against the X and Y movement.

As indicated in Figure 9, the column’s axial load was applied to the surface of the
column, while the displacement control load was applied to the reference point on the
beam profile. The load was applied steadily and gradually in accordance with the loading
sequence of the experimental procedure.

4. Results and Discussion

4.1. Verification of the FE Model

To evaluate the ability of the developed FE simulation to estimate the lateral response
of beam-column joints using CFRP bars as a longitudinal reinforcement in the beam, a
comparison was made between the predicted and experimental CFRP-RC beam-column
joint specimens. The next section provides specific comparative results. Figure 11 shows
a comparison between the applied load versus SD curves predicted using the FE anal-
ysis (noted as “FEA”) and the experimental one (noted as “Test”). In both investigated
joints the model predicts the maximum load at a satisfactory level as well as the post
cracking behavior.

Figure 12 presents a comparison between the predicted area of damage occurrence and
the experimental results. Clearly, the model was capable of accurately predicting the failure
of the specimens. For the specimen JBL10 a large crack opened in the beam area close to
the joint connection, while no cracking occurred in the joint body. The corresponding mode
of failure predicted by the FE analysis also illustrates damage close to this area, while in
the joint core no damage is represented as in the experimental specimen. Only low strain
concentration around the CFRP bars is illustrated, which is attributed to the slippage of the
CFRP bars.
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(a) (b) 

Figure 11. Comparative lateral load versus SD diagrams of the corresponding specimens: (a) JBL5.5—
Test, JBL5.5—FEA, JBL5.5s—FEA and (b) JBL10—Test, JBL10—FEA, JBL10s—FEA.

(a) 

 
(b) 

Figure 12. Verification of FE model prediction of damage area: (a) JBL5.5—Test, JBL5.5—FEA,
JBL5.5s—FEA and (b) JBL10—Test, JBL10—FEA, JBL10s—FEA.

349



Appl. Sci. 2022, 12, 7419

Figure 13 illustrates that the developed model can also successfully capture the CFRP
bar slippage. In particular, for the specimen JBL10, the predicted slip is almost identical to
the corresponding slip calculated in the experimental test. In the case of the JBL5.5 specimen,
the FE analysis predicted a smaller slip than that experimentally measured but this still
remains within acceptable limits. The observed differences between the experimental
results and FE model predictions of slip of JBL5.5 could be attributed to the protentional
discrepancies and uncertainties of the CFRP bar and concrete bond slip simulation adopted
in the cohesive approach described in Section 3.3.

 
(a) (b) 

Figure 13. Verification of slip prediction of FE model in terms of slippage versus SD diagrams of the
corresponding specimens: (a) JBL5.5—Test, JBL5.5—FEA and (b) JBL10—Test, JBL10—FEA.

Figure 14 represents the energy dissipation calculated from the experimental results
simply summing up the amount of energy that was lost over the course of several load-
displacement cycles and the energy dissipation extracted from the FE analysis. In terms of
energy dissipation, the FE simulation is satisfyingly close to the experimental results.

  
(a) (b) 

Figure 14. Energy dissipation versus SD diagrams, comparison and verification of results: (a) JBL5.5—
Test, JBL5.5—FEA, JBL5.5s—FEA and (b) JBL10—Test, JBL10—FEA, JBL10s—FEA.
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According to the validation results, the developed FE simulation can accurately esti-
mate the lateral response of CFRC beam-column joints.

4.2. Use of CFRP Bars versus Conventional Steel Rebars as Beam Longitudinal Reinforcement

Since the experimental program did not contain steel RC joints with conventional
steel rebars in the beam, the authors were not able to validate the developed FE simulation
against such experimental results of RC joints. Nonetheless, the previously developed FE
models by the authors [52,53], which were validated for the monotonic and cyclic response
of RC beams against shear and flexure, are equally applicable for predicting the behavior of
RC joints. Notably, no significant alterations to the established FE analysis for the CFRP-RC
joints were performed aside from employing longitudinal steel reinforcing bars in the beam
region shown in Figure 9.

Compared to the CFRP-RC specimens (JBL10, JBL5.5), the steel-reinforced specimens
(JBL10s, JBL5.5s) demonstrated a quicker decline in load bearing capacity (Figure 11). The
steel RC specimens exhibited linear behavior up to an SD = 0.6%. Due to the yielding of
the steel reinforcement, the rate of growth in the specimens’ lateral capacity reduced and
stayed practically constant up to an SD = 4%.

At greater SD ratios, the CFRP-RC maintained a higher load. This suggests that CFRP-
RC beam-column joints may withstand a seismic event with minimal residual damage.
This function decreases the post event cost of repairing the framed structure and permits
the complete restoration of the original CFRP-RC section performance by replacing the
damaged concrete. However, this is not applicable for steel RC sections, which are intended
to yield at such a point of ultimate loading. Even by repairing the damaged concrete, the
original section’s strength and stiffness (prior to yielding) cannot be recovered.

After attaining their design capacity, specimens JBL10 and JBL5.5 revealed a decrease
in lateral load resistance at an SD = 1%. This decrease is attributable to the slip of the beam
longitudinal bars that were anchored in the joint as a result of bar anchoring failure. As seen
in Figure 11a,b, despite the anchorage’s failure, both specimens were still able to withstand
about 35.0% of their initial capacity through their final loading cycles until the completion
of the test at an SD = 4%. Despite the fact that the slip of the bar is a brittle form of failure,
it must be emphasized that specimens JBL10 and JBL5.5 were initially intended to attain
the desired shear stress in the joint body when the beam achieves its flexural capacity. The
failure due to slip of the bars occurred after the joint achieved the intended load level, as
illustrated in Figure 13a,b, and that has no effect on the study’s analysis or findings given
the study’s scope. In addition, earthquake occurrences are regarded as extreme–ultimate
limit state situations; hence, the performance of both specimens after the failure occurrence
is significant since it exhibited a residual strength greater than 35% of the maximum load
after the slip of the bars.

The envelope of the specimens’ total dissipated energy at each loading versus SD is
depicted in Figure 14. It is evident that both CFRP-RC specimens had a comparable degree
of dissipated energy up to an SD = 3%, but the energy dissipated at failure slightly differed
for each specimen. In addition, the figure indicates a substantial association between
the energy lost due to hysteretic activity and the extent of damage detected during the
test. As the specimens fail, the inclination of the curve of cumulative energy dissipation
versus SD rises, indicating the concrete deterioration rate owing to the development of
plastic hinges. Nevertheless, the increase in energy dissipation during the final steps
of loading for specimens JBL10 and JBL5.5 is mostly attributable to the slippage of the
longitudinal reinforcement of the beam, as previously noted. Figure 14 also demonstrates
that specimens with conventional reinforcement dissipated less energy than those with
CFRP. While reduced energy dissipation is regarded as a disadvantage, it also implies
that the joint recovers its previous form when the stresses are eliminated, needing only a
minimal degree of restoration after undergoing such loading action.
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5. Conclusions

This paper deals with the application of CFRP bars as a beam’s longitudinal reinforce-
ment in RC beam-column joint full-scale specimens under cyclic lateral deformations. An
experimental investigation that involved two full-scale CFRP-RC joints was conducted
and accompanied with eight CFRP bar pull-out tests in order to obtain the bond stress
versus slip behavior for the bars. Furthermore, a numerical study was performed. An
FE model was developed that could successfully predict the behavior of CFRP-RC joints.
Additionally, a comparative study of steel RC joints and CFRP-RC joints was conducted to
investigate the potential replacement of the conventional steel reinforcement with CFRP
bars. On the basis of the study’s findings and discussion, the following conclusions may be
drawn:

1. The experimentally evaluated specimens’ load-carrying capacity and load-deflection
response could be accurately predicted using the nonlinear FE model provided in
this work. The failure mechanism, bond slip of CFRP bars and energy dissipation
comparison data demonstrated that the model can properly predict the behavior of
CFRP-RC joints.

2. The slippage of the CFRP bars occurs after the reach of the ultimate load and thus
does not significantly affect the post failure behavior and the hysteretic performance
of the joint. The investigated CFRP-RC joints exhibited a residual strength higher
than 35% of the flexural capacity after the occurrence of slippage. However, more
investigation must be conducted in order to ensure the post failure mode and overall
response of joints with CFRP longitudinal reinforcement bars.

3. The dissipated energy of the CFRP-RC joints increased gradually following the speci-
men’s mode of failure. However, after a certain point the continuous increase up to
failure is possibly attributed to the bar slippage. After the reach of an approximate
SD = 0.5%, the dissipated energy of the steel-reinforced joints was significantly lower
than that of the CFRP-RC joints.

Overall, the behavior of RC joints with beams’ CFRP longitudinal reinforcements
indicated promising results and the favorable contribution of the CFRP bars in the seismic
performance of RC joints. CFRP bars have great potential of partially or even fully replacing
conventional steel bars in RC structural elements. More research must be conducted though
in order to form regulations and design specifications so that CFRP bars become widely
applicable in the construction industry.
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Abstract: In this study, a field survey was conducted on the fixed anchorages of the operation
and power generation facilities installed in domestic power plants. A static/dynamic performance
evaluation was conducted to present safety evaluation guidelines that meet the domestic seismic
performance requirements. Seismic performance tests were performed on the post-installed set
anchors M10 and M12, which are mainly used for anchorages in accordance with the US and
European seismic performance standards. The dynamic shear test results showed that the M12
anchor met the seismic performance verification criterion, whereas the M10 anchor did not because
its dynamic performance was reduced, owing to the cyclic loading. In the results of the dynamic
pull-out test, M12 also met the seismic performance verification criterion, whereas M10 was safe
only in a non-cracked state. In summary, the seismic performance of M12 in both cracks and non-
cracks was satisfied, but, in the case of M10, the results were not satisfied in cracks. This was an
experimental study; it will be necessary to conduct additional analytical research in the future to
verify the reliability and parameters of the experiment.

Keywords: post-installed anchor; structural performance evaluation; dynamic load protocol; shear;
pull-out; cracked concrete; seismic

1. Introduction

1.1. Background

Most operation and power generation facilities that are used in power plants have
important functional purposes and are independently constructed on concrete slabs apply-
ing fixation systems. Post-installed anchors are mainly used as a general fixation system
and are widely used for attaching or fixing structures, owing to their flexibility and ease
of construction [1]. However, such anchors may affect the safety of the entire structure
when exposed to direct events, such as an earthquake, or indirect events, such as concrete
cracking due to aging [2].

According to a Federal Emergency Management Agency (FEMA) report, the frequency
of occurrence of earthquakes with a magnitude of 5.0 or higher has been continuously
increasing over the last 10 years, and there has been an increasing amount of damage
to non-structural elements, such as operation and power generation facilities in power
plants [3]. Most of this damage has involved an overturning or sliding of the facility from
damaged anchors embedded in cracked concrete. The occurrence of such damage may
lead to secondary damage, causing more serious social chaos from the functional loss and
malfunction of the facilities [4].

Despite the increasing importance of anchors used in fixation units, such as in op-
eration and power generation facilities, there are no seismic evaluation or verification
criteria for such units in South Korea. In this study, static and dynamic experiments on
the anchorages of non-structural elements were conducted using the seismic performance
evaluation criteria of anchorages in the United States and Europe.
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1.2. Fixation Unit Anchor System
1.2.1. Types of Post-Installed Anchor Bolts

Anchor bolts are installed in concrete by drilling holes using hammer or core drills
after the concrete has been poured and hardened. They can be divided into mechanical
post-installed anchor bolts, which produce the main bearing capacity by frictional force
and mechanical locking devices, and adhesive post-installed anchor bolts, which generate
the main bearing capacity by the adhesive force of the attached compounds [5]. Figure 1
shows post-installation anchors commonly used for field installation in Korea, and, in this
study, set anchors were targeted.

 

Figure 1. Typical post-installed anchors.

1.2.2. Design Standards and Failure Modes for Concrete-Embedded Anchor Bolts

In this study, the design load was calculated by referring to the domestic “Concrete
Structure Standard (2012) Appendix II Concrete Anchors” design standards, and the level
of safety was examined through a comparison with the results of static tests (pull-out and
shear tests) [6]. The basic concepts of the anchor bolts subjected to tensile and shear loads
are shown in Equations (1) and (2) below. Regarding the nominal tensile strength and
shear strength, the smallest values among the possible anchor failure modes were used, as
presented in Table 1. Anchor bolts were installed.

∅Nn ≥ Nua (1)

where Nua is the required tensile strength and Nn is the nominal tensile strength.

∅Vn ≥ Vua (2)

where Vua is the required shear strength and Vn is the nominal shear strength.

Table 1. Failure mode of anchor bolt subjected to strength.

Division Tensile Strength Shear Strength

Steel Failure Nsa Vsa
Pullout Npn

Side-Face Blowout Nsb
Concrete Breakout Ncb Vcb
Concrete Splitting
Concrete Pryout Vcp
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2. Overseas Seismic Performance Evaluation Criteria

Concrete with embedded anchors generally exhibits cracks when its durability is
significantly reduced in the event of an earthquake. Additionally, a stress distribution
occurs along the anchor installation locations, as shown in Figure 2, and the bearing capacity
of the anchors is rapidly weakened [7]. In the evaluation of the seismic performance of
concrete anchors, these behavioral characteristics are considered, and the effect of the cracks
in the fixation unit of the concrete on the adhesive force of the anchors is evaluated. The
average maximum loads are calculated by evaluating the static performance of two concrete
types (non-cracked and cracked concrete), and a dynamic load protocol is presented based
on such calculations. Finally, the seismic safety of the concrete-embedded anchor bolts is
evaluated by assessing the performance under these dynamic loads [8].

Figure 2. Condition of concrete under cracking: (a) stress concentration around the anchor hole; (b)
stress in concrete induced by the anchor expansion or by the load acting on the anchor; (c) stress
distribution in non-cracked concrete; (d) stress distribution in cracked concrete.

In the United States, the seismic performance of post-installed anchor bolts embedded
in cracked concrete is evaluated in accordance with the American Concrete Institute (ACI)
355.2 standards [9] because they may cause concrete cracks or be pulled out in the event
of an earthquake [10]. According to the ACI 355.2 standards, a simulated seismic load
test is conducted by simulating an earthquake using cyclic loading, and it is assumed
that post-installed anchor bolts are embedded in concrete with a 0.5-mm-wide crack. The
presented cyclic loading is shown in Figure 3. For the cyclic loading pattern, a 50% load
with average strength, determined through a static performance test, is applied 10 times;
a 37.5% load is applied 30 times, and a 25% load is applied 100 times. Therefore, cyclic
loading is applied 140 times until failure. In this instance, the loading rate must be between
0.1 and 2 Hz. The seismic performance is considered verified if the dynamic performance
through cycling loading meets 80% of the static performance.

Figure 3. Number of cycles in loading pattern according to American Concrete Institute (ACI) 355.2
and TR 049: (a) pull-out force; (b) shear force. (Unit: mm)

TR 049, which are the design standards published by the European Organization for
Technical Approval (EOTA), include the design standards for mechanical post-installed
anchors [11]. For the C1 classification for non-structural elements, it is assumed that they
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are embedded in concrete with a 0.5-mm-wide crack. In addition, a 50% load with average
strength, as determined through a static performance test, is applied 10 times; a 37.5% load
is applied 30 times, and a 25% load is applied 100 times, in the same way as with the ACI
355.2 standards. The seismic performance is also considered to be verified if 80% of the
static performance is met during the static loading test.

3. Experiment Overview

3.1. Selection of Test Targets through a Field Survey

In this study, a field survey was conducted to evaluate the seismic performance of
the post-installed anchor bolts embedded in an actual site. The Daecheong hydroelectric
power plant located in Daejeon Metropolitan City was selected as the test bed. As shown in
Figure 4, most of the fixation unit anchors constructed at the site were found to be cast-in-
place anchors. In the case of anchor damage or equipment without anchors, post-installed
anchors were applied through a seismic reinforcement added in the year 2000.

 

Figure 4. Field survey for an anchorage in power plant: (a) Gas Circuit Breaker (GCB)
cabinet; (b) governor cabinet; (c) main control cabinet.

For the post-installed anchors applied on-site, M10 and M12 set anchors were used.
These anchors were selected as the test targets in this study. Figure 5 shows the M10 and
M12 set anchors selected as test targets, and Table 2 shows their specifications.

 

Figure 5. Post-installed anchors applied to experiments.

Table 2. Post-installed anchor specifications.

Division
Diameter

(mm)
Length
(mm)

Embedded Depth
(mm)

Anchor
Φ10 250 100
Φ12 250 100

3.2. Specimen Design and Fabrication

At the time of the field survey, concrete in the fixation units of power generation
facilities in the test bed exhibited considerable concrete degradation from aging as a few
decades had passed since the pouring of the concrete. This means that the operation
facilities are highly likely to overturn and slide in the event of an earthquake, owing to a
reduction in the anchor–concrete adhesive force caused by cracks in the concrete with a
fixation unit. To evaluate the level of safety against this problem, in this study, specimens
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were fabricated, and tests were conducted by dividing the concrete with a fixation unit into
two states (non-cracked and cracked concrete).

3.2.1. Non-Cracked Concrete

For the fabrication of the specimens, the design strength of 21 MPa measured in the
fixation units of the power generation facilities in the test bed using a Schmidt hammer,
a non-destructive test tool, was also considered as the design strength of the concrete.
Specimens were fabricated with a size of 500 mm (width) × 500 mm (depth) × 200 mm
(height) considering the fracture radius of an anchor bolt in accordance with ACI 318,
as shown in Figure 6. Five specimens were fabricated for each of the pull-out and shear
tests for each set anchor diameter. Thus, a total of 20 specimens were fabricated. The set
anchors used were M10 and M12, and a 250 mm length and a 100 mm embedded depth
were selected as their specifications, considering the fixation unit anchor bolts installed at
the actual site and the experimental equipment set.

 

Figure 6. Schematics of concrete specimen (Unit: mm).

3.2.2. Cracked Concrete

Cracked concrete specimens were fabricated in the same way as non-cracked concrete
specimens with a specific size. An artificial crack was simulated in the concrete by referring
to the seismic performance evaluation criteria of the United States and Europe. In the case
of artificial cracks [12], the experiments were conducted by fabricating the test specimen by
inserting a 0.5 mm panel, not by using a general method, in order to conduct the experiment
under the same conditions. A 0.5-mm-wide artificial crack was generated in the specimens
by embedding a stainless-steel plate, at a depth of up to 100 mm, during concrete pouring
and then removing it after curing. Five specimens were fabricated for each of the pull-out
and shear tests for each set anchor type. Thus, a total of 20 specimens were fabricated.
Figure 7 shows the fabrication process for the cracked concrete specimens.

361



Appl. Sci. 2021, 11, 3488

 
Figure 7. Process of making concrete specimens.

4. Performance Evaluation of Post-Installed Anchors

A static performance evaluation was conducted by installing M10 and M12 set anchors,
among various types of post-installed anchors, into two types of concrete specimens (non-
cracked and cracked concrete). The main purpose of the experiment was the development
of a dynamic load protocol for seismic performance evaluation. The load protocol applied
to the dynamic tests was proposed by investigating the structural behavior under a pull-out
and shear load and using the average maximum load from the results.

4.1. Static Loading Test
4.1.1. Experimental Method

The static performance of the post-installed anchors was evaluated by conducting
shear and pull-out tests using a dynamic 1000 kN universal testing machine (UTM) in a
domestic certification test research center in accordance with American Society for Testing
and Materials (ASTM) E 488 [13]. For the applied loading condition, a continuous loading
method (T-01), in which the load is slowly applied until failure, was used to obtain the
load–displacement data for the full behavior until the failure of the anchor bolt. The loading
rate was set to 0.4 mm/min, allowing the tests to be slowly conducted while observing the
concrete–anchor bond behavior.

In the case of the shear tests, each concrete specimen with anchor bolts was erected
vertically and fixed at the UTM, as shown in Figure 8a, and the equipment set for the
shear tests was then fastened with the anchor. In the case of the pull-out tests, by contrast,
each of the concrete specimens with the anchor bolts was fixed to the reaction floor of the
UTM, as shown in Figure 8b, and the hydraulic tension grip of the UTM load cell was then
fastened with the anchor. The tests were stopped when damage occurred or when the load
resistance was lost from such damage. From the five tests conducted, three test results with
an error rate of less than 20% were selected.
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(a) (b) 

Figure 8. Test setup for performance evaluation of static loading: (a) shear tests; (b) pull-out tests.

Based on the selected test results, the average maximum loads were calculated, and
the pull-out performance was evaluated. The result was used to propose a load protocol
for use in dynamic performance evaluation. Table 3 provides a list of the specimen names.

Table 3. Test specimens and parameters for static loading test.

Specimen Name Test Method
Remark

(Specimen Test Classification)

SSN1001–03

T-01

Test No. 01 to 03 (static_shear_non-cracked_10Ø)
SSC1001–03 Test No. 01 to 03 (static_shear_cracked_10Ø)
SSN1201–03 Test No. 01 to 03 (static_shear_non-cracked_12Ø)
SSC1201–03 Test No. 01 to 03 (static_shear_cracked_12Ø)
SPN1001–03 Test No. 01 to 03 (static_pull-out_non-cracked_10Ø)
SPC1001–03 Test No. 01 to 03 (static_pull-out_cracked_10Ø)
SPN1201–03 Test No. 01 to 03 (static_pull-out_non-cracked_12Ø)
SPC1201–03 Test No. 01 to 03 (static_pull-out_cracked_12Ø)

4.1.2. Shear Performance Evaluation

In the shear test results of the M10 and M12 set anchors, both anchors exhibited a steel
failure instead of a concrete–anchor bond failure, as shown in Figure 9. It appears that the
steel failure occurred before the load affected the concrete, owing to the sufficient bearing
capacity of the concrete for the anchor installed at the center of the specimen and because
of the distance of the concrete–anchor generated from the way in which the anchor was set.
The differences in performance depending on the presence of a concrete crack were found
to be insignificant, as shown in Figure 10. Table 4 summarizes the average maximum load
for each test.

Table 4. Respective results of the shear tests.

Specimen Test Classification Max. Average Load

Shear tests
Φ10

Non-cracked concrete 16.08 kN
Cracked concrete 15.85 kN

Φ12
Non-cracked concrete 25.44 kN

Cracked concrete 24.52 kN

 

Figure 9. Failure mode for static shear tests: (a) M10 set anchor; (b) M12 set anchor.
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Figure 10. Comparison of results of shear tests: (a) M10 set anchor; (b) M12 set anchor.

4.1.3. Pull-Out Performance Evaluation

For the pull-out tests on the M10 set anchor, a steel anchor failure finally occurred
in both the cracked and non-cracked concrete, as shown in Figure 11a. The maximum
pull-out load in the cracked concrete specimens was smaller than that in the non-cracked
concrete specimens, owing to a reduction in adhesive force between the concrete and
anchor. For the M12 set anchor, a concrete cone failure by the adhesive force occurred only
under the slightly increased anchor diameter, as shown in Figure 11b. As with M10, the
maximum pull-out load in the cracked concrete specimens was smaller than that in the
non-cracked concrete specimens, owing to a reduction in the adhesive force. Figure 12
shows the differences in performance depending on the presence of a concrete crack, and
Table 5 shows the average maximum load for each test.

Table 5. Respective esults of the pull-out tests.

Specimen Test Classification Max. Average Load

Pull-out tests
Φ10

Non-cracked concrete 26.03 kN
Cracked concrete 23.46 kN

Φ12
Non-cracked concrete 31.89 kN

Cracked concrete 25.93 kN

 

Figure 11. Failure mode for static pull-out tests: (a) M10 set anchor; (b) M12 set anchor.
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Figure 12. Comparison of results of pull-out tests: (a) M10 set anchor; (b) M12 set anchor.

4.2. Dynamic Loading Test
4.2.1. Presentation of Dynamic Load Protocol

In this study, a load protocol for a seismic safety evaluation under a dynamic load
was presented by referring to the ACI 355.2 standards of the United States for verification
of the seismic performance of power generation facilities in power plants and the TR
049 Category C1 standards of Europe, which consider non-structural elements. Based on
the average maximum loads derived from the static performance evaluation, a dynamic
load protocol was presented, as shown in Table 6. The protocol was used to evaluate the
dynamic performance of the M10 and M12 set anchors. Figure 13 shows the dynamic load
protocol of the M10 set anchor, and Figure 14 shows that of the M12 set anchor. The seismic
performance of the concrete anchors installed in power generation facilities was considered
verified if the maximum pull-out and shear load values of the dynamic tests derived under
the presented cyclic loading met 80% of the performance presented in the static tests.

Table 6. Load protocol of post-installed anchors.

Anchor Test

Applied Load (kN)
Static Max. Average Load (kN)

(Refer to Tables 4 and 5)
50%

(10 Times)
37.5%

(30 Times)
25%

(100 Times)

Φ10
Shear 8 6 4 16.08

Pull-out 13 9.5 6.4 26.03

Φ12
Shear 13 9.8 6.5 25.44

Pull-out 16 12 8 31.89
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Figure 13. Load protocol shape of M10 set anchor: pull-out and shear dynamic force.

Figure 14. Load protocol shape of M12 set anchor: pull-out and shear dynamic force.

4.2.2. Experimental Methods

During the dynamic tests, there was clearance between the concrete and each anchor
owing to the sleeve of the set anchors. As such, clearance may cause errors from a slip
of the equipment set and the vibration of the anchor under the actual cyclic loading,
and an equipment set that can deliver cyclic loading more accurately was fabricated. In
addition, during the tests, the rate of the cyclic loading was reduced from 1.0 to 0.2 Hz, as
determined through trial and error, to deliver the load to the actual anchor more accurately.
Experimental methods other than the loading rate and equipment set were conducted
in the same way as the static performance tests. The tests were stopped when the load
resistance was lost from damage to the anchor or concrete. From the five tests conducted,
the results of three tests with an error rate of less than 20% were selected. Table 7 provides
a specimen list with the specimen names.

Table 7. Test specimens and parameters for dynamic loading test.

Specimen Name Test Method
Remark

(Specimen Test Classification)

DSN1001–03

T-01

Test No. 01 to 03 (dynamic_shear_non-cracked_10Ø)
DSC1001–03 Test No. 01 to 03 (dynamic_shear_cracked_10Ø)
DSN1201–03 Test No. 01 to 03 (dynamic_shear_non-cracked_12Ø)
DSC1201–03 Test No. 01 to 03 (dynamic_shear_cracked_12Ø)
DPN1001–03 Test No. 01 to 03 (dynamic_pull-out_non-cracked_10Ø)
DPC1001–03 Test No. 01 to 03 (dynamic_pull-out_cracked_10Ø)
DPN1201–03 Test No. 01 to 03 (dynamic_pull-out_non-cracked_12Ø)
DPC1201–03 Test No. 01 to 03 (dynamic_pull-out_cracked_12Ø)

4.2.3. Shear Performance Evaluation

In the dynamic shear test results of the M10 and M12 set anchors, both anchors
exhibited steel failure. In the case of the M10 anchors, an early anchor failure occurred
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owing to the cyclic loading in the tests compared to the M12 anchors. This appears to be
due to the difference in diameter. The differences in dynamic shear performance depending
on the presence of a concrete crack were found to be insignificant, as in the static shear
tests.

Table 8 summarizes whether the shear maximum loads generated during the tests
met 80% of the static shear performance (seismic performance verification criterion).

Table 8. Dynamic shear test results of M10 and M12 maximum loads.

Anchor Concrete
Test No.01

(kN)
Test No.02

(kN)
Test No.03

(kN)
Criteria 80%

(Refer to Table 6)

Φ10
Non-crack 8.39 8.64 8.10

12.86 kNCrack 8.31 8.17 8.36

Φ12
Non-crack 25.43 25.80 25.86

20.82 kNCrack 25.32 24.72 25.01

• DSN10 and DSC10

Figure 15 shows the load–displacement curves, and Figure 16 shows an average
summary of the values for each case-specific dynamic shear test. As the figure shows, the
dynamic shear performance of the M10 anchors does not meet the seismic performance
verification criteria (horizontal lines) for both cracked and non-cracked concrete. Based on
this, the anchors of M10 are not considered suitable for anchors of fixed parts.

• DSN12 and DSC12

Figure 17 shows the load–displacement curves, and Figure 18 shows an average
summary of the values for each case-specific dynamic shear test. As the figure shows, in
the case of M12 anchors, unlike M10 anchors, both cracked and non-cracked concrete met
the seismic performance verification criteria.

Figure 15. Load–displacement curve of dynamic shear tests for M10 anchors.
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Figure 16. Comparison results of the dynamic shear tests for M10 anchors: (a) non-cracked concrete;
(b) cracked concrete.

Figure 17. Load–displacement curve of dynamic shear tests for M12 anchors.

  

Figure 18. Comparison results of the dynamic shear tests for M12 anchors: (a) non-cracked concrete;
(b) cracked concrete.

4.2.4. Pull-Out Performance Evaluation

In the case of the M10 set anchor, a pull-out failure of the steel anchor occurred. The
pull-out loads in the cracked concrete specimens were smaller than those in the non-cracked
concrete specimens. In the case of the M12 set anchor, a concrete cone failure occurred as in
the static pull-out tests. As with M10, the pull-out loads in the cracked concrete specimens
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were smaller than those in the non-cracked concrete specimens. It was found that the M10
set anchor exhibited a failure of the anchor itself before the concrete–anchor bond failure,
owing to the relatively smaller diameter. When the maximum loads of the dynamic pull-
out tests were compared with those of the static tests, the maximum pull-out loads under
dynamic loads were found to be higher. This appears to be because the clearance between
the concrete and the set anchor, which existed at the time of the set anchor installation,
contributed to the concrete–anchor frictional force that was generated by vibration under
the application of cyclic loading.

Table 9 summarizes whether the pull-out maximum loads generated during the tests
met 80% of the static pull-out performance (seismic performance verification criterion).

Table 9. Dynamic pull-out test results of M10 and M12 maximum loads.

Anchor Concrete
Test No.01

(kN)
Test No.02

(kN)
Test No.03

(kN)
Criteria 80%

(Refer to Table 6)

Φ10
Non-crack 20.52 20.30 22.88

20.35 kNCrack 14.43 17.90 15.22

Φ12
Non-crack 42.47 41.25 40.39

25.51 kNCrack 39.15 38.95 40.70

• DPN10 and DPC10

Figure 19 shows the load–displacement curves, and Figure 20 shows an average
summary of the values for each case-specific dynamic pull-out test. As the figure shows, the
dynamic pull-out performance of the M10 anchors does not met the seismic performance
verification criteria (horizontal lines) for cracked concrete. Based on this, the set anchors of
M10 are not considered suitable for anchors of fixed parts.

• DPN12 and DPC12

Figure 21 shows the load–displacement curves, and Figure 22 shows an average
summary of the values for each case-specific dynamic pull-out test. As shown in the figure,
both cracked and non-cracked concrete met the seismic performance verification criteria
for the M12 anchor, as shown in the M10 anchor.

Figure 19. Load–displacement curve of dynamic pull-out tests for M10 anchors.
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Figure 20. Comparison results of the dynamic pull-out tests for M10 anchors: (a) non-cracked
concrete; (b) cracked concrete.

Figure 21. Load–displacement curve of dynamic pull-out tests for M12 anchors.

  

Figure 22. Comparison results of the dynamic pull-out tests for M12 anchors: (a) non-cracked
concrete; (b) cracked concrete.
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5. Conclusions

In this research, a field study was conducted on the fixation unit of post-installed
anchors used in operation and power generation facilities installed in domestic power
plants. Based on the results, a static/dynamic performance evaluation was conducted to
determine the safety evaluation guidelines that meet the domestic seismic performance
requirements.

• In this study, the average maximum loads of post-installed anchors were calculated
by evaluating the static performance of two concrete types (non-cracked and cracked
concrete), based on which a dynamic load protocol was presented. A dynamic perfor-
mance evaluation was conducted using this protocol to evaluate the seismic safety of
concrete-embedded anchor bolts.

• The static shear test results of the M10 and M12 set anchors showed that steel failure
occurred in both the cracked and non-cracked concrete. It appears that the anchor
failure occurred before the load affected the concrete, owing to the sufficient bearing
capacity of the concrete for the anchor bolt installed at the center of the concrete
specimen and because of the concrete–anchor distance generated during the anchor
installation.

• In the static pull-out test results, the M10 set anchor exhibited an anchor steel failure
in both the cracked and non-cracked concrete. The M12 set anchor showed a concrete
cone failure by the concrete–anchor adhesive force, owing to its slightly increased
diameter. As with the M10 set anchor, the maximum pull-out load in the cracked
concrete specimens was smaller than that in the non-cracked concrete specimens,
owing to a reduction in the concrete–anchor adhesive force.

• In the dynamic shear test results of the M10 and M12 set anchors, both anchors
exhibited steel failure. The M12 set anchor met the seismic performance verification
criterion (80% of the static performance), but the M10 set anchor could not because its
dynamic performance was reduced, owing to the cyclic loading.

• The results of the dynamic pull-out test showed that the M10 anchor met the seismic
performance verification criterion in a non-cracked state, i.e., at the time of installation,
but could not meet the criterion when cracks occurred, owing to aging and other loads.
In the case of the M12 set anchor, the maximum pull-out loads under dynamic loads
were found to be higher than those of the static tests. This appears to be because the
clearance between the concrete and the set anchor, which existed at the time of the set
anchor installation, contributed to the concrete–anchor frictional force generated by
vibrations under the application of cyclic loading.

Because this was an experimental study, it will be necessary in the future to addi-
tionally conduct analytical research to verify the reliability and applied parameters of the
experiment.
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Abstract: To assure seismic isolation performance against design and beyond design basis earth-
quakes in the nuclear facility components, the lead inserted small-sized laminated rubber bearings
(LRB), which has a 10 kN vertical design load, have been designed and quasi-statically tested to
validate their design mechanical properties in previous studies. Following this study, the seismic
shaking tests of these full-scale LRBs are performed and discussed in this paper with the dummy
mass system to investigate actual seismic isolation performance, dynamic characteristics of LRBs,
consistency of the LRB’s quality, and so on. To study the seismic isolation performance, three beam
structures (S1–S3) with different natural frequencies were installed both on the shaking table and
the dummy mass supported by four LRBs: (1) S1: structure close to seismic isolation frequency; (2)
S2: structure close to peak input spectral frequency; (3) S3: structure in the high-frequency region.
The test results are described in various seismic levels of OBE (Operating Basis Earthquake), SSE
(Safe Shutdown Earthquake), and BDBE (Beyond Design Basis Earthquake), and are compared with
the analysis results to assure the seismic isolation performance and the LRB’s design parameters.
From the results of the shaking table tests, it is confirmed that the lead inserted small-sized LRBs
reveal an adequate seismic isolation performance and their dynamic characteristics as intended in
the LRB design.

Keywords: seismic isolation; laminated rubber bearing; lead rubber bearing; shaking table test;
nuclear facility component; beyond design basis earthquake; LRB design; seismic performance;
seismic isolation frequency

1. Introduction

After Fukushima nuclear power plant accident, many efforts have been made to
enhance the seismic capacity of nuclear power plants, especially for old nuclear power
plants in operation, and to accommodate the beyond design basis earthquakes.

In general, the seismic capacity of the nuclear power plants has been handled at
the plant level, but recently the individual seismic capacity of the safety-related facility
components such as control cabinet, emergency diesel generator, remote shutdown console,
battery pack, spent fuel rack, and so on has become important in determining the seismic
capacity of nuclear power plants. Especially enhancing the seismic capacity of the operating
nuclear power plants, which have experienced various aging environments for a long
service lifetime, is a critical issue in points of safety against potential beyond design
basis earthquakes.

There may be many ways to increase the seismic capacity of individual nuclear facility
components [1–3], but applying the customized seismic isolators to individual nuclear
components can be one of the effective approaches [4,5].

There are many types of seismic isolators such as friction pendulum system, rigid
sliding bearing with damper, elastic sliding bearing with damper, laminated rubber bear-
ing, etc. [5–9]. Among them, the laminated rubber bearings (LRB) have been popularly
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developed in many countries for nuclear applications because they can support very heavy-
weight and are very flexible in shear deformation against horizontal earthquakes. Due to
these characteristics, LRBs have been generally developed for seismic isolation of build-
ings [10–16]. There are many studies on shaking table tests of LRBs for a building structure
seismic isolation, but most of them are performed with the reduced scale LRBs [17–20]. For
this reason, there are very few studies of the shaking table tests for the full-scale LRBs.

In previous studies, the small-sized LRBs with 10 kN vertical design load and 2.3 Hz
seismic isolation frequency have been developed for individual nuclear component seismic
isolation instead of entire building isolation. The developed LRB uses natural rubber and a
lead plug is inserted in the center for damping. The design mechanical properties of LRB
have been identified by the quasi-static tests [21].

In this study, the shaking table tests of the full-scale LRBs developed in previous
studies are carried out and their seismic isolation performance and dynamic characteristics
are investigated through a well-established test matrix. The test conditions included
in the test matrix are established to investigate (1) three levels of the seismic load, i.e.,
OBE (Operating Basis Earthquake), SSE (Safe Shutdown Earthquake), BDBE (Beyond
Design Basis Earthquake), (2) damping function of the lead plugin continuous aftershock
conditions, (3) consistent fabrication quality of small-sized LRBs, (4) extreme behavior
of LRB, and (5) confirm the LRB design parameters. The used input motions in shaking
table tests correspond to the typical floor response spectrum at 137 ft elevation of the
nuclear power plant building structure, where the seismic isolation target components are
expected to be located. To confirm the seismic isolation performance, three beam structures
with different natural frequencies are installed both on the shaking table and the dummy
mass supported by the LRBs, and their seismic responses of non-seismic isolation and
seismic isolation cases are measured for comparison. Seismic analyses with two kinds of
LRB models of the Bi-linear and the equivalent stiffness-damping are performed with the
identified mechanical properties in previous studies and their results are compared with
those of the tests to confirm the dynamic design characteristics.

2. Review of LRB Design Characteristics

In previous studies, the lead inserted small-sized LRBs have been designed with 100
mm outer diameter and a design vertical inertia load of 10 kN. In this design, the lead plug
with a 21.5 mm diameter is inserted into the LRB center position to take the role of energy
dissipation. Ultimately this is expected to reduce the maximum shear displacement of LRB
during the seismic events.

The total rubber height is 20 mm with appropriate shape factors of S1 = 9.9 and S2 = 5.0,
where S1 represents the ratio of the area of the rubber plate where the surface pressure
applies and the free surface area where the rubber plate; S2 represents the ratio of the
diameter and the total rubber height.

The design shear displacement of LRB is 35 mm corresponding to 175% shear strain
of LRB based on the total rubber height of 20 mm. To accommodate the beyond design
basis earthquake, the 70 mm corresponding to 350% shear strain of LRB is set to increase
the seismic fragility capacity for the peak ground motions.

Table 1 presents the summary of the design parameters of the lead inserted small-
sized LRB to be carried out by the shaking table tests to identify its seismic isolation
performance characteristics.
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Table 1. Summary of LRB design parameters [21].

Design Parameters Design Value

Outer Diameter (Do) 100 mm
Lead Plug Diameter (d) 21.5 mm

Total Rubber Height (tR) 20 mm
Total LRB Height (t) 34 mm

Shape Factor (S1) 9.9
Shape Factor (S2) 5.0

Design Vertical Load (Pd) 10 kN
Design Shear Displacement (Dd) 35 mm (175%)

Beyond Design Shear Displacement (Db) 80 mm (400%)

The LRB dynamic characteristics corresponding to the design parameters are pre-
sented in Table 2. As shown in the table, the horizontal seismic isolation frequency at the
design shear displacement level is 2.3 Hz for a design and the identified frequency by the
quasi-static tests is 2.25 Hz [21]. The critical damping ratio is 25.5% for a design and the
identified value by the quasi-static tests is 24.1%. For equivalent bi-linear characteristics of
LRB, the designed tangential stiffness and the characteristic strength are 123 kN/m and
3 kN, respectively, and the identified values by the quasi-static tests are 122 kN/m and
2.72 kN, respectively.

Table 2. LRB dynamic characteristics at design level [21].

Parameters Design Quasi-Static Tests

Horizontal Isolation
Frequency (Fiso) 2.3 Hz 2.25 Hz

Equivalent Horizontal
Stiffness (Keff)

209 kN/m 199.3 kN/m

Critical Damping Ratio (ξ) 25.4% 24.1%
Tangential Stiffness (Kt) 123 kN/m 122 kN/m

Characteristic Strength (Qd) 3 kN 2.72 kN

3. Seismic Shaking Table Tests

3.1. Performance of Shaking Table Test Facility

Table 3 presents the shaking table information used in this study. As shown in the
table, the table size is 4 m × 4 m and the maximum loading capacity is 300 kN. The
information related to the control software of the MTS 469D can be found in the MTS,
2021 [22].

Table 3. Shaking table performance.

Item Performance

Max. Loading (kN) 300
Table Size (m) 4 × 4
Control Axes 6 DOF (Translation 3 axes, Rotational 3 Axes)

Max. Displacement (mm) Hor. (X, Y) = ±300, Ver. (Z) = ±150
Max. Velocity (m/s) Hor. (X, Y) = 1.5, Ver.(Z) = 1.0

Max. Acceleration (g) Hor. (X, Y) = 3.0, Ver.(Z) = 5.0
Frequency Range (Hz) 0.1 ~ 60
Excitation Mechanism Electro-hydraulic Servo, 3 Variable Control

Control Software MTS 469D
Feedback Data Acquisition 63 Channels (Sampling Rate = 512 Hz)

3.2. Description of Seismically Isolated Test Mockup

As shown in Table 1, the designed LRB has a vertical load of 10 kN (∼= 1 ton) to perform
the seismic isolation frequency of 2.3 Hz. To validate their seismic isolation characteristics
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during the actual seismic loading conditions, the total dummy mass of 4 tons is fabricated
with a rectangular shape (1300 mm × 1300 mm × 320 mm) and four LRBs are installed
between the shaking table and the bottom of the dummy mass at each corner with bolted
joint connection, as shown in Figure 1.

Figure 1. Photos of test mockup with four LRBs and four tons dummy mass system.

To investigate the seismic isolation performance induced by LRBs, three beam struc-
tures (S1–S3) are installed both on the shaking table and on the dummy mass, which will
represent the actual superstructures to be seismically isolated. The target natural frequen-
cies for beam structures are 5 Hz for S1, 9 Hz for S2, and 20 Hz for S3. When considering
the design seismic isolation frequency of 2.3 Hz, the S1 structure is set to investigate the
seismic responses of the structure near the seismic isolation frequency. The S2 structure is
aimed to investigate the seismic isolation performance for the strong input motion having
a spectral peak around 10 Hz. The S3 structure is prepared to validate the seismic isolation
responses of superstructures having high-frequency dynamic characteristics.

For the measurement of seismic responses, the accelerometers are installed on the
shaking table for the input seismic motion and on the center of the dummy mass for the
seismic isolation response. To obtain the seismic responses of the beam structures both
on the shaking table and on the dummy mass, the accelerometers are attached at top of
each beam structure. To measure the LRB shear displacement response, which will be the
relative displacement between the shaking table and the dummy mass, the LVDT (Linear
Variable Differential Transformer) is installed between the sensor supports (Figure 1) and
the dummy mass.

3.3. Seismic Input Motions

The seismic input motion used for the shaking table test is obtained from the typical
floor response spectrum at an elevation of 137 ft in nuclear power plant building structure,
which is the location where the target facility components can be seismically isolated
by using LRBs to increase the seismic capacity or to accommodate the beyond design
basis earthquakes.

Figure 2 presents the design response spectrum (DRS) considered in this shaking
table test. This spectrum is obtained from the system (nuclear building structures) seismic
analysis using the seismic time history response analysis method with the design response
spectrum conformed to the US NRC RG 1.60 [23]. As shown in the figure, the zero period
acceleration value is 1.22 g, amplified about four times. The broadened spectral peak
ranges from 9 Hz to 12 Hz. Figure 3a shows the generated artificial acceleration time
history enveloped the DRS, which is the required shaking table input motion. Figure 3b is
the actual shaking table motion measured at the shaking table.
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Figure 2. Design response spectrum used in tests (PGA = 0.3 g).

 
(a) (b) 

Figure 3. Acceleration time histories for shaking table input motion (PGA = 0.3 g): (a) Corresponding to RRS; (b) Corre-
sponding to TRS.

Figure 4 presents the comparison of the DRS, the required response spectrum (RRS)
corresponding to Figure 3, and the test response spectrum (TRS) corresponding to Figure 4.
As shown in the figure, we can see that the RRS and the TRS are almost the same spectral
shape and these appropriately envelope the DRS.
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Figure 4. Design response spectrum used in tests (PGA = 0.3 g).

The original required sampling rate for the RRS is 200 Hz (0.005 s), which is a typical
value used for the nuclear seismic design. In this study, a faster sampling rate of 512 Hz
was used for the shaking table tests with consideration of the test facility performance.

3.4. Test Matrix

Table 4 presents the summary of the test matrix carried out in this shaking table test.
As shown in the table, three sets of the test mockup (OPT-2A, OPT-2B, and OPT-2C), which
can validate the reliability for the consistency of LRB fabrication quality, are prepared to
investigate the seismic isolation characteristics and performance. Each set is composed of
four LRBs with the same dummy mass.

Table 4. Test Matrix.

Test Mockup ID Test ID PGA (g)
PGA with

IEAF (Fμ) 1 (g)
Remarks

OPT-2A
OPT-2A-1 0.5 0.625 Seismic Fragility

Capacity
OPT-2A-2 0.3 0.3 SSE
OPT-2A-3 0.1 0.1 OBE

OPT-2B
OPT-2B-1 0.5 0.625 Seismic Fragility

Capacity
OPT-2B-2 0.3 0.3 SSE
OPT-2B-3 0.1 0.1 OBE

OBT-2C
OPT-2C-1 0.3 0.3 SSE
OPT-2C-2 0.6 0.75 For Ultimate Behavior

1 Fμ = 1.25: Inelastic energy absorption factor (IEAF) for building structure [24].

As shown in the test matrix, four PGA levels of a seismic input motion such as 0.1 g,
0.3 g, 0.5 g, and 0.6 g are considered to be tested. In these load levels, 0.1 g and 0.3 g
are the levels of the operating basis earthquake (OBE) and the safe shutdown earthquake
(SSE) respectively. Moreover, 0.5 g is the level of the beyond design basis earthquake
(BDBE) corresponding to the required seismic fragility capacity for 0.3 g SSE. The level
of PGA = 0.6 g is the seismic fragility capacity corresponding to 0.36 g SSE level and
is set to investigate the ultimate behavior of LRBs, which may occur in the seismically
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isolated nuclear facility components located at the 137 ft elevation level of the nuclear
building structures.

In the test mockups of OPT-2A and OPT-2B, the shaking table tests are sequentially
carried out from 0.5 g level to 0.1 g. The purpose of this test plan is to investigate whether
the seismic isolation performance can be achieved even when the smaller earthquakes
occur continuously in the deformed state of the inserted lead plug after experiencing a large
earthquake history. This test plan is also reasonable when considering that the primary
purpose of developing the lead inserted small-sized LRB is to accommodate the beyond
design basis earthquakes in the nuclear facility components. The tests for 0.3 g and 0.1 g
after the 0.5 g test are set to investigate the LRB performance for aftershocks.

All input motions corresponding to each PGA level were obtained by linearly scaling
for the input motion of PGA = 0.3 g presented in Figure 3. When considering an actual
earthquake event, the PGA levels above 0.3 g of SSE in the test matrix will be greater than
linearly scaled levels because the design floor response spectrum used for the shaking
table tests will be practically reduced due to the plastic behavior of the building structures,
which can be represented by the inelastic energy absorption factor (IEAF). When taking the
IEAF to be 1.25 as recommended in EPRI/NP-6041-SL [24], the PGA levels for 0.5 g and
0.6 g can be treated as 0.625 g and 0.75 g levels, respectively.

All tests are carried out with an interim time of about 10 min after each test listed
in test ID to minimize the variation of the rubber characteristics due to the temperature
increase that may occur in the rubber in the test performed just before.

3.5. Results of Shaking Table Tests
3.5.1. Seismic Isolation Characteristics and Performance

To investigate the seismic isolation characteristics of the lead inserted small-sized LRB
developed for an individual nuclear facility component seismic isolation, the test results for
the representative design basis earthquake level of PGA = 0.3 g are presented in Figure 5.
From the spectrum responses of Figure 5b corresponding to the test results of acceleration
time history responses shown in Figure 5a, we can see that the peak spectral frequency
band around 10 Hz in the input shaking table motion is significantly shifted to the 2.6 Hz
in the dummy mass response, which is slightly higher than the 2.3 Hz of the design seismic
isolation frequency in Table 2. From this result, it can be confirmed that the LRB on
development in this study has one of the typical seismic isolation characteristics that can
assure the seismic isolation performance for the nuclear facility components generally
having around 10 Hz dynamic frequencies.

 

(a) (b) 

Figure 5. Test results for safe shutdown earthquake (PGA = 0.3 g): (a) Acceleration time histories; (b) Corresponding
response spectrum.
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Figures 6–13 show the test results of the acceleration time history responses for the
individual test ID with a comparison between the isolated structures, i.e., installed on the
dummy mass, and the non-isolated structures, i.e., installed on the shaking table.

  
(a) (b) (c) 

Figure 6. Test results of acceleration time history response (TEST ID: OPT-2A-1, PGA = 0.5 g): (a) S1; (b) S2; (c) S3.

   

(a) (b) (c) 

Figure 7. Test results of acceleration time history response (TEST ID: OPT-2A-2, PGA = 0.3 g): (a) S1; (b) S2; (c) S3.

   

(a) (b) (c) 

Figure 8. Test results of acceleration time history response (TEST ID: OPT-2A-3, PGA = 0.1 g): (a) S1; (b) S2; (c) S3.
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(a) (b) (c) 

Figure 9. Test results of acceleration time history response (TEST ID: OPT-2B-1, PGA = 0.5 g): (a) S1; (b) S2; (c) S3.

  

(a) (b) (c) 

Figure 10. Test results of acceleration time history response (TEST ID: OPT-2B-2, PGA = 0.3 g): (a) S1; (b) S2; (c) S3.

  

(a) (b) (c) 

Figure 11. Test results of acceleration time history response (TEST ID: OPT-2B-3, PGA = 0.1 g): (a) S1; (b) S2; (c) S3.
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(a) (b) (c) 

Figure 12. Test results of acceleration time history response (TEST ID: OPT-2C-1, PGA = 0.3 g): (a) S1; (b) S2; (c) S3.

  

(a) (b) (c) 

Figure 13. Test results of acceleration time history response (TEST ID: OPT-2C-2, PGA = 0.6 g): (a) S1; (b) S2; (c) S3.

As clearly shown in the above test results of the acceleration time history responses,
the seismically-isolated structures reveal the seismic isolation performance as expected
from the frequency shift effect presented in Figure 5b of results of the response spectrum,
which are for the shaking table and the dummy mass.

Figure 14 presents the comparison of the spectral peak values between seismically-
isolated structures and the non-isolated structures calculated from the above acceleration
time history responses. As shown in the figure, we can see that the LRB gives better seismic
isolation performance as the input earthquake levels increase.

  
 

(a) (b) (c) 

Figure 14. Comparison of spectral peak values calculated from the test results: (a) S1; (b) S2; (c) S3.

From the above acceleration seismic responses, the results of the shaking table tests of
the lead inserted small-sized LRB are summarized as follows;
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1. It is confirmed that the fabricated lead inserted small-sized LRB gives a consistent
seismic isolation performance through the repeated shaking table tests with different
sets of the fabricated LRB as intended in the test matrix to check the reproducibility
of LRB;

2. Contrary to concerns about the lead plug after experiencing larger earthquakes, the
lead inserted small-sized LRB reveals adequate seismic isolation performance in
subsequent shaking table tests;

3. In particular, the seismic isolation performance in a frequency range of 9 to 20 Hz,
which corresponds to the resonance frequency band of most nuclear facility compo-
nents, is confirmed as expected in the LRB design;

4. When the input earthquake level is small, such as PGA = 0.1 g, the amplitude of the
cyclic shear displacement of LRB occurs is also small and the initial stiffness effects of
the lead plug increase the seismic isolation frequency. As a result, the seismic isolation
performance is relatively reduced.

5. In the test results of the PGA = 0.6 g in Figure 13, LRB failure occurred after 13 s due
to exceeding the LRB shear strain limits of 600% (120 mm), which has been confirmed
in previous quasi-static tests [21].

3.5.2. LRB Shear Displacement Responses

In general, one of the main issues in the seismic isolation design, regardless of isolation
device types, is how to control the appropriate relative displacement between the seismic
excitation base and the seismically isolated superstructures in point of the interface design.
Figure 15 presents the maximum shear displacements of LRB measured at the center
and the edge of dummy mass for all test IDs. As shown in the figures, the LRB reveals
well-controlled shear displacement behavior up to the beyond design basis earthquake of
PGA = 0.5 g, which is 0.625 g in a seismic fragility point of view.

 
(a) (b) 

Figure 15. Measured maximum shear displacement of LRB: (a) At the center of dummy mass; (b) At the edge of
dummy mass.

The averaged maximum shear displacements of LRB corresponding to the design
basis earthquake of SSE (PGA = 0.3 g) and the beyond design basis earthquake, PGA = 0.5 g
were measured to be 41 mm and 80 mm respectively, which were very close to the design
target value of 35 mm and 80 mm corresponding to the shear strain of 175% and 400%
respectively as presented in Table 1.

Figure 16 represents the measured shear displacement time history response of LRB
for PGA = 0.5 g (Test ID: OPT-2A-1). As shown in the figure, the LRB shear displacement
time history responses measured at the center and the edge of the dummy mass is almost
the same, with less than the 1.5 mm difference. This result indicated that no rotational
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behavior occurred in the dummy mass and that all LRBs used in the test had the same
mechanical characteristics.

Figure 16. Measured LRB shear displacement time history response for Test ID: OPT-2A-1,
PGA = 0.5 g.

In the case of the ultimate test with PGA = 0.6 g (Test ID: OPT-2C-2), the failure of
LRB occurred after 13 s during the test. At this time, the maximum shear displacement
was measured to be 137 mm (685%), significantly exceeding the beyond design shear
displacement of 80 mm. Figure 17 presents the photos showing the failed LRB after tests.

  
(a) (b) 

Figure 17. Photos of failed LRB after ultimate test with PGA = 0.6 g (Test ID, OPT-2C-2): (a) Front view with permanent
deformation; (b) Top view with failed section.

4. Numerical Seismic Analysis and Discussions

To confirm the seismic isolation characteristics of LRB, the numerical analyses are
carried out for the representative Test ID, OPT-2A-2 (PGA = 0.3 g), which is for the design
basis earthquake of SSE (PGA = 0.3 g). The used analysis seismic input motion is shown in
Figure 5a, which is measured at the shaking table.

For the numerical seismic analysis, the ANSYS commercial finite element program [25]
is used.

384



Appl. Sci. 2021, 11, 4431

4.1. Seismic Analysis Modeling

Figure 18 presents the schematic concept of the seismically isolated test mockup
performed in this study and the corresponding finite element model used for the seismic
analysis. As shown in Figure 18a, there are three different beam structures both on the
shaking table and on the dummy mass, which is intended to express a seismically isolated
structure and the non-isolated structure. Figure 18b is the corresponding seismic analysis
model used in this study.

  
(a) (b) 

Figure 18. Seismic analysis model: (a) Schematics of the test mockup; (b) Finite element model.

Table 5 presents the input parameters for the finite element modeling used in the
seismic analysis. As shown in the table, two types of LRB analysis modes are used: the
Bilinear model and equivalent stiffness-damping model. For the LRB model, the element
type of COMBIN40 in the ANSYS is used with input parameters of elastic stiffness (Ke),
tangential stiffness (Kt), and characteristic strength (Qd) for the bilinear model, and of
equivalent stiffness (Keq) and critical damping ratio (ξ) for the equivalent spring-damper
model. And for the beam structure model, the element type of BEAM188 is used with
total height (L), area moment of inertia (Izz), and Rayleigh damping parameters of ALPHA
and BETA.

Table 5. Analysis input parameters for finite element modeling.

Structure
ID

Beam Model

LRB Models

Bi-Linear
Equiv.

Stiffness-Damping

L (mm) Izz (m4) ALPHA BETA Ke

(kN/m)
Kt

(kN/m)
Qd (kN)

Keq

(kN/m)
ξ (%)

S1 47.0 0.84E-11 0.863 1.349E-4 187.6 122 2.7 199.3 30
S2 42.2 2.00E-11 3.247 4.569E-5 187.6 122 2.7 199.3 30
S3 34.6 6.75E-11 1.626 2.059E-4 187.8 122 2.7 199.3 30

4.2. Comparison with Test Results

Figures 19–21 present the comparison results of the response spectrum obtained from
tests and analyses for individual beam structures on the shaking table and the dummy mass.
As shown in the figures, the calculated response spectrum from the seismic analyses is in
good agreement with those of the tests. Overall, it can be seen that the used two analysis
models of LRB give very similar results but in the case of the equivalent stiffness-damping
model, the value of critical damping ratio used in the analysis is 30%, which is slightly
higher than the 24.1% obtained from the quasi-static tests in Table 1.
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(a) (b) 

Figure 19. Comparison of response spectrum between test and analysis for S1 structure: (a) Non-isolated; (b) Seismically isolated.

 
(a) (b) 

Figure 20. Comparison of response spectrum between test and analysis for S2 structure: (a) Non-isolated; (b) Seismically isolated.

 
(a) (b) 

Figure 21. Comparison of response spectrum between test and analysis for S3 structure: (a) Non-Isolated; (b) Seismically Isolated.

Figure 22 presents the results for the LRB shear displacement responses. In this figure,
Figure 22a shows comparison results of the maximum values between test and analysis. As
shown in the figure, the maximum shear displacements of LRB in the analysis are 35.6 mm
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for the Bi-linear model and 37.3 mm for the equivalent stiffness-damping model. These
results were slightly less than the 38.6 mm of the test result but were in good agreement
with the 35 mm of the design target value presented in Table 1. Figure 22b shows the
analysis result of the hysteretic behavior of LRB with the shear displacements vs. restoring
forces. From the results, it could be confirmed that the Bi-linear characteristics of LRB
identified from previous quasi-static tests can be used for the seismic analysis.

(a) (b) 

Figure 22. LRB shear displacement responses: (a) Comparison of maximum values; (b) Hysteretic response with Bi-linear model.

5. Conclusions

In this study, the shaking table tests of the lead inserted small-sized LRBs were
performed with the dummy mass system and the applicability of the horizontal seismic
isolation to the nuclear facility components was investigated in detail.

Through all shaking table tests specified in the test matrix and the seismic verification
analyses, some valuable conclusions are derived as follows;

1. The tests of full-scaled LRBs can assure the reliability of the seismic isolation perfor-
mance by removing the uncertainties potentially contained in the reduced-scale tests.

2. It was confirmed that the mechanical characteristics of LRB identified by the quasi-static
tests were very similar to the results of the dynamic seismic shaking table tests.

3. The lead plug inserted in the center of the LRB reveals a good damping function by
adequately restricting the shear displacement as targeted in the LRB design.

4. As intended in the test matrix starting tests sequentially from large to small level earth-
quakes, it was confirmed that LRB maintains seismic isolation performance against
aftershocks even after experiencing the level of beyond design basis earthquakes.

5. The smaller the seismic input load level, the less the seismic isolation effect. This
is because in the region where the shear displacement of LRB is small, the initial
stiffness effect of the lead plug is large, and the frequency shift effect of the seismic
isolation system is reduced.

6. As a result of performing the same repeated shaking table tests for each different
LRB set of mockups, almost the same test results were obtained, and from this, the
reliability of manufacturing the lead inserted small-sized LRB was confirmed.

7. It is confirmed that the developed LRB in this study has a seismic capacity accommo-
dating PGA = 0.5 g (seismic fragility capacity, 0.625 g) at the 137 ft elevation of the
nuclear power plant building structures.

8. It is recommended that the allowable seismic shear strain of LRB developed in this
study is 400% for application to the nuclear facility components. When applied to
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input seismic load exceeding this stain level, more additional shaking table tests are
required to confirm higher shear strain limit.

9. From the comparison results between the shaking table tests and the seismic analyses,
it is found that the Bi-linear model or the equivalent stiffness-damping model of LRB
can be used in the seismic analysis as a simple method when using well-identified
stiffness and damping value of LRB.
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Abstract: The main purpose of this study is to perform shaking table tests to validate the inelastic
seismic analysis method applicable to pressure-retaining metal components in nuclear power plants
(NPPs). To do this, the test mockup was designed and fabricated to be able to describe the hot
leg surge line nozzle with a piping system, which is known to be one of the seismically fragile
components in nuclear steam supply systems (NSSS). The used input motions are the displacement
time histories corresponding to the design floor response spectrum at an elevation of 136 ft in the in-
structure building in NPPs. Two earthquake levels are used in this study. One is the design-basis safe
shutdown earthquake level (SSE, PGA = 0.3 g) and the other is the beyond-design-basis earthquake
level (BDBE, PGA = 0.6 g), which is linearly scaled from the SSE level. To measure the inelastic
strain responses, five strain gauges were attached at the expected critical locations in the target
nozzle, and three accelerometers were installed at the shaking table and piping system to measure
the dynamic responses. From the results of the shaking table tests, it was found that the plastic strain
response at the target nozzle and the acceleration response at the piping system were not amplified
by as much as two times the input earthquake level because the plastic behavior in the piping system
significantly contributed to energy dissipation during the seismic events. To simulate the test results,
elastoplastic seismic analyses with the well-known Chaboche kinematic hardening model and the
Voce isotropic hardening model for Type 316 stainless steel were carried out, and the results of
the principal strain and the acceleration responses were compared with the test results. From the
comparison, it was found that the inelastic seismic analysis method can give very reasonable results
when the earthquake level is large enough to invoke plastic behavior in nuclear metal components.

Keywords: inelastic seismic analysis; shaking table test; nuclear metal component; design-basis
earthquake; beyond-design-basis earthquake; plastic strain; strain gauge; Chaboche kinematic
hardening model; Voce isotropic hardening model; strain gauge rosettes; principal strain

1. Introduction

In the current seismic design of nuclear power plants (NPPs), the peak ground accel-
eration (PGA) level of safe shutdown earthquake (SSE) is generally taken to be 0.3 g as
a design-basis earthquake. Recently, there have been attempts to increase the PGA level
above 0.3 g to enhance the seismic safety of NPPs. Furthermore, after the Fukushima NPP
accident, the consideration of the beyond-design-basis earthquake (BDBE) became one
of the big issues at the design stage, especially for safety-related nuclear facility compo-
nents having small seismic margins. In fact, it is true that increasing the value of the SSE
level is a big burden for the seismic design of NPPs. There have been many research and
development efforts to resolve BDBE issues for the seismic design of NPPs. As one of
the hardware approaches to accommodate large earthquakes, seismic isolation design has
been studied by many countries for a whole nuclear island building isolation [1,2] or an
individual facility component isolation [3,4]. Additionally, seismic energy absorbers such
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as tuned mass and dampers (TMDs) have been studied for application to seismic fragile
piping systems or any other safety-related facilities [5].

Recently, as one of the approaches against large earthquakes, studies on the new
seismic design acceptance criteria for large earthquakes have been actively conducted
for the application of nuclear metal components [6–9]. The main concept of this design
criteria provides strain-based design limits to protect the pressure-retaining nuclear metal
components against an inelastic strain-induced failure mode. Actually, current design
criteria in nuclear codes and standards such as ASME BPVC III [10] and RCC-MR [11]
provide the stress-based design limits for the elastically calculated stress values. Therefore,
they may not provide adequate limits for actual seismic failure modes in cases when the
reversing dynamic plastic responses are significant.

In the previous studies on the new strain-based seismic design criteria, the feasibility
of this approach was investigated for the nuclear pipe and nozzle. The most important
thing when applying this approach is to calculate accurate inelastic strain values using
inelastic seismic analysis [12,13]. Then, seismic shaking table tests are inevitably required
in order to validate the inelastic seismic analysis method. There has been research on
seismic shaking table tests for the piping system [14,15].

In this study, the test mockup for simulating the hot leg surge line nozzle, which is
known as one of the fragile components in nuclear steam supply systems (NSSS), is de-
signed and tested on a shaking table for two earthquake levels of PGA = 0.3 and 0.6 g.
For validation of the inelastic seismic analysis method, the finite element model using the
ANSYS program [16] is established with material constitutive equations of the Chaboche
kinematic hardening model and the Voce isotropic hardening model for Type 316 stainless
steel. Through the investigation of the test results and the comparison of seismic time
history responses such as the principal strain and accelerations between the measured data
and the inelastic seismic analysis results, the inelastic seismic analysis method for large
earthquakes was validated and confirmed to be useful for the seismic design of nuclear
metal components.

2. Design of Seismic Test Mockup

2.1. Configuration and Dimensions

In this study, the seismic test mockup is designed to be able to simulate the actual
nuclear component installed in the in-structure building. This will be consistent with
the purpose of validating the strain-based seismic design method developed in previous
studies [9,13]. To do this, the metal component nozzle, which is known as one of the
seismically fragile components in nuclear steam supply systems (NSSS), was selected as
the reference for the test mockup. Specifically, the hot leg surge line nozzle connecting the
hot-leg pipe and the surge line piping system, which is installed at the elevation of 136 ft in
the in-structure building, is referenced in this test mockup design.

The main design concept of the test mockup is to configure the piping layout, result-
ing in the maximum accumulated plastic strain at the safe-end region connecting the nozzle
and the piping system in the same condition as the actual hot-leg surge line nozzle in NSSS.
Figure 1 presents the designed overall configuration and seismic directional axis of the test
mockup. As shown in the figure, the test mockup consists of a target nozzle, horizontal and
vertical pipes, one elbow, and two added masses. The total height of the test mockup is
1132 mm, and the total mass is about 158 kg. Table 1 reveals the summary of the design
parameter values of the test mockup.

The used material of the test mockup is Type 316 stainless steel, which has an elastic
modulus of 190 GPa, a density of 7970 kg/m3, and a Poison’s ratio of 0.27 at room temperature.

2.2. Analysis Model and Dynamic Characteristics of Test Mockup

To derive an appropriate plastic strain in the nozzle part, enough to validate the
inelastic seismic analysis method, the test mockup is designed to have dominant dynamic
characteristics resonant in the peak spectral frequency band of the seismic input motions.
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Figure 2 presents the target required response spectrum, representing those at the elevation
of 136 ft in the in-structure building (ISB) of NSSS. As shown in the figure, the peak spectral
frequency band is 9 to 12 Hz for the EW (east–west) direction, 5 to 20 Hz for the NS
(north–south) direction, and 15 to 21 Hz for the V (vertical) direction.

Figure 1. Overall configuration of the test mockup and seismic directional axis.

Table 1. Summary of test mockup design parameters.

Design Parameters Design Value

Pipe Outer Diameter (mm) 89.1
Pipe Thickness (mm) 7.6

Vertical Pipe Length (mm) 850
Horizontal Pipe Length (mm) 550

Elbow Curvature (mm) 114.3
Added Mass-1 (kg) 80
Added Mass-2 (kg) 40

Total Height of Nozzle (mm) 167.35
Nozzle Outer Diameter (mm) 133.34

Figure 2. Target required response spectrum corresponding to PGA = 0.3 g.

The dynamic characteristics of the test mockup are investigated by the modal analysis
by using the ANSYS [16] commercial finite element program. Figure 3 shows the finite
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element seismic analysis model of the test mockup. As shown in the model, the element
type of the nozzle is a three-dimensional solid element of SOLID185. For the piping system,
the three-dimensional pipe elements of PIPE289 and ELBOW290 are used for the straight
run section and for the elbow, respectively. To rigidly couple the solid element of the nozzle
and the line element of the pipe, the element type of MPC184 is used. The added masses
in the test mockup are modeled with a structural mass element of MASS21, including the
effects of the rotary moments of inertia.

Figure 3. Finite element analysis model: (a) total model; (b) zoomed nozzle model.

Related to the boundary conditions, it is assumed that the seismic input motions are
applied to the nozzle bottom surface as the design response spectrum is specified at the
hot-leg piping system. Then, the modal analysis is carried out with the fixed condition of
the nozzle bottom surface.

Table 2 presents the summary results of the modal analysis. For the horizontal
directions, the dominant fundamental frequency is 11.74 Hz for the NS direction and
11.99 Hz for the EW direction. Additionally, the dominant natural frequency in the vertical
direction is 27.63 Hz, slightly apart from the vertical target peak response frequency band.
From the modal analysis, it is confirmed that the dynamic characteristics of the test mockup
will meet the intended design goal, deriving the sufficiently inelastic strains at the nozzle.

Table 2. Summaries of modal analysis.

Mode No.
Frequencies

(Hz)

Modal Participation Factors Effective Mass

EW NS V EW NS V

1 11.74 0.00 10.07 0.00 0.00 101.46 0.00
2 11.99 −8.74 0.00 4.35 76.30 0.00 18.96
3 25.89 0.00 5.47 0.00 0.00 29.94 0.00
4 27.63 7.74 0.00 5.05 59.84 0.00 25.54
5 101.61 0.00 0.07 0.00 0.00 5.81 0.00

Figure 4 presents the results of the mode shapes for dominant natural frequencies.
From the results, it is expected that Mode 1 and Mode 3 will contribute to the torsional
seismic response at the nozzle, and Mode 2, Mode 4, and Mode 5 will contribute to the
bending seismic responses at the nozzle.
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Figure 4. Mode shapes for test mockup: (a) Mode 1 (11.74 Hz); (b) Mode 2 (11.99 Hz); (c) Mode 3 (25.89 Hz); (d) Mode 4
(27.63 Hz); (e) Mode 5 (101.61 Hz).

The deadweight effect of the added masses attached to the pipe was examined and
included in the modal analysis, but it was found that it has minimal effects on the dynamic
characteristics of the test mockup.

3. Seismic Shaking Table Tests

3.1. Performance of Shaking Table Test Facility

Table 3 shows the performance information of the MTS shaking table (2209 × 2173 mm)
used in tests. As shown in the table, the test facility can perform the maximum excitation
level of 4.9 g for the horizontal direction and 6.0 g for the vertical direction with the loaded
maximum of 2000 kg on the table. The frequency range for excitation is 0.8 to 100 Hz.

Table 3. Shaking table performance.

Item Performance

Max. Loading (kg) 2000
Table Size (mm) 2209 × 2173
Excitation Axes 6 DOF (Translation 3 axes, Rotational 3 Axes)

Max. Displacement (mm) Hor. (X, Z) = (±125, ±140), Ver. (Y) = ±110
Max. Accel. for bare table (g) Hor. (X, Z) = 17, Ver. (Y) = 21

Max. Accel. with max load (g) Hor. (X, Z) = 4.9, Ver. (Y) = 6.0
Frequency Range (Hz) 0.8~100
Excitation Mechanism Electro-hydraulic Servo, 3 Variable Control

Control Software 354.20/MTS

3.2. Description of Test System and Sensors

As shown in Figure 5, the nozzle bottom flange is connected to the adapter flange by
bolts, and then the adapter flange is installed on the shaking table by the bolted connection.
Then, it can be assumed that the bolted connection of the test mockup with the shaking
table is strong enough to assure the fixed boundary condition, as intended. In order to
apply appropriate seismic inertia load on the nozzle, two added masses are attached to the
pipes. These masses, Added Mass-1 and Added Mass-2, are composed of eight and four
plates combined by bolts, respectively.

For the measurement of seismic strain responses, five strain gauges are attached to the
nozzle safe end region where the maximum plastic strain responses are expected. They are
almost equally spaced in the circumferential direction at the location of the safe-end region,
as shown in Figure 6a. Figure 6b shows the pattern of the general-purpose foil strain gauge
type used in this test. Table 4 presents the specification of the used strain gauge.
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Figure 5. Photo of test mockup with sensors on the shaking table.

Figure 6. Location and pattern of the strain gauges attached on the test mockup: (a) photo of attached strain gauge; (b) strain
gauge rosette pattern.

Table 4. Specifications of the used strain gauge.

Item Specifications

Model Name KFGS-1-120-D17-11L15M3S (KYOWA)
Gauge Length (mm) 1

Gauge Resistance (Ω) 120 ± 0.7%
Gauge Pattern Triaxial 0◦–45◦–90◦ Rosette, Round base

Adoptable Thermal Expansion 11.7 × 10−6/◦C
Applicable Adhesive CC-33A, EP-340

As shown in Figure 5, three accelerometers are installed at the test system (one on
the shaking table and two on the piping system) to measure the seismic acceleration
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responses. Since the seismic inelastic strain responses at the nozzle depend on what the
seismic responses are at the piping system, it is important to investigate the acceleration
responses. The accelerometer installed on the shaking table is to measure the input seismic
motions needed for the inelastic seismic analyses. Table 5 presents the specifications of the
used accelerometers.

Table 5. Specifications of the used accelerometers.

Item Specifications

Model Name Type 8396A (KISTLER)

Sensing Type MEMS Variable Capacitance, Silicon Sensing
Element

Measuring Range (g) 50
Measuring Axis Triaxial

Measuring Freq. Range (Hz) 0.5~5000
Operating Temperature (◦C) −55~125

3.3. Results of Shaking Table Tests
3.3.1. Strain Time History Seismic Responses

From the measured strain data (εa, εb, and εc) obtained from the triaxial 0◦–45◦–90◦
rosette strain gauges, as conceptually described in Figure 7, the maximum principal strain
(εmax), the minimum principal strain (εmin), the maximum shear strain (τmax), and the direc-
tional angle of the principal strain (θ) can be calculated using the equations, as follows [17]:

εmax =
1
2

[
εa + εc +

√
2
{
(εa − εb)

2 + (εb − εc)
2
}]

(1)

εmin =
1
2

[
εa + εc −

√
2
{
(εa − εb)

2 + (εb − εc)
2
}]

(2)

τmax =

√
2
{
(εa − εb)

2 + (εb − εc)
2
}

(3)

θ =
1
2

tan−1
(

2εb − εa − εc

εa − εc

)
(4)

Figure 7. Concept of principal strains from the triaxial 0◦–45◦–90◦ rosette gauge pattern.

In the above equation, the angle, θ, is the angle of the maximum principal strain to the
εa axis when εa > εc or the angle of the minimum principal strain to the εa axis when εa < εc.
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The accurate coordinates of the five strain gauges attached at the nozzle region and
their corresponding node numbers in the seismic analysis model of Figure 3 are listed in
Table 6.

Table 6. Coordinates of the attached strain gauges.

Strain Gauge
ID

X (EW)
(mm)

Y (V)
(mm)

Z (NS)
(mm)

Corresponding
Node (1)

SG-1 26.2 156.0 36.0 19118
SG-2 40.7 156.0 18.1 19125
SG-3 44.5 156.0 0.0 137
SG-4 40.7 156.0 −18.1 851
SG-5 26.2 156.0 −36.0 858

The origin global coordinates (X = 0, Y = 0, Z = 0) are at the center of the nozzle bottom surface. (1) The detailed
node locations are described in Figure 17(b) below.

Figures 8 and 9 present the test results of the principal strain time history responses
for PGA = 0.3 and 0.6 g, respectively. These are calculated from the measured strains of εa,
εb, and εc using Equations (1) and (2). As shown in the figures, the strain response time
histories of the maximum principal strain and the minimum principal strain are almost
symmetric. This means that the seismic strain responses at the nozzle have fully reversing
characteristics with almost the same tension and compression behavior. Among the strain
gauges, we can see that SG-5 shows the most significant seismic strain responses.

Figure 8. Test results of principal strain time history responses for PGA = 0.3 g: (a) SG-1; (b) SG-2; (c)
SG-3; (d) SG-4; (e) SG-5.
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Figure 9. Test results of principal strain time history responses for PGA = 0.6 g: (a) SG-1; (b) SG-2;
(c) SG-3; (d) SG-4; (e) SG-5.

3.3.2. Acceleration Time History Seismic Responses

Figures 10–12 present the measured acceleration time history responses for PGA = 0.3 g.
As shown in Figure 10, measured at the shaking table, the maximum values are 1.74 g for
EW, 1.52 g for NS, and 1.92 g for the vertical direction. These measured data will be used
for the validation of the inelastic seismic analysis as input motions.

Table 7 presents the test results of the zero-period acceleration (ZPA) obtained from
the shaking table tests of two scale input motions (PGA = 0.3 g and PGA = 0.6 g) and the
ZPA ratio of the two cases for each exciting direction. As shown in the table, the ZPA
values of target input motions for PGA = 0.6 g are linearly set to be two times those of PGA
= 0.3 g. Then, the ZPA ratio measured at the shaking table is almost 2.0, the same as the
target ZPA ratio. However, the ZPA ratio values measured at the end of the pipe are much
less than 2.0. These results mean that significant plastic behavior might be occurring in the
piping system during the PGA = 0.6 g scale seismic shaking table test. Since this plastic
behavior in the piping system has a role in energy dissipation in the seismic responses,
the acceleration responses do not increase linearly two times even if the input motions
increase two times. From these results, it can be seen that in the case of an earthquake
level large enough to exceed the design level, a more accurate seismic response can be
obtained using the inelastic seismic analysis method, and the effect of reducing the seismic
response can be obtained. This will be discussed in the results of the inelastic analysis in
the section below.
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Figure 10. Test results of acceleration responses at the shaking table for PGA = 0.3 g: (a) EW (X);
(b) NS (Z); (c) V (Y).

Figure 11. Test results of acceleration responses at Accelerometer-2 for PGA = 0.3 g: (a) EW (X);
(b) NS (Z); (c) V (Y).
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Figure 12. Test results of acceleration responses at Accelerometer-3 for PGA = 0.3 g: (a) EW (X);
(b) NS (Z); (c) V (Y).

Table 7. Test results of ZPA responses.

Directions PGA

Target Input
Motions

Shaking Table
(Accelerometer-1)

End of Pipe
(Accelerometer-3)

ZPA (g) ZPA Ratio * ZPA (g) ZPA Ratio ZPA (g) ZPA Ratio

EW (X)
0.3 g 1.18

2.0
1.71

1.95
5.55

1.570.6 g 2.35 3.33 8.76

NS (Z)
0.3 g 0.86

2.0
1.47

2.12
9.26

1.370.6 g 1.75 3.13 12.70

V (Y)
0.3 g 1.33

2.0
1.86

1.95
6.23

1.580.6 g 2.65 3.62 9.88

* The ZPA ratio represents the ratio of ZPA responses corresponding to PGA = 0.6 g and PGA = 0.3 g.

4. Validation of Inelastic Seismic Analysis

To validate the inelastic seismic analysis method, which can be used for strain-based
seismic design, inelastic seismic time history analyses were performed, and their results
were compared with those of the tests.

4.1. Analysis Modeling
4.1.1. Dynamic Characteristics

The used finite element model for the test mockup is shown in Figure 3. To confirm
the dynamic characteristics of the analysis model, resonance searching tests were carried
out, with the random input motions having the frequency range of 1.0 to 100.0 Hz. Figure 13
presents the frequency response functions measured by Accelerometer-3 (shown in Figure 5).

As shown in Figure 13, the measured dominant resonance frequencies are about
11.75 Hz for the 1st mode and 28 Hz for the 2nd mode. Table 8 presents the comparison of
the resonance frequencies between tests and analyses.
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Figure 13. Resonance test results for each direction: (a) EW (X); (b) NS (Z); (c) vertical (Y).

Table 8. Comparison of resonance frequencies between tests and analyses.

Directions Mode 1 (Hz) Mode 2 (Hz)

EW (X)
Test 11.75 28.75

Analysis 11.99 27.63

NS (Z)
Test 11.75 27.38

Analysis 11.74 25.89

V (Y)
Test 11.56 28.56

Analysis 11.99 27.63

As shown in Table 8, the dominant modes for EW and NS directions are almost the
same in the tests but slightly different in the modal analysis results. In the test results,
the frequency of Mode 1 is the same in both directions because it is not easy to separate
such a closed mode in the test. However, it is confirmed that the used seismic analysis
model describes the dynamic characteristics of the test mockup in good agreement.

4.1.2. Structural Damping Value

To be used for inelastic seismic analyses, the actual structural damping value cor-
responding to the test mockup is required. As shown in Figure 13, the test mockup is
considered to be a very light damped system with dominantly well-separated modes.
Therefore, the well-known half-power bandwidth method [18] can be used to identify the
structural damping ratio. Figure 14 illustrates the concept for the dominant first natural
frequency of the EW direction. In this method, it is assumed that half the total power of
dissipation in this mode occurs in the frequency band between f 1 and f 2, where f 1 and f 2
are the frequencies corresponding to an amplitude of fc/

√
2.
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Figure 14. Spectrum illustrating the half-power bandwidth method for damping estimation
(1st EW mode).

As illustrated in Figure 14, the critical damping ratio, ξ can be approximately deter-
mined by the following relationship;

ξ =
f1 − f2

2 fc
(5)

From Equation (5), the obtained critical damping values based on the first natural
frequency mode for each direction are 0.5% for EW, 0.4% for NS, and 0.8% for the vertical
direction. Then, the averaged value of 0.57% for the three directions is used in this study.

4.1.3. Inelastic Material Model

For inelastic seismic analyses, the well-known constitutive equations of Chaboche’s
kinematic hardening model [19,20] is used as follows:

.
αij =

3

∑
k=1

[
2
3

Ck
.
ε

p
ij − γk

(
αij
)

k
.
p
]

(6)

where
.
αij and

.
p indicate the revolution of back stress and an accumulated plastic strain,

respectively. Additionally, Ck and γk (k = 1~3) are material constants to be used in the
ANSYS program.

For the isotropic hardening model, the inelastic Voce model [21] is used as follows:

.
R = b [Q − R]

.
p (7)

where
.
R indicates the revolution of drag stress. Additionally, b and Q are material constants.

Table 9 presents the used material constants required in Equations (6) and (7) for Type
316 stainless steel [22].

Table 9. Material constants for inelastic material models.

Material
σyo

× 106 (Pa)

E
× 109

(Pa)

C1
× 109

C2
× 109

C3
× 109

γ1
× 103

γ2
× 103 γ3 b Q

× 106

Type 316SS 135 190 120 20.2 10.67 1.0 1.0 1.0 45.0 85
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4.1.4. Seismic Input Motions

Figure 15 presents the displacement time history input motions used for the inelastic
seismic analyses, which are measured at the shaking table. The correlation coefficients
are 0.015 between EW and NS, 0.0015 between NS and V and 0.0003 between V and
EW, which are much less than the criteria value of 0.16 required for the seismic input
motions [23]. Therefore, since the independence of the input motions is guaranteed,
the inelastic seismic analyses can be performed by applying them simultaneously.

Figure 15. Displacement input motions used for analyses for PGA = 0.3 g: (a) EW (X); (b) NS (Z);
(c) V (Y).

The time interval (Δt) used in the inelastic seismic analysis is 3.91 ms; then, the cut-off
frequency (1/2Δt), 128 Hz, can sufficiently cover the seismic cut-off frequency of 33 Hz
in NPP seismic design. The total analysis duration is 32 s. Figure 16 presents the test
response spectrum (TRS) calculated from the measured shaking table motions of Figure 15.
Compared with the target required response spectrum in Figure 2, it is confirmed that the
TRS envelops the target response spectrum.

Figure 16. Test response spectrum of shaking table motions.
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4.2. Results of Inelastic Seismic Analyses
4.2.1. Validation of Strain Time History Responses

Figure 17 presents the inelastic seismic time history analysis results, representing
the accumulated equivalent plastic strain distribution at the end time of PGA = 0.3 g
in the nozzle. As shown in the results, we can see that the maximum seismic strain
responses occur in the region of the nozzle’s safe end, as expected in the test mockup
design. This result is considered to be dominantly caused by the bending motions of the
piping system. In addition, the frequencies of Mode 1 (11.74 Hz, torsional) and Mode 2
(11.99, bending) are in a closed mode. It is judged that these closed bending and torsional
modes strongly influence the determination of the location where the maximum strain
response occurs.

Figure 17. Inelastic seismic analysis results of accumulated equivalent plastic strain distributions at the nozzle (PGA = 0.3 g):
(a) isometric view; (b) sectional view at the maximum region and node points corresponding to locations of strain gauges
attached in the tests.

If we look more closely in Figure 17b, which shows the inelastic strain distribution
in the cross-section where the maximum strain occurs, the largest inelastic strain occurs
along the (EW, NS) direction. From the sectional view, it is expected that the largest seismic
responses will occur at the SG-5 location among the strain gauges in tests.

Figure 18 presents the material hysteretic responses at the location of the maximum
accumulated equivalent plastic strain in Figure 17.

To compare the inelastic seismic analysis results with the test results, the maximum
and minimum principal strains are calculated at each node, corresponding to the locations
of the strain gauges, as shown in Figure 17b. Figures 19 and 20 present the analysis results
of the principal strains for PGA = 0.3 and 0.6 g, respectively. As expected from the inelastic
seismic analysis, the largest strain responses occur at SG-5.

When compared, the seismic strain time history responses of Figures 19 and 20 with
the test results of Figures 8 and 9, the overall strain wave shapes and amplitudes are similar.
Specifically, we can see that the largest strain responses occur at the same location of SG-5
in the tests and analyses, as expected in Figure 17. In general, the maximum accumulated
equivalent plastic strain, which can be a failure mode in strain-based seismic design criteria,
occurs at the location where the maximum value of the time history response occurs,
but this is not always the case.

Table 10 presents the comparison results of the maximum principal strain values of
the time history responses between the tests and inelastic seismic analyses for the case
of PGA = 0.3 g and PGA = 0.6 g. As shown in the table, the results of the inelastic strain
responses are in good agreement with the test results.
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Figure 18. Hysteretic behavior of the material at the location of the maximum accumulated equivalent
plastic strain for PGA = 0.6 g: (a) EW (X); (b) NS (Z); (c) V (Y).

Figure 19. Inelastic seismic analysis results of principal strain time history responses for PGA = 0.3 g:
(a) SG-1; (b) SG-2; (c) SG-3; (d) SG-4; (e) SG-5.
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Figure 20. Inelastic seismic analysis results of principal strain time history responses for PGA = 0.6 g:
(a) SG-1; (b) SG-2; (c) SG-3; (d) SG-4; (e) SG-5.

Table 10. Comparison results of principal strain responses.

Strain
Gauge ID

Tests (%) Inelastic Seismic Analysis (%)

PGA = 0.3 g PGA = 0.6 g PGA = 0.3 g PGA = 0.6 g

Max(εmax) Min(εmin) Max(εmax) Min(εmin) Max(εmax) Min(εmin) Max(εmax) Min(εmin)

SG-1 0.139 −0.144 0.185 −0.202 0.101 −0.139 0.184 −0.247
SG-2 0.125 −0.119 0.212 −0.211 0.123 −0.120 0.199 −0.197
SG-3 0.139 −0.158 0.249 −0.262 0.119 −0.099 0.255 −0.189
SG-4 0.148 −0.161 0.217 −0.239 0.127 -0.128 0.273 −0.194
SG-5 0.152 −0.168 0.228 −0.230 0.165 −0.167 0.290 −0.216

4.2.2. Validation of Acceleration Time History Responses

The investigation of the acceleration time history responses at the pipe is important
in pointing out that the seismic strain responses in the nozzle depend on the piping’s
seismic behavior. Figures 21 and 22 present the acceleration time histories at the locations
of Accelerometer-2 and Accelerometer-3 (see Figure 5). As shown in the figures, the overall
response waveforms are very similar to the test results of Figures 11 and 12. The largest
acceleration response occurs in the NS (Z) direction. This will dominantly excite Mode 1
and Mode 3, invoking torsional responses at the nozzle.
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Figure 21. Inelastic seismic analysis results of acceleration responses at Accelerometer-2 for
PGA = 0.3 g: (a) EW (X); (b) NS (Z); (c) V (Y).

Figure 22. Inelastic seismic analysis results of acceleration responses at Accelerometer-3 for PGA = 0.3 g:
(a) EW (X); (b) NS (Z); (c) V (Y).

Table 11 presents the comparison of ZPA values between the tests and analyses at
the pipe end (Acceleration-3). The ZPA value corresponds to the maximum amplitude in
the acceleration time history responses. As shown in the table, the analysis results reveal
slightly larger values compared with the test results, but we can see that overall response
characteristics are in good agreement.
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Table 11. Comparison results of ZPA responses at the pipe end (Accelerometer-3).

Directions
PGA
(g)

Tests
(g)

Inelastic Seismic
Analysis (g)

EW
0.3 5.55 6.17
0.6 8.76 9.90

NS
0.3 9.26 12.68
0.6 12.70 16.80

V
0.3 6.23 8.71
0.6 9.88 12.60

Figure 23 presents the comparison results of the response spectrum, calculated from
the acceleration time history responses at the pipe end (Accelerometer-3). As shown in the
figure, the results obtained from the inelastic seismic analysis reveal good agreement with
those of the tests.

Figure 23. Comparison results of the response spectrum at the pipe end (Acceleromter-3) for PGA = 0.3 g.

5. Conclusions

In this study, shaking table tests are performed to validate the inelastic seismic analysis
method applicable to the nuclear metal components. To do this, a test mockup, which
can simulate the hot leg surge line nozzle, known as one of the nuclear seismic fragile
components in NSSS, was designed and tested on the shaking table with seismic input
motions corresponding to design-basis earthquake (PGA = 0.3 g) and beyond-design-
basis earthquake (PGA = 0.6 g) levels. To validate the inelastic seismic analysis method,
detailed comparisons of seismic responses between the tests and inelastic seismic analyses
were carried out, especially for the seismic responses of the principal strains at the nozzle
and the accelerations at the pipe. From this study, some meaningful conclusions have been
derived, as follows:

1. The seismic responses obtained from the inelastic seismic time history analyses with
an accurate inelastic material model using Chaboche’s kinematic hardening model
and the Voce isotropic hardening model for Type 316 stainless steel are in good
agreement with those of the seismic shaking table tests.

2. From the comparison of the seismic strain time history responses at the nozzle between
the tests and inelastic analyses, the location of the maximum strain responses from the
inelastic analyses was found to be almost the same as the locations in the test results.

3. The structure damping value for the piping systems, recommended in the US NRC
RG 1.61 [24], is 4% for the SSE level. However, in this study, the piping system made
of Type 316 stainless steel revealed a much lighter damping value of about 0.57%.
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4. For earthquakes large enough to result in inelastic behavior at the nuclear metal
components, the inelastic seismic analysis is useful for reducing the seismic responses
by energy dissipation due to hysteretic damping.

5. From the validation results obtained from the test mockup simulating the actual
nuclear component in this study, it is assured that the inelastic seismic analysis
method can be used for the seismic design of nuclear metal components in large
earthquake scenarios such as the beyond-design-basis earthquake, which can cause
significant plastic deformations.
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Abstract: In this paper, a new ALC panel connector was proposed. It has a good engineering
economy and high fault tolerance. A quasistatic loading experiment was carried out to verify
the feasibility of the external ALC panel steel frame under seismic loading. The test phenomena,
hysteretic curve, skeleton curve, stiffness degradation, and energy dissipation of two sets of full-scale
specimens were analyzed and discussed. Moreover, the simulation of pendulous Z-panel connectors
with different thicknesses was carried out using ABAQUS software. The comparison reveals that
the semi-rigid connection has a full hysteresis curve, good energy dissipation capacity, and a 15%
increase in peak load capacity. Finally, similar results for different thicknesses in the use of pendulous
Z-panel connectors reveal that using the 6 mm connector may be the most economical solution
for engineering.

Keywords: steel structures; autoclaved lightweight aerated concrete (ALC) panel; seismic behavior;
finite element analysis; parametric study

1. Introduction

With urbanization accelerating, traditional construction techniques cannot meet the
current increasing demand for housing. Prefabricated building is considered a major trend
for future development because of its good seismic performance, easy construction, low
greenhouse gas emissions, and high utilization of building materials [1–3]. As a type of en-
closure system of prefabricated buildings, autoclaved lightweight concrete (ALC or AAC)
panels are made of several fine aggregates (cement, sand, gypsum, aluminum powder, etc.)
by high temperature and pressure [4,5]. Many scholars conducted in-depth studies. Pehli-
vanlı [6] et al. studied the strength of AAC blocks with different fiber additions. The result
shows that the flexural and compressive strengths of the test blocks are increased, especially
for the carbon fiber group. Seddighi et al. [7] investigated the mechanical properties of AAC
blocks incorporating graphene. They demonstrate that the addition of graphene brings
a significant increase to the compressive and tensile strength and impact resistance of AAC.
In addition, other researchers have also attempted to improve the seismic performance
of structures by changing material parameters and effective out-of-plane reinforcement
techniques. Rousakis et al. [8] investigated RC-framed infilled wall structures reinforced
by polyurethane joints (PUFJ) or polyurethane-impregnated fiber grids (FRPU). The result
shows that its application improves the initial stiffness, base shear, and maintains a high
horizontal drift. By using in-plane cyclic shear-compression tests, Penna et al. [9] studied
AAC masonry walls with bed-joint (BJR) reinforcement specimens. They show a signifi-
cant increase in maximum deformation capacity, shear strength, and seismic performance
compared to an unreinforced wall. Kałuża et al. [10] studied the deformation process of
in-plane AAC walls with different joint treatments. They find that the specimens reinforced
with GFRP show some improvement in deformation, stiffness, and load-carrying capacity.
Binici et al. [11] proposed a new innovative fencing system. The results show that its
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application achieves the required 2% in-plane deformation without cracking and maintains
its out-of-plane stability. Deng et al. [12] studied the seismic performance of URM walls
reinforced by HDC, which improves the ultimate displacement, energy dissipation, and
bearing capacity. De Paula Salgado et al. [13] studied the seismic performance of AAC
infill walls with the addition of curauá fiber–cement composites. The result showes satis-
factory post-peak ductility because the energy is not abruptly lost but gradually releases
throughout its deflection-softening behavior. To improve the strength and ductility of
concrete in seismicloading, antiseismic fabric, especially double-sided reinforcement of
expansive glass particle plastering is used by Arslan et al. [14]. Erdem et al. [15] studied
the seismic performance of three different planar RC frames with flexible connections,
including U-slot, T-slot, and female and male slots. The test shows that flexible connections
exhibit a bare frame-like behavior, protecting the infill wall and optimizing the rigid wall
force pattern. The connection between the prefabricated structure and the main structure is
also critical. There are differences in the basic mechanical properties of the different connections
(such as beam-column joints, laminated slabs, etc.) [16–21]. However, little research has been
performed on the connection of the external ALC panel. The main connection methods are hook
head bolt and ADR connectors (as shown in Figure 1). The external hook head bolt is rigidly
connected to the ALC panel. The hole will be damaged under seismic loading and increase the
risk of overall instability. The ADR connector ensures a flexible connection, but it increases the
construction cost. The tests showed that the bolted connector and the swing connector have
good mechanical properties, but they ignore the innovation of the connector [22,23].

 
 

(a) (b) 

Figure 1. Connector schematic: (a) schematic of ADR connector; (b) schematic of external hook head bolt.

Based on the above works, this paper proposed a new connector called the pendulous
ALC Z-panel connector. The connector significantly improves the deformation adaptability
of the structure. It also reduces construction error and engineering costs. In order to
verify the feasibility of the new connector, two sets of full-scale external ALC-frames
were tested using horizontal low cyclic loads. Moreover, finite element software was
used to model and analyze the connector. The failure modes, hysteresis curves, skeleton
curves, and stiffness degradation curves were compared in detail. Finally, the analysis of
several groups of connectors of different thicknesses gave rationalization suggestions for
practical application.

The rest of the paper is described as follows: In Section 2, we present the specimen
design details, material properties, and test details. Section 3 analyzes the experimen-
tal results (experimental phenomena, hysteresis curves, skeleton curves, and stiffness
degradation curves). In Section 4, finite element software verifies the simulation accuracy,
and the connectors with different thicknesses are analyzed. Finally, Section 5 presents
some conclusions.
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2. Experimental Work

2.1. Design of Specimen

A new pendulous ALC Z-panel connector was proposed, which reduces the effect of
seismic load on the external ALC panel steel and improves the deformation resistance of
the overall structure. Figures 2 and 3 show the installation diagram of the connector, which
consists of the ALC panel, high-strength bolts, and upper and lower parts. The upper
connector is divided into an open-hole Z-connector and open-slot L-connector, and the
lower connector is composed of a bearing plate and limit hole (as shown in Figures 4–6).
The specific installation process is as follows. Firstly, the steel frame is installed, then
the upper and lower parts are positioned and installed. The ALC panel is lifted into the
appropriate position. Finally, the upper Z-connector protrusion is stuck together with the
L-connector and connected to the ALC panel with the high-tensile bolt. The ALC panel is
placed on the lower support plate and connected with high-strength bolts through the limit
holes. Caulking mortar is applied after the ALC panel installation (as shown in Figure 7).

Figure 2. Connector installation diagram.

 

Figure 3. Connector installation dimension schematic (units: mm).
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(a) (b) 

 
(c) 

Figure 4. Geometric dimension and reinforcement distribution of the Z-connector: (a) front view;
(b) side view; (c) top view (units: mm).

  
(a) (b) 

 
(c) 

Figure 5. Geometric dimension and reinforcement distribution of the L-connector: (a) front view;
(b) side view; (c) top view (units: mm).
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(a) (b) 

 
(c) 

Figure 6. Geometric dimension and reinforcement distribution of the lower connector: (a) front view;
(b) side view; (c) top view (units: mm).

(a) (b) (c)

(f) (e) (d)
Figure 7. Connector installation schematic: (a) assembling steel frame; (b) positioning of the connector; (c) welding bracket
plate; (d) welding connector; (e) panel lifting; (f) applying caulking mortar.
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2.2. Material Properties

According to the standard GB/T11969-2020 “Test methods of autoclaved aerated
concrete” [24], 9 ALC blocks were prepared to test the compressive strength and E. Their
sizes were 100 mm × 100 mm × 100 mm and 100 mm × 100 mm × 300 mm (as shown
in Figure 8). Tensile tests were performed on the same batches of steel to determine
their yield strength, ultimate strength, modulus of elasticity, and elongation (as shown in
Figure 9). The design requirements can be found in GB/T 228.1-2010 “Metallic Materials-
Tensile testing” [25]. Tables 1 and 2 show the autoclaved lightweight concrete and the steel
mechanical performance index.

(a) (b)

Figure 8. ALC compression test: (a) ALC specimens; (b) electric servo universal testing machine.

(a) (b) 

Figure 9. Steel compression test: (a) steel specimen; (b) electric servo universal testing machine.

Table 1. Material properties of autoclaved lightweight concrete.

Specimen
Specimen

Dimension
(mm)

Cube Compressive
Strength

(MPa)

Elastic
Modulus

(GPa)

Sac1 100 × 100 × 100 3.89
Sac2 100 × 100 × 100 2.97
Sac3 100 × 100 × 100 3.26
Sac4 100 × 100 × 100 3.78
Sac5 100 × 100 × 100 3.96
Sac6 100 × 100 × 100 3.49

Average 3.56
Sae1 100 × 100 × 300 1640
Sae2 100 × 100 × 300 1880
Sae3 100 × 100 × 300 1790

Average 1770
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Table 2. Mechanical properties of steel.

Specimen
Sectional Dimension

(mm)
Thickness

(mm)
Yield Stress

(N/mm2)
Ultimate Stress

(N/mm2)
Elongation

Steel beam flange HM 244 × 175 × 7 × 11 11 263.4 401.6 25.2%
Steel beam web HM 244 × 175 × 7 × 11 7 275.3 411.3 22.3%

Steel column flange HW 200 × 200 × 8 × 12 12 289.5 435.4 24.7%
Steel column web HW 200 × 200 × 8 × 12 8 278.2 409.8 20.8%

Q345 10 376.6 510.1 19.6%

2.3. Experimental Device and Loading System

The two sets of test specimens were ultimately determined to be single-span pla-
nar steel frames with a single floor (3888 mm height and 3800 mm span), based on
the site dimensions and practical application requirements of the key laboratory hall
of structure and underground space at Anhui Jianzhu University. The FW-1 and FW-2
connector groups denote the hooked bolt and pendulous Z-panel connector groups, respec-
tively. This test utilized an American MTS servo loading system with a stroke of 250 mm.
A quasistatic loading system was used for this test. A horizontal, low-circumferential
reciprocating load was given to the column’s highest point. The loading plate served
as a link between the actuator and the frame column (as shown in Figure 10). The steel
frames were constructed of hot-rolled Q235 H-beams. More precisely, the beam section
measured HM244 mm × 175 mm × 7 mm × 11 mm, and the column section measured
HW200 mm × 200 mm × 8 mm × 12 mm, which were all supplied by Anhui Fu Huang
Steel Structure Co., Ltd. (Hefei, China).

 
Figure 10. Schematic of test working conditions.

According to the interstory displacement angle index, 5 mm, 6 mm, 7.5 mm, 8.6 mm,
10 mm, 12 mm, and 15 mm cycles of 3-turn loading and 30 mm, 40 mm, 60 mm, 75 mm,
90 mm, and 105 mm cycles of 2-turn loading were taken into consideration, and they can be
found in GB50011-2010 “Code for Seismic Design of Buildings” (as shown in Figure 11) [26].
The end of the test was marked by (1 or 2):

1. When the core components (beam, column, connectors) showed apparent damage.
2. The bearing capacity of the member was reduced to 85% of the ultimate load.
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Figure 11. Loading history.

3. Experiment Results and Analysis

3.1. Specimen FW-1

The schematic diagram of the tested phenomena in the FW-1 group is shown in
Figure 12. At the early stage of specimen loading, when the beam end was loaded at 1/600
(Δ = 5 mm), there was no noticeable change in deformation and strain of the specimen, and
the panels did not produce cracks. When the displacement angle reached 1/500 (Δ = 6 mm),
cracks appeared at the bottom of the mortar of panel joints of No. 1 and No. 2 (Figure 12a).
When the displacement angle reached 1/400 (Δ = 7.5 mm), the sound of the panel corner
rubbing and the crack of inter-slab splicing mortar continued to increase (Figure 12b).
When the displacement angle reached 1/350 (Δ = 8.6 mm), the sound of mutual extrusion
between panels could be clearly heard, and vertical cracks were produced in the splicing
of the No. 1 and No. 2 panels (Figure 12c). Some small pieces of ALC fell off during the
loading of 1/300 (Δ = 10 mm) and 1/250 (Δ = 12 mm) (Figure 12d). When the displacement
angle reached 1/200 (Δ = 15 mm), there was evident slippage between the enclosure
reinforcement and the end panel, and there was a noticeable misalignment between the
panel where the splices fell off. When the displacement angle reached 1/50 (Δ = 60 mm),
the crack tended to gradually become wider. At displacement angle 1/40 (Δ = 75 mm),
the angle weld at the upper part of panel No. 2 broke off, and a crack appeared at the
hook headbolt hole at the lower part of panel No. 3. When the displacement angle reached
3/10 (Δ = 90 mm), there was serious breakage at the welded joint of the left upper beam
connector, and the cracks of the panels continued to expand (Figure 12e). At displacement
angle 7/20 (Δ = 105 mm), each panel corner was damaged on a large scale, and the No. 3
panel presented oblique cracks (Figure 12f).

3.2. Specimen FW-2

The schematic diagram of the tested phenomena in the FW-2 group is shown in
Figure 13. When the displacement angles reached 1/600 (Δ = 5 mm), 1/500 (Δ = 6 mm), and
1/400 (Δ = 7.5 mm), there was no obvious phenomenon in the overall specimen. The change
of strain was within a reasonable range, the panel did not produce cracks, and a grating
appeared during the experiment when the upper connector bolt and the long circular hole
slid. When the displacement angles reached 1/350 (Δ = 8.6 mm), 1/300 (Δ = 10 mm), and
1/250 (Δ = 12 mm), there were no obvious phenomena. Only the two kinds of friction
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noise could be heard (the friction noise among the panel, bolt, and connector, and the
friction noise between the enclosure reinforcement and the loading plate). When the
displacement angle reached 1/200 (Δ = 15 mm), vertical cracks appeared at the bottom of
panel No. 2 (Figure 13a). When the displacement angle reached 1/100 (Δ = 30 mm), the
cracks at the bottom of the panels were extended. When the displacement angle reached
1/75 (Δ = 40 mm), a number of small fragments came off, and the bonding mortar cracked
between panel No. 1 and panel No. 2, and panel No. 4 and panel No. 5. (Figure 13b).
When the displacement angle reached 1/50 (Δ = 60 mm), a corner of the back of panel
No. 4 was broken (Figure 13c). When the displacement angle reached 3/10 (Δ = 90 mm),
new cracks appeared at the bottom of the panel, and vertical cracks appeared near the
bolt holes at the connector on panel No. 4. When the displacement angle reached 7/20
(Δ = 105 mm), the ALC panel corner was broken severely, and the relative sliding between the
bolt and the bolt hole could be clearly observed during the loading process (Figure 13d).

(a) (b) 

(c) (d) 

(e) (f) 

Figure 12. Crack pattern of specimen FW1: (a) splice mortar crack; (b) transverse crack in mortar;
(c) dislocation of wall panels; (d) crack of the corner; (e) weld fracture; (f) large area of broken panel corner.
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(a) (b)

(c) (d)

Figure 13. Crack pattern of specimen FW-2: (a) crack in the bottom of the plane; (b) vertical cracks
are produced; (c) ALC panel corner shattering; (d) slippage of connectors was obvious.

3.3. Hysteresis Curve

Figure 14 shows a comparison of the two sets of hysteresis curves. The hysteresis
curve of FW-2 is fuller and encloses a larger area than FW-1. The bearing capacity of FW-2
is significantly greater than that of FW-1 at the same inter-story displacement angle, which
indicates that FW-2 consumes more energy than FW-1 and absorbs seismic loads more
effectively during earthquakes. The two sets of hysteresis curves behave asymmetrically,
and the negative bearing capacity values are greater than the positive bearing capacity
value. With the increase in loading displacement, FW-2 gradually approaches the inverse
S-shape and “pinche”, which indicates slippage in the upper part of the pendulous Z-panel
connector and some residual deformation of the connection. The characteristic values on
hysteresis curves are shown in Table 3.
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Figure 14. Hysteresis curves of FW-1 (a) and FW-2 (b).
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Table 3. Characteristic values on hysteresis curves.

Specimen

Yielding Point Ultimate Point

Py,t

(kN)
Δy,t

(mm)
Pm,t

(kN)
Δm,t

(mm)

FW-1 137.65 51.75 169.19 68.58
FW-2 152.31 58.32 195.15 89.13

3.4. Skeleton Curve

The skeleton curve is obtained by connecting the peak points in the same direction on
the hysteresis curve in sequence. It reflects the characteristics of the specimens at different
stages of stress and deformation. The trend of skeleton curves of FW-1 and FW-2 are similar.
However, the positive and negative displacements are asymmetric. The value of positive
displacement is greater than negative displacement, resulting from the different fine cracks
and ground beam slippage caused by the positive and negative displacements during
the test (as shown in Figure 15). Before the displacement reaches 60 mm, FW-2 is lower
than FW-1 due to the pendulous Z-panel connector setting of a long circular hole, which
reduces the impact of load on the panel and increases overall stability. The drop of FW-2 is
slower after passing the peak point, and the bearing capacity of FW-1 decreases rapidly
after passing the peak point. It indicates that the carrying capacity of the FW-2 group is
higher than the FW-1 group, which reduces the risk of overall instability.
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Figure 15. Skeleton curves of FW-1 and FW-2.

3.5. Stiffness Degradation

Figure 16 uses the secant stiffness to reflect the accumulation of structural damage at
the two groups of connectors under external loads expressed as follows.

K =
|+Fi|+ |−Fi|
|+Xi|+ |−Xi| (1)

where Fi and Xi are the peak load and peak displacement in the i-th loading regime,
respectively. The initial stiffness of specimen FW-2 is smaller than that of specimen FW-1,
and the stiffness degradation rate is slower in the middle and later stages of the test. It is
due to the bolt sliding in the long circular hole of the ALC pendulous Z-panel connector,
which creates a buffer zone between the frame and the ALC panel. At the beginning of
the test, the provision of the long circular hole reduces the lateral stiffness of the overall
structure and the effect of seismic loading on the ALC panel, while increasing the stability
of the ALC panel. In the later part of the test, the bolt contacts the edge of the long circular
hole of the connector and provides load-bearing capacity for the whole structure.
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Figure 16. Stiffness degradation of FW-1 and FW-2.

3.6. Energy Dissipation

The area enclosed by the load–displacement hysteresis loop and the energy dissipation
factor E was used to investigate the energy dissipation capacity of the two sets of specimens,
which can be found in JGJ/T 101-2015 “Specification for seismic test of buildings” [27].

Figure 17 shows the total amount of total energy dissipation in both groups, and it
can be observed that the trend of the FW-1 and FW-2 curves is similar. However, the values
of specimen FW-2 are larger than that in FW-1.
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Figure 17. Energy dissipation of FW-1 and FW-2.

The energy dissipation coefficient (E) is shown in Figure 18 and defined as

E =
SABC + SCDA
SOBE + SODF

(2)

where SABC and SCDA in the numerator are the areas of the hysteresis curves ABC and
CDA, and SOBE and SODF in the denominator are the areas of OBE and ODF (as shown
in Figure 19). Specimen groups show approximately the same growth trend. In general,
the values of FW-2 are larger and faster than those from FW-1. The pendulous Z-panel
connector group has better participation in energy dissipation and improves stiffness than
the hooked bolt connector.
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Figure 19. Idealized hysteretic relationship.

4. Finite Element Analysis

In order to fully reflect the force mechanism of the two groups of ALC panel steel frame
systems, a series of validation and parametric analyses are performed on the pendulous
Z-panel connector and the external hooked head bolt connector.

4.1. Finite Element Models

The data simulation and analysis were performed by using ABAQUS finite element
software [28,29]. The two models were identical in size, reinforcement distribution diameter,
and ALC panel grade. A hexahedral linear reduction integral solid element (C3D8R) was
chosen to simulate the column footing, steel beam-column, connector, and bolt to simplify
the model. The ALC panel internal reinforcement used linear truss elements (T3D2) to
simplify the model. In order to improve the calculation efficiency, the ALC panel bolt holes
were refined, and other parts used a thicker mesh (as shown in Figure 20).

The “Tie” constraint replaced all welding operations (between beams and columns,
between connectors and beams, etc.). The steel bar was assembled into the ALC panel
by using the embed command. Due to the slip effect, the contact surfaces between the
connector, bolt, and panel were set to hard contact.

The steel beam and column used Q235B, and the connector used Q345B. A 10.9-grade
high-strength bolt (24 diameters) was used for the beam and column connections, and
a 5.6-grade bolt (14 diameters) was used for the connector with the ALC panel. The concrete
damage model was used to simulate the damage of the ALC panel, which could represent
the tensile and compressive performance of the ALC panel in detail. More material
properties are shown in Table 4.
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(a) (b)

Figure 20. Finite element model with (a) FW-1 and (b) FW-2.

Table 4. Material properties.

Material Type
Density
(t/mm3)

Elastic Modulus
(MPa)

Poisson’s Ratio

Steel
Q235B 7.89 × 10−9 200,000 0.3
Q345B 7.89 × 10−9 206,000 0.3

ALC 5 × 10−10 1770 0.2

According to the real conditions of the test, the H-shaped column’s bottom X, Y, and Z direc-
tions were constrained by the translation and rotation (UX = UY = UZ = URX = URY = URZ = 0),
and the coupling point (UY = UZ = URX = URY = URZ = 0, UX = 1) of the beam end
simulate the same low-cycle reciprocating load.

4.2. Comparison of Simulation Results and Experimental Results

Figure 21 shows the stress cloud diagram of the test models. The stress concentration
points in the models are consistent with the damage phenomena of the specimens in the
experiments, which mainly appear around the beam-column joints. Figure 22 shows the
comparison of an experimental hysteresis curve and a simulated one. The overall trends of
the hysteresis curves are approximately the same. The hysteresis loop area of the simulation
is larger than that of the experiment. The peak value of the simulation is slightly lower
than the experimental value, and the “pinch” effect of the experiment is more obvious than
the simulation results (as shown in Figure 22). The trends of simulated energy dissipation
and energy dissipation coefficient are approximately the same as the experiment. The
simulated values are larger than the experimental values, because the area of the simulated
hysteresis loop is larger than the experimental one (as shown in Figure 23). The finite
element model simplifies the complex boundary conditions in the experiment (slippage of
the ground beam, small gaps between specimens, etc.). Moreover, the steel mesh slippage
on the ALC panel was not considered. However, all the above differences are reasonable
explanations, and the results of the ABAQUS simulation are basically consistent with the
experimental results.

4.3. Parametric Study

The damage of the specimen and stress concentration points are mainly found at the
bolt hole and the beam-column joint. It indicates that the connector influences the force
performance of the ALC panel steel frame. Based on the hooked bolt connector of the
general conditions, the pendulous Z-panel connectors of 6 mm, 8 mm, and 10 mm are
designed to provide references for practical engineering applications (as shown in Table 5).
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(a) (b) 

Figure 21. Stress cloud diagram of the test models: (a) FW-1; (b) FW-2.
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Figure 22. Comparison of (a) FW-1 and (b) FW-2 experiment and simulation hysteresis curve.

(a) (b) 

Figure 23. Energy dissipation comparison of FW-1 and FW-2: (a) Energy dissipation; (b) Energy dissipation coefficient.
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Table 5. Simulation connector type.

Component Number Type Features

GT Traditional connectors 6 mm
TK-6 Fabricated new connectors 6 mm
TK-8 Fabricated new connectors 8 mm
TK-10 Fabricated new connectors 10 mm
TK-12 Fabricated new connectors 12 mm

4.4. Stress Cloud, Hysteresis Curve, and Skeleton Curve

Figure 24 shows the stress clouds for connectors with different thicknesses. The damage
phenomenon of the ALC panel is similar for all four groups of specimens, which all appear
around the beam-column joints. This is very different from the hook head bolt group,
which appears around weld between bolt and angle steel. In terms of the ALC panel, the
maximum stress value of 6 mm is 2.527 MPa, which is more than 5% lower than the other
groups. When the displacement reaches the limit value of the elastic–plastic displacement
angle 1/50 (Δ = 60 mm), the stress value of TK-6 is 1.986 MPa. Its stress is the smallest
among the five groups (as shown in Table 6). It indicates that the thinner connector has
more elastic deformation under seismic loading. It reduces the damage around the bolt
hole and optimizes the force performance of the ALC panel.

  
(a) (b) 

  
(c) (d) 

 
(e) 

Figure 24. Stress clouds images: (a) TK-6; (b) TK-8; (c) TK-10; (d)TK-12; and (e) GT.
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Table 6. ALC panel bolt hole stress.

Specimen

Characteristic Point Maximum Point

Displacement
(mm)

Mises Stress
(MPa)

Displacement
(mm)

Mises Stress
(MPa)

TK-6 60 1.986 105.00 2.527
TK-8 60 2.076 105.00 2.785
TK-10 60 2.042 105.00 2.612
TK-12 60 2.174 105.00 2.659

GT 60 4.018 −105.00 5.133

The hysteresis curves images for GT, TK-6, TK-8, TK-10, and TK-12 are presented in
Figure 25. Although their trends are basically the same, they have some differences in peak
displacement and peak load. Specifically, the hysteresis curve is fuller as the thickness of
the connector increases. At small displacements, the five sets of images appear to largely
coincide with the thin hysteresis loops where the specimens are in the linear elastic phase.
With the displacement increases, the tendency of specimen TK-6 decreases earlier than
TK-8, TK-10, and TK-12, but this situation is much better than the GT group.
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Figure 25. Hysteresis curve of FEM: (a) TK-6 and TK-10; (b) TK-8 and TK-10; (c) TK-10 and TK-12;
(d) TK-10 and GT.

Figure 26 shows the relationship of the load–displacement skeleton curves for GT,
TK-6, TK-8, TK-10, and TK-12. The five curves have the same variation. The peak of the
image becomes more prominent as the thickness of the connector increases. TK-6 has
a slight difference in its peak compared to the other groups, and its descent is relatively
flat. It indicates that the different thickness connectors improve the bearing capacity and
stiffness of the ALC panel steel frame, although the effect is slight.
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Figure 26. Skeleton curve of TK-6, TK-8, TK-10, TK-12, and GT.

5. Conclusions

This paper compares the external hooked bolt connector and the pendulous Z-panel
connector. The following conclusions can be drawn from the tested and numerical simulations.

1. The damaged parts of the two groups of the external ALC panel tests are substantially
different. For the FW-1 group, the damage first appears at the joints of the panels with
clear penetration cracks when the displacement angle reaches 1/500 (Δ = 6 mm). For
the FW-2 group, the damage first appears at the bottom span of the panel with slight
cracks when the displacement angle reaches 1/200 (Δ = 15 mm). It was proved that
the pendulous Z-panel connector optimizes force performance of the ALC panel steel
frame, enhances energy dissipation capacity, ensures the integrity of the ALC panel,
and avoids the risk of secondary instability.

2. The pendulous Z-panel (FW-2) connector method is similar to the semi-rigid con-
nector in terms of the skeleton curve and the stiffness degradation curve in terms
of experimental phenomenon and data. The overall damage phenomenon of the
pendulous Z-panel connector group is significantly delayed compared to the external
hooked bolt connector group because of the bolt sliding in the top long circular hole.
This setting effectively releases the lateral force at the initial loading stage, then it
reduces the damage to the ALC panel by the earthquake load under unfavorable
working conditions and enhances the main structure’s stability.

3. The connector is one of the significant influencing factors to ensure the stability of the
external panel-framesynergistic system. Specifically, compared with FW-1, the yield
load and peak load of FW-2 increase by 10.6% and 15.3%, respectively, and the yield
displacement and peak displacement are increased by 12.6% and 29.9%, respectively.
After reaching the peak load, the load capacity of FW-1 decreases rapidly, while the
load capacity of FW-2 decreases slowly, although the initial stiffness of FW-2 is smaller.
The analysis proves that this connector has good load carrying capacity and ductility.

4. The ABAQUS simulation revealed that the pendulous Z-panel connector of 6 mm has
a larger load capacity and energy dissipation capacity than the external hooked bolt
connector, which shows a better performance index. The TK-6 has a 7.6% decrease in
load capacity compared to TK-10, and the decreasing segment is advanced. However,
it has a similar change trend, and the stress around the ALC bolt hole is the smallest
among the five groups. Having similar results for different thicknesses in the use of
pendulous Z-panel connectors indicated that it would be more reasonable to use the
6 mm connector, which is the most economical solution for engineering.
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Abstract: The deterioration of existing reinforced concrete (RC) structures is regarded as a problem
worldwide. In Japan especially, the deterioration of RC dam structures has become severe. Many
such dams meet design standards that were in place at the time of construction but do not meet the
current seismic design standards, and appropriate seismic retrofitting is required. If the dam pier,
which is an important part of the dam related to water storage, is damaged by an earthquake, the
gate cannot be opened or closed, and the amount of water stored cannot be controlled. Therefore,
the seismic retrofitting of dam piers is a top priority. However, various construction restrictions
exist for dam piers, such as only the cross-section on the downstream side can be reinforced, and
not on the upstream side where water is stored. Thus, it is difficult to apply the same reinforcement
method that is applied to the piers of general road bridges. Therefore, in this study, we confirm the
effectiveness of the SRS method (seismic retrofitting using cement mortar for shotcrete), which is
suitable for partial reinforcement. Specifically, the dam piers of four types of existing dams were
modeled using the three-dimensional finite element method, and a seismic response analysis was
performed by inputting two types of seismic waveforms having different characteristics. As a
result, the reinforcement effect of this method was verified according to structural characteristics.
Furthermore, the effect of the reinforcement range on the reinforcement effect was clarified.

Keywords: dam pier; reinforced concrete (RC); reinforced polymer cement mortar (RPCM); SRS
method; seismic response analysis; FEM; reinforcement effect

1. Introduction

Dams are constructed mainly for flood control and water use. A dam pier is a tower-
shaped reinforced concrete (RC) structure that opens and closes gates, such as spillways
installed at the top of a gravity dam, as shown in Figure 1. It supports the drain gates
attached to the dam, and thus crucial to water storage. If the dam pier breaks down during
an earthquake, the water storage function of the dam is lost and there is a significant impact
on the surrounding environment; therefore, the seismic resistance of the dam pier must
be carefully considered. However, some dams in Japan have severely deteriorated due
to aging. To improve their earthquake resistance, various reinforcement methods that
are used for bridge piers [1] have been considered for dam pier reinforcement, such as
retrofitting with concrete, steel jacketing and fiber sheets [2–6]. The reinforcing effect of
these methods has been confirmed by some studies, but it is difficult to use these methods
to strengthen dam piers. Owing to the structural characteristics of dam piers such as
the one shown in Figure 1, there are limitations involved in their reinforcement: (i) it is
difficult to install a formwork on the dam body; (ii) to reduce the percentage inhibition
of the cross-sectional area of a river, the cross-section after reinforcement should not be
as large as possible, (iii) if the weight increase due to the reinforcement is large, it will
affect the dam body; (iv) as shown in Figure 2, only partial reinforcement is possible owing
to the influence of gates and water storage. In light of these restrictions, the application
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of the SRS (seismic retrofitting using cement mortar for shotcrete) method is considered
to be optimal for reinforcing dam piers. This method involves the placement of rebar
on the existing parts of the dam and then spraying polymer cement mortar (PCM) after
scraping their surface. In this study, the reinforced part on which the PCM is sprayed
after the reinforcing bar is attached is called reinforced polymer cement mortar (RPCM).
As shown in Figure 3, this method is suitable for partial reinforcement. It is possible to
reinforce the existing part by installing the reinforcing bar on the existing concrete part after
chipping and spraying PCM on it. In addition, this method has the advantages of a lesser
reinforcement thickness than the conventional RC winding method, no need to install
formwork and suitability to partial reinforcement. This method is easy to apply partially
and can reduce the reinforcement thickness and additional mass because reinforcement is
performed after scraping the surface. This means that the SRS construction method can
reduce the risk that an increase in the structure’s weight will increase the seismic load.
Furthermore, by using PCM for the surface layer, which has a dense internal structure,
high permeability resistance can be ensured, so it can be said that this method is suitable
for dam piers.

 

Figure 1. Dam pier.

Many past studies on the seismic resistance of dams have examined the seismic re-
sistance of the entire dam structure [7–10]. However, there are few studies on the seismic
resistance of dam piers that are relevant to the present study. In addition, many studies
have been conducted on the bending reinforcement effect of reinforcement methods such
as RC winding reinforcement, steel plate winding reinforcement and fiber reinforcement as
a method of reinforcing similar structural members such as RC piers. However, few stud-
ies [11,12] have been conducted on the reinforcement effect of the SRS method. Nakamura
et al. [11] confirmed the seismic retrofitting effect of this method by reinforcing RC column
specimens that modeled existing bridge piers by the SRS method and by conducting a
peak-to-peak alternative load test that assumed earthquake conditions. As a result, it was
confirmed that the specimen to which the method was applied showed an increase in
horizontal physical strength, sufficient toughness and energy absorption capacity, and it
had almost the same seismic retrofitting effect as the design. In addition, by applying this
method to existing RC pier type specimens with a cut-off part, the bending strength of the
cut-off part was improved, and the seismic reinforcement effect was confirmed. A review
of previous studies revealed that there are no studies on the seismic resistance of dam piers
to which the SRS method was applied, which demonstrates the novelty of this study.

Based on the above, to confirm the effectiveness of the SRS method as a seismic
retrofitting method, four types of existing dam piers were modeled by FEM in this study
and the reinforcement effect of the SRS method was examined by performing seismic
response analysis. Furthermore, the effect of the cross-sectional shape and reinforcement
range on the reinforcement effect was quantitatively analyzed.
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Figure 2. Reinforceable range.

Figure 3. Modeling of reinforcement part in bird’s-eye view.

2. Application of SRS Method to RC Beam Members (and Validation of FE Model)

To clarify the static load-bearing performance when the SRS method is applied to
a bending fracture type RC beam, which is a primary structural member, and to verify
the accuracy of the finite element (FE) analysis for the RC beam reinforced by the SRS
method, a flat beam specimen that modeled the dam pier reinforced by the SRS method
was produced, and a static loading experiment was conducted. Subsequently, a static test
simulation using FEM was performed, and the analysis results were compared with the
experimental results to confirm their validity.

2.1. Outline of Static Loading Experiment

Figures 4 and 5 show the cross-sectional dimensions of the beam specimens. In this
study, the RC beam that was not reinforced by the SRS method is referred to as the RC
specimen, and the RC beam reinforced with the SRS method is referred to as the RPCM
specimen. D10 reinforcing bars were placed on the tensile side of the RC specimen, D6
reinforcing bars were placed on the compression side, and D10 reinforcing bars were placed
at 100 mm intervals for shear reinforcement. For the RPCM specimen, a mortar layer with
D6 reinforcement in the longitudinal direction was added around the cross-section of
the RC specimen. In addition, D6 rebars with a thickness of 25 mm were also arranged
as shear reinforcements at 100 mm intervals in the mortar layer. In this study, a simple
reinforcement which was expected to adhere between the reinforcing bars and PCM was
used for the ordinary purpose of seismic retrofitting of dam piers, and it has been confirmed
that unexpected peeling or delamination do not occur in the bending test of the RPCM
beam. However, additional studies will be required for other applications in which a large
shear force or a tensile force that causes peeling or delamination in the PCM layer.

435



Appl. Sci. 2021, 11, 7255

Figure 4. Dimensions of unreinforced specimen.

Figure 5. Dimensions of the RPCM reinforced specimen.

Table 1 shows the average values of the material properties obtained using the ma-
terial test. In this study, three specimens with the same cross-section specifications were
prepared as both RC and RPCM specimens, and three static loading tests were conducted
on each specimen. Two-point static bending tests were performed with a pure bending
section length of 500 mm, as shown in Figure 6, and Figure 7 shows a photograph of the
experimental equipment.

Table 1. Average value of the material property (Unit: MPa).

Material
Compressive

Strength
Tensile

Strength
Static Modulus

Concrete 41.2 3.07 27,389
PCM 56.5 5.73 28,373

Figure 6. Installation of a specimen.
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Figure 7. Set-up of a specimen.

2.2. Outline of FE Analysis

In this analysis, to confirm whether the reinforcement effect of the SRS method and
the elasto-plastic behavior until the final failure could be accurately predicted by FEM, we
attempted to reproduce the experimental results for both the RC and the RPCM specimens.
The analysis models are presented in Figure 8. The concrete was modeled using a three-
dimensional solid element, and the reinforcing bar was modeled using a truss element.
Complete adhesion between the concrete and rebar elements was assumed. Regarding the
boundary conditions of the specimen, an analytical model that discretized only half of the
domain was used, as shown in Figure 8, considering the symmetry at midspan for both
the RC and RPCM specimens. Complete adhesion between the concrete and the RPCM
was also assumed at their interface because there was no significant separation during the
experiment. For the material properties of both the RC and RPCM specimens, the values of
compressive strength, tensile strength and static elastic modulus obtained by the material
test shown in Table 1 were used.
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(a) 

(b) 

Figure 8. Analysis model: (a) RC specimen; (b) RPCM specimen model.

2.3. Results and Discussion

Figure 9 shows a comparison of the load-displacement relationship between the RC
and RPCM specimens. The load of the analysis result was obtained by doubling the vertical
reaction force at the fixed support of the 1/2 model, considering symmetry.

Figure 10 shows a comparison of the load-strain relationship of the RPCM specimen.
In the analysis, although the strain on the tension side of the rebar in the existing concrete
domain decreased immediately after the occurrence of concrete cracks from bending, the
experimental results could be reproduced quite well on both the compression and tension
sides. On the one hand, regarding the strain of the reinforcing bars in the PCM layer, it was
confirmed that the reinforcing bars on the compression side could be accurately reproduced
only up to the yield load level, but the tensile reinforcing bars could be reproduced up to
the final failure level. Therefore, the validity of the analysis method and FE model used in
this study was confirmed.
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Figure 9. Comparison of the load-displacement relationship.

 
(a) (b) 

 
(c) (d) 

Figure 10. Load−strain relationship of each of the reinforcing bars: (a) compression strain of the rebar in the concrete; (b)
tensile strain of the rebar in the concrete; (c) compression strain of the rebar in the PCM layer; (d) tensile strain of the rebar
in the PCM layer.

3. Outline of Seismic Response Analysis for Dam Piers of Existing Dams

3.1. Shape and Modeling of the Target Dam Piers

To investigate the influence of the structural characteristics of dam piers on the re-
inforcing effect of the SRS method, we targeted the dam piers of four existing dams. In
this study, they are called TYPE-A, -B, -C and -D, respectively. Figure 11 shows their
shapes and dimensions, as well as the FEM model. As shown in Figure 11a, TYPE-A
has dimensions such as a height of approximately 17.5 m, a length in the upstream and
downstream directions of approximately 10 m, and a thickness in the dam axis direction
(this becomes a weak axis direction) of approximately 2 m. For reinforcement, D16 was
used as the main reinforcement, and D13 was used as the shear reinforcement. The bar
arrangement interval was 600 mm for the main bar and 600 mm for the shear reinforcing
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bar. Next, as shown in Figure 11b, TYPE-B has a height of approximately 25 m, a length in
the upstream and downstream directions of approximately 20 m, and a thickness in the
dam axis direction of approximately 3 m. It is a dam pier that is larger than the TYPE-A
model in both thicknesses. Regarding the reinforcement, D22 and D19 were used as the
main reinforcements, and D13 was used as the shear reinforcement in the upper part.
The bar arrangement interval was 158 mm for the main bar and 2000 mm for the shear
reinforcing bar. At the bottom, D25 was arranged as the main reinforcement, and D16 was
arranged as the shear reinforcement. The bar arrangement interval was 181 mm for the
main bar and 500 mm for the shear reinforcing bar.

   

Side view Front view Side view Front view 

    

Bird’s eye view Reinforcement Bird’s eye view Reinforcement 

(a) (b) 

    

Side view Front view Side view Front view 

    

Bird’s eye view Reinforcement Bird’s eye view Reinforcement 

(c) (d) 

Figure 11. FEM analysis models of dam pier: (a) TYPE-A dam pier; (b) TYPE-B dam pier; (c) TYPE-C dam pier; (d) TYPE-D
dam pier.
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The major difference between the four types of dam piers is the shape and amount of
the reinforcement. TYPE-A has a low and thick shape, and TYPE-B has a high and thin
shape. In addition, TYPE-A has sparse reinforcement, and TYPE-B has dense reinforcement.
As shown in Figure 11c, TYPE-C has dimensions such as a height of approximately 12.1 m,
a length in the upstream and downstream directions of approximately 10 m and a thickness
in the dam axis direction of approximately 2.5 m. For reinforcement, D25 is used as the
main reinforcement, and D16 is used as the shear reinforcement. The bar arrangement
interval was 450 mm for the main bar and 800 mm for the shear reinforcing bar. TYPE-C is
lower and thicker than the TYPE-A and -B models, so it has a chunky shape overall. As
shown in Figure 11d, TYPE-D has dimensions such as a height of approximately 15.4 m, a
length in the upstream and downstream directions of approximately 10 m and a thickness
in the dam axis direction of approximately 2.5 m. For reinforcement, D16 is used as the
main reinforcement, and D12 is used as the shear reinforcement. The bar arrangement
interval was 500 mm for the main bar and 1000 mm for the shear reinforcing bar. The
TYPE-D model has the sparsest reinforcement among the four dam types.

The differences in the structural characteristics of these four dam piers are shown for
the slenderness ratio and natural frequency. Figure 12 shows the slenderness ratio of the
four dams and the amount of reinforcing bar in the existing part. The slenderness ratio is
defined by Equation (1). Here, i is the radius of gyration of area, A is the cross-sectional area,
B is the horizontal width of the cross-section and H is the vertical width of the cross-section.
In addition, the amount of reinforcing bars in the existing part is defined by the total
cross-sectional area of the reinforcing bars included in the unit length.

λ =
L
i
= L

√
A
I
= L

√
BH

1
12 BH3

= L

√
12
H2 =

2
√

3L
H

(1)

The red dots in Figure 12 represent the four target dam piers, and the blue dots
represent other dam piers owned by the same power company. From this figure, it can
be seen that the four dam piers targeted in this study were evenly extracted based on the
slenderness ratio of approximately 10 to 30 general dam piers, and the overall tendency
could be determined by confirming these reinforcing effects. In addition, there is a positive
correlation between the slenderness ratio and the amounts of reinforcing bar, and it is
recognized that these four dams had the required amounts of reinforcing bar for their
slenderness ratio. On the one hand, the five dam piers at the lower right are the groups
that are expected to be reinforced by PCM because the amount of existing reinforcing bar
is insufficient for their slenderness ratio. The effect of PCM reinforcement on dam piers in
this group is discussed in the last section.
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Figure 12. Classification of dams by slenderness ratio and amount of reinforcing bar.

Table 2 shows the eigenvalue analysis results for the four dam piers without reinforce-
ment. From the results, it can be seen that the natural frequencies of the four dams vary
from 2 Hz to 6 Hz in terms of the primary mode, and the vibration characteristics of the
dams are covered as widely as possible. However, we decided to study the above four
dams from TYPE-A to -D.

Table 2. Results of eigenvalue analysis.

Natural Frequency (Hz) TYPE-A TYPE-B TYPE-C TYPE-D

Primary mode 2.75 2.08 5.73 4.32
Secondary mode 6.52 7.22 9.84 13.2

3rd mode 10.3 8.33 23.0 16.7
4th mode 18.9 9.69 27.8 19.5

For the discretization of these four dam piers using the FE method, the concrete was
modeled with 8-node solid elements and the reinforcing bars with 2-node truss elements.
The nodes of the concrete and reinforcing bars were the same nodes, and complete adhesion
was assumed.

3.2. Modeling of the Reinforcement Part

The FE model reinforced using the SRS method was modeled assuming that the exist-
ing deteriorated concrete elements were replaced with PCM elements, and new reinforcing
bars were placed based on the actual reinforcing bar placement, as shown in Figure 13.

Figure 13. Modeling of the reinforcement part.

The PCM cover was 69 mm, and the main reinforcing bar diameter was D25 with a
spacing of 250 mm for both types.

442



Appl. Sci. 2021, 11, 7255

3.3. Material Model

In this study, the elastic-plastic material properties of the existing parts and reinforcing
parts of dam piers are considered. Table 3 lists the material properties of the concrete and
PCM.

Table 3. Physical characteristics of concrete.

Material Properties Existing Part Reinforcement Part (PCM)

Density kg/mm3 2290 2300
Young’s modulus N/mm2 17,500 27,000

Poisson’s ratio - 0.17 0.2
Compressive strength N/mm2 17.2 64.5

Tensile strength N/mm2 1.8 4.12
Maximum aggregate diameter mm 60 0.1

The stress-strain relationship on the compression side is shown in Equations (2)–(5)
and conforms to the equation in the “Concrete Standard Specification” of the JSCE [13]. The
strain at the compression strength was defined by the inverse calculation of Equation (3).
Figure 14 shows the stress-strain curves on the compression side.

σc = E0K
(
εc − εp

)
(2)

E0 = 2 fc/εpeak (3)

K = exp

{
−0.73

εc

εpeak

(
1 − exp (−1.25

εc

εpeak
)

)}
(4)

εp = εc − 2.86·εpeak

{
1 − exp

(
−0.35

εc

εpeak

)}
(5)

where σc is the compressive stress (MPa), E0 is the initial stiffness (MPa), K is the elastic
rigidity residual rate, εc is the compressive strain, εp is the plastic strain, fc is the compres-
sive strength (MPa) and εpeak is the strain at compression strength. As shown in Figure 15,
the stress-strain relationship on the tensile side was derived from the tensile softening curve
based on the tensile stress-crack width relations from the “Concrete Standard Specification”
of the JSCE [13], as shown in Equations (6) and (7).

wt =
5Gf

ft
(6)

Gf = 10(dmax)
1
3 · f

1
3

c (7)

where wt is the crack width (mm), Gf is the tensile fracture energy (N/mm), ft is the
tensile strength (MPa) and dmax is the maximum dimension of the coarse aggregate (mm).
In addition, the von Mises yield condition with no hardening (complete elastic-plastic
characteristics) was applied to the steel material, as shown in Figure 16. The post-yield
handling of the rebar is thought to have some effect on the elasto-plastic response of the
member, but since the main purpose of this study is a relative comparison of the four
existing dam piers, this modeling will not be mentioned in depth. In addition, kinematic
hardening was assumed for the steel material. Table 4 lists the material properties of the
steel bars for the concrete and PCM parts.

443



Appl. Sci. 2021, 11, 7255

Figure 14. Stress-strain relationship of concrete (compression side).

Figure 15. Concrete stress−crack displacement relationship (tension side).

Table 4. Physical characteristics of steel materials.

Material
Properties

Unit
Existing Part Reinforcement Part

Main Rebar Shear Reinforcement Main Rebar Shear Reinforcement

Material SR235 SD345
Mass density kg/m3 7850

Young’s modulus N/mm2 200,000
Yield modulus N/mm2 235 345
Poisson’s ratio - 0.3
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Figure 16. Stress−strain relationship of steel, converted to a single axis.

3.4. Boundary Condition

As shown in Figure 17, the boundary conditions of the dam pier were set based on
actual mechanical conditions. Specifically, for both dams, the dam axis direction and the
upstream and downstream directions were fixed at the bottom surface of the model. In
this analysis, we focused on the dynamic behavior of only one dam pier and modeled only
the levee body. The ground acceleration, as shown in Figure 18, was input in the dam axis
direction of the full analysis model. In this study, seismic wave A and seismic wave B
were applied to TYPE-A, -B, -C and -D. These acceleration waveforms were created from
the waveforms used to verify the seismic performance of the dams and assumed a level
2 seismic motion. Seismic wave A had a maximum acceleration of 300 gal (3 m/s2) and
a duration of approximately 20 s, while seismic wave B had a maximum acceleration of
441 gal (4.41 m/s2) and a duration of 24 s.

For all dams, an additional mass imitating the gate was provided to the gate support
of the dam pier. The external force applied to the dam pier due to the vibration of the
gate was considered. In addition, a switchgear was installed at the top of the pier, and
an additional mass that was equivalent to the mass of the switchgear was applied to the
top of the dam pier, as shown in Figure 17. Furthermore, for the TYPE-A dam, hydro-
static pressure and hydrodynamic pressure were applied to the dam pier, considering the
amount of water stored. In this analysis, the hydrodynamic pressure was calculated using
the Westergaard [14] equation shown in Equation (8). Here, md is the additional mass
that represents hydrodynamic pressure; γw is the unit volume weight of water; g is the
gravitational acceleration; b is the length in the upstream and downstream directions of the
part where the dam pier and the water storage are in contact; H is the water storage level;
h1 and h2 indicate the water depth at the representative points.

md =
∫ h2

h1

7
8
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√
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b
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3
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(8)
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(a)  (b) 

 
(c) (d)  

Figure 17. Boundary conditions: (a) TYPE-A dam model; (b) TYPE-B dam model; (c) TYPE-C dam model; (d) TYPE-D dam
model.

 
(a) (b) 

Figure 18. Input acceleration waveforms: (a) wave A; (b) wave B.

3.5. Analysis Method and Cases

The FE analysis software DIANA 10.3 was used for this analysis. The Newmark β
method (β = 0.25) was used for the time integration method, and the time step was set to
0.01 s. This dynamic analysis assumed Rayleigh attenuation. Equations (9) and (10) show
the equations for the Rayleigh attenuation parameters α and β, where ω1 and ω2 are the
primary and secondary frequencies, respectively, and h1 and h2 are the critical attenuations
(=5%) corresponding to each mode.

β = 2(ω1h1 − ω2h2)/
(

ω2
1 − ω2

2

)
(9)

α = 2ω1h1 − βω2
1 (10)

There are two main types of dam gates: roller gates and radial gates. In this study,
a U-shaped reinforcement range was assumed for the roller gate, as shown in Figure 19.
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Full (universal) reinforcement was not adopted, but full reinforcement (100%) was also
calculated as a comparative example to understand the effect of partial reinforcement. The
main rebar used was D25, and D22 was used as the shear rebar in the PCM layer, as shown
in Figure 20.

Figure 19. Roller gate and reinforceable range.

  
(a) 

 
(b) 

(c) 

Figure 20. Cont.
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(d) 

Figure 20. Reinforcement range: (a) TYPE-A dam model; (b) TYPE-B dam model; (c) TYPE-C dam model; (d) TYPE-D dam
model.

4. Results and Discussion

4.1. Seismic Resistance Evaluation Method for Dam Pier by FE Analysis

In this study, the reinforcement effect of the SRS method on the seismic resistance
performance of dam piers during and after an earthquake was determined from the
damaged state. In general, dam piers need to function even if they are damaged after an
earthquake. The highest priority function is, of course, the water storage function; however,
to maintain the water storage function, it is also important that the gate can be opened and
closed smoothly and that water leakage due to damage to the skeleton is prevented [15].
To ensure that these functions were not impaired, we decided to confirm that the residual
displacement of the dam pier at the gate position was within the allowable value. However,
the residual displacement depends not only on the maximum acceleration of the seismic
waves but also on their historical characteristics. In addition, the damage distribution in
the structure and the seismic wave amplitude characteristics in the final stage seem to
have a significant impact. Therefore, it is difficult to predict the residual displacement
quantitatively and accurately using numerical analysis. Therefore, we decided to make
a relative comparison of the reinforcement effect on the dam, focusing not only on the
residual displacement but also on the maximum displacement. In addition, the strength of
the dam pier itself was evaluated by checking the crack distribution in the concrete in the
non-reinforced part and the reinforced part, and the strain of the main reinforcing bar.

The results and discussions are given below after Section 4.2.

4.2. Seismic Response of Dam Piers

Figures 21–24 show the results of the displacement-time history of the four dam types
using wave A and wave B, respectively. From these results, it can be seen that the maximum
displacement of each type is reduced owing to the reinforcement effect.

(a) 

Figure 21. Cont.
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(b) 

Figure 21. Comparison of displacement−time history at the top of the pier in TYPE-A: (a) under
wave A; (b) under wave B.

(a) 

(b) 

Figure 22. Comparison of displacement−time history at the top of the pier in TYPE-B: (a) under
wave A; (b) under wave B.

(a) 

Figure 23. Cont.
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(b) 

Figure 23. Comparison of displacement−time history at the top of the pier in TYPE-C: (a) under
wave A; (b) under wave B.

(a) 

(b) 

Figure 24. Comparison of displacement−time history at the top of the pier in TYPE-D: (a) under
wave A; (b) under wave B.

In Figure 21a, by comparing the results of the RC and RPCM models (reinforcement
range of 60%) in TYPE-A, it can be confirmed that the displacement response of the RPCM
model becomes smaller than that of the RC model after 7 s under wave A. In the case of
Figure 21b, it can also be confirmed that the displacement response of the RPCM model
becomes smaller than that of the RC model after 12 s under wave B. This is because the
maximum principal strain of the RC model throughout the base of the dam pier reached a
strain level that caused bending cracks, as shown in Figure 25a, which caused a decrease in
rigidity. However, in the case of the RPCM model, the bending cracks in the concrete at the
base of the pier are limited to one part; thus, their maximum displacement decreased.

Next, the strain of the existing reinforcing bars was also compared between the RC
and RPCM models at the time of maximum displacement, as shown in Figure 26. It was
confirmed that many of the reinforcing bars reached the yield strain in the RC model. In
contrast, in the RPCM model, the strain of all the existing reinforcing bars was less than
the yield strain.
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(a) RC model (b) RPCM model (60% reinforced case): (left) Existing part; (right) 

Reinforcement part 

Figure 25. Maximum principal strain distribution of TYPE-A at 8.65 s.

  
(a) (b) 

Figure 26. Comparison of reinforcing bar strain in the vertical direction of TYPE-A: (a) RC model; (b) RPCM model.

4.3. Effect of Reinforcement Range on Reinforcement Effect

To discuss the effect of the reinforcement range on the reinforcement effect, we focused
on the axial strain distribution in both the existing and reinforcement parts. Here, the
results of two different reinforcement ranges (30% and 60%) for the TYPE-A dam under
wave A are compared, as shown in Figures 27 and 28. First, it was confirmed that the axial
strain of the existing reinforcing bar did not exceed the yield strain in either case and that
they had a sufficiently reinforcing effect. In addition, the tendencies of both are similar,
and it can be said that the effect of the reinforcement range on the vibration characteristics
of the entire structure is small. As shown in Figures 27b and 28b, it was confirmed that
relatively large strains were concentrated at the root of and upstream of the reinforcing
bar at the reinforcement part. When the seismic motion that exceeds the seismic load is
applied, it is thought that the weakest reinforcing bars will yield first, so it is necessary to
take measures such as using large reinforcing bars for these parts.

  
(a) (b) 

Figure 27. Strain distribution of the reinforcing bars (TYPE-A, wave A, reinforcing range 30%): (a)
existing part: (b) reinforcement part.
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(a) (b) 

Figure 28. Strain distribution of the reinforcing bars (TYPE-A, wave A, reinforcing range 60%): (a)
existing part: (b) reinforcement part.

4.4. Comparison of Reinforcement Effect of Each Dam

Figures 29–32 show a comparison of each dam type’s maximum displacement and
residual displacement for four different reinforcement ranges by seismic wave A and
seismic wave B. In the TYPE-A model, the reinforcing effect was recognized for both types
of seismic waves. In particular, for seismic wave A, it was found that by reinforcing the
cross-sectional area of the column by 30%, a remarkable reinforcement effect was observed,
such that the maximum displacement was reduced by 45%, and the residual displacement
was almost zero. Next, in the TYPE-B model, the reinforcing effect was relatively smaller
than that in the TYPE-A model, but a certain reinforcing effect was confirmed for both
seismic waves A and B. In particular, a clear reinforcement effect was confirmed for
the residual displacement due to seismic wave B, such as the 58% reduction in residual
displacement from reinforcing 30% of the column cross-section. In the TYPE-D model,
similar to the TYPE-A model, a clear reinforcing effect was observed for both types of
seismic waves. In particular, it was found that the residual displacement was significantly
reduced by simply reinforcing 50% of the column cross-section. However, for the TYPE-C
model, the reinforcement effect was found to be significantly smaller than that of the other
three dams. One of the reasons is that the TYPE-C model has high rigidity; thus, the
maximum displacement and residual displacement due to the two types of seismic waves
are both small, so the need for reinforcement by the SRS method was initially minimal.
The next section examines the causes of the different reinforcement effects for each dam
and seismic wave. In some cases (for example, in the case of Figure 31b), the residual
displacement is slightly large even though the reinforcement range is large. It can be said
that this is because the final residual displacement of the element that repeats compression
and tension changes sensitively depending on the mesh size and handling after cracking
occurs. However, the reinforcing effect of the RPCM was observed in all cases.
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(a) (b) 

Figure 29. Comparison of maximum displacement and residual displacement of TYPE-A: (a) wave A; (b) wave B.

 
(a) (b) 

Figure 30. Comparison of maximum displacement and residual displacement of TYPE-B: (a) wave A; (b) wave B.

 
(a) (b) 

Figure 31. Comparison of maximum displacement and residual displacement of TYPE-C: (a) wave A; (b) wave B.

 
(a) (b) 

Figure 32. Comparison of maximum displacement and residual displacement of TYPE-D: (a) wave A; (b) wave B.
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4.5. Strain Distribution of Existing Reinforcing Bars: Comparison of Unreinforced and Reinforced
Case

As shown in Section 4.2, there was no significant difference in displacement between
the unreinforced and RPCM-reinforced cases until bending cracks occurred in the elastic
region. However, it was confirmed that when the displacement increased, the reinforcing
bars of the existing part yielded in the unreinforced case, so there was a difference between
the unreinforced and RPCM-reinforced cases. Figures 33 and 34 show the axial strain
distribution of the existing reinforcing bars at the peak displacement of each of the four
dams under seismic wave A and seismic wave B, respectively. The TYPE-A model showed
a tendency for the maximum displacement reduction effect to differ significantly between
the two types of seismic waves, and the ratio of existing reinforcing bars that yielded in
this type was larger for seismic wave A.

Next, the reinforcing effects of TYPE-B, TYPE-C and TYPE-D were compared using
the strain distribution of the existing reinforcing bars, as shown in Figures 33 and 34.
These figures show that the number of existing reinforcing bars that reached yield strain
before and after reinforcement decreased in TYPE-B and TYPE-D dams. However, existing
reinforcing bars that reached yield strain were not observed in the TYPE-C. Thus, there was
no significant difference in displacement between the unreinforced and RPCM-reinforced
TYPE-C cases. Therefore, it is concluded that a large reinforcing effect can be obtained in
the case of a dam pier having a small amount of existing reinforcing bar and a large mass
of attached structures such as switchgear, pier for switchgear and door body. In addition,
it was confirmed that when a large number of existing reinforcing bars reach yield strain,
as in TYPE-A and TYPE-D shown in Figures 29a and 32a, even partial reinforcement has
almost the same effect as 100% reinforcement.

    

Unreinforced 60% reinforced Unreinforced 50% reinforced 

(a) (b) 

    

Unreinforced 50% reinforced Unreinforced 50% reinforced 

(c) (d) 

Figure 33. Strain distribution of existing reinforcing bars at peak displacement in wave A: (a) Type-A; (b) Type-B; (c) Type-C;
(d) Type-D.
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Unreinforced 60% reinforced Unreinforced 50% reinforced 

(a) (b) 

    

Unreinforced 50% reinforced Unreinforced 50% reinforced 

(c) (d) 

Figure 34. Strain distribution of existing reinforcing bars at peak displacement in wave B: (a) TYPE-A; (b) TYPE-B; (c)
TYPE-C; (d) TYPE-D.

4.6. Reinforcement Effect by Structural Characteristics of Dam Pier

Figure 35 shows the classification of dams in the area of the graph near the four dams
discussed in the previous section, using the amount of reinforcing bars in the existing
cross-section and the slenderness ratio of the column shape, and Table 5 shows the natural
period of each dam. It was found that the TYPE-C dam shows the least damage and has
the shortest natural period; thus, the TYPE-C dam has higher rigidity than the other dams.
As shown by arrow (A) in Figure 35, TYPE-A and TYPE-D have a smaller slenderness ratio
than other dams, but the amount of existing reinforcing bars is small, and the load-bearing
performance is also lower than that of other dams. Therefore, the reinforcing effect of the
PCM method is clearly shown for TYPE-A and TYPE-D. On the other hand, although the
TYPE-B dam has a larger amount of reinforcing bars than the TYPE-C dam, the slenderness
ratio of the column shape is large, and the additional mass is also larger than that of the
TYPE-C. Therefore, the reinforcement effect of TYPE-B is higher than that of TYPE-C. In
summary, the reinforcement effect of the SRS method is likely to be obtained in dams with
a long natural period.
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Figure 35. Classification of gravity dams when viewed in terms of the amount of existing reinforcing
bars and slenderness ratio of dams near the area where the four dams exist.

Table 5. Natural period of each dam.

Natural Period (s) TYPE-A TYPE-B TYPE-C TYPE-D

Primary mode 0.353 0.482 0.175 0.243

Secondary mode 0.153 0.139 0.102 0.076

3rd mode 0.0973 0.120 0.0435 0.059

4th mode 0.053 0.103 0.036 0.051

Figure 36 shows that the five dams in the red dashed circle are the groups that are most
likely to be reinforced by RPCM because of their insufficient amount of reinforcing bars. To
confirm the effect of the RPCM reinforcement, TYPE-B’ having a lower amount of existing
reinforcing bars than TYPE-B (shown in Figure 36) was modeled, and its elastic-plastic
behavior under earthquake conditions was calculated. Specifically, the cross-sectional area
of the rebar elements in the TYPE-B FE model was uniformly reduced, and the total number
and spacing of reinforcing bars did not change in TYPE-B’.

Figure 36. Classification of dams by slenderness ratio and amount of reinforcing bars (Added
TYPE-B’).
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Figure 37 shows the displacement-time history of TYPE-B’ under seismic waves A
and B, respectively. From these results, it can be seen that the maximum displacement and
residual displacement of TYPE-B’ are significantly reduced owing to the reinforcement
effect of the RPCM. In addition, it was confirmed that reinforcement by RPCM is sufficiently
effective only if an area of approximately 30% of the entire cross-section of the column is
reinforced to reduce the residual displacement.

(a) 

(b) 

Figure 37. Comparison of displacement-time history at the top of the pier in TYPE-B’: (a) wave A; (b)
wave B.

As a result, it was concluded that the RPCM reinforcement method is very effective
for existing aged dam piers with insufficient rigidity.

5. Conclusions

The following were confirmed by performing seismic response analysis using FEM.

1. It was confirmed that the displacement response of the dam pier could be reduced by
using the SRS method, and the effect of the reinforcement range by the SRS method
on the maximum displacement and residual displacement could be quantitatively
determined.

2. In the case of the dam pier, it was difficult to reinforce the entire cross-section owing
to the characteristics of the structure. In this study, it was confirmed that a sufficient
reinforcement effect was obtained even with partial reinforcement.

3. It was determined that the maximum stress occurred between the existing RC cross-
section and the reinforced PCM layer, especially on the upstream side. Therefore,
when a dam pier was reinforced using this method, using a large-diameter reinforcing
bar at the boundary between the existing RC cross-section and the PCM layer is
conceivable.

4. The reinforcing effect was remarkable in the case where the existing reinforcing bar
yielded.
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5. It was found that the SRS method had a considerable reinforcing effect on dams with
a long natural period, which have low rigidity relative to their mass.

6. In fact, according to the TYPE-B’ calculation that simulates a group with a small
amount of existing reinforcing bar relative to their slenderness ratio, it was confirmed
that if a column cross-sectional area greater than 30% is reinforced using RPCM, the
residual displacement after an earthquake can be significantly reduced.
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Abstract: The practical difficulties in upgrading the structural performance of existing reinforced
concrete (RC) structures is discussed, when retrofitting structural members by conventional RC
jacketing. The use of retrofitting schemes employing externally applied fiber reinforcing polymer
(FRP) strips attracted considerable research attention as a preferable alternative. Such retrofitting
FRP schemes aiming to upgrade the shear capacity of existing RC beams have been examined in
many published works employing such externally applied FRP shear reinforcing schemes without
confronting the practical difficulties arising from the presence of the RC slab. Anchoring external
CFRP strips aiming to shear upgrade, which is the focus here, overrides this difficulty. It is shown
that effective anchoring, using either mechanical anchors such as the ones devised by the authors or
CFRP anchor ropes produced by the industry, can effectively upgrade the shear capacity of an RC
T-beam under-designed in shear to the desired level. A novel laboratory test set-up, devised by the
authors, can be utilized to quantify the tensile capacity of CFRP stirrups with or without anchors,
that can be of practical use. The predicted, according to design guidelines, upgraded shear capacity
of the tested prototype RC T-beam, employing the used shear retrofitting schemes, under-estimates
the measured shear capacity by 58%. This conservatism can counter-balance uncertainties arising
from in situ conditions in constructing the various parts of such a shear retrofitting scheme.

Keywords: upgrading old RC structures; shear retrofit; T-beams; CFRP strips; anchoring devices

1. Introduction

In many European countries, a large proportion of the building stock constructed after
the end of WWII is multi-story reinforced concrete (RC) structural formations composed
of slabs, beams, columns, and shear walls cast in place. The ease offered by this type of
construction and the relatively low cost compared to alternative structural forms led to RC
building becoming dominant in many countries. Unfortunately, a large number of these
buildings were designed and constructed to resist low levels of seismic actions as shown
by the development of serious structural damage when subjected to strong earthquake
excitations [1]. During the last thirty years, a large volume of research on the seismic
response of RC structural components and structural systems has provided a strong basis
for upgrading the seismic provisions of RC structural design. Therefore, RC buildings
that are currently designed and constructed according to such upgraded seismic code
provisions can meet future earthquake excitations, as defined from probabilistic studies for
each country, developing controlled structural damage that ensures that such RC buildings
will not collapse. Moreover, the structural damage which will develop for the “design”
earthquake is repairable. In this way, upgraded design seismic codes safeguard against
the loss of life as well as against excessive repair costs for contemporary RC buildings. In
contrast, old existing buildings are quite vulnerable to severe structural damage for such
“design” earthquakes that could lead to collapse and the loss of life, as was the case during
many strong past earthquakes around the world. Confronted with such a seismic risk,
research efforts have focused on devising retrofitting techniques capable of upgrading the
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seismic resistance of such relatively “weak” RC structural formations. This was a difficult
task because, whereas reinforced concrete construction offers very substantial flexibility
when cast in place, it offers no such flexibility when it is hardened. Therefore, it is quite
difficult to introduce any alterations or additions to the structural elements themselves or to
the structural system as a whole. A typical retrofitting technique devised for strengthening
such “weak” RC structures is to upgrade the capacity of selected critical structural elements
of the structural system (e.g., weak columns) with RC jackets, providing in this way the
required upgrade in strength and ductility (Figure 1a,b).

A well-known construction technique for strengthening existing reinforced concrete
(RC) structural elements is to apply such RC jacketing surrounding the old structural
elements with these new RC jackets. RC jackets are constructed using concrete of high bond
strength and low shrinkage characteristics together with additional steel reinforcement
and occasionally fiber-reinforced polymer composites. A variety of techniques have been
investigated in the past to strengthening under-designed RC beams, RC columns, and
RC joints employing such RC jacketing techniques. Published research [2–11] has shown
that such external RC jacketing improves both the flexural and shear capacity, increases
stiffness and ductility together, and provides for higher axial load capacity to under-
designed structural members than prior to such RC jacketing. Code provisions [12] include
guidelines for the design of RC jackets. RC jacketing was utilized in the past either
by strengthening structural members being damaged after a strong intensity earthquake
sequence or as a preventing measure for “weak” structures due to the outcome of a relevant
inspection prior to an earthquake. Such RC jacketing during the last decades has been the
most favorable choice for structural engineers in seismic-prone areas.

Figure 1. (a) RC jacket of columns employing shotcrete (gunite). (b) RC jacket of column and beam
at the region of their joints employing shotcrete (gunite) [13].

However, there are also certain difficulties in employing such RC jacketing techniques.
It requires specialized in situ labor and equipment; it also requires perforating the floor RC
slab, by partially breaking structural elements in order to place the needed additional steel
reinforcement, either longitudinal or transverse steel reinforcement. Moreover, employing
such RC jacketing techniques increases the dimensions of the upgraded structural members,
resulting in an increase in their stiffness and their dead load. This may not be always
desirable. At the same time, such RC jackets result in a decrease in the available internal free
space or applying RC jackets may face prohibitions in the external space of the structural
system from adjacent buildings. The increase in mass and stiffness, resulting from RC
jacketing, may change the dynamic characteristics of the whole structural system and may
also cause, in some cases, undesirably increased demands at specific structural elements.

Such RC jacketing of critical structural elements can be combined, when possible, with
additions to a structural system of extra shear walls along its height in proper locations.
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This combination can reduce excessive displacement response in a way that the demands
to the critical elements are met with the corresponding capacities [13]. This retrofit concept
is quite effective; however, the construction of such jackets represents a degree of practical
difficulties and response issues, as mentioned before.

During the last decades, alternative retrofitting techniques were developed aiming
to provide practical solutions to the in situ RC jacketing difficulties for the various RC
structural elements [14–21]. Obviously, apart from the structural elements themselves, the
more difficult regions for effectively retrofitting an existing RC structure are the critical
areas of the structural member connections (joints) as well as the connections with the
foundation. Both, the structural connections and the foundation are very critical areas
that require special consideration in both identifying the nature of the probable structural
damage as well as proposing countermeasures. The main flexural structural damage in
slabs and beams develops in the areas of maximum bending moments. For the beams, this
usually develops near the joints with the columns and shear walls where large bending
moments are expected to arise due to the seismic loads. Similarly, at the ends of the beams
are areas of large shear forces from the combination of earthquake forces with the dead
and live loads; these will cause the appearance of shear damage in the form of diagonal
cracks. The presence of large bending moments mainly from the seismic loads together
with large axial forces will cause the formation of flexural damage at the top and the toe of
columns, whereas the presence of shear forces from the seismic loads together with axial
forces will lead to the formation of shear damage at the columns, a very dangerous form of
damage (see Figure 2a,b). The presence of large shear forces from seismic loads, together
with relatively low-level axial forces, will lead to the development of another dangerous
form of shear damage in the shear walls (see Figure 3b), whereas the presence of short
columns will lead to the development of large shear forces from seismic loads and the
development again of shear damage, as shown in Figure 3a.

  

 

 

 

 

 

 

 

 (a) (b) 

Figure 2. (a) Shear failure of an RC column at the ground floor of a four-story RC building. Athens,
Greece 1999 earthquake sequence. (b) Detail of the same shear damage [1].

Alternative retrofitting techniques to RC jacketing have been developed, which employ
fiber-reinforced polymers (FRP) attached externally with special organic resins or inorganic
matrices to weak structural elements. This external application has in some cases specific
practical advantages when the resulting structural performance is upgraded in the desired
way [22–34]. It can be applied to various structural elements of an existing RC structure
with a varying degree of effectiveness and difficulty. Thus, such a retrofit is able to easily
upgrade the flexural capacity of slabs as the demands are mainly flexural. The same also
applies to the flexural upgrade of RC beams for gravitational loads. The shear upgrade
presents certain difficulties that are discussed within the rest of the sections of this study.
Moreover, the flexural or shear upgrade of beams or columns for seismic loading is more
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difficult as the regions to be retrofitted are near and include the RC column-to-beam joints.
For the RC columns, the flexural upgrade is again quite difficult as the regions to be
retrofitted are the ones where the columns are joined with the foundation or with the beam-
to-column joints. Alternatively, the shear and the compression capacity of RC columns can
be effectively upgraded by externally applied CFRP close hoop strips. A large volume of
research has been published utilizing strips made by FRP systems based on epoxy resins as
well as high-strength steel fibers (known as SRG or SRP) with either cementitious grouts
(SRG) or with organic resins (SFRP) by several researchers [14–43]. A typical mode of
failure is reported to be the delamination of these FRP strips [35–37]. Using FRP strips
based on steel wires is relatively limited when compared to the strips based on carbon
fibers (CFRP).

Figure 3. (a) Shear failure of an RC short column at the ground floor of a two-story RC building.
Aigio, Greece 1995 earthquake sequence. (b) Detail of shear damage of a shear wall at the ground
floor of a four-story RC building. Pyrgos, Greece 1993 earthquake sequence [1].

This study focuses on the specific problem of RC T-beams which are under-designed in
shear. This is a relatively common problem that is due to outdated seismic code provisions
with relatively low seismic force levels used in the past, which resulted in relatively
low shear force demands for such RC beams in multi-story RC buildings. According to
such an outdated seismic design, the shear demands for T-beams were resulting from
the combinations including dead and live load and they were met by relatively light
transverse reinforcing with open hoop steel stirrups. Instead, current seismic codes result
in much larger shear force demands than before at regions where such beams join the
columns. In addition, they require that the transverse reinforcement consists of closed
hoop steel stirrups. Therefore, it is necessary to strengthen such under-designed RC T-
beams deficient in shear capacity. Figure 1b depicts a retrofitting scheme whereby such
shear capacity upgrade is carried out by constructing an RC jacket employing extra closed
hoop stirrups narrowly spaced. Such a scheme is relatively difficult because it requires
the partial breaking of the slab in order to place the closed hoop stirrups and then cast
the RC jacket. A relatively simple alternative is to try to attach externally, on the web of
such RC T-beam, strips of fiber-reinforced polymers (FRP) in the form of stirrups bonding
them to the concrete surface with special epoxy resins. However, even in this case, the
main difficulty is to try to add closed hoop FRP stirrups. A large number of experimental
investigations were performed with rectangular beam specimens which did not include
the slab. In this case, the absence of the slab allows the externally attached FRP strips to
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have the form of closed hoop stirrups. However, in the vast majority of multistory RC
buildings, the slabs are cast in unison with the supporting beams, thus forming typical
T-beam structural elements; this does not allow easy passing of such FRP strips in order
to form the closed hoop stirrups that are required in order to bring the shear capacity
to meet the demands posed by the upgraded seismic design. It was demonstrated that
applying open hoop FRP strips, thus avoiding confrontation with breaking the slab, leads
to limited shear upgrade because these open hoop FRP stirrups suffer from premature
debonding, thus being completely neutralized [35–37]. This is presented and discussed
in Sections 2–4. In Figure 4 an RC T-beam is shown schematically provided with external
FRP reinforcement in order to increase its flexural and shear capacity. The positive bending
moment capacity increase, as shown in Figure 4, is enhanced by FRP strips bonded at the
bottom side of this T-beam with an FRP strip of one or multiple layers (indicated with red
color) having as width the width of the bottom side of this T-beam. For negative bending
moment capacity increase, the FRP strip should be bonded alternatively at the top side
of this T-beam. In this case, this becomes relatively easy because the FRP strip width can
be much wider than that bonded at the bottom side. This externally bonded CFRP strip
will function in the same way as the internal longitudinal steel reinforcement developing
tensile axial forces. The shear capacity is similarly enhanced by the transverse shear FRP
open hoop strips (indicated with blue color) bonded externally; they will also develop
axial forces resisting in this way the shear force demand after the formation of the diagonal
shear cracks through the concrete volume. They will function in the same way as steel
shear reinforcement placed internally in the form of steel stirrups.

Figure 4. Force transfer mechanisms for externally bonded FRP strips either for flexural or
shear retrofit.

For either flexural or shear retrofitting utilizing externally bonded FRP strips, it is
critical to investigate the capacity of the relevant bond surfaces which will be called to
transfer the axial forces that develop in these FRP strips in each case. When the level of
these axial tensile forces exceeds the corresponding bond capacity the debonding mode
of failure appears rendering the relevant FRP reinforcement completely ineffective. This
represents a serious limitation in applying such external FRP retrofitting either for flexural
or shear upgrading. One effective way towards this objective has been to provide various
practical schemes of anchoring that combined with the FRP strips can transfer the desired
level of axial force beyond the limit posed by the relevant bonding surface as indicated in
Figure 4. This has been the focus of the research reported here.

In order to confront the unsatisfactory performance due to the debonding mode of fail-
ure various anchoring schemes have been devised [44–57]. Tanarslan et al. [44] reported on
the performance of RC shear deficient T-beams strengthened with carbon fiber reinforced poly-
mers (CFRP) systems with and without mechanical anchoring in several different configurations
tested under cyclic loading conditions. Manos et al. [45–53], as well as Katakalos et al. [54],
used either CFRP or SFRP for shear strengthening. The authors of this work have de-
vised and tested such anchoring schemes [48] which combined with externally applied
FRP strips can provide the required substantial shear upgrade of RC T-beams, deficient
in shear, as is presented in what follows. Moreover, a number of alternative anchoring
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devices to be used in shear strengthening schemes together with externally applied FRP
strips are also presented and discussed. All these anchoring schemes together with exter-
nal FRP strips can form equivalent closed hoop stirrups which can provide the required
upgrade in shear strength for such deficient RC T-beams. In the following sections, the
force transfer mechanism that is mobilized for open hoop CFRP strips with or without
anchoring devices, used as transverse shear reinforcement, is presented and discussed.
This is carried out initially utilizing a novel experimental set-up employing small-length
“unit T-beam” specimens hosting such CFRP strips (Sections 2 and 3). By comparing the
obtained experimental results, the capacity of such CFRP strips, with or without anchoring
devices, can be demonstrated. Moreover, the various failure modes involved in these
transfer force mechanisms and their corresponding bearing capacity can be studied in some
depth. These tested novel anchoring schemes have been devised by the authors (Patent
No: EP2336455-(A1), 2011 [48]) and by the industry [52]. Both of these anchoring schemes
try to tackle in an efficient and practical way the difficulty posed by the presence of the
RC slab as part of the RC T-beam cross-section, as previously outlined. After studying the
force transfer mechanism through the relatively small-length “unit T-beams”, the capability
and effectiveness of such CFRP strips as transverse shear reinforcement, with or without
anchoring devices, is demonstrated by applying the same anchoring schemes to an RC
T-beam of prototype dimensions being subjected to appropriate laboratory testing as is
described in Sections 2 and 4. This “unit T-beam” and prototype T-beam experimental
sequence is presented in a combined way within the present manuscript. In this way, the ef-
fectiveness of such a shear upgrade of under-designed RC T-beams is clearly demonstrated
in a stepwise combined and documented way. Such a procedure has an additional practical
significance because it can be also utilized for similar alternative retrofitting schemes.

2. Materials and Methods

In order to check the ability of such equivalent closed hoop stirrup schemes to upgrade
the shear capacity RC T-beam structural elements, specimens of prototype dimensions
are constructed and tested in the laboratory. These specimens are deliberately designed
to be deficient in shear from the beginning, as is shown by the reinforcing details in
Figure 5a,b. Figure 5c depicts the way such a specimen is supported and loaded with a
loading arrangement known as four-point flexure, whereby the load is gradually increased
monotonically until each specimen reaches its limit state. As can be seen in Figure 5a–c,
such a “prototype RC T-beam” specimen is provided with sufficient top and bottom
longitudinal steel reinforcement (three reinforcing steel bars of 20 mm diameter each) to
provide considerable flexural capacity. In terms of geometry, support conditions, loading
and longitudinal, or transverse reinforcing this prototype T-beam is symmetric along a
vertical axis going through its mid-span. Three distinct regions can be seen along the
specimen’s length with respect to its shear reinforcement. At the very far left and right
ends, the transverse reinforcement consists of narrow spaced (every 15 mm) steel close
hoop stirrups of 8mm diameter. This is done in order to prohibit any shear failure at
these regions hosting the supports as well as to provide sufficient confinement in order
to enhance the bond strength of the longitudinal reinforcement in this region. Next, there
is a 900 mm long central region where the steel close hoop stirrups of 8 mm diameter are
spaced every 70 mm. This central region of the specimen is not required to resist any shear
because of the employed loading; however, the used stirrups can enhance the flexural
capacity by providing confinement to the compressive zone as well as prohibiting, up to
a degree, of the buckling of the longitudinal reinforcement at the compressive tope zone
because of the development of large bending moments at this region.
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Figure 5. (a) Reinforcing details of RC T-beam specimen. (b) Cross-section RC T-beam specimen. (c) Four-point loading
arrangement used in all tests together with the concept of forming the “unit T-beam” specimens (see also Figure 7a,b).

Finally, there are two regions between the supports and the central region that are left
without any internal shear reinforcement in terms of steel stirrups (east and west parts).
These two regions develop under the employed loading large shear demands. Therefore, it
is expected that because of this intentional shear deficiency the prototype RC T-beam in its
virgin state will fail in shear in these regions. In this way, in the initial loading stage, this
represents the initial control stage whereby the shear resistance is provided only by the
concrete volume. Next, during three distinct loading stages corresponding to three distinct
retrofitting schemes (see Section 2.2), these regions are provided with an externally applied
specific shear reinforcing scheme. Each of these three distinct retrofitting schemes employs
either open hoop or equivalent closed hoop FRP strips; the measured shear capacity during
each of these three distinct retrofitting stages is compared to the corresponding capacity
of the control virgin stage. In this way, the ability of each retrofit to upgrade the shear
resistance is demonstrated. The results of the observed performance of this prototype RC
T-beam, without or with a shear strength upgrade, are presented in Section 4. The prototype
RC T-beam as well as the “unit T-beams”, described in Section 2.1, were built with the
same concrete (the concrete compressive strength is listed in Table 1), reinforcing bars
(typical tensile test shown in Figure 6a), and carbon FRP strips (typical tensile test shown
in Figure 6b). From a series of laboratory tests, the compressive strength of the concrete
was found equal to fck = 19.94 MPa, the yield and ultimate strength of the longitudinal
reinforcing bars were found equal to 524.6 MPa and 683 MPa, whereas the ultimate strain
of the CFRP material was found equal to 0.015 for Young’s modulus approximately equal
to 260 GPa which is in agreement with the value given by the manufacturers.
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Table 1. Results of concrete cylinders tested in uni-axial compression. The specimens’ diameter = 150 mm,
height = 300 mm.

Specimen No Maximum Compressive Axial Load (kN) Compressive Strength (MPa)

Specimen 1 420 23.77
Specimen 2 330 18.67
Specimen 3 329 18.62
Specimen 4 331 18.73
Specimen 5 352 19.92

Average concrete cylinder compressive strength fck = 19.94 MPa (STDEV = 2.21 MPa)

Figure 6. (a) Typical tensile test results of longitudinal reinforcement. (b) Typical tensile test results of CFRP strip.

2.1. A Novel Laboratory Set-Up to Test the Force Transfer Mechanism for Open Hoop CFRP Strips
with or without Specific Mechanical Anchoring Devices

Before testing the simple-supported prototype RC T-beam depicted in Figure 5a–c
without or with CFRP external transverse shear reinforcement, a simple experimental
procedure was conceived in order to study the force transfer mechanisms that develop in
this external CFRP strip transverse shear reinforcement and the concrete volume. For this
purpose, T-beam specimens were constructed of relatively small length having the same
cross-section as the prototype T-beam of full length (Figure 5b). The length of these speci-
mens, denoted as “unit T-beams”, was equal to 250 mm, which was sufficient to provide
the necessary bond surface to house a CFRP external transverse shear reinforcing strip
having a width of approximately 100 mm, as shown in Figure 7a,b (see also Figure 10a–c).

Figure 8a–d depicts the corresponding cross-sections of such “unit T-beam” specimens
hosting a typical CFRP shear strip (100 mm wide) bonded to such a “unit T-beam” specimen
with resin provided by the manufacturers, following the typical for the CFRP construction
technique. A simple experimental loading procedure is used, aiming to quantify the axial
tensile capacity of FRP shear strips without or with an anchoring device, which is its
main forcing transfer mechanism, as indicated in Figure 9a–c, and the interaction with
the concrete volume. As can be seen in Figure 8a–d, these specimens have the same cross-
section as the prototype full-length RC T-beam (Figure 5a–c). However, as explained before,
the length of these specimens, named “unit T-beams”, is equal to 250 mm which is a portion
of the full-length prototype RC T-beam, as indicated in Figures 5a–c, 7a,b and 10a–c, which
is sufficient to host the width of one CFRP shear strip. In order to study the force transfer
behavior of the CFRP stirrups, each “unit T-beam” is subjected to a tensile stress field by
applying an external vertical load, as shown in Figures 7b and 9a–c with an arrow. In this
way, the force transfer mechanism under investigation was replicated, as will be explained
in detail in what will follow. The experimental set-up for testing these “unit T-beam”
specimens is shown in Figure 9a–c. Each of these specimens, after the CFRP strip was set
approximately seven days after being bonded at both sides of the “unit T-beam” in all
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cases, were loaded axially as indicated in these figures. In this way, each side of the tested
CFRP strip is subjected to tension with an axial tensile force resultant assumed to be 1

2 of
the externally applied load that needs to be transferred in a way similar to the force transfer
mechanism shown in Figure 7a,b. As described before, the same force transfer mechanism
develops in the corresponding full-length prototype RC T-beam (Figures 5a–c and 7a) in
order to resist the shear, after the development of the diagonal shear cracks. The CFRP
strips are bonded in both cases, with or without the presence of an anchoring device.
Instrumentation was provided to monitor the variation of the externally applied tensile
axial load, as well as the relative slip displacement of the top end of the attached CFRP strip
and the concrete surface of the web. Four strain gauges (s.g.1 to s.g.4, shown in Figure 9a–c)
were bonded in place, two at each side of the CFRP strip. These strain gauges were placed
at the vertical axis of symmetry of each CFRP strip/specimen at two heights along the
bonded surface as shown in Figure 9a–c. The applied axial loading in this way reproduced
the state of stress that develops after the formation of diagonal shear cracks at open hoop
FRP strips in prototype T-beams (Figure 7a).

Figure 7. (a) Force transfer mechanisms for externally bonded CFRP strips for shear retrofit and the concept of forming a
“unit T-beam” specimen. (b) Three-dimensional drawing of a limited length unit “T-beam” specimen including a single
CFRP strip external transverse shear reinforcement with a steel anchoring device together with the externally applied load.

Figure 8. (a) R/C T-beam without an FRP strip (b) R/C T-beam with an open hoop FRP strip simply attached. (c) Open
hoop FRP strip anchored with a mechanical anchor. (d) Open hoop FRP strip anchored with a rope FRP anchor.
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Figure 9. Testing three different open hoop CFRP strips employing a “unit T-beam” loading arrangement. (a) R/C “unit
T-beam” with an open hoop FRP strip simply attached. (b) R/C “unit T-beam” with an open hoop FRP strip anchored with
a mechanical anchor. (c) R/C “unit T-beam” with an open hoop FRP strip anchored with a rope FRP anchor.

The following limit states were expected to occur during the “unit T-beam” loading.
(a) Debonding of the CFRP strip of the concrete bond surface; (b) tensile rupture of the CFRP
strip; (c) failure of the anchoring device. In all these “unit T-beams” shear strengthening
schemes, shown in Figures 8a–d and 9a–c, open hoop CFRP strips were employed in an
effort to avoid breaking the RC slab of the “unit T-beam”, apart from drilling relatively
small diameter holes. This technique is designed to be applied in the same way to the full-
length prototype RC T-beams, providing in this way a construction retrofitting technique
that has a significant practical advantage. In the first scheme, the open hoop CFRP strip
was simply attached at the sides (webs) and bottom of the “unit T-beam”, as shown in
Figures 8b and 9a, leaving the R/C slab undisturbed (Lu et al., 2005 [35], Wu et al., 2010 [36],
Manos et al., 2013 [37]). Alternatively, in the second scheme, the open hoop CFRP strip
was again attached at the sides of the “unit T-beam” employing this time side mechanical
anchors devised by the authors [48], as shown in Figures 8c and 9b. Finally, in the last
shear retrofitting scheme (Figure 8d), before attaching the open hoop CFRP strip at the
sides and bottom of the R/C T-beam, as was carried out before, a CFRP anchor rope, which
was specially provided by the FRP industrial suppliers [52], was inserted from the top of
the slab through 16 mm diameter holes that were drilled for this purpose, as shown in
Figures 8d and 9c. After this, CFRP anchor rope is placed in position through these holes
and its fibers are spread out at the sides of the “unit T-beam” in such a way that this rope
becomes flat and obtains a considerable width in order to be attached to the open hoop
CFRP strip placed from the bottom of the T-beam. Epoxy resin is used to both fill the fibers
of this CFRP anchor rope as well as to attach these spread rope fibers to the fibers of the
open hoop CFRP strip. The same retrofitting process was also applied when upgrading in
shear the prototype RC T-beam, as described in Section 2.2.
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Figure 10. (a) 1st strengthening scheme of R/C T-beam (see also Figures 8b and 9a). (b) 2nd strengthening scheme of R/C
T-beam (see also Figures 8c and 9b). (c) 3rd strengthening scheme of R/C T-beam (see also Figures 8d and 9c).

2.2. Four-Point Bending of a Prototype RC T-Beam with Various Shear Retrofirring Schemes

The full-length prototype RC T-beam described earlier (Figure 5a–c) was tested under
four-point bending loading in order to quantify its shear capacity under the following
four distinct stages. This prototype RC T-beam had, when tested during all four stages
described in detail from (a) to (d) in what follows (Figures 5 and 10a–d), a clear span equal
to 2700 mm. The central vertical load was monotonic and was applied through a stiff
steel girder supported at the upper side of the T-beam at two points located 900 mm from
the two end vertical supports. This vertical load was measured by a load cell located at
mid-span, whereas the vertical deflections were recorded by displacement transducers at
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mid-span as well as at the two locations coinciding with the two points of applied load as
indicated in Figure 5c.

(a) At this virgin stage, the prototype RC T-beam, having its east and west parts in-
tentionally deficient in shear, was loaded prior to any shear retrofitting (Figure 5c)
until the appearance of diagonal cracks, indicating that the shear capacity limit state
was reached.

(b) At this 2nd stage, the 1st shear strengthening scheme was applied by employing the
external application of open hoop CFRP strips. At the West part, four (4) 3-layer open
hoop CFRP strips were employed (Figure 10a) having 0.131 mm thickness, 100 mm
width, and spaced at 200 mm intervals measured from their centerline. These West
part CFRP strips employed the anchor scheme of Figures 8c and 9b. At the East part,
four (4) 3-layer open hoop CFRP strips were employed again, the same as at the
west part of the T-beam, however, without any anchors (Figures 8b and 9a). Each
CFRP strip layer was 0.131 mm thick and 100 mm wide and were spaced at 200 mm
intervals measured from their centerline, as were the CFRP strips at the East part.
This was carried out in order to study the debonding mode of failure for the CFRP
strips attached to this part. As will be discussed in Section 4, the limit state, in this
case, was the debonding of the unanchored CFRP strips of the East part.

(c) At this 3rd stage, the 2nd shear strengthening scheme was applied. The two debonded
at the previous stage unanchored CFRP strips, located at the East part, were replaced
by three closed hoop CFRP anchor rope stirrups each with a cross-section equal to
28.0 mm2 (see Section 3.3). Holes were drilled in the slab of the specimens for these
closed hoop ropes to go through, whereas these ropes took the shape of a CFRP strip
along the webs and the bottom side of the specimen. The CFRP strips anchored with
steel anchored devices at the West part were left without any modification because
they did not exhibit signs of any distress during the previous stage (Figure 10b).

(d) Finally, at the 4th stage, the 3rd strengthening scheme was applied. It involved
flexural strengthening consisting of five (5) CFRP layers (each layer being 0.131 mm
thick and 120 mm wide) attached at the bottom side of the T-beam specimen, as is
depicted in Figure 10c.

The obtained response during all these four distinct stages for the examined prototype
RC T-beam during the above four distinct stages are presented and discussed in Section 4.

3. Measured Response from Testing the Capacity and Force Transfer Mechanism of
External CFRP Shear Stirrups without or with an Anchoring Device Utilizing “Unit
T-Beam” Specimens

In what follows, the measured response obtained from two distinct sequences of tests
employing “unit T-beam” specimens with various types of CFRP stirrups, with or without
anchoring, is presented and discussed. Figure 11a,b depict the measured response in terms
of applied total tensile load versus the strain readings that developed at the locations
of the four strain gauges shown in Figure 9a–c. Figure 11a depicts a typical plot of the
measured response for the CFRP strips without any anchoring (Figures 8b and 9a), whereas,
Figure 11b is the corresponding typical response for the CFRP strips that are provided
with steel anchors in addition to bonding at the sides of the “unit T-beam” specimens
(Figures 8c and 9b).

It can be seen in Figure 11a, although the strain readings exhibit quite a different
variation versus the applied load at the initial stages of the loading sequence, the strain
value recorded by all four strain gauges becomes almost identical when the load reaches
its maximum value prior to the debonding failure. The strain readings at locations s.g.1
and s.g.3 increase in a more gradual trend with the load increase. This should be attributed
to the CFRP—concrete volume interaction at the bonding surface, which is not uniform
from the beginning of the loading sequence. From the strain recordings, it can be seen that
the CFRP strips are more stressed at the lower side (near the location where the load is
applied) rather than the upper side. This process depends on the amplitude of the load and
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how the bond surface interacts with the CFRP strip and the host concrete surface. During a
previous investigation performed by the authors, it was shown that the proper treatment of
this host concrete surface prior to bonding of the CFRP strips could result in a substantial
increase in the corresponding force transfer capacity [37]. As expected, the presence of the
anchoring devices diminishes the importance of this bonding mechanism because the force
transfer mechanism and the corresponding capacity depend primarily on the effective
performance of the anchoring device. The steel anchoring device employed here has been
developed and patented by the authors [48] to be effective after being through numerous
laboratory tests.

10,000 

Figure 11. Typical strain gauge readings during the loading process of the CFRP strips bonded to the “unit T-beam”
specimens (a) CFRP strips without any anchors (Figures 8b and 9a) (b) CFRP strips with steel anchors (Figures 8c and 9b).

As can be seen in Figure 11b, the variation of the strain readings against the load at
the four strain gauge locations, when the anchor devices are present, are not very different.
At the maximum load for this case, the readings at locations s.g.1 and s.g.3 are almost the
same and larger than the corresponding readings at locations s.g.2 and s.g.4. This must
be attributed to the fact that the presence of the anchoring device disturbs the uniformity
of the axial stress field at close proximity to these anchoring devices, whereas this axial
stress field is certainly less disturbed at the level of s.g.1 and s.g.3. Following this rationale,
the maximum average axial strain value measured at locations s.g.1 and s.g.3 is utilized in
Table 2, which includes a summary of the obtained results

Table 2. Results of “unit T-beam” specimens with open hoop CFRP strips with and without the use of mechanical anchors
(Figures 8a–d and 9a–c).

“Unit T-beam” Specimen Code Name

Maximum Average
CFRP Strip Axial Strain

Values Measured at
Locations s.g.1–3

(μstrain)

Total
Maximum
Measured
Axial Load

(kN)

Total Axial Load (kN) Obtained
from the Max Average CFRP

Axial Strain Values Measured at
Locations s.g.1–3/

Failure Mode

(1) (2) (3) (4)

CSN1 * single CFRP layer without anchor,
Figures 8b and 9a 5670 27.94 34.17/

Debonding

CRN1 ** single CFRP layer without anchor,
Figures 8b and 9a 7114 42.67 42.87/

Debonding

CSP2s * CFRP with two layers and mechanical
anchoring of Figures 8c and 9b 9518 113.0 114.71/

Fracture of FRP

CRP2s ** CFRP with two layers and
mechanical anchoring of Figures 8c and 9b 8689 102.7 104.72/

Fracture of FRP

* No special treatment of the bond surface apart from careful cleaning. ** The bond surface was made rough with a special hammer.
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3.1. “Unit T-Beams” with Open Hoop CFRP Strips Employing Specific Mechanical
Anchoring Devices

The tested “unit T-beam” specimens in this sequence are listed in column (1) of Table 2
with their code name stating the presence (or not) of an anchoring device for the CFRP
strips. Moreover, the preparation of the concrete surface where the CFRP is attached is also
indicated. Column 2 of Table 2 lists the average maximum value of the axial strain that
was measured at locations s.g.1 and s.g.3 [53]. Column (3) of Table 2 lists the maximum
total applied load value during each test. Column (4) lists the value of the total axial load
based on the measured average maximum axial strain value (column 2) and the measured
Young’s modulus value of the used CFRP strips equal to 234 GPa. It is assumed that the
CFRP strips of the tested specimen develop this maximum strain value for the whole width
of its cross-section at both sides of the “unit T-beam”. Each CFRP layer had a thickness of
0.131 mm and a width of 100mm. A reasonably good agreement can be seen by comparing
the measured total maximum load values (Table 2 column 3) with the corresponding values
calculated in the way described earlier (Table 2 column 4). It can be concluded that, for
design purposes, it is very important to be able to ascertain with confidence the axial
strain level that can be assumed to arise in these FRP strips. Towards this objective, it is
important to approximate the effectiveness of the bonding surface or of a specific anchoring
device and on this basis to adopt the appropriate axial strain value for the FRP strips. The
following summarizes the most important observations of the behavior exhibited by either
the used CFRP strips or the specific mechanical anchoring devices used in these tests.

(a1) The debonding of the CFRP strip from the concrete surface was observed for
strain/stress levels well below the strain limits given by the manufacturers of the FRP
materials. The strain/stress levels accompanying this debonding mode of failure con-
tinually decrease when one increases the layers of the FRP strip, and consequently its
thickness and cross-sectional area, rendering such layer increase totally ineffective unless
it is combined with some type of anchoring. This type of failure, which is expected to
occur in similar practical applications, is depicted in Figure 12a as observed during the
current investigation.

   (b) (a) (c) 

Figure 12. (a) Debonding mode of failure. (b) Failure of the anchoring scheme accompanied with debonding. (c) Tensile
failure of the FRP strip.

(a2) From the preceding discussion, it becomes obvious that the debonding mode
of failure prevails in almost all cases where an open hoop FRP strip is simply attached
without any anchoring. However, the effective anchoring of such an open hoop FRP strip
is not easy. Thus, the second category of modes of failure includes limit states in which the
final debonding and failure of the FRP strip is a result of the interaction between the FRP
strip and the used anchoring scheme. In many cases, the employed anchoring scheme is
insufficient to withstand the level of axial force that the FRP strip can withstand by itself in
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ideal axial tension conditions leading to either local failure of parts of the anchoring scheme
or local failure of the FRP strip in areas neighboring the anchor or both. Again, the increase
of the layers of the FRP strip, and consequently of its thickness and cross-sectional area,
results in a corresponding increase in the demands on the various parts of the anchoring
scheme to withstand this increased CFRP strip capacity leading to partial successive failure
of the anchoring device. This type of failure is depicted in Figure 12b as was observed
during the current investigation for an anchoring scheme that proved ineffective and is not
reported further in this paper.

(a3) The final mode of failure is in a form of tensile failure of the FRP strip. The
closer this tensile failure resembles an ideal symmetric axial tensile failure of the FRP
strip the higher the axial strain/stress levels that would develop, thus, resulting in higher
exploitation of the capabilities of the FRP material. This desirable FRP strip performance is
observed when the used anchoring scheme is effective in inhibiting any asymmetric local
deformation patterns for the axial tensile force levels that correspond to such relatively high
strain/stress levels of the FRP strip. The final limit state condition is that of the fracture of
the FRP strip that is obviously preceded by its debonding. This type of failure is depicted
in Figure 12c, as observed during the current investigation. For a given effective anchoring
scheme linked with an FRP strip having a given number of layers, a successive increase in
the number of layers will eventually lead to the failure of the anchoring scheme, unless it is
properly redesigned.

3.2. “Unit T-Beams” with Open Hoop CFRP Strips Employing CFRP Anchor Ropes

This section presents the measured response obtained from an additional loading
sequence investigating a different type of anchoring scheme (Figure 13a) utilizing again the
“unit T-beam” loading process. This time, before attaching the open hoop CFRP strip at the
sides and bottom of the R/C beam, a CFRP anchor rope is inserted from the top through
16mm diameter holes that are drilled in the R/C slab of the T-beam for this purpose. The
effective cross-sectional area of this CFRP rope is equal to 33.1 mm2 and Young’s modulus
is equal to 240 GPa. After this CFRP anchor rope has been placed in position through these
holes, its fibers are spread at the sides of the beam in a way that this rope becomes flat and
obtains a considerable width in order to be attached to the single-layer open hoop CFRP
strip, which is put in place from the bottom of the T-beam. This anchoring scheme was
studied in two different ways. First, one anchor rope was used with its axis located at the
mid-axis of the width of the open hoop CFRP strip.

 
 

(b) (c) (a) 

Figure 13. (a) R/C T-beam with an attached open hoop FRP strip anchored with an FRP anchor. (b) Mode of failure of
specimen SW600C/1 No 1. Fracture of the CFRP rope. (c) Mode of failure of specimen SW600C/2 No 1. Fracture of the
CFRP strip.
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First, there are the three specimens, using a single anchor rope, with the code name
SW600C/1 No1, No2, and No3 (column1, Table 3). In addition, a double anchor rope
was placed side-by-side along the width of the open hoop CFRP strip. There are four
specimens utilizing this double anchor rope with the code name SW600C/2 No1, No2,
No3, and No4 (coulmn1, Table 3). In column 2 of Table 3, the total maximum measured
load for each specimen is listed, whereas, column 3 lists the average values of the axial
strains measured at both sides of the CFRP strip at the time instant that the specimen was
subjected to the maximum load value of column 2. Column 4 of Table 3 lists the axial load
valued obtained on the basis of the strain values of column 3 (with the value of Young’s
Modulus equal to 234 GPa) and the cross-sectional area of the CFRP strip. Because this
anchoring scheme used in all these cases is not expected to disturb the distribution of the
axial stress field at the location of the four strain gauges, the average value of all four strain
gauges during the occurrence of the maximum load is utilized in Table 3. The following
are the main observations.

Table 3. Measured tensile capacity of open hoop CFRP strips anchored with CFRP ropes.

Code Name of
Specimen

Maximum Value
of the Total

Measured Axial
Load (KN)

Average Strain from
Both Sides of the Strip

at Maximum Load
(μstrain)

Total Axial Load (kN)
Obtained from the Average

CFRP Axial Strains Measured
at Maximum Load

Mode of Failure

(1) (2) (3) (4) (5)

SW600C/1 No 1
1 layer CFRP *,

single anchor rope **
60.88 3900 60.42 Fracture of anchor

rope at upper corner

SW600C/1 No 2
1 layer CFRP *,

single anchor rope **
68.76 4400 68.16 Delamination of FRP

strips from anchor

SW600C/1 No 3
1 layer CFRP *,

single anchor rope **
68.72 4400 68.16 Fracture of anchor

rope at upper corner

SW600C/2 No 1
1 layer CFRP *,

double anchor rope **
79.46 5200 80.55 Fracture of FRP strip

SW600C/2 No 2
1 layer CFRP *,

double anchor rope **
97.18 6400 99.14 Fracture of FRP strip

SW600C/2 No 3
1 layer CFRP*,

double anchor rope **
61.86 4200 65.06 Fracture of FRP strip

SW600C/2 No 4
1 layer CFRP *,

double anchor rope**
105.98 5300 82.10 Fracture of FRP strip

* 1 layer CFRP strip Area A1 = 33.1 mm2. ** CFRP Anchor Rope Area A2 = 28.0 mm2.

(a2) When a single CFRP rope was used in the anchoring scheme of the 1-layer open
hoop CFRP strip, the observed failure was mainly at this anchor rope (see Figure 13b). On
the contrary, when double CFRP anchor ropes were used to anchor the open hoop CFRP
strips the obtained tensile capacity resulted in an effective anchoring scheme leading to the
tensile fracture of the single-layer CFRP strip (Figure 13c).

(b2) As can be seen from the obtained maximum axial load values listed in Table 3
(column 2), when a single CFRP anchor rope is used the average maximum axial load value
is equal to 66.12 kN (SDEV = 4.54 kN, 6.9% of the average maximum value). In comparison,
when double CFRP anchor ropes are used then the average maximum axial load value is
equal to 86.12 kN (SDEV = 19.58 kN, 22.7% of the average maximum value), representing a
substantial increase. The use of double anchor ropes also succeeded in changing the mode
of failure from the anchor rope to the CFRP strip in all cases, which should be considered
as a preferable performance.
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(c2) A relatively large SDEV value in the axial tensile load capacity results can be seen
when double anchor ropes are used. This indicates a degree of uncertainty in achieving
desired high values of tensile bearing capacity when applying a relatively large number of
anchor ropes. The largest measured tensile capacity when using double anchor ropes is
equal to 105.98 kN, which represents a 60% increase from the measured average capacity
when using a single anchor rope. At the same time, the smallest bearing capacity when
using double anchor ropes is equal to 61.86 kN, which represents a 7% decrease from the
measured average capacity when using a single anchor rope. This should be attributed to
the interaction between the anchor ropes and the CFRP strip at the common bond surface
and should be investigated further.

(d2) Reasonably good agreement can be seen by comparing the measured total maxi-
mum load values (column 2 of Table 3) with the corresponding values calculated in the
way described earlier (column 4 of Table 3), with the exception of the specimen listed in the
last row of Table 3. It can be again concluded that for design purposes it is very important
to be able to ascertain with confidence the axial strain level that can be assumed to be able
to be sustained in these CFRP strips. Towards this objective, it is important to approximate
the effectiveness of the bonding surface or of a specific anchoring device and on this basis
to adopt the appropriate axial strain value for the CFRP strips.

3.3. “Unit T-Beams” with Either Closed Hoop CFRP Strips or Closed Hoop Single CFRP
Anchor Rope

In order to have a direct measurement of the tensile capacity of either the CFRP strips
themselves or the CFRP anchor ropes when in position, extra “unit T-beam” specimens
were constructed whereby the CFRP strip (specimens ref-1 and ref-2, Figure 14a,b) and the
CFRP rope (specimens SWFX No1, No2 and No3, Figure 14c,d) were accommodated in a
closed hoop formation and were subjected to the same loading arrangement depicted in
Figure 9c. The obtained results are listed in Table 4.

a) 
c) 

b) 
d) 

Figure 14. (a) “Unit T-beam” specimens CFRP strip Ref-1 and Ref-2. (b) Failure mode of specimen CFRP strip Ref-1.
(c) “Unit T-beam” specimens CFRP Rope SWFX No1, No2 and No3. (d) Failure mode of specimen CFRP Rope SWFX No 2.

As can be seen from the obtained maximum axial load values listed in Table 4, when
a closed hoop single CFRP anchor rope is used the average maximum axial load value
is equal to 70.79 kN (SDEV = 4.21 kN, 5.9% of the average maximum value). When a
closed hoop single CFRP strip is used, the average maximum axial load value is equal
to 85.63 kN (SDEV = 18.43 kN, 21.52% of the average maximum value). From these
maximum load values, it can be concluded that when the used single layer CFRP strip is
anchored with a single CFRP anchor rope the tensile failure is expected to occur at the rope
(70.79 kN < 85.63 kN). On the contrary, when the used single layer CFRP strip is anchored
with a double CFRP anchor rope the tensile mode of failure is expected to occur on the
CFRP strip (85.63 kN < δ * 70.79 kN, with the value of δ being larger than 1.25 signifying
the degree of effectiveness of the double anchor rope when compared to that of a single
anchor rope, given the uncertainty of the performance of multi-anchor ropes described in
Section 3.2 and Table 3.
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Table 4. Measured tensile capacity of either closed hoop CFRP or closed hoop CFRP anchor ropes (Figure 14a,d).

Code Name of Specimen

Maximum
Total Measured

Axial Load
(KN)

Average Strain from
Both Sides of the Strip

at Maximum Load
(μstrain)

Total Axial Load (kN)
Obtained from the FRP

Axial Strains Measured at
Maximum Load

Mode of Failure

CFRP Strip Ref-1 Closed
hoop strip * 98.66 6600 102.23 Fracture of FRP strip

CFRP Strip Ref-2 Closed
hoop strip * 72.60 5100 79.00 Fracture of FRP strip

CFRP Rope SWFX No 1
Closed hoop anchor rope ** 69.08 - - Fracture of anchor rope

CFRP Rope SWFX No 2
Closed hoop anchor rope ** 75.58 - - Fracture of anchor rope

CFRP Rope SWFX No 3
Closed hoop anchor rope ** 67.70 - - Fracture of anchor rope

* 1 layer CFRP strip Area A1 = 33.1 mm2. ** CFRP Anchor Rope Area A2 = 28.0 mm2.

4. Results of the Measured Behaviour of a Prototype R/C T-Beam in Its Virgin
Condition as Well as Being Upgraded in Shear with Various External CFRP Strips

In what follows, the measured response of the tested prototype RC T-beam during the
four distinct stages of sequentially applying is described in Section 2.2. CFRP strip shear
retrofitting schemes are presented and discussed.

4.1. Virgin Prototype RC T-Beam without Any External CFRP Strip Shear Reiforcement

Initially, this prototype RC T-beam was loaded at its virgin stage until the shear limit-
state was reached with the appearance of diagonal shear cracking patterns at the East
and West parts for a maximum shear force value equal to 57.39 kN. This is depicted in
Figure 15.

East part West part 

Figure 15. Virgin prototype RC T-beam that reached a shear limit state under four-point bending.

4.2. Prototype RC T-Beam witht External CFRP Strip Shear Reiforcement Which Includes at the
East Part Unancored CFRP Strips (1st Shear Strengthening Scheme)

The limit state this time (1st shear strengthening scheme, Figure 16) resulted, as
expected, in the debonding mode of failure of the East side unanchored CFRP strips as
shown in Figure 17b for a shear force equal to 166.77 kN. The corresponding maximum
bending moment value is equal to 150.09 kNm. This shear force value is more than
three times larger than the shear capacity measured for the un-strengthened virgin T-
beam. The variation of the applied shear force versus the vertical deflection of the virgin
and the strengthening with this 1st shear strengthening scheme T-beam is depicted in
Figure 18a, whereas, Figure 18b depicts the comparison of the measured bending moment
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response between the Virgin T-beam and the T-beam having been retrofitted with the
1st strengthening scheme (a-Shear force versus the deflection at mid-span, b-Bending
moment versus the deflection at mid-span). A comparison of the modes of failure after
the maximum load was reached is depicted in Figure 17a for the virgin T-beam without
any external shear CFRP strips (development of diagonal shear cracks), and in Figure 17b
for the T-beam retrofitted according to the 1st shear strengthening scheme. As can be
seen in Figure 17b, the limit state, in this case, was the debonding of the open hoop CFRP
strips without anchoring. It is important to underline that the West part of this T-beam,
although subjected to the same shear force level as the East part, did not show signs of
any distress. This is due to the presence of the effective anchors that accompanied the
open hoop CFRP strips at this location. The design of this CFRP anchoring scheme was
facilitated by specially designed software [47] as well as valid numerical simulations [51].

Figure 16. The East and the West parts of the prototype RC T-beam with the 1st shear strengthening scheme under four-point
bending.

Figure 17. Comparison of failure modes between the prototype RC Virgin T-beam and this T-beam having been retrofitted
with the 1st strengthening scheme. (a) Diagonal shear cracks at the East part of the Virgin T-beam. (b) The debonding of
two open hoop CFRP strips without anchoring at the East part of this T-beam retrofitted with the 1st strengthening scheme.

4.3. Prototype RC T-Beam witht External CFRP Shear Reiforcement Having all the CFRP Stirups
Either Anchored at the West Part or Closed CFRP Rope Both at the East Part (2nd Shear
Strengthening Scheme)

At this stage (2nd shear strengthening scheme), the two debonded at the previous
stage unanchored CFRP strips, located at the East part, were replaced by three closed hoop
CFRP anchor rope stirrups similar to the one tested in Section 3.3 (see Section 2.2 and
Figure 10b). These closed hoop CFRP ropes can be seen in Figure 19a, whereas, Figure 19b
depicts the traces of the diagonal cracks. Further development of these diagonal cracks
was successfully prohibited by these closed hoop anchor ropes.
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Figure 18. Comparison of the measured response between the Virgin RC prototype T-beam and this T-beam having been
retrofitted with the 1st strengthening scheme. (a) Shear force versus the deflection at mid-span. (b) Bending moment versus
the deflection at mid-span.

Figure 19. (a) The 2nd strengthening scheme (East part). (b) Diagonal shear cracks at the East part of the prototype RC T-beam,
which were checked by the applied CFRP anchor poles.

Figure 20a,b depicts the comparison of the measured response between the Virgin
T-beam and the T-beam having been retrofitted with either the 1st or 2nd strengthening
scheme (a-Shear-force versus the deflection at mid-span, b-Bending-moment versus the
deflection at mid-span). This 2nd strengthening scheme was capable of upgrading the shear
resistance of the specimen in such a way that the flexural mode of failure developed this
time. This is evident from the ductile nature of the variation of either the shear force
(Q, Figure 20a) or the bending moment (M, Figure 20b) response versus the deflection at
mid-span. The maximum shear force recorded for the 2nd shear strengthening scheme was
equal to 197.43 kN and the corresponding maximum bending moment value was equal to
177.68 k Nm.

4.4. Prototype RC T-Beam witht External CFRP Shear Reiforcement Having All the CFRP Stirups
Either Anchored at the West Part or Closed CFRP Rope Both at the East Part Together with a
Flexural Upgrade (3rd Strengthening Scheme)

Finally, for the 3rd strengthening scheme 3, whereas all types of external shear CFRP
stirrups were left unchanged from the previous stage, a flexural strengthening was added
consisting of five (5) CFRP layers (see Section 2.2). This is also depicted in Figure 21 (see
also Figure 10c). This is evident from the measured shear force (Q) or bending moment
(M) response versus the deflection at mid-span depicted in Figure 22a,b, respectively.
The maximum shear force recorded for the 3rd shear strengthening scheme was equal
to 229.55 kN and the corresponding maximum bending moment value was equal to
206.60 kNm. The used flexural strengthening scheme prohibited the development of any
flexural mode of failure, as was the case for the 2nd strengthening scheme, and allowed
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the development of the shear limit state. This was of course a research objective, whereas
the design objective is the ductile flexural response to prevail. In Figure 23a the West part
of this 3rd strengthening scheme of the prototype RC T-beam prior to testing is shown; the
externally bonded CFRP strips anchored with mechanical anchor [48] can be seen in this
figure. The same West part of this T-beam is shown in Figure 23b at the end of testing for
this 3rd strengthening scheme. The amplitude of the stress levels that developed at the
CFRP strips and their anchors during this loading sequence led to the partial failure of
the used anchoring devices when the applied load reached its maximum value as sown in
Figure 23b. The widening of the shear diagonal cracks at this West part and the consequebt
partial crushing of the concrete volume in the anchoring region reduced considerably the
effectiveness of this anchoring scheme and led to the observed considerable decrease in the
shear capacity of the tested T-beam (Figure 22a).

 
Figure 20. Comparison of the measured response between the prototype RC Virgin T-beam and this T-beam having been
retrofitted with the 1st and 2nd strengthening schemes. (a) Shear force versus the deflection at mid-span. (b) Bending moment
versus the deflection at mid-span.

 
Figure 21. The 3rd strengthening scheme. Open hoop CFRP strips with mechanical anchors at the West part and closed
hoop anchor ropes at the East part (The same as in Strengthening scheme 2). The flexural upgrade of the 3rd strengthening
scheme consisted of five (5) CFRP layers (each 0.131 mm thick and 120 mm wide) attached at the bottom side of the
T-beam specimen.
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Figure 22. Comparison of the measured response between the prototype RC Virgin T-beam, this T-beam having been
retrofitted with the 1st, 2nd, and 3rd strengthening schemes. (a) Shear force versus the deflection at mid-span. (b) Bending
moment versus the deflection at mid-span.

Figure 23. (a) The 3rd strengthening scheme (West part). (b) The widening of the shear diagonal cracks and the partial
crushing of the concrete volume in the anchoring region reduced considerably the effectiveness of this anchoring scheme.

5. Discussion of the Shear Performance of the Prototype R/C T-Beam without and with
Shear Strengthening

This section summarizes the observed performance of the tested prototype RC T-beam
when virgin and compared it with the corresponding performance of the same T-beam
being retrofitted with the described in Section 4 strengthening schemes 1st, 2nd, and 3rd.

Table 5 lists the measured response in terms of the maximum measured values of shear
force (Qm) and bending moment (Mm) for the virgin T-beam, and the corresponding values
for the T-beam being retrofitted in three distinct stages as described in Sections 2.2 and 4.
The same table also lists predicted maximum shear force and bending moment values, as
will be described in what follows. In columns (1) and (2) of this table, the description of
this T-beam and the relevant retrofitting scheme is described in brief. Columns (3) and (4)
of Table 5 list the measured maximum values of the shear force and the bending moment,
respectively. In column (3), the measured increase in the maximum shear force (Qm) that
could be resisted during the relevant test, as a result of the applied strengthening scheme, is
also listed. These increased values (%) were obtained using as a basis the maximum shear
force measured for the virgin T-beam. It must be underlined again here that this specimen
was intentionally under-designed in shear. Because of this, the increase in shear capacity
that was finally achieved reached 300%. However, in practical cases whereby the structural
member will possess a certain level of initial shear capacity from the existing internal shear
steel reinforcement, the shear capacity increase by such retrofitting is expected to reach a
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rather modest value. The following are the important points that must be considered here
from the presented results.

Table 5. Measured maximum shear force and bending moment values for the virgin and retrofitted specimen and
corresponding predicted values.

Description of
Tested T-Beam

Retrofitting
Description

Maximum
Measured Shear

Force Qm

(kN)/increase %

Maximum
Measured
Bending

Moment Mm

(kNm)

Observed
Mode of Failure

Predictions
Shear Capacity

Vp (kN)/
Flexural Capacity

Mp (kNm)

(1) (2) (3) (4) (5) (6)

Virgin — Qm = 57.39/0% Mm = 51.65 Diagonal Shear cracks Vp =51.0 [58]
/Mp =173.07

1st shear
strengthening

scheme

Unanchored single
layer shear CFRP strips Qm = 166.77/190.6% Mm = 150.09

Depending on unanchored
CFRP open hoop strips (East).
Anchored CFRP strips (West)

performed OK

strip debVp = 115.11
/Mp = 173.07

2nd shear
strengthening

scheme

Anchored single layer
shear CFRP strips

(West) or anchored
ropes (East)

Qm = 197.43/244.0% Mm = 177.68

Anchored CFRP ropes (East)
and anchored CFRP strips

(West) performed OK.
Flexural mode of failure

strip rupVp =151.11
rope rupVp =146.14

/Mp =173.07

3rd flexural
strengthening

scheme

Five (5) CFRP layers
attached at the bottom
side of the T-beam for

flexural upgrading

Qm = 229.55/300.0% Mm = 206.60

Anchors of CFRP strips were
damaged (West).

Anchored CFRP ropes (East)
performed OK

strip rupVp = 151.11
rope rupVp = 146.14

/Mp =206.26

- The 1st Strengthening scheme has the limitation of employing unanchored CFRP
strips. This limitation should be considered in design as it means that the full tensile
potential of the applied CFRP strip layers is not fully exploited.

- This limitation was dealt with by the 2nd strengthening scheme where all the parts
of the external shear CFRP reinforcement were either CFRP strips provided with
mechanical anchors (East) or closed hoop CFRP anchor ropes (West). This resulted
in such a considerable upgrade of the resulting shear capacity that this prototype
RC T-beam could not be forced enough in order to reach its shear capacity at this
retrofitting stage. It instead reached its flexural limit state.

- Because of this, the 3rd strengthening scheme was applied in order to upgrade the
flexural capacity of the prototype RC T-beam at this stage in order to prohibit the
flexural failure and to lead towards reaching again a shear limit state. This time, the
shear limit state appeared in the form of partial failure of the employed mechanical
anchoring devices, which became ineffective, as described. This fact points to the
importance of designing the anchoring system to be able to sustain the full poten-
tial capacity of the CFRP strips that are supported by it. As was underlined with
the first comment, the full tensile potential of the applied CFRP strip layers is not
exploited either because of the premature debonding or of the failing of the employed
anchoring devices.

- All the above require a careful step-by-step design of all these partial aspects of a
shear retrofitting scheme, as will be also discussed below.

In column 6 of Table 5, the predicted shear force (Vp) and bending moment (Mp)
capacity values are listed based on the detailing of the original virgin T-beam together
with all the additional CFRP detailing of each retrofitting scheme. Towards this objective,
a software built for this purpose was utilized, that calculated both the shear and flexural
capacity of such a T-beam [49] at the various stages. The calculations to obtain the flexural
capacity are based on a well-established theory of the RC cross-sections assuming as limit
states either the yield and fracture of the longitudinal tensile reinforcement or the limit
tensile strain (0.7%) of the longitudinal CFRP strip attached at the bottom side of such
a T-beam together with the compressive limit-state of the top fiber of the cross-section
(0.3% limit compressive strain). All the measured geometric details of the T-beam cross-
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section and mechanical properties of all the used materials (see Section 2), are utilized
by this software as input data. Towards obtaining the shear capacity predictions (Vp)
for the tested T-beam, use is made of the contribution by the concrete part (Vc) adopting
the formula proposed by Zsutty [58]. The contribution of the various schemes of CFRP
external shear reinforcement (VCFRP) is added on the concrete contribution, as shown by
the following Equations (1) and (2), where the cross-section of a single CFRP strip is equal
to ACFRP the CFRP Young’s modulus is equal to ECFRP and εCFRP is the maximum tensile
strain level assumed to develop at the CFRP strip being crossed by the diagonal shear
cracks. Coefficient 2 at the front of the right part of Equation (2) accounts for the fact that
the development of the diagonal shear crack is resisted by both sides of the hoop-shaped
shear reinforcement surrounding the T-beam cross-section from both sides.

Vp = Vc + VCFRP (1)

VCFRP = 2·ACFRP·ECFRP·εCFRP (2)

The provisions of the Greek guidelines [12] for retrofitting RC structural elements with
externally attached FRP strips are utilized to calculate the CFRP external shear contributions.
These guidelines provide upper acceptable limits for the tensile strain (εCFRP) that such
external shear reinforcement is allowed to develop. This tensile strain limit has a relatively
low value for unanchored FRP strips, thus taking into account the debonding mode of
failure. As indicated by Equation (1), the shear CFRP strip contribution is added to
the shear contribution of the concrete resulting in the shear force predictions assuming
debonding limit-state which is denoted as strip debVp in Table 5 column 6. The presence of
an anchoring system or closed hoop strips leads to accepting relatively higher tensile strain
values (εCFRP) than before, according to the same provisions. In this case, the presence of
anchoring or the nature of closed hoops is assumed to lead to the tensile rupture of the FRP
material as limit-state. Again, applying Equation (2) and assuming as limit-state the rupture
of the CFRP (either strip or rope) the corresponding shear capacity predictions are obtained
which are denoted as either strip rupVp or rope rupVp (Table 5 column 6). In predicting
the shear force or bending moment capacities, in the way described, the safety coefficients
adopted in relevant design guidelines were set to be equal to 1. This way of obtaining
the shear force capacity of RC beams strengthened by external FRP shear reinforcement is
in line with the rationale followed by many relevant design guidelines [12,59–61] with a
varying degree of complexity. D’Antino and Triantafillou [62] present an extensive review
of a wide range of such design guidelines utilizing an extensive database of experimental
results of RC beams strengthened with externally applied shear FRP retrofitting schemes.
The following summarizes the main observations from comparing these predictions with
the corresponding measurements.

- The shear force capacity of the concrete, as found by the virgin beam results, is very
well predicted. The concrete shear force resistance is also kept when predicting the
total shear force resistance for the 2nd, 3rd, and 4th strengthening scheme. This is
due to the fact that the formation of diagonal cracking during the loading of the
virgin T-beam at all subsequent stages did not reduce this shear resistance because
the loading stopped before any significant widening of these diagonal cracks could
take place. All the subsequent shear retrofitting schemes managed to prohibit any
detrimental widening of these diagonal cracks till the last stage (last phase of loading
during the 4th strengthening scheme). This can be seen in Figure 23a,b.

- For the 2nd strengthening scheme, which exhibited flexural limit state, its measured
flexural capacity of the tested RC T-beam is also very well predicted Therefore, the
discrepancies between measured and predicted capacity values are limited to the
CFRP shear contributions.

- For the 1st shear strengthening scheme the predicted shear capacity value, based on
the debonding limit state, is equal to 69% of the measured value.
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- The 2nd shear strengthening scheme cannot be used for this purpose because during
this testing stage the shear capacity was not reached due to exceeding the flexural
limit state.

- The 3rd shear strengthening scheme can be used with certain reservations because
it is based on the assumption of the rupture of either the CFRP shear strips with
anchors or the CFRP closed hoop anchor ropes. However, the actual limit state,
as described, was that of partial damage of the used mechanical anchors. This is
a topic of a more detailed analysis beyond the current presentation. Despite this
limitation, a comparison of the predicted shear capacity values (based on the assumed
strip rupture limit state) with the measured value (actually resulting from the anchor
damage) reveals that the predicted shear capacity value corresponds to approximately
65% of the measured value.

- The above discrepancies would be larger if the comparison would be made excluding
the concrete shear force contribution. In this case for the case of debonding limit-state,
the predicted CFRP contribution is equal to 58.6% of the measured value which is
almost the same as for the case of the rupture limit-state whereby the predicted CFRP
contribution is equal to 58% of the measured value.

- A possible explanation for these discrepancies is the inherent conservativism in
the design guidelines reluctant to adopt either higher values of axial tensile strains
for these externally applied CFRP shear reinforcement than the ones assumed or
the participation of a larger number of CFRP strips than the ones assumed. This
conservativism is justified, up to a point, because during practical applications in situ
conditions, such as the preparation of the bond surface, the rounding of the corners,
the proper attachment of the CFRP strips or ropes were found to have an important
influence on the final effectiveness of such shear retrofitting schemes. In addition,
it was also shown that employing wider CFRP strips does not lead to the expected
increase in the shear capacity. Moreover, it must be underlined that the reported results
were obtained for monotonic slow-rate loading. Finally, as was shown by the 3rd shear
strengthening scheme of the current study, the performance of each of the adopted
anchoring scheme components is another additional critical step for the effectiveness
of a retrofitting scheme for practical applications. Various anchoring schemes are
proposed in the literature combined with specific externally applied CFRP retrofitting
schemes towards upgrading the flexural or the shear capacity of RC beams [45–57].
The importance of effective anchoring has been emphasized throughout this study.

6. Conclusions

- Using a simple laboratory test setup, devised by the authors, the tensile capacity of
CFRP strips without any anchors or with mechanical anchors or anchor ropes can be
found together with the corresponding tensile capacity and mode of failure of the
assembly (CFRP strip and anchor). This may be of practical use when testing the
effectiveness of such an external shear retrofitting scheme.

- An effective anchoring, using either a mechanical anchor such as the one devised
by the authors or a CFRP anchor rope produced by the industry, can upgrade sub-
stantially the shear capacity of a RC T-beam under-designed in shear. The examined
anchors in this study resolve the retrofitting difficulty created by the presence of RC
slabs, thus having an advantage in practical applications.

- The predicted, according to design guidelines, upgraded shear capacity of the tested
prototype RC T-beam with the used shear retrofitting schemes, under-estimate the
measured shear capacity by 58%. This conservatism can counter-balance uncertainties
arising from in situ conditions in constructing the various parts of such a shear
retrofitting scheme. It must be also underlined that the results presented here were
derived for monotonic and not for cyclic loading.

- The emphasis in this work was given to externally applied CFRP shear retrofitting
schemes by examining ways to counteract one of their basic disadvantages which
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is premature debonding. It must be underlined that this is not always possible.
Therefore, applying traditional RC jacketing schemes remains a valid alternative,
despite practical difficulties.

7. Patents

G. C. Manos, K. Katakalos, and V. Kourtides, “Construction System for Strengthening
an Existing Structure with Tension Sheets and a Respective Anchoring Device and Method”
Patent No: EP2336455-(A1), 2011.
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Abstract: Brittle failure is often observed in older reinforced concrete (R/C) buildings that have
been designed prior to the 1980s following an earthquake event. Since this has ramifications on any
subsequent repair protocol, it is important to quantify the remaining strength capacity for this class
of building to determine a retrofit strategy. Following along these lines, an analytical-numerical
methodology is presented for use as a third-tier seismic assessment which is based on a previously
developed second-tier strength assessment criterion coming from a procedure known as Rapid
Seismic Assessment (RSA). The assessment framework is performance-based, aiming to determine
whether estimated local drift demands can be tolerated without failure developing along the load
resistance path of substandard R/C buildings. This enables the development of guidelines for
modeling all possible strength mechanisms that occur in the structural system of substandard R/C
buildings. An application example using data provided by a benchmark experiment involving a
full-scale R/C building helps to illustrate and then validate the proposed modeling procedures and
establish their accuracy and efficiency for use by practicing engineers.

Keywords: reinforced concrete; substandard buildings; brittle failure; earthquake loads; rapid
seismic assessment

1. Introduction

Existing reinforced concrete (R/C) buildings encompass a variety of structures, rang-
ing from cases that were designed and constructed according to modern forms of detailing
(see ASCE/SEI 41-17 [1], EN1998-1 [2]) to structures that were built before the early 1980s
under design code frameworks (summarized in the FIB Bulletin 24 [3]) that are now of-
ten characterized as substandard. The seismic vulnerability of existing R/C buildings,
particularly that of substandard construction, is continuously demonstrated when strong
earthquakes strike urban areas (e.g., Loma Prieta 1989, Northridge 1994, Kobe 1995, Kocaeli
1999, Athens 1999, Bhuj 2001, Port-au-Prince 2010, Gorkha 2015, and Mexico City 2017).
Field observations have repeatedly suggested that most of the buildings that collapsed
did not show signs of flexural yielding (such as densely spaced flexural cracks normal to
the member axis), nor the development of any kind of global ductility prior to collapse.
Rather, it appears that most of the collapsed structures had formed a brittle mechanism
upon failure, marked by severe damage localization in a few areas with high shear demand,
such as the disintegration of exterior frame joints, shear failure of severely unconfined
captive columns, and soft-story damage in sway-frames.

Given the need for identifying among the vast inventory of existing R/C buildings
those cases that are potentially vulnerable to collapse, thus representing a serious hazard
to human safety in the event of a moderate or a strong earthquake, extensive research has
been conducted over the past three decades and different assessment procedures have
been developed. Analytical assessment procedures, also known as third-tier evaluation
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procedures (ASCE/SEI 41-17 [1], EN1998-3 [4], Greek Code of Structural Interventions [5],
FEMA-356 [6], Vamvatsikos and Cornell [7]) include the mathematical simulation of the
examined building using advanced numerical tools such as 3D finite element (FE) models
combined with elastic and/or inelastic analysis methods. This category of assessment
procedures enables the simulation of complex mechanisms throughout the structural
system of buildings and evaluation of demand and supply in R/C structures in terms of
deformation (either drift or ductility ratios at milestone performance points). Since they
originate from design procedures that were developed for modern R/C structures, most
of the analytical assessment procedures simulate the response of R/C members using
nonlinear moment-rotation envelope curves associated with zones of inelasticity-spread,
demonstrating a strain hardening, post-yielding plateau. However, in poorly detailed R/C
members, strength and deformation capacity seems to be controlled by localization of the
prevailing mode of failure which depends on the rate of degradation of the alternative
strength mechanisms with increasing ductility demand and load history [8–27]. In order
for the analysis results to be realistic, member resistance skeleton curves must necessarily
reflect the brittle modes of failure that typically prevail in poorly reinforced members,
a feature that leads to an unstable solution and lack of convergence with most Newton-
Raphson type schemes used to perform nonlinear structural analysis. This also affects the
post-processing of the numerical analysis results [28,29].

A new methodology for modeling member response of substandard R/C buildings for
seismic evaluation is presented here. This is motivated by the need for analytical modeling
tools that can effectively capture the seismic behavior of substandard R/C structural
elements. The proposed methodology can be used for a third-tier seismic evaluation
procedure, using commercial software that is easily accessible to practitioners. Concepts
from the strength assessment criterion in the Rapid Seismic Assessment (RSA) procedure
are adopted here (Pardalopoulos and Pantazopoulou [30], Pardalopoulos et al. [31,32]). A
core objective of the method is to determine whether or not the local drift demands can
be tolerated without failure along the load resistance path of substandard R/C buildings.
Building on the aforementioned concepts, we provide guidelines for modeling all possible
strength mechanisms that may develop in the various components of the structural system
of substandard R/C buildings. In order to validate the introduced modeling procedures and
to establish their accuracy and efficiency, an application example is presented, illustrating
in practical terms the steps needed for evaluating the seismic response of a substandard,
full-scale R/C test building.

2. Procedures for Simulating Strength Mechanisms in Substandard R/C Buildings

Contrary to analysis procedures used in the design of new R/C buildings that focus
on the numerical simulation of ductile resistance mechanisms in structural members (under
the proviso that all undesirable brittle failure modes will be capacity-designed and therefore
suppressed) in the analytical seismic assessment of poorly reinforced R/C buildings, the
potential prevalence of brittle-type mechanisms of resistance across the structural system
must be examined. The typical layout of the structural system of R/C buildings constructed
up to the early 1980s (at a time when construction details were still relatively primitive
since their role in the seismic response was not yet fully understood) included poorly
reinforced frames comprising columns of section sizes ranging between 250 mm and
500 mm, beams of a 150 mm to 250 mm width and 600 mm to 700 mm height (including
the slab thickness), and slabs with a thickness ranging between 120 mm and 160 mm.
Longitudinal reinforcement usually comprised relative low amounts of StI (fy = 220 MPa,
fu = 340 MPa) to StIII (fy = 420 MPa, fu = 500 MPa) smooth bars, lap-spliced to arbitrary
lengths and under poor confinement conditions. Column and beam stirrups were usually
6 mm to 8 mm, smooth, rectangular, StI bars (usually mild steel), with 90◦ hooks in the
ends, spaced at 200 mm to 300 mm on center (o.c.). Beam-column joints were usually
left without stirrups for the convenience of construction. Concrete quality was usually
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Bn150 to Bn200 as per DIN 1045 [33], corresponding to C12/15 and C16/20 concrete grades
according to EN1992-1-1 [34].

To address the need for an effective simulation of the seismic response of substandard
R/C buildings, the present research introduces new procedures for modeling the mecha-
nisms of resistance developing in old-type R/C structural elements. Based on the principles
of the RSA System [30–32], emphasis is placed on numerical simulation procedures that are
applicable to column lines of existing R/C buildings, non-conforming to modern standards
of seismic design and detailing. These lines usually collapse in a brittle manner, forming a
mechanism characterized by pronounced localization of damage in a few locations with a
high shear demand before there is a chance for the development of any form of redistri-
bution and ductility (see Lang and Marshall [35], Augenti and Parisi [36], Mehrabian and
Haldar [37], Dogangun [38], Joeng and Elnashai [39], and Varum [40]).

The modeling procedures introduced here include the simulation of the following
mechanisms: M1: non-linear flexural response of columns and beams; M2: shear failure
of the column web; M3: anchorage failure of longitudinal reinforcement of columns; M4:
attainment of the development capacity in column lap splices; and M5: beam-column joint
shear failure. The proposed procedures for simulating the seismic response of substandard
R/C buildings are summarized in Figure 1 and discussed in detail in the following sections.
Note that simulation of mechanisms {M2–M5} along column lines of existing R/C building
is meaningful only if they prevail over mechanism M1. According to the RSA system,
this occurs when the corresponding resistance ratios (r) that represent the shear strength
associated with the examined failure mode, normalized by the shearing force required in
order to support flexural yielding in the column, are equal to or greater than 1.0.

Figure 1. Simulation of strength mechanisms that develop within the structural system of substandard
R/C buildings. Hatched regions represent cross-sections of members extending normal to the plane
of view (e.g., slab and transverse beams).

2.1. Simulation of InelasticFlexural Response in Columns and Beams

Flexural behavior of R/C structural elements is associated with ductile member re-
sponse and materializes only if it can be supported by all other resistance mechanisms
developing along the element length. The inelastic flexural response is linked with the
formation of extensive cracking, perpendicular to the axis of bending of R/C elements,
in regions where the longitudinal reinforcement yields in tension. In columns and beams
subjected to earthquake loading, flexural cracking usually forms in both ends, in a length
approximately equal to twice the elements’ width. By way of contrast, in R/C beams
subjected to excessive gravity loading, the yielding of longitudinal reinforcement occurs at
locations of maximum values for the developing bending moment.
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Simulation of the inelastic flexural response of R/C elements may be performed
using different, alternative approaches that are documented in the international literature.
The most preferable approach in simulating inelastic flexural response in R/C elements
subjected to biaxial bending is the use of linear elements encompassing fiber discretization
of their cross-section [41]. According to this approach, the reinforcing bars plus the confined
and the unconfined concrete of an R/C structural element are all modeled as separate
fibers, possessing stress-strain relationships that characterize their response under uniaxial
loading (see Figure 2). Based on the assumption that plane sections remain plane during
member deformation, member stresses and deformations in both section directions are
calculated through the integration of the response of the fibers over the element section. For
R/C beams under seismic excitation that are primarily subjected to uniaxial bending, an
alternative simulation approach is through the use of a lumped plasticity approach which
combines a linear element with non-linear hinges at the locations where beams connect
with other structural members (columns and/or beams). Inelastic response in each hinge is
then defined by appropriate force-deformation relations, derived from sectional analysis of
the corresponding element and classical mechanics.

Figure 2. Simulation of the inelastic flexural response of R/C columns and beams using fiber
discretization of cross-sections.

2.2. Simulation of Shear Failure of the Column Web

Shear failure of an R/C element web develops when the transverse reinforcement
cannot provide adequate supporting shear resistance to displacement reversals beyond
flexural yielding. In a third-tier seismic evaluation of existing R/C buildings, simulation of
shear failure of the column web is essential, as this mechanism is linked to brittle member
failure that can compromise the load-carrying capacity of columns and potentially lead to
the collapse of the building.

The best approach to simulate the brittle response of R/C columns to shear failure
of the web is to use a non-linear, zero-length element (the two end element nodes are
distinct from each other but placed at the same location) at mid-height of the column’s
clear (deformable) length, Hcl (see Figure 1). Element response in each section direction
is defined by the multilinear Moment–Rotation (M–θ) relationship illustrated in Figure 3,
where Mv = Vv · (Hcl/2) is the bending moment associated with the shear strength Vv, of
the column web in the examined direction. This Vv is calculated according to the RSA
system from Equation (A4) in the Appendix A. Coefficient rv in Figure 3 is the resistance
ratio to shear failure of the column web, rv = Vv/Vflex, where Vflex is calculated according to
Equation (A3) in the Appendix A. Note that the column normalized axial load appearing
in the expressions given in the Appendix A (denoted as νd) is obtained from static analysis
of the examined R/C building to gravity loading and for the vertical component of the
seismic load combination Gk + ψE · Qk, as perEN1998-1 [2].
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Figure 3. Moment–Rotation (M–θ) relationship used in simulating the response of R/C columns to
shear failure in the web.

2.3. Simulation of Anchorage and Lap-Splice Failure of Longitudinal Reinforcement in Columns

Failure of anchorage and lap-splice of longitudinal bars limits the force developing in
the bars to a value lower than their true axial strength and strain capacity. Both anchorage
and lap-splice failures result from insufficient bond strength and are manifested with the
formation of a single crack, perpendicular to the axis of the member. For columns, this
occurs below the beam-column joint and above the base of the column in cases of anchorage
and lap-splice failures, respectively.

In the framework of a third-tier seismic assessment of existing R/C buildings, anchor-
age and lap-splice failure of longitudinal reinforcement can be simulated with the use of
two different zero-length elements, located at the top and the bottom of the clear length
of an R/C column, as illustrated in Figure 1. The response of the zero-length elements is
defined in each of the two-section directions by the M–θ trilinear relationships of Figure 4,
where Ma = Vv · (Hcl/2), Mlap = Vlap · (Hcl/2). The column shear strengths against anchor-
age and lap-splice failure of the longitudinal reinforcement, Va and Vlap, respectively, are
calculated using the closed-form expressions given in the Appendix A and their respective
resistance ratios, ra = Va/Vflex and rlap = Vlap/Vflex.

Figure 4. Moment–Rotation (M-θ) relationship for simulating (a) anchorage and (b) lap-splice
behavior of longitudinal reinforcement in substandard R/C columns.
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2.4. Simulation of Beam-Column Joint Behavior

Shear failure of beam-column joints in R/C buildings during earthquakes is a pro-
nounced brittle mode of failure that may cause excessive flexibility of the overall frame and
a consequent loss of vertical load-carrying capacity [3]. The integrity of R/C beam-column
joints is secured through the compressive stress field acting within the joint which enables
the concrete to participate in the joint shear action and allows (through the development
of high bond stresses) for steep force gradients along with the beam and column primary
reinforcements. In R/C buildings designed and constructed under contemporary stan-
dards (ASCE/SEI 41-17 [1], EN1998-1 [2], etc.), beam-column joints are dimensioned so
as to sustain the development of the flexural strengths of the adjacent frame elements at
the joint faces without significant degradation of the bond along with beam and column
primary reinforcement. In substandard R/C buildings, the absence of a limited number of
stirrups within the beam-column joints does not provide sufficient confinement to support
the formation of the diagonal strut mechanism that is essential for force transfer between
adjacent members during earthquake excitations.

Simulation of R/C beam-column joint behavior in FE models of existing R/C buildings
can be achieved through the use of zero-length elements placed above and below the
intersection of the beam and column elements used for simulating the mechanical behavior
within the joint (see Figure 1). The joint response in each of the building principal plan
dimensions is defined by the multilinear M–θ relationship of Figure 5. In this figure,
Mj = Vj · (Hcl/2) is the bending moment associated with the shear capacity Vj of an R/C
beam-column joint according to the RSA (see Equations (A11) and (A12) in the Appendix A,
for unreinforced and well-reinforced joints, respectively), whereas rj (= Vj/Vflex) is the
resistance ratio to shear failure in the beam-column joints.

Figure 5. Moment–Rotation (M–θ) relationship representing the shear response of R/C beam-column
joints in an intermediate floor of a building (the 0.5 factor for the moment is replaced by 1.0 for a roof
joint in the building).

3. Example Application of the Proposed Numerical Simulation Procedures

The accuracy of the present numerical simulation methodology is investigated through
the analytical evaluation of the seismic response of the SPEAR test building that was
constructed and tested in the European Laboratory of Seismic Assessment (ELSA) at the
Joint Research Center (JRC) in Ispra, Italy. This testing was conducted within the framework
of the Seismic Performance Assessment and Rehabilitation (SPEAR) European research
program (Fardis [42]; Negro et al. [43], Jeong and Elnashai [44]).

3.1. Geometric and Loading Characteristics of the SPEAR Building

The SPEAR building was a full-scale, three-story, 2 × 2 bay, torsionally sensitive
R/C building which is considered representative of the structures that were designed and
constructed throughout southern Europe from the 1950s until the mid-1980s (Figure 6).
The building was designed for gravity loads alone, in addition to the self-weight of the
R/C structural elements, as well as for 0.5 kN/m2 and 2.0 kN/m2 gravity loads on slabs
accounting for finishing and live loads, respectively. All stories had an identical plan
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configuration with external dimensions of 12.825 m × 10.75 m, comprising eight columns
of a 250 mm rectangular cross-section and one strong column of 250 mm × 750 mm
cross-section. The columns were connected to beams having 250 mm × 500 mm web
cross-sectional dimensions. Slab thickness was 150 mm, while story height in all cases
was 3.00 m o.c. The columns had longitudinal reinforcement ∅12 mm smooth bars (see
Figure 2), which were lap-spliced over 400 mm at the base for all three levels with a hook
formation at the end of the bars. All columns had ∅8 mm perimeter stirrups, spaced at
250 mm o.c. which did not continue in the beam-column joints. Longitudinal reinforcement
at both ends of all beams was 4 ∅12 mm bars at the top and 2 ∅12 mm bars at the bottom.
Exceptions were: (i) beam B4 with 4 ∅20 mm plus 2 ∅12 mm bars at the top and 3 ∅20 mm
bars at the bottom of both ends; (ii) beam B8 that was reinforced with 2 ∅20 mm top
bars plus 4 ∅12 mm top bars at the connection with column C4, 4 ∅12 mm bars at the
connection with column C7 and 2 ∅12 mm bars at both ends; (iii) beam B10 at the top
had 4 ∅20 mm plus 2 ∅12 mm bars at the connection with column C5, 2 ∅20 mm plus
2 ∅12 mm bars at the connection with column C8 and 2 ∅20 mm bars at both ends; and
(iv) beam B12 had 3 ∅20 mm plus 2 ∅12 mm bars at the top and 2 ∅20 mm bars at the
bottom of both ends. The mean concrete compressive strengths fcm obtained from tests on
cylindrical core specimen taken from the building after completion of the experiment was
found equal to 24.73 MPa, 26.70 MPa, and 25.32 MPa for the first, second, and third story
columns, respectively. Finally, uniaxial tensile tests on steel bar coupons yielded stress of
reinforcement fy that was equal to 479.45 MPa, 474.11 MPa, and 396.87 MPa in the cases of
the ∅8 mm, the ∅12 mm and the ∅20 mm bars, respectively.

Figure 6. Typical story plan of the SPEAR test building at ELSA-JRC, Ispra, Italy (units in m).
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The testing protocol at JRC consisted of a series of simulated ground motions of
increasing intensity which were applied to the R/C structure through a pseudo-dynamic
procedure. The basic accelerograms used were the two components of the Montenegro 1979
(Herceg Novi) ground motion, sequentially scaled upwards to 0.02 g, 0.15 g, and 0.20 g,
labeled as the s10, s11, and s12 pseudo-dynamic tests. These accelerograms were applied in
both the X and Y plan directions and were normalized with respect to the peak ground
acceleration (PGA), as shown in Figure 7.

Figure 7. Time-histories of the two components of ground acceleration used in the testing of the
SPEAR building at ELSA-JRC.

3.2. Numerical Simulation and Analysis of the SPEAR Building

In order to evaluate the seismic response of the SPEAR test building, the structural
system was simulated as a 3D-FE model comprising linear and zero-length elements as
described in Section 2, using the OpenSees platform [41].

At first, the flexural response of the columns was modeled using two equal-length non-
linear Beam-Column element objects with a longitudinal fiber section discretization along
the column clear length Hcl (see Figure 1). The reinforcing steel material properties were
represented by the uniaxial, bilinear stress-strain relationship with kinematic hardening
(Steel01 Material) with an initial elastic modulus equal to 200 GPa and a strain-hardening
ratio of 3.3‰ and 5.3‰ in the cases of the ∅12 mm and the ∅20 mm bars, respectively. The
inelastic concrete behavior was modeled using the uniaxial Kent-Scott-Park stress-strain
envelope with degrading unloading/reloading hysteresis loops and no tensile strength
(Concrete01 Material). Specifically, the concrete had an initial tangent modulus of 2 · fcm/εcy
(εcy = 0.0022) and an ultimate strength and deformation capacity of fcu = 0.2 · fcm and
εcu= 0.0035 according to Park, Priestley, and Gill [45,46]. Details of the fiber discretization
of the column cross-sections are depicted in Figure 2.

Next, the modeling of the flexural response of beams was similar to that of columns,
using the nonlinear Beam-Column element objects with longitudinal fiber section discretiza-
tion. The cross-section of beam elements was a T-shape for all beams with effective width
equal to bw + 2 · d (bw: beam web width; d: beam static height), except for beams {B1, B2,
B5, B6, B7, and B8} which had an L-shape cross-section with effective width equal to bw + d.
Beam finite elements spanning areas within the beam-column joints were modeled as rigid
zones (see Figure 1).

Finally, the brittle response mechanisms of column failure (shear failure of the column
web, of the anchorage, and lap-splice failure of column longitudinal reinforcements) were
all simulated using Zero-Length element objects in the locations shown in Figure 1. Me-
chanical properties of the Zero-Length elements were defined according to the discussion in
Sections 2.2–2.4, further considering column shear strengths corresponding to the different
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response mechanisms as calculated from Equations (A1)–(A6). The normalized average
axial load ν in the columns that were used in Equations (A1)–(A6) was calculated from a
static analysis of the FE building model under the self-weight of the structural elements
and the additional gravity loads applied to the SPEAR building during the tests [42–44].
It is noted that the true axial load is variable, fluctuating about an average value due to
overturning effects in the ground motion, with maximum values recorded in the columns
that are furthest from the center of mass. Table 1 presents the normalized average axial load
and the shear strengths of the SPEAR building columns corresponding to the mechanisms
considered in the RSA system [30–32], whereas Table 2 presents the parameters defining
the multilinear M–θ relationships used for simulating the responses of the zero-length
elements parallel to the two principal plan directions.

Regarding the building mass needed for conducting a dynamic analysis, the numerical
simulations used lumped masses defined at the centroid of each structural element (i.e., the
slabs, the clear length of columns and beams, and the beam-column joints). Lumped masses
were also added at individual nodes which were inserted at locations on the building
floors where water tanks were placed during the tests for simulating the operational
loads. For more information on the location of these tanks in the SPEAR building see
References [42–44].

Diaphragm action at the floor levels was simulated by slaving the translational and
rotational degrees of freedom acting parallel to the floor plane of all nodes located at the
mid thickness of the building’s slabs. This was done by employing the rigid-Diaphragm
multi-point constraint object at each floor level, in order to connect all intersected column
nodes, all nodes located at the centroid of the corresponding R/C slabs, and all nodes
simulating the aforementioned water tanks representing the SPEAR building operational
loads. Furthermore, gravity loads associated with the SPEAR building and used for static
analysis of the FE model were simulated as uniformly distributed loads along with the
frame elements of the model.

The first step was to investigate the accuracy of the numerical simulation procedures
proposed in this research. To this end, the SPEAR building FE model was subjected to time-
history dynamic analyses for the cases of the s10 (PGA = 0.02 g), the s11 (PGA = 0.15 g),
and the s12 (PGA = 0.20 g) earthquake records. Damping in the FE model during the
dynamic analyses was represented by Rayleigh damping coefficients using the principal
translational mode with the greatest period of vibration and the first torsional period of
vibration in the X–Y plane. These were computed from a modal analysis of the FE building
model, to which the standard 5% viscous damping was applied.

3.3. Evaluation of the Analyses Results

In order to evaluate the accuracy of the results obtained from a third-tier seismic
assessment of substandard R/C buildings simulated according to the proposed modeling
procedures, the computed response of the FE building model of the SPEAR building is com-
pared to the actual response recorded at ELSA–JRC during the testing. To demonstrate the
significance of simulating the brittle mechanisms of failure in substandard R/C buildings,
these comparisons considered modifications in the structural response as follows: (i) a first
FE building model of the SPEAR building accounted only for the inelastic flexural response
of the R/C structural elements, while (ii) in a second FE building model, zero-length el-
ements simulating mechanism {M2–M5} along column lines according to Section 2 were
also included.

Figures 8–13 present a comparison between the computed time histories of the horizon-
tal displacements along with the X and Y plan directions, UX and UY, versus those recorded
at ELSA–JRC during the s10, s11, and s12 pseudo-dynamic tests (black lines). Specifically,
the numerical responses obtained from the time-history dynamic analyses of the FE build-
ing model using the proposed simulation procedure (dark grey lines) and those of the FE
building model, accounting only for an inelastic flexural response, are plotted concurrently
(light gray lines). These displacements correspond to the vibration of the center of mass
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(CM) of the three floors of the SPEAR building. Note that the overestimation of flexural
stiffness leads to very low estimates of displacements and a stiffer overall structure, i.e., a
lower natural period leading to unconservative results for the displacement demands and
the anticipated damage. In the s11 earthquake case, the displacement demands estimated
from analysis of the FE building model accounting only for inelastic flexural response
are downgraded by 24% to 58% in the X plan direction and by 16% to 37% in the Y plan
direction as compared to the response of the test building. In the case of the s12 earthquake
case, the estimated displacement demands according to the analysis results of the same FE
building model are downgraded by 32% to 61% and by 51% to 57% in the X and Y plan
directions, respectively, as compared to the actual building response. On the other hand, the
addition of the zero-length elements seem to have lengthened the natural period, leading
to convergence of the displacement response and damage as compared to the response
of the test building. Decisions made based on these two bounding estimates respectively
would lead to little or no retrofit in the former case, and excessive and invasive retrofit in
the latter case. It is also noted that as the intensity of shaking and damage accumulation
from previous shaking increases in the structure, the waveforms of the more compliant
model where all mechanism formations have been activated converge to the experimental
response. This primarily occurs during the duration of the response pulses, which suggests
convergence in the fundamental period computation.

Table 1. Normalized average axial load and shear strengths of the SPEAR building columns calculated
according to the RSA system [30–32].

Story Column v
Plan Direction X Plan Direction Y

Vflex,X
(kN)

Vv,X
(kN)

Va,X
(kN)

Vlap,X
(kN)

Vj,X
(kN)

Vflex,Y
(kN)

Vv,Y
(kN)

Va,Y
(kN)

Vlap,Y
(kN)

Vj,Y
(kN)

1

C1,1 0.06 24.50 39.36 24.50 18.17 32.64 24.50 39.36 24.50 18.17 32.64
C2,1 0.06 65.75 39.46 65.75 40.51 65.74 208.03 128.81 208.03 113.55 105.58
C3,1 0.10 28.80 50.58 28.80 22.60 36.77 28.80 50.58 28.80 22.60 36.77
C4,1 0.14 32.44 59.60 32.44 26.36 40.27 32.44 59.60 32.44 26.36 40.27
C5,1 0.29 42.69 87.76 42.69 37.06 51.07 42.69 87.76 42.69 37.06 51.07
C6,1 0.23 38.60 79.50 38.60 32.79 46.65 38.60 79.50 38.60 32.79 46.65
C7,1 0.08 26.33 38.99 26.33 20.06 34.46 26.33 38.99 26.33 20.06 34.46
C8,1 0.16 34.14 64.27 34.14 28.12 41.91 34.14 64.27 34.14 28.12 41.91
C9,1 0.18 35.14 67.43 35.14 29.18 43.04 35.14 67.43 35.14 29.18 43.04

2

C1,2 0.03 22.38 40.06 22.38 16.23 31.36 22.38 40.06 22.38 16.23 31.36
C2,2 0.04 59.49 39.95 59.49 34.52 63.58 189.69 130.38 189.69 95.49 102.52
C3,2 0.06 25.51 39.48 25.51 19.45 34.47 25.51 39.48 25.51 19.45 34.47
C4,2 0.09 28.18 38.90 28.18 22.21 37.11 28.18 38.90 28.18 22.21 37.11
C5,2 0.18 37.40 70.81 37.40 31.70 45.75 37.40 70.81 37.40 31.70 45.75
C6,2 0.14 33.50 60.33 33.50 27.68 42.09 33.50 60.33 33.50 27.68 42.09
C7,2 0.05 23.71 39.67 23.71 17.63 32.79 23.71 39.67 23.71 17.63 32.79
C8,2 0.10 29.70 51.38 29.70 23.76 38.47 29.70 51.38 29.70 23.76 38.47
C9,2 0.11 30.28 52.74 30.28 24.38 39.10 30.28 52.74 30.28 24.38 39.10

3

C1,3 0.01 19.79 40.35 19.79 13.40 28.06 19.79 40.35 19.79 13.40 28.06
C2,3 0.02 52.10 40.25 52.10 26.53 57.29 167.86 131.36 167.86 71.95 92.84
C3,3 0.03 21.36 39.97 21.36 15.03 29.76 21.36 39.97 21.36 15.03 29.76
C4,3 0.04 22.76 39.78 22.76 16.46 31.15 22.76 39.78 22.76 16.46 31.15
C5,3 0.11 30.04 53.06 30.04 23.94 38.21 30.04 53.06 30.04 23.94 38.21
C6,3 0.08 26.50 39.02 26.50 20.31 34.90 26.50 39.02 26.50 20.31 34.90
C7,3 0.02 20.41 40.16 20.41 14.04 28.76 20.41 40.16 20.41 14.04 28.76
C8,3 0.06 24.32 39.40 24.32 18.07 32.78 24.32 39.40 24.32 18.07 32.78
C9,3 0.05 24.17 39.59 24.17 17.89 32.52 24.17 39.59 24.17 17.89 32.52
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Table 2. Moment-Rotation relationships used in the zero-length elements of the SPEAR FE building
model. Note: Symbols (-) indicate that brittle fracture was not considered and (;) separate values
between the X and Y directions.

Story Column
Mv,X
Mv,Y

(kN-m)

θ0.005r_v,X
θ0.005r_v,Y

(rad)

Ma,X
Ma,Y

(kN-m)

θ0.005r_a,X
θ0.005r_a,Y

(rad)

Mlap,X
Mlap,Y

(kN-m)

θ0.005r_lap,X
θ0.005r_lap,Y

(rad)

Mj,X
Mj,Y

(kN-m)

θ0.005r_j,X
θ0.005r_j,Y

(rad)

1

C1,1 - - - - 22.71 0.0037 - -

C2,1
49.33

;
161.01

0.0030
;

0.0031

-
;
-

-
;
-

50.64
;

141.94

0.0031
;

0.0027

-
;

131.98

-
;

0.0025
C3,1 - - - - 28.25 0.0039 - -
C4,1 - - - - 32.95 0.0041 - -
C5,1 - - - - 46.33 0.0043 - -
C6,1 - - - - 40.99 0.0042 - -
C7,1 - - - - 25.07 0.0038 - -
C8,1 - - - - 35.15 0.0041 - -
C9,1 - - - - 36.47 0.0042 - -

2

C1,2 - - - - 20.29 0.0036 - -

C2,2
49.94

;
162.98

0.0034
;

0.0034

-
;
-

-
;
-

43.15
;

119.36

0.0029
;

0.0025

-
;

128.15

-
;

0.0027
C3,2 - - - - 24.31 0.0038 - -
C4,2 - - - - 27.77 0.0039 - -
C5,2 - - - - 39.63 0.0042 - -
C6,2 - - - - 34.60 0.0041 - -
C7,2 - - - - 22.04 0.0037 - -
C8,2 - - - - 29.70 0.0040 - -
C9,2 - - - - 30.47 0.0040 - -

3

C1,3 - - - - 16.75 0.0034 - -

C2,3
50.32

;
164.20

0.0039
;

0.0039

-
;
-

-
;
-

33.16
;

89.94

0.0025
;

0.0021

-
;

116.04

-
;

0.0028
C3,3 - - - - 18.78 0.0035 - -
C4,3 - - - - 20.57 0.0036 - -
C5,3 - - - - 29.93 0.0040 - -
C6,3 - - - - 25.39 0.0038 - -
C7,3 - - - - 17.55 0.0034 - -
C8,3 - - - - 22.59 0.0037 - -
C9,3 - - - - 22.36 0.0037 - -

Table 3 summarizes the peak displacement values obtained from the sequence of
analyses for the center of mass of the three floors to the different intensity ground motions.
Relative lateral drift ratios were obtained by dividing the relative floor displacement values
by the clear floor height. Peak values, as well as the time instant of their occurrence, are
also given in Table 3.

It is observed that the results of the flexural analysis (Fiber Model), where all the
other premature local failure mechanisms were omitted in the model, fail to reproduce
the salient characteristics of the response including the intensity of the drift demands by
systematically underestimating them. In the s11 case, the analysis results of the fiber model
lead to an underestimation of the actual drift demands by 24% in the first and by 69% in the
second and third story with regards to the vibration in the X plan direction. These numbers
respectively are 16%, 40%, and 53% in the first, second, and third stories in reference to the
vibrations in the Y plan direction. In the s12 case, the drift demands obtained from analysis
of the fiber FE model in the first, second, and third stories were underestimated by 32%,
73%, and 75% in the X plan direction and by 51%, 63%, and 64% in the Y plan direction as
compared to the drift demands recorded during the testing of the SPEAR building. On the
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contrary, the complete model where local mechanism formation was enabled showed an
increased rate of convergence with the experimental values as the intensity of the shaking
and damage accumulation increased. In the s11 earthquake case, the results obtained from
analysis of the complete model deviate by {+17%; −5%; +9%} in the X plan direction and
by {+37%; +25%; +43%} in the Y plan direction with regards to the drift demands recorded
at the first, the second, and the third story of the SPEAR building. Furthermore, in the
case of the s12 pseudo-dynamic testing, the corresponding deviations of the analytical and
experimental results were {−18%; −46%; +27%} in the X plan direction and {−43%; −32%;
+35%} in the Y plan direction.

Figure 8. Comparison of the horizontal displacements in the X-plan direction measured at the SPEAR
building during the s10 earthquake case and the corresponding response estimated from a dynamic
analysis using two different FE building models.
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Figure 9. Comparison of the horizontal displacements in the Y-plan direction measured at the SPEAR
building during the s10 earthquake case and the corresponding response estimated from a dynamic
analysis using two different FE building models.

In reference to the instant of maximum horizontal translation of the centers of mass of
the three floors, the analysis results converged to the experimental values in the longitudinal
(X) direction (both in terms of the instant of time of occurrence as well as in terms of the
magnitude). There was, however, a deviation in the transverse (Y) direction, particularly in
the higher intensity earthquake motions s11 and s12. This deviation in the convergence
of the estimated responses of both FE building models with the responses recorded at
the SPEAR building in the Y direction is mainly due to the degree of accuracy prescribed
in simulating the flexural response of the columns of the SPEAR building through fiber
discretization. A discretization of the core of the building columns that is finer than the one
used in the two FE building models (Figure 2), combined with the use of more advanced
stress-strain relationships from the OpenSees library for simulating the inelastic response of
steel and concrete materials, would most probably result in a better convergence between
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the analytically and experimentally obtained responses. However, such fine-tuning of the
flexural behavior of the FE building models would have not affected the degree of influence
that the simulated brittle mechanisms of response along the column lines of the SPEAR
building have on the overall seismic response of the FE building models.

Figure 10. Comparison of the horizontal displacements in the X-plan direction measured at the
SPEAR building during the s11 earthquake case and the corresponding response estimated from a
dynamic analysis using two different FE building models.
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Figure 11. Comparison of the horizontal displacements in the Y-plan direction measured at the
SPEAR building during the s11 earthquake case and the corresponding response estimated from a
dynamic analysis using two different FE building models.

Finally, with regards to the additional computational cost incurred from implementing
the present analytical-numerical methodology for simulating the brittle mechanisms of
response along the column lines of sub-standard R/C buildings, the conclusion is as follows:
No significant difference was observed in terms of convergence rate and time requirements
by either simulating the brittle mechanisms of failure in the FE building models according
to the proposed methodology or by simulating only the nonlinear flexural response of the
same buildings.
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Figure 12. Comparison of the horizontal displacements in the X-plan direction measured at the
SPEAR building during the s12 earthquake case and the corresponding response estimated from a
dynamic analysis using two different FE building models.
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Figure 13. Comparison of the horizontal displacements in the Y-plan direction measured at the
SPEAR building during the s12 earthquake case and the corresponding responses estimated from a
dynamic analysis using two different FE building models.

503



Appl. Sci. 2022, 12, 1602

Table 3. Peak floor displacements and inter-story drifts in the two plan directions of the SPEAR build-
ing were obtained from the test and the analyses (ID = Inter-story drift; FD = Floor Displacement).

Analysis
Case

PlanStory Story
No.

Test Results FE Model–All Mechanisms FE Model–Flexure Only
Time (s)
at Peak

FD

Peak ID
× 103 rad

Time (s)
at Peak

ID

Time (s)
at Peak

FD

Peak ID
× 103 rad

Time (s)
at Peak

ID

Time (s)
at Peak

FD

Peak ID
× 103 rad

Time (s)
at Peak

ID

s10

X
1 5.17 0.591 5.17 5.10 0.385 5.10 12.03 1.049 12.03
2 5.17 1.127 5.16 5.10 0.544 5.11 12.05 1.335 12.06
3 5.15 0.943 5.14 5.11 0.487 5.11 12.07 0.937 12.13

Y
1 4.86 0.674 4.86 3.07 0.279 3.07 11.01 0.899 11.01
2 4.49 1.028 4.49 3.07 0.358 4.47 11.01 1.324 11.01
3 4.82 0.952 6.63 3.07 0.267 5.87 11.01 1.054 4.61

s11

X
1 11.41 5.026 11.41 11.52 5.904 11.52 4.81 3.812 4.81
2 12.12 12.052 12.13 12.28 11.487 12.27 4.82 3.731 5.19
3 12.16 8.054 13.02 12.27 8.762 12.25 4.83 2.511 5.19

Y
1 13.11 3.877 13.11 11.79 5.294 11.79 3.13 3.252 3.13
2 13.09 6.648 13.04 4.59 8.319 4.63 3.14 3.975 3.15
3 13.00 6.076 6.02 4.65 8.716 4.69 3.14 2.849 3.16

s12

X
1 10.13 8.197 10.13 10.84 6.723 10.84 4.83 5.595 4.83
2 10.92 19.022 10.95 10.87 10.308 10.91 4.84 5.140 7.82
3 10.97 11.931 11.04 12.39 15.164 12.46 4.85 3.031 7.81

Y
1 11.80 10.185 11.80 3.17 5.760 3.17 5.91 4.985 5.91
2 11.88 15.737 11.92 4.63 10.750 4.66 5.92 5.832 5.92
3 11.90 10.857 11.96 4.75 14.613 4.78 5.92 3.895 5.94

4. Conclusions

This work investigates the validity of a proposed methodology for the performance
assessment of older, substandard moment-resisting R/C frame buildings following an
earthquake event. The classification ‘sub-standard’ comes from the fact that R/C con-
struction prior to the mid-1980s did not benefit from the findings of subsequent research
regarding pertinent seismic detailing of R/C structures which has now filtered into contem-
porary building codes. The proposed methodology is based on the earlier work by two of
the authors leading to the development of a procedure known as Rapid Seismic Assessment
(RSA) which hinges on whether or not the local drift demands can be tolerated without
failure along the load resistance path. Guidelines are provided here for modeling all brittle
localized strength mechanisms that may occur in the load path of frame structures under
lateral loading which is manifested in substandard R/C buildings subjected to seismic
loads. An application example using test data from a well-documented experimental
program helps to clarify the importance of these mechanisms in a realistic evaluation of the
seismic response for this category of buildings.
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Appendix A

The individual strength terms of an R/C column for an RSA are calculated using
closed form expressions which lend themselves to easy spreadsheet calculations. These
expressions represent the current state-of-the-art information in the field and may be subject
to revisions as the knowledge base in R/C leads to improved models for the individual
resistance mechanisms.

The first step towards the calculation of the individual strength terms of an R/C
column is the determination of the normalized depth of the compression zone, ξ = x/d, at
the ultimate limit state, which is estimated for a specified axial load ratio ν = N/(Ac · fc)
from the following interpolations:

if vbal < v < vmax, ξ = ξbal,u + (1 − ξbal,u) · v − vbal
vmax − vbal

(A1)

if vmin < v ≤ vbal , ξ = δ2 + (ξbal,u − δ2) · v − vmin
vbal − vmin

(A2)

The values of νmin, νbal, and νmax correspond to characteristic values of the depth of
compression zone x, for εcu = 0.005, and are given as follows:

for x = d2 ⇒ ξ2 = δ2,
vmin
Ac· fc

= 0.72·δ2 −
fy

(1 − α)· fc
· [ρs1 + ρv· (1 − 2·δ2)] (A3)

for x = xbal ⇒ ξbal,u = 0.64,
vbal

Ac· fc
= (ρs2 − ρs1) ·

fy

fc
+ 0.462 + 0.275·ρv· fy

fc
(A4)

for x = d ⇒ ξd = 1,
vmax

Ac· fc
= 0.852 +

fy

fc
· (ρs2 + 0.8·ρv) (A5)

With the interpolated value of ξ, the following strength terms are now determined:
Flexural shear demand:

Vf lex =

[
ρ�,tot·

fy

fc
· (1 − 0.4·ξ) + v·

(
h
d
− 0.8·ξ

)]
· b·d

2· fc

Hcl
(A6)

Exhaustion of shear strength:

If v < 0.10 : Vv = Atr· fst·d·(1 − 0.4·ξ)
s

· cot θv (A7)

If v ≥ 0.10 : Vv = v·b·d· fc· tan α + Atr· fst·d·(1 − 0.4·ξ)
s

· cot θv (A8)

Anchorage failure of longitudinal reinforcement:

Va =

⎡
⎣ρ�,tot·

min
{

4·La · fb
Db

+ αhook·50· fb ; fy

}
fc

· (1 − 0.4·ξ) + v·
(

h
d
− 0.8·ξ

)⎤⎦· b·d2· fc

Hcl
(A9)

Lap failure of longitudinal reinforcement:

Vlap =

⎡
⎢⎣ min

{ (
μ f r·Llap·

[
Atr
s · fst + αb· (b − Nb·Db)· ft

]
+

+αhook·50·Nb·Ab· fb

)
; Nb·Ab· fy

}
·d·(1 − 0.4·ξ)+

+v·b·d2· fc·(0.5·h/d − 0.4·ξ)

⎤
⎥⎦

Hcl/2
(A10)
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Shear capacity of joints:

Unreinforced or lightly reinforced joints :Vj = γj·0.5·√ fc·
√

1 +
vj· fc

0.5·√ fc
· bj·d·dbeam

Hcl
(A11)

Well reinforced joints :Vj =

[
γj·0.5·√ fc·

√
1 +

vj· fc

0.5·√ fc
· bj·d·dbeam

Hcl

]
·
√

1 + ρj,horiz· fst

ft
(A12)

In the above expressions, the following terms appear:

• ρ�,tot = As,tot/(b · d) is the total longitudinal reinforcement ratio of a column with
external dimensions h × b,

• As,tot is the total area of the longitudinal reinforcement at the column’s critical section,
• d is the column effective depth,
• fy is the longitudinal reinforcement yield stress,
• fc is the concrete compressive strength,
• ξ (= x/d) is the normalized depth of compression zone,
• v is the axial load ratio acting on the cross-section (Ng+0.3q/(b · d · fc)),
• Hcl is the column’s deformable length,
• tanα = (h/d − 0.8 · ξ) · d/Hcl, where a (≤θv) is the angle of inclination of the diagonal

strut created between the centroids of the compression zones at the top and bottom
column cross-sections of the column. This represents the strut forming by the axial
load acting on the column according to Priestley et al. [44],

• θv = {45◦ when v < 0.10, 30◦ when v ≥ 0.25, whereas for 0.10 ≤ v < 0.25 θv is calculated
from linear interpolation} is the angle of sliding plane. Specifically, θv is the angle
forming between the longitudinal member axis and a major inclined crack developing
in the plastic hinge region of the column. It determines the number of stirrup legs that
are intersected by the inclined sliding plane,

• hst is the height of the stirrup legs,
• Atr is the total area of stirrup legs in a single stirrup pattern, which are intersected by

the inclined sliding plane,
• s is the stirrup spacing,
• fst is the stirrup yield stress,
• Lα is the anchorage length of the longitudinal reinforcement,
• Db is the diameter of longitudinal reinforcing bars,
• αhook is a binary index (1/0) to account for hooked anchorages (αhook = 0 ⇒ no hooks),
• fb = 2 · fb,o is the concrete bond stress, where fb,o = n1 · (fc/20)0.5, n1 = {1.80 for ribbed

bars; 0.90 for smooth bars},
• μfr is the friction coefficient {0.2 ≤ μfr ≤ 0.3 for smooth bars; 1.0 ≤ μfr ≤ 1.5 for

ribbed bars},
• Llap is the lap-splice length,
• αb is a binary index {1 or 0} depending on whether ribbed or smooth reinforcement

has been used,
• Nb is the number of longitudinal bars in tension,
• Ab is the area of a single tension bar,
• ft = 0.3 · fc2/3 is the concrete tensile strength,
• γj = {1.40 for interior joints; 1.00 for all other cases, whereas, for joints without stirrups

these values are reduced to 0.4 and 0.3 respectively},
• vj is the (service) axial load acting on the bottom of the column adjusted at the top of

the joint (compression is positive),
• bj = (b + bbeam)/2 is the joint width, where bbeam is the web width of the adjacent beam,
• dbeam is the beam depth, and
• ρj,horiz = Atr/(s · bj).
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Abstract: As an important method for connecting structural members, anchor bolts have been
installed in many situations. Therefore, accurate evaluation of the pull-out strength of anchor bolts
has always been an important issue, considering the complicated actual installation conditions and
the problem of aging deterioration of the structural members. In general, the patterns of pull-out
failure of anchor bolts can be classified into three types: adhesion failure, cone failure, and bolt
break. However, it sometimes shows a mixed fracture pattern, and it is not always easy to predict the
accurate pull-out strength. In this study, we attempted to evaluate the pull-out strength of anchor
bolts under various installation conditions using SPH, which can analyze the crack growth process in
the concrete. In particular, the anchor bolt-concrete interface model was introduced to SPH analysis
in order to consider the bond failure, and it was confirmed that various failure patterns and the load
capacity could be predicted by proposed SPH method. After that, the influence of several parameters,
such as bond stress limit, anchor bolt diameter, and the anchor bolt embedment depth on the failure
patterns and the load capacity, were investigated by numerical calculation. Furthermore, several
useful suggestions on the pull-out strength of anchor bolts under improper installation conditions,
such as the ends of members for the purpose of seismic retrofitting, are presented.

Keywords: concrete; anchor bolt; pull-out strength; SPH method

1. Introduction

When constructing a structure in the civil engineering field, a joining method that
has structural continuity between concrete members and other members (reliable stress
transmission) is very important, and joining with anchor bolts is one of the typical methods
not only in new structures but also in existing structures. In addition, anchor bolts are
used to connect the seismic retrofitting members, such as bridge restrainers [1] and shear
walls, to existing concrete structures. Anchor bolts are also applied in railway sleepers [2],
modular wall constructions [3], tunnel roofs [4], and nuclear-related facilities [5], and they
are expected to continue to be used in the future. However, only a simple evaluation has
been made for the ultimate strength when a pull-out load is applied to the anchor bolt.
Therefore, there is a concern that the pull-out strength of bolts will be significantly reduced
due to improper installation conditions and the aging deterioration of concrete materials.

In general, fracture modes of anchor bolts subjected to a pull-out load are mainly
classified into bolt fracture, concrete body fracture, and bond fracture. Table 1 shows the
typical fracture modes assumed when designing anchor bolts and shows the equations for
calculating the pull-out strength of each fracture type. Basically, it is designed using the
pull-out strength of the fracture mode, which has the lowest strength among the assumed
these fracture modes shown in Table 1.

However, when installing new anchor bolts in an existing concrete structure, it may be
difficult to secure sufficient anchor embedding depth and spacing between adjacent anchor
bolts, depending on the arrangement of existing reinforcing bars inside. Furthermore, it is
well known that the actual fracture mode of anchor bolt joint cannot be clearly classified

Appl. Sci. 2021, 11, 8526. https://doi.org/10.3390/app11188526 https://www.mdpi.com/journal/applsci509



Appl. Sci. 2021, 11, 8526

into three types, and that a combined fracture mode in which cone fracture and adhesive
fracture might occur depending on the installation conditions. For example, Figure 1a [6]
shows the fracture of an anchor bolt in the pull-out test conducted by the authors, and a
clear combined fracture mode in which cone fracture and adhesion fracture are mixed is
obtained. Thus, a simple evaluation based on the strength comparison of each mode shown
in Table 1 may not be applicable. Therefore, it is very important to establish a method that
can predict the accurate fracture mode and pull-out strength of anchor bolts with various
material properties, structural specifications, and loading conditions.

Table 1. Typical fracture patterns of anchor bolts and corresponding strength.

Anchor Bolt Fracture Cone Fracture Bond Fracture

T = σya0 T = 0.23
√

σB Ac T = τπdale
T: Maximum pull-out force, σy: Steel yield strength; a0: Anchor bolt nominal cross-section area, σB: Concrete
compressive strength; τ: Maximum bond stress, da: Anchor bolt nominal diameter, le: embedment depth.

In addition, when installing anchor bolts in an existing concrete structure where
complex rebars arrangements are already embedded inside, it is often difficult to secure
sufficient embedding depth, anchor bolt spacing, and distance from the edge of the struc-
tural member depending on the position of the existing internal reinforcing bars. Figure 1b
shows an example of damage to an anchor bolt joint with a bridge collapse prevention
device attached by the earthquake force. This accident is a typical fracture due to the
insufficient distance from the edge, and this installation situation is not included in Table 1
either. Thus, in order to design and apply anchor bolts to structure members with sufficient
structural safety, the installation situations and the damage patterns which are not included
in the existing specifications are also needed to be taken into consideration. In this study,
minimum allowable embedding depth, minimum bolt spacing, and minimum distance
from the edge of structural member were evaluated, respectively, and proper reinforcement
for the lack of distance from the edge of structural member was considered.

(a) (b)

Figure 1. Actual fracture patterns in experiment and structural members. (a) Complex fracture
pattern shown in anchor bolt pull-out experiment [6]. (b) Actual anchor bolt fracture due to the
insufficient distance from the edge of the concrete abutment.

Under these backgrounds, many researchers have already conducted the research on
the pull-out fracture of anchor bolts. For example, there are experimental studies [5,7–9],
some of them focusing on the damage of the base concrete [10,11], and others focusing on
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the bond fracture between concrete and anchor bolt [12,13], and studies focusing on the
long-term strength against aging performance [14].

On the other hand, there are many analytical studies using numerical method and not
only general FE method [15,16] but also new mesh-free methods, such as Galerkin method [17],
and peridynamic theory [18]. Furthermore, there are studies that use neural networks to
predict the strength of anchor bolts from installation conditions [19].

In this study, we will analyze the effect of basic factors (embedded depth, bolt diame-
ter, etc.) on the load bearing performance of anchor bolts using SPH (Smoothed Particle
Hydrodynamics) [20], referring to the existing research results. The advantage of using
the SPH method, which is one of the mesh-free methods, is that, unlike the ordinary finite
element method, the particles are not constrained by the conditions of displacement field,
and fracture between particles is easily reproduced [21,22].

With reference to these research results, we will propose an evaluation method that
can accurately predict the ultimate strength of anchor bolts and simulate the fracture
process of pulling out anchor bolts. Specifically, we will introduce an analysis model that
can accurately produce the crack development during the pull-out process and evaluate
concrete fracture, bolt fracture, and steel-concrete bond fracture in the SPH method.

The fracture mode obtained by the analysis was compared with the experimental
results to reproduce the pull-out fracture of the anchor bolt under various installation
conditions. Considering the actual installation of the anchor bolts on an existing structure
where rebars are already embedded inside, there may be certain restriction on the anchor
bolt embedment depth, the interval between anchor bolts, and the distance from the
free-end of the structure members. Thus, these are chosen as the input parameter in
the analysis to evaluate the performance of anchor bolts under inappropriate condition.
Then, we presented several useful suggestions on the pull-out strength of anchor bolts
under improper installation conditions. Finally, considering the installation conditions
shown in the Figure 1b, the attempt of applying PCM material [23,24] as a reinforcement is
performed, and several suggestions are made when using such kind of reinforcement.

2. Analysis Method in This Study

In this study, SPH method, which is one of the most popular mesh-free methods,
is adopted in order to analyze local fracture phenomena of concrete which are difficult
to simulate by FEM. The physical quantity of each particle is evaluated by the weighted
average of the adjacent particles using the kernel function, as shown in Figure 2, and the
basic equation of the SPH method is written as Equation (1).

< f (xi) >=
∫

Ω
f (xi)W(xi − xj, h) dxj, (1)

where W is the kernel function, h is the smoothing length, terms inside angel bracket are
SPH approximations, Ω is the integral area within the support domain, and xi, xj are the
position of particle i and j.

Figure 2. Influence domain of SPH particles (kernel function).
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The smoothing length h is very important in SPH analysis. If it is too large, the accuracy
of the analysis would be affected due to the smoothed-out details and local properties; on
the other hand, if it is too small, the number of particles within smoothing domain may not
be enough to calculate accurate response of particles [25]. Thus, in this study, an adaptive
smooth length ha is utilized. Since SPH method is to calculate weighted average values
within the smoothing length, an adaptive smoothing length is better for the calculation of
local deformation and stress concentration. The adaptive smoothing length ha is changed
during the analysis with the density of the particle, which is widely used in SPH analyses,
as shown in Equation (2).

ha = h0

(
ρ0

ρcurrent

) 1
3
, (2)

where h0 is the initial smoothing length, ρ0 is the initial density of the particle, and ρcurrent
is the density of particle calculated by SPH process, shown in Equation (3).

ρcurrent =
N

∑
j=1

mjWij. (3)

By the above calculation, the smoothing length ha is decreased when the influence
domain is compressed with the increase of density.

When adaptive smoothing length ha is adopted in SPH analysis, to obey Newton’s
third law and conservation of momentum, the following changes are applied to the calcula-
tion of kernel function, shown in Equation (4).

< f (xi) >=
∫

Ω
f (xi)W

(
xi − xj,

hi + hj

2

)
dxj. (4)

By the above calculation, the interaction force between pairing particles by SPH
analysis maintains the same.

If two particles are positioned with smaller distance than h0 at the beginning of the
analysis, we defined that the two particles are “SPH-linked”, and the SPH-link between
them will break when the distance between them is larger than ha, or the particles enter
the crushing state, which is explained in the next section. Damage in solids is generally
unrecoverable, and solid material, such as concrete, is not able to bond together due to
the decrease of distance. Thus, if two particles are not SPH-linked at the beginning of the
analysis, or SPH-link breaks by concrete fracture, no SPH link will be generated, even if the
distance between particles become smaller than ha.

To calculate the bond stress between concrete and steel anchor bar, the normal direction
of the contact surface n should be defined at the beginning of the numerical analysis. When
the steel anchor is being pulled out, displacement dr would occur within the pair of
neighboring concrete particle and steel particle, as shown in the Figure 3a. Using the
normal direction and the vector of the two particles, the slip along the tangential direction
t can be calculated as in Equation (5). Finally, by using the relationship between bond
stress τ and slip distance |t|, the bond stress can be obtained, as shown in Figure 3b and
Equation (6).

t = −(dr − dr · n), (5)

τij = fb(|t|). (6)
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(a) (b)

Figure 3. Calculation of bond stress. (a) Slip displacement between steel particle and concrete particle.
(b) Relationship between slip displacement and bond stress abutment.

3. Overview of Crack Growth Analysis

To analyze the elasto-plastic behavior of concrete, a pressure-dependent yield function,
such as Drucker-Prager’s equation, is often used for the yield criteria. However, it is well
known that linear Drucker-Prager’s yield surface overestimates compressive strength of
concrete under high hydrostatic pressure condition. Therefore, non-linear Drucker-Prager’s
yield function which improves linear Drucker-Prager’s equation is applied in this study.
Non-linear Drucker-Prager yield function applied in this research is represented by the
following Equation (7).

f (I1, J2) =
√

J2 −
√

γ2 − βI1

3
= 0, (7)

where γ is
√
( fc ft), β is ( fc − ft), I1 is the first invariant of stress, J2 is the second invariant

of deviatoric stress, fc is the uniaxial compressive strength, and ft is the uniaxial tensile
strength. Figure 4 shows non-linear Drucker-Prager yield surface in the

√
J2 − I1 plane.

Figure 4. Nonlinear Drucker-Prager yield criterion.

Furthermore, bilinear softening of concrete is considered on the tensile stress side
according to the Japanese specification [26], as shown in Figure 5, where σt is the tensile
stress, ft is the tensile strength of concrete, and GF is the fracture energy of concrete
determined from Japanese specifications [26].

In addition, considering the degree of damage in which the load transmission capacity
in the concrete cross section decreases due to the accumulation of plastic strain, the rela-
tionship represented by the sigmoid function, as shown in Equation (8) and Figure 6, was
assumed between the degree of damage and the plastic strain.

Dpr =
Dlim

1 + exp[−k(εp
pr − ε

p
max
2 )]

, (0 ≤ Dpr ≤ 0.4), (8)
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where Dpr is the damage in the principal direction; k is the gradient adjustment constant,
and k = 300 is applied in this study; ε

p
pr is the accumulated plastic strain along the principal

direction; ε
p
max is the maximum limit of equivalent plastic strain, and ε

p
max = 0.03 is used.

Figure 5. Tensile softening model of the concrete.

Figure 6. Damage index and principal strain relationship in the tensile side.

Compressive softening is also considered according to the Popovic’s equation [27],
as shown in Equations (9)–(11).

σpr = fc ·
n( εpr

εco
)

(n − 1) + (
εpr
εco

)n
, (9)

εco =
fc

Ec(1 − 1
n )

, (10)

n = exp(0.0256 · fc), (11)

where fc is the uniaxial compressive strength, εpr is the principal strain, and εco, n are
parameters determined from material test results. Hardening is considered on the com-
pression stress side, as shown in Equation (12).

H =
dσ

dεp . (12)

To obtain the the loss of elastic stiffness due to the increase of damage, the damage
index in the global coordinate is calculated first with Dpr using Equation (13).

Di =
3

∑
i=1

|Dprei,pr|, (i = 1, 2, 3), (13)

where Di is the damage index in the global coordinate, and ei,pr is unit vector of principal
direction. This calculation process is shown in Figure 7.
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Figure 7. Damage index calculation process.

Then, the decrease ratio of elastic stiffness dij is calculated by Equation (14).

dij =
√
(1 − Di)(1 − Dj). (14)

Finally, the elastic stiffness matrix with damage can be written as Equation (15):

Ee =

⎛
⎜⎜⎜⎜⎜⎜⎝

(λ + 2μ)d11 λd12 λd13 0 0 0
λd12 (λ + 2μ)d22 λd23 0 0 0
λd13 λd23 (λ + 2μ)d33 0 0 0

0 0 0 2μd12 0 0
0 0 0 0 2μd23 0
0 0 0 0 0 2μd13

⎞
⎟⎟⎟⎟⎟⎟⎠

, (15)

where λ = μE/[(1 + μ)(1 − 2μ)], μ = E/[2(1 + ν)], and E, ν are the Young’s modulus and
the Poisson’s ratio, respectively.

In this study, to avoid the unrealistic volume overlap between particles, when the
volumetric strain of concrete particle εv reaches a certain threshold value (we call it erosion
limit) εv_lim, the particles are regarded as a crushing state, and stress and stiffness of the
particle are assumed to be zero; however, the particle itself is not erased in order to maintain
the mass conservation, and the kinetic energy and the momentum of the particle is also
preserved. Based on the assumptions mentioned above, the stress-strain relationship of
concrete is schematically shown in Figure 8a,b.

(a) (b)

Figure 8. Uniaxial stress-strain relationship of concrete. (a) Compressive stress-strain relations.
(b) Tensile stress-strain relations.

For the steel material, von Mises yield criterion is used, and strain hardening exponent
is introduced to describe the hardening process. The stress-strain relationship of steel is
shown in Figure 9.
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Figure 9. Stress-strain relationship of steel.

4. Anchor Bolt Pull-Out Analysis

4.1. Verification of the Proposed Method

In general, the fracture pattern when pulling out an anchor bolt embedded in a
concrete member is complicated, and, as shown in experiment [6], the actual fracture
pattern is often a combination of three fracture patterns (bond fracture, corn fracture, and
bolt fracture). Therefore, in this study, we conducted a simulation analysis of the anchor
bolt pull-out test and confirmed whether the fracture process and the pull-out strength
in various fracture cases can be reproduced. The analytical model is shown in Figure 10a.
Each particle in the model is 3 mm in diameter, and the total number of particles is about
200,000. An anchor bolt is embedded in the center of the concrete block. As a boundary
condition, the vertical degrees of freedom of the particles (black area in the figure) at the
four corners of upper surface were constrained. Table 2 shows the material constants used
in the analysis.

(a) (b)

(c)

Figure 10. SPH analysis for the pull-out process in experiment [6]. (a) Analysis model. (b) Complex
fracture pattern by numerical analysis. (c) Comparison of load-displacement relationship.
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Figure 10b,c shows the final fracture pattern and the load-displacement relationship
obtained from the proposed numerical analysis method. It can be found that the maximum
load of the experiment is well reproduced by the numerical analysis, and the fracture
pattern shown in the experiment is also reproduced by the numerical analysis. Bond
fracture occurs at the lower part of the anchor, and cone fracture occurs at the upper part
of the anchor. From these results, it is shown that the pull-out strength and fracture type of
anchor bolts can be grasped by the proposed method.

Table 2. Material constants used in the analysis.

Steel Concrete

Compressive strength (MPa) 408.2 48.0
Tensile strength (MPa) 408.2 3.1

Poisson’s ratio 0.30 0.20
Density (kg/m3) 79,000 2350.0

Young’s modulus (MPa) 214,000 21,430

4.2. Effect of Installation Conditions on the Fracture Mode

Next, in order to make a basic consideration of the effects of anchor bolt installation
conditions (bolt diameter, embedding depth, joint strength between bolt and concrete) on
pull-out strength and fracture pattern, an analysis model with the same dimensions as the
specimens used in the previous study [6] was examined. An analysis model was created
in which anchor bolts were embedded in the center of a concrete block, and analysis was
performed by constraining the vertical displacement of the particles at the four corners,
as shown in Figure 10. Here, assuming anchor bolts used to attach seismic retrofitting
members to concrete blocks, we examined load-bearing performance when the embedding
depth is not sufficient or when chemical adhesives with different adhesive strengths are
used. Table 3 shows the material parameters used in the analysis, and Table 4 shows the
condition parameters for anchor installation. In this study, 0.5 m/s was selected as the
pull-out speed given to the anchor bolts according to the maximum speed level assumed
for ordinary seismic wave.

Table 3. Material constants used in the analysis with different installation conditions.

Steel Concrete

Compressive strength (MPa) 408.2 25.0
Tensile strength (MPa) 408.2 2.5

Poisson’s ratio 0.30 0.20
Density (kg/m3) 79,000 2350.0

Young’s modulus (MPa) 214,000 21,430

Table 4. Analysis cases.

Case
Maximum Bond Stress

τ (MPa)
Anchor Bolt Diameter d

(mm)
Anchor Bolt Embedment

Depth le (mm)

1 8 16 48
2 12 16 48
3 16 16 48
4 12 8 48
5 12 24 48
6 12 16 32
7 12 16 64

First, the crack growth process of concrete with the increase of pull-out displacement
of anchor bolts was investigated, and the adhesive stress distribution that changed, at the
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same time, was analytically considered. Figure 11 show the final crack pattern of Case 1, 2,
and 3, respectively. With the increase of adhesive stress limit, the fracture pattern changed
from bond fracture, bond-cone combined fracture, to cone fracture.

As shown in Figure 11, there are many small cracks around the anchor bolt, and a
major crack can be found at the bottom of the anchor bolt. In the case of adhesive stress
limit is 16 MPa, the major crack developed to the surface of the concrete, forming a cone
shaped fracture pattern.

Figure 11. Effect of adhesive stress on the fracture pattern.

The bond stress development are shown in Figure 12. Due to the mechanical symmetry
of the loading condition, the resulting figure shows only zoomed half of the analysis area.
Focusing on the result of Figure 12a,b with the adhesive stress limit set to 8 MPa, when
the pull-out displacement reaches x = 75 μm, fine cracks are seen near the anchor bolt,
and the bond stress rises to about 5 MPa in the entire circumference of the anchor bolt.
When pull-out displacement x = 225 μm, a major crack that could lead to cone fracture can
be found at the bottom of the anchor bolt. In addition, adhesive fracture was confirmed
in the concrete area with a depth of 10 to 15 mm around the anchor bolt. Regarding the
adhesive stress distribution, it was found that the stress decreased to zero at the bottom
and at about 10–15 mm depth of the concrete. This phenomenon indicate that the bond
stress can be influenced by cracks. At the upper part, the constraint from the surrounding
concrete is relatively low. Micro cracks and major radial cracks can both be found in this
area. Thus, the bond stress in this area decreases at an earlier stage [12,15].

In Figure 12c,d, where the adhesive stress limit is 12 MPa, crack development and bond
stress distributions are similar to the previous case. With the increase of adhesive stress
limit, the cone area at the upper part of the anchor bolt when x = 225 μm is larger than
that in Case 1. The final fracture pattern changed from bond fracture to bond-cone complex
fracture. In Figure 12e,f, where the bond stress is 16 MPa, the crack development and the
bond stress distribution of x = 75 μm is similar to previous cases. When x = 300 μm,
the crack reaches the surface of the concrete block, and the bond stress on the lower part of
the anchor bolt decreases, forming a cone shaped fracture pattern.

The load-displacement relationship of Case 1, 2, and 3 is shown in Figure 13, where it
shows that, with the increase of the maximum bond stress, the maximum load is increasing.
For the case with bond stress of 8 MPa where the fracture pattern is bond fracture, the shape
of the load-displacement curve is similar to the bond-stress curve mentioned in Figure 3b.
For the case with bond stress of 12 MPa where the fracture pattern is compound fracture,
it can be found that the area of the load-displacement curve is larger than the previous
curve, indicating that the energy consumed in compound fracture is larger than in bond
fracture. For the case with bond stress of 16 MPa, the maximum load is larger than the
previous cases, and the area of the load-displacement curve, or the energy consumed,
is even larger. Because of concrete cracks generated in this process, more noise can be
observed in the curve.
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Figure 12. Crack development and bond stress distribution. (a,b) Case 1. (c,d) Case 2. (e,f) Case 3.

Figure 13. Load-displacement relationships with different bond stress.

For case 2, 6, and 7, when increasing the diameter of the anchor bolt, the damage
pattern changed from bond damage to cone damage, shown in Figure 14, and the load-
displacement relationship is shown in Figure 15. When the diameter of the anchor bolt
increases, more bond force is provided by the increased interface area between anchor bolt
and concrete. This bond force is subjected to the same amount of concrete in a cone-shaped
area; thus, more concrete is damaged with more bond force by the pull-out process.

Figure 14. Effect of anchor bolt diameter on the fracture pattern.
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Figure 15. Load-displacement relationships with different anchor bolt diameters.

For case 2, 4, and 5, when changing the embedment depth of the anchor bolt from
shallow to deep, the damage pattern changed from cone damage to bond damage, shown
in Figure 16, and the load-displacement relationship is shown in Figure 17. When the
embedment depth of the anchor bolt increases, the volume of the cone-shaped area also in-
creases. Although more bond force is provided by the increased interface area, the fracture
pattern changes from cone fracture to bond fracture due to more concrete participating in
resisting the bond force.

Figure 16. Effect of embedment depths on the fracture pattern.

Figure 17. Load-displacement relationships with different embed depths.

To summarize, the analysis cases with bond stress of 12 MPa and their final crack
pattern are listed in Table 5 and Figure 18. In this figure, the horizontal axis is the ratio
between embedment depth le and the anchor bolt diameter d, while the vertical axis is
the maximum load P in the pull-out process. When le/d < 3, the fracture pattern is
cone fracture; when le/d > 3, the fracture pattern is bond fracture; and, when le/d = 3,
the fracture pattern is cone-bond complex fracture. This figure shows the tendency that, in
this study, with the increase of the value of le/d, the fracture pattern changes from cone
fracture to bond fracture.
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Table 5. Analysis cases and final crack pattern.

Case
Maximum Bond

Stress (MPa)

Anchor Bolt
Diameter

(mm)

Anchor Bolt
Embedment
Depth (mm)

Final Crack Pattern

2 12 16 48 Bond-cone complex fracture
4 12 8 48 Bond fracture
5 12 24 48 Cone fracture
6 12 16 32 Cone fracture
7 12 16 64 Bond fracture

Figure 18. Classification of the pull-out fracture pattern of an anchor bolt.

4.3. Influence of the Spacing between Anchor Bolts

Then, the influence of spacing between anchor bolts to the load capacity of the anchor
bolt is investigated. The analysis model is shown in Figure 19, with different spacing be-
tween anchor bolts s, from 234 mm to 25 mm. The sides of the upper surface of the concrete
block are fixed, and the material parameters are the same with previous analysis. The
development process of the cracks during the pull-out process is shown in Figures 20–22.

Figure 19. Analysis model with different spacing.

Figure 20. Crack development when the spacing s is 234 mm.
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Figure 21. Crack development when the spacing s is 150 mm.

Figure 22. Crack development when the spacing s is 25 mm.

In the case where the spacing is 234 mm, the development process is similar to the
case with a single anchor bolt. Inclined cracks generate from the bottom of the anchor bolt
and, finally, reach the surface of the concrete block. Two separate cone areas are formed.
When the spacing s is 150 mm, the inclined cracks also generate at the bottom of the anchor
bolt. When the pull-out displacement x = 225 μm, the cracks located between the two
anchor bolts joint with each other, forming a long crack connecting the two anchor bolts.
When x = 300 μm and x = 450 μm, the cracks reach the surface of the concrete, and
a complicated double-cone fracture surface is obtained. When the spacing s is 25 mm,
cracks generate from the bottom of the anchor bolt. The cracks outside the anchor bolts are
long and inclined, and the cracks between the anchor bolts are short and horizontal. When
x = 225 μm and x = 300 μm, the inclined cracks reach the surface of the concrete block.
The shape and the area of the emerged cone shape becomes more like the cone shape of a
single anchor bolt.

The load-displacement curves are shown in Figure 23. In the case where the spacing s
is 150 mm, the total area of the emerged cone shape changed little compared to the two
separate cone shapes, and the maximum load remains same for spacing of 200 mm and
150 mm. When the spacing s is 25 mm, the two anchor bolts just behave as a single anchor
bolt, and the maximum load is about half of the previous cases. To make the tendency more
clear, relationship between the ratio between the total maximum load and the maximum
load of a single anchor bolt Ptotal/Psingle and the spacing s is shown in Figure 24a, and the
relationship between the ratio between the total maximum load and the maximum load
of a single anchor bolt Ptotal/Psingle and the ratio between spacing and embedment depth
s/le is shown in Figure 24b. In Figure 24a, it is found that the maximum load remains
unchanged when the spacing s is larger than a certain value in different case, which is also
described in Reference [28]. In Figure 24b, it is clear that the load decrease is not noticeable
until s/le reaches 2.0. Compared to existing studies that considered the effect of anchor
bolt diameter on sufficient embedment depth [28], this study investigated the effect on pull
strength of adjacent bolt spacing at relatively shallow embedding depths. As a result, it is
confirmed that an interval of 2.0 times of the embedment depth is needed as a minimum
distance of adjacent bolt spacing to keep the pull-out strength. This result indicates that a
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minimum spacing of 2.0 times of the embedment depth should be ensured for anchor bolts
to provide sufficient resistance against pull-out load.

Figure 23. Load-displacement relationships with different spacing.

(a)

(b)

Figure 24. Pull-out strength influenced by input parameters. (a) Effect of bolt spacing on pull-out
strength (compared to the strength of a single bolt). (b) Effect of embedded depth on pull-out strength
(compared to the strength of a single bolt).

4.4. Influence of the the Distance from Free Edge

The influence of distance between the edge of the concrete block and the anchor bolt is
investigated. The analysis model is shown in Figure 25. The embedment depth le is 48 mm,
and distance s between the edge of the concrete and the anchor bolts varies from 100 mm
to 17 mm. As a boundary condition, the vertical displacement of the black color area (along
3 sides) in the upper surface are fixed, and the other side is not fixed. Figure 26 show the
principal strain distribution in half the region of the analysis model in consideration of
mechanical symmetry under the 0.45 mm pull-out displacement level.

From the final crack pattern, it was found that, when there is enough distance from the
edge of concrete block, a cone-shaped crack pattern can be observed. However, the cone-
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shaped crack becomes incomplete with the decrease of distance s. In particular, the crack
at the bottom of the anchor bolt extended to the lateral surface of the concrete without
changing direction in the case of s/le = 0.4, while, in other cases, the cracks turned.
From the load-displacement relationship shown in Figure 27 and the relationship between
the maximum load and the ratio of distance to free edge and embedment depth s/le shown
in Figure 28, it can be recognized that the maximum pull-out strength decreased when
s/le is lower than 1.0, and the maximum pull-out strength in case of s/le = 0.4 decreased
around 40% compared with other cases. As a reference, about 50% of the maximum load
drop can be found in the experiment [8,16]. Compared to the existing studies [8] that
showed the influence of the anchor bolt diameter under sufficient embedment depth, we
investigated the minimum distance from the free end to keep the pull-out strength of the
anchor bolt, and it has been found that maintaining proper pull-out strength requires a
distance from the free end that is greater than 1.0 times the anchor bolt embedding depth.
This is also shown by the tendency of the experiments conducted in Reference [16]. Thus, it
indicates that s/le = 1.0 should be guaranteed when installing anchor bolts at the edges of
the concrete structures. In addition, compared to the analysis results in the previous section,
it can be found that the analysis model with insufficient distance between the anchor bolt
and the free edge is similar to a half model of cases with insufficient intervals between
anchor bolts considering symmetricity. When sufficient valid base concrete around a single
anchor bolt is not guaranteed, the pull-out performance of this single anchor bolt is limited.
When installing anchor bolts under these conditions, it is necessary to avoid densely placed
rebar areas to ensure sufficient embedding depth for the bolts and the surrounding concrete
area. In the next section, we will consider an example of countermeasures when a sufficient
concrete area cannot be secured around the anchor bolt.

Figure 25. Analysis model with one side free.

Figure 26. Crack patterns with different distance between the free edge and the anchor bolt.
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Figure 27. Load-displacement relationships with different distance to free edge.

Figure 28. Relationship between maximum load and ratio of distance free edge and embedment
depth s/le.

4.5. Measures against Insufficient Distance from the Free End with PCM

As clarified in the previous section, if the anchor bolt installation position is close to
the free end, the pull-out strength will decrease. We investigated a method that does not
reduce the pull-out strength as much as possible, even when anchor bolts are unavoidably
attached near the free end by using PCM (Polymer Cement Mortar).

PCM is a simple method of spraying reinforced mortar onto the existing concrete of
an aged RC structure, and it has already been used in many ways [23,24]. In this study, we
calculated how much the anchor bolt pull-out strength can be prevented from decreasing
by PCM method when the anchor installation position is close to the free end.

The analysis model of this simulation is shown in Figure 29, where a PCM rein-
forcement layer with 3-mm or 6-mm thickness is added to the existing concrete surface.
In Figure 29a, the PCM area is smaller, but it is able to cover the projection of the anchor
bolt on the lateral surface of the concrete block, while, in Figure 29b, the PCM area is
sufficient to cover sufficient the corn failure domain. The material parameters of PCM is
shown in Table 6. The boundary conditions are the same as the previous section, where the
three sides of the upper surface displayed in black in the figure are fixed.

Figure 30 shows the crack pattern obtained in SPH analysis, and Figure 31 shows the
load-displacement relationship. It is recognized from Figure 30a,b that, since the strength
of the PCM material is higher than that of existing concrete, the cracks can be seen growing
under the PCM area. Thus, this change in the crack growth path causes a slight increase in
the pull-out strength of the anchor bolt.

On the other hand, in the case of Figure 30c,d, when the PCM reinforcement area is
wide, a crack occurred in the PCM layer, which has a high tensile strength than that of
existing concrete, and a clear effect was seen, such as an improvement in pull-out strength
of about 40%. To summarize these results, it is possible to improve the pull-out strength of
anchor bolts with insufficient distance from free end by using the PCM method. To achieve
a better performance of the PCM reinforcement layer, the reinforced area by PCM should
be large enough to cover the assumed cone failure domain of the concrete.
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Figure 29. Analysis model with PCM reinforcement layer. (a) Model with PCM layer of small area.
(b) Model with PCM layer of large area.

Figure 30. Crack patterns with PCM reinforcement layer.

Figure 31. Load-displacement relationships with PCM reinforcement layer.
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Table 6. Material parameter of PCM.

Compressive
Strength (MPa)

Tensile
Strength (MPa)

Poisson’s Ratio Density (kg/m3)
Young’s

Modulus (MPa)

60.0 6.0 0.2 2300 27,000

5. Conclusions

In this study, an analysis method that can accurately evaluate the pull-out strength
of anchor bolts embedded in concrete using the SPH method is presented and considered
the ultimate pull-out strength under various conditions (bolt diameter, embedded depth,
adjacent bolt spacing, etc.). The results obtained in this study are summarized as follows.

1. As a result of comparison with the existing experimental values, it was confirmed
that the crack growth analysis using the SPH method proposed in this study was very
effective on the accurate estimation of ultimate pull-out strength of anchor bolt.

2. When changing the parameters of the analysis cases, concrete base fractures are likely
to occur with lower embedding depth and higher bond stress, and bond fractures are
likely to occur with deeper embedding depth and lower bond stress.

3. It was found that, if the distance between two adjacent bolts was shortened under
the installation conditions where cone fracture occurred, the cone fracture regions
of the individual bolts overlapped, and the total pull-out strength of the two bolts
decreased. According to the analysis results, if the distance between two adjacent
bolts was smaller than embedded depth, the total pull-out strength decreases around
50% compared to the sufficient distance condition.

4. It was also recognized that, when the distance from the edge was larger than the
embedment depth, the pull-out strength could maintain the certain level. However,
if the distance from the edge becomes smaller than embedded depth, the pull-out
strength decreases with the distance.

5. This research simulation shows that, when the distance from the anchor bolt to the
edge is about half the embedding depth, the pull-out strength drops to about 50%
of the original strength. However, even in such a case, it was confirmed from the
analysis results that it is possible to prevent a decrease in the pull-out strength of the
anchor bolt by using a PCM material.

In this study, it was shown that the pull-out strength of anchor bolts embedded in
concrete could be accurately evaluated by the proposed SPH method. By using this method,
it is possible not only to predict the pull-out strength and fracture mode under various
installing conditions of anchor bolts in the structure but also to quantify the effect of the
reinforcement method, such as the PCM method.
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Abstract: This paper presents a modification of the modal-based ground motion selection (MGMS)
method for improving the reliability of the nonlinear response time history analysis (NLRHA) of
reinforced concrete (RC) shear wall structures. The original MGMS procedure quantified the impact of
frequency content combinations in the time domain (FCCTD) of input ground motions (IGMs) on the
seismic response of building structures using the level of interaction of the first three modes induced
by IGMs. However, previous research found that the first two modes have far larger modal mass
coefficients than those of higher modes and dominate the vibration of the RC shear wall structures
with a symmetric plan. Therefore, the MGMS procedure should be modified by employing the
interaction of the first two modes induced by IGMs to properly account for the effect of the FCCTD
of IGMs on the seismic response of structures. In the MGMS procedure for RC shear wall structures,
seven IGMs that caused the most significant interactions of the first two modes were selected from a
suite of twenty seed IGMs, which were chosen with a conventional spectra-matching-based IGMs
selection procedure for the NLRHA of the structure. A comprehensive case study involving three
RC shear walls with different heights was conducted to investigate the capability of the MGMS
in selecting suitable IGMs for the NLRHA of RC shear wall structures. Sets of seed IGMs were
selected, adopting conditional mean spectra and design spectra as the target spectra. It was found
that the seismic demands computed using MGMS selected IGMs can ensure a more reliable and
reasonable computation of seismic demands compared with conventional spectra-matching-based
IGMs selection methods.

Keywords: nonlinear response time history analysis; reinforced concrete shear wall structure; modal-
based ground motion selection; frequency contents combination in the time domain; dominated mode

1. Introduction

Tall buildings in moderate and high seismicity regions extensively adopt reinforced
concrete (RC) shear wall structures to resist lateral loads because of their remarkable
seismic performance. Owing to the increased seismic risk, accurate computation of the
seismic demand is crucial to the seismic design of RC shear wall structures. The most
precise method in computing seismic demands of building structures is the nonlinear
response time history analysis (NLRHA) method. Still, the reliability and reasonability
of the NLRHA are limited by the representative input ground motions (IGMs) because of
the extreme uncertainty and contingency of earthquake events [1–5]. The available IGM
selection procedures [6–9] firstly evaluate local geological features and basic properties of
the IGMs [10–15] to ensure these features of IGMs fulfil the requirement of the site. Then,
the selection procedures adopt various spectra matching techniques to modify IGMs to
provide the response spectra IGMs that match closely with the target spectrum [16].
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In the past two decades, plenty of research efforts have been made in developing
spectra-matching-based IGM selection procedures for selecting and scaling proper IGMs
for the NLRHA of building structures [17–28]. However, the structural seismic demand is
affected by the peak modal responses and the modal response combinations in the time
domain, which is determined by the frequency contents combinations in the frequency
domain (FCCFD) and time-domain (FCCTD) of IGMs, respectively [29]. For high-rise
buildings, the peak modal responses and modal response combinations in the time domain
are of the same importance to the seismic demand of the building structure. The response
spectrum of IGMs quantifies the effect of FCCFD of IGMs. Thus, most of the available
IGMs selection procedures that employ spectra matching techniques can only consider
the impact of FCCFD of IGMs. The research of Wang [20] and Anajafi [24] showed that
even if the individual records are tightly matched to the target spectrum, the record to
record variability in the inelastic structural responses might be still noticeable. Moreover,
Anajafi and Medina [24] also illustrated that the record-to-record variability in higher-mode
dominated responses is very sensitive to the value of the target damping. These findings
highlighted the shortcoming of the spectral matching technique.

Recently, a modal-based ground motion selection (MGMS) procedure was developed
by Liu et al. [30] to consider the effect of FCCTD of IGMs in IGM selection. In the MGMS
procedure, the impact of FCCTD of IGMs on the seismic demand of structures is quantified
with the interaction of the first three modes. The MGMS procedure’s capability to select
more reasonable IGMs for the NLRHA of structures has been proved for frame structures.
At the same time, the deflection profile of the wall and frame structures is flexural and
shear profiles, respectively, when the structures are subjected to the action of lateral load.
Different deflection profiles of the wall and frame structures indicate different structural
behavior [31,32]. The contribution of the seismic response of dominated modes to the final
seismic demand shall also be different. Therefore, the capability of the MGMS procedure
in improving the reliability of the NLHRA of RC shear wall structures is not guaranteed.

In this paper, the MGMS procedure is modified to take the modal response charac-
teristics of RC shear wall structures into account in selecting IGMs for the NLRHA of the
structure. In the MGMS procedure for wall structures, selected IGMs can induce the most
significant interaction of the first two dominated modes, of which the modal mass coeffi-
cients are larger than the sum of modal mass coefficients of all the higher-order modes. A
comprehensive case study was conducted on three RC shear wall structures with different
heights. Seed IGMs were selected and scaled, with target spectra being conditional mean
spectra [33] and ASCE 7 design spectra [6] to investigate the reliability and reasonability
of the MGMS procedure when the target spectra vary. The results show that the MGMS
procedure can effectively and consistently select suitable IGMs for the NLRHA of RC shear
wall structures.

This paper has six sections, and the first section presents the background introduction,
research significance and structure of the paper. Section 2 first provides the basic infor-
mation on the MGMS procedure and discusses why modifications should be made to the
selection procedure to ensure a more reasonable selection of IGMs for the NLRHA of RC
shear wall structures. Then, Section 2 presents details about the proposed MGMS procedure
for RC shear structures. Section 3 shows detailed information on a comprehensive case
study, including structural prototypes, seed IGMs and IGM selection for the NLRHA of RC
shear wall structures. Section 4 presents the NLRHA results adopting IGMs of different
selection methods and discussions. Section 5 summarizes the findings of the paper and
draws conclusions based on the findings. Appendix A provides details of the RC shear
wall structures and seed IGMs.
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2. Modal-Based Ground Motion Selection Procedure for RC Shear Wall Structures

2.1. Original Modal-Based Ground Motion Selection Procedure

The structural dynamics theory is firstly adopted to demonstrate the effect of IGMs
on the peak modal responses and modal response combinations in the time domain. The
equation of motion of a multi-degree-of-freedom system under the IGM is expressed as [29]

m
..
u + c

.
u + ku = −mi

..
ug(t) (1)

where u is story displacements vector, k, c and m stand for the stiffness, damping and mass
matrices, respectively, and i is the influence vector.

..
ug(t) is the acceleration history of the

input ground motion. As the loading history does not affect the independence of the lateral
force, the solution of Equation (1) can be expressed as:

u(t) =
N

∑
n=1

un(t) =
N

∑
n=1

ΓnφnDn(t) =
N

∑
n=1

ΓnφnDnan(t) (2)

where
Γn =

Ln

Mn
, Ln = φT

n mi and Mn = φT
n mφn (3)

and un(t) is the displacement history of nth mode; φn is the mode shape of nth vibration
mode, and N is the total number of mode; Γn is the modal participating factor; Mn is the
generalised mass of mode n; Ln is the modal excitation factor of mode n; Dn(t) is the top
displacement time history the ESDOF of nth mode; Dn is the peak displacement of the
ESDOF of nth mode; an(t) = Dn(t)

Dn
is the normalized top displacement time history of

nth mode.
It is clear from Equation (2) that the seismic demand of tall buildings is determined by

both peak modal response Dn, and modal response combination in the time domain an(t).
The Dn and an(t) are of the same importance when the higher-mode effect is significant.
Spectrum matching-based IGM selecting and scaling procedures only ensure that the value
of Dn fulfils specific requirements but ignores the impact of an(t) on the structural seismic
demand, resulting in significant variations in the computed seismic demand [20,21,24].

Driven by the need to take the effect of FCCTD of IGMs on the structural seismic
demand into account in the selection of IGMs and improve the reliability of NLRHA, the
modal-based ground motion selection (MGMS) procedure [30] was developed. The MGMS
procedure selects seven IGMs that lead to the most severe interaction of the first three modes
from a group of twenty seed IGMs, primarily obtained through the common two-step
IGMs selection method. A previous study has shown that with reasonable consideration of
the effect of FCCTD of IGMs, the MGMS procedure can select more reasonable IGMs for
the NLRHA of frame structures.

2.2. Proposed Modal-Based Ground Motion Selection Procedure for RC Shear Wall Structures

The modal mass coefficient αn, which can be calculated using Equation (4), is the
primary factor that affects the number of modes considered in the MGMS procedure.

αn =
me f f

∑N
i=1 mj

=
1

∑N
i=1 mj

L2
n

Mn
(4)

For most structures with symmetric plane arrangements, the sum of modal mass
coefficients of the first three modes is higher than 90% [29]. Thus, the MGMS included
the first three modes to account for the effect of IGMs on the multi-mode interaction.
At the same time, it is found that for RC shear wall structures with a symmetric plan,
the modal mass coefficients of the first two modes are larger than the sum of the modal
mass coefficients of the higher-order modes [31,34]. At the same time, the modal mass
coefficients of other higher modes are smaller than the sum of the modal mass coefficients
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of the higher-order modes. The relations of the modal mass coefficients of RC shear wall
structures with a symmetric plan can be expressed as:

αi ≥ ∑N
i+1 αn for i = 1, 2 (5)

αi < ∑N
i+1 αn for i = 3, 4, . . . , N − 2 (6)

The large modal mass coefficient values of the first two modes show the overwhelming
domination of the first two modes in the vibration of the RC shear wall structures. Thus,
considering the effect of IGMs on the interaction of the first two dominated modes is more
reasonable in selecting IGMs for the NLRHA of RC shear walls with a symmetric plan.
Otherwise, the higher-order mode effect will be exaggerated in the IGM selection, and the
reliability of the NLRHA of shear wall structures will be affected.

Accounting for the domination of the first two modes in the vibration of the RC
shear wall structures, the MGMS procedure was modified by considering the first two
modes’ interaction in the IGMs selection. After selecting twenty seed IGMs through a
spectrum-matching procedure, the NL-ESDOFs of the first two modes were developed
through the modal pushover analysis procedure:

(1). Apply lateral force whose distribution is mφn, where n = 1, 2, to the structure sepa-
rately, and generate two sets of curves of base shear-roof displacement (Vbn − urn).
Convert the (Vbn − urn) curves to bilinear curves.

(2). Transfer the (Vbn − urn) bilinear curves to the (Fsn/Ln − Dn) pushover curves of the
NL-ESDOFs using Equation (7):

Fsn

Ln
=

Vbn
M∗

n
and Dn =

urn

Γnφrn
(7)

(3). The vibration period of NL-ESDOFs can be calculated as:

T∗
n = 2π

√
LnDny

Fsny
and Dny =

urny

Γnφrn
(8)

(4). Develop the NL-ESDOFs model using the base shear-top displacement relations of
(Fsn/Ln − Dn) curves and T∗

n as the vibration period of NL-ESDOFs.

After obtaining the model of the NL-ESDOFs, NLRHA of NL-ESDOFs are conducted
with twenty seed IGMs to compute the roof displacement time histories and the peak
absolute roof displacement of the NL-ESDOFs ujn(tk) and ûjn = max

tk∈T0

∣∣ujn(tk)
∣∣. Where

n = 1, 2, is the mode ID; j = 1, 2, . . . , 20, is the ID of the seed IGMs; tk is the time point
within the duration of the IGM j, Tj0. The level of multi-mode interaction caused by IGM j
was then quantified by the combination factor β j, which is the largest value of the factor
β jk that establishes the following inequalities simultaneously for all tk ∈ Tj0:

(∣∣uj1(tk)
∣∣ ≥ |Γ1|β jkûj1

)
(9)

(∣∣uj2(tk)
∣∣ ≥ β jkûj2

)
(10)

The β j shall range from 0 to 1/|Γ1|. If β j equals to 0, it means that under the action
of motion j, at least one dominated mode does not contribute to the seismic response of
the wall structures for all tk ∈ Tj0. On the other hand, if β j equals 1/|Γ1|, the first mode
reaches the largest roof displacement, and the second mode has roof displacement just
below the largest value simultaneously for at least one time point within the duration of
IGM j. These two cases are sporadic when the wall structures are subjected to natural
earthquakes. The MGMS procedure then selects seven IGMs with the largest value of β j to
carry out NLRHA of the full RC wall structure model. The average demands of NLRHA
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adopting the 7 MGMS-selected IGMs are the seismic demand of the RC wall structure. The
procedure of selecting IGMs with the MGMS procedure for RC shear wall structures with a
symmetric building plan is shown in Figure 1.

Figure 1. Flowchart of MGMS procedure of wall structures.

3. Case Study

3.1. Structure Prototype

In the case study, three RC shear walls, namely W1, W2 and W3, with story numbers of
8, 20 and 30, respectively, were studied. These three wall structures were all modified from
the 8-story RC shear walls in the FEMA-440 [34]. Detailed information of design procedure
of the RC shear walls can be found in [34,35]. The elevation and the reinforcement details
of the three RC shear wall structure models can be found in Appendix A. The assumed
gravity load for each story was 1468 kN for the 8-story wall structure and 2348.48 kN for
the 20-story and 30-story shear wall structures.

The SAP 2000 Software nonlinear version [36] was employed to model the RC shear
wall structures. The direct integration method adopting Wilson-θ algorithm was used
to conduct NLRHA of wall structures, and the value of θ was set to be 1.4 to ensure the
convergence of the integration algorithm. Grade 60 steel rebar was adopted for the W1
and W2, and Grade 75 steel rebar was adopted for W3. The yield strength of the Grade 60
and Grade 75 steel rebar is 413.7 MPa and 517.1 MPa, respectively. The Park parametric
stress-strain relation was employed to model the nonlinear property of the steel rebar. The
concrete property was modeled adopting the Mander concrete stress–strain curve. The
unconfined concrete has a specified compressive strength of 27.6 MPa for W1 and W2
and 34.4 MPa for W3. The steel and concrete hysteresis behavior was modeled using the
kinematic and concrete hysteresis models [36], respectively.

A multi-layer shell element was used to model the shear walls. In all the wall models,
only the flexural inelasticity of shear walls was modeled, and the shear deformation of
walls was set to be elastic since it was assumed that walls have sufficient shear strength.
Table 1 summarizes the properties of the first five modes of the wall structures, where
it is found that the modal mass coefficients of all the RC shear wall structures fulfill the
relations of Equations (5) and (6) simultaneously, and the first two modes dominate the
structural response of all the wall structures.
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Table 1. Modal properties of shear wall structures.

NO.

Mode
1 2 3 4 5

T (s) α T (s) α T (s) α T (s) α T (s) α

W1 0.625 0.680 0.127 0.200 0.061 0.045 0.047 0.009 0.041 0.016
W2 1.830 0.642 0.341 0.205 0.145 0.060 0.090 0.027 0.066 0.015
W3 2.392 0.630 0.436 0.200 0.182 0.064 0.110 0.031 0.079 0.020

In this study, 5% Rayleigh damping was assigned to the first and third modes to model
the inherent damping of the structure. A few studies in the past [37–39] illustrated that this
approach could result in fictitiously large damping forces, which underestimated the first-
mode and higher-mode dominated responses. These studies proposed solutions to mitigate
this shortcoming. Future studies should also consider alternative approaches proposed in
the literature for modelling the viscous damping of the structure and investigate the effect
of modelling damping on record-to-record variabilities.

3.2. Characteristics of the Seed IGMs

The target spectra for selecting and scaling the seed IGMs are conditional mean spectra
(CMSs) and the ASCE 7 design spectra (DSs). Two DSs were constructed using two suites of
parameters to consider different intensity levels. Table 2 summarizes the design parameters
for the construction of the DSs.

Table 2. Design parameters of the ASCE design spectra.

Spectrum No. Sds (g) Sd1 (g) TL (s)

DS 1 1.00 0.75 12
DS 2 1.20 0.85 10

Note: Sds and Sd1 are spectral accelerations at 0.2 s and 1 s, respectively. TL is the transition period of the
long-period.

For wall structure Wn (n = 1, 2, 3), two CMSs, namely Wn CMS 1 and Wn CMS 2, was
constructed adopting the fundamental mode of the structure T1 of Wn as the conditional
period. Thus, overall six CMSs have been built. The Abrahamson–Silva-Kamai model,
Boore–Stewart–Seyhan–Atkinson, Campbell–Bozorgnia, and Chiou–Youngs models were
adopted to construct CMSs. Each target CMS is the average spectrum of CMSs built with
the four ground motion models mentioned above using the same construction conditions.
The moment magnitude was 8.5 and 9.0 for Wn CMS 1 and Wn CMS 2, respectively. The
fault type is a strike-slip fault, and the distance from the site to the rupture plane is not
less than 12 km. The Vs30 of site soil is the average shear velocity of top 30 m site soil and
is assumed to be 400 m/s. Therefore, the site is classified as Class C of NEHRP. Detailed
information for constructing the CMS are summarizes in Table 3, and the target CMSs and
DSs are shown in Figure 2. It is seen from Figure 2 that CMSs built with the exact moment
magnitude, but different conditioning periods are identical.

Table 3. Conditions for the construction of the CMSs.

Conditional
Mean Spectrum

Conditioning
Period

Moment
Magnitude

Distance to
Rupture Plane

Vs30

W1 CMS 1 0.625 s
8.5

≥12 km 400 m/s

W2 CMS 1 1.830 s
W3 CMS 1 2.391 s
W1 CMS 2 0.625 s

9.0W2 CMS 2 1.830 s
W3 CMS 2 2.391 s
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Figure 2. Target spectra for the IGM selection and scaling.

A set of twenty seed IGMs were selected and scaled from the strong ground motion
database of the Pacific Earthquake Engineering Research Centre (PEER) [40], concerning
each target spectrum. Therefore, eight sets of seed IGMs were selected. The criteria for
the IGMs selection were: (1) the soil type of the site is class C of NEHRP for all the IGMs;
(2) the distance from the recording stations to the epicentre should be not less than 12 km;
(3) the range of moment magnitudes of earthquake events for all the IGMs is 6.5 to 9.0.

To ensure the response spectra of selected IGMs fit well with the target spectra, the
average computed weighted mean squared error (MSE) between the response spectrum of
each IGMs and target spectrum was minimized. When selecting and scaling seed IGMs for
motion sets 1 and 2 with respect to the DSs, the scale factor has a value range of 1.0 to 5.0,
and the weight value of 1.0 is set for periods ranging from 0.1 s to 5.0 s in the computation
of MSE. The scale factor value ranges from 3.0 to 5.0 for motion sets 3–8, whose IGMs were
selected and scaled with respect to CMS [41]. When minimizing the MSE for motion sets
3–8, the weight value is set to be 1.0 for from 0.2 T1 to 2 T1, where T1 is the conditioning
period for the target CMS. Detailed criteria for the scaling of IGMs are listed in Table 4.
Detailed information on the seed IGMs is provided in Appendix A.

Table 4. IGMs scaling criteria.

Motion Set
Target

Spectrum
Scaling Factor

The Period Range for
Minimizing the MSE

Structures
Adopted for

1 DS 1 1.0–5.0 1.0 s–5.0 s W1, W2, W3
2 DS 2 1.0–5.0 1.0 s–5.0 s W1, W2, W3
3 W1 CMS 1 3.0–5.0 0.125 s–1.250 s W1
4 W1 CMS 2 3.0–5.0 0.125 s–1.250 s W1
5 W2 CMS 1 3.0–5.0 0.366 s–3.660 s W2
6 W2 CMS 2 3.0–5.0 0.366 s–3.660 s W2
7 W3 CMS 1 3.0–5.0 0.478 s–4.781 s W3
8 W3 CMS 2 3.0–5.0 0.478 s–4.781 s W3

3.3. IGM Selection for the NLRHA of RC Shear Wall Structures

To investigate the capability of the MGMS on selecting more proper IGMs for the
NLRHA of RC shear wall structures, two spectra-matching-based IGM selection methods
were employed to select IGMs from the seed motion sets. These two IGM selection
procedures are uniformly weighted closest spectra matching procedure (UW-CM), which is
widely used in the research and engineering practice, and variably weighted closest spectra
matching procedure (VW-CM), which was recently developed in [28]. The UW-CM selects
seven IGMs that have the lowest MSE, for which the weight value is 1.0 for all the period
points within the period range of 0.2 Tl and 2 Tl, between the response spectra of the IGMs
and target spectrum. The VW-CM method also selects seven IGMs with the lowest MSE.
Still, the weight value for different periods varies to take into account the contribution of
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the different modes to the structural seismic responses. The VW-CM method calculates the
MSE of motion j with the following equation:

MSEVW
j =

n

∑
i=1

⎡
⎢⎣αi ∑

0.5(Ti+1+Ti)or1.5T1
T=0.5(Ti+1+Ti)

(
Saj(T)− St

a(T)
)2

∑n
i=1 αi

⎤
⎥⎦ (11)

where Saj(T) and St
a(T) are the spectrum acceleration value of motion j and target spectrum,

respectively; Ti is period of ith mode; αi is the modal mass coefficient of ith mode; n is the
number of modes that ensure the sum of modal mass coefficients is not less than 90%.

Since the whole set of seed IGMs have similar response spectra and the broadest range
of FCCTD, the mean seismic demand of NLRHA with the entire set of seed IGMs is the
most reliable seismic demand. Thus, in this study, the mean seismic demand computed
with all the seed IGMs of the set was employed as the reference seismic demand, and the
average spectrum of IGMs of the whole motion set was adopted as the target spectrum,
when adopting CM procedures to select IGMs from each seed motion set. The mean seismic
demands from NLRHA with IGMs selected with different IGM selection methods were
compared to investigate the rationality of the selected IGMs. NLRHA with motion sets
1 and 2 were conducted for all the shear wall structures. IGMs of sets 3–8 were adopted
for the NLRHA of wall structures whose fundamental mode period is the same as the
conditioning period of the target CMS of the set. Table 4 summarizes the motion sets for
the NLHRA of different wall structures.

It is known from the selection process that the MGMS procedure ensures that the
response spectra of the selected IGMs match well with the mean spectrum of the set, and the
chosen IGMs can cause the most significant interaction of the first two dominated modes.
Although both UW-CM and VW-CM procedures ensure that the response spectra of the
selected IGMs match best with the mean spectrum of the set, the VW-CM considers the
different contributions of modes to the seismic response of structures. The mean spectra of
the twenty seed IGMs of the set (symbolized as Mean-20), mean spectra of MGMS selected
IGMs (symbolized as MGMS-Wn), mean spectra of UW-CM-selected IGMs (symbolized as
UW-CM-Wn) and mean spectra of VW-CM-selected IGMs (symbolized as VW-CM-Wn)
are presented in Appendix A.

4. Results and Discussions

4.1. Comparison of the Results of MGMS Procedures

Figure 3 presents the seismic demands of wall structure W2 under motion set 6 adopting
IGMs selected by MGMS procedures with and without considering the modal response
characteristics of the RC shear wall structures, which is denoted as 2-mode and 3-mode,
respectively. In Figure 3, the mean demands of the NLRHA with the whole set of IGMs
are plotted and marked as “Mean”. The presented MGMS procedure for RC shear wall
structures, considering modal response characteristics of shear wall structures, selected
seven IGMs that induced the most significant interaction of the first two modes from
the seed IGMs set. The original MGMS procedure that does not take modal response
characteristics of the RC shear wall structures into account selected seven IGMs that caused
the most significant interaction of the first three modes for the NLRHA of the shear wall
structures following the procedure in Reference [30].

It is found that no matter whether the modal response characteristics of the shear
walls were considered, the MGMS procedures can select proper IGMs for the NLRHA of
the structure and seismic demands by both MGMS procedures are close to the benchmark
demands. It is also noticed that IGMs selected by the MGMS procedure considers the
modal response characteristics of the RC shear walls led to a more accurate computation
of most of the seismic demands since the seismic demands approximated the benchmark
demand better. The more reliable computed seismic demand shows the necessity and
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rationality of considering the modal response characteristics of shear wall structures in
selecting IGMs with the MGMS procedure.

  

Figure 3. Comparison of the benchmark seismic demands and seismic demands computed by IGMs selected by MGMS
procedures for motion set 6.

4.2. Comparison of Seismic Demands by Different IGM Selection Procedures

Figures 4–7 present the floor displacements, inter-story drift ratio, shear force, and
bending moment computed by the IGMs from motion sets 2. The mean seismic demands
of the set plus and minus one standard deviation of the demands, denoted as Mean + σ

and Mean − σ, are also plotted. It is clear from Figures 4–7 that the ratio of one standard
deviation of seismic deformation to the mean deformation is much larger than that of
seismically induced force. As a result, the seismic deformation is more sensitive to the
variation of IGMs, compared with seismically induced force.

   
W1 W2 W3 

Figure 4. Comparison of the floor displacements of wall structures under motion Set 2.
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W1 W2 W3 

Figure 5. Comparison of the inter-story drift ratio of wall structures under motion Set 2.

   
W1 W2 W3 

Figure 6. Comparison of the shear force of wall structures under motion Set 2.

   
W1 W2 W3 

Figure 7. Comparison of the bending moment.

As shown in Figure 4, the IGMs selected by the MGMS procedure and CM procedures
caused a less and more conservative prediction of the floor displacement for all the stories
of W1, respectively. Displacement calculated with UW-CM selected IGMs matched the
best with the mean displacement of the set. When calculating the floor displacement of
W2, NLRHA with IGMs chosen by all the selection methods led to an overestimated floor

538



Appl. Sci. 2021, 11, 8230

displacement. Still, the displacement by the MGMS-IGMs approximates the reference
displacement the best. Floor displacement of W3 under motion set 2 calculated by IGMs
selected by all the selection procedures is conservative. The displacements of MGMS-IGMs
and VW-CM-IGMs are similar and close to the benchmark displacement.

Considering the inter-story drift ratio of W1, the UW-CM selected IGMs led to the
most reliable computation of the drift ratio, although the drift ratio computed with UW-
CM-IGMs is conservation. The MGMS selected IGMs and VW-CM selected IGMs induced
an under- and overestimation of the inter-story drift ratio of W1, respectively. The results of
the MGMS-IGMs are closer to the mean drift ratio of the set. As for W2 and W3, inter-story
drift ratios were overestimated by IGMs selected by all the IGM selection methods, but
those computed with the MGMS-IGMs matched the best with the reference drift ratio.
Comparing the inter-story drift ratio of W2 and W3 calculated by the CM procedures,
the results from NLRHA with VW-CM selected IGMs have better approximations to the
benchmark drift ratio.

It can be found in Figures 7 and 8 that IGMs of MGMS and both CM procedures could
ensure shear force and bending moment of all the RC shear wall structures approximate
the reference forces well in the upper floors. For shear force at lower stories, the UW-CM
selected IGMs, VW-CM selected IGMs and MGMS-selected IGMs led to the most reliable
computation of shear force of W1, W2 and W3, respectively. The bending moment of W1 at
lower stories computed with UW-CM-IGMs is the closest to the reference bending moment,
and the bending moment of W2 and W3 at lower floors from NLRHA with MGMS-IGMs
has the best approximation to the mean moment of the set.

  
Floor displacement Inter-story drift ratio 

  
Shear force Bending moment 

Figure 8. Deviations between the seismic demands from different IGM selection procedures and benchmark demands.

By comparing the seismically induced deformation and force of the wall structures
under motion set 2, it is found that both MGMS procedure and CM procedures can select
IGMs that ensure the seismic demands close to the mean demands of NLRHA with IGMs

539



Appl. Sci. 2021, 11, 8230

of the whole motion set. Additionally, MGMS-IGMs tend to provide a more reliable
estimation of the seismic demands than CM procedures selected IGMs.

4.3. Comparison of the Deviation of the Computed Demands

The deviation between the seismic demands by different IGM selection procedures
and the benchmark demands was calculated to quantitatively compare the reliability and
reasonability of the seismic demands of NLRHA with a diverse selection of IGMs. The
deviation δ

ij
N shows the relative difference between the benchmark demands of motion

set j and demands computed using IGMs from IGM selection method N at the ith story,
respectively, which are calculated as:

δ
ij
N =

∣∣∣∣∣d
ij
N − dij

dij

∣∣∣∣∣× 100% (12)

where N is the IGM selection methods, namely the MGMS method, UW-CM method and
VW-CM method; dij

N is the i-th story’s seismic demands calculated using IGMs selected by
method N for motion set j; dij is the benchmark demands ith story for motion set j, which
are the means demand of NLRHA with all IGMs of the set.

The statistics of the deviations are presented using box plots in Figure 8. Deviations
of MGMS procedure and CM procedures are compared for motion sets containing seed
IGMs selected and scaled concerning design spectra and conditional mean spectra. For
each plot, the highest and lowest edges of the cirrus stand for the largest and lowest
deviation. The horizontal axial value of the line inside the box is the mean deviation.
The horizontal axial values of the upper and lower box edges are the deviation value of
75th and 25th percentiles, respectively. The mean deviation value shows the reliability
of the IGM selection procedure. Additionally, as the smaller the difference between the
75th percentile deviation and 25th percentile deviation (75th-25th deviation difference) is,
the trend of distribution of computed seismic demands along the height of the structure
is closer to that of the benchmark seismic demands. Therefore, the 75th-25th deviation
difference reveals the reasonability of the IGMs selected by the different selection methods.

Comparing the mean deviation of the seismic demands, it is evident that the MGMS-
IGMs and VW-CM-IGMs can achieve a much lower mean deviation than that of the
UW-CM selected IGMs, except for computing shear forces with IGMs selected with DSs
being the target spectra. Therefore, the reliability of NLRHA with UW-CM-IGMs is lower
than that of NLRHA with IGMs chosen by the other two IGM selection methods. The mean
deviation of seismic deformation, including inter-story drift ratio and floor displacement,
by MGMS-IGMs and VW-CM-IGMs is similar when using the DS as the target spectra.
Meanwhile, a more than 27% lower mean deviation of seismic deformation by IGMs
selected by MGMS procedure is noticed when selecting and scaling IGMs referring to
CMSs. Considering the seismically induced forces, the MGMS selected IGMs, and the
VW-CM selected IGMs have a higher mean deviation of shear force and bending moment,
respectively, but the difference is insignificant.

The 75th-25th deviation difference of most seismic demands of the UW-CM method
is much higher than that of MGMS and VW-CM methods, indicating lower reasonability
of the UW-CM selected IGMs. Comparing the 75th-25th deviation difference of seismic
deformation of the VW-CM and MGMS methods, it is found that the deviation difference of
the MGMS procedure is over 38% and 54% lower than that of the VW-CM method when the
target spectrum is DSs and CMSs, respectively. Compared with the VW-CM method, the
MGMS procedure tends to have a slightly lower and higher 75th-25th deviation difference
of seismically induced forces, when the target spectra for selecting and scaling the IGMs
are DSs and CMs, respectively.

Based on the comparison of deviation of the computed demands, it is clear that
considering the modal contribution in the IGM selection procedure, the VW-CM procedure
can select more reliable and reasonable IGMs, compared with the UW-CM procedure.
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Compared with the VW-CM procedure, the MGMS procedure for RC shear wall structures
can achieve a noticeable lower mean deviation and 75th-25th deviation difference of the
seismic deformation while having a similar mean deviation and deviation difference of the
seismically induced forces. Meanwhile, it is seen in Figure 8 that the seismically induced
force is less sensitive to the variation of the IGMs and the seismic deformation is the control
seismic demand in the seismic design and analysis of building structures. Therefore,
selecting IGMs with MGMS procedure could considerably improve the reliability and
reasonability of the NLRHA of RC shear wall structures.

5. Conclusions

This paper presents a modification on the modal-based ground motion selection
(MGMS) procedure for more proper consideration of the modal response characteristics
of the RC shear wall structures in the input ground motions (IGMs) selection procedure.
The first two modes dominated the dynamic behaviour of most shear wall structures
with a symmetric plan. Therefore, the proposed MGMS procedure for the wall structures
considers the impact of frequency contents combinations in the time domain (FCCTD) of
IGMs on the seismic demand of building structures with the interaction of the first two
modes. The capability of the MGMS in selecting more proper IGMs for the NLRHA of RC
shear wall structures was verified with a comprehensive case study, where three reinforced
concrete shear wall structures with different heights are studied. The conditional mean
spectra (CMSs) and ASCE 7-16 design spectra (DSs) were adopted to select eight overall
sets of twenty seed IGMs. Mean seismic demands of the RC shear walls computed using
the whole set of seed IGMs were employed as the reference demands for the comparison.
Two spectrum-matching based IGM selection methods that select IGMs whose response
spectra have the closest matching concerning the mean spectrum of the set were adopted to
investigate the MGMS procedure’s capability to improve the reliability and reasonability of
the NLRHA. These two IGM selection procedures are uniformly weighted closest spectra
matching procedure (UW-CM) and variably weighted closest spectra matching procedure
(VW-CM). From the comparison of the results, the following conclusions can be drawn:

1. Considering the modal response characteristics of RC shear wall structures, the MGMS
procedure for shear wall structures presented led to a more reliable computation of
seismic demands than the original version of the MGMS procedure.

2. Compared with the CM procedure with uniformly weight value for all the period
points in computing difference between the response spectra of IGMs and mean
spectra of the set (UW-CM), the CM procedure adopting variable weight value (VW-
CM) procedure can ensure a more reliable and reasonable computation of seismic
demands of RC shear wall structures.

3. Compared with the VW-CM procedure, the presented MGMS procedure could notice-
ably improve the reliability and reasonability of the computed seismic deformation,
including the floor displacement and inter-story drift ratio, and achieve similar relia-
bility and reasonability in calculating the seismically induced force.

4. Since the MGMS procedure just requires conducting NLRHA of equivalent single-
degree-of-freedom systems, the computational consumption is minor. Taking ad-
vantage of high efficiency and great effectiveness in improving the reliability and
reasonability of the NLRHA, the MGMS is an excellent supplement to the seismic
design codes of practice’s IGM selection procedure for the NLRHA of wall structures.
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Nomenclature

The following acronyms and symbols are used in this paper.

CMS Conditional mean spectrum i Influence vector

CM-UW
Uniformly weighted closest spectra

Ln Modal excitation factor of mode n
matching procedure

CM-VW
Variably weighted closest spectra

m, c and k Mass, damping, and stiffness matrices
matching procedure

DS design spectrum Mn Generalized mass of mode n

FCCFD
Frequency contents combination Saj(T)

Spectrum acceleration value of motion j
in the frequency domain at period T

FCCTD
Frequency contents combination

St
a(T)

Spectrum acceleration value of target
in the time domain spectra at period T

IDR Inter-story drift ratio Sd1 Design spectrum acceleration at 1.0 s
IGMs Input ground motions Sds Design spectrum acceleration at 0.2 s

MGMS Modal-based ground motion selection tk
Any time point within the duration
of IGM

MSE
Mean computed weighted mean Tj0 duration of motion j
squared error

NL-ESDOF
Nonlinear equivalent

TL Long-period transition period
single-degree-of-freedom system

NLRHA nonlinear response time history analysis T∗
n

Vibration period of NL-ESDOF
of mode n

SDOF Single-degree-of-freedom system ˆujn
The maximum displacement of
NL-ESDOF of mode n under motion j

u Displacement vector of floor ujn(tk)
Displacement of NL-ESDOF of mode n
under motion j at time tk

an(t)
Normalized top displacement

urn Roof displacement of mode n
time history of mode n

dij
Benchmark demands ith story for

Vbn The base shear force of mode n
motion set j

dij
M

Seismic demands at ith story calculated
αi Modal mass coefficient of mode iusing IGMs from selection method M for

motion set j

Dn Peak displacement of mode n β j
Maximum modal combination factor
of motion j

dn Displacement of ESDOFs of mode
n

β jk
Maximum modal combination factor
of motion j at time tk

Dn(t)
Top displacement time history of the

Γn
the modal participating factor

mode n of mode n

dny Yield displacement of ESDOFs of mode n δ
ij
M

The relative difference between the
benchmark demands of motion set j and
demands computed using IGMs from
selection method M at the ith story

Fsn Restoring force of ESDOFs of mode n φn Mode shape of mode n
Fsny Yield force of ESDOFs of mode n φrn Mode shape value at the roof of mode n
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Appendix A

Figure A1. Elevation and plan views of wall structures.
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W1 

 
W2 

 
W3 

Figure A2. Section views of wall structures.

544



Appl. Sci. 2021, 11, 8230

Table A1. Details of IGMs of motion sets 1 and 2.

Record ID

Motion Set 1 Motion Set 2

Scale
Factor

RSN No.
Component

(deg)
Scale
Factor

RSN No.
Component

(deg)

1 4.764 RSN762 0 4.106 RSN15 21
2 4.582 RSN769 0 3.828 RSN289 0
3 2.303 RSN787 270 4.319 RSN735 0
4 3.548 RSN827 0 3.975 RSN755 195
5 4.805 RSN1261 E 4.168 RSN827 0
6 4.790 RSN1263 E 4.620 RSN1005 90
7 4.415 RSN1277 E 3.888 RSN1282 E
8 4.663 RSN127 E 4.179 RSN1297 N
9 4.332 RSN1300 N 3.610 RSN1471 E

10 2.098 RSN1484 E 2.247 RSN1541 E
11 2.348 RSN1500 E 2.619 RSN1762 90
12 4.396 RSN1522 E 4.536 RSN1794 90
13 2.326 RSN1762 90 1.404 RSN3748 270
14 3.832 RSN1794 90 2.127 RSN3750 270
15 1.133 RSN3748 70 3.357 RSN3751 270
16 3.021 RSN3751 270 4.136 RSN3757 90
17 3.642 RSN3757 90 2.624 RSN4865 NS
18 4.190 RSN4844 NS 4.146 RSN4872 NS
19 3.803 RSN4872 NS 2.729 RSN5778 NS
20 3.756 RSN6980 E 2.862 RSN5806 NS

 
Set 1 Set 2 

Figure A3. Mean spectra of IGMs selected from motion sets 1 and 2 with different selection procedures.

Table A2. Details of IGMs of motion sets 3 and 4.

Record ID

Motion Set 3 Motion Set 4

Scale
Factor

RSN No.
Component

(deg)
Scale
Factor

RSN No.
Component

(deg)

1 4.572 RSN28 0 3.666 RSN796 0
2 3.839 RSN736 137 3.656 RSN827 0
3 3.266 RSN827 0 3.281 RSN832 0
4 3.544 RSN838 0 3.976 RSN1019 0
5 3.552 RSN1019 0 3.009 RSN1083 170
6 4.657 RSN1029 0 4.225 RSN1166 180
7 3.774 RSN1166 180 3.127 RSN1208 E
8 3.615 RSN1277 E 4.047 RSN1277 E
9 4.153 RSN1293 N 4.080 RSN1280 E

10 4.606 RSN1346 N 4.649 RSN1293 N
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Table A2. Cont.

Record ID

Motion Set 3 Motion Set 4

Scale
Factor

RSN No.
Component

(deg)
Scale
Factor

RSN No.
Component

(deg)

11 4.136 RSN1349 N 4.629 RSN1349 N
12 4.613 RSN1436 E 3.281 RSN1471 E
13 3.340 RSN1488 E 3.738 RSN1488 E
14 2.997 RSN1548 E 3.178 RSN1794 90
15 2.964 RSN3757 90 3.318 RSN3757 90
16 3.370 RSN4844 NS 3.772 RSN4844 NS
17 3.741 RSN4892 NS 4.187 RSN4892 NS
18 4.702 RSN5681 NS 3.154 RSN5284 NS
19 3.061 RSN6948 E 3.426 RSN6948 E
20 3.277 RSN6949 W 3.085 RSN6980 E

  
Set 3 Set 4 

Figure A4. Mean spectra of IGMs selected from motion sets 3 and 4 with different
selection procedures.

Table A3. Details of IGMs of motion sets 5 and 6.

Record ID

Motion Set 5 Motion Set 6

Scale
Factor

RSN No.
Component

(deg)
Scale
Factor

RSN No.
Component

(deg)

1 3.2018 RSN731 0 3.7418 RSN731 0
2 2.9568 RSN832 0 3.7123 RSN736 137
3 3.4254 RSN838 0 4.8197 RSN812 0
4 3.9506 RSN1261 E 3.4185 RSN827 0
5 3.5022 RSN1277 E 3.4556 RSN832 0
6 4.7352 RSN1279 E 3.0436 RSN1208 E
7 4.5283 RSN1285 E 4.617 RSN1261 E
8 4.6728 RSN1335 E 4.093 RSN1277 E
9 4.0228 RSN1339 E 4.7014 RSN1339 E

10 4.3041 RSN1436 E 4.8635 RSN1431 E
11 4.5664 RSN1470 E 4.2951 RSN1466 E
12 3.3515 RSN1475 E 3.0868 RSN1471 E
13 2.9285 RSN3757 90 4.3791 RSN1522 E
14 4.796 RSN3994 90 3.4225 RSN3757 90
15 3.3816 RSN4844 NS 3.952 RSN4844 NS
16 2.9919 RSN4872 NS 3.4966 RSN4872 NS
17 3.065 RSN5284 NS 3.582 RSN5284 NS
18 4.4291 RSN5681 NS 3.8479 RSN5776 NS
19 4.4052 RSN5796 NS 3.7347 RSN6901 W
20 3.1957 RSN6901 W 3.3329 RSN6980 E
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Set 5 Set 6 

Figure A5. Mean spectra of IGMs selected from motion sets 5 and 6 with different selection procedures.

Table A4. Details of IGMs of motion sets 7 and 8.

Record ID

Motion Set 7 Motion Set 8

Scale
Factor

RSN No.
Component

(deg)
Scale
Factor

RSN No.
Component

(deg)

1 3.233 RSN731 0 4.0338 RSN731 0
2 3.4122 RSN812 0 4.2574 RSN812 0
3 4.8609 RSN1232 E 3.2824 RSN827 0
4 3.9131 RSN1261 E 3.6365 RSN832 0
5 3.2159 RSN1263 E 3.1732 RSN1208 E
6 4.0754 RSN1285 E 4.0125 RSN1263 E
7 3.7487 RSN1339 E 4.6773 RSN1339 E
8 4.3745 RSN1358 E 3.9016 RSN1464 E
9 4.6811 RSN1436 E 3.9419 RSN1465 E

10 3.1593 RSN1465 E 3.3486 RSN1467 E
11 3.2727 RSN1469 E 4.0834 RSN1469 E
12 3.9213 RSN1470 E 4.1845 RSN1473 E
13 3.3015 RSN1522 E 4.1193 RSN1522 E
14 4.1946 RSN1575 E 3.682 RSN1523 E
15 4.2539 RSN1588 N 3.8839 RSN1525 E
16 4.1117 RSN3994 90 2.9612 RSN3747 270
17 3.1024 RSN4882 NS 3.2803 RSN4848 NS
18 3.8213 RSN5472 NS 3.8709 RSN4882 NS
19 4.228 RSN5681 NS 4.7679 RSN5472 NS
20 4.1963 RSN5804 NS 4.7607 RSN5783 NS

  
Set 7 Set 8 

Figure A6. Mean spectra of IGMs selected from motion sets 7 and 8 with different selection procedures.
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Abstract: At present, the seismic design research of underground structures in loess areas is lagging
behind compared with practical engineering requirements. The selection of seismic calculation
methods and parameters does not consider the influences of the special geological conditions in
various regions, so their usefulness is limited. Based on the above problems, a modified displacement-
based method (DBM) was proposed and its application was compared with the most commonly
used methods of analysis (force-based design method, displacement-based design method, detailed
equivalent static analysis numerical method, and the full dynamic time-history method). The results
were also validated by considering data from shaking table tests conducted on a case study involving
the underground Feitian Road subway station in Xi’an. The results show that compared with DBM,
the average accuracy of the modified DBM technique is improved by 41.65%. The modified DBM
offers good accuracy, simplicity in its model, a rapid analysis time, and easy convergence.

Keywords: traffic engineering; seismic calculation; loess area; DBM; DESANM

1. Introduction

With the growth of population and industrial activities, the shortage of available space
directly restricts the rapid development of big cities. To solve this problem, many countries
have begun to increase their development and utilization of urban underground space.
Earthquake damage to underground structures is thus mitigated, as the confining pressure
exerted by the surrounding soil can improve the level of structural safety in the event of
an earthquake. Hence, seismic calculations and seismic measures are not applied to the
underground structures associated with subway systems. However, earthquake disasters
in recent decades have affected thinking around this traditional concept, especially the
Hanshen earthquake which damaged the 3-km long subway tunnel and five subway sta-
tions, indicating the possibility of subway underground structural damage and secondary
disasters remains significant [1–3]. Subway stations are a service-oriented public facility
and host a concentrated population (many service facilities), and require a long time to
expedite emergency evacuation.

At present, the seismic design research of underground structures in loess areas is
lagging compared with the engineering requirements, for example, the selection of design
parameters related to the characteristics of loess soil lacks a clear set of rules, thus hindering
the safe and efficient seismic design of underground structures in loess area.

Currently, the relevant codes for the design of underground structures include: the
Code for Seismic Design of Buildings (GB 50011-2010) [4] and the Code for Design of Civil Air
Defense Basements (GB 50038-2005) [5]. However, these do not provide relevant seismic
calculation methods. The inertial force method for underground structures in soft soil
has been given in the Code for Seismic Calculation of Subway Building Structures (DG/TJ08-
2008) [6], but it is not necessarily suitable for those loess areas. The response acceleration
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method and response displacement method provided in the Code for Seismic Calculation
of Urban Rail Transit Structures (GB 500909-2014) [7] have no specific provisions on the
horizontal relative displacement of the stratum and the foundation spring stiffness param-
eters. The differences of ground motion characteristics among different soil bodies are not
considered in the Code for Seismic Design of Underground Structures (GB/T 51336-2018) and
other international codes [8–17].

In recent years, many studies about seismic design and analysis of underground struc-
tures have been published, but most of them do not consider the dynamic characteristics of
soil or the methods are too complex to be suitable for engineering design [18–22]. Seismic
design and analysis methods mainly include coupled and decoupled approaches, numeri-
cal dynamic analyses, and quasi-static calculation methods. A soil-structure interaction
analysis of underground tunnels was performed by Kisiridis in1983 [23]. The magnitude
and distribution of static normal soil stresses against underground structural cylinders
were studied by Penzien and Wu in 1998 [24]. New analytical solutions for a deep tunnel
in a saturated poro-elastic ground were explored by Bobet A [25]. The analytical solutions
for the thrust and moment in the lining of a circular tunnel due to seismic-induced ovaling
deformation were studied by Park et al. [26]. An analytical solution for a rectangular
opening in an infinite elastic medium subjected to far-field shear stresses was proposed for
drained and undrained loading conditions [27]. The main limitations of the decoupled ap-
proaches were investigated and discussed through a large set of numerical simulations [28].
The main results of several numerical dynamic analyses of propped embedded retaining
structures in the time domain were demonstrated by Soccodato FM and Tropeano G [29].
The seismic behavior of a multi-propped retaining structure was evaluated considering soil-
structure interaction effects [30]. The quasi-static methods mainly include the force-based
method (FBM), displacement-based method (DBM), and detailed equivalent static analysis
numerical method (DESANM) [7–9,18,19,31–39]. Coupled and decoupled approaches and
numerical dynamic analyses are too complex to be suitable for engineering design, and
the quasi-static methods applicable to engineering design do not consider the effects of
different soil properties

In conclusion, the selection of seismic calculation methods and parameters does
not consider the influences of the special geological conditions in various regions, so
their usefulness is limited. The seismic analysis of subway station structures in loess
areas is yet to be codified. In the existing research results, the seismic performance of
underground subway station structures in loess is rarely researched. For the practical
engineering of subway underground structures in a loess area, there is no reference seismic
experiment, reliable quasi-static calculation method, or seismic parameter-calculation
method yet available.

Based on the above problems, herein, a modified DBM was proposed and its appli-
cation was compared with the most commonly used methods of analysis (FDM, DBM,
DESANM, and full dynamic-time history analysis (FDTHA)). The results were validated
using data from a shaking table test conducted on the basis of a case study (the Feitian Road
underground subway station in Xi’an). The modified DBM offers good accuracy, a simple
model, rapid modeling, and easy convergence. It provides engineering designers with a
seismic design and analysis method for underground structures with convenient application
and high precision. Therefore, the results obtained in this study can be considered useful to
designers who are required to address the seismic design of underground structures.

In Section 2, the main seismic calculation methods of underground structures were
analyzed, and the methods of calculation of foundation reaction spring stiffness parameters
and formation horizontal relative displacement parameters were explored. In Section 3,
the shaking-table test scheme design and the FDTHA simulation modeling of a subway
station in a loess area were conducted. In Section 4, the results of shaking-table testing and
the FDTHA numerical simulation were studied, and the seismic calculation methods for
the main underground structures were compared. In Section 5, the DBM was modified
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according to the experimental results and simulation results, and the accuracy of the
modified MDB was verified.

2. Seismic Calculation Method and Important Calculation Parameters of Subway
Underground Structures

2.1. FBM

When the FBM is used in the seismic calculation of underground stations, the static
forces such as the load exerted by the soil on the roof, the inertial force of each component,
and the increment of active lateral earth pressure at each point of the external wall are
often used to replace the seismic force [18,19]. The calculation model under lateral seismic
action is shown in Figure 1 [31–33], where Pi represents the inertial force representing the
weight of the floor, F1 is the inertial force of the side wall, F2 denotes the sum of ground
and roof overburden forces, and subscripts 1 to 3 represent the top, middle, and bottom
plates, respectively; K is the foundation spring stiffness, V and H denote the structural
bottom plate and side wall, and Δe refers to the increment of lateral earth pressure caused
by the earthquake. The horizontal inertial force can be calculated according to the Code for
Seismic Calculations in Railway Engineering (GB 50111-2006) [9].

Figure 1. FBM calculation model.

2.2. DBM

The DBM [7,8] emphasizes the interaction between the soil and the underground
structure. In this method, the foundation reaction spring was adopted to simulate the
surrounding soil, and the horizontal relative displacement of the soil layer was applied
at the end of the foundation reaction spring. The calculation model of the DBM under
transverse earthquake action is illustrated in Figure 2, where 1, 2, 3, and 4 represent the
ground, bedrock, soil displacement, and subway station acceleration, respectively, Ksv is the
tangential shear foundation spring stiffness of the top and bottom plates of the structure,
Ksh represents the tangential shear foundation spring stiffness of the side wall of the
structure, kv is the normal compression foundation spring stiffness of the top and bottom
plate of the structure, Kh denotes the normal compression foundation spring stiffness of
the side wall of the structure, τB is the friction shear force per unit area produced by the
soil on the structural floor, and τU is the friction shear force per unit area of the soil acting
on the roof of the structure.
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Figure 2. DBM calculation model.

2.3. DESANM

The DESANM [7,8,31,36–38] requires the engineer to establish soil and structure mod-
els at the same time in order to better reflect the interaction between soil and surrounding
geotechnical media. This method reflects the phenomenon that the deformation difference
between underground structure and surrounding soil changes in an irregular manner
during an earthquake. The basic equation of DESANM is as shown in Equation (1).

[K]{u} = −[M]
({ ..

uT
}
+ [R]

{ ..
ugT

})
= −[M]

{ ..
uT
}

(1)

The DESANM can be used in the automatic calculation of the interactive force between
the soil medium and an underground structure through finite element analysis software,
thus avoiding the error caused by improper selection of foundation reaction spring param-
eters when establishing spring stiffness values. The calculation model of DESANM under
lateral earthquake action is illustrated in Figure 3, where 1 and 2 are equivalent lateral
inertial accelerations of the soil and structure, respectively.

Figure 3. DESANM calculation model.

2.4. FDTHA

Although the three-dimensional model has the advantages of high calculation accu-
racy, the modeling is complex and the solution does not readily converge, posing a difficulty
for engineering designers. The complete soil-structure system can be modeled and ana-
lyzed using 2-d numerical models. FDTHA is considered among the most sophisticated
and accurate methods for the seismic analysis of underground structures [7,8,31,36–38].
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The method can efficiently describe the kinematic and inertial aspects of the soil-structure
interaction and the complex geometry of the soil deposit. FDTHA can be used to investigate
the seismic behavior of an underground structure through numerical simulation [29,31].

2.5. Important Calculation Parameters

(1) Foundation Spring Stiffness

As an important parameter of the FBM and the DBM, the foundation reaction spring
stiffness parameter plays an important role in FBM and the DBM. As the key parameter of
the DBM and the DESANM, the horizontal relative displacement parameter of the stratum
under seismic action has a significant influence on the seismic calculation results. For the
value of foundation reaction spring stiffness parameter, the relevant norms make no clear
provisions, and the relevant research has reached no unified conclusion.

The finite element calculation model has been established, as shown in Figure 4. In
Figure 4, the width of the soil model is six to seven times that of the underground structure,
and the depth of the soil model extends to the bedrock surface. The influences of soil
properties and structural shape characteristics on foundation spring stiffness in loess area
were evaluated, as shown in Figure 5. The proposed equation of foundation spring stiffness
was fitted using MATLAB, as shown in Equations (2)–(7). The proposed equation can be
used for the seismic calculation of underground station structures with various rectangular
section sizes in loess sites.

K1 = −0.1041E
(

1
h2 − 3.6 1

h − 0.05
)(

d3 − 17.682d2 + 144.992d + 1459.612
)(

1
b3 − 0.15 1

b2 − 0.003 1
b + 0.003

)
1

4.417−v − 9.125 × 104
(2)

K2 = 2.696 × 10−6E
(

1
h2 − 9.16

1
h
− 0.18

)(
d3 − 6.912d2 − 450.422d − 9408.926

)
(0.83 + ν) + 1540 (3)

K3 = −13.92E
1

H1.1

(
1
b2 − 1.794

1
b
− 0.087

)
(

1
1.128 − ν

) + 8.076 × 106 (4)

K4 = −28.15E
1

H0.3

(
1
b2 − 0.4

1
b
+ 0.009

)
(

1
5.8 − ν

) + 1.122 × 107 (5)

K5 = 0.002413E(d3 − 7.373d2 − 223.914d + 136.272)[
( 1

b )
3 − 0.329( 1

b )
2
+ 0.007( 1

b )− 4.9 × 10−5
]
( 1

0.7−ν + 6.579) + 805.6
(6)

K6 = 0.0006815E(d3 − 18.856d2 + 149.856d + 314.46)[
( 1

b )
3 − 0.299( 1

b )
2
+ 0.049( 1

b )− 0.00026
]
( 1

0.7−ν + 17.158)− 8769
(7)

When B ≤ 30 m, H ≤ 30 m, and 3 m ≤ D ≤ 3.5 m, the following relationship holds:

K4 = (0.5 ∼ 0.6)K3 (8)

K2 = (0.85 ∼ 0.9)K1 (9)

where K1 and K2 represent the normal and tangential stiffness of the side, respectively (Pa);
K3 and K4 are the normal and tangential stiffness of the bottom surface, respectively (Pa);
K5 and K6 denote the normal and tangential stiffness of the top surface (Pa); b and h are
the width and height of the structural section, respectively (m); d refers to the burial depth
of the roof (m); H is the distance between the station floor and bedrock (m); and E and υ
represent the elastic modulus (Pa) and Poisson’s ratio, respectively.
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(a)

(b)

(c)

Figure 4. Finite element calculation model of reaction spring parameters of underground structure
foundation. (a) Meshed model, (b) normal spring stiffness calculation model, (c) tangential spring
stiffness calculation model.
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(b)

(c)
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Figure 5. Cont.
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(e)

(f)

Figure 5. Influences of various factors on foundation spring stiffness: (a) K versus 1/h, (b) K versus
1/H, (c) K versus d, (d) K versus 1/b, (e) K versus E, (f) K versus υ.

(2) Horizontal Relative Displacement of Strata in a Loess Area

A numerical model of free field dynamic response considering seismic intensity,
ground motion characteristics and loess soil characteristics was established, as shown in
Figure 6. Where 1 is an infinite element boundary, 2 denotes a fixed boundary, and 3 is
bedrock. The maximum response horizontal displacement of free field was obtained by
inputting the Xi’an artificial wave, Taft wave, and Songpan wave in turn (Table 1 and
Figure 7).

Figure 6. A numerical model of free field vibration.
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Table 1. Maximum free-field horizontal displacement.

Seismic Fortification Intensity/Degree 7 7.5 8 8.5 9

Peak acceleration of seismic wave/g 0.1 0.15 0.2 0.3 0.4
Peak value of horizontal displacement/m 0.251 0.502 0.528 0.847 1.141

Figure 7. Acceleration and Fourier spectra of input ground motion.

3. Experiment and Simulation

3.1. Background to the Experiment

The geomorphic unit of Xi’an Feitian Road Station belongs to the second and third
grade loess tableland. The lithologic characteristics of the site strata are summarized in
Tables A1 and A2. The table is arranged from top to bottom according to the order of soil
layers from shallow to deep. The underground subway station is a reinforced concrete
structure with a total height of 14.01 m and a total width of 19.2 m. The longitudinal
spacing of the center pillar is 9 m. The cross section of the center pillar measures 0.8 m ×
1.2 m. The depth of soil above the roof is 3.459 m. The density of concrete ρ is 2.5 g/cm3,
its modulus of elasticity E is 35 GPa, and Poisson’s ratio ν is 0.15. A typical cross section is
shown in Figure 8.
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Figure 8. Schematic diagram of a typical cross section (dim.: mm).

The station is located in Chang’an district of Xi’an city. The site type in this area is
class II, the basic seismic intensity is 8 degrees, and the characteristic period of seismic
response spectrum is 0.4 s. The seismic parameters of station engineering are displayed
in Table 2.

Table 2. Ground motion parameters.

Position Parameter
50-Year Exceedance Probability 100-Year Exceedance Probability

63% 10% 2% 10% 2%

Ground
Tg(s) 0.38 0.43 0.68 0.59 0.83
Ag(g) 0.079 0.235 0.457 0.340 0.575

Floor
Tg(s) 0.60 0.64 0.90 0.75 1.00
Ag(g) 0.051 0.151 0.358 0.247 0.441

3.2. Shaking-Table TEST Scheme

Shaking-table tests on loess subway station models are mainly used to assess the
seismic mechanism and soil structure dynamic interaction mechanism of subway station
structures in loess sites. Due to the small size of the subway station model used here, it is
difficult to eliminate the gravitational distortion effect by the artificial mass model with
full counterweight, so an added-mass model was adopted. Based on the Buckingham
π theorem, the length, elastic modulus, and acceleration were selected as basic physical
quantities, and the table size, dynamic performance, bearing tonnage, and other supporting
equipment performance of the test system were fully considered to ascertain the similarity
relationship of the model system (Table A3). In the test, the method of sticking lead blocks
into the structure was used to realize the additional artificial mass. Taking Feitian Road
Station of Xi’an Metro Line 4 as the prototype structure, the subway station model was
established by using particulate concrete and galvanized steel wire. The loess was taken
from the foundation pit of Feitian Road Station of Xi’an Metro Line 4. When preparing the
model foundation, the loess was layered into the model soil box, and the water content and
density of the model foundation were controlled according to the natural water content and
density of the prototype site soil. The excitation system used in this test was a horizontal
one-way high-performance seismic simulation shaking table produced by MTS Company,
Eden Prairie, MN, USA. The table measures 3.36 m × 4.86 m, the maximum load is 25 t,
and the maximum acceleration is 1.0 g. The Taft wave, Songpan wave and Xi’an artificial
wave were selected as input ground motions, respectively. Since the subway station was
not situated in an active fault zone, only the transverse ground motion was input. The
sensor arrangement is shown in Figure 9.
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Figure 9. Sensor layout (dimensions: mm).

3.3. FDTHA Modeling

Although the three-dimensional model has the advantages of high calculation ac-
curacy, the modeling is complex and the solution does not readily converge, posing a
difficulty for engineering designers. In addition, considering the long length of the flying
station model, the size and structure of each section are similar; the three-dimensional
dynamic interaction system of loess subway underground structure was considered as
a two-dimensional plane strain problem in the seismic analysis by a time-history analy-
sis method.

The typical section of loess site and subway underground structure was numerically
simulated, and the model was established as shown in Figure 10 [39], where 1 represents
an infinite element boundary, 2 is a fixed boundary, and 3 denotes the bedrock.

Figure 10. Schematic representation of the time-history analysis calculation model.

The finite element mesh was used to simulate the near-field region, and the infinite
element boundary was utilized to simulate the far-field region far away from the structure.
The size of the finite element mesh (Figure 10) is 150 m × 70 m (width × height), the height
of the infinite element mesh shall be consistent with that of the finite element mesh, and the
width is unlimited. The Taft wave, Songpan wave, and Xi’an synthetic wave were selected.
The plastic damage model of concrete in ABAQUS finite element analysis software was
employed to simulate the mechanical behavior of the prototype subway station concrete.
The parameters used in the plastic damage model are listed in Table 3. The CPE4R (Four
node bilinear plane strain quadrilateral element, reduced integration) element was used
for on-site soil and the CPE4 element was used to model the subway station structure. The
initial stress on the soil was calculated using the geostatic module in ABAQUS. To simulate
the in-situ stress on the soil and how it affects the adjacent underground structure, the
model states of excavation, support, construction of underground structure, and backfilling
were established to simulate the construction process of this subway station, and the
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stress state in the soil after construction was taken as the initial stress field for the later
dynamic analysis.

Table 3. Parameters used in the plastic damage model.

Parameter Value Parameter Value

Density/kg/m3 2500 Angle of dilation ψ/◦ 30
Elastic modulus E/MPa 0.66 × 104 Coefficient of viscosity μ 0.0005

Poisson’s ratio ν 0.2 Tensile variable ωt 0
Ultimate compressive stress/MPa 5.39 Compression variable ωc 1

Invariant stress ratio Kc 0.667 Damping ratio ξ 0.1

4. Results

4.1. Earthquake Damage

The seismic damage to this structure was observed by the shaking-table test
(Figures 11 and 12). The column is the most severely damaged component in the sub-
way station model. There are vertical cracks in the upper middle column, and the
longitudinal reinforcement of the lower middle column is exposed with significant
spalling (a typical shear-compression failure). The most severe damage to the side
wall and the center column occurs at the joint with the top and bottom plates, and the
seismic damage entails significant concrete spalling and the armpit angle reinforce-
ment is pulled out. The roof and floor remain in good condition after the earthquake.
The widest crack is 15 mm across and the maximum vertical differential settlement is
32 mm.

(a) (b) (c)

Figure 11. Earthquake damage phenomenon in the shaking-table test: (a) failure mode of the join between central column
and slab, (b) failure mode of the joint between side wall and slab, (c) failure mode of the joint between side wall and slab.

(a) (b) (c)

Figure 12. Final seismic failure phenomenon of the foundation in the model test: (a) macroscopic earthquake damage,
(b) fracture distribution, (c) crack and settlement measurement.
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4.2. Reliability Analysis of FDTHA

Under the action of seismic waves with different peak accelerations, when the maxi-
mum shear deformation occurs on the surface and bottom of the model foundation, the
comparison of the horizontal relative displacement of each measuring point relative to the
bottom of the model foundation is shown in Figure 13. The distribution of the horizontal
relative displacement of the model foundation along the soil depth in the numerical simula-
tion and shaking-table test is consistent. Acceleration sensors were, respectively, arranged
along the side wall of the model structure from bottom to top. Under the action of seismic
wave, the comparisons of acceleration response time history and corresponding Fourier
spectrum of each measuring point in the model structure between numerical simulation
and shaking-table test are demonstrated in Figure 14. The time-history waveform, ampli-
tude, and Fourier spectrum of the acceleration response in the model structure recorded
by the numerical simulation and shaking-table test are similar. Therefore, the numerical
simulation and the numerical model of the dynamic interaction between the loess and a
subway station established in this paper can be deemed to have simulated the acceleration
response of a subway station structure reliably.

Figure 13. Time-history analysis and horizontal relative displacement of model foundation in the
shaking-table test.

Figure 14. Time-history analysis and acceleration response of model structure in the shaking table test.
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4.3. Reliability Analysis of Seismic Calculation Methods for Subway Underground Structure

The accuracy of the other three quasi-static seismic calculation methods was compared
and evaluated based on the structural internal force output results of the time-history
analysis method (Table A4). Observation points a and b mark the top and bottom of
the upper column, respectively; c and d mark the top and bottom of the lower column,
respectively; e and f mark the top and bottom of the upper wall, respectively; and g and h
mark the top and bottom of the lower wall, respectively. According to the data in Table 4
and the shaking-table damage phenomenon, the difference is presented as follows:

Table 4. Comparison of structural internal forces in normal use.

Observation
Point

Bending Moment/kN·m Shear Force/kN Axial Force/kN

Normal Use
Stage

Under Lateral
Seismic Action

Normal Use
Stage

Under Lateral
Seismic Action

Normal Use
Stage

Under Lateral
Seismic Action

a −0.014 215.6 0.005 −201 −1180 −1031.7
b 78.2 −153.9 −132.000 −284 −1260 −1154.5
c 0.005 131.6 0.003 −419.6 −1560 −1421.9
d 90.5 −197.5 −134 −517.6 −428 −1558.6

e −248 −658.2 −976 −118.2 −547 −506.9
f −550 49.2 1050 −180.9 −727 −794.8
g −347 −224.9 −183 −272.5 −610 −854.3
h −418 −1352.4 568 −358.2 −1080 −1395

(1) After selecting reasonable seismic design parameters (the practical data tabulated
herein were used for the horizontal relative displacement of the stratum in the loess
area, and the comprehensive recommended equation proposed in this paper was
used for the foundation spring stiffness), the results of the structural internal force of
the DESANM are more consistent with the time-history analysis method. The FBM
that neglects the seismic shear force leads to underestimation of the internal forces.
The bending moment and shear force output by DBM are closest to those predicted
by use of the time-history analysis method, but the accuracy of the axial force output
remains insufficient.

(2) From the shaking-table test, the top of the upper column is the most severely damaged,
and the bottom of the lower column follows. The results of time-history analysis
and DESANM are consistent with the damage seen in the shaking-table test; the
maximum bending moment on the middle column is located at the top of the upper
column, followed by the bottom of the lower column. Therefore, the comprehensive
recommended equation and practical tabulated data better reflect the effect of soil on
the structure.

4.4. Seismic Analysis

(1) The internal forces on an underground structure, as calculated by FBM, are small,
which is related to the fact that the friction and shear stresses caused by soil deforma-
tion are not considered in the FBM. The DBM is simple to establish, and the principle
is to simulate the interaction between soil and structure by establishing springs and
applying horizontal displacement to the key stratum.

(2) The DBM simulates the interaction between soil and structure by establishing springs
and applying horizontal displacement to a stratum, and the model is simple. The
correct values of spring stiffness and ground horizontal displacement make the output
of structural shear force and bending moment approach those calculated using the
time-history method of analysis. The output accuracy of shear force and bending
moment values is higher than that of DESANM, but the accuracy of axial force output
is poorer than that of DESANM.
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(3) The loess stratum is established in the calculation model of the DESANM, so the calcu-
lation relies on fewer parameters. When the value of horizontal relative displacement
is accurate, the results of structural internal force of DESANM are consistent with
that of the time-history method of analysis. However, the calculation is more onerous,
ranking second only in complexity compared to that in the time-history analysis.

5. Modification of DBM

To provide the designers of such an underground subway station with good seismic
calculation accuracy and a simple calculation model, the modified DBM was used to make
the axial force output more accurate.

5.1. Influences of Transverse Seismic Force on Subway Underground Structure

Only dead load and live load are input into the time-history analysis model to obtain
the structural internal forces acting on the station in its normal service conditions, therefore,
the influences of transverse seismic forces thereon can be determined.

It can be seen from Table 4 that, differing from the trend in shear force results and
bending moment output, the axial forces are similar to those predicted using FDTHA.
Therefore, the axial forces on such an underground structure are greatly affected by vertical
load and less affected by transverse seismic load. According to the earthquake damage
phenomenon affecting such a system in loess deposits, the soil still undergoes vertical
displacement under the action of transverse earthquake excitation, and then generates
vertical seismic earth pressures on the underground structure. Therefore, the neglect of
the vertical seismic earth pressure of soil on the structure is the reason why the axial force
predicted by DBM is too small. For this reason, the vertical seismic earth pressure of soil
on the structure and the correct calculation of vertical earth pressure were incorporated in
the original DBM calculation model.

5.2. Vertical Seismic EARTH Pressure

The tendency of the soil mass to undergo vertical relative displacement with horizontal
displacement was revealed through shaking-table testing and analysis of the numerical
model of the dynamic response to a transverse seismic wave. The results of the vertical
relative displacement are listed in Table 5. The origin is set at the surface, and the change of
vertical relative displacement along the burial depth (z) is assumed to be a cosine function
μa1(z), as shown in Equation (10).

ua1(z) =
1
2

umax2• cos
πz

2Hb
(10)

where the μmax2 is the peak vertical relative displacement of the stratum, Hb is the burial
depth to the bedrock surface (dimension: m).

Table 5. Peak vertical displacements of the soil mass.

Seismic Fortification Intensity/Degree 7 7.5 8 8.5 9

Peak acceleration of seismic wave/g 0.1 0.15 0.2 0.3 0.4
Peak value of surface displacement/mm 10.5 13.3 16.2 19.7 24.1

The earth pressure generated by the soil on the top plate of the structure under
earthquake was calculated by using Equation (11).

N1 = K•μ2(z) (11)

where K is the stiffness parameter of the normal foundation reaction spring of the structural
roof (Pa), N1 denotes the vertical seismic earth pressure at the roof (N), and z is the burial
depth of the roof (m).
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5.3. Earth Pressure Acting on the Floor

The base plate exerts pressure on the foundation, and its reaction force is the support
force of the foundation on the base plate. The support force is in line with the base pressure
in the opposite direction. The supporting force is called the bottom plate pressure, and the
calculation method is consistent with the base pressure, as shown in Equation (12).

N2 = γd (12)

where N2 represents the bottom plate pressure (N), d denotes the burial depth of the bottom
plate (m), γ is the bulk unit weight of the soil mass (N/m3).

5.4. Reliability Analysis: Modified DBM

The comparison of structural axial force values after correction by DBM is embodied
by Table 6. The accuracy of the axial force predicted by the modified DBM is greatly
improved, and the discrepancy is within 16%, and the average error is 6.65%, which agrees
with the axial force results of the FDTHA method. The error in DBM axial force result
is as high as 86.47%, and the average error is 48.30%, which is related to the problem
whereby the DBM technique ignores the soil to estimate the vertical seismic earth pressure
and vertical earth pressure on the structure. Compared with DBM, the accuracy of our
modified DBM is improved by 80.17%, and the average error is reduced by 41.65%. The
modified DBM overcomes the problem whereby the DBM ignores the soil to estimate the
vertical seismic earth pressure and vertical earth pressure of the structure, which leads to
the underestimation of the structural axial force. This method improves the calculation
accuracy of the DBM and provides a simple and fast calculation method with good seismic
calculation accuracy for designers of underground subway stations.

Table 6. Comparison of axial force predicted by the modified DBM.

Observation Point Modified DBM/kN DBM/kN FDTHA/kN Error in Modified DBM Error in DBM

Central
column

a −1172.70 −510.95 −1031.70 13.70% −50.47%
b −1184.20 −522.45 −1154.50 2.60% −54.75%
c −1399.20 −712.10 −1421.90 −1.60% −49.92%
d −1411.90 −724.80 −1558.60 −9.40% −53.50%

Flank

e −509.40 −388.26 −506.90 0.50% −23.41%
f −671.30 −739.00 −794.80 −15.50% −7.02%
g −823.80 −330.18 −854.30 −3.60% −61.35%
h −1307.50 −188.70 −1395.00 −6.30% −86.47%

6. Conclusions

(1) A new analysis method useful for the evaluation of the seismic behavior of under-
ground structures in loess area was proposed based on the DBM and it is named
the modified DBM. The DBM was modified according to the results obtained from
a shaking-table test and numerical simulations. The results show that the modified
displacement-based method improves the accuracy of structural axial force output
and compensates for the defects of the DBM. The modified DBM is applicable to any
typology of underground structure and it can be applied to the seismic design of
underground structure.

(2) The modified DBM was compared with the most commonly used methods of analysis
(FBM, DESANM, DBM, and FDTHM). The results were validated considering using
data from a shaking table test based on the Feitian Road underground subway station
in Xi’an. The comparison of output results shows that the modified DBM offers good
accuracy, a simple model, rapid modeling, and easy convergence.

(3) Based on the finite element analysis method, a practical table of horizontal relative
displacements of strata in loess areas, and the comprehensive recommended equation
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of foundation reaction spring stiffness, were provided. The practical table and the
comprehensive recommended equation provide a method of estimation of those
seismic calculation parameters required by designers of underground subway stations
in loess areas.

(4) Due to the special properties of loess, the modified DBM is suitable for the seismic
response analysis of underground structures in loess area. However, whether it is
applicable to other soils remains to be studied in future research.
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Appendix A

Table A1. Physico-mechanical properties of soil layer.

Number Soil
Weight

Density/kN/m3
Elastic

Modulus/MPa
Cohesion/kPa

Internal Friction
Angle/◦

Liquidity
Index

3-1-1 New loess 16.2 7 27 24.5 0.17
3-2-1 Paleosol 17.4 10 45 24 0.15

4-1-1-1 Old loess 16.1 9 35 23 0.3
4-2-1 Paleosol 2 17.6 11 44 23 0.31

4-1-1-2 Old loess 2 16.9 10 36 22.5 0.44

Table A2. Soil properties with increasing depth.

Number Soil Thickness/m Equivalent Shear Wave Velocity/m/s Density/kg/m3

3-1-1 New loess 7.3 223.8 1620
3-2-1 Paleosol 3 335.5 1740
3-1-1 New loess 8.8 348.4 1620
3-2-1 Paleosol 4.2 354 1740
3-1-1 New loess 3.3 360 1620
3-2-1 Paleosol 3.6 361.7 1740
3-1-1 New loess 3.6 371.9 1620
4-2-1 Paleosol 2 5.1 384.9 1760
3-1-1 New loess 2.6 403.8 1620
4-2-1 Paleosol 2 2.3 422.8 1760

4-1-1-1 Old loess 4 422.8 1610
4-2-1 Paleosol 2 2.1 458.5 1760

4-1-1-1 Old loess 3.2 465 1610
4-2-1 Paleosol 2 2.5 465.3 1760

4-1-1-1 Old loess 8 475.7 1610
4-2-1 Paleosol 2 1.6 483.5 1760

4-1-1-2 Old loess 2 4.8 488.6 1690
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Table A3. Similar constants in the test model.

Physical Property Physical Quantity Similarity Relationship Similarity Constant

Geometric characteristics
Length l Sl 1/30
Area A SA = Sl

2 1/900
Linear displacement l Sl 1/30

Material characteristics

Elastic modulus E SE 1/5
Stress σ Sσ = SE 1/5

Density ρ Sρ = SE/(SlSα) 3.0
Quality m Sm = SσSl

2/Sα 1.11 × 10−4

Load performance
Point force F SF = SσSl

2 2.22 × 10−4

Line load q Sq = SσSl 6.67 × 10−3

Moment M SM = SσSl
3 7.41 × 10−6

Dynamic characteristics
Time t St = Sl

0.5Sα
−0.5 0.13

Velocity ν St = Sl
0.5Sα

0.5 0.26
Acceleration α Sα 2.0

Table A4. Comparison of internal forces at control points of structures with different calculation methods.

Bending Moment/N·m Shear Force/N Axial Force/N

Observation Point FDTHA FBM DBM FBM FDTHA FBM DBM FBM FDTHA FBM DBM FBM

Central
column

a 215,555 10,423.3 238,803 279,008 −49,184 −4141.44 −44,832 −69,461.7 −1,031,720 −4141.44 −510,953 −1,045,410
b −153,906 −6832.71 −181,235 −198,130 −67,739 −4141.44 −44,832 −178,655 −1,154,460 −4141.44 −522,453 −1,140,410
c 131,605 −2701.63 121,486 363,861 −43,857 741.297 −109,800 −92,933.5 −1,421,870 741.297 −712,100 −1,297,840
d −197,523 930.728 −214,180 −615,633 −50,276 741.297 −109,800 −261,956 −1,558,590 741.297 −724,804 −1,408,240

Flank

e −658,209 −66,093.9 −677,207 −435,546 769,365 −99,877.4 659,369 −532,570 −506,949 −99,877.4 −388,257 −536,758
f 49,262 45,317.8 43,402 502,996 −143,782 29,138.5 −724,622 −178,655 −794,779 29,138.5 −738,997 −772,260
g −224,909 −30,203.7 −251,916 −18,654.4 231,968 −40,416.1 661,587 −248,115 −854,289 −40,416.1 −330,183 −855,921
h −1,352,410 −147,243 −1,768,540 363,861 −1,995,360 100,578 −1,435,260 −2,190,510 −1,394,980 100,578 −1,887,020 −1,411,240
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Abstract: This study investigates the cumulative damage of a 20-story high-rise steel building
equipped with buckling-restrained braces (BRB) under the likely occurrence of earthquake and wind
events in the design life of the building. The objective of this research is to introduce a method for
evaluating the cumulative damage of BRBs under multi-hazard events that are expected to occur
during the service life of a high-rise building in order to achieve a safer building. A methodology
is proposed using a Poisson point process to estimate the timeline of earthquake and wind events,
wherein the events are assumed to be independent in nature. The 20-story high-rise steel building
with BRBs is designed according to the Japanese standard and analyzed using the finite element
approach, considering nonlinearities in the structural elements and BRBs. The building is analyzed
consecutively using the timeline of earthquakes and winds, and the results are compared with
those under individual earthquakes and winds. In addition to the responses of the frame such as
the floor displacement and acceleration, the damage of BRBs in terms of the damage index, the
energy absorption, the plastic strain energy, and the maximum and cumulative ductility factor are
evaluated. It is observed that the BRB’s fatigue life under multi-hazard scenarios is a multi-criteria
issue that requires more precise investigation. Moreover, the overall building’s performance and
BRB’s cumulative damage induced by the sequence of events in the design life of the building is
significantly larger than that under an individual event.

Keywords: steel structure; buckling-restrained brace; cumulative damage; multi-hazard; wind

1. Introduction

The buckling-restrained brace (BRB) is an energy-absorbing device that consists of
a detached steel core brace inside a steel restrainer infilled with concrete mortar. This
unique combination enables the BRB to exhibit stable hysteresis behavior both in com-
pression and tension. The BRB was originally invented in Japan, and the first practical
application was reported by Fujimoto et al. in 1988 [1]. Since the first successful application
of BRB for 10- and 15-story steel frame buildings in 1989, the device has gained popularity
in seismically active regions around the world [2]. The excellent performance of BRB
as an energy-absorbing device has been proved by many experimental tests [3–10]. The
use of BRB has become one of the efficient measures to minimize the effect of seismic
loadings in low- to high-rise buildings [11,12]. Moreover, the BRB is extensively employed
to retrofit the existing buildings to increase the building strength and energy dissipation
capacity [13–17].

The use of BRBs is common in Japan for high-rise buildings [18] to mitigate their
performance since the high-rise buildings experience a large amplitude shaking due to
the effect of resonance with the long period component of earthquake ground motions.
Since Japan is a country that experiences frequent earthquakes and typhoons [19], the
performance of the high-rise building with BRBs must be examined under the multi-hazard
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scenario of earthquakes and long-duration winds. Although the performance of BRBs in
high-rise buildings under either earthquake and wind loads is extensively studied in Japan
and worldwide, limited studies had been conducted to evaluate the cumulative damage
of BRBs in the successful application of wind and earthquakes. It is because most of the
seismic provisions and design guidelines specify the design method for the single event of
earthquakes and winds [20].

Under the multi-hazard scenario, high-rise buildings are exposed to a series of high-
cycle low-strength dynamic wind loads and low-cycle high-strength earthquake loads.
The literature review of BRB’s fatigue life under the low-cycle excitation [21–25] indicates
that the devices are capable of withstanding the design load and enduring the design
threshold successfully. The effect of low-cycle fatigue of BRBs for three consecutive Level-2
earthquakes is investigated by Usami et al. [21] and the BRBs’ fatigue performance is
found to be in an acceptable range. On the other hand, although the failure mechanism
of wind-induced fatigue for steel buildings has been examined by researchers [26–29],
there are few studies to discuss the BRBs under the combination of low- and high-cycle
excitations in high-rise buildings.

The objective of this research is to evaluate the cumulative deformation capacity of
BRBs installed along the height of a 20-story steel frame building under multi-hazard
scenarios. The target building is designed to satisfy the design criteria recommend in the
Japanese regulation. Then, the performance of the building and the cumulative deformation
of BRBs are evaluated under successive application of multi-hazards in the building
lifetime, consisting of the low-cycle earthquake and high-cycle wind loadings. The damage
assessment method presented in this study can help designers to achieve safer buildings
evaluating the cumulative damage of BRBs under multi-hazard events.

2. Target Steel Building with BRB Devices

2.1. Building Description

The target building is a 20-story steel moment-resisting frame designed according to
Japanese standards [30–32]. It is assumed that the target building is located in the Aichi
Prefecture, Japan, with a 100-year service period. The elevation of the frame and the
configuration of BRBs along the height of the frame are presented in Figure 1. The total
height of the frame is 71 m, while the ground floor height is 4.5 m, and the remaining floor
height is 3.5 m. There are five spans, with three spans of 6.4 m and two spans of 4 m. The
hollow square-box and wide flange of SN490B steel type are selected for the column and
beam elements, with the yield strength of 325 MPa and tensile strength of 490 MPa. The
member size and thickness of the elements in each story are summarized in Table 1.

Table 1. Structural details of beam and column elements (mm).

Steel Beam Steel Box Column

Story H × B tW tF Story H × B t

19–20 450 × 250 9 16 - - -
17–18 450 × 250 9 16 17–20 350 × 350 19
14–16 500 × 250 12 22 13–16 400 × 400 19
11–13 500 × 300 12 16 9–12 450 × 450 19
8–10 500 × 300 12 25 6–8 450 × 450 22
5–7 550 × 300 12 16 4–5 500 × 500 22
2–4 550 × 300 12 25 2–3 500 × 500 25
1 600 × 300 12 19 1 550 × 550 35

In the table, tw and tF are the web and flange thickness of the I-beam, where t is the thickness of the box column.

The design guideline of buildings with passive control devices, JSSI [32], is used to
determine the size and number of BRBs. The JSSI guideline adopts the procedure developed
by Kasai et al. (1998) [33] to obtain the necessary stiffness and damping of additional BRBs.
The method idealizes the building as an equivalent single degree of freedom (SDOF) system
and estimates the amount of additional stiffness and damping of passive control devices
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according to the target performance level under design earthquake loads. For the current
example, the target performance levels are the maximum inter-story drift ratio of less than
1% and the ductility factor of BRBs of less than 7, under the design earthquake and wind
loads. Table 2 presents the estimated parameters of BRBs, while the device configuration is
shown in Figure 1.

 

Figure 1. Twenty-story steel prototype building elevation and BRB configuration (dimensions in mm).
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Table 2. Technical parameters of design BRBs.

Story
Yielding Capacity Initial Stiffness

K1/Kai1
1

Fiy (kN) Kai (kN/mm)

20 - - -
17–19 250 100 0.02
14–16 345 140 0.02
11–13 435 175 0.02
8–10 430 172 0.02
5–7 460 185 0.02
2–4 385 155 0.02

1 - - -
1 Ratio of post-yield to pre-yield stiffness.

2.2. Numerical Model of the Target Building

The 20-story steel frame is modeled by finite element software, STERA_3D (STructural
Earthquake Response Analysis 3D), which was developed by one of the authors [34]. The
beam elements are presented by two nonlinear flexural springs at both ends. The column
elements have nonlinear axial springs distributed in the sections of both ends. The steel
strength is modified to be 1.1 times more than the nominal strength, and the ratio of post-
yield stiffness to the initial stiffness is 0.001. Figure 2 represents the hysteresis behavior of
the nonlinear bending spring, which is defined as the moment–rotation relationship under
cyclic loadings. The beam–column connection is assumed to be rigid, where the rigid zone
length for the beam element is set to be half of the column width. The BRB element, as
presented in Figure 3, is defined as a shear spring in a frame with the bilinear hysteresis
and initial stiffness, K1, and secondary stiffness, K2.

Figure 2. Hysteresis model of nonlinear bending spring of steel column and beam.

2.3. Performance Evaluation of Target Building
2.3.1. Pushover Analysis

The strength capacity and story drift distribution of the target building are evaluated
using the nonlinear static pushover analysis. The model is pushed horizontally until
the drift ratio at the equivalent height of the model reached 1/50 using the lateral load
distribution given by the Japanese standard [30,31]. The relationship between the base
shear coefficient and the drift ratio at the equivalent height of the model, for both cases,
without and with supplemented BRBs, is illustrated in Figure 4. The result indicates that
the lateral strength of the target frame is increased for the frame with supplemented BRBs
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by 135%, 115%, and 120% when the building pushover reaches 0.5%, 1.0%, and 2.0% of the
drift ratio, respectively.

Figure 3. Configuration scheme and bilinear hysteresis model of nonlinear shear springs for BRBs.

Figure 4. Base shear coefficient and drift ratio at the equivalent height of the target model.

2.3.2. Natural Period and Mode Shape

The dynamic characteristics of the target frame corresponding to the 1st to 3rd
modes of vibration are obtained by the eigenvalue analysis. As shown in Figure 5,
the natural period becomes shorter after installing BRBs, while the mode shape is not
changed significantly.

575



Appl. Sci. 2021, 11, 9253

Figure 5. Normalized mode shape of the target high-rise building with and without BRBs devices.

2.3.3. Time History Analysis under Design Earthquakes

The target frame is analyzed under the design earthquakes and wind loads prescribed
in the Japanese standard [30] to validate the design procedure and evaluate the contribution
of BRBs. Five sets of earthquake ground motions are considered as listed in Table 3. Three of
them are the observed earthquake ground motions scaled to Level 2 to have the maximum
velocity of 50 cm/s. The other two earthquakes are artificial earthquake ground motions
to have the response spectra to be compatible with the Level 2 design spectrum of the
Japanese standard [31] and the phase spectra of historical earthquakes. The acceleration
response spectra of selected earthquakes are illustrated in Figure 6. As for the wind load,
four sets of design wind load of the different average speeds of 17, 20, 25, and 31 m/s
are generated according to the AIJ recommendations [30]. Since the shape of the building
is regular, the wind loads are applied at the center of gravity on each floor, while the
distribution of the wind loads along the height of the building is decided according to the
Japanese standard [31].

Table 3. List of selected earthquake ground motions.

Categories No. Event Year Station

Scaled earthquake to be
compatible of 50 cm/s

1 Imperial Valley 1940 El Centro
2 Kern County 1952 Taft
3 Kobe 1995 JMA

Artificially generated earthquake to be
compatible with Level 2

4 Tohoku 1978 Tohoku Univ.
5 Tokachi Oki 1968 Hachinohe

The maximum story drift ratio of the target frame with and without BRBs under the
design earthquake and wind loads is presented in Figure 7. For the design earthquake
loads, the maximum story drift is controlled to satisfy the 1% design drift, while the average
result indicates a 50% decrease in the critical stories compared to the target frame without
BRBs. On the other hand, the maximum story drift under the wind loads also indicated
an improvement of 50% in contrast to the model without BRBs, which reaches the 1.2%
story drift in critical floors, in the case of a design wind load of 31 m/s. Hence, the design
procedure is a straightforward tool that can determine the amount of additional stiffness to
be provided by BRBs without any iteration to satisfy the design targets.
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Figure 6. Response acceleration spectrum of selected ground motions (5% damping).

Figure 7. Maximum story drift ratio of high-rise steel building with and without BRBs under design
earthquake and wind loads.

Furthermore, in Figure 8, for the earthquake and wind loads, the maximum ductility
factor and the amount of dissipated energy of each BRB along the height of the building
are evaluated. For most of the earthquake loads, the ductility factor of BRBs is in the range
of the pre-defined design drift, which is considered to be μ = 7, except for the lower stories
for which it is exceeded. In the case of design wind loads, the ductility factor is decreasing
significantly in upper stories. As for the amount of dissipated energy, in both cases, the
BRBs in the upper floors are less effective at dissipating the earthquake or wind loads.
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Figure 8. Ductility demand and energy dissipation rate of BRBs along the height of a high-rise steel
building under earthquake and wind loads.

3. Procedure to Generate Probable Multi-Hazard Scenarios in Building Lifetime

The likely recurrence of earthquake and wind events during the building lifetime
is crucial to be addressed, as it enables the decision-makers to evaluate the building
performance in any specific service period. Thus, a practical procedure to estimate the
likelihood of the occurrence of multi-hazard scenarios in the structural design life is
developed and presented by Roy et al. [35]. The procedure is based on the Poisson process,
which uses the anticipated return period and intensity to generate the earthquake and
wind events.

From the Gutenberg–Richter equation, the annual occurrence rate, N(I), of earthquake
loads with an intensity more than I is given as,

ln N(I) = a − bI. (1)

The average recurrence period, T(I), satisfies the following relationship,

N(I) =
1

T(I)
. (2)

If we consider two earthquake events having the intensity of I100 and I500, with the
correspondent return periods of 100 and 500 years, respectively, the constants, a and b, of the
Gutenberg–Richter equation can be obtained as given in Equations (4) and (5) and Table 4.

{
ln(0.01) = a − bI100
ln(0.002) = a − bI500

}
(3)
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b =
ln(0.01)− ln(0.002)

I500 − I100
(4)

a = ln(0.01) + bI100 (5)

Table 4. Parameters of the probabilistic distribution of earthquake and wind intensity for Aichi Prefecture Japan.

Event
Intensity

I 1,2 Unit
Return Period

(Years)
Recurrence Rate

Parameters

a b

Earthquake
600 gal 100 0.01 −1.7898 0.0047943 gal 500 0.002

Wind
16 m/s 1 1

4.9717 0.310736 m/s 500 0.002
1 in case of an earthquake: “I” denotes zero-period (PGA) acceleration from the response spectrum. 2 in case of wind: “I” denotes the mean
wind speed.

Now, if N(I0) is an earthquake event with intensity more than the I0, the cumulative
distribution function (CDF) of the intensity I is given as

F(i) = P(I ≤ i) = 1 − N(i)
N0

, (6)

where N0 = N(I0).
Once the probability of earthquake intensity is determined, the probability of earth-

quake occurrence, P(t), assuming that the earthquake events occur individually with an
average occurrence rate N(I), can be estimated. The probability of n earthquake events of
intensity more than I in the t-years is expressed as the Poisson process as

Pn(t) = {N(I)t}n e−N(I)t

n!
. (7)

In Equation (7), setting n = 0, the probability of no earthquake events of intensity more
than I in the t-years can be determined as

P0(t) = e−N(I)t. (8)

Similarly, the probability of occurrence of more than one earthquake event exceeding
intensity I in the t-years could be given as

P(t) = 1 − P0(t) = 1 − e−N(I)t. (9)

The probabilistic model of the occurrence of wind events is created in the same way.
In order to generate the events in the expected lifetime, the proposed procedure

initially consists of estimation of the probable earthquake and wind intensity, and subse-
quently, for the estimated intensity, calculating the probable occurrence with the generation
of earthquake and wind events. In the first step, the sample of wind or earthquake intensity,
Ii (i = 1, 2, .., L), is generated from the CDF, Equation (6), using the uniform random variable
Fi, where Fi ∈ [0, 1]. In conjunction, the sample of the returned period of intensity, iTj (j = 1,
2, .., M), is generated from the CDF, Equation (8), using the uniform random variable Pi,
where Pi ∈ [0, 1]. Lastly, the L events with different intensity, Ii (i = 1, 2, .., L), is arranged
corresponding to the M return period, iTj (j = 1, 2, .., M). For the multi-hazard scenarios, the
earthquake and wind events are assumed to occur independently, where the final timeline
is added together, as further illustrated in the proposed procedure’s flowchart; see Figure 9.
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Figure 9. Flowchart of probable earthquake and wind events generation in the project lifetime.

4. Multi-Hazard Events

4.1. Earthquake Loads

Once the probable earthquake events are sampled for the project lifetime, the next
task is to generate the ground motion time history data to be compatible with sampled
earthquake intensities. In this regard, the Uniform Hazard Spectrum (UHS) provided in
the AIJ (2019) for Nagoya City is used, as shown in Figure 10.
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Figure 10. Uniform hazard spectrum provided in AIJ (2019) for Nagoya city, Aichi, Japan.

The recommended UHS is the acceleration response spectrum of 5% damping in the
engineering bedrock (Vs = 292 m/s) level, with the probability of exceedance of 39%, 10%,
5%, and 2% over the 50 years. In case the intensity (PGA) of the probable earthquake
is not matching the intensity of the recommended UHSs, the interpolation technique is
used to generate the appropriate response spectra. Figure 11 illustrates the steps required
to generate spectrum-compatible ground motions using the Fourier and phase spectra,
following the algorithm developed by one of the authors, STERA_WAVE [36]. For the
phase spectrum, corresponding to the PGA intensity of the estimated probable earthquake
in the project lifetime, the historical earthquake has been carefully selected from Table 5,
which has a similar PGA. The sequence of the selected phase spectrum to generate the
sampled earthquake ground motion in each case is presented in Figure 12. In the case that
the probably estimated intensity is smaller than 250 gal, the uniform random phase angle
is adopted, and the ground motion is generated by multiplying the envelope function
proposed by Jennings et al. [37].

Table 5. List of the earthquake used for a phase spectrum to scale the probable earthquake events.

No. Phase Spectrum Component Date Station Recorded PGA (gal)

1 Random Phase - - - >250.000
2 Kumamoto NS 3 January 2019 Wadamachi Eda 261.697
3 Tottori NS 6 October 2000 Yonago City 280.233
4 Tottori EW 21 October 2016 Kurayoshi City 285.811
5 Toho-Oki NS 4 October 1994 Honamachi 454.975
6 Noto Hanto NS 25 March 2007 Wajima City 463.544
7 Miyagi EW 26 May 2003 Izumimachi 655.161
8 Iburi NS 6 September 2018 Atsuma Kananuma 662.241
9 Osaka NS 18 June 2018 Hirakata City 690.169

10 Tokachi-Oki NS 26 September 2003 Makuhetsu-cho 754.200
11 Niigata-Chuetsu NS 23 October 2004 Ojiya City Castle 779.244
12 Kushiro Oki NS 15 January 1993 Kushiro 814.906
13 Kobe NS 17 January 1995 JMA 818.066
14 Tohoku EW 11 March 2011 Ofunato 944.072
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Figure 11. Flowchart of the STERA_Wave algorithm to generate spectrum-compatible earthquakes.

582



Appl. Sci. 2021, 11, 9253

Figure 12. The sequence of the phase spectrum earthquakes used to generate compatible earthquakes in multi-hazard
scenarios (the numbers are assigned according to Table 5).

4.2. Long-Duration Wind Loads

Similar to the earthquake, after the wind events in the project lifetime are sampled, the
wind load time-history data are generated following the AIJ (2015) [30] recommendations.
The natural wind speed is consisting of the mean wind speed component (U(z)) and the
fluctuating component (u(t)) in the longitudinal direction, which is changing with time.
The AIJ (2015) [30] adopted the von Karman power spectrum to present the power spectral
density of the fluctuating component of wind events, as given,

Su( f ) =
4σ2

u
{

Lz/U(z)
}

[1 + 70.8
{

f Lz/U(z)
}2
]5/6

(10)

where in the equation, f is the frequency spectrum of wind loads, σu is the standard
deviation of the fluctuating component, U(z) is the mean wind speed at 10 m of ground
level, and LZ is the turbulence scale.

The co-coherence of wind turbulence along with the structure height, which defines
the frequency-dependent spatial correlation of wind speed fluctuation, is also considered
as given below,

γ
(

f , dj
)
=

Re
[
Si1,i2

(
f , dj
)]

√
Si1( f )·Si2( f )

= exp

(
−Cij

f dj

U(z)

)
, i = u, v, w; j = v, w (11)

γ
(

f , dj
)
= exp

⎛
⎝−

√(
Cuy· f dy

)2
+ (Cuz· f dz)

2

U(z)

⎞
⎠ (12)

where dj is the distance of two referenced nodes of Euclidian distance, Su is the power
spectral density of turbulence in the longitudinal direction of a single point, and Cij is the
decay coefficients. The current work employed the decay coefficients from the Norwegian
Public Roads Administration (NPRA) Handbook N400 [38], and the power law is employed
as well to estimate the wind speed force at story levels. Furthermore, the conventional
spectral method introduced by Deodatis and Shinozuka (1991) [39] and Deodatis (1996) [40]
is adopted to estimate the fluctuating component of wind load by simulating the multi-
variate random process in the time domain. The entire process discussed in this section is
further illustrated in the flowchart, see Figure 13, and the corresponding parameters are
summarized in Table 6.
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Figure 13. Flowchart for generating wind loads time history.

Table 6. Corresponding parameters of long-duration wind loads.

No. Description Parameter Unit

1 Turbulence Length Scale 75.27 m
2 Standard Deviation of Fluctuating Component 6.73 m/s
3 Cutoff Frequency 5.00 Hz
4 Mean of Duration 7500.00 s
5 Coefficient of Variation 10.00 %

4.3. Multi-Hazard Timeline for the Target Building

Five random sets of timelines are developed from the earthquake and wind events of
different return periods, as discussed in previous sub-sections, and presented in Figure 14.
In each set of timelines, an average of ten earthquakes of different PGA (range from 250 to
1100 gal) is anticipated, where the earthquake events’ details and sequence are summarized
in Table 5. Similarly, in each set of timelines, an average of 43 wind events (range from 16
to 31 m/s) is expected to occur.
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Figure 14. Probable multi-hazard scenarios in the target building lifetime.

5. Cumulative Damage Model

5.1. Fatigue Evaluation of BRBs Device

The fatigue life of BRBs is originated with the initiation of fatigue by the first yielding,
and it grows slowly and gradually under each cyclic loadings until it reaches the failure
thresholds. Thus, the fatigue life can be defined from the number of cycles Nf of the specific
intensity that a BRB can sustain before the failure happens. For the earthquake and wind
loads, which induce cyclic loads with variable intensities, the strain-based estimation of
fatigue life is suitable. For this purpose, first, the random cyclic loads are sorted in bins of
similar strain; then, for each of the bins, the cumulative damage is computed from the S-N
curves, and finally, using the Miner’s rule, the fatigue failure is evaluated.

5.2. Variable-Load Cycle Counting

The BRBs under earthquake and wind events experience variable-load cycles over
the time of excitation. Therefore, it requires a proper procedure to estimate the number
of cycles and classify the time-varying load history to a constant and equivalent load of
similar amplitude. The rainflow counting method, which was developed by Matsuishi and
Endo (1968), has demonstrated good agreement with the observed fatigue damage and
was widely adopted by researchers [41]. Thus, the current work practiced the rainflow
counting method to estimate the number of cycles corresponding to the strain amplitude
of BRBs under wind and earthquake excitations.

5.3. Strain–Cycle Relationship of BRBs

Coffin (1962) and Manson (1966) defined the relationship between the number of cycles
until the failure, Nf, and the strain amplitude, Δεt, which leads to fatigue failure, as given in
Equation (13). Usually, this relationship is derived from experimental results or empirical
formulas based on statistical data. The fatigue life of BRBs, manufactured in Japan, has
been studied extensively under different loading scenarios such as the shaking table
test [42], the constant amplitude fatigue test [43], the BRB frame shaking table test under
random amplitude [44], and the truss frame test under gradually increasing amplitude [45].
Takeuchi et al. [46] observed that the fatigue properties of BRBs are not considerably
changed for different types of steel material, wherein the approximate strain-failure cycle
relation is given as below,
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Δεt[%] = 0.5N−0.14
f (Δεt < 0.1%)

Δεt[%] = 20.48N−0.49
f (0.1% ≤ Δεt < 2.2%)

Δεt[%] = 54.0N−0.71
f (Δεt ≥ 2.2%).

(13)

5.4. Miner’s Damage Rule

According to the Miner rule, if there are j number of strains of different intensities in
a strain profile, the cumulative damage index (CDI) is defined as,

CDI =
j

∑
i=1

ni
Ni

≤ 1 (14)

where ni is the number of cycles of the ith strain, and Ni is the number of cycles to the
failure point under the ith strain. The failure occurs when the CDI reaches one.

Now, by substituting the BRBs strain–cycle relation, Equation (13), into the Miner
rule, Equation (14), the cumulative damage of BRBs subjected to random cyclic loads of
earthquake and wind excitations can be presented as follows,

CDI = ∑
j
i=1

ni(
Δεt
0.50

)− 1
0.14

(Δεt < 0.1%)

CDI = ∑
j
i=1

ni(
Δεt

20.48

)− 1
0.49

(0.1% ≤ Δεt < 2.2%)

CDI = ∑
j
i=1

ni(
Δεt
54.0

)− 1
0.71

(Δεt ≥ 2.2%)

. (15)

5.5. Plastic Strain Energy (PSE)

The study conducted by Chung and Lee (1994) [47] introduces the plastic strain energy
(PSE) as a damage criterion, because in each cycle of excitation, an irrecoverable amount
of PSE is inserted into the steel elements, which in response initiates and propagates the
fatigue crack. Therefore, the cumulative damage of BRBs is further evaluated in terms
of plastic strain energy (PSE), which is defined as the ratio of the area of plastic strain
energy (Et) by the triangular area (Ey) shaped by the yield and deformation strengths of
RBR, as shown in Figure 15a. The experimental study conducted by Iwata and Murai
(2006) [48] introduces the PSE as a suitable indicator for the performance evaluation of
BRBs in moment frames. The study recommends Equation (16) as a threshold to evaluate
the safety of BRB in terms of cumulative plastic strain energy [48].

PSE = 150 R (16)

R = PE
Py

(17)

 

(a) (b) 

Figure 15. (a) Plastic strain energy (PSE); (b) cumulative ductility factor (CDF).
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In the equation, PE is the buckling strength of the restrainer, and Py is the yield strength
of the steel core plate. The R factor is an indicator of the stable energy absorption capacity
of BRBs.

5.6. Cumulative Ductility Factor (CDF)

Similarly, the accumulative damage of BRBs in the high-rise steel building under
successive application of multi-hazard scenarios is investigated in terms of cumulative duc-
tility factor (CDF). The CDF is an important indicator that describes the plastic deformation
capability of the BRB devices before resulting in structural destruction. As presented in
Figure 15b, the CDF is the normalized summation of total plastic deformation to the yield
strength of BRB, as defined in Equation (18).

CDF = ∑ (Di)
Dy

(18)

CDF = 75 R (19)

Researchers extensively examined the low-cycle fatigue capacity of BRBs in terms of cu-
mulative ductility demands [49–54] and recommend the minimum criteria. FEMA-450 [51]
and ANSI/AISC [54] recommend that the CDF demand should be at least 140 and 200, re-
spectively, to ensure the cumulative ductility capability of the device. In the current research
study, the result of the experimental study conducted by Iwata and Murai (2006) [48], as
given in Equation (19), is utilized to evaluate the BRBs performance in the building lifetime.

6. Result and Discussion

6.1. Outline of Analysis and Results

For the target building, the overall performance is investigated in terms of story drift
and shear force. The cumulative damage index, plastic strain energy, cumulative and
maximum ductility demands are used to investigate the progressive damage of BRBs. For
this purpose, five BRBs are selected along with the height of the target building to examine
the results. The selected BRBs that are located in the 2nd, 5th, 10th, 15th, and 19th stories are
denoted as BRB#1–#5, respectively, as shown in Figure 1. For the selected dampers, Table 7
summarizes the absorbed energy, the number of cycles, and strain amplitude obtained from
the rainflow counting method after successive analysis of the five sets of lifetime multi-
hazard scenarios. Since the average strain amplitude is higher for the damper installed in
lower stories, the BRBs’ contribution to absorb the MH energy becomes larger in response
the accumulative damage increase. Table 7 also indicates that the energy absorption rate in
upper stories is significantly smaller in comparison to the BRBs in lower stories.

Table 7. Cycle counting, strain amplitude, and CDI of selected BRBs under multi-hazard timelines.

Selected Damper MH Scenarios CDI
Strain Amplitude (%) Cycle Energy

Ave. Max No. kN-m

BRB#1

Set 1 0.643 0.048 1.210 129,094 25,400
Set 2 0.573 0.046 1.440 141,647 22,310
Set 3 0.501 0.042 1.018 138,566 21,310
Set 4 0.434 0.040 1.362 138,988 16,240
Set 5 0.363 0.043 1.092 126,927 13,120

BRB#2

Set 1 0.105 0.031 0.800 128,968 3838
Set 2 0.074 0.029 0.783 140,602 3074
Set 3 0.087 0.028 1.067 136,815 3564
Set 4 0.060 0.026 1.214 138,187 2038
Set 5 0.043 0.027 0.844 126,173 1356

BRB#3

Set 1 0.032 0.025 0.762 129,226 930
Set 2 0.026 0.024 0.758 139,249 751
Set 3 0.027 0.023 0.754 135,340 932
Set 4 0.024 0.021 0.701 137,201 654
Set 5 0.019 0.022 0.780 126,453 461
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Table 7. Cont.

Selected Damper MH Scenarios CDI
Strain Amplitude (%) Cycle Energy

Ave. Max No. kN-m

BRB#4

Set 1 0.015 0.019 0.654 129,787 385
Set 2 0.014 0.018 0.708 140,681 307
Set 3 0.015 0.018 0.664 134,786 365
Set 4 0.011 0.016 0.582 137,618 321
Set 5 0.011 0.016 0.698 126,165 234

BRB#5

Set 1 0.005 0.009 1.210 142,085 99
Set 2 0.004 0.008 0.339 152,142 94
Set 3 0.005 0.008 0.406 148,793 88
Set 4 0.004 0.008 0.367 151,671 83
Set 5 0.004 0.007 0.422 135,930 69

6.2. Story Drift Ratio of the Target Building

Figure 16 presents the envelope of maximum story drift and shear force of the target
building under the five sets of multi-hazard scenarios. Comparing the maximum story
drift ratio with the design target of 1%, the maximum story drift obtained from multi-
hazard timelines is 2.0–5.5 times larger than the design target. Although the story drift
amplification for the lower story in contrast to the upper story is three times larger, the
upper stories are not able to endure the design drift as well. In addition, the distribution
of the maximum story shear force is approximately equal to the distribution of the story
shear force (dotted line) when the seismic base shear is CS = 0.2 W, where W is the weight
of the building.

Figure 16. Maximum story drift ratio and shear force under multi-hazard scenarios.

6.3. Cumulative Damage Index (CDI)

Figure 17 demonstrates the increase in cumulative damage index (CDI) for the se-
lected BRBs under the application of five sets of multi-hazard scenarios. As indicated in
Tables 1 and 7, the estimated CDI for BRB#1–5 with an average strain amplitude of 0.05,
0.03, 0.025, 0.02, and 0.01% is about 0.64, 0.1, 0.03, 0.015, and 0.005, respectively, which
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indicates that CDI is decreasing in upper stories. Accordingly, none of the selected BRBs
are reaching the failure status (CDI = 1.0) according to Miner’s rule.

Figure 17. Cumulative damage index (CDI) of selected BRBs under multi-hazard scenarios.

6.4. Plastic Strain Energy (PSE)

Figure 18 presents the increase in estimated plastic strain energy (PSE) for the five
selected BRBs under the successive analysis of multi-hazard scenarios. Since the PSE of
BRB is associated with the R factor as PSE = 150 R [48], for a certain (R = 1, 2, 3, and 4),
the PSE is marked to illustrate the BRB’s progress damage. It is observed that the fatigue
life of BRB#1, in terms of plastic strain energy, is about 25 years and 80 years for R = 1
and 4, respectively. Meanwhile, the estimated plastic strain for the BRB#5 (CDI = 0.005,
R = 1) is below 150 after a service period of 100 years. In contrast to the CDI, the PSE
reveals that even the BRBs with an average strain amplitude of less than >0.03% are prone
to progressive damage under multi-hazard scenarios.

6.5. Cumulative Ductility Factor (CDF)

Figure 19 shows the increase in cumulative ductility factor (CDF) for the selected BRBs
corresponding to the five sets of the multi-hazard scenarios. In the figure, the horizontal
lines mark the CDF criteria according to Equation (18) for the certain R factors (R = 1, 2, 3,
and 4, CDF = 75, 150, 225, and 300) to measure the progressive damage of selected BRB in
terms of CDF. In contrast to the CDI and PSE, it is observed that all the selected BRBs are
reaching their maximum capacity in terms of cumulative ductility factor. The effective age
of the BRBs (with R = 4) is about 40–75 years corresponding to the BRB’s location in the
high-rise building and average strain amplitude. On the other hand, the CDF capacity of the
BRBs (with R = 1) is about 20 years, regardless of the average strain amplitude and damper
location. Comparing the results of CDI and PSE with the cumulative ductility factor, it
is important to point out that the BRBs that satisfy the CDI and PSE indexes are severely
prone to progressive damage in terms of CDF. Therefore, the current study recommends

589



Appl. Sci. 2021, 11, 9253

precisely evaluating the fatigue life BRBs under different multi-hazard scenarios in terms
of different fatigue criteria.

Figure 18. Plastic strain energy (PSE) of selected BRBs under multi-hazard scenarios.

Figure 19. Cumulative ductility factor (CDF) of selected BRBs under multi-hazard scenarios.
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6.6. Maximum Ductility Factor of BRBs

For the selected BRBs, the envelope of maximum ductility factor under successive
application of multi-hazard scenarios is presented in Figure 20. According to the literature
review, for the common types of BRB in Japan [47–49], the maximum ductility demand
for BRBs with different configuration and cyclic loading protocols are reported to have
a range of 20–24 before exceeding the ultimate capacity. Comparing the maximum ductility
factor under Level-2 earthquake (μ = 3–8) and multi-hazard scenarios (μ = 10–25), it is seen
that the ductility demand is three times larger in comparison to a Level-2 earthquake, as
recommend in Japanese design provision.

Figure 20. Maximum ductility demand of selected BRBs under multi-hazard scenarios.

7. Conclusions

The current research investigated the fatigue life of BRBs elements and their effect
on the overall performance of high-rise steel buildings by predicting the sequence of
multi-hazard scenarios in the building lifetime. Toward this objective, first, a 20-story
moment resisting frame is designed to resist the gravitational loads; then, the simplified
method presented in the JSSI manual is applied to design the required BRB elements to
satisfy the 1% story drift ratio (design target) imposed by the lateral excitation. In the next
step, the Poisson process-based procedure is used to randomly approximate the probable
multi-hazard scenarios during the project’s lifetime. The proposed concept is applied to
generate five random scenarios, and the target building performance under multi-hazard
scenarios is assessed. The main conclusions of the study are drawn as follows.

• Although for the design earthquake and wind loads, as recommend by AIJ (2019), the
target building satisfies the 1% story drift ratio, but the building performance under
multi-hazard scenarios is about 2.0–5.0 times larger. It is because, first, the estimated
intensities of multi-hazard events from the proposed procedure are slightly larger in
comparison to the design earthquake; second, the contribution of multi-hazard scenar-
ios to the progressive damage of BRBs amplifies the overall building’s performance.
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• Under the multi-hazard scenarios, the progressive damage of BRBs that are in upper
stories is considerably smaller than that of the BRBs located in lower stories. This
is indicating that the BRBs in lower stories are severely prone to low-cycle fatigue
damage in the building service period.

• The progressive damage of BRBs under multi-hazard scenarios, which is studied in
terms of cumulative damage index (CDI), cumulative ductility factor (CDF), plastic
strain energy (PSE), and maximum ductility, reveal that the fatigue life of a BRB is
a multi-criteria issue. It is found that although the BRBs can satisfy one or two of the
thresholds, under the successive application of wind and earthquake excitation, the
devices fail to endure all the aforementioned criteria. Corresponding to the designated
criteria, the fatigue life is variable as well. Therefore, the current study recommends the
multi-criteria be incorporated in the design phase of the high-rise building with BRBs.

• Considering the multi-criteria investigated in this study, this study observed that the
effective service life of BRBs is much smaller than the design service life.

• Under the successive analysis of multi-hazard scenarios, the ductility demand of BRBs
is three times larger than that during Level-2 earthquakes.
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Abstract: Design codes establish seismic site classifications to determine the seismic demand of a
structure according to the response of the soil foundation under the action of earthquake ground
motions; the site classification can even condition the feasibility of a project. The occurrence of
great earthquakes in Chile has tested its design codes, generating much information and experience
regarding the seismic design of structures that have allowed researchers to identify variations in
seismic demands according to the kind of ground foundation and to propose seismic site classification
methods in Chilean regulations since the 1930s; countries in the vanguard of seismic design, such as
the USA, Japan, and New Zealand, proposed methods even earlier. In this document, the evolution of
methodologies for seismic site classification according to the criteria in Chilean codes is analysed from
their implementation in the 1930s to the most recently proposed design code NCh 433, 2018–2021.
Although the distinctive features of each country shape the criteria in their design codes, clear
knowledge of the evolution of established criteria from their origins is considered an important
tool that contributes to the better understanding, interpretation and application of the seismic site
classification methodologies contained in a design code with better criteria. Likewise, the review
indicates a distinct need to conduct a continuous evaluation of the classification criteria supported by
records of new earthquakes, as well as by physical and numerical models that allow incorporating
variables which condition the response of the terrain such as topography, lateral heterogeneities, and
basic effects.

Keywords: seismic site classification; seismic design codes; earthquake resistance design; design
criteria; soil response

1. Introduction

The current main objective of seismic site classification is to assign design response
spectra or to define parameters for its establishment according to the non-linear response
of the soil foundation to shear waves generated from the bedrock upward to the ground
surface by the action of earthquake ground motions.

Parameters to carry out seismic site classification remain objects of study and analysis.
Despite the discrepancies generated by the geological, geomorphological and laws of each
country, some consensus has been achieved at an international level, sometimes indirectly,
with respect to parameters that must be applied for such seismic classification. An example
of the latter is the known parameter Vs30 proposed by Borcherdt and Glassmoyer [1] and
Borcherdt [2], which incorporates many design codes as the main classification param-
eter [3]. Although it has been the subject of some debate [4–6], the Vs30 parameter is
accepted internationally. Note that some questions also arise due to the complexity and na-
ture of the variables that intervene in the non-linear seismic response of the ground, which
has hindered the definition of absolute or unified criteria at the normative level. Given
the uncertainties generated in the analysis, perhaps in the future it could be convenient to
incorporate complementary data analysis tools based on the neuro-fuzzy logic technique
into design code committees [7].
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On the other hand, the high seismic demand to which the Chilean infrastructure has
been subjected because of great earthquakes during the last 100 years, especially recent
large-magnitude earthquakes (Mw 8.8, 8.4, 8.3), has demanded that Chilean engineering
be able to define ad hoc characterization parameters. This situation has allowed the
response of the ground foundation for a structure to be categorized, which is required
to establish the seismic demand for its seismic resistance design. Currently, the Chilean
seismic resistance design code, named NCh 433, in its most recent modified proposal
(version 2018–2021), contains important advances with respect to the methodology of
seismic site characterization and would be a pioneering proposal at the international design
code level. This position is not unprecedented for Chile, as the country has developed
normative regulations for construction according to its investigations and experience and
had integrated qualifying factors for almost 90 years before similar developments by other
countries, such as the USA, Japan, and New Zealand. The objective has been to make a
difference in seismic requirements according to ground conditions and has produced the
seismic classification criteria recorded in different proposed design codes.

In this document, a review and an analysis of the evolution of methodologies for
seismic site classification according to Chilean regulations are performed, from their imple-
mentation in the 1930s to the most recent proposal in 2018–2021, which considers some
limitations of the use of Vs30 as the only dynamic parameter of soil for classification [3–5].
These methodologies incorporate the fundamental period measured by the H/V spectral
ratio method (HVR), Tg, as a complementary parameter of seismic classification. Having
distinct knowledge of the evolution of ruling criteria from their origins is considered an
important tool that contributes to understanding, interpreting and applying better criteria
for ground classification methodologies contained in a design code.

2. Brief Historical Context of Chilean Construction Regulations

For the Chilean territory, from colonial times, urban planning regulations, such as the
Discovery Ordinances, New Populations and Pacifications of 1573, were issued to regulate
the conformation, growth or reforms of cities, mainly motivated by demographic growth
and for reasons of health [8].

In Chile as a republic, the first approach to regulations related to urban subjects
was decreed in 1854, which assigned to city halls the responsibility for defining urban
development guidelines about construction or urbanism. Between 1874 and 1912, urbanism
laws were enacted by different city halls in Chile; these laws were collected during the
reform of the city halls law in 1915 [8]. Although Chile has historically recorded more
than 10 earthquakes with great magnitude since achieving independence in 1810 (today,
earthquakes are catalogued with magnitudes higher than Mw 8.0 [9]), laws or regulations
issued prior to 1927 did not include any type of seismic consideration for construction. As
an international context for this decade, the first regulation of seismic design in the world
was decreed in 1924 in Japan.

In 1928, the Mw 7.6 earthquake in Talca greatly damaged structures, which empha-
sized the urgent need to regulate building construction while considering the seismic
demands of the country. From the previous background, in 1929, a law project was decreed
that authorized developing a general ordinance to establish regulations to which building
construction must conform in the different districts of Chile. These regulations would
consider criteria to prevent collapse, for the first time indicating that construction must
“avoid, as much as possible, the risks coming from an earthquake”. Thus, between 1930 and 1931,
the First Law and Ordinance of Construction and Urbanization (OGCU), began seismic
resistance regulation for construction in Chile [10], joining countries with normative design
criteria, such as Japan, 1924 [11], the USA, 1927 [12], and New Zealand, 1935 [13]. Note that
criteria and definitions with respect to seismic design are contained mainly in the version
of the OGCU established in 1936, OGCU-1936 [14].

Between 1936 and 1971, the main regulation with seismic design criteria was the
OGCU, which underwent different changes motivated by the large seismic events that

596



Appl. Sci. 2021, 11, 10754

occurred in the country. In 1972, the first Chilean seismic design code, referred to as
NCh 433, was promulgated, the most recent version of which corresponds to the proposal
evaluated between 2018 and 2020, which is in the process of being approved.

3. Seismic Site Classification Methodologies According to Chilean Design
Regulations or Seismic Codes

3.1. Construction and Urbanism General Ordinance (1930–1936)

As indicated above, the first seismic regulations were established in OGCU-1936 [14],
which set criteria for seismic design by referring to a variation in seismic solicitation
according to ground conditions. This regulation shows the first approximation to seismic
site classification, which is an aspect of design codes that was not considered during
this period.

OGCU-1936, similar to the Japanese model [11], considered seismic action an equiva-
lent force applied to the centre of gravity of a structure; the magnitude of the horizontal
component was equal to the building weight multiplied by a seismic coefficient, while the
vertical component was considered to be 50% of the horizontal component. This standard
was based on a criterion proposed in the Japanese code of 1924, with a seismic coefficient
equal to 0.1, i.e., 10% of the structure’s weight. However, the OGCU defined seismic coeffi-
cients between 0.05 and 0.1 according to the seismic and geologic characteristics of the zone
where the construction was to be located and the quality of the foundation ground. These
coefficients were categorized with the expression “allowable resistance of ground”, as shown
in Table 1. Considering this criterion, the “allowable resistance of ground” would be one of
the first parameters for seismic site classification; starting from this point, the expected
seismic solicitation magnitude for design was defined. In addition to that indicated in
Table 1, Art. 152 of the OGCU-1936 also established conditions for “seismic action” based
on the kind of ground, assigning for its consideration the factor shown in Table 2. However,
the ambiguous statement of Art. 152 does not allow us to identify the use or application
of such a factor in a settled way; whether it involved a balance of seismic coefficients (del
Canto, et al., 1940) is also not indicated, but if it did consider a balance, this method could
generate a solicitation for more than 10% of building weight for low-quality ground.

Table 1. Selection criteria for seismic coefficients according to soil resistance from OGCU-1936
(Ordinance of Construction and Urbanization).

Allowable Resistance of
Ground Foundation

Horizontal Seismic
Coefficient, kh

Vertical Seismic Coefficient, kv

≤300 kPa 1/10 1/10
>300 kPa 1/20 1/40

Table 2. Factors for defining seismic action according to Art. 152 OGCU-1936.

Class of Ground Foundation Factor

Sandstone ground 1.0–2.4
Loose sand ground 2.4–4.4
Loose and fill soils 4.4–11.0

In a complementary way, the OGCU also included an analogous criterion that today
could be considered a place effect, indicating that “Departments of Construction of City
Halls would be able to require that the effect of resonance is studied in special cases”.
However, according to the reported precedents, this statement was more likely intended to
analyse a possible place effect because at this time, engineers lacked the power to consider
variable acceleration effects during a seismic event, as OGCU-1936 suggested a constant
acceleration magnitude for design [15].
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3.2. Construction and Urbanism General Ordinance, OGCU-1940

As a consequence of the devastating earthquake in Chillan on 24 January 1939, which
caused more damage and the highest number of fatalities reported in Chile, the govern-
ment requested the creation of a technical government commission, which submitted an
evaluation of the current ordinance with the damage report, highlighting mistakes and
ambiguities, proposing new seismic factors and incorporating the first approach to design
using a dynamic method; the commission recommended “ . . . reinforced concrete buildings
to be calculated in a more rational way (that is, taking into consideration not only the maximum
acceleration of earthquakes as established by the Ordinance but also the amplitude and period)” [15].
This document is the basis of the main changes related to seismic design and generated a
new OGCU that was approved in 1940 [16]. The new OGCU included an adjustment with
respect to seismic action, which is now considered a harmonic movement, or followed the
use of a static method equivalent to that defined in OGCU-1936, which would subsequently
depend on the type and period of a structure. Thus, for structures with the period Te less
than 0.4 s, the seismic action was determined using the static method defined in OGCU-
1936. If Te was greater than or equal to 0.4 s, “ . . . the action of the earthquake will assimilate
to a horizontal vibration in any direction, of a simple harmonic movement, with the following
characteristics: Acceleration 0.1 g to 0.2 g (g gravitational acceleration); amplitude 4 to 6 cm, period
1 to 2 s . . . ”. For this last case, the OGCU-1940 established the possibility of using an
approximate method to determine the seismic action, which due to the absence of more
precise methods suggests that the government commission utilized such a method [15,17];
based on this reasoning, the provision is interpreted as a seismic classification method, as
listed in Table 3.

As shown in Table 3, OGCU-1940 removed the parameter for classifying the admissi-
ble resistance of the ground, reducing it to a general characterization of the ground without
main specifications. This lack of a main decree with respect to the ground could be at-
tributed to the effects of the 1939 earthquake, which was uniformly devastating throughout
the whole area of influence. These effects would make it more difficult to refine particular
aspects associated with the ground. Considering the limited geomechanics exploration
that was conducted during this period, the normative analysis was centred more on the
identification of the characteristic seismic wave, temporarily and partially disregarding
the influence of the ground. Nevertheless, participants in the government commission
suggested that geological aspects were required to continue investigation [15].

Considering bibliographic antecedents available at the time, the OGCU commission
in charge of revision observed that at an international level, prominent investigators
concurred, indicating that the evidence of earthquakes, such as those in San Francisco
in 1906 or Tokyo in 1923, demonstrated that the destructive aspect of earthquakes was
attributed to waves whose periods varied between certain defined limits [17] (p. 87).
Therefore, with this assumption, the ordinance adopted a criterion to restrict construction,
whose Te period would range between 1.0 and 2.0 s. The simplified method, previously
indicated and suggested by OGCU-1940, did not explicitly include factors for other periods,
such as for Te between 0.75 and 1.0 s and between 2 and 3 s. Therefore, in Table 3, values of
seismic action in these period ranges correspond to an interpretation, based on the report
of the commission, to complete the analytical range for an accepted Te in OGCU-1940. The
maximum values reported for factors α and β are extrapolated for different site classes.
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Table 3. Interpretation of seismic classification criteria according to OGCU-1940.

Ground Foundation Structure Period, Te, s
Static Method

Amplitude of the Seismic Action as
Simple Harmonic Motion

kh kv ah, g δh, m

Rock

<0.4

0.10

0.15

- -

Sandstone or
conglomerate 0.12 - -

Gravel or loose sand 0.15 - -

Fill 0.20 - -

Rock

(*1)
0.4 ≤ Te ≤ 0.75

α = 2.86
(

Te
1 s

)
− 0.144

-

0.15

0.10 × α -

Sandstone or
conglomerate - 0.12 × α -

Gravel or loose sand - 0.15 × α -

Fill - 0.20 × α -

Any type of ground 1.0–2.0 Constructions are not allowed

Rock (*2)
2.0 < Te ≤ 3.0 − β =2.0

3 > Te ≥ 5.0 − β =3.5 −
(

Te
2 s

)
Te > 5.0 − β =1.0

-

0.15

- 0.040 × β

Sandstone or
conglomerate - - 0.052 × β

Gravel or loose sand - - 0.060 × β

Fill - - 0.060 × β

*1. For 0.4 s ≤ Te < 1.0 s, according to the modification of the OGCU-1940, the seismic action is considered a uniform acceleration, ah,
which is equal to the maximum of the seismic event multiplied by the coefficient. α. *2. For Te > 2.0 s, the design must consider applying
the horizontal displacement, δh, to the centre of gravity of the structure, which is equal to the maximum amplitude of the seismic wave
multiplied by the coefficient β.

3.3. Construction and Urbanism General Ordinance, OGCU-1949

In 1949, a new version of the OGCU was promulgated; however, with respect to seis-
mic design, it contained criteria similar to those in OGCU-1940, which had the government
commission’s report as technical backup [15].

For seismic action, the recommendation of using the approximate dynamic method
proposed by Del Canto et al. [17] was retained, and it was also declared directly that the
determination of “ . . . seismic and fatigue solicitation that they produce in materials will be
done, in general, by the dynamic equations.” This last point represents the ratification of the
need to establish a design criterion, the dynamic method, considering dynamic solicitation
as the action of waves that spread with amplitude, acceleration and displacement from the
ground to the foundation and building.

Based on the previous description, Table 4 shows the classification interpreted ac-
cording to criteria in OGCU-1949 [18], which still permitted the use of the approximation
method and was compatible with the classifying method shown in Table 3. One difference
is that the new OGCU-1949, in addition to the period of a structure, incorporated the
stiffness of the foundation as a distinguishing parameter of seismic action. In relation to
restricted structures with periods between 1.0 s and 2.0 s, OGCU-1949 did not specify;
however, to make the approximate method valid, indirect restrictions were retained. Fac-
tors α and β shown in Table 3 were deleted, and the values were held constant for cases
with periods of 0.75 s < Te < 1.0 s and 2.0 s < Te < 3.0 s as the criteria for the approximate
method [17].

599



Appl. Sci. 2021, 11, 10754

Table 4. Interpretation of seismic classification criteria according to OGCU-1949.

Ground Foundation Structure Period, Te, s Foundation Rigidity kh *1 Amplitude of Seismic
Action, m

Rock

<0.4

- 0.08 -

Conglomerate or very
dense ground - 0.12 -

Loose soils or sand
with raft foundation or

similar rigidity 0.10 -

without raft foundation 0.12 -

Rock

0.4 ≤ Te ≤ 0.75

- 0.05 -

Conglomerate or very
dense ground - 0.10 -

Loose soils or sand
with raft foundation or

similar rigidity 0.12 -

without raft foundation 0.15 -

Any type of ground 1.0–2.0 Constructions are not allowed

Rock

Te > 3.0 *2

- - 0.020

Conglomerate or very
dense ground - - 0.040

Loose soils or sand
with raft foundation or

similar rigidity - 0.050

without raft foundation - 0.060

*1 The vertical component of the seismic wave will only be considered in cases where the nature of the work requires it. Its acceleration
and amplitude will be equal to 50% of the horizontal seismic action. *2 Interpretation and limit of the period taken from the approximate
method proposed by Del Canto, et al. [17], which the OGCU authorizes can still be applied for the determination of seismic action.

3.4. Earthquake Building Resistance Code NCh 433Of72

Following the modification of OGCU-1949, during the 1950s, there were no changes
in seismic regulations, although at least five earthquakes of magnitude Mw higher than
7.5 occurred, culminating with the mega-earthquake in Valdivia in 1960, which reached
Mw 9.5. Nevertheless, by the end of the 1950s and prior to the great earthquake in 1960,
the National Institute of Investigations, Inditecnor (which in 1973 became the National
Institute of Standardization, INN), was requested in 1959 to start developing seismic
design criteria independent from OGCU. A committee was created with professionals and
academic experts.

During the 1960s, different proposals were formulated; in particular, the work of
Arias and Husid [19] had great influence. With respect to the ground effect, they had
already indicated that the designer could modify the spectrum shape to consider selective
amplifying cases for types of ground. Starting with models and spectrum analyses of
real earthquakes, Arias and Petit [20] subsequently presented a theoretical basis to define
relationships between the response spectrum and ground properties, directly expressing for
the first time the need for seismic site classification analogous to the system employed today.

An antecedent in the form of a 1968 preliminary regulation denoted NCh 433Of68 [21],
which was not officially published but accepted the incorporation of the static method and
dynamic method. The former is applicable to short structures with simple construction,
while the latter is applicable to taller and more morphologically complex buildings. Start-
ing from this basis, a seismic coefficient was defined, and an acceleration spectrum was
categorized for different site classes to which the fundamental vibration period, T0, was
assigned. The equations applied for each method are listed as follows:

Seismic coefficient for the static method:

C = 0.10forT < T0 (1)
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C = 0.10
2TT0

T2 + T2
0
< T0 (2)

Acceleration spectrum for the dynamic method:

a
g
= 0.10K1K2forT < T0 (3)

a
g
= 0.10K1K2

2TT0

T2 + T2
0
< T0 (4)

where C is the seismic coefficient; T is the period of the corresponding vibration mode; T0
is the fundamental vibration soil period; K1 is a coefficient relative to the intended use of
the structure (factor between 0.8 and 1.2); and K2 is a coefficient relative to the structural
form (factor between 0.8 and 1.2).

Taking as references the unpublished proposal from 1968 and recommendations pro-
posal by Saragoni [22] regarding earthquake spectra from Chile, Peru, Japan and the USA,
which provided clear knowledge of the foundation ground type where these spectra were
recorded, a seismic site classification was proposed. This scheme is shown in Table 5
and was included in the new regulation. All previously indicated criteria were finally
consolidated and included in the regulation that was made official as “NCh 433Of72, Earth-
quake resistance of buildings 1972” [23], which combined with the Argentine code [24],
constituted together the first official codes of seismic design at the South American level
that incorporated design spectra.

At this time, design codes at the international level, including the Uniform Building
Code (USA), Building Law (Japan), and codes in New Zealand, had been continuously
revised. However, for 1968, the year in which the seismic site classification criteria in
NCh 433 were proposed, every design code proposed defining spectra according to the
seismic zones of the country, but codes were not defined according to the type of ground;
such criteria were incorporated in the USA in 1976 [25], New Zealand in 1976 [26], and
Japan in 1971 [27]. Therefore, NCh 433, with respect to the influence of the ground,
was one of the first design codes at the world level that incorporated the influence of
ground foundations in the spectra for seismic design in buildings and assigned a seismic
classification. Nevertheless, at that time, the Chilean code and international codes still did
not have indications with respect to identification parameters to characterize the ground,
as ground types for their classification were general and descriptive.

Table 5. First seismic site classification from NCh 433Of72.

Site Class T0, s

Rock, dense gravel, dense sandy gravel 0.20
Dense sand, stiff cohesive soils 0.30

Loose granular soils, soft or medium soft cohesive soils 0.90

With code NCh 433, a great step was taken related to regulations for the design of struc-
tures considering seismic solicitations; these regulations incorporated not only the points
previously indicated but also the first guidelines for design from a probability perspective.

3.5. Earthquake Resistance of Buildings, Codes NCh 433Of93 and NCh 433Of96

The earthquake on 3 March 1985, in the central zone of Chile represented a great
test for the prevailing seismic laws in Chile, and as usual after a great seismic event, the
National Institute of Standardization, INN, in 1986 constituted the Seismic Resistance
Coordinator Code Committees. With input from these committees, the first modification to
the code was proposed and then approved in 1993, and as a result, code NCh 433Of93 [28]
was cancelled and replaced by NCh 433Of72 [23]. The 1993 version included different
changes in the design code, highlighting the incorporation of a new system for the seismic
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site classification of the ground and directly defining parameters to characterize the ground
as well as the shear-wave velocity, Vs; SPT N-value; undrained strength, su; and the
resistance to simple compression, qu.

Considering the lessons learned after the earthquake of 1985 and great seismic events
recorded around this time at an international level (Los Angeles, CA, USA, Mexico, and
Peru), these regulations clarified for the first time the application range with respect to the
geomorphological conditions of the ground. Parameters for seismic characterization and
solicitation were defined considering horizontal surfaces and horizontal stratification and
acknowledged that some structures are built on foundations that reveal geomorphological
and topographic singularities. This last point was motivated by the effects of topographic
amplification observed and categorized for structures built in the area of the Beagle channel,
Viña del Mar, during the earthquake and aftershocks in 1985 [29]. Importantly, note that by
the publication date of the document that contained the modifications to NCh 433Of72,
1989, no national or international codes had defined specific criteria for the identification of
ground types that may suffer topographic effects, leaving their identification to engineers’
judgement. This procedure was generally applied in such cases as in regular professional
practice, and topographic effects were not considered. Even today, most design codes at the
international level still lack criteria for the consideration of topographic effects. Exceptions,
such as the French code [30], Eurocode [31], and Italian code [32], share the same criteria.

In relation to special cases, for the first time, associated criteria were introduced for
ground types with the potential to liquefy, identifying this phenomenon for sand (N1)60
less than 20 blows/feet, which had been excluded from ground classification systems. In
1989, this point also represented a development, as different design codes, such as the
USA [33], Japan [34] and New Zealand codes [35], did not include criteria that conditioned
the seismic site classification in cases with possible liquefaction.

As a part of the revision process for the practical use of code NCh 433Of93, the
Chilean Association of Seismology and Antiseismic Engineering (ACHISINA) proposed
adjustments to the code based on the main conclusions registered by the professional
community; in 1996, a second update became official, denoted NCh 433Of96 [36]. With
respect to ground and seismic classification, the 1996 version did not involve any changes.

The seismic classification contents for NCh 433Of93 and NCh 433Of96 are presented in
Table 6. In this case, four site classes were defined; they were identified starting with defined
parameters and helped to reduce subjectivity, which could affect the characterization of
ground types. This factor represented an important advance, considering for example,
that code UBC 1991 [37] still did not include classification parameters but considered
only the shear-wave velocity, Vs, employed to characterize rock. In 1997, when the UBC
proposed a seismic classification system with direct classification parameters, the shear
wave propagation velocity of the surface 30 m, Vs30, which corresponds to a parameter that
many design codes worldwide later incorporated for the seismic classification. Although
this system is still in force, in the case of the Chilean standard, it was not incorporated, and
work continued until 2009, as shown in Table 6.

NCh 433Of93 also conditioned the classification to the thickness of the superficial
strata using the criteria of 10 m and 20 m for site class types III–IV and II, respectively.
Although there was no clear antecedent for the origin of criteria recently referenced by
members of the code committee, an interpretation was obtained from the criterion defined
by UBC 1985 [38] for seismic classification in a minor category corresponding to soft
ground; S3 (site class types III and IV in NCh 433Of93) ground types must have a thickness
of 30 feet or approximately 10 m. On the other hand, related to measuring the shear-wave
velocity in the uppermost 10 m to classify a location in site class type II, there was no
clear justification for the criterion, which additionally applied to only this site class, since
the shear-wave velocity for types III and IV was not specified. In terms of seismic site
classification, NCh 433Of93 was not free of ambiguities, which were later exposed by the
2010 earthquake; consequently, this event led to changes in the seismic code.
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Table 6. Seismic site classification NCh 433Of93/NCh 433Of96.

Site Class Description

I Rock: Natural material with in-situ Vs ≥ 900 m/s, or qu intact rock ≥ 10 MPa and RQD ≥ 50%

II

(a) Soil, Vs ≥ 400 m/s in the upper 10 m, and increasing with depth; or well,
(b) Dense gravel, γd ≥ 20 kN/m3, or relative density ≥ 75%, maximum dry density ≥ 95%; or well,

(c) Dense sand, relative density ≥ 75%, (N1)60 > 40, maximum dry density ≥ 95%; or well,
(d) Stiff cohesive soil, su ≥ 0.10 MPa (unfissured samples).

Minimum thickness of the horizon layer on the rock, 20 m. If the thickness of the stratum on the rock is less than
20 m, the site class will be classified as type I.

III

(a) Sand permanently unsaturated, 55 < relative density ≤ 75%, N60 > 20; or well,
(b) Unsaturated gravel or sand, maximum dry density ≥ 95%; or well,

(c) Cohesive soil with 0.025 < su ≤ 0.10 MPa, regardless of the water table; or well,
(d) Saturated sand with 20 < (N1)60 ≤ 40.

Minimum horizon layer thickness: 10 m. If the thickness of the stratum on the rock or on the site class
corresponding to type II is less than 10 m, the site class will be classified as type II.

IV
Saturated cohesive soil with su ≤ 0.025 MPa.

Minimum horizon layer thickness: 10 m. If the thickness of the horizon layer corresponding to certain types I, II
or III is less than 10 m, the site class will be classified as type III.

Vs: shear wave velocity; qu: unconfined compressive strength; RQD: rock quality designation; su: undrained shear strength; γd: dry unit
weight; (N1)60: normalized SPT N-value.

3.6. Resistance of Buildings to Earthquakes, Code NCh 433Of96mod2009

In 2009, a modification of the code denoted NCh 433Of96mod2009 [39], which did
not include any changes with respect to seismic site classification, became official, and
the criteria in Table 6 remained applicable. Notably, by the time the 2009 version of the
code was made official, different countries had incorporated the shear-wave velocity in
the upper 30 m, Vs30, as a seismic classification parameter. However, in Latin America,
this parameter was not commonly employed in professional practice. The seismic code
incorporated the seismic classification parameters from the 1996 version (NCh 433Of96),
retaining a certain ambiguity with respect to obligatory measurement of the shear wave
propagation velocity.

3.7. Emergency Supreme Decree 117, DS117-2011

Although code NCh 433Of96mod2009 had recently been approved, damage generated
by the Mw 8.8 earthquake on 27 February 2010, in Maule, provided evidence for the urgent
need to evaluate and adapt the code. The derived changes and immediate adjustments
were included in Emergency Supreme Decree number 117-2011 issued by the Urbanism
and Buildings Ministry, which modified NCh 433Of96mod2009 [40]. One of the points
of special interest at the design code committee level was the seismic site classification,
which at the time had undergone no changes for 17 years, as was evidenced from the
damage recorded that was considered greater than acceptable; accordingly, the necessity
of modifying the classification to incorporate the seismic requirements of the country
according to its ground typologies was recognized.

Among the main changes in DS117-2011, new criteria were included for the seismic
classification of ground types and associated new design spectra. Therefore, considering
the international validation implied by the incorporation of parameter Vs30 proposed
by Borcherdt [1,2], the parameter Vs, which included the previous version of the code
for certain site classes, was modified to Vs15 and Vs30, considering the lesser value of
the two velocities as a parameter for the classification of each type of ground. Here, Vsi
represents the velocity of shear waves that travel through the uppermost i metres of the
ground. Because of the changes to the regulations, measuring the shear-wave velocity in
the field became a professional procedure. At this time, there was not enough equipment to
adequately measure the shear-wave velocity. Thus, for a temporary period of three years,
the estimation of shear-wave velocity using indirect methods, data analysis or correlations
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with geotechnical exploration was authorized. Addressing this same point, the parameter
Vs15 would represent a conservative criterion of classification in some cases, which could
simplify exploration in the short term.

In addition to the four types of site classes in NCh 433Of96, a fifth type, V, which
corresponds to ground types denoted “special” for which a special study was needed to
define a local spectrum design, was incorporated. Furthermore, the classification shown
in Table 7 excludes ground that may potentially liquefy (this class was retained with the
criteria from NCh 433Of96 for its definition: sand, saturated sand or silt, (N1)60 < 20), which
is susceptible to densification because of vibrations.

Table 7. Seismic site classification—DS117-2011.

Site Class Description Min (Vs30; Vs15) m/s RQD qu (MPa)
(N1)60

(For Sands)
su (MPa)

(For Fines Soils)

I Rock or cemented soil (not
soluble in water) ≥900 ≥50% ≥10 (εqu ≤ 2%)

II Soft rock or very dense soil
or very firm soil ≥500 ≥0.4 (εqu ≤ 2%) ≥50

III Medium dense or firm soils ≥180 ≥30 ≥0.05

IV Loose or soft soils <180 ≥20

V Specials soils - - - - -

DS117-2011 had great impacts on practical engineering, confirming the importance
of correct and consistent geotechnical exploration. This emergency decree was valid for a
period of 9 months, during which analysis continued and whose results were subsequently
included in Supreme Decree 61, approved in December 2011 [41].

3.8. Supreme Decree 61, DS61-2011

Following the promulgation of emergency decree 117-2011, the committee on code
NCh 433, having clarified the criteria that had been temporarily defined, proceeded to a
proposal that included adaptations and adjustments to the seismic site classification system
and the design spectra associated with each type of ground; these changes were contained
in Supreme Decree 61, approved in December 2011 and known as DS61-2011 [41]. The
newly proposed classification defined six types of ground, dividing the previous ground
III into two types, defining the shear-wave velocity measured in situ, requiring Vs30 as a
parameter for the classification of ground types, and removing the criterion using Vs15.
The detailed seismic classification method is shown in Table 8.

DS61-2011 also specified with more detail cases that had previously not been clas-
sified and, therefore, that required special studies. These cases are described as fol-
lows: potentially liquefiable ground types such as sand, saturated silty sand or silt with
(N1)60 < 20 blows/foot; ground types susceptible to densification by vibration; collapsible
and organic soils; saturated fine soils with liquid limit (LL) >80 and thickness >20 m; fine
soils with sensitivity higher than 10; and ground types with irregular topography where
local amplification phenomena can occur. Even given these additions, the classification
system continued to classify “special cases” that are now categorized as site class type F,
which includes the previously indicated cases, except for topographic amplification.

As previously indicated, the regulations adopted a minimum exploration thickness of
100 feet, that is, 30 m, for classification and incorporated it in the International Building
Code 1997 [42] and in many international codes; this value was incorporated as a site
seismic characterization parameter. Additionally, considering that certain structures were
built mainly in the city of Santiago, which had underground levels with depths greater
than 15 m, DS61-2011 required the measurement of classification properties to a maximum
between 30 m and Df + 15 m, where Df is the embedment depth. Thus, in cases with several
basement levels, a minimum exploration depth of 15 m below the level of the foundation
system should be guaranteed.
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Note that the seismic classification of ground types defined from the response or
characterization of the top 30 m has not been exempt from criticism; this depth can be an
insufficient criterion for very stiff ground types [43] or for certain stratigraphic configu-
rations, where two places may have the same Vs30 but different stiffness changes with
stratum depth, generating a different seismic response for each case. This point will be the
topic of a future ground study; thus, the analysis of information obtained from earthquakes
and types of ground in the country will eventually incorporate some changes in the most
recent proposal from NCh 433.

Table 8. Seismic site classification—DS61-2011.

Site Class Description Vs30, m/s RQD qu (MPa)
(N1)60

(For Sands)
su (MPa)

(For Fines Soils)

A Rock or cemented soil (not
soluble in water) ≥900 ≥50% ≥10 (εqu ≤ 2%)

B Soft rock or very dense soil
or very firm soil ≥500 ≥0.4 (εqu ≤ 2%) ≥50

C Dense or firm soils ≥350 ≥0.3 (εqu ≤ 2%) ≥40

D Medium dense or firm soils ≥180 ≥30 ≥0.05

E Medium compactness or
medium consistence soil <180 ≥20 <0.05

F Specials soils - - - - -

3.9. Earthquake Resistance of Buildings NCh 433—Modified Proposal 2018–2021

After the validation of DS61-2011, members of the code committee continued their
meetings with the objective of evaluating the large amount of data obtained and the new
data generated by the practical application of DS61-2011. Additionally, two important
earthquakes occurred in the northern part of the country with magnitudes of 8.2 and 8.3 in
2014 (Iquique) and 2015 (Illapel), respectively, which provided interesting complementary
information for the seismic classification system.

The most recent proposal to code NCh 433 was presented in December 2018, and
currently, it is in the final revision stage, which includes a period of public inquiry, where
suitable professionals will deliver their observations. This process will enable the consoli-
dation of the final version of the document, the application of which is expected to start
during the next few years.

Verdugo [5], based on a rigorous analysis of the seismic site classification procedures
identified from available data, including seismic records of earthquakes with a magnitude
Mw greater than 8.0, discovered that the H/V spectral ratio (HVR) obtained via ambient
vibrations reproduces the predominant periods shown by the response spectra and suggests
its use as a complementary parameter for seismic site classification.

Centring the analysis of the proposal only on those revisions related to seismic site
classification, one of the main changes proposed by the code committee, taking into
account all the antecedents, consists of the incorporation, as a classification parameter
of the fundamental period of vibration of the ground, Tg, measured in situ using the
HVR method, which is directly linked with the seismic response of the ground and is
complementary to Vs30. This criterion allows differentiation of the cases that may present
an equal Vs30 but may have stiffness variations with depth that condition the seismic
response at the surface; the incorporation of Tg will allow each case to be distinguished.
This proposal is innovative in global design codes; although the Japanese code [44] also uses
the period as a classification parameter, it is estimated starting with the shear-wave velocity
to the named engineering bedrock, and its direct in situ measurement is not required.

Considering the fundamentals of the previous code, the proposed code replaces
properties and/or indices associated with the resistance of the ground formerly applied
for seismic classification (its density qu or N-value SPT) for parameters that represent the
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dynamic stiffness properties of a location, which are correlated with the phenomenon of
ground amplification (Vs30 and Tg). The classification system is shown in Table 9, in which
Vs30 should be entered, and the Tg value measured in the field should be verified through
the HVR method [45].

Table 9. Seismic site classification—NCh 433 proposed for public consultation in 2021.

Site Class Description Vs30, m/s Tg, s *1

A Rock or cemented soil (not
soluble in water) ≥900 <0.15

(or plane HVR) *2

B Soft or fractured rock; very
dense soil or very firm soil ≥500 <0.30

(or plane HVR) *2

C Dense or firm soils ≥350 <0.40(or plane HVR) *2

D Medium dense or firm soils ≥180 <1.00

E Medium compactness or
medium consistence soil <180 -

*1 Soil period, Tg, measured in situ using the HVR method. *2 A flat measurement is considered when the HVR is
less than 2.0.

With respect to the validity range or applicability of the classification, the code par-
tially retains the recommendations from DS61-2011; however, special cases are now directly
grouped in site class type F, which corresponds to different situations in which a study
is required and requested. This provision allows a spectrum of local design to be de-
fined as follows: potentially liquefiable soils corresponding to sandy or silty soils with
(N1)60-cs < 30 blows/foot, or qc1-cs < 17 MPa (updated criterion in this proposal, which
should be confirmed or eliminated by means of a study of potential liquefaction); soils
sensitive to vibrating densification; collapsible or organic soils, peat, and fine saturated
soils with LL > 80 and thickness greater than 20 m; and fine saturated soils with sensitivity
higher than 10.

The validity of the code is ratified only for ground types with topography and hori-
zontal stratigraphy and for structures located outside of zones where local amplification
phenomena occur or can be generated.

4. Conclusions

The seismic classification of foundation ground types has direct implications for the
seismic design of a structure, impacting its construction costs and conditioning its feasibility.
Therefore, a clear knowledge of the genesis of regulatory criteria allows engineers to better
understand, interpret and apply professional criteria for classifying ground types and
following the methodologies in a design code, which defines guidelines that are ultimately
intended to safeguard the lives of those who will use the structure.

Great seismic events to which Chilean territory has been subjected have generated
important information and experience in the seismic design of structures, which have
allowed Chilean regulations to identify and include variations in seismic demand accord-
ing to the type of ground since the 1930s, prior to most design codes worldwide. The
main conclusions have been scattered among the different design codes proposed for
Chile, generating seismic classification proposals that could be considered in the vanguard
for each period. Along these lines, NCh 433 has recently proposed the replacement of
properties associated with ground resistance that are usually applied in different design
codes (ground density, qu, or N-value, SPT) by parameters that represent the dynamic
stiffness properties of a specific location, which correlate more consistently with the ground
amplification phenomenon. Thus, in addition to the commonly employed Vs30, the code
proposes incorporating the fundamental period of ground vibration measured in situ, Tg,
as a parameter for seismic classification.
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Regarding the predecessor Chilean design codes and homologous regulations at the
international level, the most recent proposed version of NCh 433 presents an important
advance regarding the selection of seismic site classification parameters in the process of
performing a practical characterization that can better correlate with the phenomenon of
ground amplification. Likewise, it is recognized that the Vs30 parameter, which is widely
employed internationally, should not be substituted but rather should be complemented
with dynamic parameters, such as the proposed Tg, which, according to the observations
of the last earthquakes, was considered with suitable parameters.

Seismic engineering in its different disciplines has made important advances that
have allowed the adjustment of seismic design codes. This review highlighted the clear
need to undertake a continuous evaluation of the classification criteria, supported by
records of new earthquakes, as well as physical and non-linear numerical models that
allow incorporating variables that condition the response of the terrain, such as topography,
lateral heterogeneities, and basic effects. Notably, the particularities of each country shape
the criteria in their design codes. Nevertheless, acknowledging other criteria, such as those
in Chilean codes gained by experience with respect to seismic site classification, allows the
consolidation of similar criteria that could be common, at least, at the regional level.
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Abstract: Estimating the dynamic characteristics of instrumented built structures from seismic
vibration data collected from built civil structures is essential input information for structural model
updating and assessing the health of structures. This study focuses on the earthquake acceleration
time histories obtained from several events recorded during its construction phase by accelerometers
placed throughout an office building located in Viña del Mar (Chile) to determine its modal features.
To this end, the data obtained were analyzed to compare the building’s dynamic properties obtained
with two different modal identification techniques. MATLAB programs were developed to implement
both methods. The stochastic subspace identification technique for linear systems developed by
van Overschee and de Moor was used to study the dynamic properties of the building. In contrast,
the nonparametric method employed herein uses correlations and spectral analysis based on the
Welch transform in the frequency domain. The investigation demonstrated that both methods
identify similar frequencies and that the obtained translational mode shapes exhibit good agreement.
Furthermore, the identified frequencies are congruent with the design frequencies.

Keywords: dynamic characteristics; frequency domain; nonparametric method; parametric method;
subspace identification

1. Introduction

Chile is located along the Pacific Ring of Fire, which experiences large earthquakes
on a frequently recurring basis. The deep subduction zone earthquake that occurred on
27 February 2010, exhibited a remarkably high magnitude of Mw 8.8 and lasted approxi-
mately 3 min. This event affected at least one-third of the nation, the longest country in the
world, and released an energy equivalent to 11,780 Hiroshima bombs. Therefore, news of
this event spread worldwide. The earthquake generated relatively few cases of structural
failure. A study conducted by the Chilean Structural Engineers Association concluded that
11% of the infrastructure in the country’s capital city required major repairs to nonstructural
elements; 3% presented minor or medium failures in the structure that could be repaired,
and a mere 0.4% corresponded to severely damaged or collapsed structures that had to
be demolished [1]. The low level of damage suffered by Chilean buildings in the face
of such a strong earthquake, in comparison with that of structures in Christchurch, New
Zealand, following the 2010 Canterbury earthquake or in Manabí, Ecuador, in response to
the 2016 Ecuador earthquake, has intrigued the earthquake engineering community around
the world.

Eleven years after the 2010 event, research on its effects on built civil infrastructure is
still of great relevance, with studies being continuously performed to improve current struc-
tural design codes and thus ensure satisfactory structural performance [2,3]. In particular,
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Chile is seen as a natural laboratory that provides the national and international earthquake
engineering communities with the opportunity to calibrate structural design standards and
serves as a reference in the earthquake-resistant construction industry.

The earthquake-resistant design aims to ensure that structures can adequately resist
seismic forces, limiting the seismic risk and guaranteeing peoples’ well-being. To this
end, standards committees continue to propose design models or methodologies based
on experiences such as those of Chile in 2010. Therefore, it is imperative to develop
techniques that increase our knowledge and to evaluate the adequacy of proposed design
methods through measurements. In this regard, monitoring large structures such as
bridges, buildings, and dams is critical for calibrating the existing design methodologies
and assessing their safety and health. Typical monitoring approaches for such structures are
based on the analysis of either static strain or displacement data or discrete and continuous
dynamic acceleration data gathered at specified points in the structures [4–8].

To obtain dynamically measured data, the proper monitoring of a structural system
necessitates the collection of vast volumes of data over specified periods, from which mode
shapes or other dynamic properties of the structures can be derived. Modal parameter
changes in structures provide helpful information about the state of health of structural
systems, provided that the dynamic features predicted in the design stage are affected
by construction processes as well as seismic phenomena. The dynamic characteristics of
structures can be derived either passively from ambient conditions [9] or actively by force
excitations [10,11]. Then, modal parameters such as natural frequencies, damping factors,
and mode shapes can be obtained based on response data. Thus, the structural properties
can be estimated, and the performance and integrity of a structure can be assessed [12,13].

Modal analysis approaches yield essential information on the overall health of build-
ings. The process of determining the modal parameters of structures typically entails the
deployment of accelerometers, gathering vibration data and using one of many analytic
techniques. The accuracy of the data is based on not only the number, measurement sites,
and resolution of the accelerometers but also the choice of a suitable analytic approach. In
particular, the number and positions of sensors significantly impact the outcome. However,
as buildings increase in size and become more complicated, the deployment of a slew of
accelerometers becomes prohibitively expensive, especially about the number of sensors,
the correct sensor placement, and the amount of gathered data (in terms of processing vast
volumes of dynamic data), and the analytic technique [14,15].

Fang et al. [16] developed a method to extract the modal parameters of structures
based on distributed measurements of dynamic strains using optical fiber sensors in a
laboratory beam. The laboratory results indicated that the distributed vibration strain
collected was sufficient for convergence. Hence, the first two mode shapes were accurately
determined. The dynamic response characteristics of a 51-story building in downtown
Los Angeles during the 2019 Mw 7.1 Ridgecrest, California, earthquake were identified
from recorded response data, which was possible due to the consideration of other natural
hazards, the use of system identification methods, the application of spectral analysis, and
computing the coherence-phase angle spectrum [17]. The reinforced concrete (RC) building
comprises a dual-core shear wall, perimeter columns, and post-tensioned flat slabs for
approximately 80% of the floors. The recorded acceleration levels were trim (0.014 g at the
foundation level and 0.069 g at the roof), and the maximum drift ratio computed from the
recorded data was ~0.15%, so there were no reports of observed damage. Schanze et al. [18]
compared and analyzed several models to study the effects of different underground story
modeling methodologies using 11 aftershocks with different hypocenters and magnitudes
recorded for a 16-story building office located in the city of Viña del Mar, Chile. The results
revealed strong agreement between the model and the actual vibration data for the models
considering horizontal springs attached to the retaining walls of the subterranean stories
to account for the soil-structure interaction. Wu et al. [19] used a modified discrete-time
Fourier transform combined with moving window technology in the time domain to
examine the time-varying dynamic features of Shanghai Tower under the stimulation of
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normal wind and two subsequent typhoons. According to the authors, the findings can
help with the wind-resistant design of significantly high-rise structures.

Currently, state-of-the-art modal analyses of already built structures indicate that there
is more than one method with which the dynamic properties of buildings can be identified.
These methods can be grouped into two main categories: parametric identification, which
establishes a simplified mathematical model with which the measured and calculated re-
sponses can be compared, and nonparametric identification, which identifies the system by
means of transformations, functions, and mathematical processes [20,21]. Some interesting
works determining the dynamic response of heritage and modern structures with irregular-
ities using system identification techniques can be consulted in the references [22–25]. In
these works, different approaches are used to identify the main dynamic characteristics us-
ing accelerometers installed in the studied buildings. The general objective of this research
is to compare both system identification philosophies, ascertain how compatible they are,
and generate MATLAB code for both approaches that automate the analysis.

2. The Building, Temporary Instrumentation and Methodology

An instrumented structure should provide sufficient information to (a) reconstruct the
response of the structure in sufficient detail to compare it with the responses predicted by
mathematical models and with those observed in laboratories and, thereby improve the
models; (b) make it possible to explain the reasons for any damage to the structure; and
(c) facilitate decisions to retrofit/strengthen structural systems when warranted [26].

MATLAB codes were generated for each system identification philosophy based on a
set of seismic event records. The building’s shaking responses to several aftershocks were
recorded during the deployment of the array. Only four of the many response data are
utilized in this study. The criterion used for selection was to consider earthquakes with
the different magnitudes, hypocenter depths, and epicentral distances. Table 1 lists the
specifics seismic events considered herein.

Table 1. List of seismic events recorded in the building (source: USGS).

Location Date (MM-DD-YYYY) Date Depth (km) Magnitude

Metropolitan Region 04-05-2010 03:32:12 UTC 58.6 4.5 (Mw
(1))

Offshore Valparaíso 05-01-2010 14:41:08 UTC 35.0 5.0 (Mw)

Coquimbo 10-23-2010 01:38:14 UTC 44.0 5.2 (mb
(2))

Araucania 01-02-2011 20:20:18 UTC 25.1 7.2 (Mi/Mwp
(3))

Libertador O’Higgins 01-21-2011 15:36:11 UTC 18.2 5.0 (mb)

Offshore Maule 02-14-2011 03:40:10 UTC 25.4 6.6 (Mi/Mwp)
(1) Mw = Moment magnitude; (2) mb = Body wave magnitude; (3) Mi/Mwp = Integrated p-wave.

2.1. Description of the Building and Sensor Layout

The case study corresponds to a sixteen-story building office with three additional
basement stories, where the first story is 3.42 in height and stories 2–16 are 3.24 in height. It
is situated in Viña del Mar, located in the Chilean central coast area, where several buildings
were damaged during the last Mw 8.8 Maule earthquake. A picture of the building and a
typical plan view are depicted in Figure 1. The structure was built in 2008, following the
2004 Chilean Building Code, which refers to the ACI–318 concrete design provision [27]. It
is designed and built as an RC dual system (i.e., core structural wall and perimeter moment
frame-wall), which is a typical construction type for offices in Chile. The monitoring time
is between 27 March 2010 and 19 April 2011. During the monitoring period, the building
was equipped with 16 force–balance Digitexx uniaxial accelerometers model D–110U (see
Table 2 for detailed specifications) distributed with the height and across the floor. Four (4)
sensors were installed on the third underground level, three (3) on the ground surface level,
and then three (3) sensors on the third, sixth, and top floor. It is worth mentioning that the
two vertical sensors 3 and 4 in the 3rd subterranean floor were not activated. The sensors

611



Appl. Sci. 2022, 12, 7760

register accelerations along the two horizontal directions of the building, where one sensor
measured in the EW direction and two sensors in the NS direction. The criteria followed
for the chosen positions of the instruments was in such a way that torsional modes are
identified, given that the distribution of walls and columns with non-coincidental mass
and rigidity centers naturally is expected to cause torsional behavior. Additionally, this
sensor distribution allowed for the monitoring of the structure’s spatial motion, the partial
capturing of its linear and nonlinear response features since no sensors were available on
the intermediate floors (from the 7th to the 16th), The sampling rate for the sensors was
100 Hz. Figure 2 shows a diagram illustrating the array of 16 accelerometers temporarily
deployed in the building. General information corresponding to the mounting of the
accelerometer array can be found elsewhere [28].

  

Figure 1. Northwest view (left) and typical plan view (right) of the building.

Table 2. Specifications of the Digitexx uniaxial accelerometers.

Specification Parameter

Acceleration range +/−3 (g)
Output 1.2 (V/g) standard between 2000 (Ω) or greater

Load capacitance 10.000 (pF) maximum
Transverse axis 0.005 (g/g)

Linear error <±0.2% F.S.
Noise threshold <1 (μg/

√
Hz) (Band 0.05–1.500 (Hz))

Dynamic interval >110 (dB)
Bandwidth DC–2.000 (Hz) to 3 (dB)

Power +/−12 (Vdc), 9 (mA)
Operating temperature −40 (◦C) to +85 (◦C)

Zero axis variation due to change <200 (μg/◦C) outside temperature range
Cover Pressurized hermetic aluminum housing

Dimensions 108 × 76 × 57 (mm)
Mass 0.5 (kg)
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Figure 2. Arrangement of temporary deployment of sensors in the building.

Figure 3 shows the acceleration time-histories of the response recorded by channels 1–2 at
the basement and channels 10–12 at the ceiling of the 16th floor (roof level) of the building
to the events that occurred on 1 May 2010 and 2 January 2011 (Table 1). The former Mw 5.0
event was located approximately 73 km south-west of Viña del Mar, and the latter Mw 7.2
event was located 42 km north-west of Carahue and approximately 611 km south of Viña
del Mar. Response data from these and the other events listed in Table 1 will be used to
perform detailed analyses.
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Figure 3. Acceleration time histories recorded at the basement and the roof level of the building on
1 May 2010 (Top) and on 2 January 2011 (Bottom).

2.2. Signal Processing

To perform the analysis correctly regardless of the method, it is important to verify that
the input value is accurate. Many parameters can interfere in the data collection process,
such as poorly installed instrumentation, as well as inconsistencies in the reception of data,
for example, files that are in bad condition or confusion regarding the units of measurement.
It must be made clear that these parameters depend entirely on the instrumentation. With
technological advances, the instruments can correct all of these problems automatically, but
taking these factors into account, in the case of this article, only one parameter is adjusted to
be able to apply the two methods in question, namely the correction of the signal baseline.

Baseline Correction

This occurs when the registers, to perform the analysis, are displaced with respect to
the origin. This is a common problem where, due to installation issues, the instruments are
not perfectly level. This issue may also arise when the vertical component of an earthquake
causes a rebound effect with the surface.
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Before the data can be correctly analyzed, they must be prepared via a convenient
standardization procedure called a baseline correction, by which the sample values are
transformed into a new set of values that have a sample average equal to zero [29].

As previously mentioned, the different methodologies currently used for the identification
of dynamic properties in structures are separated into parametric and nonparametric techniques.
In the following sections, the procedures of both general methodologies are defined.

2.3. Parametric Analysis Procedure

In this procedure, a simplified mathematical model is used, and the values of the
structural parameters necessary to produce an optimal correlation between the measured
and calculated responses are estimated. For the latter, the theory of structural analysis and
dynamics is used to model the structure and obtain its properties [21,26,30]. Within this
category are methods such as the prediction error method (PEM) and stochastic subspace
identification (SSI) technique for linear systems. Both are time-domain methods (i.e., they
work directly with temporal data without the need to convert them into correlations or
spectra) [31]. For this study, we employ the SSI technique, which was published by Peter
Van Overschee and Bart De Moor in 1996 [32].

To perform system identification by means of the SSI method, it is necessary to
understand how dynamical systems are represented in their state-space form and how it
is possible to obtain relevant system information through this representation. First, the
dynamic equation of the system must be stated in the traditional form according to the
following equation:

Ms
..
x + Cs

.
x + Ksx = Λu − MsΓ

..
xg (1)

where x ∈ R
nx1 is the vector of displacements relative to the ground of the n floors

or degrees of freedom of the structure;
..
xg is the ground acceleration; Γ is the seismic

participation vector; and Λ indicates the location of the control signal u if any. For the
purposes of this study, u = 0.

The advantage of the SSI technique is that it performs its analysis only with data that
can be directly measured on the structure (only output data), such as the accelerations of
the � floors where the accelerometers are installed. In addition, the main assumption of this
method is that the measurements obtained by the system correspond to natural stochastic
vibrations caused by a white noise type of disturbance wk as well as electrical noise vk in
the measuring devices; however, these types of noise are not related to each other. The
development of this technique and its mathematical foundations are realized in the time
domain by the state-space representation of the dynamical system under study defined as:

zk+1 = Adzk + wk (2)

yk = Cdzk + vk (3)

where y is the measured structural response and z is the vector of states. The subscript k of
the time variables corresponds to the time instant tk = k·Δt.

The main objectives of this method are to determine the order ns = 2n of the system
and to obtain the matrices Ad and Cd.

2.3.1. Hankel Matrix

The Hankel matrix constitutes the basis of all of the formulations that have been
developed with the SSI technique. The matrix has dimensions of 2i� x j, where � is the
number of sensors arranged in the structure, i = 2 nsmax

� , j = s − 2i + 1, s is the number
of measurements performed on the structural system, and ns(max) corresponds to the
maximum order of the system, which should be neither too small nor too large and is
estimated by the engineer. The upper part of the matrix corresponds to the past, and the
lower part corresponds to the future.
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2.3.2. Projection of Blocks (Pi)

The projection Pi is defined by the orthogonal projection matrix of the SSI method
and is determined as the product between the observability matrix Oi and the estimated
sequence of states of the Kalman filter X̂i. This procedure is depicted in Figure 4. The
orthogonal projection of the future outputs Y f onto past outputs Yp determines the forward
state sequence X̂i. Conversely, the orthogonal projection of past outputs Yp onto the future
outputs Y f determines the backward state sequence Ẑi [32]. Figure 4 also presents the
variables Δc

i and Bi, which correspond to a controllability matrix and the projection of past
outputs onto the future outputs, respectively However, these variables are not part of the
procedure since they serve only to define and understand the origin of the projection of
blocks P i.

Figure 4. Orthogonal projection matrix.

2.3.3. Singular Value Matrix of the Orthogonal Projection Matrix (S)

The orthogonal projection matrix is decomposed into its singular values considering
the pre- and post-multiplication of the so-called weighting matrices. The diagonal matrix
S is of order m, which indicates the order ns of the system with m = ns. The criterion for
defining the value of m depends on the assignment of the weighting matrices.

2.3.4. Weighting Matrices of the Orthogonal Projection Matrix (W1 and W2)

There are three algorithms with which the weighting matrices can be defined:

1. The principal component (PC) algorithm.
2. The unweighted principal component (UPC) algorithm.
3. The canonical variant algorithm (CVA).

The first two algorithms calculate the order m of the singular value matrix by detecting
the position at which the diagonal of the matrix S starts to become zero. On the other hand,
the CVA calculates the order m by detecting the position at which the values of the diagonal
of the matrix S stop converging to one, where the tolerance is defined by the engineer.

2.3.5. Eigenvalues (δ) and Eigenvectors (φ)

The eigenvalues and eigenvectors are calculated from the discrete system matrices Ad
and Cd. The vector δ is used to calculate the identified frequencies of the system, and φ
denotes the vibrational shapes corresponding to the abovementioned frequencies.

2.3.6. Damping Fraction (ξ)

Damping is a property of the system and includes a large number of phenomena that,
if the system is left to vibrate freely after an initial excitation has been applied to it, will
eventually dissipate [9].

Figure 5 shows a flow chart of the SSI method.
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Figure 5. Flow diagram of the SSI method.

2.4. Nonparametric Method

Nonparametric methods are based on applying a set of mathematical procedures,
transformations and functions to the signals obtained from the acceleration records. These
accelerometer records correspond to variables that are functions of time. One of the main
characteristics of nonparametric methods is to perform an analysis of the records as a
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function of frequency, thereby determining how the energy or power of the signal is
distributed. The processes described in Figure 6 allow the specific properties of the system
to be identified.

 

Figure 6. Nonparametric processing functions.

In the above figure, x(t) is the time-domain input signal; y(t) is the time-domain
output signal; h(t) is the impulsive system response; Sx( f ) is the linear Fourier spectrum
of x(t); Sy( f ) is the linear Fourier spectrum of y(t); H( f ) is the system transfer function;
Ryx(τ) is the cross-correlation of x(t) and y(t); Gxx(f ) is the spectral power of x(t); Gyy(f ) is
the spectral power of y(t); and Gyx(f ) is the cross-spectral power of x(t) and y(t).

To obtain the dynamic properties of the system, a series of procedures are followed
based on the authors’ criteria. The process is briefly described in the following subsections.

2.4.1. Obtaining the Spectral Density

As previously mentioned, the Fourier transform identifies important frequencies from
an engineering point of view and has become the dominant method [29]. Accordingly,
new techniques have been created and improved based on the Fourier transform, as in the
case chosen for this analysis, for which the Welch power spectral density estimation (Gxx)
is used. The Welch power spectrum works with superimposed segments, increasing the
frequency resolution and allowing the spectrum to be observed better. Figure 7 shows a
spectrum obtained using the Fourier transform superposed onto the Welch spectrum.

2.4.2. Correlations

Correlation functions can acquire parameters to quantify how similar these signals
are; these functions include autocorrelation, which analyzes how much a signal varies over
time, and cross-correlation, which measures the similarity of two signals. The theoretical
processes are as follows:

Rxx(τ) = lim
T→∞

1
T

∫ T

0
x(t) x(t + τ)dt (4)

Rxy(τ) = lim
T→∞

1
T

∫ T

0
x(t) y(t + τ)dt (5)

These can also be estimated by using power spectral density functions (Gxx and Gyx).
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Figure 7. Comparison between the Welch and Fourier spectra.

2.4.3. Phase

It must be taken into consideration that the functions with which the nonparametric
method works are sometimes complex variables. Examples include the Fourier transform
and cross-power correlations. Complex variables play an important role in calculating
vibration shapes since they reveal whether the relative motion between two points occurs
in the same direction.

The numerical value given by the phase angle varies only within ±π. Thus, a phase
angle equal to 0 between 2 different points at an analyzed frequency indicates that the
direction of motion is the same, called being in phase. Otherwise, if the phase angle is ±π,
the relative movement is opposing, known as a phase shift. The formulae used to obtain
the phase angle of a complex variable are as follows:

Gxy( f ) = Axy( f ) + iBxy( f ) (6)

|Gxy ( f )| =
√

Axy2( f ) + iBxy2( f ) (7)

θxy( f ) = tan−1 Bxy( f )
Axy( f )

(8)

2.4.4. Transfer Functions

Transfer function describe the dynamic characteristics of a linear system. These
functions can be calculated directly through Fourier spectral densities, but a risk arises
for certain frequencies where the mathematical procedure is affected. Instead, the power
spectra are used to determine the transfer functions, but this approach is applicable only for
random vibrations, and the consistency must be measured by means of the coherence function.

H( f ) =
Sy( f )
Sx( f )

(9)

H1( f ) =
Gxy(f)
Gxx(f)

(10)

H2( f ) =
Gyy(f)
Gyx(f)

(11)
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2.4.5. Coherence Function

This concept is crucial for differences in frequencies that are particularly important
in the analysis. Theoretically, this function provides a good estimate of the energy output
due exclusively to the input signal. The coherence function is a dimensionless frequency
function that has only the real part and delivers values in the range from 0 to 1. For analysis,
this function reflects how consistent the output signal is with the input signal. For example,
in a comparison between the records of the second floor and the last floor, the coherence
function can be used to determine how consistent the records are and can differentiate a
certain frequency of the structure for one of the floors.

γ2
xy( f ) =

H1( f )
H2( f )

=

∣∣Gxy( f )
∣∣2

Gxx( f )Gyy( f )
(12)

2.5. Analysis Procedure of the Nonparametric Method

Considering the concepts explained above, this subsection details the use of the
nonparametric approach and the criteria applied to obtain the dynamic parameters. To
better understand the problem under study, a diagram with sensors ordered by floor is
presented in Figure 8.

 

Figure 8. Graphical scheme of the nonparametric process.

With the acceleration records sorted by floor, we proceed to obtain the Welch power
spectra (Gxx). The first criterion is that only the first six frequencies (i.e., the six frequencies
with the highest amplitudes) are identified due to the fact that for structural dynamic
analysis, we are interested only in a certain range of frequencies for analysis. Outside that
range, for this study case, the frequencies have no physical importance.

The next step is to analyze whether the identified frequencies correspond to the
frequencies of the floor or of the structure. To this end, the cross-power correlation between
the signal of the first floor and that of the last floor (Gxy) is calculated. With the obtained
correlation and the Welch power spectrum, it is possible to obtain the transfer functions
H1( f ) and H2( f ), and with these values, the coherence function between floor −3 and
floor 16 can be acquired. Here, a second criterion is applied to the analysis of the result of
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the coherence function (γ2
xy). If the value of this variable is greater than 0.9, frequency

corresponds to the soil ( fs). This is due to the fact that having a coherence greater than 0.9
means that the movement of the last floor is mostly a product of the movement of floor
−3, i.e., the floor in direct contact with the ground. Nevertheless, an analysis of the soil
frequencies is beyond the scope of this article.

Once the frequencies of the structure have been identified, only whether they corre-
spond to translational or torsional frequencies remains to be checked. For this purpose, the
registers on opposite corners of the same floor are correlated. The phase angle between
these signals on the same floor is verified, and the last criterion is used, to verify whether
the result of the phase angle is less than 1. If so, the relative movement is in the same
direction, which is interpreted as a translational movement.

With the translational frequencies of the structure, we proceed to identify the modal
shapes by performing three types of correlations. The first is to correlate all floors with
the −3 and obtain the relative displacements with the phase angles. The second option is
to take continuous correlations between floors and likewise obtain relative displacements
with the phase angles. A third correlation is performed. This is created after appreciating
the results between the parametric and non-parametric method in which a way to improve
the results is sought, where it is correlated up to floor 3 with -3 and then correlated floor
with floor up to 16.

Finally, following these three calculations, the amplitudes of the modes can be obtained
through the Welch power spectrum, and the vibration shapes can be normalized. These
three ways of correlating the signals are discussed in detail in the results.

3. Results

This section presents the results by date for both methods, including the mode shapes
with their normalized amplitudes and their respective relative directions (Figure 9). Table 3
presents the torsional frequencies of the building obtained from each method for the selected
seismic events. It is worth noting that the building was in the rough-in stage over this period.
The damping value obtained from each method is also presented in Tables 3 and 4. For the
parametric case, the three defined algorithms (PC, CVA, and UPC) are presented, while for
the nonparametric case, the results are presented using the 3 types of correlations, namely,
the Bendat and Piersol floor-floor and Bendat and Piersol base-floor correlations, Bendat
and Piersol EIC.

Table 3. Identified torsional frequencies of the building for the selected events.

Date Torsional Frequency [Hz]

5 April 2010 3.32 4.00
1 May 2010 3.91 5.08

23 October 2010 5.27 -
2 January 2011 0.88 -
21 January 2011 3.22 -

14 February 2011 1.07 3.52
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Figure 9. Vibration mode shapes for the translational frequencies of the earthquakes that occurred
between 4 April 2010, and 14 February 2011, in the east-west and north-south directions. The
blue, red and green curves correspond to the PC, CVA and UPC algorithms, respectively, for the
parametric method. The black dotted and segmented curves correspond to the floor-floor and base-
floor correlations, respectively, proposed by Nandagopalan et al. [29]. Finally, the thick continuous
black lines correspond to the calibrated correlations corresponding to the base-floor correlation up to
floor 3 and the floor-floor correlation for floors 6 and 16. This correlation is referred to as Bendat and
Piersol EIC.
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Table 4. Damping for the parametric method algorithms according to date, direction of analysis, and
identified translational frequency.

Date Direction
Frequency

[Hz]
ξ PC [%] ξ CVA [%] ξ UPC [%]

5 April 2010 EW 6.64 0.51 5.09 1.4
NS 2.44 1.77 1.91 1.29

1 May 2010 EW 3.22 0.7 2.24 1.65
EW 3.91 1.25 −0.55 0.64
NS 2.44 1.65 10.01 1.25

23 October 2010 EW 6.74 1.7 −0.04 0.35
NS 0.68 0.78 1.33 0.84
NS 3.42 1.85 2.36 0.91

2 January 2011 EW 2.64 2.37 2.85 1.45
EW 3.42 1.8 2.98 4
NS 0.68 2.61 1.8 2.1
NS 2.63 2.35 3.24 2.35

21 January 2011 EW 0.88 0.34 0.21 0.42
EW 6.84 1.11 0.73 0.64
NS 2.64 2 0.96 1.61

14 February 2011 EW 2.64 2.02 1.12 1.48
EW 3.14 14.67 1.65 0.23

4. Discussion

4.1. Identified Frequencies

From a total of 11 records of seismic events, 12 frequencies are identified for the east-
west direction, and 8 frequencies are identified for the north-south direction. Tables 5 and 6
show the performance of the methods in terms of the number of frequencies identified
per direction.

Table 5. Identified frequencies in the east-west direction for the parametric and nonparametric methods.

Frequencies [Hz]

Date CVA PC UPC Bendat and Piersol

5 April 2010 6.59 6.55 6.57 6.64
1 May 2010 3.15–3.88 3.21–3.87 3.22–3.94 3.22–3.90

23 October 2010 0.84–1.14–6.60 0.85–1.14–6.75 0.86–1.10–6.72 0.88–1.07–6.74
2 January 2011 2.68–3.33 2.62–3.36 2.61–3.41 2.63–3.42

21 January 2011 0.86–6.86 0.86–6.86 0.85–6.84 0.88–6.84
14 February 2011 2.60–3.13 2.64–3.20 2.61–3.24 2.64–3.14

Table 6. Identified frequencies in the north-south direction for the parametric and nonparametric methods.

Frequencies [Hz]

Date CVA PC UPC Bendat and Piersol

5 April 2010 2.42 2.41 2.45 2.44
1 May 2010 2.51 2.51 2.37 2.44

23 October 2010 0.69–3.37 0.70–3.44 0.70–3.41 0.68–3.42
2 January 2011 0.69–2.61 0.69–2.64 0.69–2.64 0.68–2.63

21 January 2011 2.62 2.63 2.62 2.63
14 February 2011 - - - 0.69

In the east-west direction for all dates, both the parametric and the nonparametric
method algorithms succeed in identifying the frequencies. Moreover, the frequencies
identified for each seismic event are similar between the two methods. For the north-south
direction on 14 February 2011, the algorithms of the parametric method are not able to
identify the frequencies, but the identified frequencies on the previous dates are similar.
This allows us to assume that the programs achieve similar results.

Similar frequencies are repeated on different dates. We assume that these represent
the frequencies of the fundamental modes of vibration of the structure. A good way to
compare these results would be to obtain the design frequencies of the structure. Figure 10
depicts the frequencies with the corresponding dates and their direction.
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Figure 10. Identified frequencies by date for the east-west and north-south directions showing how
the frequency varies during the time the building was instrumented.

We note an interesting trend concerning the identified frequencies—the mass and
stiffness of the building change during the construction period. On the one hand, for
some lower frequencies, a decrease in the structure’s stiffness may be related not only
to the change in mass but also as a result of crack development in concrete (including
those at the micro-level) due to the previous earthquakes, an increase in the service load
and long-term deflections, redistribution of internal forces, and sometimes as a result of
moisture shrinkage and thermal strains fluctuations. The structuring is also important
since it affects the building’s mass distribution and the implementation of non-structural
elements, which also contribute to the stiffness differential. Therefore, it can be seen that the
higher frequencies in time for both directions increase. On the other hand, the intermediate
or low frequencies in the EW direction tend to decrease as time passes. The fact that they
increase or decrease may be associated with one of the above factors contributing to the
mode of vibrations.
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Considering that the design frequencies of the first 6 modes are 0.497, 0.65, 0.88, 2.13,
3.23, and 3.70 Hz [28], it is possible to appreciate that the identified frequencies, in both the
east-west and the north-south directions, are similar except for 0.497 Hz.

4.2. Vibration Modes
4.2.1. Parametric Method

For most of the records, the three algorithms have the same relative movement direc-
tions. However, the SSI method is not able to distinguish whether the identified frequency
or period originates from the ground or from the structure or whether it is torsional or
translational. In addition, the number of frequencies it identifies depends entirely on the
order of the system assigned to it. Consequently, in this study, the nonparametric method
is used to distinguish the translational frequencies of the structure, after which those fre-
quencies are searched for in the SSI algorithm. In most cases, it is sufficient to assign a
maximum system order equal to 200. However, for the frequencies on 23 October 2010, and
14 February 2011, system orders equal to 500 and 350, respectively, are used to ensure that
the parametric frequencies are as similar as possible to the nonparametric frequencies.

4.2.2. Nonparametric Method

To obtain the relative displacements of the floors, various correlations can be per-
formed. The configurations of the accelerometers from floor −3 to floor 6 are emplaced
every 3 floors, while those on floors 16 and 6 are separated by 10 floors. The graphs of
the vibration shapes plotted in the previous section illustrate how the structure vibrates
according to the correlation of each record of the structure with the record located at the
base, represented by floor −3 (the base-floor correlation). On the other hand, we can
also observe how the building vibrates according to the correlation of each floor of the
structure with the floor that precedes it (the floor-floor correlation). In this study, seeing
how these graphs behave for all dates reveals that the best result is obtained by combining
the correlations of floors 1 and 3 with the base and the correlations of floors 6 and 16 with
the records that precede them. In this way, a third form of vibration is plotted, called the
Bendat and Piersol EIC.

4.2.3. Comparison of Methods

The trends of the vibration shapes for both methods on most dates are congruent.
That is, the amplitudes present the same relative displacements. In the previous sections,
the results in terms of frequency show good agreement, suggesting that both methods
manage to identify similar frequencies. Note that for the frequencies of 6.74 and 6.84 Hz on
23 October 2010, and 21 January 2011, respectively, the relative displacements of the 16th
floor do not coincide with those from the SSI algorithm. However, in both cases, the CVA
corresponds very well with the nonparametric algorithm. This is due to the fact that the
frequencies are very high (or the periods are very small).

4.2.4. Damping

The damping values are highly dispersed for all of the dates analyzed. This parameter
is, in principle, difficult to obtain. In the design stage, the response spectra of structures are
obtained by assuming 5% damping. In this case, the techniques used work directly with
the acceleration records of an earthquake, where sudden changes in the magnitudes can be
marked in an instant, implying that the methods used to calculate the damping factor are
not sufficiently reliable.

5. Conclusions

With the objective of comparing the parametric SSI method with the spectral non-
parametric method by means of independent programs, six records of seismic events are
analyzed, both methodologies are applied, and compatible results are obtained regarding
the identified frequencies and forms of vibration.
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Comparing the parametric and nonparametric methods reveals that the SSI method is
less effective than the Welch spectrum identification method in the sense that the former
is not able to distinguish whether the identified frequencies are rotational or translational
and whether they correspond to the structure or the soil. In addition, the identification of
frequencies in the SSI algorithm depends on the engineer’s criteria to assign an order to the
system, which makes this approach unstable since the number of identified frequencies
increases as the order of the system increases, whereas most of these frequencies are not
recognized by the Welch spectrum.

The models created to determine the dynamic properties of the structure converge to
similar results. However, this does not allow us to conclude that they closely approximate
the reality. Implicitly, this marks a limitation that, in principle, can be improved. For this
case, the seismic records are obtained from institutions, and there are detailed variables
(specifically, in the signal processing subsection) for which it is not known whether they are
within acceptable ranges. This limitation can be improved for future projects, where the
monitoring campaign can be performed by the company itself, although it would require
the acquisition of instruments. In this way, it would be possible to have better control of
the variables that affect the calculation models, and the methods could be calibrated for
future applications.

The application of these two methods allows for a range of results to be obtained,
whereas in the case of this project, only the frequencies of structural interest are analyzed.
Nevertheless, the fact that seismic-resistant structures are directly coupled to the soil,
which transfers seismic excitations, should not be ignored. This article briefly mentions
the difference between a soil frequency and a structural frequency and that, by means
of the methods used, it is possible to separate and work only with the frequencies of
the structure. Future research should analyze these frequencies, perhaps in an approach
applied to soil-structure interactions.

Ultimately, the engineering importance of identifying the dynamic properties of
structures lies in its potential for structural health monitoring, which is required for the
modification of existing structures, structures subject to long-term movement or material
degradation, fatigue assessment, and the development of a performance-based design
philosophy [33–35].
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