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Preface

A geo-environmental disturbance refers to the significant changes in physical, mechanical

and even chemical properties of soils closely related to the inter-related multi-physical field

coupling system of solid particles, water and gas in a shallow stratum, which is caused by

underground engineering construction. The evaluation of the possible geo-environmental hazards is

an important topic worthy of the attention of relevant researchers and engineers in the construction of

large-scale underground engineering structures. This is related to the suitability of civil engineering

construction, especially for some complicated geological conditions such as saturated super-soft soil,

laterite, loess, sand gravel stratum, saline soil, frozen soil and karst stratum with rich water.

This Special Issue aimed to present the recent developments in the interaction between the

coupled multi-physical fields and underground structures, as well as geo-environmental effects, to

stimulate fruitful technical and scientific interactions between professionals.

A total of ten papers regarding geo-environmental problems in various fields caused by

underground construction are presented in this Special Issue Reprint.

Thanks to all the authors and peer reviewers for their valuable contributions to this Special Issue,

“Geo-Environmental Problems Caused by Underground Construction”. I would also like to express

my gratitude to all the staff and people involved in the creation of this Special Issue Reprint.

Bing Bai

Editor
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Special Issue on the Geo-Environmental Problems Caused by
Underground Construction
Bing Bai

School of Civil Engineering, Beijing Jiaotong University, Beijing 100044, China; bbai@bjtu.edu.cn

Geo-environmental disturbances refer to the significant changes in physical, mechani-
cal, and even chemical properties of soils; are closely related to interrelated multi-physical
field coupling systems of solid particles, water, and gas in the shallow stratum; and are
caused by underground engineering construction. The evaluation of the possible geo-
environmental hazards is an important, noteworthy topic that is relevant to researchers
and engineers involved in the construction of large-scale underground engineering. This is
related to the suitability of civil engineering construction, especially for some complicated
geological conditions such as saturated super soft soil, laterite, loess, sand gravel stratum,
saline soil, frozen soil, and karst stratum with rich water.

The goal of this Special Issue is to present the recent developments in the interaction
between the coupled multi-physical fields and underground structures, as well as the
geo-environmental effect, to stimulate fruitful technical and scientific exchange between
professionals.

This Special Issue features nine papers covering the various fields of geo-environmental
problems caused by underground construction. Zhao et al. [1] carried out some field mon-
itoring and numerical simulation work in super-large span twin tunnels and discussed
the vault settlement, the stress of concrete, and the sum pressure. Zhang et al. [2] used the
GEO-Studio finite element software to explore the influence of the comprehensive slope rate
on the permanent displacement when the slope rate of each grade of multi-stage loess slope
changes and the stage of multi-stage slope changes. Additionally, Su et al. [3] completed a
large model test of a foundation pit supported by a pile anchor with a geometric similarity
ratio of 1:10. In their paper, the researchers discussed the force and deformation characteris-
tics of the support structure by simulating the conditions of additional load at the pit edge,
soil layered excavated, and anchors tensioned. Zhang et al. [4] derived calculation formulas
of stability factors under the four arc slip surfaces of filled slopes reinforced by a frame with
prestressed anchor plates by using the improved Bishop method and proposed a search
method for the most dangerous slip surface. Additionally, Zhao et al. [5] conducted some
capillary rise tests on soil columns containing three layers of sandy soils with coarser over
finer over coarser sandy soil to investigate the effect of the relatively finer soil interlayer.
Jiang et al. [6] reported the results from a field investigation to determine the influence of
groundwater in the process of tunnel excavation and established a hydrogeological model
of the region from the inverted regional natural flow field parameters. Meanwhile, Wang
et al. [7] used a numerical simulation method to establish a model of multi-seam goafs
with different spacing conditions to investigate the subsidence reduction effects of various
grouting schemes. Baraibar et al. [8] discussed a special procedure for injecting cement and
microcement to waterproof the surrounding drilling area, thus preventing tunnels from
functioning as a drain for an aquifer. Lastly, Wang et al. [9] numerically simulated four
semicircular stratified sandstone specimens with different strengths and seven different
bedding angles using RFPA2D-Basic V2.0 software—these research results can provide a
theoretical reference for the safety and stability of underground engineering. Overall, the
research presented in this Special Issue will enrich the perspective on the disturbance and
environmental effects of geotechnical engineering construction.
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Although the submissions for this Special Issue have been closed, more in-depth
research is still needed in the field of geo-environmental and construction disturbance
to continue to address the many challenges that still need answers, such as construction
disturbance effect, geo-environmental problems of special soils, environmental influence of
energy pile, and seepage under multi-field coupling.
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West Road, Guangzhou University Town, Panyu District, Guangzhou 510006, China;
2112209148@mail2.gdut.edu.cn

* Correspondence: yuanbx@gdut.edu.cn

Abstract: The double-sidewall guide pit method finds extensive application in the construction
of large cross-section tunnels in soft rock strata due to its minimal disruption to the surrounding
rock, thereby enhancing tunnel stability. To investigate the loading and deformation patterns of
the surrounding rock and tunnel support using the double-sidewall guide pit method, this study
compares the impacts of various construction sequences on surface settlement, surrounding rock
stress, and lining stress using indoor model tests. The experimental results show that after excavating
the upper guide hole on one side, the excavation of the lower guide hole on the same side is carried
out. The upper and lower support structures form a closed loop, and the structure can better
constrain the surrounding rock and control the deformation of the surrounding rock, whereas the
lower structure can share the stresses suffered by the upper structure. Therefore, compared with the
upper and lower excavation methods, the surface settlement caused by the left and right excavation
methods is smaller, the disturbance to the surrounding rock is smaller, and the supporting structure
is more evenly and stably stressed in the excavation process.

Keywords: double-sidewall guide pit method; excavation sequence; modeling experiments

1. Introduction

In recent years, the double-sidewall guide pit method has emerged as a crucial con-
struction approach for mitigating disturbances to adjacent structures and tunnel deforma-
tions. This method addresses challenges posed by the dense urban population, extensive
surface buildings, and the substantial infrastructure of subway pipe foundations and lines.
Compared with other tunnel excavation methods, the double-sidewall guide pit method
has great advantages in controlling surface settlement and horizontal displacement and
is suitable for the construction of large cross-section tunnels [1–3]. Different excavation
sequences of guide pits will have different effects on surface settlement, surrounding rock
stresses, and lining stresses.

There are many factors affecting the construction of the double-sidewall-guide pit
method. In terms of theory, Zhao et al. [4–6] studied the effect of the double-sidewall-
guide pit method on surface settlement, vault settlement, and horizontal deformation
and concluded that the tensile stress is dominant in the connection part of the initial
support and diaphragm wall and the compressive stress is dominant in the middle and
lower parts of the support structure. Liu et al. [7] studied the mechanical response of the
support structure in the construction of a double-sidewall-guide pit in Class V enclosing
rock. Liu et al. [8–10] conducted on-site monitoring and analysis of the large cross-section

3



Appl. Sci. 2023, 13, 12764

double-sidewall tunnels using the double-sidewall guide pit method and concluded that
the deformation and force of the surrounding rock and lining are mainly directly related to
the construction process and geological conditions used. Cui et al. [11,12] explored how the
mechanical behavior of the surrounding rock palm surface changed with the construction
sequence and determined and elucidated the influence of the construction sequence on
the surface displacement caused by a tunnel excavation. Ling et al. [13–16] optimized the
excavation sequence of the cross-section of tunnels using the double-sidewall guide pit
method according to an actual situation on site, and the study showed that the support
structure induced by the excavation sequence after the optimization was very good. Wang
et al. [17,18] optimized the core column width of tunnels using the double-sidewall guide
pit method, and the analysis showed that there was an optimal value for the core column
width that could improve the stability of the surrounding rock. Jiao and Yang et al. [19–25]
optimized construction parameters, compared the effects of different curvature radii and
excavation schemes on the stability of surrounding rock, and selected the best construction
scheme. Li et al. [26–28] optimized the construction sequence of the double-sidewall guide
pit method, adapted the excavation form of the upper and lower sections, and preserved
the core rock columns in the middle soil layer, which accelerated their construction progress
and improved the overall stability of the tunnel.

This paper, building upon prior research findings, undertakes a comparative analysis
of surface settlement, surrounding rock stress, and lining stress resulting from diverse
construction sequences. The investigation employs indoor model tests to elucidate the
mechanical response characteristics of both the surrounding rock and supporting structure
during tunnel excavation under various construction sequences.

2. Introduction to the Experiment
2.1. Test Material and Apparatus Arrangement

This paper derives from a practical construction project and its test prototype parame-
ters, as detailed in Table 1. To enhance the simulation of an authentic tunnel construction
process and capture the effects of variations in the mechanical behavior of peripheral rock
support, the indoor physical model test is conducted at a scale of 1:45. The similarity
ratios for stress, elastic modulus, and cohesive force can be deduced by integrating the
three fundamental theorems of similarity theory with the basic equations of elasticity:
Cσ = CE = CC = 45. The displacement similarity ratio is Cδ = 45. The strain similarity
ratio is Cε = 1. The internal friction angle similarity ratio is Cϕ = 1.

Table 1. Physico-mechanical parameters of a moderately weathered rock stratum.

Stratigraphy Physical Indicators Mechanical Indicators

Moderately
weathered

muddy siltstone

Natural Density
(kN/m3)

Modulus of
elasticity/(MPa) Poisson’s ratio Cohesion (kPa) Angle of internal

friction (◦)

23.5 1758 0.34 654 33.21

Following an examination of analogous materials in the surrounding rock, quartz
sand was selected as the filling material, whereas lower-strength materials like clay or
barite powder were chosen as the cementing material. Multiple sets of straight shear tests
were conducted, and using iterative comparisons and analyses of model materials, the
proportions of quartz sand, clay or barite powder, lubricant, and water were adjusted
within a defined range to establish mechanical indices. The basic physical parameters of
the tested soil are presented in Table 2.

4
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Table 2. Experimental soil ratio and physical parameters.

Quartz Sand Clays Lubricants Water Cohesion (kPa) Angle of Internal Friction (◦)

47% 8% 1% 14% 12.70 32.33

Following multiple tests, it was observed that the lining composed of barite powder
exhibited a low modulus of elasticity and failed to meet the required similarity ratio.
Consequently, the lining model material was altered to a mixture of gypsum, water, and
a small amount of cement. The modulus of elasticity of the lining’s analogous materials
varies with the mass ratio of gypsum, water, and cement. To achieve the stipulated
similarity ratio, unconfined uniaxial compressive strength tests were conducted on the
lining’s similar materials with different mix ratios, utilizing an electronic universal testing
machine. The stress–strain curves and modulus of elasticity were measured, and after
several tests, it was determined that the gypsum: water: cement ratio of 1:0.75:0.25 met the
similarity requirements. The finalized mix yielded a similar material modulus of elasticity
of 558.66 MPa.

The primary objective of this test is to analyze the loading and deformation patterns
of perimeter rock support induced by various construction sequences. The measured
parameters encompass surface deformation, perimeter rock stress, and lining stress. Surface
deformation is quantified using a percentage meter with a range of 0–10 mm and an
accuracy of 0.01 mm, as depicted in Figure 1. The DMTY-type resistive strain earth pressure
box, illustrated in Figure 2, is employed to gauge static or dynamic earth pressure values in
the surrounding rock. Data on the stresses of both the surrounding rock and the lining are
collected using the DH3818Y static strain tester, as shown in Figure 3.
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2.2. Model Experimental Setup

Indoor model tests are used to study field engineering problems with a certain scaling
based on the similarity theory. Geotechnical engineering, especially underground structural
engineering, has complex geological conditions and many uncertainties in engineering,
so it is still difficult to accurately solve the structural forces in mathematical calculation
and mechanical analysis. Indoor model tests can remove mathematical and mechanical
difficulties using real physical entities, and reflect the physical and dynamic response of
the surrounding rock support structure in the process of tunnel excavation in a detailed,
real, and direct way [29–31].

The geometric scale for this indoor physical modeling test is 1:45, and the vertical load-
ing is achieved using a custom-made steel frame and model box. The overall dimensions
of the model box are 180 × 150 × 50 cm (length × height × thickness), as illustrated in
Figure 4. The frame of the model box consists of impermeable square steel panels with
a thickness of 30 mm, which are spliced together. Positioned in front of the frame is a
10 mm thick acrylic glass plate, while the remaining sides are constructed with 10 mm thick
wooden boards, covered with a layer of rubber for effective sealing. In accordance with
the specifications of the actual project, the upper part of the tunnel features 65 cm thick
surrounding rock, and the lower part has 50 cm thick surrounding rock.
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2.3. Experimental Program and Experimental Macrophenomena

This test replicates the excavation process of a tunnel using the double sidewall guide
pit method, dividing the tunnel into six guide pits, as illustrated in Figure 5. The experiment
is categorized into two groups: the first group, an excavation sequence optimization group,
employs the up-and-down excavation method. It is initiated by excavating the upper left
and right guide holes, followed by the upper intermediate guide holes. Subsequently,
the lower left and right guide holes are excavated, concluding with the excavation of
the lower intermediate guide holes, sequenced as 1©– 2©– 3©– 4©– 5©– 6©. The second group
follows the left-and-right excavation method, where the left and right cross sections are
initially constructed to promptly form the support system, and the intermediate section is
subsequently developed, sequenced as 1©– 4©– 2©– 5©– 3©– 6©.
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Following the determination of the matching ratio from the proportioning test, the
perimeter rock similar material is meticulously prepared. The soil body is then filled to
the specified height, with the preburial of the tunnel lining model. Subsequently, the
surrounding soil is compacted, ensuring full contact between the outer surface of the lining
and the soil body. Simultaneously, the earth pressure box is preburied at the designated
position, and the perimeter rock similar materials are left undisturbed for 12 h after filling
to ensure that the perimeter rock deformation, soil solidification, and settlement essentially
stabilize. After achieving stabilization, the experimental setup proceeds with the installation
of a percentage meter to measure surface settlement. The initial reading is recorded after
meter setup, and subsequent readings are noted before and after each step of the guide hole
excavation. A strain signal acquisition and analysis system is established in the computer,
capturing the initial values of the earth pressure box and the strain gauge. Simultaneously,
the software is configured to automatically save data, facilitating continuous data collection
from the earth pressure box and the strain gauge. Guide holes are then excavated in
different sequences, and the temporary support of each section is sequentially dismantled
after all guide holes have been excavated. An interval of 12 h is maintained between each
support dismantling, followed by an additional 12-h period of standing time after the
removal of all temporary supports. After the stabilization of the soil body deformation,
relevant test data are recorded. The entire experimental process is depicted in Figures 6–8.
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3. Analysis of Test Data
3.1. Analysis of Surface Deformation Results

Figure 9 shows that the surface settlement above the center line of the tunnel is more
pronounced compared to the left line. For lateral monitoring points, the final settlement
value at monitoring point 1 is 0.238 mm, which is 10.70% larger than the final settlement
value of 0.215 mm at monitoring point 4. The settlement at monitoring point 2 is 12.03%
larger than that at monitoring point 5, and the settlement at monitoring point 3 is 26.09%
larger than that at monitoring point 6. This discrepancy arises from the multiple construc-
tion disturbances of the left and right guide holes and the middle guide hole affecting
the surface above the center line, resulting in greater settlement. In contrast, the left line
experiences a relatively smaller impact from the excavation of the left and middle guide
holes, with the excavation of the right guide hole having less influence. Examining longitu-
dinal monitoring points, the settlement at monitoring point 1 surpasses that at monitoring
point 2 by 34.46%, monitoring point 2 exceeds monitoring point 3 by 205.17%, monitoring
point 4 surpasses monitoring point 5 by 36.06%, and monitoring point 5 exceeds monitoring
point 6 by 243.48%. This pattern indicates that the closer the location to the opening, the
larger the surface settlement, while locations further from the opening exhibit smaller set-
tlement values. The disturbance caused by the excavation of the first guide hole affects the
surface of the cave entrance, and subsequent guide hole excavations continue to impact the
surface, resulting in larger settlement values closer to the entrance. In this test, monitoring
points 5 and 6, located at the surface of the unexcavated soil behind the tunnel, experienced
minimal settlement.
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While the excavation of the upper guideway exerts a more pronounced impact on
surface settlement, the timely application of the upper guideway to the support struc-
ture following the completion of excavation serves to support and restrict the vertical
displacement of the soil body. Consequently, the excavation of the lower guideway has
a comparatively smaller impact on surface settlement. Focusing on monitoring point 1
for analysis, the surface settlement pattern of the tunnel reveals that the excavation of the
upper guide hole directly beneath monitoring point 1 exerts the most significant influence
on its settlement. Monitoring point 1 settles by 0.034 mm, 0.034 mm, and 0.052 mm after the
excavation of the upper-left 1, upper-right 1, and upper-right 1 guide holes, respectively,
accounting for 14.29%, 14.29%, and 21.85% of the total settlement value. The excavation of
the upper guideway represents a crucial construction phase necessitating prompt appli-
cation of support structures and vigilant monitoring. Subsequent excavation of the lower
guideway has a diminished impact due to the support and restraint provided by the upper
superstructure. The settlement from the excavation of the second and third ring sections
amounts to 0.060 mm and 0.008 mm, respectively, constituting 25.21% and 3.36% of the
total settlement value.
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The general trend of surface settlement at monitoring point 1 indicates that in the
early stage when the excavation surface is directly below the monitoring point, settlement
drops rapidly with the largest settlement rate. As the excavation surface advances and
gradually moves away from the monitoring point, the settlement rate diminishes, and the
settlement curve gradually flattens out, ultimately stabilizing. Specific surface deformation
data for the second group of tests are depicted in Figure 10. The surface settlement trend
caused by different construction sequences exhibits slight variations, yet the overall pattern
remains consistent. Settlement is primarily influenced by the excavation of the upper
guide hole and the distance between the excavation surface. The second group of the
test excavation program involves constructing the left and right side sections first and
subsequently excavating the middle section after the upper and lower support structures
form a closed loop. Settlement values at monitoring points 1–6 are, respectively, 4.62%,
18.64%, −1.70%, 13.49%, 6.96%, and 58.70% smaller than those of the first group of tests,
indicating that the timely formation of the closed loop of the support structure has a certain
control effect on surface settlement.
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3.2. Analysis of Surrounding Rock Stress Results

The stress-time curve of the surrounding rock in the first test group is depicted in
Figure 11. The examination of the figure reveals that the peripheral rock at each point
around the tunnel, under the initial stress state, is subjected to compressive stress. The
magnitude of the stress is directly correlated with the depth of burial, with greater depths
resulting in higher initial stress values. The initial stress value of the peripheral rock at
the arch top is 7.449 kPa. The average initial stress value of the peripheral rock at the arch
shoulder is 8.497 kPa. The average initial stress value of the peripheral rock at the arch
waist is 8.646 kPa. The average initial stress value of the peripheral rock at the foot of the
arch is 9.079 kPa. and the average initial stress value of the peripheral rock at the bottom of
the arch is 10.113 kPa.

After the excavation of the upper middle 1 guide hole, the peripheral rock at the
arch top undergoes a rapid release of the original stress, resulting in a swift decrease in
compressive stress from 7.188 kPa to 2.870 kPa. Subsequently, the stress stabilizes under
the influence of the supporting structure. The upper guide hole of the second ring, situated
adjacent to the peripheral rock of the arch, experiences a gradual increase in peripheral rock
stress, as the stress released after excavation is transferred to the arch. The stress value after
the completion of the excavation of the middle and upper 2 guide holes reaches 3.680 kPa.
The excavation of the lower guide hole of the second ring and the third ring section exerts
a lesser influence on peripheral rock stress, leading to a slow and fluctuating increase in
stress. The stress value after the completion of the excavation of all guide holes amounts to
4.213 kPa. Upon the removal of the temporary support, the peripheral rock stress increases
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due to disturbance, resulting in a compressive stress value of 5.241 kPa when all temporary
supports are removed.

The stress distribution of the left and right surrounding rock exhibits symmetry, and
the stress variation pattern is essentially identical. Consequently, the arch shoulder, arch
waist, and arch foot are collectively considered as the left surrounding rock for analysis.
Following the excavation of the upper left 1 guide hole, the compressive stress undergoes a
rapid decline from 8.342 kPa to 4.860 kPa. Subsequent excavation of the upper left 2 guide
holes leads to a slight increase in stress to 5.701 kPa, after which the stress value stabilizes.
Minimal fluctuations occur in the subsequent excavation phases, and upon the completion
of all guide holes, the stress value reaches 6.035 kPa. The removal of the temporary support
induces fluctuations in the surrounding rock stress value due to disturbances. Specifically,
when all temporary supports are removed, the compressive stress of the surrounding rock
fluctuates, settling at a value of 5.916 kPa.

The arch-waist perimeter rock experiences stress release after the excavation of both
upper-left 1 and lower-left 1 guide holes, resulting in a decrease in stress values. Specifically,
during the excavation of the upper-left 1 guide hole, the stress decreases from 8.854 kPa
to 7.600 kPa, and during the excavation of the lower-left 1 guide hole, it decreases from
8.175 kPa to 7.514 kPa. Subsequent excavation of the adjacent upper-left 2 and lower-
left 2 guide holes induces a gradual increase in stress values, reaching from 7.401 kPa to
7.748 kPa during the excavation of upper-left 2 guide hole and from 7.810 kPa to 8.082 kPa
during the excavation of lower-left 2 guide hole. Upon the removal of the temporary
support, the initial support undergoes inward shrinkage and deformation due to the lack
of support. At the arch waist, the surrounding rock briefly forms a critical surface, causing
a decrease in stress values. The compressive stress of the surrounding rock settles at a value
of 6.431 kPa upon the completion of the removal of temporary support.
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The peripheral rock at the foot of the arch, situated below the lower left guide hole,
exhibits an overall gradual increase in stress values. The peripheral rock stress value
reaches 10.033 kPa upon the completion of all guide hole excavations and further increases
to 10.601 kPa after the removal of all temporary supports.

Additionally, the peripheral rock at the bottom of the arch undergoes a stress release
after the excavation of the middle-lower 1 guide hole and middle-lower 2 guide holes. The
stress value reduces to 7.458 kPa following the excavation of the middle-lower 1 guide hole
and further decreases to 7.098 kPa after the excavation of the middle-lower 2 guide hole.
Subsequent excavation of the middle and lower 2 guide holes leads to a decrease in stress
values from 10.886 kPa to 7.458 kPa and from 7.786 kPa to 7.098 kPa, respectively. The
remaining guide hole excavations result in a gradual increase in stress values. Upon the
completion of all guide hole excavations, the stress value of the surrounding rock settles at
7.572 kPa. After removing all temporary supports, the stress value of the entire structure
reaches 8.381 kPa.

The observed stress change patterns in the surrounding rock reveal that, following
guide hole excavation, the area near the excavation zone experiences deformation toward
the excavated chamber due to the release of constraints. During this deformation process,
a portion of the energy is released, leading to a reduction in compressive stress. The
diminished energy is then transferred to the surrounding geotechnical body, resulting
in the redistribution of stress within the surrounding rock. Upon the application of the
support structure, it generates resistance against the movement of the rock body, estab-
lishing corresponding constraints. Consequently, the deformation of the surrounding rock
gradually weakens until a new balance is achieved between the surrounding rock and the
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support structure. Upon the removal of the diaphragm wall providing vertical support and
the temporarily elevated arch providing horizontal support, the joint between the initial
support and the temporary support undergoes inward shrinkage and deformation due
to the lack of support. In this scenario, the nearby surrounding rock temporarily forms
a critical surface, leading to a reduction in stress values that are then transferred to the
surrounding area.

The specific data on surrounding rock stress in the second group of tests are presented
in Figure 12. It is evident from the figure that, due to the different excavation sequences
in the second group of tests, the temporal changes in perimeter rock stress at each point
differ from those in the first group. Nonetheless, the overall pattern remains consistent.
The perimeter rock stress is primarily influenced by the excavation of adjacent guide holes,
causing a decrease in stress values near the excavation area and an increase in neighboring
perimeter rock stress values. The construction of guide holes at a greater distance has
a lesser impact on perimeter rock stress values. To gauge the degree of disturbance of
excavation on the surrounding rock, average stress change values were calculated. A larger
value indicates a greater disturbance caused by excavation. The average stress change
values at the top of the arch, the left and right arch shoulders, the left and right arch waist,
the left arch foot, and the bottom of the arch are smaller in the second group by 2.81%,
−9.66%, 12.25%, 23.59%, 38.35%, 22.04%, and 16.76%, respectively, compared to the first
group. This suggests that the left and right excavation methods result in less disturbance
to the surrounding rock. This is attributed to the excavation of upper and lower guide
holes on the same side first, forming a closed loop in the upper and lower supporting
structures, enabling better restraint of the surrounding rock. Consequently, the deformation
of the surrounding rock during excavation is minimized, resulting in smaller changes in
stress values.

3.3. Analysis of Lining Stress Results

Figure 13 illustrates the time course curve of lining stress for the first set of tests.
Following the excavation of the upper left 1 guide hole, the surrounding rock undergoes
deformation towards the excavation chamber. The supporting structure, in turn, bears
the force exerted by the surrounding rock. Consequently, the lining stress values of the
left arch shoulder, left arch waist, left elevation arch, and the upper left diaphragm wall
all experience an increase. Specifically, the stress value of the left arch waist rises from
2.454 kPa to 7.174 kPa, the left elevation arch stress increases from 0.158 kPa to 1.456 kPa,
and the stress value of the upper left diaphragm wall rises from −0.973 kPa to 7.730 kPa.

After excavating the upper-right 1 guide hole, the lining stress values for the right
arch shoulder, right arch waist, right elevated arch, and upper-right diaphragm wall all
experience an increase. Specifically, the stress value of the right arch waist rises from
−0.251 kPa to 5.328 kPa, the stress value of the right elevated arch increases from 0.884 kPa
to 1.261 kPa, and that of the upper-right diaphragm wall rises from 0.579 kPa to 8.096 kPa.
The left side of the supporting structure is relatively unaffected by the excavation of the
upper-right 1 guide hole, with stress values showing only slight fluctuations. Following
the excavation of the middle-upper 1 guide hole, the overall superstructure experiences
an elevation in stress values. The lining stress of the arch top increases from 1.103 kPa to
5.556 kPa, the left arch waist stress rises to 9.583 kPa, the right arch waist stress increases to
7.239 kPa, and the left superelevation arch stress reaches 2.679 kPa. The stress values of the
right superelevation arch and left upper diaphragm wall rise to 1.675 kPa and 9.908 kPa,
respectively, while the right upper diaphragm wall stress increases to 11.432 kPa. This
indicates that the applied vault lining and the middle superelevation arch connect the two
sides of the supporting structure into a unified whole, transferring the force exerted by the
overlying surrounding rock to the entire superstructure. Consequently, the overall stress
value of the structure increases. The arch top and diaphragm wall bear the direct vertical
soil pressure, resulting in higher stress values compared to the rest of the structure. The
stress values of the right arch waist and right upper diaphragm wall decrease to 2.427 kPa
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and 10.936 kPa, respectively, while the stress values of the right foot of the arch, the right
lower diaphragm wall, and the right superelevation arch rise to 1.126 kPa, 6.924 kPa, and
3.377 kPa, respectively. Construction disturbances lead to damage in the support structure
of the remaining guideway, causing stress values to fluctuate. Following the excavation of
the middle and lower 1 guide hole, stress values for the upper left diaphragm wall, upper
right diaphragm wall, left elevation arch, and right elevation arch decrease to 7.529 kPa,
8.142 kPa, 2.761 kPa, and 2.486 kPa, respectively. Simultaneously, stress values for the left
arch waist, right arch waist, left arch foot, right arch foot, lower left diaphragm wall, lower
right diaphragm wall, and the bottom of the arch rise to 5.524 kPa, 4.374 kPa, 2.178 kPa,
2.484 kPa, 10.485 kPa, 10.468 kPa, and 3.179 kPa. This indicates that after the excavation of
the middle and lower guiding tunnel and the application of the arch bottom supporting
structure, the supporting structure of the first ring tunnel connects into a cohesive whole,
leading to redistributed and downward concentrated lining stresses.
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Figure 12. The time-history curve of surrounding rock stress in the second group of the test. (a) Stress
time curve of the surrounding rock at the top and bottom of the arch. (b) Stress time curve of the
surrounding rock at the arch shoulder. (c) Stress time-course curve of the perimeter rock at the arch
girdle. (d) Stress time curve of the surrounding rock at the foot of the arch.
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(c) Stress time-course curve of footing lining. (d) Stress time curve of the left diaphragm wall lining.
(e) Stress time-curve of the right-central diaphragm wall lining. (f) Temporary back arch lining stress
time curve.

The construction of the entire upper guide tunnel for the second ring tunnel leads to
increased stress values at various points. Specifically, the arch top, left arch waist, right arch
waist, left upper diaphragm wall, and right upper diaphragm wall experience increases to
6.690 kPa, 8.894 kPa, 6.973 kPa, 12.405 kPa, and 10.663 kPa, respectively. Concurrently, the
stress values of the left lower diaphragm wall and right lower diaphragm wall decrease
to 7.287 kPa and 9.834 kPa. This shift suggests that stresses on the second ring support
structure are transferred to the first ring, resulting in heightened stress on the upper
structure of the first ring. Simultaneously, the lower structure of the second ring, which
has not been applied yet, exhibits non-uniform stress distribution and force transmission,
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leading to upward stress concentration and a reduction in stresses on the lower support
structure. Following the excavation of the second ring’s lower guide hole, lining stresses
re-center to the lower support structure. Stress values for the arch waist, upper left center
diaphragm wall, and upper right center diaphragm wall decrease, while those for the arch
foot, arch bottom, lower left center diaphragm wall, lower right center diaphragm wall,
and superelevation arch increase.

The stress pattern of the support structure in the third ring section excavation mirrors
that of the second ring, albeit with a smaller overall impact due to the increased distance
from the first ring. The stress values of the first ring’s support structure fluctuate up and
down. Upon the completion of all guide hole excavations, the lower left and lower right
diaphragm walls bear the highest stresses at 11.932 kPa and 11.841 kPa, respectively. They
are followed by the upper left and right diaphragm walls at 8.536 kPa and 10.626 kPa, and
then the arch roof at 7.568 kPa. The stress values for the arch top follow at 7.568 kPa, with
the left and right arch waist stresses at 5.897 kPa and 7.415 kPa, respectively. Finally, the
stress values for the left and right foot of the arch, the left and right superelevation arches,
and the bottom of the arch show minimal differences, maintaining values near 3.503 kPa.
This analysis reveals that the primary stress-bearing positions in the double sidewall tunnel
are the diaphragm wall, arch top, and lining at the arch waist. The diaphragm wall handles
the vertical load imposed by the overlying surrounding rock, while the vault and arch waist
bear and transfer the vertical and horizontal loads from the surrounding rock. Monitoring
the arch footing, positioned horizontally at the corner of the side wall, is crucial, as per the
stress transfer principles mentioned above. Stress concentration is expected in the vertical
arch footing of the side wall, making it a significant stress point in the supporting structure.
Conversely, stresses in the horizontal arches, foot arch bottom, and temporary elevation
arches are relatively small.

Upon the removal of temporary support, the stresses initially borne by the diaphragm
wall and temporary elevated arch are transferred to the initial support, resulting in an
increase in the stress values of the initial support. Following the removal of the temporary
support from the first ring, the stresses on the diaphragm wall and temporary support
shift to be supported by the initial support of the first ring and the temporary support
of the second ring. The temporary support of the second ring contributes to the support
capacity, causing a minor increase in the stress value of the initial support of the first ring.
Specifically, the stress values of the arch top, left and right girdle, left and right foot of the
arch, and arch bottom increase by 0.474 kPa, 0.524 kPa, 1.690 kPa, 0.803 kPa, 0.484 kPa, and
0.374 kPa, respectively. Upon the removal of the temporary support from the second ring,
the initial support of the first ring assumes the majority of the pressure from the overlying
peripheral rock, resulting in a significantly higher stress value. The stress values of the arch
top, left and right arch waist, left and right footings, and the bottom of the arch increase
by 1.210 kPa, 0.755 kPa, −0.590 kPa, 0.910 kPa, 1.210 kPa, and 0.751 kPa, respectively. The
third ring’s temporary support, which is distant from the initial support of the first ring,
experiences minimal impact upon the removal of the first ring’s initial support. The stress
values show slight fluctuations, and the final stress values for the arch, left and right arch
waist, left and right arch foot, and the bottom of the arch are 9.498 kPa, 6.221 kPa, 8.152 kPa,
5.120 kPa, 4.658 kPa, and 4.585 kPa, respectively.

Figure 14 illustrates the time course curve of lining stress for the second set of tests.
Following the excavation of the upper left 1 guide hole, the stress values for the left arch
waist, left elevated arch, and upper left diaphragm wall experience an increase, reaching
9.073 kPa, 0.817 kPa, and 8.703 kPa, respectively. Notably, the stress change is most
significant for the left arch waist and the upper left diaphragm wall in this construction
step. Consequently, it is crucial to enhance monitoring efforts for the left arch waist and
the upper left diaphragm wall during the excavation of the upper left 1 guide hole. After
excavating the lower left 1 guide hole, the lower structure assumes a portion of the stress,
resulting in a decrease in stress values for the upper structure and an increase in stress
values for the lower structure. Stress values for the left arch waist and the left upper
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diaphragm wall decrease to 3.696 kPa and 5.353 kPa, respectively. Simultaneously, stress
values for the left arch foot, left elevated arch, and left lower diaphragm wall increase to
2.812 kPa, 5.990 kPa, and 3.248 kPa, respectively.
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Figure 14. The time-history curve of lining stress in the second group of tests. (a) Stress time
curve of the lining of the vault and the base of the arch. (b) Stress time curve of arch waist lining.
(c) Stress time-course curve of footing lining. (d) Stress time curve of the left diaphragm wall lining.
(e) Stress time-curve of the right-central diaphragm wall lining. (f) Temporary back arch lining stress
time curve.

Excavating the upper right 1 guide hole induces an increase in stress values for the
right arch waist, right elevation arch, and upper right diaphragm wall, reaching 6.813 kPa,
1.112 kPa, and 5.345 kPa, respectively, with minimal impact on the structure on the left side.
Following the excavation of the lower right 1 guide hole, stress values for the right arch
waist and the upper right diaphragm wall experience a rapid decrease to 2.952 kPa and
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4.433 kPa, while stress values for the right arch foot, right elevation arch, and lower right
diaphragm wall increase to 2.957 kPa, 2.576 kPa, and 6.618 kPa, respectively. The stress
values on the left side structure show small fluctuations. Post-excavation of the middle and
upper 1 guide holes, stresses on both sides of the supporting structure increase. However,
the overall stress rise is not significant due to the applied substructure. The left and right
arch foot, left and right arch waist, left upper diaphragm wall, left lower diaphragm wall,
right upper diaphragm wall, right lower diaphragm wall, and left and right elevation
arches experience elevation, reaching 4.526 kPa, 3.821 kPa, 2.992 kPa, 3.218 kPa, 7.267 kPa,
7.931 kPa, 6.836 kPa, 8.262 kPa, 3.437 kPa, and 2.965 kPa, respectively. Upon the excavation
of the middle and lower 1 guideway, stress within the tunnel concentrates downward,
resulting in a decrease in superstructure stress and an increase in substructure stress. The
stress values for the upper left diaphragm wall, upper right diaphragm wall, left elevation
arch, and right elevation arch decrease to 5.169 kPa, 5.576 kPa, 1.471 kPa, and 1.451 kPa,
respectively. Meanwhile, the stress values for the left arch waist, right arch waist, left arch
foot, right arch foot, lower left diaphragm wall, lower right diaphragm wall, and arch
bottom increase to 5.606 kPa, 5.001 kPa, 3.915 kPa, 3.605 kPa, 9.244 kPa, 10.386 kPa, and
4.683 kPa.

The excavation of the left section of the second ring tunnel predominantly affects the
support structure on the left side. The stress values for the left arch waist, left arch foot, left
upper diaphragm wall, left lower diaphragm wall, and left superelevation arch increase
to 5.954 kPa, 4.596 kPa, 8.194 kPa, 9.380 kPa, and 5.766 kPa, respectively, while the stress
value on the right side of the support structure undergoes minimal change. Subsequently,
the excavation of the right section also elevates the stress value of the right supporting
structure. The stress values for the right arch waist, right arch foot, right upper diaphragm
wall, right lower diaphragm wall, and right superelevation arch increase to 5.047 kPa,
5.078 kPa, 6.988 kPa, 9.170 kPa, and 4.932 kPa, respectively. The stress is concentrated again
on the substructure after the completion of the intermediate section excavation.

The stress pattern of the support structure during the excavation of the third ring
section follows the same trend as the second ring, albeit with a lesser degree of influence.
Upon completing all guide hole excavations, the stress magnitude for each structure
matches that of the first group. The highest to lowest stress values are the lower diaphragm
wall, upper diaphragm wall, arch waist, arch bottom, arch foot, and superelevation arch,
respectively. The stress change after removing the temporary support follows the same
rule as the first group, resulting in an elevated stress value for the initial support. The final
stress values for the left and right arch waist, left and right arch foot, and arch base are
7.741 kPa, 8.812 kPa, 5.934 kPa, 5.233 kPa, and 7.464 kPa, respectively.

Compared with the first set of tests, the second set was conducted after excavating the
upper guide tunnel on one side, allowing subsequent excavation of the lower guide tunnel
on the same side. This enabled the substructure to share some of the stresses, resulting in
a more evenly distributed overall structural stress. In the first group of tests, the average
stress values for the left arch waist and left upper diaphragm wall during the excavation
of the first ring tunnel were 5.621 kPa and 7.018 kPa, respectively. In the second group of
tests, these values decreased to 4.487 kPa and 5.621 kPa, respectively, representing a 20.17%
and 19.91% reduction compared to the first group. Excavating the right (left) side guide
tunnel followed by the excavation of the lower guide tunnel in both groups resulted in the
connection of the upper and lower structures, forming a closed loop and increasing overall
stability. Construction disturbance had minimal impact on the entire structure. In the first
group, after excavating the upper-left 1 guide hole and applying the supporting structure,
the construction of the upper-right 1 guide hole reduced the stress value of the left arch
waist from 7.174 kPa to 6.073 kPa, with a strain change of 1.101 kPa. In the second group,
after the construction of the lower-left 1 guide hole, the construction of the upper-right
1 guide hole and the lower-right 1 guide hole reduced the stress value of the left arch waist
from 3.696 kPa to 3.550 kPa, and then increased to 3.914 kPa, with an average stress change
of 0.255 kPa. Following the construction of both side guide holes and then the middle guide

18



Appl. Sci. 2023, 13, 12764

hole, the stress increase value for both side structures was smaller in the second group after
the substructure was applied, allowing it to share the stress of the upper structure. In the
first group, excavating the middle upper 1 guide hole increased the stress value of the left
arch waist from 6.073 kPa to 9.583 kPa, with a stress change of 3.510 kPa. In the second
group, excavating the middle upper 1 guide hole increased the stress value of the left arch
waist from 3.914 kPa to 4.526 kPa, with a stress change of 0.621 kPa.

In summary, the left-and-right excavation method and the up-and-down excavation
method result in little difference in the final support stress magnitude. However, using the
left-right excavation method yields a more evenly distributed and stable support structure
during the excavation process, minimizing the impact of construction disturbance.

4. Conclusions

In this paper, based on modeling tests, two sets of modeling tests were carried out
using two different excavation sequences, the up-and-down excavation method and the
left-and-right excavation method, to determine the interaction between the surrounding
rock and the supporting structure by studying the surface settlement, the surrounding rock
stresses, and the lining stresses induced by the different excavation sequences:

(1) For the surface settlement law, at the same burial depth, the surface settlement
is mainly related to the excavation surface approaching, penetrating, and moving away
from the surface. With the excavation surface close to the surface, the settlement rate shows
a trend of increasing and then decreasing. For tunnels with upper and lower multiple
guide tunnels, the construction of the upper guide tunnels has a greater impact on the
surface settlement. For tunnels with multiple guide tunnels on the left, center, and right,
the surface in the middle is affected by the overlap of the construction of the left and right
guide tunnels, which results in a greater settlement than the left and right surfaces.

(2) For the surrounding rock stress law, the initial stress state of the tunnel around the
points of the surrounding rock is in a state of pressure, and the size of the stress is positively
correlated with the depth of burial. After the support structure is applied, the deformation
of the surrounding rock gradually decreases until the surrounding rock and the support
structure reach a new equilibrium. After the removal of the diaphragm wall that provides
vertical support and the temporary elevated arch that provides horizontal support, the
connection between the initial support and the temporary support shrinks and deforms
inwardly, and the value of the stress decreases and transfers to the surroundings.

(3) Lining the stress law, the stress value of the support structure increases because of
the force given by the surrounding rock after the excavation of the guide hole. After the
excavation of the lower guide hole and application of the support structure, the stress value
of the lower structure increases while the stress value of the upper structure decreases.
After the excavation of the middle and upper guide holes and the application of the support
structure, the stress value of the two sides of the structure increases. After the middle
and lower guide holes are excavated and the supporting structure is applied, the lining
stress of the whole structure is redistributed and concentrated downward. When the
temporary support is removed, the stress on the diaphragm wall and the temporarily
elevated arch is transferred to be borne by the initial support, and the stress value of the
initial support increases.

(4) Compared with the upper and lower excavation method, the surface settlement
caused by the left and right excavation method is smaller, and the timely formation of a
closed loop of the support structure has a certain control effect on the surface settlement.
The left and right excavation method causes less disturbance to the surrounding rock,
which indicates that the overall structure can better restrain the surrounding rock. The
support structure is allowed to be more evenly and stably loaded during the excavation
process, and the excavation disturbances have a smaller impact on the support structure.
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of coal in situ gasification technology.

Abstract: The fracture characteristics of bedded sandstone determine the stability and safety of in situ
coal gasification technology. Four semicircular stratified sandstone specimens with different strengths
(0.3, 0.6, 1.0, and 1.5 times that of rock matrix) and seven different bedding angles (θ = 0◦, 15◦, 30◦, 45◦,
60◦, 75◦, and 90◦) were numerically simulated using RFPA2D-Basic V2.0 software. The SCB specimen
had no prefabricated crack, and its radius was 25 mm. The loading rate was 0.000001 m/step. The
results show that the fracture characteristics of the sandstone are affected by both the strength of
the laminae and the angle; the fracture toughness and peak strength of the ultra-weak sandstone, as
well as the weak sandstone, are reduced and more easily affected by the bedding angle; the strength
rate of the strong sandstone is higher than that of the homogeneous sandstone, and the difference
between the fracture characteristics of the two is not significant. This paper suggests that the key
mechanism of this phenomenon is the anisotropy between the bedding and the sandstone, along with
the competition/synergy between the main crack and the bedding plane bias crack during fracture
propagation. These research results can provide a theoretical reference for the safety and stability of
underground engineering in China.

Keywords: sandstone; bedding strength; bedding angle; three-point bending; fracture properties;
failure mode

1. Introduction

Lignite accounts for a large proportion of China’s coal reserves. According to the
national coal resource survey, the proven reserves of brown coal are 131.142 billion tons.
This is equivalent to 13% of China’s total coal reserves (1.00326 trillion tons) [1]. However,
due to its high oxygen content, lignite is prone to spontaneous combustion. Lignite has a
high water content and is difficult to store. In addition, due to the high contents of volatile
substances and relatively low heat content in lignite, burning lignite for power generation
often leads to serious air pollution. Therefore, China’s research focus is on the efficient
and clean utilization of lignite resources. Underground in situ pyrolysis and gasification is
an important method to enable clean utilization of lignite in China. Some scholars have
found that one of the most effective methods is underground pyrolysis and gasification.
The pyrolysis and gasification of coal refers to heating coal to high temperatures without air
and producing pyrolysis products through physical and chemical changes, such as gases
(CH4, H2, and CO2), liquids (tar), and solids (coke) [2,3]. In the process of underground
coal pyrolysis and gasification, gas needs to seep into the outlet pipeline through the
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surrounding coal and rock mass, but if the gas cannot smoothly penetrate into the outlet
pipeline, it may diffuse and penetrate into other surrounding rocks, causing environmental
pollution [4]. In the process of coal pyrolysis and gasification, the movement of gas is
mainly controlled by the permeability and mechanical properties of the surrounding coal
and rock mass.

The fracture properties of layered rock mass, as shown in Figure 1, are divided into
two main parts: mechanical properties, and crack propagation behavior [5]. Among
them, the mechanical properties of layered rock have been studied by scholars. Li et al.,
(2007) conducted direct shear tests on three specimens of layered salt rock without an
interlayer, pure hard gypsum, and laminated salt rock with a hard gypsum interlayer,
and they obtained the shear strength parameters of the three specimens, finding that the
shear strength parameters at the intersection of the hard gypsum interlayer and salt rock
were slightly stronger than those of the pure laminated salt rock and pure hard gypsum
specimens [6]. To investigate the effects of different test conditions on shale crack extension,
Fan et al., (2008) considered the laminar dip angle, the height-to-width ratio of the specimen,
and the rate of test loading, and the elastic modulus and compressive strength of the
shale both decreased and then increased with the increasing angle between the laminar
surface and the loading direction, while the length of the main crack increased and then
decreased [7]. Nasseri et al., (1996) conducted uniaxial and triaxial tests on four types of
schist and analyzed the variation of strength and deformation anisotropy with the dip
angle and confining pressure in detail [8]. Wasantha et al., (2014) studied the peak strength
and deformation characteristics of layered sandstone with different bedding dip angles in
dry and saturated states, and they analyzed the energy dissipation characteristics of the
sample under loading deformation and failure by using the monitored acoustic emission
data [9]. Yao et al., (2018) found that the mechanical properties of layered sandstone under
static loading showed significant differentiation with the change in the dip angle [10].
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Some scholars have also studied the crack propagation behavior of layered rock mass,
e.g., Heng et al., (2014) analyzed the influence of the bedding direction on the expansion
behavior of hydraulic cracks [12]. The fracture propagation behavior of layered rock mass
has also been studied by scholars; for example, using layered phyllite, Li et al., (2015)
investigated the deformation and failure of layered rock mass under dynamic splitting
tensile strain and discovered that there are three different failure mechanisms, depending
on the bedding angle [13]. Based on the three-point bending test and Brazilian disc splitting
test, Heng et al., (2015) studied the evolution mechanism of crack propagation in shale
samples with well-bedding. Under the condition of three-point bending, when the bedding
intersects horizontally or diagonally, the crack path will be offset along the bedding plane,
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and the smaller the bedding angle, the stronger the crack propagation ability will be. When
the bedding is vertical, the crack will propagate along the bedding plane until the failure
is complete and the fracture plane is smooth and flat. The crack propagation under the
Brazilian splitting condition also has a similar phenomenon to that mentioned above [14].
Xiao (2017) studied fracture propagation behavior in sand–mudstone interbedded rock
mass based on the finite element method and found that the difference between bedding
strength and principal stress has a significant influence on the fracture propagation and
fracturing pressure [15]. Huang et al., (2020) conducted experimental and numerical
three-point bending tests on semicircular sandstone specimens with open-mode cracks to
investigate the influence of bedding parameters on their mechanical fracture behavior. The
experimental study focused on the effects of the loading direction and laminar dip angle
on the fracture loading, fracture morphology, and damage process [16].

However, while the angle of layers, layer thickness, and layer spacing are key criteria
impacting the construction, the strength qualities of the layered surface (e.g., degree of
cementation) are equally important [17,18]. As a result, the author used RFPA2D-Basic
software to create a numerical model of semicircular (SCB) layered sandstone specimens,
and then conducted a numerical simulation study of semicircular bending with seven
different laminar dips for laminated sandstone specimens containing four different strength
layers of cells (without preset fractures), combined with the stress–strain curve, peak
stress, acoustic emission (AE) location map (Pang et al., 2014; Zuo et al., 2019; Liu et al.,
2021; Xue et al., 2021) [19–22], AE energy (or the number of events), and damage cloud
map of the model. The mechanical properties and damage patterns of the laminated
sandstone specimens under semicircular bending loading conditions were investigated,
and the failure damage mechanism was analyzed by studying the entire process of crack
initiation, extension evolution, and penetration of the sandstone specimens. This provides
a theoretical reference for the safety and stability of artificial storage lanes in geothermal
reservoirs in China.

2. Model Establishment and Parameter Selection
2.1. Model Building

The geometric characteristics of the numerical model and the loading method are
shown in Figure 2.
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Figure 2. The model of layered sandstone.

The height of the whole grid cell model was 40 mm, the width was 50 mm, and the
grid cell was divided into 280 × 224 = 62,720 square-shaped meso-elements. The radius of
the semicircular specimen model R = 25 mm; three circular rigid bodies were established
as supports for the three-point bending experiment, with a radius of 2.5 mm, and the
span ratio of the bottom support was taken as 0.8 (span S = 40 mm), while a bearing plate
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was also established at the top with the same parameters as the supports. In this paper,
the angle θ between the laminar surface direction and the horizontal direction is defined
as the laminar surface inclination angle, and a total of seven different laminar surface
inclination angles (θ = 0◦, 15◦, 30◦, 45◦, 60◦, 75◦, and 90◦) are set in this paper [23], with
a laminar surface thickness of 0.6 mm and a layer spacing of 4.46 mm. As the bedding
density remains constant, the number of beddings varies with the bedding angle in the
semicircular sample model. For example, when θ = 0◦, there are four bedding layers in
the sample model, and when θ = 90◦, there are nine bedding layers in the sample model.
According to the experience of using the software, to make the simulation effect better and
the calculation results more accurate, we carried out optimization of the modeling [24].
During the modeling, the mouse was used to draw the layering directly on the grid interface,
instead of establishing the layering by inputting coordinate parameters. In this simulation,
the loading method of displacement control in the standard model was used. The bottom
of the model was fixed, and the pressure was applied on the bearing plate with the initial
value set to 0.000001 m, after which each step was loaded with the same 0.000001 m until
the specimen was damaged.

2.2. Parameter Selection

The macro-mechanical parameters used in this simulation of sandstone are referred
to as the data measured in the uniaxial compression experiments in Peng’s paper [25], as
shown in Table 1. The RFPA2D Basic V2.0 software introduced the Weibull distribution
function to characterize the non-uniformity of the properties of the medium, with the ho-
mogeneity coefficient m as the link to establish the medium’s macro-mechanical parameters
and mesoscopic mechanical parameters. The fine mechanical parameters of the medium
can be calculated by the following fitting equation:

Emacroscopic
Emicroscomic

= 0.1412 ln m + 0.6476(1.2 ≤ m ≤ 10)
fmacroscopic
fmicroscomic

= 0.2602 ln m + 0.0233(1.2 ≤ m ≤ 50)
(1)

where Emacroscopic represents the macroscopic strength of the dielectric material, fmacroscopic
represents the macroscopic elastic modulus of the dielectric material, Emicroscopic represents
the mesoscopic mean of the dielectric strength, and fmicroscopic represents the mesoscopic
mean of the dielectric elastic modulus.

Table 1. Macroscopic mechanical parameters.

Compressive Strength
(MPa)

Elasticity Modulus
(GPa)

Poisson
Ratio

Internal Friction Angle
(◦)

Density
(kg/m3)

57.5 12.7 0.15 40 2400

The homogeneity coefficient m of strength and elastic modulus is 2, and the homo-
geneity of Poisson’s ratio and density is 100. The calculated meso-mechanical parameters
and other input parameters of the model are summarized in Table 2.

Table 2. Model input parameters.

Category of the
Parameter Name of Parameter Value of the

Parameter Name of Parameter Value of the Parameter

Control parameters

Residual strength/MPa 0.1 Internal friction angle/◦ 40
Residual Poisson’s ratio 1.1 Tension and compression ratio 10

Failure criterion Mohr–Coulomb Maximum compressive strain Control variable
Maximum tensile strain 1.5 Single-step load/mm 0.001

In this simulation study, four different bedding planes were set, and the strength of
the bedding plane was taken as 0.3, 0.6, 1.0, and 1.5 times the strength of the sandstone
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matrix, while all other parameters were kept constant. It should be noted that the laminae
with 1.0 times the strength of the matrix are homogeneous sandstone, and they were set as
the control group to more intuitively reveal the effect of bedding strength on the fracture
characteristics of sandstone. Due to the large coordinate parameters required to draw the
bedding plane, the vertex coordinates of each bedding plane are listed in Table 3 only with
the inclination angle of the bedding plane being 45◦. The bedding planes are numbered
from left to right.

Table 3. Coordinate parameters of the bedding planes.

Number of Bedding Plane Left Vertex Coordinates Right Vertex Coordinates

1 (0.0004, 0.0094)
(0.0002, 0.0084)

(0.0206, 0.0296)
(0.0216, 0.0298)

2 (0.0031, 0.0050)
(0.0040, 0.0050)

(0.0279, 0.0298)
(0.0287, 0.0297)

3 (0.0103, 0.0050)
(0.0111, 0.0050)

(0.0337, 0.0284)
(0.0343, 0.0282)

4 (0.0174, 0.0050)
(0.0183, 0.0050)

(0.0385, 0.0261
(0.0390, 0.0257)

5 (0.0246, 0.0050)
(0.0254, 0.0050)

(0.0425, 0.0229)
(0.0429, 0.0225)

6 (0.0317, 0.0050)
(0.0326, 0.0050)

(0.0457, 0.0190)
(0.0461, 0.0185)

7 (0.0389, 0.0050)
(0.0397, 0.0050)

(0.0482, 0.0143)
(0.0484, 0.0137)

8 (0.0460, 0.0050)
(0.0469, 0.0050)

(0.0497, 0.0087)
(0.0498, 0.0079)

3. Analysis of the Tensile Strength
3.1. Stress–Strain Curve

The longitudinal stress–strain curves of sandstone samples with different bedding
angles and strengths were drawn as shown in Figure 3. It can be seen from the figure that
the longitudinal stress–strain curves of the sandstone samples in each group have similar
changing trends, which have experienced an elastic deformation stage, yield stage, brittle
failure stage, and residual failure stage. The curves are all straight lines at the beginning,
and the stress and strain are proportional, in contrast to the experimental results of previous
scholars. This is because there is a compaction stage in the conventional experimental
compression process, and the compression structure of sandstone samples is denser under
the action of the pressure head, so the curve is an arc curve rather than a straight line. With
the continuous loading of displacement, the slope of the curve decreases somewhat, but it is
not obvious. When the peak value is reached, the curve drops sharply. Brittle failure occurs
in the sandstone sample at this time, and then it enters the residual failure stage, at which
point the whole failure process ends. The slope of the curve decreases with continuous
displacement loading, but it is not very obvious; when the peak is reached, the curve drops
steeply; obviously, the sandstone specimen suffers brittle damage at this time, and then
after entering the residual damage phase, to the end of the entire damage process.
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Figure 3. Stress-strain curves of different sandstone. (a) 0◦; (b) 15◦; (c) 30◦; (d) 45◦; (e) 60◦; (f) 75◦;
(g) 90◦.

By comparing the stress–strain curves of ultra-weak bedding (bedding strength of 0.3
times the sandstone strength), weak bedding (bedding strength of 0.6 times the sandstone
strength), strong bedding (bedding strength of 1.5 times the sandstone strength), and
homogeneous sandstone (bedding strength of 1 times sandstone strength), we found
the following: (1) With the change in the bedding angle, the strength of the ultra-weak
sandstone decreases obviously. However, the variation is not linear; from 0◦ to 15◦, the
variation range is small, but when the bedding angle is greater than 30◦, the strength of
the ultra-weak sandstone decreases sharply, to only half of the strength of homogeneous
sandstone, and reaches the minimum value at 60◦, which is about 1/3 of the strength of
the homogeneous sandstone. The observation of the strain value of sandstone when the
fracture occurs shows that the strain of homogeneous sandstone is about 1% when the
fracture occurs, while that of the ultra-weak sandstone is 0.85% when the bedding angle
is 0◦ and drops to 0.6% when the bedding angle is 30◦, and then decreases slowly with
the increase in the angle until it reaches the minimum value at 60◦; when the strain is less
than 0.4%, the sandstone has fractured. (2) With the increase in the angle of the bedding,
the change in the strength of the weakly bedded sandstone is relatively small, and there is
an obvious weakening of the strength only after 45◦, and the weakening is significantly
smaller than that of the ultra-weak bedded sandstone; the strength of the weakly bedded
sandstone decreases by 20% compared with that of the homogeneous sandstone, but it is
also far beyond that of the ultra-weakly bedded sandstone, at about 1.5–2 times the strength
of the latter. At the same time, the change law of strain and the strength of different layer
angles are essentially the same. (3) Strong sandstone (bedding strength of 1.5 times that of
sandstone) has no strength difference from homogeneous sandstone, which is somewhat
stronger than the mean strength of sandstone. In addition, by comparing the curves of
sandstone with different bedding angles, it was found that the strength of all sandstone
with bedding strength is the highest at 0◦ and the lowest at 60◦. With the increase in the
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bedding angle, the sandstone strength shows a “U”-type change pattern; that is, it first
decreases, reaches the minimum value at 60 h, and then increases.

3.2. Peak Stress

According to the above stress–strain curves, the peak stress of sandstone with different
bedding angles and different bedding strengths was extracted. It can be seen from Figure 4
that the peak stress of sandstone is controlled by the bedding angle θ and the bedding
strength when the bedding strength is smaller than the matrix. With the increasing bedding
dip angle, the peak stress of ultra-weak sandstone and weak sandstone first declines and
then climbs, forming an asymmetric “U” shape as a whole, with the smallest value at 60◦.
Peak stress exhibits a distinct decreasing pattern from 15◦ to 60◦ and a sluggish increasing
trend from 60◦ to 90◦; when the sandstone’s bedding strength surpasses its strength, the
bedding angle has no effect on the peak stress.

Appl. Sci. 2023, 13, x FOR PEER REVIEW  10  of  20 
 

“U”‐type change pattern;  that  is,  it first decreases, reaches  the minimum value at 60 h, 

and then increases. 

3.2. Peak Stress 

According  to  the  above  stress–strain  curves,  the  peak  stress  of  sandstone  with 

different bedding angles and different bedding strengths was extracted.  It can be seen 

from Figure 4 that the peak stress of sandstone is controlled by the bedding angle θ and 

the bedding strength when the bedding strength is smaller than the matrix. With the in‐

creasing bedding dip angle, the peak stress of ultra‐weak sandstone and weak sandstone 

first declines and  then climbs,  forming an asymmetric “U” shape as a whole, with  the 

smallest value at 60°. Peak stress exhibits a distinct decreasing pattern from 15° to 60° and 

a sluggish increasing trend from 60° to 90°; when the sandstone’s bedding strength sur‐

passes its strength, the bedding angle has no effect on the peak stress. 

 

Figure 4. Peak stress curves of different sandstone specimens. 

The reason for this phenomenon is that the bedding planes of the above two speci‐

mens are both weak, and  their  existence will weaken  the bearing  capacity of  the  rock 

mass and make  its  failure stress  level  lower  than  that of  the  intact  rock mass  (i.e.,  the 

strength of the bedding and the matrix is equal). When θ = 0°and 15°, the damage model 

of  the  rock mass  is  the  tensile damage  that occurs  through  the bedding and along  the 

bedding rupture, and the bearing capacity of the rock mass at this time mainly depends 

on the strength of  the rock matrix, so  its peak  is slightly smaller than that of the  intact 

rock mass. When  θ  =  30°,  the damage  type  is mainly  tension damage  along with  the 

bedding; local penetration rupture is produced, and its bearing capacity is affected by the 

joint influence of bedding strength and matrix strength. When θ = 60°, the damage model 

is tension damage completely along with the bedding, and its load‐bearing capacity de‐

pends entirely on  the strength of  the bedding surface, so  the peak value  is  the  lowest. 

When θ = 45°, 75°, or 90°, the rock body occurs completely along with the bedding ten‐

sion damage, and the bearing capacity mainly depends on the bedding strength, while 

the degree of  influence  of  its matrix  strength  on  the  bearing  capacity varies with  the 

change  in  the dip angle.  In addition,  the  interaction between  cracks  can also affect  its 

carrying capacity, and the peak stress is larger than when θ = 60. When the strength of the 

bedding reaches the strength of the matrix,  the peak stress does not affect  the bedding 

angle. When the strength of the bedding increases within a certain range, the peak stress 

does  not  change with  the  strength  of  bedding.  This  is  because  even  if  the  bedding 

0 15 30 45 60 75 90
0.0

0.4

0.8

1.2

1.6

2.0

2.4

P
ea

k
 s

tr
es

s(
M

P
a)

Range(°)

 0.3
 0.6
 1.0
 1.5

Figure 4. Peak stress curves of different sandstone specimens.

The reason for this phenomenon is that the bedding planes of the above two specimens
are both weak, and their existence will weaken the bearing capacity of the rock mass and
make its failure stress level lower than that of the intact rock mass (i.e., the strength of the
bedding and the matrix is equal). When θ = 0◦and 15◦, the damage model of the rock mass
is the tensile damage that occurs through the bedding and along the bedding rupture, and
the bearing capacity of the rock mass at this time mainly depends on the strength of the rock
matrix, so its peak is slightly smaller than that of the intact rock mass. When θ = 30◦, the
damage type is mainly tension damage along with the bedding; local penetration rupture
is produced, and its bearing capacity is affected by the joint influence of bedding strength
and matrix strength. When θ = 60◦, the damage model is tension damage completely along
with the bedding, and its load-bearing capacity depends entirely on the strength of the
bedding surface, so the peak value is the lowest. When θ = 45◦, 75◦, or 90◦, the rock body
occurs completely along with the bedding tension damage, and the bearing capacity mainly
depends on the bedding strength, while the degree of influence of its matrix strength on
the bearing capacity varies with the change in the dip angle. In addition, the interaction
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between cracks can also affect its carrying capacity, and the peak stress is larger than when
θ = 60. When the strength of the bedding reaches the strength of the matrix, the peak stress
does not affect the bedding angle. When the strength of the bedding increases within a
certain range, the peak stress does not change with the strength of bedding. This is because
even if the bedding strength is increased, the thickness of the bedding surface is very thin
compared to the matrix, and the properties of the two are relatively similar at this time; the
rock mass is a homogeneous material, and the mechanical properties are isotropic, so the
bearing capacity will not be affected by anything.

4. Analysis of Damage Characteristics

In order to investigate the damage mechanism of sandstone with different bedding
angles and strengths, the damage process and damage mode were studied in two aspects
by combining the stress cloud map obtained from the simulations and the acoustic emission
results. The various stages of the damage process of layered sandstone were analyzed
in depth, and the types of damage modes of laminated sandstone under the influence of
lamina strength and dip angle were summarized.

4.1. Damage Process

It is mentioned in Section 3.1 that the failure process of layered sandstone goes through
the elastic deformation stage, yield stage, brittle damage stage, and residual failure stage.
In this section, the acoustic emission curve and stress cloud map are combined to further
study this process. It should be noted that, according to the previous results, we found
that although the data on the strength and peak stress of sandstone with different bedding
strengths and different bedding angles were different, the damage process was similar.
Therefore, this section studies weakly layered sandstone, and the results can be applied to
other sandstone.

In Figure 5, each stage of the damage process is analyzed:

1. Elastic deformation stage: Stress increases linearly with strain, and the slope of
the curve remains constant. With the continuous loading of the displacement, the
strain energy gradually accumulates, but the number of AE events does not change
significantly, and no cracks are generated at this time.

2. Yield stage: This is also the stage of crack emergence, expansion, and penetration.
When the stress exceeds 50% of the peak value, the slope of the curve decreases some-
what, but it is not obvious; there is a trace of AE events, but no obvious fluctuations;
at this time, the tiny cracks sprout. When the stress exceeds 80% of the peak value,
the number of AE events fluctuates slightly, but there is no obvious increase, and the
micro-cracks begin to expand and penetrate to form larger cracks. A small amount of
plastic deformation occurs in the rock at this stage, but it is not significant.

3. Brittle damage stage: After the stress exceeds the peak value, the curve drops suddenly,
the accumulated strain energy is released instantly, and the number of AE events
shows a steep increase in the number of single peaks; the cracks generated in the yield
stage extend rapidly, and the specimen undergoes brittle damage.

4. Residual damage stage: The brittle damage occurs in an instant, followed by the
residual damage stage, where the AE signal suddenly disappears. The stress level is
extremely low in this stage, and the specimen is biased. In the whole damage process,
the elastic stage is the longest, followed by the yield stage. The brittle damage stage is
instantaneous, so the residual damage stage, when the rock body has destroyed the
end, strictly speaking, cannot be attributed to the main process of damage. The figure
shows a schematic diagram of the stress bar in the y-directional stress field damage
cloud, in which the negative sign represents the compressive stress and the opposite
is the tensile stress. It can be seen that the y-directional stress field damage cloud
varies with the stress–strain curve as follows: the stress state before the peak stage
is compressive.
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Figure 5. Fracture processes of different sandstone: (a) 0◦; (b) 15◦; (c) 30◦; (d) 45◦; (e) 60◦; (f) 75◦;
(g) 90◦.

4.2. Destruction Mode

From the damage process, it can be seen that different bedding angles lead to different
crack propagation trajectories. By compiling the shear stress damage clouds of the residual
stages of the four bedding strength specimens under different bedding angles and focusing
on the process of crack propagation (Figure 6), the damage patterns of each group of
specimens were analyzed as follows:
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Figure 6. Cloud images of different sandstone fracture modes.

For the ultra-weakly bedded sandstone, the rupture patterns were similar at θ = 0◦

and 15◦. Advanced cracks occurred on the bedding plane, and multiple secondary cracks
were generated along the bedding plane. The primary cracks started from the middle
matrix part at the bottom of the specimen and expanded toward the loading point, but
the secondary cracks led the primary cracks to migrate along the bedding surface, and
the crack expansion path eventually showed an intermittent step pattern. Therefore, the
rupture mode was a mixed type of tension rupture with mainly through-layer tension
rupture, accompanied by the migration of the main crack along the bedding surface. When
θ = 30◦, 45◦, 60◦, 75◦, or 90◦, the layered surface will also rupture superficially, and multiple
cracks along the layered surface will appear. With the loading of displacement, these cracks
interact with one another; that is, the cracks in the rock body fracture competitively with
one another, and eventually the crack at a certain layer “win” becomes the main crack
and expands until the end of the damage. When θ = 30◦, the crack expands mainly along
the 30◦ bedding plane, but localized penetration rupture occurs in the process. Therefore,
the damage mode is dominated by the tension rupture along the bedding surface, and
local tension rupture through the layers is produced. At other angles, the cracks expand
along the bedding plane until the end of the damage, so the entire damage mode is tension
rupture along the laminae.

In the case of weakly bedded sandstone, the damage patterns are similar for θ = 0◦,
15◦, 30◦, and 45◦. Advanced cracks still occur on the bedding plane, but they are not as
obvious as when the bedding strength is 0.3 times, and the guiding effect of secondary
cracks on the main crack is obviously weakened. The damage model is still a mixed type
of tension rupture with mainly tension rupture through the plies, accompanied by the
migration of the main crack along the bedding plane. With the increase in the bedding
inclination angle, the extension direction of the main crack tends to be more vertical. When
θ = 60◦, the damage mode is mainly tension rupture along the bedding plane, and the
transbedding tensile fracture occurs locally. When θ = 75◦ and 90◦, the crack completely
develops a tensile fracture along the bedding plane.

In the case of the strongly bedded sandstone, the damage pattern of each laminated
dip specimen is very similar to that of the homogeneous sandstone, which shows that
the strength and dip angle of the bedding have little effect on the damage pattern of the
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specimens at this time, and the damage patterns that occur are essentially the same, with
all of them being tension rupture through the layers in the direction of the loading point.
Among them, when the bedding angle is 30◦ and 60◦, there is a great difference between
the fracture trajectory of homogeneous sandstone and the fracture trajectory of the two in
the form of “symmetry”. These two bedding angles lead to relatively active offset fractures
and frequent shear fractures, leading to a large offset of the main fractures, similar to
ultra-weak sandstone. The peak stresses during the fracture of sandstone with different
bedding strengths all reach the minimum value at the bedding angle of 60◦, which also
indicates that the offset cracks show a certain activity at this time. A portion of the stress
is applied along the direction of the bedding plane, causing a shear fracture to occur and,
thus, the crack deflection phenomenon.

5. Discussion

Combining the contents of Sections 3 and 4, we believe that there are two main reasons
for the different fracture characteristics of sandstone with different bedding angles and
different bedding strengths: Anisotropy between the bedding and the sandstone, along with
the competition/synergy between the main cracks and the bedding surface, offsets cracks
during fracture expansion. The sandstone fracture characteristics of different bedding
strengths are mainly because of the former, and the sandstone fracture characteristics of
different bedding angles are mainly because of the latter. The effects of the lamina angle
and the bedding strength on the fracture characteristics of sandstone are discussed in detail
in both directions below.

5.1. Lamination and Sandstone Anisotropy

By comparing the fracture modes of the four sandstone specimens, we found that the
crack propagation trajectories of ultra-weak sandstone and homogeneous sandstone are
quite different, which we attributed to the large anisotropy between the bedding strength
and the collective strength of the sandstone. Based on the stress–strain curve, we can see
that the strength of ultra-weak bedding is worse than that of homogeneous sandstone.
According to the peak stress curve and Formulas (2) and (3), it can be concluded that the
fracture toughness of ultra-weak sandstone is also relatively poor.

KIC = Y′
Pmax
√

πα

2RB
(2)

Y′ = −1.297 + 9.516(S/R)− [0.47 + 16.457(S/R)]β + [1.071 + 34.401(S/R)]β2 (3)

where KIC is the fracture toughness, Pmax is the fracture load, Y′ is the critical dimensionless
factor derived from the finite element method, and β = α/R. The strength and the
fracture toughness increase as the strength of the laminae increases; therefore, we believe
that the strength and the fracture toughness of the ultra-weakly laminated sandstone
bedding are small and cause the overall strength and fracture toughness to be affected.
When the ultra-weakly laminated sandstone receives external load through divine tension
damage, it is relatively more prone to fracture due to the low laminar fracture toughness.
Due to the presence of the bedding and the adhesive force between it and the sandstone
matrix, the fractured bedding structure will exert some tension on the sandstone matrix
in the horizontal direction, which will cause the sandstone matrix to fracture under a
much smaller load. The difference between the bedding strength and fracture toughness of
weakly bedded sandstone and those of the sandstone matrix is small, so the overall strength
and fracture toughness of weakly bedded sandstone will decrease, but the decrease is small.
As for the strongly bedded sandstone, because its bedding strength and fracture toughness
are greater than those of the sandstone matrix, when the sandstone matrix fractures, its
bedding has not yet fractured, so some compressive force will be applied to the sandstone
matrix in the horizontal direction. Therefore, the peak stress of strongly stratified sandstone
will be slightly higher than that of homogeneous sandstone.
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In addition, when the crack propagates unsteadily in the vertical layer of the layered
material, the laminar peeling phenomenon will occur due to the relatively weak inter-
laminar bonding force. We can imagine the laminated sandstone as a whole consisting of
several individual sandstone layers as well as a combination of laminae, and each sandstone
layer is subjected to different tensile forces when the cracks expand. In the case where
the strength of the bedding plane, as well as the fracture toughness, is less than that of
the sandstone matrix, when the first sandstone layer cracks, the second sandstone layer
is subjected to a greater tensile force than the first, because the bedding plane exerts a
tensile force on the second part of the sandstone, and so on—the individual sandstone
layers are subjected to increasing tensile forces, so the laminated sandstone in general will
fracture under smaller loads. Conversely, when the strength and fracture toughness of the
bedding surface are smaller than those of the sandstone matrix, the individual sandstone
layers are subjected to less and less tensile force due to the compressive force exerted by the
bedding on the sandstone matrix, so the laminated sandstone as a whole needs a greater
load to fracture.

5.2. Competition/Synergy between the Main Crack and the Layer Surface Offset Crack

By comparing the fracture extension trajectories of ultra-weakly laminated sandstone
with different lamina angles, we found that they were more different from those of ho-
mogeneous sandstone. It is obvious from the fracture mode diagram that the interference
of the bedding plane during the crack extension—especially at 0◦–30◦—causes the main
crack of the fracture to be severely disturbed by the bedding plane. This is due to the
inter-laminar slip effect. When the bedding intersects the loading direction obliquely at a
small angle (θ < 45◦), the sandstone specimens from the interfacial shear slip at the bedding
plane under the axial load. As there is less adhesion between the bedding plane and the
sandstone matrix, shear slip causes the bedding plane to separate from the sandstone
matrix, resulting in the appearance of offset cracks along the bedding plane. When the
bedding angle is small, the offset cracks favor the horizontal direction and the main cracks
favor the vertical direction, and the competition between them leads to a large variation in
the crack expansion trajectory. When the bedding angle is large, the offset cracks are biased
in the vertical direction and the main crack is also in the vertical direction, and the two do
not compete with one another, but instead promote one another, so the crack expansion
trajectory does not change much.

6. Conclusions

The deformation damage characteristic was evaluated using the finite element pro-
gram RFPA2D Basic V2.0, based on three-point bending tests of semicircular beam (SCB)
specimens, and considering the layer inclination and strength. The following are the key
findings of this study:

Under the influence of the weak surface and dip angle of laminae, the mechanical
properties of sandstone have significant anisotropy. When the lamina strength is 0.3 and
0.6 times that of the rock matrix, the peak stress tends to decrease and then increase with
the increase in the lamina dip angle, the overall shape is similar to a “U”, and θ = 60◦ is
the cutoff point, i.e., the peak stress is the smallest at this time; under the same lamina dip
angle, the peak stress gradually increases with the increase in the lamina.

The failure mode of sandstone is controlled by the joint control of the weak surface of
the lamina and the dip angle. When θ = 0◦ and 15◦, the weak plane will show advanced
fracture along the bedding direction, and the secondary cracks will lead the main crack to
migrate along the bedding direction and then hinder the main crack from expanding in the
direction of the loading.

When θ = 30◦, 45◦, 60◦, 75◦, or 90◦, several cracks appear on the weak surface along
the bedding direction, and one of the cracks finally competes successfully and begins to
expand. When θ = 30◦, the cracks partially break through the bedding, while at other angles
the cracks continue to expand along the bedding direction until the end of failure.
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The number of AE events corresponds to the failure mode, and the distribution range
of AE events is the widest when the sample has a mixed fracture of cross-layer fracture and
the fracture along the bedding plane. The distribution range of AE events is the smallest
when the fracture is completely along the bedding plane. When pure translaminar rupture
occurs, AE events have a small distribution range.

When the strength of the bedding is weaker than that of the rock matrix, the cumulative
number of AE events at θ = 0◦ and 15◦ gradually decreases with the strengthening of the
bedding. The cumulative number of AE events at θ = 30◦ first increases and then decreases,
while the cumulative number of AE events at the remaining dip angles gradually increases,
and when the strength of the laminae reaches that of the rock matrix, the cumulative
number of AE events at all dip angles tends to be equal.

There was no preset crack in this study, and the failure type was not affected by the
bedding strength and dip angle. According to the AE location maps of each sample, it can
be seen that the failure type was a tensile failure. By observing the whole process of crack
propagation, the failure mode of the samples can be divided into the following four types:
pure lamellar tensile failure; dominant translaminar tensile fracture, accompanied by the
migration of the main crack along the bedding plane; dominant tensile fractures along
the bedding, with transbedding tensile fractures occurring locally; and complete tensile
fracture along the bedding.
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Abstract: The Urdinbide road tunnel goes through the Autzagane aquifer. This important aquifer
is located within the hydrogeological area of the Urdaibai Biosphere Reserve, one of the most
important biosphere reserves in the Iberian Peninsula, and it is also used as a source of drinking
water for some urban areas in the municipality of Amorebieta-Etxano. The construction of the tunnel
could pose a potential risk to the normal functioning of the aquifer, so its design included a special
procedure for injecting cement and microcement to waterproof the surrounding area of the drilling,
preventing the tunnel from functioning as a drain for the aquifer. The project initially included
an intensive hydrogeological characterization of the rock massif, as well as a monitoring phase
during the construction works, which allowed a real-time verification of the influence of the tunnel
construction on the functioning of the aquifer and the restoration of its normal functioning once the
works were completed. The work carried out has shown that the construction of the tunnel has not
caused a significant impact on the Autzagane aquifer.

Keywords: tunnel; multilayer aquifer; underground construction; cement; microcement; injections;
Flysch; waterproofing

1. Introduction

The Urdinbide road tunnel is part of a new road communication route between
Amorebieta and Muxika (Figure 1). It is in the northern part of the Iberian Peninsula,
specifically in the Basque Country, running through the municipalities of Amorebieta-
Etxano and Muxika in the province of Bizkaia (Spain).

Appl. Sci. 2023, 13, 7034 2 of 13 
 

 

Figure 1. Location of the study area. Relative situation with respect to the metropolitan area of Bil-

bao, capital of Biscay, in the north of Spain. 

The Urdinbide tunnel project is characterized by its proximity to the Urdaibai area, 

of high ecological value, which was declared a biosphere reserve by UNESCO in 1984 [22]. 

In addition, it has the particularity that the Autzagane aquifer is used to supplement the 

water supply of an important population center in the municipality of Amorebieta-Etx-

ano. To prevent water from entering the tunnel and draining the aquifer, a strategy of rock 

mass injection was employed during the construction of the tunnel, which in this particu-

lar case consisted of a combination of cement and microcement in stages. In addition, a 

completely impermeable lining was installed to ensure that the aquifer was not affected 

in service conditions. 

In the particular case of the Urdinbide tunnel, systematic, repetitive, and selective 

injections (IRS type) were used, with a high-pressure approach [23]. These injections were 

carried out using a redrilling system in the same boreholes, with incremental lengths in 

each drilling phase. These were truncated cone-shaped drilling and grouting crowns exe-

cuted in a minimum set of four stages with cement grouting in the first stages and micro-

cement grouting in the last stages. This set of injections also served to improve the ge-

otechnical quality of the rock mass around the tunnel. 

The tunnel waterproofing system should ensure the recovery of the piezometric lev-

els and the functioning of the streams in a normal rainfall regime, as well as maintaining 

the original compartmentalization of the aquifer and its natural hydrogeological function-

ing, as imposed by the environmental authorization of the project. The main purpose of 

this contribution is to describe the influence of the Urdinbide tunnel waterproofing solu-

tion on the hydrogeological functioning of the Autzagane aquifer. 

2. Materials and Methods 

2.1. General Description of Tunnel Works 

The Urdinbide tunnel is the main element of the new road between Amorebieta and 

Muxika. This new road replaces a heavily trafficked route with a high accident rate [1]. It 

is safer and improves accessibility from the A8 motorway to the Urdaibai Biosphere Re-

serve area. 

The Urdinbide tunnel passes through the Autzagane Pass. It starts at KP 2 + 683, near 

the entrance to the Biribieta neighborhood and at an altitude of approximately +185 m. It 

ends at KP 3 + 386, at an altitude of around +180 m, adopting a straight route with a de-

scending slope towards Muxika. The Urdinbide tunnel is twin-tube, with two lanes per 

carriageway. The average separation between the two tubes is 21.50 m, practically con-

stant throughout all the tunnel. 

Figure 1. Location of the study area. Relative situation with respect to the metropolitan area of Bilbao,
capital of Biscay, in the north of Spain.

42



Appl. Sci. 2023, 13, 7034

The environmental approval of the project was conditioned on the execution of the
tunnel not significantly affecting the Autzagane aquifer, which it was going to pass through,
as well as maintaining the existing water catchment and usage systems and the ecological
flow of the Ategorri stream, which comes from the springs that supply this aquifer.

During the design phase, the hydrogeological functioning of the aquifer was studied
in depth. In addition, during its construction, a thorough hydrogeological monitoring
was carried out, including the monitoring of piezometric levels and flow rates. The data
obtained were used to calibrate the initial hydrogeological simulation of the aquifer. This
hydrogeological monitoring made it possible to quantify the effectiveness of the proposed
waterproofing solution both during the construction phase and in the final phase, once the
tunnel was completed and waterproofed [1].

There are many references in the scientific literature that analyze the internal dynamics
of complex aquifers [2–14] and the influence of the construction of underground infrastruc-
tures in these highly permeable environments [15–18] and that study possible strategies to
mitigate this phenomenon [19–21].

The Urdinbide tunnel project is characterized by its proximity to the Urdaibai area, of
high ecological value, which was declared a biosphere reserve by UNESCO in 1984 [22].
In addition, it has the particularity that the Autzagane aquifer is used to supplement the
water supply of an important population center in the municipality of Amorebieta-Etxano.
To prevent water from entering the tunnel and draining the aquifer, a strategy of rock mass
injection was employed during the construction of the tunnel, which in this particular
case consisted of a combination of cement and microcement in stages. In addition, a
completely impermeable lining was installed to ensure that the aquifer was not affected in
service conditions.

In the particular case of the Urdinbide tunnel, systematic, repetitive, and selective
injections (IRS type) were used, with a high-pressure approach [23]. These injections were
carried out using a redrilling system in the same boreholes, with incremental lengths in each
drilling phase. These were truncated cone-shaped drilling and grouting crowns executed
in a minimum set of four stages with cement grouting in the first stages and microcement
grouting in the last stages. This set of injections also served to improve the geotechnical
quality of the rock mass around the tunnel.

The tunnel waterproofing system should ensure the recovery of the piezometric levels
and the functioning of the streams in a normal rainfall regime, as well as maintaining the
original compartmentalization of the aquifer and its natural hydrogeological functioning,
as imposed by the environmental authorization of the project. The main purpose of this
contribution is to describe the influence of the Urdinbide tunnel waterproofing solution on
the hydrogeological functioning of the Autzagane aquifer.

2. Materials and Methods
2.1. General Description of Tunnel Works

The Urdinbide tunnel is the main element of the new road between Amorebieta and
Muxika. This new road replaces a heavily trafficked route with a high accident rate [1].
It is safer and improves accessibility from the A8 motorway to the Urdaibai Biosphere
Reserve area.

The Urdinbide tunnel passes through the Autzagane Pass. It starts at KP 2 + 683, near
the entrance to the Biribieta neighborhood and at an altitude of approximately +185 m.
It ends at KP 3 + 386, at an altitude of around +180 m, adopting a straight route with a
descending slope towards Muxika. The Urdinbide tunnel is twin-tube, with two lanes per
carriageway. The average separation between the two tubes is 21.50 m, practically constant
throughout all the tunnel.

The length of the tunnel is around 700 m with maximum coverings of around 90 m
(Figure 2). This length includes the 116 and 56 m of false tunnel at the south and north
portals, respectively.
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Figure 2. General layout of the Urdinbide tunnel.

The affected area of the aquifer by the tunnel is limited between KPs 2 + 859 and
3 + 019 on Axis 1 (160 m) and between KPs 2 + 840 and 3 + 004 on Axis 2 (164 m).
The Urdinbide tunnel has a circular section with an inner radius of 6.53 m in the area
outside the aquifer and 6.48 m in the aquifer area (Figure 3), with a height at the center of
1.286 m above the axis with the road surface along the whole length of the tunnel, achieving
a minimum clearance of 5 m above the platform edges.
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and lutites (right).

The construction of the project was divided into two stages: an initial project and a
completion project, which was executed by the joint venture Viuda de Sainz and Lurpelan
Tunnelling. In the completion project, 62 and 63 m were executed in top heading excavation
(Axis 1 and Axis 2), as well as 160 and 164 m in bench excavation (Axis 1 and Axis 2). All
the pending excavation was in the zone of influence of the aquifer (Figure 4).

2.2. Geological Study

The Urdinbide tunnel is geologically situated in the Basque–Cantabrian Basin, which
is about 90 km wide and located between the Bay of Biscay and the Duero Depression. More
specifically, the Urdinbide tunnel is located in the Biscay Synclinorium [24]. In the area,
the synclinorium mostly forms a large structural valley of the same orientation, traversed
by the Ibaizabal River, where the towns of Durango and Amorebieta are located, and
which, when obliquely contacting the Cantabrian coast, gives rise to the Bilbao estuary.
In Amorebieta, the north slope of the Ibaizabal River valley culminates in the Auztagane
Range, crossed by the road to Gernika through the mountain pass of the same name. It is
precisely this geographical feature that is intended to be overcome by the excavation and
commissioning of the Urdinbide tunnel.
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Figure 4. Location of the executed tunnel within the influence zone of the Autzagane aquifer. The
figure shows the alternation of more or less permeable layers that explain its nature.

The geology of the Urdinbide massif is characterized by an alternation of sandstone
and microconglomerate levels with marls and lutites (Figure 5). This alternating character,
typical of flyschoid facies, is identified at all observation scales. The weathering of the
massif affects both the sandstone and the lutitic and marl materials. In the first case, the
dissolution of the carbonate cement in the sandstones results in sandy materials with
the consequent increase in porosity and, therefore, a greater “penetrating” potential of
weathering. In the case of lutitic and marl materials, the result of the alteration is clayey
materials that do not substantially modify the low permeability of these materials and,
therefore, have a lower capacity for alteration in depth.
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Figure 5. Calcareous sandstone facies with isolated intercalations of marl material, recognized in the
advance of Axis 1.

Vertically, weathering affects the sandstone and sand beds more deeply. Therefore,
at the same horizontal level, there are beds or sections of more disintegrated and water-
charged materials (the sandstone and sand beds) that vary alternately with other mate-
rials that are better geotechnically and more impermeable (the marl material), as shown
in Figure 5. These geological characteristics determine the existence of a multilayered,
basically confined aquifer. These characteristics are common to the aquifers found in
the area.

2.3. Hydrogeological Study

During the project stage, a detailed hydrogeological characterization of the massif was
carried out by the company EPTISA, determining the conceptual model of the aquifer’s
functioning, quantifying its water uses, and establishing the relationship between ground-
water and the planned works before their execution. The hydrogeological study and its
monitoring during the works were identified as critical elements in ensuring the final
success of the project [25].

45



Appl. Sci. 2023, 13, 7034

In order to achieve these objectives and establish the effects that tunnel drilling could
have on the natural functioning of groundwater and its uses, various networks of piezo-
metric and forometric control were installed.

Finally, the project included the creation of a series of numerical models of ground-
water flow that have allowed validating the conceptual model of natural groundwater
functioning and thus predict the effects of the tunnel on the aquifer’s functioning and its
water uses.

In order to carry out the hydrogeological study, existing information was analyzed
first, including the construction projects that the promoter had drawn up in the work
area, as well as general geological and hydrogeological studies that encompass the study
area [26]. A total of 16 boreholes were drilled in which the piezometric level could be
measured, with drilling depths ranging from 17 to 91 m.

In order to obtain the hydraulic parameters of the aquifer, several pumping tests were
conducted. In this test, water is extracted in a controlled manner for a significant period
of time, which is one of the most widely used methods for obtaining the aforementioned
data [27]. In the research campaign carried out for the study, once the piezometric wells
and pumping wells were drilled, three pumping tests were carried out in the wells called
B-1, B-2, and B-3. Each test consisted of extracting water from the well and observing
the variations in the water level depth produced in the pumping well itself and in all the
existing perforations in the surrounding area that have been conditioned as piezometers.
In each well, a stepped pumping stage, a constant flow stage, and a recovery stage were
carried out (Figure 6). Mean permeability values of 3.5 × 10−6 m/s and a storage coefficient
of 1.2 × 10−3 were obtained.
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During the hydrological study, 41 water points were identified. The main use of
groundwater resources in the area closest to the south portal of the Urdinbide tunnel
occurred in the headwaters of the Ategorri stream. In this sector, there were a total of
4 groundwater intakes, 3 surface water intakes, 1 distribution chamber, and a reservoir,
connected by a complex network of pipes (Figure 7), all belonging to the water supply
system of the Amorebieta-Etxano municipality.

A forometric network was also installed in order to allow continuous monitoring
of the flow rates of the springs and intakes in the study area. To implement this con-
trol, the following infrastructure was established to determine the circulating flow rates:
3 electromagnetic flow meters with a diameter of 50 millimeters (two of them in the pipes
entering the distribution chamber and the third in the pipe that goes from the Ategorri-
A weir to the reservoir) and a 3-inch Parshall flume in the Ategorri stream upstream of
the weir.
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Figure 7. Inventory of main water points close to the south portal of the Urdinbide tunnel
(4 groundwater intakes, 3 surface water intakes, 1 distribution chamber, and 1 reservoir).

2.3.1. Conceptual Hydrogeological Functioning Model

The hydrogeological conceptual model of the Autzagane aquifer was intended to
convey the essence of the fundamental principles and basic functionality of the system,
which it represents, and was defined by its nature, recharge and discharge mechanisms,
and the groundwater flow scheme within it. The aquifer was divided into several hydro-
geological sectors based mainly on the identified zones of groundwater discharge during
the inventory of water points, although hydraulic continuity could exist between adjacent
sectors. The hydrogeological sector of the Autzagane aquifer that is most directly related to
the Urdinbide tunnel is the Ategorri sector.

The recharge of the Autzagane aquifer occurs through the infiltration of precipitation.
The development of a significant layer of surface alteration and the moderately sloping
terrain in the area promote a high infiltration coefficient in relation to the total usable
rainfall (precipitation minus evapotranspiration). The average precipitation in the area is
1550 mm/year.

Regarding the discharge, the Autzagane aquifer is crossed by the heads of several
streams that run in a NNE–SSW direction. These small valleys locally represent the axes
of the lower relative elevation of the portion of the aquifer situated on both sides of them,
and, therefore, constitute the discharge zones, through springs or diffuse discharges to
the streams, of these sectors. The presence of lutitic and marly layers that separate the
permeable sandstone layers of the aquifer causes the discharge of each sector to occur not
at a single point corresponding to the intersection of the aquifer roof with the stream (as
would be the case in a homogeneous aquifer) but at a series of springs along the stream
related to each permeable level separated by less permeable intercalations.

This phenomenon was evident in the Ategorri sector, where there were four stepped
springs in its headwaters (Ategorri-1 to 4). According to the data provided by the study’s
forometric monitoring network, the subterranean discharge in the Ategorri stream system
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would be around 4 L/s, of which 1.4 L/s were used for the partial supply of the municipality
of Amorebieta-Etxano through the capture of the headwater springs of the Ategorri stream.

The circulation of groundwater from the recharge zones of the aquifer (the interfluves)
to the discharge lines (the streams) occurred mainly through the permeable sandstone
levels in the direction of the layers. Most of the groundwater flow occurred under con-
fined conditions. The groundwater in the massif had a medium mineralization, and its
hydrochemical facies was calcium bicarbonate [1].

2.3.2. Numerical model

The hydrogeological study included a numerical modeling of the behavior of ground-
water in the massif crossed by the Urdinbide tunnel, which aimed to predict its response
to the construction of the work. The Visual MODFLOW 6 software [28] was used to carry
out the numerical model of the flow in the study area. This software was used because
it is based on finite differences and can represent well the physical processes related to
groundwater flow. The geometric scope of the modeled area can be seen in Figure 8. The
aquifer was divided into discrete elements of a maximum width of 25 meters, achieving
a mesh in which each cell represents a prism whose hydrogeological characteristics are
constant throughout its volume.
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The spatial discretization of the model is shown in Figure 9.
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The simplification of using a single value for each of the hydrogeological parameters
corresponding to the set of geological materials that make up the modeled aquifer has been
considered. By carrying out pumping tests in wells B2 and B3, representative values for the
entire Autzagane aquifer were established, but during the model calibration phase, these
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values were slightly adjusted as it was considered that these corrections had a favorable
impact on the model’s fit to the known real functioning. Thus, the final adjusted hydraulic
parameters are shown in Table 1.

Table 1. Adjusted hydraulic parameters.

Hydrostratigraphic
Unit

Horizontal
Permeability

(m/s)

Vertical
Permeability

(m/s)

Storage
Coefficient

Efficient
Porosity (%)

Autzagane Aquifer 2.5 × 10−6 2.5 × 10−6 1 × 10−5 5

Once the scope of the modeling had been established, the following actions on the sys-
tem were considered: precipitation infiltration, discharges at the head of the Ategorri stream,
discharges from other springs, and drainage from the existing tunnel of the Amorebieta-
Etxano railway line. The model was adjusted in steady state, with the following water
balance, which was consistent with the measured discharge in the entire Ategorri stream
(Table 2).

Table 2. Annual water balance of the Autzagane aquifer in the natural regime after recalibration.

Balance Items Flow (L/s)

INPUT Precipitation infiltration 9.1

OUTPUT

Ategorri stream (springs and diffuse discharges) 4.1
Etxanosolo stream (springs and diffuse discharges) 1.5

Torreburu spring 1.9
Asketa spring 0.8

Sastratxu spring 0.1
Existing railway line tunnel 0.7

Total 9.1

The calibrated model was used to establish the long-term response between two opposite
scenarios: the scenario before the tunneling works and the limit scenario in a completely
drained hypothesis. Figure 10 shows the isopiezometric lines of the model for the situation
prior to the impact of the works in a section perpendicular to the Ategorri stream.
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FLOW software.

Table 3 illustrates a comparison of flows between the natural situation (shown in
Table 2) and the hypothesis of total draining tunnel. It should be noted that under this
working hypothesis, the tunnel would be working as a scour outlet, with a flow rate of
6.6 L/s, leaving the Ategorri stream and its associated springs without flow.

Figure 11 shows the isopiezometric lines of the model for the situation considering a
draining tunnel.
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Table 3. Comparison between the natural regime and a draining tunnel regime.

Balance Items
Flow in
Natural

Regime (L/s)

Flow with
Draining

Tunnel (L/s)
Variation

INPUT Precipitation infiltration 9.1 9.1 -

OUTPUT

Ategorri stream (springs and
diffuse discharges) 4.1 0 −100%

Urdinbide tunnel - 6.6 -
Etxanosolo stream (springs

and diffuse discharges) 1.5 0.8 −46%

Torreburu spring 1.9 1 −47%
Asketa spring 0.8 0.2 −75%

Sastratxu spring 0.1 0 −100%
Existing railway line tunnel 0.7 0.5 −28%

Total 9.1 9.1 -

Finally, the hydrogeological model was used to obtain the limit flows that could be
evacuated through the Urdinbide tunnels, guaranteeing the necessary flow in the Ate-
gorri stream to supply the neighborhoods of Amorebieta-Etxano under normal conditions
(1.4 L/s). The waterproofing solution for the tunnels, both during their construction and in
service, had to be sufficient to guarantee a water discharge in the tunnel of less than these
values (4.7 L/s).

2.3.3. Design of Waterproofing System

Due to the foreseeable impact of the tunnel construction on the Autzagane aquifer, the
design project had planned the implementation of pre-excavation waterproofing injections
from the advance fronts and the construction of a definitive watertight lining in the section
that crosses the aquifer in order to guarantee its preservation. The main objectives of these
injections were reducing the permeability of the rock mass to a level that the water infiltra-
tion into the tunnel would not exceed the maximum flow that could be extracted without
significantly affecting the aquifer and the water catchment system and also achieving a
crown of improved soil with a minimum thickness of 3 meters around the perimeter of the
excavation (an increase in the GSI value by 20 points was required [29]).

The injections were executed from inside the tunnel. They consisted of truncated
cone-shaped enclosures outside the excavation perimeter (Figure 12). The geometry of
the injections was adapted to the orientation of the stratification surfaces of the rock mass
so that the base of the truncated cone surface (plane defined by the end points of all the
boreholes) was always a virtual plane parallel to this stratification. The injections were
planned in two phases, top heading excavation and bench excavation, due to geometrical
requirements. The treatment crowns were carried out in 4 stages, consisting of 30 drill holes
in the top heading excavation phase and 19 drill holes in the bench excavation phase [30].

Stages 1 and 2, the outermost ones, were the first to obtain the outer wrapping. The
other successive stages were implemented to intensify the degree of treatment. This system
of execution allowed selective injection by sections and was used with satisfactory results in
the tunnel sections already executed. The type of mixtures using cement and microcement
was adjusted according to the gauged flow rates in each borehole, as well as the presence
or absence of solid drags [31–33].

2.4. Hydrogeological Monitoring of the Tunnel during the Construction Phase

During the construction of the tunnel, an intensive hydrogeological monitoring was
carried out to verify the working hypotheses. This monitoring consisted of continuous
reading of the piezometric and forometric network installed in the study area. The con-
struction of the tunnel caused a drop in water levels in the northern and central areas of
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the aquifer, and had a one-off impact on the municipal water intakes from the springs at
the headwaters of the Ategorri stream.
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The magnitude of these impacts was related to the phase of greatest activity during
excavation, where potential temporary impacts during construction would be maximum.

The execution of preinjections and the advance excavation of tunnel tubes caused
a depression of between 15 and 25 m compared with the over 50 m of maximum water
column that existed above the tunnel level before the works (Figure 13).
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An extraordinarily dry and prolonged drought period that occurred in this area
sensibly coinciding with the beginning of tunnel construction in the aquifer also contributed
to the magnitude of these impacts.
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The effectiveness of the waterproofing injections carried out, together with the re-
covery of the usual precipitation regime, partially reversed the impacts that the tunnel
construction had caused on the natural functioning and use of the Autzagane aquifer. Since
the commissioning of the tunnel in 2018, hydrogeological monitoring has been carried out
during the operation phase. Since then, the maximum flows measured through the tunnel
have been less than 2 L/s, far from the limit imposed to guarantee the functioning of the
aquifer and the municipal water catchment (Table 4).

Table 4. Determination of the limit flow values ensuring the water supply in the Ategorri stream.

Balance Items Flow in Natural
Regime (L/s)

Flow Limit Values
(L/s) Variation

INPUT Precipitation infiltration 9.1 9.1 -

OUTPUT

Ategorri stream (springs and diffuse discharges) 4.1 1.4 −65%
Urdinbide tunnel - 4.7 -

Etxanosolo stream (springs and diffuse discharges) 1.5 0.8 −46%
Torreburu spring 1.9 1.3 −31%

Asketa spring 0.8 0.3 −63%
Sastratxu spring 0.1 0 −100%

Existing railway line tunnel 0.7 0.6 −14%

Total 9.1 9.1 -

3. Results

From the monitoring of the hydrogeological performance of the aquifer during the
construction of the tunnel, it can be established that if precautions had not been taken to
carry out prior waterproofing injections before tunnel excavation in the Autzagane aquifer,
the water level in it would have dropped to the elevation of the tunnel, all the springs
and other underground discharges towards the Ategorri stream would have dried up,
and the excavation itself would have drained practically all the resources of this sector of
the aquifer.

The effectiveness of sequential waterproofing prior to excavation was high, as it
has allowed the recovery of piezometric levels and the resurfacing of affected springs
as soon as precipitation regimes returned to normal once the tunnel construction was
finished. The injection system maintained the original compartmentalization of the aquifer,
as demonstrated by the registered piezometry, without the tunnel unifying the piezometric
levels of the different subsectors.

In general terms, the natural hydrogeological functioning of the aquifer has been
preserved. The waterproofing system used preserved not only the aquifer but also the
original drainage points that constitute the springs of the Ategorri stream.

The waterproofing solution, consisting of a combination of cement and microcement
injections specifically designed for the characteristics of the study area, has therefore made
it possible to comply with the main requirement imposed by the project’s environmental
authorization, no significant impact on the Autzagane aquifer.
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Abstract: Grouting is the most widely used technology for treating coal goafs. In this study, a
numerical simulation method was used to establish a model of multi-seam goafs with different
spacing conditions to investigate the subsidence reduction effects of various grouting schemes on
multi-coal seam goafs. By varying the range and opportunity of grouting treatments, the effects of
coal seam spacing, grouting treatment range, and grouting opportunity on subsidence reduction
were analyzed. The results showed that: (1) With constant overburden (OB), the subsidence reduction
ratio of the subgrade center increases linearly as the interburden (IB) decreases (1 ≤ OB/IB ≤ 2),
then increases exponentially (2 < OB/IB), and eventually becomes stable. (2) When treatment is
conducted based on the half-width of the subgrade, the width of the subgrade, and the range of the
trapezoid, residual surface subsidence tends to adopt an inclined ‘W’-shape in open cutting. The
surface residual subsidence exhibits a symmetrical ‘W’-shape when full-range grouting is adopted.
(3) For a multi-coal seam goaf with longer mining stoppage time, the subsidence reduction ratio of the
subgrade center is lower, and it is exponentially related to the grouting opportunity. As the grouting
opportunity is extended and OB/IB decreases, the subsidence reduction ratio of the subgrade center
declines exponentially.

Keywords: multi-coal seam goaf; range of grouting; opportunity of grouting; subsidence reduction
effect; numerical simulation

1. Introduction

The subsidence area of coal mining in China has exceeded 8000 km2 and is still
growing at a rate of 200 km2 per year [1–3]. Full-pressure grouting filling, which is an
important engineering method, can effectively strengthen the broken rock structure of
goafs and reduce the occurrence of deformation disasters in goafs [4–11], and it is widely
used in goaf treatment engineering [12–20]. Many experts and scholars have studied the
grouting treatment of goafs from the aspects of slurry diffusion, slurry stone strength, and
grouting scheme design and have achieved rich research results.

The grouting slurry flows and diffuses under pressure, filling the gaps between broken
rock masses. Wang et al. [1] revised a theoretical formula for slurry diffusion based on
the distribution characteristics of fractures in a goaf and fracture zones of a single coal
seam, as well as the effect of the superposition of porous grouting and the viscosity and
diffusion path of the slurry. Yuan et al. [21] independently designed a visual simulation
system for grouting in a single coal seam goaf and used it to study the pressure distribution,
diffusion radius, and thickness of the stone body of the slurry in the rock layer. The slurry
flow showed an approximately elliptical diffusion range under pressure, and the degree of
grouting reinforcement increased with distance from the injection borehole, providing a
basis for the optimization of the design of grouting in a single coal seam goaf. Yu et al. [22],
who took the engineering of a single coal seam goaf roof in weakly cemented siltstone, was
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taken as the research background. Methods of field investigation, laboratory testing, and
theoretical analysis were adopted. Based on a detailed study of the diffusion of grouting
materials, a combined support scheme based on grouting reinforcement and the use of
anchor cables was proposed and applied in practical projects. When the slurry diffuses to
the designated area for goaf treatment, grouting stones form in the cavities and in areas of
the goaf under pressure. The strength of the grouting stones is an important indicator used
to measure the effectiveness of grouting reinforcement. Liu et al. [23] conducted grouting
tests on the fractured surface of the caving rock mass to solve engineering problems such
as rock mass caving in a single coal seam goaf and studied the tensile characteristics of the
goaf rock mass after grouting reinforcement. Xie et al. [24] applied numerical simulations
to analyze the effective pre-stress field distribution of broken roof and grouting roof anchor
cables in a multi-seam goaf. The strength of grouting stone bodies in a multi-coal seam goaf
was monitored using experimental laboratory methods, and a treatment method of using
grouting anchor cables to fix the weak surface of the roof plate and seal roof cracks was
proposed. Han et al. [25] revealed the stress-hardening characteristics and load-bearing
mechanism of grouting stones in uniaxial compression tests by conducting experiments
on their physical properties. Modoni et al. [26] proposed a method for predicting the
strength of grouted stone bodies based on their interaction with surrounding rock and
soil. Zong et al. [27] conducted uniaxial compression tests on fractured rock masses after
grouting and found the influences of grouting stone strength, deformation characteristics,
and failure mode on the grouting reinforcement effect. They also found that the failure
mode of the sample changed from brittle failure to plastic failure. The above research results
provide a basis for grouting treatment technology, and experts and scholars have conducted
research on the effect of grouting treatment plans on subsidence reduction. Wang et al. [28]
combined numerical simulation and laboratory experiments and proposed a grouting
method for preventing and controlling safety hazards in a single coal seam goaf by using
pre-drilling, full-hole intubation, extended sealing, and multi-stage drilling for grouting.
Li et al. [19] used numerical simulation software to simulate the reinforcement effects of
two grouting methods—full-range grouting and strip grouting—in a single coal seam goaf.
They found that a reasonable grouting plan can effectively reduce residual deformation of
the goaf and its overlying rock mass, improve adverse stress conditions, and achieve the
goal of effective grouting. Based on a theory of mining subsidence, Deng et al. [29] studied
grouting filling technology to control the residual subsidence of a single coal seam goaf
and concluded that under a certain mining depth, goaf grouting can be filled with banded
grouting. The grouting hole should be arranged within 20 m of the edge of the working
face, in the direction of the steeply inclined coal seam and the fault development area to
fill the voids and under-compacted areas at the edge of the goaf. To explore the grouting
scheme of multi-coal seam goafs, Chen et al. [30] studied the grouting treatment technology
of multi-coal seam goafs by combining various geophysical exploration methods and
drilling methods. According to the spacing of each coal seam goaf, the grouting horizon
was divided, and the grouting technology and scheme of “pressure less gravity flow and
pressurized diffusion” were used to reinforce the goaf. He et al. [31] used methods such as
on-site investigation, laboratory testing, and numerical simulation to study the deformation
and failure modes and stress distribution characteristics of multi-seam goafs at close range
under double-thick coal seam mining conditions. A zoning grouting treatment method
centered on “high pressure water jet, asymmetric high strength cable beam net, three hole
anchor cable group and roof grouting” was proposed.

Most of the above studies focused on the treatment of single-coal seam grouting. Due
to the large burial depth and multiple layers of goaf in multi-coal seam goafs, if grouting
is carried out according to the recommended standard [32] and the grouting range is
determined based on the rock movement angle, then it causes the grouting range to be too
large, which affects the ecological protection and restoration of the grouting area and may
not necessarily achieve the expected subsidence reduction effect. The selection of grouting
treatment opportunity also directly affects the residual subsidence level of multi-seam goafs.
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The goal of this study was to further clarify the control of the effects of different grouting
schemes on the deformation of multi-coal seam goafs. A model of a multi-coal seam goaf
with different spacing conditions was designed using a numerical simulation method. By
changing the grouting range and opportunity, the long-term deformation of multi-coal
seam goafs with different spacings after different grouting schemes was calculated, and the
subsidence reduction effect of different grouting schemes on the deformation of multi-coal
seam goafs was analyzed. The results can provide more scientific and reliable guidance for
the treatment of multi-seam goafs.

2. Proposed Method

This study establishes a numerical model of multi-coal seam goafs with different
spacing, selects an appropriate constitutive model, considers different grouting treatment
ranges and opportunities in the multi-coal seam goaf grouting treatment plan, studies the
grouting subsidence reduction effect of different grouting schemes on multi-coal seam goafs,
and reveals the influences of grouting opportunity and range selection on the treatment of
multi-coal seam goafs.

2.1. Establishment of a Numerical Model of a Multi-Seam Goaf

Previous studies have shown that FLAC calculation software can effectively simulate
coal seam mining and grouting treatment problems [33,34]. The Moh–Coulomb model,
a double-yield model, and Burgers’ model can effectively simulate coal seam mining,
grouting treatment, and long-term deformation of goaf. The numerical model of the multi-
coal seam goaf was a pseudo-3D model with a thickness of 4 m for both the upper and
lower coal seams, and the overlying rock lithology was medium-hard rock. According to
the standard [33], the thickness of the caving zone was calculated to be 10 m. To ensure
sufficient mining, the lengths of the upper and lower coal seam working faces were taken
as 1000 m. In each working condition, the thickness of the overburden above the upper
coal seam was taken as 100 m, and the thickness of the bottom plate below the lower coal
seam was taken as 40 m, as shown in Figure 1.
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Figure 1. Completely overlapping mining schematic diagram.

Ten sets of multi-coal seam goaf spacing models were designed, all of which used the
same overburden (OB) and different the interburden (IB). The dimensions of the upper
and lower coal seam working faces were the same, but the burial depth in the longitudinal
direction differed. The spacing information of the coal seams is shown in Table 1.
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Table 1. Design table for spacing of multi-coal seam goaf.

Case Number Overburden (OB)/m Interburden (IB)/m Working Face Length

1

100

10

1000 m for both upper and
lower coal seam working

faces

2 20
3 30
4 40
5 50
6 60
7 70
8 80
9 90
10 100

This model adopted hexahedral mesh generation with a mesh size of 10 m. The dis-
placement in the x-direction of the left and right boundaries of the model, the displacement
in the y-direction of the front and rear boundaries, and the displacement in the z-direction
of the lower boundary were fixed. The upper boundary was a free boundary. In the
calculation, the self-weight of the rock mass was considered, the value of acceleration due
to gravity in the model was 9.80 m/s2, and the mining step distance was 10 m.

(1) Calculation models

For unexcavated coal seams and surrounding rocks, the Mohr–Coulomb model is
used for calculation. During the equivalent mining process, a double-yield model is used
to simulate the compaction process of collapsed rock masses in the caving zone. After the
mining is completed, Burgers’ model is used to dynamically assign creep parameters to the
units within the corresponding interval range to calculate the creep process of the collapsed
rock mass in the caving zone.

(2) Calculation parameters

To prevent the impact of different lithological combinations on the calculation re-
sults, the calculation parameters for the surrounding rock in this study were unified as
medium-hard rock calculation parameters. Based on relevant laboratory experiments and
engineering experience, the engineering analogy method was used to determine the calcu-
lation parameters for each layer in this study, as shown in Table 2. The equivalent mining
method was used to assign the mined coal seam and the rock mass in the caving zone
to a double-yield model to simulate the compaction process of the fractured rock mass.
The calculation parameters are shown in Table 3 [33]. After mining in the goaf is stopped,
the fractured rock mass and grouting stone mass undergo creep deformation under the
pressure of the overlying rock layer. Burgers’ model must be assigned to the designated
area, and the calculation parameters are shown in Tables 4 and 5 [34].

Table 2. Calculation parameters for each layer.

Stratum ρ (kg/m3) ET (GPa) ν c (MPa) ϕ (◦) σt (MPa)

Overlying rock 2750 3.20 0.25 1.00 30 0.35
Coal 1380 0.45 0.34 0.17 20 0.05
Floor 2750 3.20 0.25 1.00 30 0.35

Table 3. Calculation parameters of the double-yield model [33].

ρ (kg/m3) Maximum Bulk Modulus (GPa) Maximum Shear
Modulus (GPa) c (MPa) ϕ (◦) Plastic Modulus Multiplier

1680 2.24 1.41 0 15 3.0
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Table 4. Calculations of creep parameters of medium-hard rock [34].

Creep Parameters Compressive Stress Range/MPa Parameter Calculation Formula

K/MPa 0 < σzz K = 6.35 σzz
1.78

Gm/MPa

0 < σzz < 6.16 Gm = −6.82 σzz + 344

6.16 < σzz <9.24 Gm = 2.92 σzz + 284

9.24 < σzz Gm = −747 σzz + 380

Gk/MPa 0 < σzz Gk = 27.27 σzz − 59

ηm/MPa·h
0 < σzz < 6.16 ηm = 11,613.96 σzz + 11,446

6.16 < σzz < 9.24 ηm = −5721.46 σzz + 118,232

9.24 < σzz ηm = −850.812 σzz + 73,227.5

ηk/MPa·h
0 < σzz < 6.16 ηk = −26.62 σzz + 4728

6.16 < σzz < 9.24 ηk = 55.19 σzz + 4224

9.24 < σzz ηk = −42.86 σzz + 4338

Table 5. Calculations of creep parameters of grouting stone [34].

Creep Parameters Parameter Calculation Formula

K/MPa K = 5.18697 × e
σ1

3.75492 + 31.74

Gm/MPa Gm = 40.4643 × σ1 + 41.5749

Gk/MPa Gk = −1111.16204 + 776.47378 × σ1 − 81.25659 × σ1
2 + 2.97386 × σ1

3

× 10−2

Vm/MPa·h Vm = 9 × 109

Vk/MPa·h Vk = 17088.0167 − 9300.51676 × σ1 + 1337.43539 × σ1
2

2.2. Design of Different Grouting Ranges

Figure 2 shows a schematic diagram of the treatment range of the goaf in a horizontal
multi-coal seam goaf. In this simulation plan, four types of grouting treatment ranges
are designed:

(1) Treatment within the half-width of the subgrade. As shown in the blue line area in
Figure 2, the treatment width of the goaf caving zone in both the upper and lower
coal seams was 40 m.

(2) Treatment within the width of the subgrade. As shown in the green line area in
Figure 2, the treatment width of the goaf caving zone in both the upper and lower
coal seams was 80 m.

(3) The standard suggests the treatment of the trapezoidal range [32]. This treatment is
as shown in the red line area in Figure 2 below.

(4) Full-range treatment of the working face. As shown in the black line area in Figure 2,
grouting treatment was carried out throughout the goaf caving zone of the upper and
lower coal seams, with a treatment width of 1000 m.

This numerical simulation studies the impact of different grouting treatment ranges on
the control and effect of subsidence reduction in multi-seam goafs by changing the grouting
width within the range of the caving zone in the multi-seam goaf. Taking the grouting
treatment condition with a spacing of 10 m between the upper and lower coal seams as an
example, the design schemes for different grouting treatment ranges are shown in Table 6.
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Table 6. Design of different grouting treatment ranges.

Interburden/m Grouting Opportunity Grouting Ranges (GR)

IB = 10 Immediate grouting

GR1 = Half-width of subgrade
GR2 = Width of subgrade
GR3 = Trapezoidal range

GR4 = Full-range grouting

2.3. Design of Different Grouting Opportunity Schemes

This study uses numerical simulation to study the effect of grouting opportunity on
the subsidence reduction effect of multi-seam goaf grouting. Taking the full-range grouting
treatment condition with a spacing of 50 m between the upper and lower coal seams as an
example, the design of different grouting opportunity schemes is shown in Table 7.

Table 7. Design of different grouting opportunities.

Interburden/m Grouting Ranges Grouting Opportunity (Time Interval between
Stopping Mining)/Year

IB = 50 GR4

GO1 = 0.0
GO2 = 0.5
GO3 = 1.0
GO4 = 1.0
GO5 = 2.0
GO6 = 2.5
GO7 = 3.0
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First, the upper coal seam working face is excavated, and then Burgers’ model is
applied to the rock mass in the caving zone to calculate the long-term deformation within
one year. Then, the working face of the lower coal seam is excavated, and different grouting
opportunities are selected to carry out comprehensive grouting treatment on the goaf of
the upper and lower coal seams. Finally, the long-term deformation of the surface after
10 years is calculated, and the subsidence pattern of the subgrade center is recorded. From
this, it is possible to simulate the subsidence of the subgrade center and the amount of
grouting reduction when grouting is carried out in the goaf at different points in time after
the completion of multi-coal seam mining and to obtain the impact of grouting opportunity
on the grouting reduction effect in the goaf of multi-coal seams.

3. Results and Discussion
3.1. Results of Calculations of Grouting Subsidence Reduction in Goaf Areas with Different Spacing

Based on the method described earlier, the residual subsidence of the surface after
grouting was simulated under different coal seam spacing conditions. The calculation
results are shown in Figure 3, which are the residual subsidence cloud maps of grouting
with coal seam spacings of 10 m, 30 m, 50 m, 70 m, and 90 m. From the residual subsidence
cloud maps of grouting, it can be concluded that under different coal seam spacing condi-
tions, after grouting treatment, the residual subsidence value of the surface near the stop
mining line and the opening hole is relatively large. In contrast, the residual subsidence
value of the surface near the center of the roadbed is relatively small, and as the burial
depth of goaf in multi-coal seam increases, the residual subsidence after surface grouting
treatment gradually increases. When the distance between coal seams reaches 70 m, there
is little difference in the residual subsidence cloud maps of multi-coal seam goaf, and the
influence of coal seam distance on the grouting treatment effect of multi-coal seam goaf is
weakened. The cantilever beam structure of the roof near the opening and stopping lines
in the goaf of the multi-coal seam is relatively long, resulting in under-compaction in this
area. Therefore, there will still be some subsidence after grouting treatment compared to
the compacted area below the surface subsidence basin. The greater the burial depth of
the goaf in the multi-coal seam, the greater the pressure on the goaf from the overburden,
resulting in more significant residual subsidence after treatment [22].

According to the calculation results in Figure 3, the subsidence of the subgrade center
under grouted and non-grouted conditions for the spacing conditions of each coal seam are
calculated and recorded as L1 and L2, respectively. Then, the grouting subsidence reduction
for different coal seam spacing conditions is calculated according to Equation (1) for ∆L.
According to Equation (2), the grouting subsidence reduction rate R is obtained for different
coal seam spacing conditions.

∆L = L1 − L2 (1)

R = ∆L/L1 (2)

The relationship between the center subsidence reduction ratio R of the subgrade
and the distance between coal seams is shown in Figure 4. From the figure, it can be
concluded that when the spacing between coal seams is 10 m, the grouting has the best
effect on reducing subsidence, and the ratio of subsidence reduction at the center of the
subgrade can reach 81.1%. As the spacing between coal seams continues to increase,
the ratio of subsidence reduction at the center of the subgrade gradually decreases after
grouting treatment. When the spacing between coal seams is greater than 80 m, the rate
of decrease in the center subsidence rate of the subgrade gradually decreases with the
increase in the spacing between coal seams, and the curve tends to be flat. During the
process of increasing the spacing between coal seams from 10 m to 80 m, the reduction ratio
significantly decreases from 81.1% to 50.1%. Afterwards, the reduction ratio at the center of
the subgrade is approximately 46%, and there is no significant change with the increase in
the spacing between coal seams.
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Figure 4. The subsidence reduction rate for subgrade center grouting treatment under different
spacing conditions.

Figure 5 shows the relationship between the center subsidence reduction rate of the
subgrade and OB/IB after grouting treatment with different coal seam spacing. From
the graph, it can be concluded that when the burial depth (OB) of the upper coal seam
is constant, the ratio of subgrade center subsidence reduction after grouting treatment
first increases linearly (1 ≤ OB/IB ≤ 2), then increases exponentially (2 < OB/IB), and
finally tends to be flat.

Appl. Sci. 2023, 13, 5522 9 of 18 
 

increasing the spacing between coal seams from 10 m to 80 m, the reduction ratio signifi-
cantly decreases from 81.1% to 50.1%. Afterwards, the reduction ratio at the center of the 
subgrade is approximately 46%, and there is no significant change with the increase in the 
spacing between coal seams. 

 
Figure 4. The subsidence reduction rate for subgrade center grouting treatment under different 
spacing conditions. 

Figure 5 shows the relationship between the center subsidence reduction rate of the 
subgrade and OB/IB after grouting treatment with different coal seam spacing. From the 
graph, it can be concluded that when the burial depth (OB) of the upper coal seam is con-
stant, the ratio of subgrade center subsidence reduction after grouting treatment first in-
creases linearly (1 ≤ OB/IB ≤ 2), then increases exponentially (2 < OB/IB), and finally tends 
to be flat. 

 
Figure 5. The subsidence reduction rate of subgrade center grouting treatment for different OB/IB 
conditions. 

In summary, due to the large spacing between coal seams, the OB/IB is relatively 
small. At this time, the compaction amount of the lower coal seam caving zone is relatively 

Figure 5. The subsidence reduction rate of subgrade center grouting treatment for different OB/IB conditions.

63



Appl. Sci. 2023, 13, 5522

In summary, due to the large spacing between coal seams, the OB/IB is relatively small.
At this time, the compaction amount of the lower coal seam caving zone is relatively large,
and the upper coal seam caving zone and crack zone undergo compaction and closure
under the disturbance, resulting in poor grouting treatment and a subsidence reduction
effect. When the spacing between coal seams is small and OB/IB is larger, the load on the
overlying rock mass is smaller, and the long-term deformation of the reinforcement after
grouting is reduced, making the grouting subsidence reduction effect better.

3.2. Calculation Results of Subsidence Reduction in Goaf Areas of Multi-Coal Seam Goafs with
Different Grouting Ranges

To analyze the impact of different grouting treatment ranges on the subsidence re-
duction effect of grouting in multi-coal seam goafs, this study considered four grouting
treatment ranges: half-width range of subgrade, width range of subgrade, trapezoidal
range, and full-range grouting. Figure 6 shows the residual subsidence cloud map of the
goaf under different grouting treatment conditions. From the residual subsidence cloud
maps of grouting, it can be concluded that under different grouting range conditions, the
residual subsidence near the goaf opening and stopping line is relatively more significant
than that in the mining center area. When grouting is carried out in the goaf of multi-coal
seam according to the half-width of the subgrade, the width of the subgrade, and the trape-
zoidal range, the residual subsidence at the subgrade is controlled, and the overall residual
subsidence control effect of the model after full-range grouting is the most obvious. This is
because when grouting is carried out according to the width of the subgrade, half-width of
the subgrade, and the trapezoidal range, the broken rock masses near the stop mining line
are not treated, resulting in damage to the cantilever beam structure near the stop mining
line when residual subsidence occurs, and large-scale subsidence occurs at the stop mining
line. According to the full range of grouting, the damage of the cantilever beam structure
near the stop mining line is controlled, forming a relatively stable structure, and the most
obvious effect of reducing subsidence control is achieved [30].

Figure 7 shows the surface residual subsidence curve for different grouting treatment
scopes. The results show that when using full-range grouting treatment, the residual
subsidence on the surface presents a symmetrical “W”-shape on both sides. The overall
trend of the fluctuations of the residual subsidence curve in the “W”-shape is relatively
stable, and the best subsidence reduction effect is achieved. When grouting treatment is
performed according to the entire width of the subgrade, half-width of the subgrade, and
trapezoidal range, this results in damage to the cantilever beam structure near the stopping
line during residual subsidence. The residual subsidence shows a tilted “W”-shape inclined
toward the opening.

Figure 8 shows the amount of subsidence reduction ∆L and the ratio of R at the center
of the subgrade for the range of grouting treatments. From the figure, it can be concluded
that when using the full-range grouting treatment, the grouting has the best effect on
reducing subsidence. At this time, the subsidence reduction amount and ratio at the center
of the subgrade are 0.158 m and 81.1%, respectively. When the grouting treatment range
is trapezoidal, the width of the subgrade, or half-width of the subgrade, the subsidence
reduction rate at the center of the subgrade gradually decreases. Therefore, during the same
period after the completion of mining, the maximum controlled residual subsidence value
of the surface can be achieved when the treatment width is the full-range of the caving
zone, followed by the trapezoidal range > the width of the subgrade > the half-width of
the subgrade.

The inclination value and uneven subsidence control rate caused by uneven subsidence
of the subgrade for different grouting treatment ranges are plotted in Figure 9. From the
figure, it can be concluded that when the treatment width is selected within the range
of subgrade width or half-width of the subgrade, the improvement effect on uneven
subsidence of the subgrade is poor. When the treatment width is selected as trapezoidal
and full-range grouting, the uneven subsidence of the subgrade is significantly improved.
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After mining, the goaf is immediately treated with full-range grouting, with a control rate
of over 95% for uneven subsidence of the subgrade. Trapezoidal range grouting is used
with a control rate of over 56% for uneven subsidence of the subgrade.
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In summary, when the treatment width adopts the trapezoidal range and full-range
grouting, the subsidence reduction at the center of the subgrade and uneven subsidence
of the subgrade are significantly improved. Through simulation calculations, when the
treatment width is treated according to the trapezoidal range and the control effect meets
the standard requirements, the trapezoidal range can be used for treatment. The advantage
is that the trapezoidal range has a smaller width than the full-range grouting treatment, and
the impact on the environment after grouting treatment is relatively small, which reduces
engineering costs and shortens the construction period. If the engineering and regulatory
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requirements are not met, then full-range grouting can be used for prevention and control,
which can achieve good subsidence control effects.
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3.3. Results of Calculations of Grouting Subsidence Reduction for Different Grouting Opportunities

This study considers conducting full-range grouting treatment within 0 to 3 years
after multi-seam mining. Figure 10 shows the calculation results for the cloud maps of
the residual subsidence of the goaf for different grouting opportunity conditions. The
residual subsidence contour indicates grouting is carried out closer to the mining stopping
on the working face, resulting in more residual subsidence in the goaf of the multi-coal
seam, effectively controlling surface subsidence. When grouting is carried out after mining
stops for two years, there is little difference in the subsidence contours of the goaf in
the multi-coal seam. In addition, the impact of grouting opportunities on the grouting
treatment effect of the goaf in the multi-coal seam is weakened, since the residual subsidence
capacity of the goaf in the multi-coal seam gradually weakened after the completion of coal
seam excavation. Therefore, when the residual subsidence capacity is large, grouting at a
time point closer to the cessation of mining can produce better grouting and subsidence
reduction effects. In summary, the later the grouting opportunity is, the greater the residual
subsidence in the goaf of the multi-coal seam that has already occurred before grouting,
resulting in a small amount of grouting subsidence reduction and poor grouting subsidence
reduction effect.

The relationship between the subsidence reduction ratio R at the center of the subgrade
and the opportunity for grouting is plotted in Figure 11. From the graph, it can be concluded
that immediately after the coal seam is mined, grouting has the best effect on reducing
subsidence with a subsidence reduction ratio of 67.2% at the center of the subgrade. The
longer the distance from stopping mining, the subsidence reduction ratio at the center of
the subgrade gradually decreases after grouting treatment, and the subsidence reduction
rate curve shows an exponential relationship. When grouting is carried out after mining is
stopped for 2 years with the extension of grouting opportunity, the rate of decrease in the
center subsidence rate of the subgrade gradually decreases, and the curve tends to be flat.
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In summary, due to the completion of the excavation of the working face, the surface
subsidence rate gradually slows, and the residual deformation capacity gradually decreases.
When the residual deformation capacity is large then grouting is performed closer to the
completion of the excavation of the working face, which can produce better grouting and
subsidence reduction effects.
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Figure 12 shows the variation of the center subsidence reduction ratio of the subgrade
for different grouting opportunities and coal seam spacing conditions. From the figure, it
can be seen that with the extension of grouting opportunity and the decrease in OB/IB, the
subsidence reduction ratio at the center of the subgrade decreases exponentially. When
1 ≤ OB/IB ≤ 2 and grouting is carried out 2 years after excavation, the subsidence reduc-
tion ratio of the subgrade center decreases rapidly, and the grouting treatment effect is
poor. This is because increasing the spacing between coal seams can lead to increased
deformation of the surface and goaf, and even with grouting treatment, it is difficult to
completely prevent the problem of surface subsidence. With the extension of grouting
opportunity, there is a significant amount of residual deformation in the goaf, resulting in
a decrease in the contact area between grouting materials and fractured rock masses and
cracks in the goaf, which influences the grouting effect.
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4. Conclusions

Currently, there is no dependable foundation for constructing grouting treatment plans
for multi-seam goafs. This study adopted a numerical simulation method to design models
of multi-coal seam goafs with different spacing conditions. By changing the grouting
range and opportunity, the influence of coal seam spacing, grouting range, and grouting
opportunity on the subsidence reduction effect of multi-coal seam goafs was studied. The
main conclusions are as follows:

(1) With constant overburden (OB), the subsidence reduction ratio of the subgrade center
increases linearly as the interburden (IB) decreases (1 ≤ OB/IB ≤ 2), then increases
exponentially (2 < OB/IB), and eventually becomes stable.

(2) When the treatment is performed according to the half-width of the subgrade, the
width of the subgrade and the range of a trapezoid, the surface residual subsidence
tends to the inclined ‘W’-shape of the open cutting. The surface residual subsidence
has a symmetrical ‘W’-shape when full-range grouting is adopted. When the treat-
ment width is selected as the width of the subgrade or half-width of the subgrade,
the improvement effect on uneven subsidence of the subgrade is poor. When the
treatment width is selected as the trapezoidal range and full-range grouting, the
uneven subsidence of the subgrade is significantly improved.

(3) For the grouting treatment of goaf areas with multi-coal seam goafs where mining has
been stopped for a longer time, the central subsidence reduction rate of the subgrade
is smaller, and there is an exponential relationship between the central subsidence
reduction rate of the subgrade and the grouting opportunity. With the extension of
grouting opportunity and the decrease in OB/IB, the subsidence reduction ratio at
the center of the subgrade decreases in an exponential curve.

In the simulation process of this article, the results of large-scale mining cases under
real overburden were not verified, which requires further improvement based on the
simulation in this article.
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Abstract: The tailwater tunnel of the Wuyue pumped storage power station is located in bedrock and
extends to depths between tens and hundreds of meters. It is impossible to analyze and evaluate
the whole engineering area from geological exploration data, and the hydrogeological conditions are
complicated. In the early stages of the tailwater tunnel’s construction, the drinking water wells in
four villages dried up. This paper reports the results from a field investigation, in situ tests, laboratory
tests, and numerical simulation carried out to determine how the groundwater was affected when
the tunnel was excavated. A hydrogeological model of the region was established from the inverted
regional natural flow field parameters. The model was validated, and an analysis of the errors showed
that there was an average error of 1.98% between the natural flow field and the hydrogeological
survey flow field. The model was then used to simulate the three-dimensional transient seepage
fields under normal seepage conditions and limited seepage conditions, as far as was practical. The
results showed that, as the excavation of the tailwater tunnel advanced, the water inflow to the tunnel
also increased. When the water inflow increased from 1000 to 5000 m3/d, the water level at a distance
of 100 m from the axis of the tunnel dropped from −0.956 to −1.604 m. We then analyzed how the
water level changed as the water inflow varied and proposed a formula for calculating the extent of
the influence on the groundwater. We studied how the water level changed at different well points
to ascertain how a groundwater well became depleted and determined the factors that influenced
seepage in the regional flow field. The water level in different areas of the project area was simulated
and analyzed, and the extent of the groundwater area affected by the tunnel construction was clarified.
We then studied how the groundwater in different areas of, and distances from, the project area was
influenced by normal seepage conditions and limited seepage conditions and proposed a formula for
calculating the extent of the influence on groundwater for different water inflows. We constructed
a ‘smart site’ for visualizing data, sharing information, and managing the project. Time–frequency
domain analysis was applied to explore the extent of the impacts and range of the vibration effects on
residential housing at different distances from the project area caused by the different methods for
excavating the tailwater tunnel. The results from this analysis will provide useful insights into how
the excavation of this tailwater tunnel will impact the local residents and living areas.

Keywords: pumped storage; Wuyue Reservoir; transient numerical simulation; parameter inversion;
seepage field

1. Introduction

In recent years, a large number of hydraulic tunnels have been built in China. While
these hydraulic tunnels help to promote social progress, they also destroy the groundwater
environment. When hydraulic tunnels are being excavated, a large volume of ground-
water is lost, and the groundwater levels continuously decline, causing problems such

73



Appl. Sci. 2023, 13, 5196

as exhaustion of surface wells and springs, groundwater leakages, and ground collapse.
Groundwater leakage reduces the soil water content, with serious consequences for the
ecological environment, such as decreases in, or even the disappearance of, regional vege-
tation [1]. It is, therefore, very important to study how seepage fields of hydraulic tunnels
evolve during construction and how groundwater levels change because of seepage around
the tunnel.

Numerous researchers have studied how tunnel construction affects the groundwater
environment [2–10]. Underground engineering and construction disturb the groundwater
environment and lead to decreases in the water resources across wide geographical areas
and over considerable time periods; in some cases, the effects are irreversible and the
groundwater does not recover [11–15]. When precipitation events occur during the con-
struction of a tunnel, large amounts of groundwater are discharged from natural aquifers
within a certain spatial range leading to reductions in the underground water levels and
local changes in the groundwater storage characteristics, such as the evolution of landing
funnels and changes in groundwater seepage fields. Given that these changes might com-
promise groundwater supplies, algorithms of underground water inrush into such tunnels
have therefore been proposed to predict how the groundwater environment would be
affected by the construction of a tunnel [16,17]. Researchers have studied how the ground-
water flow changes when rock tunnels are excavated and have found that groundwater
circulation systems may be damaged by tunnel water gushing during excavation [18–22].
The surface water source and some spring points may dry up during water flushing acci-
dents in the construction phase. Studies to date, therefore, have shown that underground
engineering construction can have serious effects on the groundwater environment and the
supply of groundwater resources [10,23,24].

During the construction of an ultra-long subway tunnel in Seoul, South Korea, in 2008,
the groundwater level dropped dramatically in some parts of the project area, and a large
number of underground wells dried up and were abandoned. Calculations showed that the
average annual water yield reached 6.3 × 107 m3, and the local groundwater environment
was severely damaged [25]. During the construction of a 7300 m tunnel on the high-speed
railway line between Malaga and Cordoba in a karst area of southern Spain, there was a
large water inrush with an instantaneous flow of up to 800 L/s, which resulted in serious
shortages of groundwater supplies for drinking and irrigation in that area [26]. In 2009,
because of a drainage problem in the Frizenzuola Tunnel, Italy, five streams in the tunnel
site were cut off and 12 springs dried up [27]. Japanese scholars studied the groundwater
levels during the construction of a tunnel in Matsumoto City, Japan. They found that a
large amount of groundwater gushed into the tunnel, leading to groundwater leakages,
exhaustion of springs within the scope of its influence, and decreases in the river flow in
the discharge area [28]. In 2010, the Yujiawan Reservoir dried up during the construction
of the Xiyong Tunnel in Chongqing, thereby damaging the function and production ability
of approximately 50 mu of farmland in Jingang Village. In March 2012, drinking water
sources were depleted in Shiyuan Village, Zhongliang Town, during the construction of the
Zhongliangshan Tunnel on the Lanzhou-Chongqing Railway, and more than 1300 people
and 10 businesses experienced severe water shortages.

If relevant measures are not taken to control the discharge of groundwater during the
construction of a tunnel, groundwater levels may decline dramatically, causing drainage of
surface water within a certain range and groundwater to a certain depth. The water sup-
plies, such as springs and municipal wells, within the range of the construction will decrease
to varying degrees, with serious impacts on the lives and activities of local residents.

The Wuyue pumped storage power station in Henan Province, China, is located in
the transition zone between a plain area and a mountainous area. The rivers in the study
area belong to the Huaihe River system. The overall aim of this study was to reduce
the impact of a tunnel construction project on the water resources and lives of residents
around the construction area by gaining an accurate understanding of how groundwater
resources would change during the construction period. Based on the systematic analysis
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of the hydrogeological characteristics and key geological structures of the area around the
Wuyue pumped storage power station, a conceptual model of the hydrogeology in the area
is developed. A three-dimensional unsteady seepage numerical model of groundwater
that reflected the three-dimensional hydrogeological structure and unit partition of the
area was established. The rate of the model convergence was studied, and then the three-
dimensional unsteady seepage in the area around the Wuyue pumped storage power station
was numerically simulated based on the finite element method. The seepage field of the
project area under natural conditions and five possible seepage control design schemes for
the tunnel construction were simulated and analyzed. From this analysis, a seepage control
design scheme was identified that was approximately consistent with the anticipated water
inflows during the project. This control scheme can be used as the basis for calculating and
analyzing changes in the seepage and groundwater in the tailwater tunnel in a later phase
of the construction.

2. Engineering Materials and Methods
2.1. Overview of the Study Area

The Wuyue pumped storage power station is located in Yinpeng Township, Guang-
shan County, Henan Province, China. The straight-line distances between the Wuyue
pumped storage power station and Zhengzhou and Xinyang are 340 and 70 km, respec-
tively, and the Wuyue pumped storage power station is 42 km from Guangshan County
by highway (Figure 1), meaning that it is relatively easy to reach by normal transport.
The project area comprises eroded low hills and gullies that are characteristic of southern
Henan. The river valleys are well-developed, and the area comprises low mountains,
hills, loess ridges, and river plains from south to north. The upper reservoir of the power
station is in the Laoshanzhai Mountain Forest area, close to the top of the north slope of
Laoshanzhai. The reservoir has three large main branches, and the power station is located
at the tail of the western branch (Figure 2). A three-dimensional digital elevation model of
the engineering area is shown in Figure 2.
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The tailwater tunnel is arranged with two holes and four machines. The two main
tailwater holes (diameter 8.0 m) are circular and are arranged parallel to the pressure holes
at an axis orientation of N95.5◦ E, and the distance between the axes is 46.0 m. The design
outlet floor is at an elevation of 60.0 m, the tailwater tunnel is 1456.5 m long, and the
buried depth varies from 20 to 285 m. The rock surrounding the shallow tunnel is weak
and severely weathered, and the rock structure is broken. The construction of a large-
diameter underground cavern has resulted in considerable disturbance and destruction
to a large area of rock surrounding the cavern. Therefore, the type, structure, and degree
of weathering of the surrounding rock have seriously restricted the engineering design
and construction.

A hydrogeological survey was carried out in the early stage of the tailwater tunnel
construction to measure the water levels of the wells and ponds in the region. The re-
sults from this survey showed that there was a positive linear relationship between the
groundwater level and the surface elevation, that the water level of the shallow wells
was controlled by the surface elevation, and that the water was mainly from atmospheric
precipitation. The hydrogeological survey results also showed that various drinking water
wells were exhausted, including SJ146 in Tulou, SJ141 and SJ142 in Qiandawan, SJ96 and
SJ97 in Yangshuwan, and SJ202 in Yangmingao, thereby affecting the lives of the villagers
(Figure 2).

2.2. Regional Geological Setting

The project area is near the granite intrusion of the late Yanshanian and comprises the
middle Proterozoic Guishan Formation schist, the Devonian Nanwan Formation granites
and schist, the late Yanshanian intrusive mid-grained granites and dikes, and unevenly
distributed assorted loose deposits from the Quaternary. The geological structure is mainly
characterized by small-scale faults, joint fissures, and schistosity developed in the lower
reservoir area. The developed fault structure has three main directions, namely NE, NNE,
and NNW. The degree of development and direction of the fault structure vary throughout
the engineered area.

The results from a geological survey showed that the rock surrounding the tailwater
tunnel was mainly granite and metamorphic schist, that the contact zone of the two
lithologies had a horizontal width of 95 m, and that the altered rock in the contact zone
was poorly structured. The underlying bedrock is metamorphic schist of the Nanwan
Formation with a schistosity of 273◦–287◦/SW < 65◦–75◦. There are 20 faults of different
sizes in the engineering area, all of which have steep dip angles. Of these, three faults
(F4, F5, and F6) in the tailwater tunnel strike in a NNE direction, with an occurrence of
6◦–10◦/NW and SE < 70◦–77◦, and faults F4 and F5 are larger than F6 (Figure 3).
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In pile numbers W 1©0 + 164–W 1©0 + 256 and W 2©0 + 188–W 2©0 + 282 of the tailwater
tunnel, there is a developed granite alteration zone with a horizontal width of approx-
imately 95 m and a metamorphic rock area with well-developed schistotectonics. The
weathering characteristics of the rock mass in the engineering area, defined by indexes such
as the fracture spacing, rock quality index, p-wave velocity, and RQD, were considered
when choosing the arrangement of the drilling holes (Figure 3). The lower limit of the rock
weathering exposed by the drilling of the tailwater tunnel is shown in Table 1.

Table 1. Summary statistics of the weathered depths of the drilled holes in the tailwater tunnel.

Engineering
Position

Boring
Number

Orifice
Height

(m)

Deep
Hole
(m)

Coating
Thickness

(m)

The Burial Depth of Lower Limit of Each
Weathering Zone (m)

Note
Complete

Weathering
Strong

Weathering
Medium

Weathering

Tailwater
tunnel

ZK43 147.75 140.1 0 122.3 140.1 — Alteration zone
ZK49 131.6 90.15 9.6 90.15 — — Alteration zone

ZK50 114.31 100.3 7.2 11.6 24.2 —
Complete weathering
and weak weathering

alternate

ZK51 104.82 80.15 0.8 5.6 7.65 66.1
The hole depth of
48.6–59.9 m shows
strong weathering

ZK52 114.63 70.5 7 30.3 43.6 70.5 —
ZK53 104.84 55.6 3.5 9.2 24.4 33.4 —

Tailwater
tunnel

inlet/outlet

ZK54 96.48 45.4 6.3 21.4 28.1 45.4 —
ZK55 91.9 45.4 3.3 13.5 14.8 40.2 —
ZK56 102.22 35.5 7.5 16.8 21.9 32.5 —

ZK57 93.93 45.7 3.8 8.1 12.6 35.5
The hole depth of
35.5–45.2m shows
strong weathering

ZK58 89.78 35.4 4.7 10.3 17.4 35.4 —

The exposed rock near the granite alteration zone along the tailwater tunnel has a
relatively large burial depth in the completely weathered and strongly weathered zones
because of the influence of the granite intrusion, and the degree of weathering increases as
the distance to the alteration zone decreases (Figure 3). The lower limits of the completely
weathered zone and strongly weathered zone are at 8–25 and 12–33 m, respectively. The
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lower limit of the medium-weathered zone is 33–50 m deep, and the maximum depth is
70.5 m (ZK52). The completely weathered depths of ZK43 and ZK49 near the alteration
zone are at 122.33 and 190.15 m, respectively.

2.3. Regional Hydrology

The project area is on the southern bank of the Huaihe River, and the rivers in the
area are all part of the Huaihe River system. The main channel of the Huaihe River snakes
through the northern part of the project area from west to east. The main tributaries in
the area close to the southern bank include the Zhugan River, Qinglong River (the main
channel of the upper reaches of the Zhai River), and the Huanghe River (Figure 1); of
these, the Zhugan River is the largest tributary in the area. The Zhaihe River, a first-order
tributary of the Huaihe River, originates at Huangmaolao in Qianjin Township, Xinxian
County, and flows from south to north through Guangshan County and Xixian County and
into the Huaihe River at Baozikou, Huangchuan County. The river is 110 km long and has
a basin area of 710 km2 and a dense network of tributaries. The Wuyue pumped storage
power station is on the Qinglong River, at an elevation of 565.60 m.

2.3.1. Groundwater Flow Field

During the excavation of the tunnel, groundwater flows into the tunnel, and the water
level falls, causing a decrease in the surface water level and depletion of springs and wells.
This problem can be solved by determining the boundary position of the seepage field,
especially the boundary of the seepage-free surface. The tailwater tunnel of the Wuyue
pumped storage power station is at the tail of the Wuyue Reservoir, and the hydrogeological
conditions are complex.

A hydrogeological investigation was carried out around the axis of the tailwater
tunnel using a radiation method to determine the boundary position of the groundwater
flow field and the boundary of the seepage-free surface. The northern and southern
sides of the survey area were bounded by ridges, the western side was bounded by
Laoshanzhai, and the eastern side was bounded by the Wuyue Reservoir, and the survey
area covered approximately 70 km2. The survey included 349 wells, 225 ponds, and
6 reservoirs. After the survey data were summarized, collated, and analyzed, the regional
water level contour map was drawn with the Surfer software package (Figure 4). The
results from the hydrogeological investigation and borehole exposure showed that the
groundwater types in the engineering area were controlled by the characteristics of the
stratigraphic lithology and geological structure. There were two main types of groundwater
in the engineering area, namely bedrock fissure water and phreatic pore water in the upper
soil. There was also a small amount of fissure-confined water in the deeply weathered rock
mass or in thicker parts of the Quaternary system.

Figure 5 shows the groundwater level along the A–A’ transect (Figure 4), the elevation
information of the area, and the location and elevation of the tailwater tunnel section.

2.3.2. Seepage Field in the Engineering Area

The results of the regional hydrogeological survey show that the water level in the
survey area decreased gradually from west to east, with maximum and minimum water
levels of 131.7 and 88 m, respectively (Wuyue Reservoir water level). The water level was
at 97 m at the inlet/outlet of the tailwater tunnel, and it increased to 122 m going westward
along the axis of the tailwater tunnel (Figure 5). The water level was higher on the western
side of the tailwater tunnel than on the eastern side, and the water level on the northern
side of the axis of the tunnel was higher than on the southern side (Figure 4). In Figure 5,
curve BB’ refers to the topographic elevation change along the tailwater tunnel, and the
geological structure and fault distribution in the curve BB’ section are shown in Figure 3.
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3. Numerical Calculation
3.1. Selection of Calculation Methods

The groundwater type is controlled by the properties of the stratum lithology and the
geological structure. There are two main types of groundwater in the engineering area,
namely bedrock fissure water and pore water in the overlying soil.

The pore water that exists in the slope deposits and residues is mainly distributed in
the surface residual slope deposits and alluvial flood deposits with large gullies, and it is
relatively uniformly distributed and well-connected hydraulically. The groundwater in the
whole project area is dominated by the bedrock fissure type. Because of the different causes
and distribution of cracks in the rock mass, there are non-uniform fissures throughout
the bedrock aquifer, and bedrock fissure water develops. Under the combined effects of
seepage and stress, the hydrogeological conditions of the aquifer around the tunnel will
change because of the engineering work, and the seepage channels of the fractured rock
mass will be dredged, meaning the aquifer permeability will increase.

In the three-dimensional seepage analysis, the rock mass is regarded as an equivalent
and continuous anisotropic medium, and seepage is considered to occur mainly in the
rock mass. Fracture medium seepage is commonly studied by the equivalent continuous
medium seepage model and double permeability medium model. Because there were
no data about the distribution of cracks in the engineering area, the double permeability
medium model could not be used, so the equivalent continuous medium seepage model
can be used. Given the engineering geological and hydrogeological conditions of the
tailwater tunnel, the aim of the modeling was to determine the hydrogeological unit
partition, seepage characteristics of each stratum, and the tunnel boundary conditions. The
three-dimensional transient simulation of groundwater seepage in the tailwater tunnel was
determined using the finite element method of the equivalent continuum seepage model.

3.2. Differential Equation of Seepage Analysis

Many researchers [29–31] have studied groundwater seepage in tunnel engineering.
The differential equation that governs three-dimensional seepage in a rock mass is ex-
pressed as:

Basic equation of seepage :
∂
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Steady flow equation :
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and

Unsteady flow equation :
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where H is the total water head; kx, ky, and kz are the permeability coefficients of the x,
y, and z directions, respectively; t is time; Q is the source sink term, which is generally a
function of position and time, and θ is the water content per unit volume.

3.3. Finite Element Analysis of the Three-Dimensional Seepage

In line with the variational principle, the three-dimensional seepage fixed solution
problem is equivalent to solving the extreme value problem of the energy function when
the coordinate axis direction is consistent with the principal seepage direction, namely:

I(H) =
y

Ω

1
2

[
kx

(
∂H
∂x

)2
+ ky

(
∂H
∂y

)2
+ kz

(
∂H
∂z

)2
]

dxdydz−
x

Γ

qHds⇒ min, (4)

where Γ is the boundary of the seepage zone.
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In the process of groundwater seepage in the fractured rock mass, the seepage satisfies
the continuity equation, the mass conservation equation, the initial conditions (Formula (5)),
and the boundary conditions (Formula (6)).

H(x, y, z, t) = H0(x, y, z, t0) x, y, z 3 D (5)

H(x, y, z, t) = ϕ(x, y, z, t) x, y, z 3 Γ (6)

where D is the seepage zone, and ϕ is the known function of the water head boundary.
Using the finite element method to analyze the seepage field is the same as solving

the extreme of the energy function, and the initial seepage field is inversed by the steady
state analysis as the boundary head condition of the transient analysis. The seepage field in
the engineering area is discretized, and then the subregions are superimposed. Assuming
that the interpolation function is zero, the finite element equation for solving the seepage
field is:

Steady− state analysis : [K]{H} = {F}, (7)

and
Transient analysis : ∆t([K] + [M]){H1} = ∆t{Q1}+ [M]{H0}, (8)

where [K] is the overall penetration matrix, {H} is the node head array, {F} is the flow
matrix, ∆t is the time increment, {H0} is the water head at the beginning of the time
increment, and {H1} is the water head at the end of the time increment.

In this study, the above equations were solved using finite element software, the
natural seepage field was inverted by the steady state analysis equation, and the variations
in the seepage fields for the different seepage control design schemes were analyzed with
the transient analysis equation.

4. Three-Dimensional Transient Seepage of the Hydrogeological Models
4.1. Inversion Model

The distribution of the fracture network in the rock mass is chaotic. The question
of how the fracture network should be reflected correctly in the calculation model is
the most difficult problem when studying the seepage fields of fractured rock masses.
Here, the inversion method was used to solve this problem. The permeability coefficient
of each hydrogeological unit in the engineering area was deduced backward with the
three-dimensional model from the conditions provided by the field geological exploration,
borehole pressure water test, and the hydrogeological survey.

The boundary conditions of the model were determined using the hydrogeological
survey data, and the borehole water pressure test value was used as the initial value of the
permeability coefficient of the model. The regional natural seepage field was simulated, and
ten representative water levels were selected and compared with the measured values of
the water level of the seepage field. The permeability of the hydrogeological unit partition
was adjusted, and the hydrogeological model that met the engineering requirements
was established.

Structural planes, such as cross-connected or penetrating faults and fractures, may
have roles as seepage channels in underground seepage. These discontinuous structural
planes must be accurately reflected in the model in a practical engineering application
before the calculation results of the model are used to guide engineering practice. To meet
the scientific and engineering requirements of the numerical model, the model simulation
was based on 1,003,384 discrete elements from the groundwater seepage system across the
whole region (Figure 6) and included an area of 70 km2. From the borehole water pressure
test data and weathering zoning, the calculation area was divided into four layers in the
vertical direction, and the bottom boundary was a slightly weathered rock mass, which
was assumed to be an impervious boundary.
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The permeability coefficient, k, is very important for seepage field analysis [32–34].
Based on the lithology distribution and the permeability coefficients of the engineering
area, the model was divided into 6 parameter regions (Figure 7), in which the numbers
1–6 represent different hydrogeological partitions. Using the lithological characteristics
of the engineering area, the field drilling water pressure test was carried out, and the
permeability coefficient of each partition was calculated with the Babushkin formula. As
the initial parameters of the model inversion, the inversion results were compared with
ten monitoring points in the natural seepage field and the permeability coefficient of each
partition was corrected (Table 2).
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Table 2. Permeability coefficient of each layer.

Partition Number
The Permeability Coefficient of Principal Axis Direction (m/d)

kxx kyy kzz

1 0.0232 0.0232 0.0232
2 2.592 × 10−7 2.592 × 10−7 2.592 × 10−7

3 72.0576 72.0576 72.0576
4 8.64 × 10−6 8.64 × 10−6 8.64 × 10−6

5 8.64 × 10−6 8.64 × 10−6 8.64 × 10−6

6 0.0415 0.0415 0.0415

4.2. Validation of the Inversion Model

The natural seepage field and the simulated seepage field are shown in Figure 8. The
numerical model was verified using ten identical monitoring points from Figure 8a,b that
covered the water level values of features such as the engineering area, Wuyue Reservoir,
and Laoshanzhai.
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Figure 8. Comparison of (a) the natural seepage field and (b) the simulated seepage field.

The measured and calculated water levels of the monitoring points are shown in
Figure 9a. The simulated water level was roughly consistent with the field-measured water
level, and the average error of the simulated calculated water level was 1.98%.

Based on the rationality of the model parameter inversion, two seepage control
schemes, namely normal seepage conditions and limited seepage conditions, were designed.
The normal seepage conditions included five different transient flows, with transient flows
of (1) 0–200 m3/d, (2) 0–400 m3/d, (3) 0–600 m3/d, (4) 0–800 m3/d, and (5) 0–1000 m3/d.
The limiting seepage conditions included three transient flows, with transient flows of (6)
0–2000 m3/d, (7) 0–4000 m3/d, and (8) 0–5000 m3/d.

Three long observation holes, ZK01, ZK02, and ZK03, were set up on both sides of the
tunnel axis in the project area to collect real-time, accurate information about the changes in
the groundwater flow fields in the project area for a period of 2 years (Figure 4). Water level
sensors (Figure 10) were installed to transmit the monitoring data in real-time and send
out alarm information in time. The water levels of the natural flow fields of ZK01, ZK02,
and ZK03 and the calculated water levels for the five seepage control design schemes are
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shown in Figure 10. This graph shows that the water level changes in the long observation
holes fitted closely with seepage control design scheme 1.
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Figure 9. Comparison of the measured water level and the calculated water level. ((a) is comparison
of measured and calculated groundwater flow field values, (b) is comparison of measured and
calculated water level in long-term observation hole). (c) is comparison of measured and calculated
water level in long—term observation hole ZK02, (d) is comparison of measured and calculated water
level in long—term observation hole ZK03).
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Figure 10. Water level changes in the long observation holes under different transient flows.

The variations in the water levels monitored in the long observation holes and calcu-
lated by the inversion model for seepage control design scheme 1 are shown in Figure 9b–d.
Borehole ZK01 had a water level of 103.94 m and a simulated water level of 104.33 m, mean-
ing a difference of 0.39 m. Borehole ZK02 had a water level of 105.88 m and a simulated
water level of 106.22 m, meaning a difference of 0.34 m. Borehole ZK03 had a water level
of 115.43 m and a simulated water level of 115.44 m, meaning a difference of 0.01 m. The
average error between the simulated water level values and the sensor data was 0.16%,
which shows that the model was satisfactory. The seepage parameters given by the inverted
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model were reasonable, and the values calculated for the three-dimensional seepage field
model were reliable and suitable for use to simulate and predict the groundwater flow
field in the engineering area. The numerical simulations can be used to quantify the varia-
tions in the seepage field and predict the water levels for a future phase of the tailwater
tunnel construction.

4.3. Transient Seepage Analysis

Assuming that the inverted model produced results that were practical for the engi-
neering, the hydrogeological model was used to predict the influence of normal seepage
conditions on the changes in the groundwater seepage field during the excavation of the
tailwater tunnel using a three-dimensional transient numerical simulation. The range of
the influence of the tunnel excavation on groundwater was analyzed qualitatively, and the
distance over which there were changes in the pore water pressure head because of the
tunnel excavation was quantified and analyzed.

The depleted well points where the villagers were experiencing drinking water short-
ages were added to the model and simulated. Well points SJ96, SJ141, SJ146, and SJ202
were included in this analysis. Information on the distance between the well points and
the axis of the tailwater tunnel is given in Table 3. For each of these wells, the patterns and
changes in the water levels for the five seepage control schemes were analyzed.

Table 3. Drained civilian Wells.

Well
Number Location Distance from

Tunnel Axis (m)
Wellhead

Elevation (m) Depth of Well (m)

SJ96 Yangshuwan Village, south of the tunnel 750 113.0937 6.9
SJ97 Yangshuwan Village, south of the tunnel 790 110.3317 7.9

SJ141 Qiandawan village, south of the tunnel 101 114.6467 15
SJ142 Qiandawan village, south of the tunnel 105 115.8357 11
SJ146 Tulou Village, south of the tunnel 1150 111.4187 8.8
SJ202 Yangmingao village, north of the tunnel 1000 125.3427 7

The variations in the water level at well points SJ96, SJ141, SJ146, and SJ202 for the five
seepage control schemes are shown in Figure 11. As shown in Figure 11a, the groundwater
levels in well points SJ96, SJ146, and SJ202 were 0.054, 0.039, and 0.025 m, respectively.
Figure 11 also shows that the groundwater levels were affected by the excavation of the
tunnel, and the levels decreased as the distance from the tunnel site increased, and the
rate of the decrease in the water level slowed as the distance from the tunnel increased.
Figure 11a,c,e,g,i show that the water level decreased as the maximum transient flow
increased. The water levels in well point SJ202 decreased by 0.025, 0.029, 0.031, 0.032, and
0.034 m for the five seepage control schemes.
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Figure 11. Changes in the water level for the different water inflow conditions. ((a) and (b) are
changes in water level of the maximum water inflow of 200 m3/d, (c) and (d) are the variation of
water level for the maximum water inflow of 400 m3/d, (e) and (f) are the changes in water level
when the maximum inflow is 600 m3/d, (g) and (h) are the changes of water level when the maximum
water inflow is 800 m3/d, (i) and (j) are the changes of water level when the maximum water inflow
is 1000 m3/d).
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The water level in well point SJ141 first decreased and then increased as the tunnel
excavation progressed, as shown in Figure 11b. Because of the excavation of the tunnel,
a water inrush channel formed, the groundwater circulation system was disrupted, the
groundwater seepage to the tunnel accumulated at a certain distance from the tunnel
excavation, and the water level of the well point SJ141 decreased. As the distance from the
tunnel excavation increased, the water inflow also increased, and the area of groundwater
affected also increased. There was a large range in the distance of the groundwater seepage
flows at places close to the tunnel (such as well point SJ141), resulting in temporary increases
in the water level at well point SJ141. Across the whole process, the water level at well
point SJ141 dropped by a maximum of 0.861 m.

As shown in Figure 11b,d,f,h,j, when the maximum water inflow of the tunnel in-
creased from 200 m3/d to 400, 600, 800, and 1000 m3/d in turn, the water level in well
point SJ141 first decreased and then gradually started to increase (Figure 11b) and then
decreased slowly (Figure 11j). When the tunnel water inflow increased to a certain level,
there was not enough groundwater in the immediate area to quickly supplement the head
loss at well point SJ141, which then caused the water level of well point SJ141 to decrease
slowly. The maximum water level decreases at well point SJ141 were 0.861, 0.894, 0.927,
0.959, and 1.028 m (Figure 11b,d,f,h,j).

The variations in the groundwater seepage field within 200 (S200), 300 (S300), and
400 m (S400) from the tunnel axis for the five seepage control schemes were simulated to
provide qualitative information on how groundwater was impacted at different distances
from the tunnel excavation. As shown in Figure 12, the excavation of the tunnel strongly
influenced the groundwater seepage field at S200 and S300. When the maximum water
inflow was 200 m3/d, the water levels at S200 and S300 decreased by 0.070 and 0.024 m,
respectively. As the water inflow increased, the decreases in the water levels were greater.
When the water inflow reached 1000 m3/d, the water levels at S200 and S300 decreased by
0.459 and 0.241 m, respectively. The groundwater level at S500 was only slightly affected
by the excavation of the tunnel, as it was far from the tunnel axis. When the water inflow
reached 1000 m3/d, the water level only decreased by 0.061 m.
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Figure 12. Variations in the water level at different distances under normal seepage conditions. ((a) is
change of water level at 200m from the axis of the tunnel, (b) is change of water level at 300m from
the axis of the tunnel, (c) is change of water level at 500m from the axis of the tunnel).

4.4. The Extent of the Influence on the Seepage Field

As the tunnel excavation progressed, the water inflow to the tunnel gradually in-
creased. The maximum water inflow in the simulations was increased to 2000, 4000, and
5000 m3/d, respectively, to gain information that could be used to help prevent accidents
and avoid any risks from water inflow accidents during the tunnel construction. The
distance to which the tunnel excavation affected the groundwater was qualitatively an-
alyzed, the changes in the pore water pressure head caused by the tunnel excavation by
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distance were quantitatively assessed, and a formula was derived to quantify the distance
of the influence.

The variations in the groundwater seepage field were simulated at 101 (SJ141), 200
(S200), 300 (S300), and 400 m (S400) from the tunnel axis under limiting seepage conditions.
As shown in Figure 13, it can be seen that, for the three transient inflows, the water level at
SJ141 fluctuated most and first increased and then decreased sharply. Because of the large
water inflow, the groundwater flows to the tunnel affected a large area. As the water inflow
channel continued to increase, the water inflow also continued to increase, thereby causing
the water level at SJ141 to decrease sharply. For a maximum water inflow of 5000 m3/d, the
maximum water level at SJ141 was 3.842 m. There is a chance that engineering accidents
may occur when a seepage channel forms and the water inflow increases; for example, the
rock surrounding the tunnel could decrease, or the top of the tunnel could collapse. To
account for these possible scenarios, scenarios for water inflows of more than 800 m3/d
were simulated and quantified.
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Figure 13. Variations in the water level at different distances under limiting seepage conditions. ((a) is
change in water level of the maximum water inflow of 2000 m3/d, (b) is change in water level of the
maximum water inflow of 4000 m3/d, (c) is change in water level of the maximum water inflow of
5000 m3/d).

Given the potential influence of water inflows greater than 800 m3/d on the project,
the range of the influence of the tunnel excavation on groundwater was determined from
the data from the inversion model, and a formula for calculating the range of the influence
under different water inflows was derived. As shown in Figures 14 and 15, as the tunnel
excavation progressed, the groundwater gradually decreased. When the maximum water
inflow was 1000 m3/d, the water level at a distance of 100 m from the tunnel axis decreased
by 0.956 m. For a maximum water inflow of 5000 m3/d, the water level at 200 m from the
tunnel axis decreased by 1.604 m. Figures 14 and 15 also show that the pore pressure head
gradually decreased until it stabilized as the distance from the axis of the tunnel increased,
meaning that it was not affected by the tunnel excavation.

The formula for calculating the range of the influence of the tunnel excavation on the
groundwater can be uniformly expressed as:

h = a x2 + bx + c

where x is the distance from hole axis, m, and h is the pore pressure head, m. When h is 0,
the pore pressure water is not affected by the tunnel excavation, and x is the linear distance
to which the pore pressure water is affected by the tunnel excavation.

Regression analysis based on the least squares method was applied to the calculated
data from the inverted model, and a formula was derived to show the range of the influence
of the tunnel excavation on the groundwater, as shown in Table 4.

88



Appl. Sci. 2023, 13, 5196

Appl. Sci. 2023, 13, x FOR PEER REVIEW 17 of 21 
 

 

Figure 13. Variations in the water level at different distances under limiting seepage conditions. (a) 

is change in water level of the maximum water inflow of 2000 m³/d, (b) is change in water level of 

the maximum water inflow of 4000 m³/d, (c) is change in water level of the maximum water inflow 

of 5000 m³/d) 

Given the potential influence of water inflows greater than 800 m³/d on the project, 

the range of the influence of the tunnel excavation on groundwater was determined from 

the data from the inversion model, and a formula for calculating the range of the influ-

ence under different water inflows was derived. As shown in Figures 14 and 15, as the 

tunnel excavation progressed, the groundwater gradually decreased. When the maxi-

mum water inflow was 1000 m3/d, the water level at a distance of 100 m from the tunnel 

axis decreased by 0.956 m. For a maximum water inflow of 5000 m3/d, the water level at 

200 m from the tunnel axis decreased by 1.604 m. Figures 14 and 15 also show that the 

pore pressure head gradually decreased until it stabilized as the distance from the axis of 

the tunnel increased, meaning that it was not affected by the tunnel excavation. 

 

Figure 14. Variations in the water level under normal seepage conditions. (a) is change in water 

level of the maximum water inflow of 800 m³/d, (b) is change in water level of the maximum water 

inflow of 1000 m³/d) 

0％ 20％ 40％ 60％ 80％ 100％

−4

−3

−2

−1

0

1

0％ 20％ 40％ 60％ 80％ 100％

−4

−3

−2

−1

0

1

0％ 20％ 40％ 60％ 80％ 100％

−4

−3

−2

−1

0

1

（c）（a） （b）

Transient flow of 0～5000m³/dTransient flow of 0～4000m³/dTransient flow of 0～2000m³/d

W
at

er
 h

ea
d

 o
f 

p
o

re
 p

re
ss

u
re
（

m
）

 SJ141

 S200

 S300

 S500

Excavation progress of tailwater tunnel

0 100 200 300 400 500 600 700 800 900 1000 1100
−1.5

−1.0

−0.5

0.0

0.5

1.0

0 100 200 300 400 500 600 700 800 900 1000 1100
−1.5

−1.0

−0.5

0.0

0.5

1.0

 9% excavation progress of tailwater tunnel

 45% excavation progress of tailwater tunnel

 90% excavation progress of tailwater tunnel

Transient flow of 0~800m³/d

Transient flow of 0~1000m³/d

W
at

er
 h

ea
d
 o

f 
p
o
re

 p
re

ss
u
re
（

m
）

Distance from tunnel axis（m）

（a）

（b）

Figure 14. Variations in the water level under normal seepage conditions. ((a) is change in water
level of the maximum water inflow of 800 m3/d, (b) is change in water level of the maximum water
inflow of 1000 m3/d).
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Figure 15. Variations in the water level under limiting seepage conditions. ((a) is change in water
level of the maximum water inflow of 2000 m3/d, (b) is change in water level of the maximum water
inflow of 4000 m3/d, (c) is change in water level of the maximum water inflow of 5000 m3/d).
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Table 4. Fitting formula of the range to which groundwater was influenced.

Maximum Inflow (m3/d)
Fitting Formula of

Groundwater Influence Area R2

800 h = −1.618× 10−6x2 +
0.00234x− 0.798

0.9338

1000 h = −2.313× 10−6x2 +
0.00336x− 1.141

0.9193

2000 h = −1.228× 10−6x2 +
0.00243x− 1.060

0.9948

4000 h = −2.653× 10−6x2 +
0.00495x− 2.157

0.9945

5000 h = −3.305× 10−6x2 +
0.00608x− 2.643

0.9943

5. Discussion

This study was initially designed to explore why drinking water had become depleted
close to a construction site. The research area was defined by the extent of the initial
hydrogeological survey. Field and laboratory experiments were carried out, and the
results were combined to produce parameters such as the elastic modulus, Poisson’s
ratio, cohesion, the friction angle, and the permeability coefficient. A three-dimensional
hydrogeological model was established from coordinates measured in three dimensions. A
three-dimensional inversion method was used to verify the reliability of the model with
natural seepage fields and high values for pore water. The distance to which groundwater
was affected by increases in the water inflow in the tailwater tunnel was then predicted.
Based on the patterns of change in the simulated water level, the least squares method was
used for data fitting, and a formula was proposed for calculating the distance and extent to
which groundwater was influenced for a range of water inflow scenarios.

Groundwater flow field: the average error of simulated water level is 1.98%; Long-
term monitoring of water level: the average error of simulated water level is 0.16%. In
this study, the impact of the tailwater tunnel excavation on groundwater was quantified.
This represents the first step of the research. Further studies will explore the feasibility of
using different methods for excavating the tunnel, and results from time–frequency domain
analysis of the vibration effects and vibration energy will be combined to improve the
accuracy of current knowledge about the degree and distance to which tunnel excavation
might impact human settlements. These studies should contribute to achieving the goal of
cleaner production, thereby achieving the goal of peak carbon and carbon neutrality.

6. Conclusions

In this study, a regional hydrogeological model was established by inverting the
parameters of the natural flow field of a region. The model was then used to numerically
simulate the distribution and variations in seepage fields that formed during the tunnel
excavation under normal seepage conditions and limiting seepage conditions. The model
was validated, and error analysis showed that the approach was suitable. The results for
the two seepage conditions were compared to understand the range of the influence on
the groundwater flow, and a formula was proposed to calculate the distance and degree to
which groundwater was affected by the tunnel excavation.

The main conclusions of this study are as follows.
(1) The project is located in a mountainous area with complex topography, so it is

impossible to analyze or assess the geology and hydrogeology of the whole study area.
Here, from a field investigation, in situ tests, laboratory tests, and numerical simulations, an
inverted model was established and verified, and simulations were produced to facilitate
a study of how the tunnel excavation influenced groundwater in the area. This novel
approach could be used for further studies of seepage fields in hydraulic tunnels.
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(2) To understand the depletion of domestic wells and to determine what caused the
seepage in the regional flow field, the changes in the water level at different well points
were quantified. The results showed that after the tailwater tunnel was excavated, the
groundwater levels in well points SJ96, SJ146, and SJ202 dropped to 0.054, 0.039, and
0.025 m, respectively.

(3) The distance to which the tunnel construction affected the groundwater was
then quantified. From these results, the variations in the groundwater flow field in the
engineering area for different water inflow scenarios were simulated. The results showed
that, for water inflows of 200, 400, 600, 800, and 1000 m3/d, the water level of SJ141 dropped
by 0.861, 0.894, 0.927, 0.959, and 1.028 m, respectively, and the water level of well point
SJ202 decreased by 0.025, 0.029, 0.031, 0.032, and 0.034 m, respectively.

(4) The influence of limiting seepage conditions on the seepage field at different
distances in the engineering area was then analyzed, and a formula was derived for
calculating the distance to which groundwater was affected for a range of different water
inflows. A ‘smart site’ was established using the simulation outputs and real-time water
level data from the three observation holes, ZK01, ZK02, and ZK03, to provide visual
information and support the project management.

(5) In following studies, data for the vibration effects of tunnel drilling and blasting
will be combined with time–frequency domain analysis to obtain improved information
about the degree and distance to which the tunnel excavation affects human settlements.
Further studies will also contribute to achieving a goal of cleaner production, which will
then help to realize the goal of peak carbon and carbon neutrality.
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Abstract: Capillary rise tests were conducted on soil columns containing of three layers of sandy
soils with coarser over finer over coarser sandy soil to investigate the effect of the relatively finer soil
interlayer. The capillary rise height, rate, and water distribution were observed in laboratory tests of
four layered soil columns, with two homogeneous (without the interlayer) soil columns serving as
the controls. The final maximum height of the capillary rise in the soil column with the interlayer was
larger than that of the column without the interlayer when the interlayer was laid around the water
entry value of the underlying soil. The water content was not continuous in the entire soil profile
with the interlayer, and a small matric suction gap was observed in the relatively fine soil between
the soil column with and without the interlayer.

Keywords: unsaturated soil; capillary rise; layered soil; water entry value

1. Introduction

The capillary rise of water is an important phenomenon, as it can enhance the soil
freezing, thawing, and settlements of buildings. It can also cause damage to both concrete
and steel if the water contains erosive ions, or influences the water balance and management
in irrigated areas with shallow groundwater tables [1] To evaluate the water capillarity of
the soil, the maximum capillary height, the water content profile, and the rate of capillary
rise are the three keys. Hird and Bolton [2] used the column test, which controlled the
relative air humidity above sample surface and the temperature of the entire sample, to
discuss the capillary height. Polansky and Kaya [3] proposed a model to predict the overall
behavior of the capillary rise dynamics in a heated capillary tube. Liu et al. [4] proposed
a new theoretical solution for quick and easy estimation of the maximum height of the
capillary rise in homogeneous soil. However, the soil deposit is usually layered. Soil texture
has a decisive effect on the hydraulic properties of soil, such as unsaturated hydraulic
conductivities (k(h)), soil water retention curve (SWRC), field capacity, air entry value,
and capillary rise height and rate [5]. Typically, the finer the soil texture is, the greater
the porosity, the water retention capacity, and the maximum capillary height, but the
permeability and the capillary rise rate are slower. the capillary rise height can also be
influenced by the concentration of iron in the water [6,7] and the thermal conductivity [8].

Layering in the soil can affect both the downward infiltration and the upward capillary
rise. Vertical infiltration in layered soils has been studied by many researchers [9–11]. All
of these studies have reported that the infiltration in layered soils is complex because of the
high nonlinearity of SWRC, hydraulic conductivity, various boundary and initial condi-
tions, the textural contrast, and the hysteresis of SWRC, which increases the complexity
further [12]. Compared with extensive research on the infiltration, the related reports about
capillary rise in layered soils are relatively less, particularly on the water capillary rise
process without evaporation. In a study of the capillary height in layered soil, the steady
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state capillary rise was strongly influenced by the depth of the water table, and soil with
a finer layer overlying a coarser layer, a linear relationship was observed between the
thickness of the coarser layer and the critical groundwater depth, below which capillary
water could not enter into the upper finer layer [13]. In a study of the water content profile,
Shokri et al. [14] demonstrated that a capillary pressure jump caused by the air invading
the interface between the finer and the coarser layers, and that will significantly modify the
water distribution as compared to the homogeneous soil profile.

In the present study, laboratory column tests and numerical simulations were used
to investigate the characteristics of the water capillary rise in layered soils. The results
show that the soil suctions on the two sides of the interface, where is higher than the
maximum capillary rise height of the coarser soil, are not same when water flow reaches
the hydrostatic equilibrium condition.

2. Experiments
2.1. Material Properties

In this study, two types of commercially available sandy soil, called k-7 and k-8, were
used. The grain size distributions for the two soils are shown in Figure 1. According to
the standard (Japanese Geotechnical Society 0131 [15]), the k-7 soil is a sand (S-F) with
a fine fraction (<0.075 mm) of around 10%, and the k-8 soil is a fine sand (SF), if British
standard (EN ISO 14688-2 [16]) is applied, the k-7 soil can be classified as even-graded
sand, and k-8 soil is a medium-graded sandy silt. The k-7 soil, and the k-8 soil have specific
gravities of 2.67 and 2.69, respectively. Saturated hydraulic conductivity tests [17] were
conducted on the k-7 soil by using the constant-head method and on the k-8 soil with the
falling-head method. In constant-head test setup, the water supply at the inlet was adjusted
to make the difference of head between the inlet and outlet remains constant during the
test procedure. While in falling-head test setup, water from a standpipe flows through the
soil and the water head varies with time. The saturated hydraulic conductivity of both soils
was determined using the arithmetic mean of three tests at a dry density of 1.58 g/cm3.
The k-7 soil had a saturated hydraulic conductivity of 1.5 × 10−3 cm/s, and the value of
the k-8 soil was 2.2 × 10−5 cm/s.
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The soil water retention data of the soils were obtained during the wetting (sorption)
process by using the two homogeneous soil columns, and then, the data points were fit to
the van Genuchten model [18] by using the retention curve software (RETC [19]) to obtain
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the soil water retention curves (Figure 2a). The volumetric water content, θ, and the suction
head, h, were related as follows:

θ = θr +
(θs − θr)[

1 + (αh)n]m (1)

where θs and θr indicate the saturated and the residual values of the volumetric water
content, respectively. α, m, and n are the fitting parameters. The hydrologic parameters are
given in Table 1. By adopting the hydraulic conductivity model proposed by Mualem [20],
we predicted the hydraulic conductivity of a soil as a function of either the volumetric
water content or the suction head by using these fitting parameters and the saturated
hydraulic conductivity, ksat. When the pore-connectivity parameter, l, was approximately
0.5 for many soils as originally proposed by Mualem [20], in terms of the suction head, the
unsaturated hydraulic conductivity could be expressed as follows:

k(h) = ksat

{
1 − (αh)nm[1 + (αh)n]−m

}2

[
1 + (αh)n]m

2
(2)
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Figure 2. (a) Soil water retention curves (main wetting), and (b) unsaturated hydraulic conductivity
curves for the k-7 and k-8 soils.

Table 1. Parameters applicable to the main wetting curve.

Soil θs θr α (cm−−−1) n l

k-7 0.408 0 0.016 3.420 2.1
k-8 0.420 0.001 0.005 1.929 1

This equation cannot be solved unless the value of m − 1 + 1/n is an integer. The
simplest case is for the value of 0, which leads to m = 1 − 1/n. Under this limit, the
unsaturated hydraulic conductivities as a function of the suction head following a wetting
path are as given in Figure 2b.

The soil water retention data were measured by gravimetric sampling (Figure 2a).
As shown in the Figure 2a, under the same suction, the k-8 soil has a larger volumetric
water content than that of the k-7 soil, which means thar the k-8 soil has the higher water
retention capacity. The air entry value of the k-7 soil is about 30 kPa, for the k-8 soil, the
value is about 100 kPa, at same time under this suction, the k-7 soil is nearly residual
condition. As shown in the Figure 2b, the saturated hydraulic conductivity of the k-7 soil
is 100 times over that of the k-8 soil; however, the value decays quickly. Conversely, the
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hydraulic conductivity of the k-8 soil decrease slowly, therefore, the two curves intersect at
the point where the suction is around 100 kPa.

2.2. Capillary Rise Experiments

The capillary rise experiments were conducted in the plexiglass column (Figure 3).
Each column was composed with the same unit; the inner diameter and height were
100 mm and 200 mm, respectively, except at the position of the holes, where the time
domain reflectometry (TDR) sensors were inserted. A rubber O-ring was placed in the
groove, and the column units were connected to each other by bolts. The soils were first
oven dried at 105 ◦C for 24 h (2017) and then placed into the columns. The soils were
densified by vibration with a rubber hammer to achieve the target dry density of 1.58 g/cm3

for both the k-7 soil and the k-8 soil. As shown in Figure 4, four layered soil cases were
set up. A porous stone was placed at the bottom of the columns, and a lip with a 5-mm-
diameter hole was fixed on the top of the columns. A constant 2-cm positive water head
was maintained at the bottom of the columns during the entire test procedure. Each layered
case adopted the stratified structure as a sandwich with a 20-cm-thick middle layer of the
k-8 soil and a layer of the k-7 soil on the other two sides. The difference among these cases
was the height where the k-8 soil was laid; the k-8 soil layer was laid from 20 cm, 60 cm,
100 cm, and 120 cm in columns A, B, C, and D, respectively. Twelve water content sensors
(TDR (EC-5, Decagon Co., Ltd., Pullman, WA, USA)) were installed in each column. Two
other homogeneous soil columns were set up as the controls by using the same preparation
procedure as that of the other four columns. The height of the homogeneous k-7 soil column
was 2 m and that for the homogeneous k-8 soil column was 3 m at first. However, the
capillary water reached the top surface of the soil profile. To avoid the effect of evaporation,
the homogeneous k-8 column was tested for the second time, and the height was 4 m. The
data were automatically obtained by the data logger every 5 min. After 240 days, the final
water contents were directly measured by disassembling the column and oven method
along the center of the columns at the height where the TDR sensors were installed.
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3. Numerical Simulation

The software Hydrus (2D/3D) [21] was used in this study. Based on the Richards
equation [22], the numerical model was established following the experimental work,
as described above. The upper boundary was set as the atmospheric condition without
evaporation. The lower boundary was assigned to the condition of constant saturated
water content. The entire finite element method (FEM) mesh was discretized uniformly
except for the interface of the two soils, where a mesh refinement was added. The initial
volumetric water content of the FEM column was set to 0.003, which was a little larger than
the residual water content of both the soils. Next, 12 observation points were added to each
FEM unit, at different elevations that were the same as the location of the TDR sensors in
the physical model.

4. Results and Discussions

In all of the columns, the capillary water increased gradually with time (Figure 5a).
The capillary water entered the finer interlayer (k-8 soil in this case) if it was laid lower
than the maximum capillary height of the underlying coarser soil. The highest maximum
capillary height, 153 cm, which was higher than the maximum capillary height of the
homogeneous k-7 soil, was obtained in column D. However, in the other three columns,
the maximum capillary height was the same as that of the homogeneous k-7 soil column.
Therefore, once the water flowed into the finer soil, whether the maximum capillary height
of layered soil was higher than that of the homogeneous soil depended on the height
where the finer layer was laid. If the sum of the finer layer thickness and the coarser layer
thickness (distance from the water level) was less than the maximum capillary height of
the coarser layer, the maximum capillary height of layered soil was equal to that of the
homogeneous coarser soil; otherwise, the former was larger.

The rate of capillary rise was different and not constant for each case. The capillary rate
showed a power function relationship to the elapsed time; the corresponding regression
equation is shown in Figure 5b. The tendency of the capillary rise rate in all of the layered
cases was similar, which might be attributed to the fact that the thickness of the finer layer
(20 cm) occupied a small portion of the total layered soil height, except in the case of column
A. For column A, the finer soil layer was laid at a low position near the water level; it
limited the water flow velocity because of its own lower hydraulic conductivity compared
with that of the coarser soil in the same suction value.
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Figure 5. Comparison of the capillary rise height (a) and the rate (b) between the layered soil profile
and the homogeneous soil profile.

Figure 6 shows the volumetric water content profiles of all of the six columns. The two
solid curves are the water content profiles of the homogeneous k-7 and k-8 soil column, and
the results of the other four layered cases are drawn as scatter plots. The water content value
of the k-7 soil at the height greater than the maximum capillary height of the homogeneous
k-7 soil was approximately equal to the residual water content. The water could be stored
in the finer interlayer, and the amount of water was larger than that of the k-7 soil at the
same height, but lower than that of the homogeneous k-8 soil at the same height. This
result indicated a “gap” of the water content or suction between the interlayer k-8 soil and
the homogeneous k-8 soil. According to the common view, the suction at the interface
should be equal at two sides, therefore the water content at the two sides should be equal
to the value of the homogeneous soil column at the height when the water flows reach at
hydrostatic equilibrium condition. In other words, based on the observed water content,
the suction of the layered soil might not be continuous because of the interface between the
two types of soils due to the very different between the air entry values of the two kinds
of soils.
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240 days.

As shown in Figure 7, generally, at most of the observed points, the numerical results
were consistent with the test results. However, the simulated results of the finer soil layer
(k-8 layer) were lower than that of the test results (Figure 7b). This implied that even if the
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parameters in the simulation were same, it was difficult to ensure that the simulated results
were consistent in all of the test cases. The effect of the interface played an important role
in determining the characteristics of the water flow. Figure 7b shows that the measured
volumetric water content increased with elapsed time. However, at observation point No. 4
(53 cm above the water level), the curve was not like the other observed results, which
showed smooth increases; there was an obvious “slow down” process. The process started
just before the water arrived at the adjacent higher observation point (No. 5, 63 cm above
the water level) and ended when the volumetric water content of observation point No. 5
became steady. This result revealed that when the wetting front went through the interface
between the coarser and the finer soil layer, the limit water from the lower section gave
priority to the finer soil.
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Figure 7. Comparison of the water content distribution in the layered soil profiles obtained by the
test and the numerical simulation.

5. Conclusions

A series of capillary rise tests were conducted on soil columns of sand over fine sand
over sand to investigate the effect of a relatively fine interlayer. In the layered soil, the
water dynamics were affected not only by the interlayer properties and the thickness of the
layers, but also by their spatial configuration. The soil water potential and the soil water
distributions at equilibrium in the layered soil profile when the capillary water crossed the
interlayer were different from those of the homogeneous soil column. The results showed
that the water content was not continuous in the entire soil profile, and there were jumps
at the coarser–finer soil and finer–coarser soil interfaces. The distribution of the matric
suctions (calculated from the soil water retention curves) in this layered soil was similar
to a profile without layering, but not the same. There was a small gap between these two
wherever the finer layer in the middle was laid.

In the research work, the surface characteristics of soil particle such as the hydropho-
bicity was not taken into consideration. According to one of the reviewer’s oping, the
oven method can cause the possibility of hydrophobicity of the soil; however, the extent
of the hydrophobicity should be studied in the further research. Although the column
experiments had been conducted twice, only the successful case was presented in the paper,
the other was failed due to the underestimation of the maximum capillary height of the
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homogeneous k-8 soil. In engineering practice, using the coarser layer over finer layer can
cut off the capillary water, which may take the salt rise to higher position in soil layer and
cause the corrosion of concrete.
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Abstract: Because of the current situation where the stability research of filled-slope reinforced by a
frame with prestressed anchor-plates lags behind the actual engineering application, based on the
ultimate balance theory, the calculation formulas of stability factor under the four arc slip surface of
filled-slopes reinforced by a frame with prestressed anchor-plates are derived by using the improved
Bishop method; the corresponding search method of the most dangerous slip surface is given and the
calculation formulas of the pullout force of anchor-plates are improved. Based on two examples, the
stability results calculated by the proposed algorithm are compared with those calculated by PLAXIS
3D and GeoStudio 2012 finite element software, and the following conclusions are drawn. (1) The
improved pullout force of anchor-plates takes into account the friction of the front and rear surface of
the anchor-plate and the effect of cohesion of fill soil in the passive earth pressure on the front end of
the anchor-plate, which makes the force of the anchor-plate more complete. (2) The stability factor of
example 1 calculated by this method differs from the results simulated by PLAXIS 3D and GeoStudio
2012 by 4.6% and 7.1%, respectively; the stability factor of example 2 calculated by this method differs
from the results simulated by PLAXIS3D and GeoStudio 2012 by 3.2% and 4.5%, respectively, which
can meet the engineering requirements. (3) The stability analysis method of filled-slope reinforced by
a frame with prestressed anchor-plates that is proposed is reasonable and suitable for any arc slip
surface in the filled-slope reinforced by a frame with prestressed anchor-plates, and it provides some
guiding values for the design of practical engineering.

Keywords: filled-slope; static action; frame with prestressed anchor-plates; stability

1. Introduction

In recent years, a large number of cut slopes and filled-slopes have often been pro-
duced in the process of urbanization construction. In order to prevent the occurrence of
landslides, appropriate supporting structures must be adopted to reinforce the slopes [1–6].
In the project, gravity retaining walls [7,8], cantilever retaining walls [9,10], counterfort
retaining walls [11,12] and anchor slab retaining walls [13,14] are generally used to re-
inforce filled-slopes. However, when the slope exceeds 15 m, if the above methods are
used, the reinforcement effect is not ideal, the construction is difficult and the economy is
unreasonable, and then there are some hidden dangers. Technical code for building slope
engineering (GB 50330-2013) [15] stipulates that special designs should be carried out for
soil slopes above 15 m, and effective and reliable strengthening measures should be taken.
To this end, Ye and Zhu [16,17] proposed the frame with prestressed anchor-plates suitable
for filled-slopes. This structure not only overcomes the height limitation of the above
filled-slope supporting structure, but also has the advantages of convenient construction,
low cost, and good overall stability. Plus, the deformation of the filled-slope can be well
controlled by applying prestress to the anchor-plates. At present, this structure has been
applied to the practical project; Figure 1 is the scene picture of the anchor-plate, and Figure 2
is a filled-slope reinforced by a frame with prestressed anchor-plates.
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As a new type of flexible supporting structure, the structural form and working mech-
anism of frames with prestressed anchor-plates are similar to those of frame prestressed
anchor supporting structures and anchor slab retaining walls. Under the action of the sup-
porting structure, the soil properties of the original slope will change, and the deformation
and interface characteristics of the soil material are different from the original slope, which
will have a great impact on the stability of the slope [18–21]. Therefore, the slope stability
analysis considering the action of the supporting structure is also the core content in the
field of slope research. The current research on the stability of slopes reinforced by a frame
prestressed anchor and anchor slab retaining wall under static action are as follows. Li
et al. [22] established an intelligent optimization calculation model of anchor tension at
each layer that satisfies the excavation process stability and realized the real-time dynamic
analysis of stability of slopes reinforced by a frame prestressed anchor in the process of
excavation and reinforcement. Zhu et al. [23], based on the basic principle of the upper limit
theory of plastic mechanics, the safety coefficient calculation formula of a slope reinforced
by a frame with prestressed anchors is derived. He et al. [24] proposed a stability analysis
method of a suspended-anchor earth retaining wall. The current research on filled-slopes
reinforced by a frame with a prestressed anchor-plate supporting structure are as follows.
Ye et al. [16] compared numerical simulation results with the actual monitoring data of a
filled-slope reinforced by the frame with prestressed anchor-plates, and found that this sup-
porting structure can effectively improve the stability of the filled-slope and can effectively
control the displacement and deformation of the filled-slope. Zhu et al. [25], based on the
ultimate balance theory, the stability calculation method of a filled-slope reinforced by a
frame with prestressed anchor-plates is proposed by using the circular vertical simple slice
method, and the ultimate bearing capacity calculation formula of anchor-plates is given. In
addition to the above theoretical research on slope stability with a supporting structure,
when using finite element software to analyze the stability of a filled-slope reinforced by
a frame with prestressed anchor-plates, the simulation of anchor-plates is also worthy
of attention. Phung et al. [26,27] used finite element software to simulate different types
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of plates and analyzed the simulation results, which provided a certain reference for the
simulation of anchor-plates.

From the present situation of the above research, it can be found that the theoretical
research and numerical simulation research on the stability of filled-slopes reinforced by
a frame with prestressed anchor-plates is very immature. Thus, this paper proposes four
types of slip surfaces that may occur when the frame with prestressed anchor-plates is
used to reinforce the filled-slope. It is divided into two types according to whether there is
the lowest point F of the slip surface. Based on the ultimate balance theory, the improved
Bishop method is used to deduce the stability calculation formula under two different types
of slip surfaces, the corresponding search model of the most dangerous slip surface is given,
and the calculation theory of pullout force of anchor-plates is improved. The two kinds of
stability algorithms are optimized, and the stability analysis flow of a filled-slope reinforced
by a frame with a prestressed anchor-plate supporting structure is given, which makes
it more applicable. Based two examples, the stability results calculated by the proposed
algorithm are compared with those calculated by PLAXIS 3D finite element software and
GeoStudio 2012 finite element software to verify the rationality of the proposed stability
analysis method of a filled-slope reinforced by a frame with prestressed anchor-plates. This
method is suitable for any arc slip surface that appears on the filled-slope reinforced by the
frame with prestressed anchor-plates, and it provides some guiding value for the design of
practical engineering.

2. Composition and Working Mechanism of Frame with Prestressed Anchor-Plate
Supporting Structure

The frame with a prestressed anchor-plate supporting structure is composed of a
reinforced concrete frame and an anchor-plate, which belongs to a kind of soft filled-slope
supporting structure in the geotechnical anchoring structure system. Its elevation and
section drawings are shown in Figures 3 and 4. The anchor-plate consists of a tie rod and a
reinforced concrete prefabricated panel. When the filled-slope is reinforced, the structural
system is like a floor well-shaped beam structure standing on the soil, the prestressed
anchor-plate is anchored in the soil of the slope, and the anchor head of the anchor-plate
is connected to the node of the frame beam. The earth pressure on the frame beam is
finally transferred to the anchor-plate located in the stable area through the pull rod, and
then the slope stability is maintained by the friction between the anchor-plate and the
surrounding soil.
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3. Types of Slip Surfaces That May Appear in The Reinforcement of The Filled-Slope
by the Frame with Prestressed Anchor-Plates

Based on the failure of soil slopes, the filled-slope reinforced by a frame with pre-
stressed anchor-plates may actually appear in the following four types of slip surfaces.

(1) When the arc slip surface passes over the toe of the slope, it is called the slope toe
circle [28,29]. There are two main forms of slope toe circle, one of which is shown
in Figure 5. The angle between the tangent of any point on the slip plane and the
horizontal direction is between 0◦~90◦, and the center P of the slip plane is located at
the upper left of the whole slope. There is much research on slope stability in the case
of this type of slip surface.
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(2) Another form of the slope toe circle is shown in Figure 6. Although this slip surface
passes over the toe of the slope, the angle between the tangent and the horizontal
direction at the toe of the slope is a negative angle, and the lowest point F on the arc
slip surface is on the right side of the toe of the slope.
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(3) When the arc slip surface passes through a certain position other than the toe of
the slope, it is called the midpoint circle [28,29]. There are also two main forms of
midpoint circles, one of which is shown in Figure 7. The lowest point F and the center
P of the arc slip surface are both located on the right side of the toe of the slope.
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(4) Another form of the midpoint circle is shown in Figure 8. The lowest point F and
center P of the arc slip surface are located on the left side of the toe of the slope, and
the sliding range of this slip surface is larger than that shown in Figure 7.
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Among the four types of slip surfaces mentioned above, they are divided into two
types according to whether there is the lowest point F. The slope toe circle 1 is classified as
the first type slip surface, and the slope toe circle 2, the midpoint circle 1 and the midpoint
circle 2 are classified as the second type slip surface.
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4. Stability Analysis Model of Filled-Slope Reinforced by Frame with Prestressed
Anchor-Plates

The simplified Bishop method, as one of the ultimate balance methods, is considered
to be a “non-strict” method because it ignores the shear force between strips and does not
strictly satisfy the equilibrium conditions. However, many scholars have found that the
stability factors of slopes obtained by the improved Bishop method and the strict method
are very close, which can be called the strict strip method [30–32]. The traditional simplified
Bishop method is only suitable for the stability analysis of natural slope, but cannot be
directly used to analyze the stability of a slope with a supporting structure. Therefore,
considering the influence of a frame with a prestressed anchor-plate supporting structure
on the stability of a filled-slope, this paper improves the traditional simplified Bishop
method and deduces the stability calculation formula which is suitable for a filled-slope
reinforced by a frame with prestressed anchor-plates.

4.1. Basic Assumptions

According to the central idea of the Bishop method, the following assumptions are
made [30]:

(1) The slope is a soil slope, and the slip surface is an arc slip surface.
(2) The shear strength of slope soil obeys Mohr–Coulomb criterion.
(3) The inter-strip shear force is ignored, and the inter-strip horizontal force is considered.
(4) The effect of the anchor-plate on the slope is equivalent to the force perpendicular to

the tangent direction of the slip plane, and this force is uniformly distributed on the
slip surface.

4.2. Stability Analysis in the Case of the First Type of Slip Surface
4.2.1. Solving the Stability Factor

The diagram of the stability analysis for the first type of slip surface is shown in
Figure 9.
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chor-plates. Tu′ and soil have the same direction of resistant shear force of the soil, which 
directly provides resistant shear force for the sliding body. Tu″ is perpendicular to Tu′, and 

Figure 9. Diagram of stability analysis for the first type of slip surface.

When analyzing the stability of the slope shown in Figure 9 based on the simplified
Bishop method, due to the supporting effect of the frame with prestressed anchor-plates
on the slope, the force of the soil strip is different from that of the soil strip without
reinforcement. Thus, the resistant shear force provided by the anchor-plates and the
resistant shear force of the soil itself cannot be simply superimposed. As shown in Figure 10,
Tu
′ and Tu

′′ can be obtained by decomposing the ultimate bearing capacity provided by
anchor-plates. Tu

′ and soil have the same direction of resistant shear force of the soil, which
directly provides resistant shear force for the sliding body. Tu

′′ is perpendicular to Tu
′, and

it provides resistant shear force for the sliding body through friction with the soil outside
the sliding surface. In order to derive the formula for calculating the slope stability under
the action of the supporting structure, Tu

′ is equivalent to the force in the same direction
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as Tu
′′ according to Equation (2). The force provided by the anchor-plates is uniformly

distributed on the slip surface as the force perpendicular to the tangent direction of the slip
surface, so the force provided by the anchor-plates on the soil strip i is as follows:

Nui = [
t

∑
f=1

(Tu f sin α f + Tu f cos α f Fs/ tan ϕ f )]bi sec αi/L (1)

where t is the total number of layers of the prestressed anchor-plate; Tuf is the ultimate
bearing capacity of the f -layer anchor-plate, which can be determined by Equation (31); αf
is the angle between the tangent line and the horizontal direction at the intersection of the
f -layer anchor-plate and the slip surface; ϕf is the internal friction angle of the soil at the
intersection point of the f -layer anchor-plate and the slip surface; L is the total arc length of
the slip surface.
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The force diagram of the soil strip considering the action of the supporting structure is
shown in Figure 11, according to the Mohr–Coulomb criterion [30]:

Tid = Nid tan ϕi/Fs + cibid sec αi/Fs (2)

where Fs is the stability factor of slope; Tid is the shear force at the bottom of the soil strip i;
Nid is the normal force at the bottom of the soil strip i; αi is the angle between the tangent
line and the horizontal direction at the slip surface of the soil strip i; ci is the cohesion at the
slip surface of the soil strip i; ϕi is the angle of internal friction at the slip surface of the soil
strip i; bi is the width of the soil strip i; d is the thickness of sliding element.
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Considering the vertical force balance [30]:

(Nid− Nui) cos αi + Tid sin αi = (Wi + q0bi)d (3)

where Wid is the dead weight of the soil strip i; q0 is the uniformly distributed load on the
top of the slope.

Simultaneous Equations (2) and (3) can be obtained:

Nid = [(Wi + q0bi)d + Nui cos αi − cibid tan αi/Fs]/mα i (4)

Tid = [(Wi + q0bi)d tan ϕi/Fs + Nui cos αi tan ϕi/Fs + cibid/Fs]/mα i (5)

mα i = cos αi + sin αi tan ϕi/Fs (6)
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Consider the moment balance to the center of the circle:

n

∑
i=1

TidR =
n

∑
i=1

(Wi + q0bi)d sin αiR (7)

where n is the number of the strips of sliding body; R is the arc radius of the slip surface.
Substitute Equation (5) into Equation (7) to obtain:

Fs =

n
∑

i=1
[(Wi + q0bi)d tan ϕi + cibid + Nui cos αi tan ϕi]R/mα i

n
∑

i=1
(Wi + q0bi)d sin αiR

(8)

Substitute Equation (1) into Equation (8) to obtain:

Fs =

n
∑

i=1
[(Wi + q0bi)d tan ϕi + cibid +

t
∑

f=1
(Tu f sin α f + Tu f cos α f Fs/ tan ϕ f )bi tan ϕi/L]R/mα i

n
∑

i=1
(Wi + q0bi)d sin αiR

(9)

4.2.2. Search for Models of Slip Surfaces

(1) The center coordinates and radius of the slip surface

The search model of the first kind of slip surface is shown in Figure 12. Although the
established model is a three-dimensional model, the slip surface always changes in the xoy
plane, so it is simplified to two-dimensional coordinates. In the Cartesian coordinate system,
P(xc, yc), C(e, H), O(0, 0), the angle between the tangent of point O and the horizontal is θ,
the slope of the tangent is k’, k’ = tanθ.
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Then the slip surface equation is:

(x− xc)
2 + (y− yc)

2 = R2 (10)

And satisfies:
xc

2 + yc
2 = R2

(e− xc)2 + (H − yc)2 = R2

xc = −k′yc



 (11)
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Combining Equations (10) and (11) yields:

xc =
−k′(H2+e2)

2H−2k′e
yc =

H2+e2

2H−2k′e

R =
√

1+k′2(H2+e2)
2H−2k′e





(12)

Therefore, the slip surface is controlled by θ and e. The value range of θ and e is
determined, and the appropriate step size is set respectively, and the search of slip surface
can be realized by constantly changing.

(2) The angle between the tangent of any point on the arc and the horizontal plane

At any point M(xk, yk) on the arc, the angle between the tangent and the horizontal
plane is αk, which can be obtained from the geometric relationship:

sin αk =
xc − xk

R
(13)

cos αk =
yc − yk

R
(14)

(3) The self-weight of the soil block i

According to Figure 9, the coordinate of the soil strip i at the slip surface is (xi,yi),
and when the upper end of the soil strip is on OB, the upper coordinate is (xi1,yi1), so the
formula for calculating the self-weight of the soil strip i is as follows:

Wi =

{
γbi(H − yi) xi ≥ H

tan β

γbi(yi1 − yi) 0 ≤ xi ≤ H
tan β

(15)

where γ is the weight of fill soil.

4.3. Stability Analysis in the Case of the Second Type of Slip Surface
4.3.1. Solving the Stability Factor

The diagram of the stability analysis for the second type of slip surface and the force
diagram of soil strip j are shown in Figures 13 and 14.
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Soil strip on the left side of OF.
The force provided by the anchor-plates on the soil strip j is as follows:

Nuj = [
t

∑
f=1

(Tu f sin α f + Tu f cos α f Fs/ tan ϕ f )]bj sec αj/L (16)

By Mohr–Coulomb criterion [30]:

Tjd = Njd tan ϕj/Fs + cjbjd sec αj/Fs (17)

where Tjd is the shear force at the bottom of the soil strip j at the left on point F; Njd is the
normal force at the bottom of the soil strip j at the left on point F; bj is the width of the soil
strip j at the left on point F; cj is the cohesion at the slip surface of the soil strip j at the
left on point F; ϕj is the angle of internal friction at the slip surface of the soil strip j at the
left on point F; αj is the angle between the tangent line and the horizontal plane at the slip
plane of the soil strip j at the left on point F.

Consider the vertical force balance [30]:

(Njd− Nuj) cos αj − Tjd sin αj = Wjd (18)

where Wjd is the dead weight of the soil strip j at the left on point F.
Simultaneous Equations (17) and (18) can be obtained:

Njd = (Wjd + Nuj cos αj + cjbj tan αj/Fs)/mα j (19)

Tjd = (Wjd tan ϕj/Fs + Nuj cos αj tan ϕj/Fs + cjbjd/Fs)/mα j (20)

mα j = cos αj − sin αj tan ϕj/Fs (21)

Soil strip on the right side of OF.
The force analysis of the soil strip on the right side of OF is similar to that in the case

of slip surface 1, and the final deduced results are Equations (4)–(6).
Consider the moment balance to the center of the circle:

n

∑
i=1

TidR +
m

∑
j=1

TjdR =
n

∑
i=1

(Wi + q0bi)d sin αiR−
m

∑
j=1

Wjd sin αjR (22)

where n is the number of the strips of sliding body at the right on point F; m is the number
of the strips of sliding body at the left on point F; R is the arc radius of the slip surface; Tid
is the shear force at the bottom of the soil strip i at the right on point F; Wid is the dead
weight of the soil strip i at the right on point F; αi is the angle between the tangent line and
the horizontal plane at the slip surface of the soil strip i at the right on point F.
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Substitute Equations (5) and (20) into Equation (22) to obtain:

Fs =

n
∑

i=1
[(Wi + q0bi)d tan ϕi + cibid + Nui cos αi tan ϕi]R/mα i

+
m
∑

j=1
[(Wjd tan ϕj + cjbjd + Nuj cos αj tan ϕj]R/mα j

n
∑

i=1
(Wi + q0bi)d sin αiR−

m
∑

j=1
Wjd sin αjR

(23)

where bi = the width of the soil strip i at the right on point F; ci = the cohesion at the slip
surface of the soil strip i at the right on point F; ϕi = the angle of internal friction at the slip
surface of the soil strip i at the right on point F.

Substitute Equations (1) and (16) into Equation (23) to obtain:

Fs =

n
∑

i=1
[(Wi + q0bi)d tan ϕi + cibid +

t
∑

f=1
(Tu f sin α f + Tu f cos α f Fs/ tan ϕ f )bi tan ϕi/L]R/mα i

+
m
∑

j=1
[Wjd tan ϕj + cjbjd +

t
∑

f=1
(Tu f sin α f + Tu f cos α f Fs/ tan ϕ f )bj tan ϕj/L])R/mαj

n
∑

i=1
(Wi + q0bi)d sin αiR−

m
∑

j=1
Wjd sin αjR

(24)

4.3.2. Search for Models of Slip Surfaces

(1) The center coordinates and radius of the slip surface

The search model of the second kind of slip surface is shown in Figure 15. Since the
slip surface always changes in the xoy plane, it is simplified to two-dimensional coordinates.
In the Cartesian coordinate system, P(xc, yc), C(e, H), A(-e0, 0), O(0, 0), the angle between
the tangent of point A and the horizontal is θ, and the slope of the tangent is k′, k′ = −tanθ.
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Then the slip surface equation is:

(x− xc)
2 + (y− yc)

2 = R2 (25)

And satisfies:
(−e0 − xc)2 + yc

2 = R2

(e− xc)2 + (H − yc)2 = R2

xc = −(k′yc + e0)



 (26)
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Combining Equations (25) and (26) yields:

xc = −e0 − k′ [(e+e0)
2+H2]

2H−2k′(e+e0)

yc =
(e+e0)

2+H2

2H−2k′(e+e0)

R =
√

1+k′2[(e+e0)
2+H2]

2H−2k′(e+e0)





(27)

Therefore, the slip surface is controlled by θ, e0 and e. The value range of θ, e0 and e is
determined, and the appropriate step size is set respectively, and the search of slip surface
can be realized by constantly changing.

(2) The angle between the tangent of any point on the arc and the horizontal plane

At any point M′(xk, yk) on the arc, the angle between the tangent and the horizontal
plane is αk, which can be obtained from the geometric relationship:

sin αk =
|xc − xk|

R
(28)

cos αk =
yc − yk

R
(29)

(3) The self-weight of the soil block i and j

It can be seen from Figure 12 that the calculation of the self-weight of the soil strip
under the second type of slip surface is more complicated. The coordinates of the soil
strip i at the slip surface are (xi, yi). When the upper end of the soil strip i is on the OB, its
upper coordinate is (xi1,yi1). The coordinates of the soil strip j at the slip plane are (xj, yj).
When the upper end of the soil strip j is on OB, its upper coordinate is (xj1, yj1). When the
abscissa of the zero-boundary point of the slip surface crossing from the filling layer to the
foundation soil layer is x0, the calculation formulas of the self-weight of the soil strip i and j
are as follows:

Wi/j =





γ1bi(H − yi) xi ≥ H
tan β

γ1bi(yi1 − yi) x0 ≤ xi <
H

tan β

γ1biyi1 − γ2biyi 0 ≤ xi < x0

−γ2biyi xc ≤ xi < 0
−γ2bjyj − e0 ≤ xj < xc

(30)

where γ1 is the weight of fill soil; γ2 is the weight of foundation soil.

4.4. The Ultimate Bearing Capacity of the Anchor-Plate

For the calculation of the ultimate bearing capacity of the anchor-plate, on the basis of
the method in Zhu [25], the calculation method of the pullout resistance of the anchor-plate
is improved. The force diagram of the anchor-plate is shown in Figure 16.
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According to Zhu [25], the formula for calculating the pullout force of the anchor-plate
is as follows:

Tu f = ∑ min
{

Ts, Tp
}

(31)
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where Tuf is the ultimate bearing capacity of the f -layer anchor-plate; Ts is the ultimate
tensile force of the steel rod; Tp is the limit value of the pullout force that the anchor-plate
can provide, which is composed of the friction resistance of the interface between the
anchor-plate and soil and the passive earth pressure of the anchor-plate.

Ts = fy As (32)

where fy is the yield strength of the steel rod; As is the cross-sectional area of the steel rod.

Tp = Ff + Q (33)

where Ff is the friction resistance on the anchor-plate; Q is passive earth pressure on the
anchor-plate.

Because Zhu [25] did not consider the friction between the two sides of the anchor-
plate and the soil when calculating the friction between the anchor-plate and the soil,
this paper improves it, and the improved formula for calculating the friction between the
anchor-plate and the soil is as follows:

Ff = 2(τ1 A1 + τ2 A2) (34)

where τ1 is the shear strength of the interface between the upper and lower interface of the
anchor-plate and the soil; τ2 is the shear strength of the interface between the front and
rear interface of the anchor-plate and the soil; A1 is the upper surface area of anchor-plate;
A2 is the side surface area of anchor-plate:

τ1 = µ(γh0 + q0)
τ2 = k0µ(γh0 + q0)

}
(35)

where γ is the weight of the soil layer where the anchor-plate is located; h0 is the height from
the top of the slope to the soil layer where the anchor-plate is located; q0 is the uniformly
distributed load on the top of the slope; µ is the coefficient of lateral earth pressure:

Q = σp A3 (36)

where σp is the passive earth pressure of the soil layer where the anchor-plate is located; A3
is the front-end area of anchor-plate:

A1 = lb
A2 = lh
A3 = bh



 (37)

where l is the length of the anchor-plate; b = the width of the anchor-plate; h is the height of
the anchor-plate.

Because Zhu [25] did not consider the cohesion of the fill soil when calculating the
passive earth pressure on the front end of the anchor-plate, which obviously does not
conform to the actual engineering situation, the improved formula is as follows:

σp = kp(γh0 + q0) + 2c
√

kp (38)

where c is the soil cohesion of the soil layer where the anchor-plate is located; kp is the
Rankine passive earth pressure coefficient of the soil around the anchor-plate.

4.5. Stability Analysis Process

Although this paper proposes four forms of slip surface for the reinforcement of a
filled-slope with frame prestressed anchor-plates, it is also clear that the form of slip surface
is related to the height of the slope, the degree of the slope, and soil conditions of the fill
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soil and the foundation soil. However, it is difficult to give clear certain conditions for the
occurrence of various slip surfaces; as a result, it is not known which type of slip surface
stability analysis process to select when an example is given. Therefore, the stability analysis
process under the two types of slip surfaces mentioned above is optimized. The specific
analysis process of the stability of the filled-slope reinforced by the frame prestressed
anchor-plates is shown in Figure 17.
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5. Example Analysis
5.1. Example 1

The specific parameters of the filled-slope reinforced by the frame with prestressed
anchor-plates in Lanzhou are as follows. The height of the slope is 12 m, the slope rate is 1:
0.5, the top load of the slope is q0 = 20 kN/m2, and the soil parameters are shown in Table 1.
The horizontal spacing of the anchor-plate is 3 m, and the length, width and height of the
anchor-plate are 4 m, 1 m, and 0.1 m, respectively, and the parameters of anchor-plates for
each layer are shown in Table 2.

Table 1. Soil parameters of example 1.

Soil Layer Name Natural Heavy
γ/(kN/m3)

Cohesive Force
c/(kPa)

Angle of Internal Friction
ϕ/(◦)

Elastic Modulus
E/(kN/m2)

Friction Coefficient
µ

Fill soil 17 20 24 35,000 0.4
Foundation soil 22 28 34 50,000
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Table 2. Parameters of anchor-plate of example 1.

Layer Number Relative Ground
Height/m

Length of Steel Tie
Rod/m Prestress Value/kN

Fourth floor 10.5 12.5 60
Third floor 7.5 11.0 90

Second floor 4.5 9.5 120
First floor 1.5 8.0 150

5.1.1. Analysis of Pullout Resistance of Anchor-Plate

The pullout force calculation method of anchor-plates in Zhu [25] and the improved
method in this paper are used to calculate the pullout force of anchor-plates in example 1,
and the results are shown in Table 3.

Table 3. Calculation results of pullout force of anchor-plate in example 1.

Layer Number Original Method/kN The Method of This
Paper/kN

Percentage of
Difference

Fourth floor 151.64 168.81 11.32%
Third floor 326.94 351.12 7.40%

Second floor 502.23 533.43 6.21%
First floor 677.52 715.74 6.08%

It can be seen from Table 3 that the pullout force of the anchor-plate calculated by
this method is larger than that calculated by the method in Zhu [25]. This is because
this method improves the method in Zhu [25]. From Equation (31) it can be seen that
the pullout force of the anchor-plate is composed of the friction between the anchor-plate
and the soil and the passive earth pressure on the front end of the anchor-plate, so the
improvement of the calculation method of the pullout force of the anchor-plate in Zhu [25]
is mainly reflected in two aspects. (1) When calculating the friction resistance between the
anchor-plate and the surrounding soil, the friction resistance on the front and rear surface
of the anchor-plate is considered in addition to the friction resistance on the upper and
lower surface of the anchor-plate. Although the friction force on the front and rear surface
of the anchor-plate is much smaller than that on the upper and lower surface, taking it into
account will make the force of the anchor-plate more complete. (2) When calculating the
passive earth pressure on the front end of the anchor-plate, the effect of soil cohesion is
taken into account, which makes the calculation of the pullout force of the anchor-plate
more suitable for practical engineering.

5.1.2. Stability Analysis

The stability calculation method of this paper, strength reduction method and ultimate
balance method are used to calculate the stability of example 1, respectively.

(1) The method of this paper

The stability of example 1 is calculated by using the stability analysis process in this
paper, and the calculated results are shown in Figure 18. It can be clearly seen from Figure 18
that the most dangerous slip surface passes over the toe of the slope, which belongs to the
sliding mode of toe circle 1. The position of the most dangerous slip surface is 7 m away
from point B at the top of the slope, and the calculated stability factor is 1.710.
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Figure 18. Example 1 calculation results of the stability of this method.

(2) Strength reduction method

PLAXIS 3D finite element software can establish a three-dimensional slope model
and calculate its stability, so PLAXIS 3D finite element software is used to calculate the
stability of example 1. The anchor-plate is simulated by a large area rectangular beam
in the “Embedded beam” element, the frame beam is simulated by the “Beam” element,
and the tension bar is simulated by the “Node to node anchor” element. The established
three-dimensional model of the filled-slope with a slope ratio of 1:0.5 reinforced by the
frame with prestressed anchor-plates is shown in Figure 19.
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Figure 19. The 1:0.5 model of filled-slope reinforced by a frame with prestressed anchor-plates.

Figure 20 shows the total displacement increment cloud map after the calculation of
the model, which can reveal the possible failure mechanism. From Figure 20, it can be
clearly seen that the slope failure is an arc sliding failure, and the slip surface will pass over
the foot of the slope. Failure may occur in the deformation area of the slope, but the location
of the most dangerous slip surface cannot be clearly known. The calculated stability factor
is 1.790.
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(3) Ultimate balance method

The slope stability results simulated by PLAXIS 3D are very close to those calculated
by this algorithm, but it is not very convincing to verify the rationality of the algorithm in
this paper by only relying on the stability results of a slope simulated by a finite element
software. Thus, the Bishop method in the SLOPE module of GeoStudio 2012 finite element
software is used to calculate the stability of example 1. The anchor-plate is simulated by the
“anchor” unit, the specific calculation results are shown in Figure 21. From Figure 21, it can
be seen that the most dangerous slip surface passes through the toe of the slope, and the
starting point of the slip surface is 6.5 m away from the starting point of the top of slope.
The stability factor is 1.840.
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(4) Comparative analysis

By using the above three methods to calculate the stability of example 1, it is not
difficult to see that the slip surfaces obtained by the three methods all pass over the toe of
the slope. The stability factor calculated by Geo is the largest, the stability factor calculated
by PLAXIS 3D is the second, and the stability factor calculated by this algorithm is the
smallest. The stability factor calculated by this method, respectively, differs from the results
simulated by Geo and PLAXIS 3D finite element software by 7.1% and 4.6%. By comparing
Figure 18 with Figure 21, it can be seen that the position of the most dangerous slip surface
obtained by this algorithm is close to that obtained by Geo. Although the location of the
most dangerous slip surface cannot be directly obtained in Figure 20, the possible shape of
the slip surface can also be seen from the range of areas that may be damaged. The shape
of the slip surface reflected in Figure 20 is similar to that of the most dangerous slip surface
in Figures 18 and 21, which fully shows that the slip surface search method in this paper
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is reliable. The stability factor of this algorithm is smaller than that of two finite element
software, which also shows that this algorithm has a certain security reserve.

5.2. Example 2

The specific parameters of the filled-slope reinforced by a frame with prestressed
anchor-plates in Longnan are as follows. The height of the slope is 12 m, the slope rate is 1:
1, the top load of the slope is q0 = 20 kN/m2, and the soil parameters are shown in Table 4.
The horizontal spacing of the anchor-plate is 3 m, and the length, width, and height of the
anchor-plate are 3 m, 1 m, and 0.1 m, respectively, and the parameters of anchor-plate for
each layer are shown in Table 5.

Table 4. Soil parameters of example 2.

Soil Layer Name Natural Heavy
γ/(kN/m3)

Cohesive Force
c/(kPa)

Angle of Internal Friction
ϕ/(◦)

Elastic Modulus
E/ kN/m2)

Friction Coefficient
µ

Fill soil 17.5 20 22 30,000 0.35
Foundation soil 21 12 30 45,000

Table 5. Parameters of anchor-plate of example 2.

Layer Number Relative Ground
Height/m

Length of Steel Tie
Rod/m Prestress Value/kN

Fourth floor 10.5 13.5 50
Third floor 7.5 12.5 80

Second floor 4.5 11.5 110
First floor 1.5 10.5 140

5.2.1. Analysis of Pullout Resistance of Anchor-Plate

The pullout force calculation method of anchor-plates in Zhu [25] and the improved
method in this paper are used to calculate the pullout force of anchor-plates in example 2,
and the results are shown in Table 6.

Table 6. Calculation results of pullout force of anchor-plates in example 2.

Layer Number Original Method/kN The Method of This
Paper/kN

Percentage of
Difference

Fourth floor 102.89 113.00 9.82%
Third floor 224.08 239.53 6.61%

Second floor 346.47 366.06 5.65%
First floor 408.26 492.59 5.20%

It can be seen from Table 6 that the pullout force of the anchor-plates calculated by this
method is larger than that calculated by the method of Zhu [25], and the specific reason
has been analyzed in example 1. From Equations (31)–(37), it can be seen that the pullout
force of the anchor-plate is not only closely related to its own size, but also related to its
position. The thicker the soil layer on the anchor-plate is, the greater the friction resistance
of the anchor-plate is, and the greater the pullout resistance is, which is the reason for the
greater prestress applied to the anchor-plate near the toe of the slope.

5.2.2. Stability Analysis

Like example 1, the stability calculation method of this paper, strength reduction method
and ultimate balance method are used to calculate the stability of example 2, respectively.

(1) The method of this paper

The stability of example 2 is calculated by using the stability analysis process in this
paper, and the calculated results are shown in Figure 22. It can be clearly seen from Figure 22
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that the most dangerous slip surface is far from the foot of the slope, which belongs to the
sliding mode of midpoint circle 1. The position of the most dangerous slip surface is 8 m
away from point B at the top of the slope, the end position of the slip surface is 4 m away
from point A at the foot of the slope, and the calculated stability factor is 1.612.
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(2) Strength reduction method

The stability of example 2 is calculated with the help of PLAXIS 3D finite element
software. The established three-dimensional model of the filled-slope with a slope ratio of
1:1 reinforced by the frame prestressed anchor-plates is shown in Figure 23.
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Figure 23. The 1:1 model of filled-slope reinforced by frame with prestressed anchor-plates.

Figure 24 is the total displacement increment cloud map after the calculation of the
model, from which it can be clearly see that the failure mode of the slope is circular sliding
failure. When the slope is damaged, the slip surface may also be far away from the toe of
the slope, except for the case where the slip surface passes through the toe of the slope,
and failure may occur in the deformation area of the slope. The calculated stability factor
is 1.665.
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(3) Ultimate balance method

The Bishop method in the SLOPE module of GeoStudio 2012 finite element software is
used to calculate the stability of example 2, and the specific calculation results are shown in
Figure 25. From Figure 18, it can be seen that the most dangerous slip surface is far from
the toe of the slope. The starting position of the slip surface is 7.5 m away from the starting
point of the top of the slope, the end position of the slip surface is 4 m away from the toe of
the slope, and the calculated stability factor is 1.688.
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Figure 25. Example 2 calculation results of the stability of Geo.

(4) Comparative analysis

By using the above three methods to calculate the stability of example 2, it can be seen
that the stability factor calculated by Geo is the largest, followed by PLAXIS 3D, and the
stability factor calculated by this algorithm is the smallest. The stability factor calculated by
this method respectively differs from the results simulated by Geo and PLAXIS 3D finite
element software by 4.5% and 3.2%. Comparing Figure 22 with Figure 25, the shape of the
most dangerous slip surface obtained by this method is similar to that obtained by Geo,
both of which are far from the foot of the slope and belong to the sliding mode of midpoint
circle 1.
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5.3. Summary

Based the analysis of example 1 and example 2, it is concluded that although the slip
surface searched by this method is not exactly the same as that searched by Geo software,
the form of the slip surface is very similar, and the starting position and end position of
the slip surface are similar. The stability factor calculated by this method is smaller than
that calculated by the two finite element software, the specific reasons are as follows. When
using PLAXIS 3D to calculate the stability factor of filled-slope reinforced by frame with
prestressed anchor-plates, in addition to the reinforcement effect of the anchor-plates on
the filled-slope, the frame beam also plays a certain role in reinforcing the slope, while
the stability calculation method proposed in this paper only considers the effect of the
anchor-plates. When using Geo to calculate the stability factor of filled-slope reinforced by
a frame with prestressed anchor-plates, the software is a two-dimensional finite element
software, and the anchor-plate can only be simulated as an anchor during simulation,
which is different from the algorithm in this paper, so the calculated stability factor of the
slope is quite different. Although the stability factor of slope calculated by this method
is smaller than that calculated by finite element software, it can provide a certain safety
reserve for practical engineering when designing a filled-slope reinforced by a frame with
prestressed anchor-plates. Therefore, this stability calculation method of a filled-slope
reinforced by a frame with prestressed anchor-plates proposed in this paper is reasonable
and suitable for the case of arbitrary arc slip surface in the filled-slope reinforced by a
frame with prestressed anchor-plates, and it provides some guiding values for the design
of practical engineering.

6. Conclusions

In this paper, the calculation formulas of the stability factor under the four arc slip
surface of a filled-slope reinforced by a frame with prestressed anchor-plates are derived
by using the improved Bishop method, the corresponding search method of the most
dangerous slip surface is given, and the calculation formulas of the pullout force of anchor-
plates is improved. Based on two examples, the stability results calculated by the proposed
algorithm are compared with those calculated by PLAXIS 3D and GeoStudio 2012 finite
element software, and the following conclusions are drawn:

(1) Compared with the original calculation method of the pullout force of the anchor-
plate, the pullout force of the improved anchor-plate takes into account the friction
of the front and rear surface of the anchor-plate and the effect of fill cohesion in the
passive earth pressure on the front end of the anchor-plate, which makes the force
of the anchor-plate more complete. At the same time, it also makes the calculation
theory of pullout force of anchor-plates more applicable.

(2) The stability factor of example 1 calculated by this method differs from the results
simulated by PLAXIS 3D and GeoStudio 2012 finite element software by 4.6% and
7.1%, respectively, the stability factor of example 2 calculated by this method differs
from the results simulated by PLAXIS3D and GeoStudio 2012 finite element software
by 3.2% and 4.5%, respectively, which can meet the engineering requirements.

(3) The stability analysis method of a filled-slope reinforced by a frame with prestressed
anchor-plates proposed in this paper is reasonable and suitable for the case of arbitrary
arc slip surface in the filled-slope reinforced by a frame with prestressed anchor-plates,
and it provides some guiding values for the design of practical engineering.
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Abstract: Due to the special time–space and environmental effects of the foundation pit, there are
many unstable factors in the construction process of the field test. The indoor model test can avoid
many uncertainties in the construction process due to its operability, which can reduce the interference
with the test results and improve the accuracy of the test. In order to further discuss the force-bearing
characteristics and deformation laws of loess pits’ support structure in Northwest China, a large
model test of foundation pit supported by a pile anchor with a geometric similarity ratio of 1:10 was
designed and completed. The force and deformation characteristics of the support structure were
systematically studied by simulating the conditions of additional load at the pit edge, soil layered
excavated, and anchors tensioned. The test results show that: for the pile-anchor support structure,
the anchors have significant limiting effects on the displacement of the piles. Especially, when the
position of the first row of anchors is closer to the pile top, the displacement of the pile is smaller.
The stress state of the piles was changed by the prestressed anchor. The passive stress state of piles is
changed from one side of tension and the other side of compression to the active stress state of “S”
shape, which makes the distribution of the bending moment of piles more reasonable. The measured
earth pressure in the process of soil unloading has a nonlinear distribution, which is different from
the classical Rankine earth pressure distribution; specifically, the passive earth pressure in front of the
pile is more obvious. In addition, the prestress applied to the anchors has a more significant effect
on the internal forces of the other anchors. Compared with sequential tensioning, the prestress loss
caused by interval hole tensioning is significantly reduced. The greater the number of spaced holes,
the smaller the prestress loss and the better the anchoring effect of the anchor. The results of the study
can provide reference for similar model tests, and also for related engineering applications.

Keywords: foundation pit; model test; pile anchor; stress characteristic; deformation

1. Introduction

The limited land available for construction in northwest China has constrained the
sustainable development of the region. In order to solve the problem of insufficient land
for construction, the development and expansion of underground space has become an
effective way to solve the problem, but this has also given rise to many complex foundation
pit projects at the same time. [1]. A deep foundation pit is a complex high-risk system, the
engineering of which is performed in a multi-phase and multi-field manner, composed
of structure, soil and groundwater. It involves the stress path during excavation and
unloading of soil, which is closely related to the nature of the soil body [2,3]. However,
the current theories and methods of foundation pit design are only based on component
design, and the experimental research is also based on field test. Restricted by the factors
such as site construction conditions and project attributes, field tests sometimes failed
to comprehensively test and analyze the stress characteristics of the support structure.
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Therefore, the indoor model test research can make up for the insufficiency of the field test
and can qualitatively analyze the mechanical characteristics of the support structure.

There are many scholars who have carried out a lot of research on the model test of
foundation pits. Xie Yu [4] studied the bending moment and earth pressure of passive piles
subjected to horizontal force through model tests, believing that the bending moment curve
of passive piles changes with the distance between the pile and the load boundary and
intersects at the lower part of the pile. Xie Jiang [5] simulated the excavation process of the
foundation pit through the photoelastic test and studied the force chain and its variation
characteristics of the soil around the foundation pit. Liu Yiao [6] conducted a 1:30 indoor
model test of foundation pit excavation. He obtained the earth pressure distribution, the
horizontal displacement of the wall and the settlement law behind the wall, which were
verified by finite element method. Bai bing [7] derived the generalized effective stress
principle, which differs from the classical effective stress principle in that the model can
automatically take into account the effects of stress paths, temperature paths, and soil
structure. Yu Suhui [8] studied the influence of foundation pit excavation and construction
on adjacent existing buildings and surrounding soil through model tests; he discussed
the horizontal and vertical displacements of the adjacent buildings, the earth pressure
around the foundation pit and the variation law of the existing building foundation under
different parameters. Xiao Yang [9] used a large model box to simulate the whole process
of underground space excavation and studied the influence of several parameters on the
h-shaped support system with double-row piles. The test results showed that significant
load transfer effects were generated between the rows of piles and that increasing the row
spacing within a certain range could result in a more reasonable distribution of bending
moments and pile forces. Zheng Gang [10,11] studied the influence of local anchor failure
on the soldier pile support system through an indoor model test system. They clarified
the mechanism of the continuous failure of the foundation pit and proposed an active,
real-time, targeted deformation control method. Tang Deqi [12] studied the evolution of
supporting structure performance and earth pressure through large-scale model tests. Wu
Honggang [13] studied the synergistic deformation of a combined structure of high-fill
slopes through model tests, which was composed of a pile-anchor and reinforced soil. Liang
Fayun [14], Lin Hai [15] and Zhao Zhuangfu [16] studied the bearing and deformation
characteristics of axially loaded piles and horizontally loaded piles, respectively, through
indoor model tests. Zhou Dong [17] measured the deformation of the soil around the
passive pile under the action of lateral displacement by model tests and obtained the
displacement law of the soil around the pile under different embedment depths. Xia
Yuanyou [18,19] studied the ultimate bearing capacity of anchors with different shapes and
the failure mechanism of the fixed anchor length. Shen Hong [20] analyzed the horizontal
displacement of the pile top, the internal force of the pile body and the single-row cantilever
pile group through model tests. Zhou Dequan [21] conducted an in-depth study of the pile-
side soil pressure and strain on the pile body of this combined structure of inclined straight
piles by model tests, which also included the horizontal displacement of the outer pile.
The unilateral force–deformation mechanism and damage mode of the combined structure
were revealed. Fan Qiuyan [22] studied the changes in soil stress, anchorage section stress
and lateral displacement of support structure in soil foundation pit during excavation
and prestressed anchor construction by large indoor model test. Ye Shuaihua [23,24]
conducted a systematic study on the deformation of the foundation pit and surrounding
structures and analyzed the safety of the adjacent subway tunnel during the excavation of
the foundation pit.

As a non-linear elastic material, the stress, strain, and strength properties of soil under
stress distortion are quite different from those under conventional perimeter pressure.
Conventional model tests are conducted under 1 g (g is the acceleration of gravity), and
therefore, the conventional method underestimates the earth pressure and soil deformation
caused by the excavation of the foundation pit [25,26]. Centrifugal tests, which can be
performed under ng conditions, can create artificial gravity to compensate for this aspect.
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Zhang Ga [27] designed a centrifuge model test for foundation excavation used a loading
system instead of excavated soil to increase the centrifugal acceleration to achieve a suitable
self-weight stress state before excavation. After a series of tests, he was concluded that the
real path of stress and deformation of the foundation pit could be reasonably simulated
by the centrifuge model test. Sun Yuyong [28] studied the deformation characteristics
of the foundation pit through field measurements and centrifuge model tests. It was
concluded that the maximum sidewall displacements of the inner and outer pits decreased
approximately linearly with the increase of the inner pit spacing but increased with the
growth of the inner pit excavation width. Jin Hongliu [29] conducted a series of centrifuge
model tests and numerical analyses. The deformation and earth pressure of the retaining
structure, and the deformation characteristics of the retaining structure under various
restricted soil widths, were studied. Jia Jinqing [30], Ma Xianfeng [31], Xu Qianwei [32],
Zhou Qiujuan [33], and Li Lianxiang [34,35] carried out a series of centrifuge model
test studies on foundation pits in soft soil areas from different degree perspectives and
summarized the internal force and deformation law of the support structure.

Most of the above studies are focused on the economically developed soft soil areas
in eastern China. Since the economic level and urban construction in the loess region of
northwest China lag behind those in the soft soil region, the research on foundation pit
engineering has not kept pace with the soft soil region. Foundation pit engineering has
obvious regional characteristics; in other words, there is a huge difference between the
engineering characteristics of loess and soft soil, which determines that foundation pits in
loess region cannot copy all the experience of foundation pits in soft soil region. For this
reason, it is very necessary to carry out the study of indoor model tests for foundation pits
in loess areas.

In this paper, based on the previous research [4,8,12,21,22], a large-scale model test
study of foundation pits supported by pile-anchors was carried out using a self-researched
model box. The displacement and internal force of the supporting pile and the change
of the internal force and earth pressure of the anchor during the excavation process are
analyzed. The influence of different working conditions such as soil unloading and anchor
tensioning on the internal force of the supporting pile is analyzed. The distribution of the
axial force and shear stress of the anchor during the pulling process and the influence of the
pulling of the adjacent anchor on its internal force are discussed. Eventually, the research
results can provide reference for the model test research of pits supported by pile anchors
and also for engineering applications.

2. Model Test Design

According to the purpose and conditions of this test, on the basis of a comprehensively
considered variety of factors, the test mainly considers 9 key physical dimensions for the
test: geometric dimension l, weight γ, displacement δ, strain ε, stress σ, elastic modulus
E, Poisson’s ratio ν, concentrated force p and additional load q. Based on the similarity
theory, the similarity criterion between the model and the prototype is deduced by means
of dimension analysis, and then the model design and test are carried out according to the
similarity criterion. According to the test requirements and the conditions of the test site,
the geometric similarity ratio between the model and the prototype was set as 1:10. The
results of the similarity relationship and similarity coefficient of each physical quantity of
the model are shown in Table 1.
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Table 1. Similarity relationship of model tests.

Physical Quantity Relationship Formula Scale Factor

Material Properties

Strain ε Cε = 1.0 1
Stress σ Cσ = CγCl 1/10

Elastic Modulus E CE = 1.0 1
Poisson’s Ratio ν Cµ = 1.0 1

Unit Weight γ Cγ 1

Geometric Properties Length l Cl 1/10
Displacement δ Cδ = ClCε 1/10

Load
Concentrated Force p Cp = CECl

2 1/100
Additional Load q Cq = CECl 1/10

3. Model Test Production
3.1. Model Box and Test Soil

The excavation depth of the indoor scaled-down model test pit is 1.60 m. The support
form of the foundation pit is an pile-anchor structure. The self-researched model box’s
internal dimensions are 3.4 m (length) × 1.4 m (width) × 2.7 m (height), and the model
schematic is shown in Figure 1. In order to ensure that the soil deformation can be observed
visually during the test, 12 mm-thick plexiglass was used on both sides of the model box.
The soil for this test was taken from the site of the foundation pit, and the soil was yellowish
brown with a more uniform quality. The soil was filled in layers after sieving, mixing with
water and stewing, and each layer was filled with 15 cm, and then leveled and compacted
evenly to ensure the compaction coefficient reached 0.90. In order to reduce the influence
of the boundary effect on the test results, simethicone was evenly applied inside the model
box. Considering the remodeling effect of the soil after the completion of filling, the model
was left to stand for more than 24 h before the test was conducted, and samples were
taken during the filling process for indoor geotechnical tests. The physical and mechanical
parameters of the soil were obtained, as shown in Table 2.
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Figure 1. Schematic diagram of the model (mm).

Table 2. Soil parameters.

Soil Layer Unit
Weight/kN/m3 Cohesion/kPa Angle of Internal

Friction/◦
Ultimate Bond Strength
of Anchor and Soil/kPa

Plain Fill 16.5 16.0 25.0 50.0
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3.2. Support Piles and Anchors

The geometric parameters of the piles and anchors are shown in Table 3. The pile body
reinforcement adopted No.8 galvanized iron wire. The concrete was made of particulate
concrete, with a ratio of 0.49 (water): 1 (cement): 1.370 (sand): 2.486 (stone). Seven piles are
arranged along the lateral row, three of the piles are tested, numbered pile 1 to pile 3 in
order from left to right. The three piles were tested for strain and pile-top displacement.
The anchor body is made of an 8 mm diameter reinforcement; its grouting material ratio is
1 (water): 0.5 (cement). There were 30 anchors in total. The anchors were numbered Mi-j
from left to right and from top to bottom, i being the row number and j being the column
number. All anchors in columns 1, 3 and 5 were tested for axial force. The numbering of the
components was shown in Figure 2. Considering the fact that the fill was filled horizontally
in layers and the anchors were prefabricated in advance, the test ignored the fact that
the anchors needed a certain horizontal inclination to ensure the grouting effect in the
actual project, so the anchors were arranged horizontally to facilitate the application and
measurement of the axial force. The free section of the anchors was covered with corrugated
pipe to release the contact between itself and the soil. The anchors were threaded from
inside to outside through the holes reserved in the breast beam and fitted with anchors and
clips. It was anchored to the breast beam after being tensioned by anchor puller KBT-10T.
The anchor length and applied prestress are shown in Table 4.

Table 3. Model parameters.

Project
Name

Number
of Anchor

Rows

Anchorage
Body

Diameter/mm

Vertical
Spacing of
Anchors/m

Horizontal
Spacing of
Anchors/m

Depth of
Foundation

Pit/m

Diameter of
Row Pile/m

Length of
Pile/m

Pile
Spacing/m

Prototype 5 300 3.5 2.0 17 1.0 25 2.0
Test Model 5 30 0.35 0.2 1.7 0.1 2.5 0.2
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Table 4. Anchors parameters.

Anchor Position Total Length/m Fixed Anchor Length/m Prestressing/kN

First row 1.9 1.2 3.4
Second row 1.8 1.2 3.4
Third row 1.8 1.2 3.1

Fourth row 1.6 1.1 3.1
Fifth row 1.5 1.0 3.1
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3.3. Sensor Arrangement and Loading System

Strain gauges are attached to the surface of the concrete of the support piles and the
surface of the anchor’s reinforcement. The surface of the strain gauge after pasting was
treated with physical protection and waterproof measures. The earth pressure box was
fixed on the surface of the pile. The parameters of the sensors are shown in Tables 5 and 6.
The location and dimensions of the sensor arrangement are shown in Figure 3. A steel
plate is laid on the surface of the soil behind the top of the support pile, and the role of the
plate is to transfer the jack load to the soil. The steel plate size is 138 mm (length) ∗ 48 mm
(width) ∗ 30 mm (thickness). The additional load around the foundation pit was simulated
by a self-designed vertical loading system consisting of a hydraulic jack, a counterforce
frame (beam), a load sensor and a pressure-bearing steel plate. The jack axis coincides with
the shape center of the steel plate. The equivalent effect of 20 kPa uniform load in this test
is 30 kN after conversion.

Table 5. Parameters of strain gauges.

Strain Gauge Type Measured Material Resistance Value/Ω Size/mm Sensitivity Factor

BE120-3AA-P200 Rebar 119.9 ± 0.1 2.8 × 2.0 2.22 ± 0.1%
BQ120-80AA-P200 Concrete 120.3 ± 0.1 80 × 2.5 2.20 ± 0.1%

Table 6. Parameters of displacement gauges and earth pressure boxes.

Name of the Sensor Measuring Range Resolution Precision

Earth pressure box 0.1 MPa 0.01 kPa ±0.25%F.S.
Displacement gauge 100 mm - 0.05%F.S.
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3.4. Test Procedure and Data Collection

In order to facilitate the excavation of the soil in layers, six 40 mm thick hardwood
boards were used for the front baffle of the model box. A layer of soil was excavated at
24-h intervals, and then the anchors were tensioned and locked. The working conditions
design of excavation and anchor tensioning were shown in Table 7. A fine wire mesh sheet
was arranged at the pile–soil interface to simulate a shotcrete surface, which is used to
avoid soil gushing out from between the piles. The DH3816 N static stress–strain test and
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analysis system was used for data collection, and the test process and model completion
are shown in Figure 4.

Table 7. Test conditions design.

Serial Number Type of Working
Condition

Depth of Each
Excavation/mm

Cumulative Excavation
Depth/mm Duration/h

Interval Time from the
Previous Working

Condition/h

1 Excavate the first
layer of soil 180 180

2.0 —

2 Tension the first row
of anchor 1.5 2.0

3 Excavate the second
layer of soil 320 500

2.0 24.0

4 Tension the second
row of anchor 1.5 2.0

5 Excavate the third
layer of soil 320 820

2.0 24.0

6 Tension the third row
of anchor 1.5 2.0

7 Excavate the fourth
layer of soil 320 1140

2.0 24.0

8 Tension the fourth
row of anchor 1.5 2.0

9 Excavate the fifth
layer of soil 320 1460

2.0 24.0

10 Tension the fifth row
of anchor 1.5 2.0

11
Excavation to the

bottom of the
foundation pit

140 1600 2.0 24.0
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4. Analysis of Test Results
4.1. Analysis of Horizontal Displacement of Pile Top

Figure 5 shows the horizontal displacement of the pile top under each working
condition. From Figure 5, it can be seen that the displacement of the pile tops tends to
increase non-linearly with the excavation of the soil in front of the piles and the tensioning
of the anchors. The maximum horizontal displacement of the pile on the edge is 3.78 mm
and the middle pile is 3.92 mm. After the prestressed anchors were tensioned, it changed
the shear strength of the soil and increased the frictional resistance between the soil and the
anchor solid, which slowed down the horizontal displacement of the soil and limited the
horizontal displacement of the piles. The control effect of the first anchors on the horizontal
displacement of the pile was obvious, which made the piles produce negative displacement
and had a slowing effect on the development of the displacement of the subsequent piles.
It can be seen that the first anchors played a crucial role in the deformation control of the
piles, which further verified that the anchors could effectively control the deformation of
the pile and the soil behind the pile.
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Figure 5. Horizontal displacement of pile top.

Figure 6 shows the horizontal displacement rate of the pile tops under each working
condition. It may be explained the fact that the soil resistance in front of the piles was
reduced after the soil in front of the piles was excavated, which led to the displacement
of the piles in the direction of the airside; after this, the displacement rate showed an
increasing trend. When the prestressing anchors were tensioned, the tendency of soil
displacement was limited, and the displacement rate showed a decreasing trend. Therefore,
each excavation of soil and tensioning of anchor caused the displacement rate to fluctuate
up and down. It can be seen that the anchor has obvious effects on limiting the displacement
of supporting pile and soil.
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4.2. Stress Analysis of Supporting Piles

According to the knowledge of material mechanics, the formula for calculating the
pile bending moment from strain is [21]:

M = EI
εi1 − εi2

B
(1)

where EI is the bending stiffness of the pile body, εi1, εi2 are the strain values on both sides
of the i measuring point, and B is the pile diameter.

It can be seen from the above formula that for the piles, their flexural stiffness EI
and pile diameter B are fixed values, so the distribution of the bending moment of the
piles’ body is the same as the distribution of the strain difference. In order to analyze the
change law of the internal force of the pile body intuitively, this paper uses strain instead
of bending moment to analyze the strain of pile 2 under different excavation conditions
and anchors tensioning conditions, and its distribution is shown in Figure 7. As the soil in
front of the pile is excavated, the distribution of strain in the pile body shows itself to be
nonlinear. When the pile is in working condition 1 (cantilever stage), the retaining side of
the pile is under tension and the maximum value is at the top of the pile, and the strain
distribution is in a shape which is small at both ends and large at the middle. As the pile
moves from the cantilever state to the single pivot state, the pile bending moment changes
from tension on the retaining side to tension on the hollow side. As the supporting pile
enters the multi-supported state, the soil resistance in the passive zone gradually increases,
the maximum bending moment, the anti-bending point of the pile are shifted downward,
and the value of the maximum bending moment on the airside is significantly reduced.
Unlike the pile in cantilever state, which is only subject to the soil force, the pile-anchor
support structure is subject to the interaction of both soil unloading and anchor tensioning.
The bending moment at the embedded end also changes from being characterized by
tension on the retaining side in the initial working condition, to tension on the hollow side
in the multi-pivot stage, and then returns to a state of tension on the retaining side after
excavation is completed. This shows that the anchor is tensioned to form a synergistic
effect with the pile and the soil, which effectively changes the force state of the supporting
pile and avoids the ultimate force state of the supporting pile.
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Since the spatial position of the supporting pile has an influence on the bending
moment of the pile, it is necessary to further analyze the bending moment law of the
supporting pile at different positions. The strains of different supporting piles under the
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final working condition are shown in Figure 8. It can be seen from the figure that the
bending moment of pile 2 (intermediate pile) is larger than pile bending moment of pile 1
(side pile). Specifically, the embedded end bending moment is more obviously so. This is
due to the boundary effect near the side-pile: the soil near the pile is more self-stabilizing,
and the soil pressure acting on the pile is relatively small. This makes the pile bending
moment smaller. In the actual situation on site, the supporting piles located at the corner of
the pit have smaller pile bending moment than the supporting piles in the middle due to
the existence of the shaded angle. The whole pile moment distribution is “S” type, and the
reverse bending point is near the bottom of the pit. The supporting pile is under tension on
the hollow side above the pit bottom and under tension on the retaining side below the pit
bottom, and the maximum positive bending moment is greater than the maximum negative
bending moment. The pile–soil–anchor interaction makes the pile moment distribution
more reasonable than the cantilever state, reduces the pile internal force and improves the
safety and stability of the support structure.
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4.3. Earth Pressure Analysis

Figure 9 shows the measured soil pressure variation curves under different working
conditions. For the measured active earth pressure, the active earth pressure above the
bottom of the pit gradually increases under each excavation condition, showing a small
distribution at the top and large at the bottom. This is because the supporting pile moves
into the pit under the action of the excavated soil in front of the pile and the additional load
at the top after the pile, which drives the soil behind the pile to move forward as well, and
the soil stress in the active zone increases gradually. For the passive zone soil pressure, as
the excavation depth increases, the measured soil pressure below the excavation surface
is displaced onto the excavation side due to the supporting pile, and the stress of the soil
in front of the pile increases due to the extrusion. In the early stage of excavation, the
soil stress in the passive zone in front of the pile increases with depth and shows a small
distribution in the upper part and large in the lower part of the figure. At the later stage of
excavation, the passive soil pressure in front of the pile is distributed in the shape of large
at the top and small at the bottom.

In order to verify the reasonableness of the measured soil pressure, we calculated the
Rankine soil pressure of the support structure and compared it with the measured soil
pressure. We found that the measured soil pressure is smaller than the Rankine soil pressure
and has a non-linear distribution. This is because the Rankine earth pressure theory is
based on the rigid retaining wall, which assumes that the soil reaches the ultimate state [36],
while the foundation pit does not allow the soil to reach the ultimate state. Therefore, when
designing and analyzing the pile-anchored support structure based on the Rankine earth
pressure theory of traditional rigid retaining walls, the calculation results may be large.
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In the presence of complex excavation conditions or where the deformation range of the
support structure is strictly limited, the results calculated by the classical Rankine earth
pressure theory may not meet the requirements of the project. Therefore, further research
on non-limit states of earth pressure applicable to the foundation pit enclosure structure is
needed at a later stage.
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4.4. Analysis of Internal Forces of Anchors

Figure 10 shows the axial strain distribution of the five anchors at different depths.
From the theory of elasticity, it is known that the axial force and axial strain distribution
are the same for the same anchors. Therefore, it is more intuitive to use strain instead of
axial force when analyzing the axial force. From Figure 10, the axial force of the anchor
tends to be zero for the whole length when it is not tensioned. When the prestressing force
is applied, the axial force at each point starts to increase and gradually reaches the peak.
After the anchor is tensioned, the frictional resistance at the interface between the anchor
solid and the soil starts to play, and the anchor section shares part of the axial force coming
from the free section. So, the axial force starts to decrease with the length of the anchor
solid and drops to the minimum at the end of the anchor [37]. After the anchor tensioning
is completed and the jack is removed, the internal force at each measurement point of the
anchor shows a certain decrease. At this time, the relative displacement of the anchor solid
and its surrounding soil body no longer increases, and the internal force stabilizes. It can
also be seen from the figure that the magnitude of the axial force of the anchor also depends
on the magnitude of the applied external force. The greater the applied external force, the
greater the axial force of the anchor, so the external force within a reasonable range can give
full play to the frictional resistance of the anchor solid and the soil. By connecting with the
girders and piles, the anchor reduces the deformation of the supporting pile and the soil
behind the pile, improves the force state of the pile, and increases the safety and stability of
the supporting structure.
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Due to the large number of anchors tested in this experiment, only anchor M2-5 was
used to analyze the axial force and shear stress distribution of anchors under different
excavation conditions. Figure 11 shows the distribution of the axial force of anchor M2-5
under different excavation conditions. From Figure 11, it can be seen that the anchor axial
force starts to increase with the application of prestress and continues to reach its peak
after the next layer of soil excavation. The reason for this is that the passive earth pressure
starts to decrease due to the continuous unloading of the soil in front of the pile. The pile
has a tendency to move into the pit under the action of the soil in the active zone, and this
tendency is suppressed by the presence of the anchor. In the later excavation conditions,
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the anchor shaft force starts to decrease gradually, but it is higher than the initial shaft force
after the anchor is tensioned. This indicates that once the anchor is prestressed, its limiting
effect on the displacement of the pile and the soil behind the pile will continue to exist, thus
ensuring the safety of the support structure.
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After the anchor is tensioned, the internal force of any section of the anchored section
is equal to the sum of the internal force of the reinforcement and the internal force of the
anchor, and the quotient of the difference between the internal force of the two sections
and the surface area of the anchor is the shear stress of the anchor. Its calculation formula
is given by Liu Yongquan [38].

τ =

(
ε j − ε j+1

)
EAs

πd∆s
(2)

where E is the modulus of elasticity of the reinforcement, As is the cross-sectional area
of the reinforcement, εi is the strain value of any section i, ∆s is the distance between
two measurement points and d is the diameter of the anchor solid.

Based on Equation (2), the shear stress distribution of anchor M2-5 under excavation
conditions was shown in Figure 12. What can be seen is that, for the tension type anchor,
the shear stress distribution of the anchor solid shows a trend of increasing first and then
decreasing. It reaches the peak after a certain distance from the beginning of the anchorage
section, and then starts to decrease and tends towards zero at the end of the anchorage
section. Therefore, for tension anchors, the anchor solid shear stress is mainly borne
by the first half of the anchorage section, and the second half of the anchorage section
takes up a relatively small proportion. This shows that the anchor solid is not as long as
possible, but that there is an optimal anchorage length. After the anchorage section exceeds
a certain length, the shear stress provided by the anchor solid is very limited, which is
not conducive to the conservation of resources and the sustainable development of the
foundation pit project.

Due to the group anchor effect between soil anchors, the tensioning of adjacent anchors
affects the internal force of each anchor. The following is an example of anchor M1-3; the
effect of tensioning the anchors adjacent to anchor M1-3 on the internal force of M1-3 is
investigated, and the results are shown in Figure 13. In order to facilitate visual analysis of
the loss of axial force of anchor M1-3, the internal force of anchor M1-3 during tensioning
of adjacent anchors is normalized and expressed as the relative value of its axial force. The
initial value of the axial force of anchor M1-3 after treatment was 1. The anchor M1-3 was
tensioned first, followed by the adjacent anchors in sequence. When the anchors were
tensioned according to the sequence in Figure 13a, it can be seen that the axial force of the
target anchor M1-3 lost 39% when the anchor M1-2 to the left of M1-3 was tensioned, and
the axial force of M1-3 lost another 32% when the anchor M1-4 to its right was tensioned.
This was only 29% of its initial value. When tensioned according to the sequence shown in
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Figure 13b, the axial force of anchor M1-3 is 74% and 45% of its initial value, respectively.
When tensioned in the order shown in Figure 13c, the axial forces of anchors M1-3 are 82%
and 62% of their initial values, respectively. It can be seen that the tensioning sequence of
anchors has a large effect on the axial force of anchors. When the anchors were tensioned
sequentially, the loss of axial force of the target anchors was more obvious. The axial
force loss of the target anchor is significantly reduced if tensioning is done at a certain
number of intervals. The greater the distance between tensions, the smaller the axial force
loss of the target anchor; for the inverse, the greater is the axial force loss. Therefore, the
tensioning sequence of anchors in actual construction can follow the principle of a certain
distance between tensions in order to reduce the loss of axial force of anchors during the
construction process, which leads to the decrease of anchoring effect of anchors. This can
effectively avoid the situation that the axial force loss of anchor is too large to control the
deformation of the foundation pit and reduce the potential safety of the foundation pit.
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5. Conclusions

(1) The pile-anchor support structure has good support effect for foundation pit in
loess area. The reason is that the interaction of pile–soil–anchor makes the deformation of
soil and support structure coordinate with each other, which can effectively restrain the
lateral deformation of soil after the pile, especially as the position of the first anchor point
has a more obvious limiting effect on the displacement of support pile.

(2) Compared with cantilever piles, where the bending moment is distributed in
tension on one side and compression on the other side, the pile-anchor support structure
has an “S”-type distribution of bending moment due to the presence of prestressed anchors.
With the excavation of the soil and the effect of the prestressing anchor, the maximum value
of the pile bending moment and the position of the anti-bending point are decreasing. This
avoids the possible extreme force state of the supporting pile, thus improving the bearing
capacity of the supporting pile.

(3) Different from the classical linear distribution of earth pressure, the active and
passive earth pressure of the pile-anchor-retaining structure show nonlinear distribution
due to the unloading effect caused by soil excavation on the passive side and the action
of prestressed anchor. The distribution mode of the measured earth pressure is quite
different from that of Rankine earth pressure, and the measured earth pressure is smaller
than that of Rankine earth pressure. Therefore, the use of earth pressure theory in the
design and analysis of foundation pit support should be carefully considered and verified
with engineering experience, so as to ensure that the design of foundation pit support is
reasonable, economic and safe.

(4) After the prestressing force is applied to the anchors, the axial force starts to
decrease at the beginning of the anchorage section and decreases to the minimum at the
end of the anchorage section. The shear stress of the anchors starts to increase at the
beginning of the anchorage section, reaches the peak after a certain distance, and then starts
to decrease gradually.

(5) Due to the effect of group anchors, the tensioning of adjacent anchors will reduce
each other’s internal force and affect the anchoring effect. It is recommended that anchor
rods at the same horizontal position be tensioned at interval holes. This can reduce the
prestress loss of the front anchors, and the larger the interval distance, the smaller the
prestress loss and the better the corresponding anchorage effect.
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Abstract: At present, there are still some gaps in the theoretical calculation of the permanent displace-
ment of the multi-stage loess slope under the action of earthquake. Therefore, this paper firstly uses
the GEO-Studio finite element software to explore the influence of the comprehensive slope rate on
the permanent displacement when the slope rate of each grade of multi-stage loess slope changes
and the stage of multi-stage slope changes. The results show that it is feasible to use the compre-
hensive slope rate to calculate the permanent displacement of the sliding body of the multi-stage
loess slope under the action of earthquake. On the basis of this conclusion, in order to simplify the
calculation of permanent displacement of potential sliding soil, the other geometric parameters of the
multi-stage loess slope are replaced by the comprehensive slope rate, combined with the Newmark
slider displacement analysis method and energy conservation principle, and then the calculation
method of permanent displacement of potential sliding soil of multi-stage loess slope under the
action of earthquake is deduced. Through an example, the permanent displacement calculated by the
proposed algorithm are compared with those calculated by the PLAXIS 3D software and GEO-Studio
software. The results show that the permanent displacement calculated by this method is close to that
calculated by the GEO-Studio software, and the difference is only 2%, and thus, the rationality of the
proposed method for calculating the permanent displacement of the multi-stage loess slope under
the action of earthquake is verified. The algorithm proposed in this paper provides a theoretical
reference for the calculation of the permanent displacement of multi-stage loess slope under the
action of earthquake.

Keywords: energy method; multi-stage loess slope; single slip surface; permanent displacement;
calculation method

1. Introduction

Loess is a kind of unsaturated soil with large pores, and loess in China is mainly
distributed in the northwest region [1–5]. In recent years, as the “Western Development”
strategy and “Belt and Road Initiative” strategy have entered a key stage of accelerated
development, there will be a large number of multi-stage loess slopes when various infras-
tructure is built along them. However, China is also a country with frequent earthquakes,
and it is very easy to cause multi-stage loess slope landslides under the action of earth-
quake, which seriously threatens people’s lives and property safety [6,7]. Therefore, it
is particularly important to study the calculation of permanent displacement of multi-
stage loess slope under the action of earthquake [8–10]. At present, the research on the
calculation of permanent displacement of the slope under the action of earthquake is as
follows. The finite slider displacement analysis method was put forward by Newmark [11]
in 1965. It is suggested that the index of possible displacement of potential sliding soil
in earth–rockfill dam during earthquake should be used in evaluating the seismic safety
of earth–rockfill dam, and a theoretical model for calculating the permanent displace-
ment of potential sliding soil is put forward. Now, this method is widely used in the
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evaluation of slope stability during earthquake. Since the Newmark slider displacement
calculation model was proposed, many scholars have proposed many modified models
based on this theory to consider the dynamic response of sliding blocks. These methods
include the slider analysis method of coupling and decoupling, among which the simplified
model proposed by Makdisi et al. [12] is the most representative one. Steven et al. [13]
introduced the dynamic response of the material on the potential sliding surface into the
traditional calculation method of slider displacement. Ellen et al. [14–16] compared the
difference between decoupling and coupling methods in calculating permanent displace-
ment, proposing a coupling-based analysis model considering sliding mass and sliding
plane nonlinearity. Zhang et al. [17,18] provide a strict method for the general calculation
of elastodynamic plane problems according to the radial wave function expansion and
transfer matrix method. Many scholars have also developed a variety of empirical predic-
tion models for the permanent displacement of potential slip surface of the slope under the
action of earthquake, where the permanent displacement is a function of slope geometry,
soil parameters or one or more ground motion parameters. Bray et al. [19] proposed a
simplified semi-empirical program, which can be used to evaluate the displacement of
natural soil or landfill structures that may slip during earthquake. Hsieh et al. [20] used
the regression model and regression method to improve the JB93 formula and JB98 for-
mula to calculate Newmark displacement by discussing the relationship between Avias
strength and Newmark displacement and the relationship between critical acceleration and
Newmark displacement. Du et al. [21] quantitatively studied the influence of the change
in slope properties on calculating the displacement of the slope in a Newmark rigid body
and fully coupled analysis. Through Monte Carlo simulation, the changes in soil strength,
groundwater level, nonlinear soil properties and other parameters are studied, and the
influence of these parameters on the displacement prediction of rigid and soft slope is
studied comprehensively. Some scholars have also extended the original model with only
one potential sliding surface and slider to a nested Newmark slider displacement calcu-
lation model with multiple potential sliding surfaces and sliders. Song et al. [22] derived
the sliding model of two blocks on the sliding model of one block, and then derived the
three-block model, discussed seven possible sliding modes, and put forward a method for
calculating the permanent seismic displacement of infinite slope. In addition to the above
research, some scholars have also studied the displacement of the slope strengthened by
supporting structure under the action of earthquake. Considering the reinforcement effect
of a frame with a prestressed anchor on the slope, Ye et al. [23–26] established the analysis
model of dynamic response and displacement of the slope under the action of earthquake,
deduced its calculation theory, and put forward the analysis method of dynamic response
and displacement of the slope strengthened by a frame with prestressed anchor under the
action of earthquake.

To sum up, it is not difficult to see that the existing research on the permanent dis-
placement of slope under earthquake is mainly focused on the correction of the Newmark
slider displacement calculation model, the development of empirical prediction models of
permanent displacement, the establishment of the nested Newmark slider displacement
calculation model with multiple slip surfaces and sliders, and the calculation for perma-
nent displacement of single-stage slope strengthened by supporting structure. However,
there are still some gaps in the theoretical calculation of the permanent displacement
of multi-stage slope and multi-stage loess slope. At present, there are still some gaps
in the theoretical calculation of the permanent displacement of multi-stage loess slope
under the action of earthquake. Therefore, this paper firstly uses the GEO-Studio finite
element software to explore the influence of the comprehensive slope rate on the perma-
nent displacement when the slope rate of each grade of multi-stage loess slope changes
and the stage of multi-stage slope changes. The results show that it is feasible to use the
comprehensive slope rate to calculate the permanent displacement of the sliding body of
multi-stage loess slope under the action of earthquake. On the basis of this conclusion, in
order to simplify the calculation of permanent displacement of potential sliding soil, the
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other geometric parameters of multi-stage loess slope are replaced by the comprehensive
slope rate, combined with Newmark slider displacement analysis method and energy
conservation principle, and then the calculation method of permanent displacement of
potential sliding soil of multi-stage loess slope under the action of earthquake is deduced.
Through an example, the permanent displacement calculated by the proposed algorithm
are compared with those calculated by PLAXIS 3D finite element software and GEO-Studio
finite element software, and the rationality of the proposed method for calculating the per-
manent displacement of multi-stage loess slope under the action of earthquake is verified.
The algorithm proposed in this paper provides a theoretical reference for the calculation of
permanent displacement of multi-stage loess slope under the action of earthquake.

2. Influence of the Comprehensive Slope Rate on Permanent Displacement

In the process of excavation of multi-stage loess slope, the slope is unloaded by
setting the width of the platform and changing the original slope rate, which leads to the
redistribution of stress in the slope. In terms of geometric characteristics, compared with
single-stage loess slope, multi-stage loess slope has more definitions of unloading platform
width, each grade height, each grade slope rate and slope series. The comprehensive
slope rate is the ratio of the total slope height to the distance from the top to the toe of
slope of the multi-stage slope, so the comprehensive slope rate can reflect these geometric
parameters quantitatively to a certain extent. First of all, in this paper, the influence of
comprehensive slope on the permanent displacement of multi-stage loess slope under
the action of earthquake is explored by numerical simulation software, and then the well-
defined physical quantity of comprehensive slope is introduced to simplify the process of
theoretical calculation. In terms of qualitative permanent displacement, a minimum safety
factor Fs less than 1.2 is defined as the failure of the slope, and the corresponding horizontal
displacement of the sliding soil is the permanent displacement of the slope under the action
of earthquake, and the subsequent permanent displacement is expressed according to this
definition. Taking the working condition A-1 in Table 1 as an example, the SLOPE/W
module based on quasi-static method is used to calculate the stability of the slope after
earthquake in GEO-Studio numerical simulation software, and the slip surface form and
minimum safety factor of the slope are shown in Figure 1.

Table 1. Each grade of multi-stage loess slope changes the calculation condition.

Working
Condition Slope Rate of Each Grade Working

Condition Slope Rate of Each Grade

A-1 1:1 1:1 1:1 A-7 1:0.85 1:0.9 1:1.25
A-2 1:0.95 1:1 1:1.05 A-8 1:0.8 1:1.1 1:1.1
A-3 1:0.95 1:0.95 1:1.1 A-9 1:0.8 1:0.95 1:1.25
A-4 1:0.9 1:1.05 1:1.05 A-10 1:0.75 1:1.1 1:1.15
A-5 1:0.9 1:0.9 1:1.2 A-11 1:0.75 1:1.05 1:1.2
A-6 1:0.85 1:1.05 1:1.1 A-12 1:0.75 1:1 1:1.25

It can be seen from Figure 1 that the minimum safety factor is 0.903. According to
the definition of this paper, the slope has been destroyed and has produced permanent
displacement. By calculating the rest of the working conditions in this paper, it is found
that the minimum safety factor is less than 1.2, which means that these slopes all cause
permanent displacement.
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Figure 1. Result of seismic stability analysis of slope under A-1 working condition.

2.1. When the Slope Rate of Each Grade of Multi-Stage Slope Is Changed

In order to explore the influence of the change in the slope rate of each grade on
the permanent displacement of potential sliding soil of multi-stage loess slope under the
action of earthquake, a three-stage loess slope model is established by using GEO-Studio
geotechnical finite element software. The total height of the slope is H =30 m, the height
of each slope is h1 = h2 = h3 = 10 m, the width of the platform is 3 m, the friction angle of
soil is ϕ = 15◦, the unit weight of soil is γ = 16.6 kN/m3, the slope rate of each grade is
1:0.75~1:1.25, and the slope as a whole shows a steep trend at the upper part and gentle
at the lower part. Additionally, a total of 12 working conditions are set for simulation
calculation when the comprehensive slope rate is 1:1.2; the specific working conditions are
shown in Table 1.

The A-1 analysis model is shown in Figure 2. The model soil parameters are loess-like
silt, the linear elastic model is adopted, the yield criterion is the Mohr–Coulomb yield
criterion, the model Poisson’s ratio is υ = 0.3, and the initial dynamic shear modulus is
Gmax = 220 Mpa. First, the model is analyzed by the initial static analysis. The boundary
condition of the model is that the horizontal and vertical directions at the bottom are fixed,
the horizontal directions on both sides are fixed, and the vertical directions on both sides
are free. Then, the model is calculated and analyzed by equivalent linearity calculation and
analysis. The boundary condition of the model is that the horizontal and vertical directions
at the bottom are fixed, the vertical directions on both sides are fixed, and the horizontal
directions on both sides are free.
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Figure 2. Grid diagram of dynamic analysis and calculation model of multi-stage loess slope under
A-1 working condition.

In the dynamic calculation of the model, the EI-Centrol seismic wave with a duration
of 30 s and a peak acceleration of 0.2 g is selected for each working condition, which is input
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at the bottom of the model. The boundary condition of the model is that the horizontal and
vertical directions at the bottom of the model are fixed, the vertical directions on both sides
of the model are fixed, and the horizontal directions on both sides of the model are free.
Because it is defined that the permanent displacement is the horizontal displacement of
the slope after experiencing the whole duration range of the earthquake when the safety
factor is less than 1.2, the maximum horizontal displacement after the calculation of the
model under each working condition is selected, which is the permanent displacement. The
calculated permanent displacement of the slope under each working condition in Table 1 is
shown in Figure 3.
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Figure 3. The permanent displacement under various working conditions of Table 1.

As can be seen from Figure 3, when the slope rate of each grade slope changes but
the comprehensive slope rate remains unchanged, the minimum horizontal permanent
displacement of multi-stage loess slope under the action of earthquake is 0.15784 m under
A-1 working condition, and the maximum value is 0.17633 m under A-10 working condi-
tion. Additionally, the difference between the maximum permanent displacement and the
minimum permanent displacement is 0.01849 m, which is only 10.486% of the maximum
permanent displacement. According to the above analysis, it can be shown that it is feasible
to use the comprehensive slope rate to calculate the permanent displacement under the con-
dition that the slope rate of each grade changes, but the comprehensive slope rate remains
unchanged. It can also be seen from Figure 3 that the maximum horizontal displacement is
most directly related to the slope rate of the first-stage slope. When the first-stage slope
rate remains unchanged, the difference in the maximum horizontal displacement is very
small, such as the working condition of A-10~A-12.

2.2. When the Stage of Multi-Stage Slope Is Changed

In order to explore the influence of the comprehensive slope ratio on the permanent
displacement under the condition that the stage of multi-stage loess slope changes and
other geometric parameters remain unchanged, the slope model as shown in Table 2 is
established. The specific model parameters are the same as those in Section 2.1, only the
slope series is changed, and the slope rate of each grade is the same under the same working
condition. A total of 20 calculation conditions are set up, the specific conditions are shown
in Table 2, and the research results of Zhang [27] are introduced for comparative analysis.

146



Appl. Sci. 2022, 12, 8426

Table 2. Working conditions for calculation of the number of stage changes in multi-stage loess slope.

Working
Condition Slope Stage Comprehensive

Slope Rate
Working

Condition Slope Stage Comprehensive
Slope Rate

B-1 1

1:0.75

B-11 1

1:1.25
B-2 2 B-12 2
B-3 3 B-13 3
B-4 4 B-14 4
B-5 5 B-15 5

B-6 1

1:1

B-16 1

1:1.5
B-7 2 B-17 2
B-8 3 B-18 3
B-9 4 B-19 4

B-10 5 B-20 5

The calculated permanent displacement of the slope under each working condition in
Table 2 is shown in Figure 4.
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It can be seen from Figure 4 that under the condition of constant comprehensive slope
rate, the change in the slope series has little influence on the permanent displacement of
multi-stage loess slope under the action of earthquake. In the research results of Zhang [27],
the total slope angle of the multi-level loess slope model is 41.4◦, the width of the platform
is 4 m, the total height of the slope is 30 m, and the stage number ranges from 1 to 5. From
the research results of Zhang [27], it can also be seen that the change in stage number
has little influence on the permanent displacement. Therefore, it is also feasible to use
the comprehensive slope rate to calculate the permanent displacement when the stage of
multi-stage loess slopes changes, but the comprehensive slope rate remains unchanged.

3. Analysis of Energy Response of Multi-Stage Loess Slope under the Action
of Earthquake

Combining the contents of Section 2.1, under the condition that the comprehensive
slope rate is constant and other geometric parameters (slope rate of each stage, height
of each stage and slope stage of the multi-stage loess slope) change, the variation range
of potential sliding soil permanent displacement is small. In order to simplify the calcu-
lation of the permanent displacement of the potential sliding soil, the other geometric
parameters of the multi-stage loess slope can be replaced by the comprehensive slope
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rate, and the theoretical analysis and calculation can be carried out. When calculating the
permanent displacement of the potential sliding soil, the multi-stage loess slope can also be
regarded as a single-stage slope with the same slope rate as the comprehensive slope rate
of original slope.

3.1. Basic Assumptions

According to the relevant flow law of rock and soil mass and the principle of limit
analysis, in order to simplify the calculation and approach the actual project, the following
assumptions are made [23,28,29].

(1) The strength of rock and soil mass obeys the Mohr–Coulomb strength criterion.
(2) When the rock and soil mass fails, the yield surface is convex everywhere and con-

forms to the relevant flow laws.
(3) When the potential sliding body slides with the lower soil body, its sliding surface is

assumed to be a logarithmic spiral along the tangential direction.
(4) When the potential sliding body is in the limit equilibrium state that is about to slide,

the acceleration of the potential sliding body is its yield acceleration.
(5) There is no gradual failure of the plastic failure of the soil on the slip surface; that is,

the cohesive force of the soil c and the angle of internal friction of the soil ϕ remain
unchanged during the earthquake duration.

3.2. Critical Acceleration of Potential Sliding Soil

As shown in Figure 5, the potential sliding soil ABC appears on the slope surface under
the action of earthquake. According to the Newmark slider displacement analysis method,
when the soil slides under horizontal and vertical seismic forces, the potential sliding soil
ABC will appear in the following four states. The first state is relatively static (the seismic
acceleration does not exceed the yield acceleration of the potential sliding soil), the second
state is limit equilibrium (the seismic acceleration reaches the yield acceleration of the
potential sliding soil), the third state is positive downward sliding (the seismic acceleration
exceeds the positive yield acceleration of the potential sliding soil) and the fourth state
is reverse upward sliding (the negative seismic acceleration exceeds the negative critical
acceleration of the potential sliding soil) [23,28].
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It is assumed that the comprehensive slope rate of the multi-stage loess slope is 1:n,
the inclination between the potential sliding soil and the lower part of the sliding soil is θ,
and both horizontal and vertical seismic forces are considered in the theoretical analysis
and calculation. When the potential sliding soil ABC is in the limit equilibrium state under
earthquake excitation, the positive critical acceleration of the potential sliding soil acr(t)
and the negative critical acceleration aco(t) of the potential sliding soil can be solved by
using the upper limit theorem of plastic limit analysis.
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3.2.1. Positive Downward Critical Acceleration

When the positive seismic acceleration reaches the critical acceleration of the potential
sliding soil, the sliding soil will be in the state of limit equilibrium about to slide at this
moment. At this time, the potential sliding soil has a downward velocity v relative to the
lower soil, the angle between the velocity and the slip surface is α, and the calculation
diagram is shown in Figure 6. According to the theory of plastic limit equilibrium, the
external force power

.
w0 is equal to the internal force power

.
wi [23].
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The external force power
.

w0 is composed of two parts, namely, the power made by
gravity Pw and the power made by seismic inertia force Pi [28]:

Pw = m(g + ay)v sin(θ − α) (1)

Pi = m(
..
xg +

..
x)v cos(θ − α) (2)

where m is the mass of the potential sliding soil, g is the acceleration of gravity,
..
xg is the

horizontal acceleration of the lower part of the potential sliding soil, and
..
x is the acceleration

of the potential sliding soil relative to the lower soil.
The dissipated power of internal force

.
wi is composed of three parts, namely, the

energy dissipation of the sliding surface during the motion Pt, the energy dissipation of the
potential sliding soil due to the plastic deformation of the soil at the moment of instability
Pc, and the energy dissipation caused by the Coulomb damping when the potential sliding
soil is in the limit equilibrium state Pd [28]:

Pt = clv cos ϕ (3)

Pc = csv cos ϕ (4)

Pd = mv
[
(g + ay) cos θ − (

..
xg +

..
x) sin θ

]
tan ϕ cos α (5)

According to [23]
Pw + Pi = Pt + Pc + Pd (6)

The forward critical acceleration of the potential sliding body at this time acr(t) can
be obtained:

acr(t) =
cl cos ϕ+cs cos ϕ+m(g+ay) cos θ tan ϕ cos α

m cos(θ−α)+m sin θ tan ϕ cos α

− m(g+ay) sin(θ−α)

m cos(θ−α) cos α+m sin θ tan ϕ cos α

(7)

3.2.2. Negative Downward Critical Acceleration

When the seismic acceleration changes from positive to negative, the velocity of
the potential sliding soil relative to the lower soil gradually decreases until the seismic
acceleration reaches the negative critical acceleration of the potential sliding soil. Then,
the potentially sliding soil will be in limit equilibrium state about to slide upward under
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seismic excitation, and the angle between its velocity v′ and the potential sliding surface is
β, and the direction is upward. The calculation diagram is shown in Figure 7.
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At this time, the power made by the external force
.

w0 and the dissipation power of
the internal force

.
wi are:

.
w0 = −m(g + ay)v′ sin(θ + β) + m(

..
xg +

..
x)v′ cos(θ + β) (8)

.
wi = clv′ cos β + csv′ cos β + mv′

[(
g + ay

)
cos β +

( ..
xg +

..
x
)

sin β
]

tan ϕ cos β (9)

From
.

w0 =
.

wi [23], the negative critical acceleration aco(t) can be obtained when
the potential sliding soil is in the limit equilibrium state, and it should be noted that the
negative critical acceleration is a negative value:

aco(t) = − cl cos β+cs cos β+m(g+ay) cos β tan ϕ cos β

m cos(θ+β) cos α−m sin θ tan ϕ cos β

− m(g+ay) sin(θ+β)

m cos(θ+β) cos α−m sin θ tan ϕ cos β

(10)

3.3. Influence of Inclination Angle of Slip Surface θ and Soil Parameters on Positive and Negative
Critical Acceleration

Since the vertical acceleration of potential sliding soil is no longer a fixed value, it
is a more complex value with the change in inclination angle and soil parameters when
the inclination angle θ and soil parameters (internal friction angle ϕ and cohesive force c)
are changed. Therefore, the vertical acceleration ay is not considered in the analysis of
this section, which makes it equal to 0. The effects of the inclination angle of the potential
slip surface θ and the friction angle of the soil ϕ and cohesive force c of the soil on the
critical acceleration of the potential sliding soil ac are shown in Figures 8–10. In order to
simplify the calculation process, the width of the potential sliding soil is 1 m. The geometric,
physical and mechanical parameters of the slope are shown in Table 3.

It can be seen from Figure 8 that as the increase in the inclination angle of the potential
slip surface θ, the absolute value of the positive critical acceleration |acr(t)| decreases with
a very small range, which accords with the general law from the point of view of stability.
When the inclination angle θ increases from 0 to 40◦, the absolute decrease in positive
critical acceleration is only 1.07. The absolute value of negative critical acceleration |aco(t)|
increases continuously when the inclination angle of potential slip surface θ increases from
0 to 40◦, and when the inclination angle of the potential slip surface θ reaches 40◦, the
absolute value of the negative critical acceleration exceeds 5 g. It can also be seen from
Figure 8 that the assumption that the Newmark slider displacement analysis method is
not applicable to the sliding soil system with deeper potential slip surface is reasonable.
When the slip surface is deep, the negative critical acceleration increases sharply, and it is
impossible for the general earthquake and velocity to reach the value shown in Figure 8.
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The Newmark slider displacement analysis method does not consider the negative critical
acceleration, so it does not consider the reverse displacement.
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Table 3. The geometry, physical and mechanical parameters of slope.

Parameters

Length of
Potential
Slippery

Surface l/m

Soil Weight
γ/(kN/m3)

Dynamic Shear
Modulus
G/Mpa

Cohesive Force
c/kPa

Internal
Friction Angle

ϕ/(◦)

Inclination Angle
of Potential Slip

Surface
θ/(◦)

Numerical
value 172 16.6 220 15 32 40

It can be seen from Figures 9 and 10 that the friction angle and cohesive force of soil
have much less influence on the critical acceleration relative to the inclination angle of
the potential sliding surface. It is proved that the energy dissipated by damping and soil
deformation is much smaller than the energy dissipated by the motion of the potential
sliding soil.

3.4. Influence of Vertical Acceleration on Critical Acceleration in the Action of Earthquake

When an earthquake occurs, both horizontal seismic excitation and vertical seismic
excitation act on the slope soil at the same time. Most scholars only consider the influence
of horizontal seismic action when considering the dynamic response of the slope under the
action of earthquake, but some new studies show that vertical seismic force can change the
distribution of dynamic stress in structure, which cannot be ignored in structural seismic
and dynamic response analysis [30]. Taking the slope in Table 1 as an example, a monitoring
point is set at the top of the slope, and an EI-Cenrol seismic wave with a peak acceleration
of 0.2 g is applied at the bottom of the model under the case for considering the vertical
acceleration. Then, the horizontal acceleration and the positive critical acceleration within
the earthquake duration of 0~5 s is drawn, as shown in Figure 11.
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As shown in Figure 11, in the calculation of the positive critical acceleration, it can
be seen from the red line that the positive critical acceleration is a certain value without
considering the vertical critical acceleration, which is 0.201 g, and its value is a variable
quantity with time when considering vertical acceleration. The magnitude and direction of
the vertical acceleration directly affect the magnitude and direction of the critical acceler-
ation. The positive critical acceleration increases when the vertical acceleration is in the
same direction as the critical acceleration, and the positive critical acceleration decreases
when the vertical acceleration is opposite to the critical acceleration. It can also be seen
from Figure 11 that acr(t) fluctuates up and down around acr over time, and the number of
horizontal acceleration exceeding the critical acceleration is limited. If the vertical accelera-
tion is not considered and the critical acceleration is regarded as a fixed value to calculate
the permanent displacement, there may be some errors, which will affect the calculation of
the permanent displacement.

3.5. Energy Equation of Sliding Soil System

From the analysis of Figure 6, it can be concluded that under the combined action
of horizontal and vertical seismic excitation, sliding soil will move along the potential
sliding surface after the acceleration of the sliding soil exceeds the yield acceleration, and
the differential equation of motion is:

−m(
..
xg +

..
x) cos θ − cl − µm

[
(g + ay) cos θ + (

..
xg +

..
x) sin θ

]
+ m(g + ay) sin θ = 0 (11)

where m is the friction coefficient between the sliding soil mass and the lower soil mass,
µ= tanϕ.

Equation (11) can be rearranged:

(1 + µ tan θ)m(
..
xg +

..
x) +

cl
cos θ

+ µm(g + ay)−m(g + ay) tan θ = 0 (12)

During the whole process of the earthquake, the soil of the slope has been in the energy
field under the earthquake excitation, and the input, transformation and consumption
of energy have been carried out and balanced. On the one hand, the soil is constantly
transmitting energy; on the other hand, it continues to consume energy because of the
displacement caused by motion. The differential equation of motion of the potential sliding

153



Appl. Sci. 2022, 12, 8426

soil is established only in the limit equilibrium state, which can only reflect the energy state
of one moment, and cannot represent the process of motion change process of potential
sliding soil at other times in the duration range of earthquake. By quantifying the process
of energy change in sliding soil in the energy field, the energy response equation of sliding
soil under earthquake can be obtained [28,29].

The absolute displacement of potential sliding soil xg + x at both ends of Equation (12)
is integrated in the earthquake duration range [0, t], and the absolute energy response
equation of potential sliding soil is obtained:

∫ t
0 (1 + µ tan θ)m(

..
xg +

..
x)(

.
xg +

.
x)dt +

∫ t
0

cl
cos θ (

.
xg +

.
x)dt+

∫ t
0 µm(g + ay)(

.
xg +

.
x)dt−

∫ t
0 m(g + ay) tan θ(

.
xg +

.
x)dt = 0

(13)

Simplification can be obtained:

1+µ tan θ
2 m(

.
xg +

.
x)2

+
[

cl
cos θ + µm2(g + ay)

]
x−m(g + ay)x tan θ =

(1 + µ tan θ) ·
∫ t

0 m(
..
xg +

..
x)

.
xgdt

(14)

where
.
xg is the velocity of the lower soil, x is the displacement of the potential sliding

soil relative to the lower soil, that is, the permanent displacement of the potential sliding
soil,

.
xg +

.
x is the absolute velocity of the potential sliding soil, and

..
xg +

..
x is the absolute

acceleration of the potential sliding soil.
Equation (14) is suitable for any time within the duration range of the earthquake;

that is, the values of energy input and output of the whole sliding soil system are always
balanced in the earthquake duration range. Figure 12 shows the acceleration of potential
sliding soil and lower soil during a certain period of time when the vertical acceleration of
the lower soil is not taken into account.
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During the time period of [0, t1], the acceleration of the lower soil mass (the seismic
acceleration) does not exceed the positive and negative critical acceleration of the potential
sliding soil, and the potential sliding soil remains relatively static with the lower soil. The
magnitude of the static friction force at the potential slip surface is equal to the seismic force
at the moment, and the direction changes continuously with the direction of the seismic
force to counteract the effect of the seismic force. With the change in the direction of the
seismic force, the static friction force continues to perform positive and negative work, the
kinetic energy of the whole landslide system increases and decreases continuously, and
the total energy keeps balance. Additionally, the speed of potential sliding soil is always
the same as that of the lower soil. During the time period of [t1, t2], the acceleration of the
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lower soil exceeds the positive critical acceleration acr of the potential sliding soil, and the
potential sliding soil breaks the limit equilibrium state that is about to slide downward
and begins to slide downwards. In this process, the acceleration of the lower soil and
the sliding soil are

..
xg and aor, respectively, where the former is accelerated motion, and

the latter is uniform acceleration motion. During the time period of [t2, t3], the lower soil
begins to decelerate, and its acceleration is

..
xg. Due to the action of inertia, the sliding soil

still accelerates uniformly, and its acceleration is acr. At the t3 moment, the velocity of the
lower soil and the sliding soil are consistent again. During the whole time period of [t1, t3],
The kinetic energy of the system is increased by the work performed by the shear force at
the slip surface, the vertical seismic force and the gravity, and the kinetic energy is reduced
by the friction work between the lower soil and the sliding soil at the slip surface. At t4
moment, the acceleration of the lower soil exceeds the reverse critical acceleration aor of
the sliding soil, and the sliding soil begins to slide upward. At the t5 moment, the velocity
of the lower soil and the sliding soil are consistent again. Differently from the fact that
the work performed by gravity and the shear force at the slip surface increases the system
energy in the whole time period of [t1, t3], the work performed by gravity and shear force
at the slip surface in the whole time period of [t4, t5] will dissipate part of the seismic input
energy. The movement mode of sliding soil in the time period of [t6, t7] is the same as that
of [t1, t3].

3.6. Critical Input Power and Permanent Displacement

From the term of horizontal seismic input energy at the right end of Equation (14),
the instantaneous input energy of the block ∆EEQH with a time interval of ∆t within the
duration range of the earthquake can be obtained as follows:

∆EEQH = (1 + µ tan θ) ·
∫ ∆t

m
..
xz

.
xgdt (15)

At this time, the condition of block sliding is that the instantaneous input energy
∆EEQH of the block is greater than the kinetic energy increase in the block in the time
period of ∆t. After the instantaneous input energy is obtained from Equation (15), the
instantaneous input power Pr can be obtained by deriving it:

Pr = (1 + µ tan θ)m
..
xz

.
xg (16)

By deriving the first kinetic energy term at the left end of Equation (14), the critical
input power of the block Pcr can be obtained:

Pcr = (1 + µ tan θ)m
..
xz

.
xz (17)

When the earthquake input power is less than the critical input power of the block,
this part of the input energy can be fully converted and consumed inside the slope, so it
will not trigger the block to slide, which is relatively safe. On the contrary, the energy input
by ground motion will not be safely converted and consumed. After deriving the kinetic
energy term and making it equal to the instantaneous input power of the block Pres, the
residual input power of the permanent displacement of the block Pres can be obtained:

Pres = (1 + µ tan θ)m
..
xz(

.
xg −

.
xz) (18)

The residual input power Pres is integrated within [0, t] during the duration of the
earthquake, the part of the residual power input energy of the block under earthquake
action can be obtained, which is defined as the residual energy of the block ERES [29]:

ERES = (1 + µ tan θ)m
∫ t

0

..
xz(

.
xg −

.
xz)dt (19)
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From Equations (14) and (19), the residual energy ERES can be defined as the difference
between the absolute input energy of horizontal earthquake EEQH and the absolute kinetic
energy of sliding soil EK, that is, ERES = EEQH − EK. The generation of residual energy
is the trigger condition of the potential sliding of sliding soil, and contributes to the
generation of permanent displacement of sliding soil together with the increase or decrease
in potential energy produced by sliding of soil and the input energy of the vertical seismic
wave. Considering the dynamic friction coefficient of sliding soil µ = tan ϕ, according to
the definition of residual energy and Equation (19), the following results can be obtained:

[
cl

cos θ
+ m(g + ay)(tan ϕ− tan θ)

]
x = (1 + tan ϕ tan θ)m

∫ t

0

..
xz(

.
xg −

.
xz)dt (20)

According to Equation (20), the permanent displacement x of the block in the whole
earthquake duration range can be obtained.

4. Example Verification
4.1. Model Parameters

It is known that the total height of three-stage homogeneous loess slope is 30 m, the
height of each slope is h1 = h2 = h3 = 10 m, the slope rate of each grade is i1 = i2 = i3 = 1:0.75,
the width of the platform is B1 = B2 = B3 = 2 m, the friction angle of soil is ϕ = 32◦, the
cohesive force is c = 15 kPa, and the natural heavy of soil is γ = 16.6 kN/m3. The safety
grade of the slope is grade II, and the seismic fortification intensity in this area is VIII.

4.2. Comparison of Calculation Results

The calculated time history of positive critical acceleration and horizontal acceleration
is shown in Figure 13. The numerical simulation adopts EI-Centrol seismic wave with
horizontal peak acceleration of 0.2 g and vertical peak acceleration of 0.2 g, and the duration
is 30 s. The positive and negative critical acceleration time histories of sliding soil are
calculated by Equations (7) and (10), respectively, and the average values of positive
and negative critical acceleration are 0.185 g and −5.214 g, respectively. The permanent
displacement calculated in this paper is compared with that calculated by PLAXIS 3D
software and Geo-Studio software, and the comparison results are shown in Table 4.
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Table 4. Comparison of permanent displacement of sliding soil.

Calculation Method Permanent Displacement/m

The method of this paper 0.186
The method of PLAXIS 3D 0.118
The method of GEO-Studio 0.23

It can be seen from Figure 13 that the calculated value of negative critical acceleration
is much larger than the peak value of horizontal acceleration, so it can be concluded that
the negative critical acceleration has no effect on permanent displacement. As can be
seen from Table 4, the permanent displacement calculated by this paper is larger than
that calculated by PLAXIS 3D and smaller than that calculated by GEO-Studio, which
is closer to that calculated by GEO-Studio. This is because the Geo-Studio software is a
two-dimensional calculation software and is relatively simplified in the calculation process,
and the derivation process of this paper does not consider the influence of the lateral
deformation of soil on the calculation of permanent displacement. To a certain extent, the
calculation method in this paper is reliable.

4.3. Influence of the Change in Gravity Potential Energy on Permanent Displacement

In order to explore the influence of the reduction in gravity potential energy on the
permanent displacement of the slope, the inclination angle of the slip surface is changed
without considering the vertical acceleration, the critical acceleration, permanent displace-
ment, gravity potential energy drop and seismic input energy of sliding soil are calculated
by using the derived theoretical formulas, as shown in Table 5. The ratio of the decrease
in seismic input energy to gravitational potential energy and the variation of permanent
displacement with the inclination angle of slip surface are calculated, as shown in Figure 14.

Table 5. Critical acceleration, permanent displacement and gravitational potential energy drop of
sliding soil.

The Inclination
Angle of the Slip

Surface θ/(◦)

Critical Acceleration
Permanent

Displacement x/m

Gravitational
Potential
Energy/kJ

Seismic Input
Energy/kJPositive Critical

Acceleration acr/g
Negative Critical

Acceleration aco/g

0 1.25 −0.81 0.003 0 4.8
5 1.16 −0.97 0.006 15.8 12.9

10 0.93 −1.16 0.029 132 35.7
15 0.75 −1.39 0.058 458 86.4
20 0.60 −1.68 0.147 1247 143.2
25 0.48 −2.07 0.238 2956 175.8
30 0.37 −2.63 0.445 7234 239.6
35 0.27 −3.53 1.175 26472 257.7
40 0.18 −5.21 1.864 125479 277.4

It can be seen from Table 5 and Figure 14 that with the increase in the inclination
angle of slip surface, the permanent displacement changes greatly at 30◦, and it suddenly
increases sharply from the steady increase before 30◦. Meanwhile, the ratio of seismic
input energy to gravitational potential energy drop decreases sharply after 10◦, and the
absolute values of positive critical acceleration and negative critical acceleration decrease
and increase, respectively. When the inclination angle of the potential sliding surface is
greater than 15◦, the contribution of the seismic input energy to the permanent displacement
of the slope under the action of the earthquake is relatively limited. It shows that for the
permanent displacement of the slope excited by earthquake, earthquake is only a triggering
condition and factor, and the real factor causing permanent displacement is gravitational
potential energy.
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5. Conclusions

1. Through a large number of numerical simulation tests, it is concluded that the ge-
ometric characteristics of the slope cannot be taken into account to a certain extent
when calculating the permanent displacement of sliding soil of multi-stage loess slope
under the action of earthquake; in addition, it is feasible to use the comprehensive
slope to calculate the permanent displacement of the sliding body of multi-stage loess
slope under the action of earthquake.

2. On the premise of using the comprehensive slope rate to calculate the permanent dis-
placement of multi-stage loess slope under earthquake, based on the energy method,
combined with the Newmark slide displacement method, considering soil defor-
mation and damping, the formulas for calculating positive and negative critical
acceleration and permanent displacement of sliding soil are reasonable.

3. The critical acceleration of the sliding soil is mainly affected by the inclination angle
of the sliding surface, but not by the soil parameters. The earthquake is only an
inducing factor for the permanent displacement of the sliding soil, and the decrease
in gravitational potential energy plays a key role in the permanent displacement.

4. The method derived in this paper comprehensively considers the influence of negative
critical acceleration on the solution of permanent displacement when the inclination
angle of slip surface is small and the seismic acceleration is large, and based on the
principle of energy balance in the process of calculation and derivation, the calculation
results are thus more accurate.
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Abstract: Super-large span twin tunnels, which can relieve traffic burden and improve the efficiency
of roads, have been rapidly popularized in urban construction. Hence, it is very important to master
the share rate of support structure in this sort of tunnel correctly. In this paper, some field monitoring
and numerical simulation work has been carried out in such a tunnel in Daling, China. The content
of field monitoring consisted of the vault settlement, stress of the concrete, and the sum pressure.
Firstly, the calculation formula of rock pressure in this kind of tunnel had been deduced, which was
based on the theoretical sliding failure mode. Then, the calculated rock pressure was applied to the
load structure model step by step with 10% intervals (10%, 20%, . . . ). By comparing the monitoring
and the simulation results on vault settlement, the share rate of the primary support was ensured to
be 40%. Similarly, by comparing the result on safety factors, the share rate of the secondary lining
was obtained (40%). The remained load was born mainly by the surrounding rock itself and the
advanced support. Finally, the reliability of the results were verified by the sum pressure. This paper
can provide reference for the effective design of support structure in super-large span twin tunnels.

Keywords: twin tunnels; super-large span; share rate; field monitoring; finite element method

1. Introduction

Recently, with the proceeding of urbanization, the demand from traffic is surging.
As a result, the need for improving the capacity of the transportation system, specifically
the cross section of tunnels in cities, is getting larger to contain four or more lanes [1].
The tunnels with large-span cross section, however, are usually oblate with a small rise-
span ratio, which is challenging to design them in a safe and reliable way. At the same
time, on the limitation of land resources and route optimization, twin tunnels with small
intervals are becoming more usual at the portals, whose mechanical behaviour is much
more complicated than ordinary tunnels.

There are many studies on large-span tunnels and ordinary twin tunnels, respectively.
In terms of large-span tunnels, Feng Jimeng [2] evaluated the different installation timing
of initial ground support for large-span tunnel in hard rock. Hou Fujin [3] and others [4–7]
studied the excavation (drill and blast) and construction of large-span tunnels and mechan-
ical characteristics of primary support. Li Shucai [8] used hydro-mechanics to research the
influence of groundwater on the surrounding rock of large-span tunnels.

As for the ordinary, Chortis, F. [9] quantifies the interaction effect and preliminarily
estimates the main support requirements of twin tunnels based on the stress state of a
single tunnel, and provided nomographs for preliminary assessments of the optimum
spacing between twin tunnels. Vinod and others [10,11] also studied the influence of shape
and interval on twin tunnels and sandwiched rock. Boon Chiaweng [12] researched the
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mechanics performance of a twin arch tunnel under different rock covers. Golshani and
others [13–15] found a method for selection of optimum distance between tunnel tunnels
under different conditions. He Chao and others [15] studied the vibration of twin tunnels
and found that certain factors (such as the soil and the interval) can affect it. Khabbaz and
others [16–20] researched and monitored the twin tunnels under different conditions. Bai
Bing and others [21–28] have studied the interaction between the law of rock and soil and
structural characteristics of constructions. Besides, Li Pengfei and others [29–31] studied
the surrounding rock pressure of deep twin tunnels. And Zhong Zuliang and others [32–34]
researched the rock pressure of shallow-buried twin tunnels.

Nonetheless, for large-span twin tunnels there are few studies regarding it. Cui S. [35]
analysed the mechanical mechanism of highway tunnels with large span and small spacing
during the construction and found that large-span twin tunnels were hard to construct,
depending on the excavation area, the thickness, and the attributes of the sandwiched rock
and the terrain.

The engineering of super large-span twin tunnels, which can contain eight lanes or
more, is not usual at home and abroad. Although the total load of surrounding rock
is almost explicit nowadays, its distribution law of surrounding rock pressure as well
as the share rate of every part of the retaining structure has not yet been considered
clearly. However, designs of primary support and secondary lining are respective, so
finding out each part’s specific share rate of load is logical for design and construction of
actual engineering project. Therefore, in this paper, based on the theory of stratigraphic
sliding failure mode and the outcome of monitoring and measurement in the Daling
tunnel (twin tunnels, four lanes in each hole), the distribution law of surrounding rock
pressure and the share rates of advance support, primary support, and secondary lining
are studied. Eventually, by comparing and analyzing the theory and practical results, the
correctness of the research method is ensured, which can provide reference for the design
and optimization of the retaining structure of super large-span twin tunnels, especially
8-lane (or more) twin tunnels in cities.

2. Methodology

The aim of this research is to find the share rate of the support structure for twin
tunnels with super-large span, especially the primary support and the secondary lining.
Therefore, the outcomes of numerical simulation and field measurement are compared and
the conclusion is verified. In this paper, Daling Tunnel in Jinan City was simulated and
monitored for achieving the goals. The whole process is shown in Figure 1.
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2.1. Daling Tunnel

Daling Tunnel, located in the southeast of Jinan City, is a twin tunnel with a super-large
span cross section, which was monitored in this research. This twin tunnel contains 8 lanes
(4 lanes each) with a design speed of 80 km/h, which has great capacity in transportation.
The height of the twin tunnel is 12.9 m and the span is 19.4 m. Additionally, the net distance
between the twin tunnel is 12.6 m.

Daling Tunnel was excavated by the drill-blast method and supported by the com-
posite lining, which consisted of primary support and secondary support. Furthermore,
the whole construction process of this tunnel adhered to the principles of NATM. In terms
of the composite lining, the primary support included C25 shotcrete, welded-wire fabric
reinforcement, steel arches, and hollow rock bolts (used for grouting and reinforcing). The
secondary lining is made mainly of the cast-in-place reinforced concrete (C30). Furthermore,
the advance support mainly consists of supporting sheds and small grouting pipes. The
information of Daling Tunnel is shown in Figure 2.
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Figure 2. Information of Daling Tunnel. For optimal traffic capacity, these twin tunnels have super-
large span and small interval. The main body of them are both composite lining and bolts.

The cross section of Daling Tunnel we measured and monitored is Level-V surrounding
rock [1], which is partly soft and cracked. The related physical parameters are shown
in Table 1.

Table 1. The related parameters of Daling Tunnel.

Parameter Value

Unit weight, γ (kN/m3) 20
Simplified internal friction angle, ϕc 45◦

Real internal friction angle, ϕ 22◦

Friction angle of the sliding plane, θ 13.2◦ (0.6× ϕ)
Span, B (m) 19.4
Height, Hl (m) 12.9
Net interval, D (m) 12.6
Buried depth, H (m) 20
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2.2. Theoretical Load

Firstly, we need to assume that the load’s distribution of the super-large span twin
tunnels is similar to the normal tunnel, which can be calculated referring to the standard [1].
Then, via the initial formulas of related Chinese standard and various deductions, the total
surrounding rock pressure (theoretical load) of the twin tunnels was assured. The details
of the calculation and deduction are shown in Section 3.

Next, all the parameters were put into the formulas in Section 3, and the results are
shown in Figure 3. In Figure 3, the surrounding rock pressure of the first hole (the hole
excavated firstly) and the following hole (the hole excavated later) was symmetric. For this
reason, in the following, the analysis will focus on the first hole, while the following hole
will be skipped.
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Figure 3. Theoretical load of Daling Tunnel (unit: kPa). The process of calculation will be mentioned
in Section 3.

2.3. Finite-Element Model

In this paper, to find out the share rates of support structure, numerical simulation
was used for matching the results of field measurement. ANSYS, a powerful finite-element
software, was used to build simulation models of primary-support and secondary-lining
models of Daling Tunnel, which were both built by beam elements (Beam 3). This is a
kind of 2-D element, which has 3-degrees of freedom on each node and can endure axial
tension or compression. The parameters of primary support and secondary lining are
shown in Table 2.

Table 2. The parameters of primary support and secondary lining.

Part Young’s Model
/GPa

Poisson’s
Ratio

Unit Weight
/kN/m3

Thickness
/m

Primary Support 25.3 0.2 25 0.3
Secondary Lining 28 0.2 25 0.7

As for the boundary conditions, the springs were built by link elements (Link 10)
and used to simulate the effect of the surrounding rock. Link 10 is a kind of 3-D two-
node element, which has 3-degrees of freedom on each node. Considering the mechanics
characteristics of the surrounding rock, these springs were set to only be compressed.
Furthermore, the bases of springs were completely fixed. According to the parameters
of surrounding rocks in Table 1, the length and elastic module of springs are 0.2 m and
200 MPa, respectively.

In terms of load, the form and direction of load is the same as the theoretical load
(shown in Figure 3). Furthermore, the value of load is a portion (10%, 20%, . . . ) of the
theoretical load. Moreover, the gravity is 9.8 m/s2 downward and applied to all elements.
The model is shown in Figure 4; (Since the models of the primary support and secondary
lining are similar, only one model is shown as an example.)
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2.4. Field Measurement

In this research, three items were monitored in the first hole of Daling Tunnel. The
arrangement of measure points is shown in Figure 5. In Figure 5, the rock bolts are omitted.
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Figure 5. The measure points of Daling Tunnel. Three items were observed in the field measurement.

(1) Settlement of the vault of primary support was measured by total stations and steel
rulers to find out the share rate of primary support.

(2) Stress of the secondary lining (derived from the strain) was measured by concrete
strain gauges. The gauges were put on both sides of the secondary lining at each
point. This is for finding out the share rate of secondary lining. The arrangement of
concrete strains is shown in Figure 6.
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Figure 6. Concrete strain gauges in secondary lining. The most internal force of secondary lining can
be obtained by the gauges.

(3) Total pressure of the primary support and secondary lining was measured by pressure
cells arranged at the points A, B, and C at the outside of the primary support. This is for
comparison and verification. The arrangement of pressure cells is shown in Figure 7.
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Figure 7. Pressure cells between surrounding rock and primary support. By these cells, the total
pressure of the primary support and secondary lining can be measured.
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3. Theoretical Calculation of Surrounding Rock Pressure
3.1. Failure Mode and Assumptions

In Chinese standard [1], the method of calculating surrounding rock pressure of normal
tunnels (usually including two or three lanes) is given. This method can be generalized
to super-large span twin tunnels (four lanes each hole, wider than a normal tunnel). The
failure mode, necessary assumptions, and theoretical method are introduced below.

The theoretical sliding failure mode of the surrounding rock of the twin tunnels is
shown in Figure 8. W1, W2, and W3 are the gravity of the rock mass A’C’E’ (ACE), IKOM,
and I’KOM’, respectively. T1 and T2 are the frictional force caused by the soil on both sides
of the tunnel to resist the settlement of the vault. Furthermore, ϕc is the simplified internal
friction angle of the surrounding rock. According to the Chinese standard, ϕc is usually
greater than the real internal friction angle (ϕ). When using ϕc, it is valid regardless of
the cohesion force). θ is determined by referring to the Chinese standard. Here are some
explanation and hypotheses for this sliding failure mode:

(1) Suppose that the ground was horizontal, the rock mass was homogenous, and
isotropic and the twin tunnel was symmetry and parallel. Moreover, excavation
of left and right holes is sequent and full section.

(2) The excavation of the first hole is similar to an ordinary single-hole tunnel. It means
that the fracture planes on both sides of the first hole, which are shown as A’C’ and
M’J’ in Figure 8, are two inclined straight planes, and at an angle of β1 to the horizon.
In addition, the pressure inside and outside (shown in Figure 8) is symmetric.

(3) When the following hole is excavated, the fracture plane at the outside of the hole
(AC) is at angle β1 to the horizon, while at the inside of the hole the angle of the
fracture plane (MO) is assumed as β2. Focus on the triangle OJJ’, when the following
hole is excavated, it is inclined to slide down along the plane JM. However, since
the excavation of the first hole has induced a relative slippage at the plane OJ’ and
undermines the cohesion force along the plane OJ’, usually the triangle OJJ’ will
not slide and fracture along the plane JO. Instead, the tensile fracture plane will be
formed in the triangle OJJ’, which is assumed as a vertical plane (OK). In summary,
the fracture plane at the inside of the following hole is assumed as KOM.

(4) According to the sliding trend of the triangle OJJ’ caused by the sequent excavation of
the twin tunnel, and based on the theory of soil mechanics, the interactive force (N) in
normal direction at the fracture plane OK must be less than the earth pressure at-rest.
For safety, let N equal 0.
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Figure 8. Theoretical sliding failure mode and calculating load schematic diagram.

3.2. Calculation of Theoretical Load

(1) Surrounding rock pressure of the first hole
Assume that the left hole is the first hole and excavated firstly. Since it is the same

as an excavation of a single hole, the formula in the Chinese standard can be adopted to
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calculate the vertical pressure and the lateral pressure on the outside of the first hole. It is
shown as follows:

The formula for calculating the lateral-pressure coefficient (λ1) is:

λ1 =
tan β1 − tan ϕc

tan β1[1 + tan β1(tan ϕc − tan θ) + tan ϕc tan θ]
(1)

tan β1 can be inferred from tan ϕc and tan θ:

tan β1 = tan ϕc +

√(
tan2 ϕc + 1

)
tan ϕc

tan ϕc − tan θ
(2)

The lateral pressure of the first hole (ei) is:

ei = λ1γhi (3)

where hi represents the depth of the calculation position and γ means the unit weight of
the rock.

Hence when the first hole is excavated solely, the vertical pressure on the vault of the
hole (q) is:

q =
Q
B

= γH(1− H
B

λ1 tan θ) (4)

where B is the span of the hole, Q is the total vertical load on the hole and H is the depth of
the vault of the hole.

(2) Surrounding rock pressure of the following hole
When it comes to the right hole (the following hole), the lateral pressure outside of the

following hole is the same as the first hole. For calculating the lateral pressure inside of the
following hole, a force analysis is carried out on the rock mass IKOM, as shown in Figure 9.
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According to the basic mechanics and assumptions above, the force 2T  can be 
solved as: 

Figure 9. The force analysis of rock mass IKOM.

According to the basic mechanics and assumptions above, the force T2 can be solved as:

T2 =
sin(β2 − ϕc)W2

sin
[
90◦ − (β2 + θ − ϕc)

] (5)

where W2 denotes the weight of the rock mass IKOM:

W2 =
1
2

γD2(2h− D2 tan β2) (6)
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Seeing that the interval between the twin tunnels (D) is generally small enough, let
D2 = D/2, approximately. With the Equation (6), the Equation (5) can be transformed into:

T2 =
1
2

γh2 λ2

cos θ
(7)

In the Equation (7), λ2 is defined as the inside lateral-pressure coefficient of the
following hole:

λ2 =

D
h

(
1− D

4h tan β2

)
(tan β2 − tan ϕc)

1 + tan β2(tan ϕc − tan θ) + tan]ϕc tan θ
(8)

To make T2 maximum, let dλ2
d(tan β2)

= 0, therefore

tan β2 =

√
tan2 ϕc + 1

tan ϕc − tan θ

[
1

tan(ϕc − θ)
+

4h
D

]
− 1

tan(ϕc − θ)
(9)

Then, the lateral pressure of the following hole (e2) is:

e2i = λ2γhi (10)

It is mentioned above that q is defined as the vertical pressure on the vault, whereas
the vertical pressure on the vault actually varies from inside to outside. Suppose that the
vertical pressure was changing linearly inside and outside of the hole (define the vertical
pressure outside is q1 and the other is q2, q1, and q2 can be expressed as:

q1 = γH
(

1− H
B

λ1 tan θ

)
(11)

q2 = γH
(

1− H
B

λ2 tan θ

)
(12)

When the following hole is being excavated, the lateral pressure on the outside of
the first hole can be regarded as a static value, approximately. Then, for calculating the
lateral pressure on the inside of the first hole, a force analysis is carried out on the rock
mass I’KOM’. As well as T2 (Equation (5)), T2

′ can be solved as:

T2
′ =

1
2

γh2 λ2
′

cos θ
(13)

Similarly, λ2
′ is defined as the lateral-pressure coefficient on the inside of the first hole

when the following hole is being excavated:

λ2
′ =

D
h

(
1− D

4h tan β1

)
(tan β1 − tan ϕc)

1 + tan β1(tan ϕc − tan θ) + tan ϕc tan θ
(14)

q1, q2
′ are defined as the vertical pressure on the outside and inside of the first hole,

respectively. They can be written in the form:

q1 = γH
(

1− H
B

λ1 tan θ

)
(15)

q2
′ = γH

(
1− H

B
λ2
′ tan θ

)
(16)

Thus, the theoretical formulas for calculating the vertical pressure and lateral pressure
of twin tunnels are deduced completely. Next, put all the parameters of Daling Tunnel into

169



Appl. Sci. 2022, 12, 7498

Equations (1)–(16), the total surrounding rock pressure (theoretical load) was gained, as
shown in Figure 3.

4. Results and Discussion

Generally, the surrounding rock pressure can be mainly divided into three parts: The
first part of it is relaxing or transferring to the advance support and the surrounding rock
before constructing the primary support. The second and third parts are supported by the
primary support (share rate of the primary support) and the secondary lining (share rate of
the secondary lining), respectively. By the result of simulation, calculation, and monitoring
the share rate of these three parts can be identified.

4.1. Share Rate of the Primary Support

10%, 20%, 30%, 40% . . . of the theoretical loads were put on the model gradually
to match the measured displacement. When proportion of the theoretical load is 10%,
20%, 30%, 40%, etc., the vault settlement of the simulation model is 7.31 mm, 12.56 mm,
17.8 mm, 23.1 mm, respectively, which indicates that the vault settlement is growing as
the load proportion is rising. Meanwhile, the measured vault settlement is shown in
Figure 10a, which stabilized at 20.3 mm finally. In view of the lagging of the installation of
the measuring device [36], the vault settlement of the model under 40% of the theoretical
load (shown in Figure 10b) in accordance with the result of measurement. Consequently,
share rate of the primary support is 40%.
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Figure 10. Measured and simulated vault settlement. When primary support is under 40% of the
theoretical load, the result of simulation is in accord with the measurement.

4.2. Share Rate of the Secondary Lining

Further, to find the share rate of the secondary lining, the internal forces of the sim-
ulation model were compared with the actual structure. It was found that after stepwise
loading, when the load ratio was 40%, internal forces of the simulation model were in good
agreement with the practical measurement. Internal forces (axial force and moment) of the
simulation model under 40% of the theoretical load is shown in Figure 11a,b.

The measured concrete stress of the inside and outside secondary lining is shown in
Figure 12.

According to the theory of mechanics of materials, the actual internal forces can be
obtained by the measured stress with the formulas below:

N = A× (σinside + σoutside) (17)
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M =
I × (σinside − σoutside)

y
(18)

where A (m2) is the area of the cross section, I (m4) is the moment of inertia of the section, y
(m) is the distance between the neutral axis, and the edge, σinside (MPa) is the stress of the
concrete at the side of the inner section and σoutside (MPa) is the stress of the concrete at the
side of surrounding rock.

Internal force was gained after putting the related parameters and stress into the
formulas. Then, according to the Chinese standard [1] based on the internal force and the
capacity of the concrete structure the safety factors were calculated. It is shown in Table 3
and Figure 13.

(Safetyfactor =
capacity o f the concrete structure

stress o f the structure
)
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Table 3. The internal forces and safety factors of the secondary lining.

Item Position Axis Force
/kN

Moment
/kN·m

Eccentricity
/mm Attribute Safety

Factor

Simulation

Vault −1080 −222 493

All is
small

eccentricity

9.47
Left haunch −1432 204 430 8.19
Left sidewall −1572 −32.6 308 10.41
Right haunch −1432 204 430 8.19
Right sidewall −1572 −32.6 308 10.41

Measurement

Vault −1723 −53 318 7.85
Left haunch −1216 24 307 11.54
Left sidewall −781 71 378 14.0
Right haunch −1348 −36 314 10.17
Right sidewall −862 38 332 15.00
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stress of the structure

) 

Table 3. The internal forces and safety factors of the secondary lining. 

Item Position Axis Force 
/kN 

Moment 
/kN·m 

Eccentricity 
/mm Attribute Safety 

Factor 

Simulation 

Vault −1080 −222 493 

All is 
small 

eccentricity 

9.47 
Left haunch −1432 204 430 8.19 
Left sidewall −1572 −32.6 308 10.41 
Right haunch −1432 204 430 8.19 
Right sidewall −1572 −32.6 308 10.41 

Measurement 

Vault −1723 −53 318 7.85 

Left haunch −1216 24 307 11.54 

Left sidewall −781 71 378 14.0 

Right haunch −1348 −36 314 10.17 

Right sidewall −862 38 332 15.00 

 
Figure 13. Safety factors of simulation and measurement. The deviation is about 25% averagely and 
mainly attributed to the efficiency of the rebar in secondary lining. 
Figure 13. Safety factors of simulation and measurement. The deviation is about 25% averagely and
mainly attributed to the efficiency of the rebar in secondary lining.

According to Table 3 and Figure 13, the safety factor of the simulation model is slightly
different from the measurement. Generally, the safety factor of the simulation model
is about 25% smaller than the measurement. This phenomenon is mainly because the
efficiency of the rebar in the secondary lining is not considered during the calculation.
Therefore, it is feasible to believe that the share rate of the secondary lining is 40%.

4.3. Total Pressure for Verification

The pressure cells were arranged at the points A, B, and C (in Figure 5) outside of
the primary support. They can measure the total pressure of the primary support and the
secondary lining. Here, the result of pressure cells is compared with 40% + 40% = 80% of
the theoretical load, and it is shown in Figure 14.

It can be seen from the Figure 14a that the pressures at point A, B, and C were surging
rapidly after the excavation, then they stabilized in approximately one month. Furthermore,
the pressure at vault (Point A) was the largest, haunch (Point B) was the second and sidewall
(Point C) was the smallest.
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deviation at each point and it is believed to be born mainly by advance support and the surrounding
rock itself.

4.4. Discussion

According to the content of Sections 4.1 and 4.2, the share rate of the primary support
and the secondary lining are both reckoned to be 40%. The other 20% of the surrounding
rock pressure is taken by multiple factors (mainly the advance support and the surrounding
rock itself).

In other words, the aggregated rock pressure borne by primary support and secondary
lining is 80% (of the theoretical load). Combined with the content of Section 4.3, the
comparison of the calculation and the measurement is shown in Table 4 and Figure 14.

Table 4. Comparison of the calculation and measurement.

Measured Point Theoretical Load
/kPa

80% of the Theoretical
Load
/kPa

Measured Pressure
/kPa

Deviation
/%

A 286.90 229.56 180.94 21.18
B 211.63 169.30 142.68 15.73
C 98.40 78.72 65.36 16.97

From Table 4, measured pressure, which the rock pressure that the primary support
and secondary lining exactly bear, is less than 80% of the theoretical load according to
the measurement. The main reason for this deviation is that before the installation of the
pressure cells and the construction of the primary support, part of the rock pressure was
relaxed and cannot be measured. Usually, this part of the rock pressure was supported by
the surrounding rock mass itself. So, in consideration of safety, the conclusion that total
share rate of the primary support and the secondary lining is 80% is valid for design. The
correctness of theoretical calculation of surrounding rock pressure is also verified by Table 4
and Figure 14 as the deviation is acceptable.

In summary, based on the analysis above, the share rates of the primary support and
the secondary lining are both 40% in Daling Tunnel (the super-large span twin tunnel), and
other 20% of pressure is mainly born by the advance support and the surrounding rock
itself. Although the results of theoretical calculation and the measurement do not match
perfectly, the overall deviation is small enough, which basically meets the requirements of
design and application in engineering.

Meanwhile, during the whole process, there are several assumptions and limitation,
for example:

(1) The influence of the construction’s sequence of the first hole and following hole was
not considered in this research, and the way of excavation was assumed as full section
excavation.
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(2) This paper supposed that the stratum was consistent and the surrounding rock mass
was ideal.

(3) The surface of earth was presumed to be horizontal, and so on.

These assumptions and limitation are supposed to be concerned when the conclusion
is applied to the practical projects. In addition, the share rate is affected by the strength
and stiffness of the composite lining as well as the method and time of excavation and
construction. Thus, the share rate of the twin tunnels with super-large span in various
conditions still needs to be researched systematically.

5. Conclusions

Based on the theory of stratigraphic slip failure mode and comparison of the simulation
and the measurement, the share rate of twin tunnels with super-large span and small
interval are studied in this paper. Furthermore, the analysis was verified and supplemented
by the outcome of monitoring and measuring. Finally, the conclusions are drawn as follows:

(1) The formulas of calculating surrounding rock pressure of normal tunnels (usually
including two or three lanes) in Chinese standard could be applied to the super-
large span twin tunnels (including four or more lanes). The method was verified by
field measurement.

(2) The method of researching the share rate of the primary support and the secondary
lining of the tunnel was proposed. The result demonstrates that the share rate of the
primary support and the secondary lining of Daling Tunnel are both 40%. Usually for
twin tunnels with super-large span in cities, not only the primary support but also the
secondary lining should be strong enough to ensure the design is safe and reliable. In
addition, this conclusion is conservative when compared to the measurement, which
is practical for application in engineering.

(3) The result of the theoretical calculation and numerical simulation was compared with
the measurement to evaluate the research methodology and achievements. These
two results match properly, which verify the correctness of this study. Hence the
conclusions and the method of this research can make some reference to the design,
construction, and maintenance of super-large span twin tunnels.

Since this research is specific for twin tunnels with four lanes (each hole) in cities, this
paper can make great contributions to urbanization, infrastructure construction, and even
standards drafting. Moreover, this research is more focused on the first hole and does not
consider the influence of construction sequence. Therefore, the conclusions drawn in this
paper are more appropriate for the first hole.
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