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Abstract: To investigate the use of vibration control systems in fatigue damage mitigation for welded
beam-to-column connections in steel high-rise buildings, cases of both a single connection under
constant amplitude cyclic loading and multi-connections in a high-rise building under the stochastic
wind, with and without the fluid viscous damper (VFD) and the tuned mass damper (TMD), are
discussed respectively. The finite element analysis and the fatigue assessment are conducted so that
the mitigation effect, the effect of technical parameters and the conditions of both high-cycle fatigue
and low-cycle fatigue are all discussed. The results show that the VFD and the TMD systems are
both effective in the mitigation of local fatigue damage along with the structural displacement for
both cases. The VFD generally has a better mitigation effect than the TMD and it starts to take effect
instantly with the external loading, but it causes a phase difference in structural responses, while
the situation of the TMD is quite the opposite. The displacement and the local stress show similar
and synchronous mitigation trends so that the damping systems can be designed based on either
of them. The VFD should be designed with a smaller damping exponent and a larger damping
coefficient in a braced installation form, while the TMD can be designed using the optimal parameters.
The optimized VFD layout plan is that VFDs are placed between the two connections with large
relative displacement and relative velocity on higher floors and these two connections with VFDs
should be near to the targeted connection. The negative fatigue damage mitigation mainly stems
from insufficient lateral support force so that the direct installation of VFDs may result in a negative
fatigue damage mitigation effect in the connections with limited lateral support.

Keywords: fatigue damage mitigation; fluid viscous damper; tuned mass damper; welded
beam-to-column connection; steel high-rise building

1. Introduction

Welded beam-to-column connections in steel high-rise buildings are susceptible to
fatigue damage under cyclic loading, in the form of high-cycle fatigue damage under wind
and low-cycle fatigue damage under strong earthquakes. The fatigue damage may even
lead to the collapse of the whole building [1]. Under such circumstances, it is indispensable
to think of ways to decrease fatigue damage under wind and earthquakes during the
design of welded connections. Traditionally, engineers tend to do it by increasing the
fatigue damage resistance, but the disadvantages are obvious, in that the increase in the
resistance may lead to high costs and a reduction in the structural ductility. Thus, the use
of passive vibration control becomes another alternative.

The passive vibration control technique is mainly classified into three types: vibration
isolation, energy dissipation and vibration absorbers. Vibration isolation is typically placed
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at the foundation of a structure and partially absorbs external input energy before this
energy can be transmitted to the structure; therefore, it is limited to the case of a structure
under earthquakes and not much applicable to a structure under wind. Energy dissipation
is applicable to a structure under both wind and earthquakes. The basic function of energy
dissipation devices is that they can consume a portion of the input energy and thereby
reduce the structural vibration when they are incorporated into a structure [2]. They
include a wide range of damping devices and the most common ones are metallic dampers,
viscoelastic dampers and viscous fluid dampers (VFDs), etc. The metallic dampers consume
energy based on plastic yielding of metal materials so that they are more applicable to strong
external excitations such as earthquakes and typhoons, which inevitably make the metal
yield. Viscoelastic dampers consume energy based on the shear deformation of viscoelastic
solids; they provide both additional damping and additional stiffness to the structure
and thereby change the structural stiffness. It indicates that they are more applicable
to structures requiring additional stiffness to resist lateral deformation. Compared with
the two above-mentioned energy dissipation devices, VFDs have the advantage of being
applicable to both strong external excitations such as earthquakes/typhoons and weak ones
such as moderate wind. Moreover, the use of VFDs does not provide additional stiffness to
the structure, thereby avoiding the unexpected change of the structural stiffness and natural
vibration frequency, which is important in structural designs. The most two common types
of vibration absorbers are the tuned mass damper (TMD) and the tuned liquid damper
(TLD). The former absorbs energy based on the inertial force of mass and the latter absorbs
energy based on the dynamic pressure of liquid. Comparatively speaking, TMDs are much
more widely used in engineering structures than TLDs, since the former is a well-developed
technique that is easier to design and construct. From the above descriptions, the use of
VFDs as typical energy dissipation devices and TMDs as typical vibration absorbers to
mitigate fatigue damage of welded beam-to-column connections is discussed in this paper.

There are two main fatigue analysis methods from the perspective of analysis pro-
cedures, which are the frequency domain analysis and the time domain analysis. The
frequency domain analysis based on mode superposition considers the random nature
of external loading and proves to be a reliable option with low computational expense
and a simple computing model. For example, Janbazi and Tabeshpour [3] discussed the
application of several configurations of viscous dampers on jackets and its effect on damage
and fatigue lifetime by introducing a spectral method for assessment and rehabilitation of
the jacket platform structure; Allen et al. [4] presented a computationally efficient frequency
domain model for of a floating wind turbine with multiple hull-based TMDs; Repetto and
Solari [5] analyzed the fatigue collapse of two slender structures due to wind-induced
vibrations using frequency domain analysis. However, two distinguished shortcomings
must be pointed out for this method. The first one is that the frequency domain analysis
based on mode superposition does not suit nonlinear analysis. It is revealed in Section 2
that the damping force output by a VFD is nonlinearly related to the speed of the piston
movement and, moreover, plastic strain is found near the welding location in the case of
low-cycle fatigue damage, which means nonlinear analysis is indispensable. The second
shortcoming is that the frequency domain analysis is not as applicable as the time domain
analysis to the description of the local stress near the welding location, due to the complex
geometry properties and the resulting serious stress concentration and nonlinear stress gra-
dient. Based on the above two shortcomings, frequency domain analysis is obviously not
the optimum option. On the contrary, the time domain analysis has the advantages of being
suitable to nonlinear cases and being capable of describing the local stress near the welding
location more precisely, while it has the disadvantages of high computational expense and
a complex computing model, since the tedious time-history analysis and complex finite ele-
ment models are almost inevitable. Therefore, it is thought that frequency domain analysis
provides elegant solutions but is difficult to use in engineering applications, while time
domain approaches allow classical fatigue analyses but require considerable computational
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or experimental efforts [6]. From the above discussion, the time domain analysis proves to
be a better option for the fatigue assessment of welded beam-to-column connections.

Based on the review of the related literature, some new real-time output-based solu-
tions such as the real-time eigen perturbation strategies in structural health monitoring
must be mentioned. These solutions can illustrate damage detection in an online mode with
considerably less computational expense [7,8]. However, according to the latest literature,
these solutions are mainly limited to damage detection including crack detection when
dealing with fatigue damage problems [9] and have never been applied to the fatigue life
assessment of engineering structures. Although they may have a promising future, the
usability and availability of them in fatigue life assessment is still unclear and they are
obviously not the main topic of this paper. Thus, the real-time output-based solutions are
not discussed in the following paragraphs.

Vibration control is traditionally used in vibration response mitigation such as displace-
ment and acceleration of buildings under wind and earthquakes. However, researchers
have started to realize that passive vibration control can also be used in fatigue damage
mitigation within the last two decades. Palmeri and Ricciardelli [10] estimated the fatigue
life of structural components of high-rise buildings provided with viscoelastic dampers
and found that viscoelastic dampers are effective in mitigating both the buffeting response
and fatigue damage in medium-rise and high-rise buildings. Golafshani and Gholizad [11]
evaluated the efficiency of an optimally designed tuned mass damper for fatigue damage
mitigation in real steel jacket platforms and found that such dampers showed a great
performance in this application. Ambrosio et al. [12] proposed an active control design to
minimize fatigue damage on the structure from a theoretical, numerical and experimental
point of view, which showed a significant improvement. Ripamonti et al. [13] proposed
an adaptive vibration controller to increase the fatigue life of a smart structure made of
composite material and actuated with piezoelectric patches. Andersson et al. [14] studied
the use of passive and adaptive damping systems to mitigate vibrations in a railway bridge
during resonance and to increase its fatigue service life.

However, there are still limitations in the abovementioned literature. Firstly, the
above literature discussed the fatigue damage mitigation from a more global view of the
whole structures, ranging from high-rise buildings and jacket platforms to railway bridges,
but none of them discussed the fatigue damage mitigation of the more complex welded
connections in structures, which are completely different from common components and
whole structures. The welding part of a beam-to-column connection consists of three
welded joints (the fillet welded joint connecting the beam web and the column flange,
the butt welded joint connecting the top beam flange and the column flange and the butt
welded joint connecting the bottom beam flange and the column flange) and two welding
holes between them, as shown in Figure 1. The complex geometry properties lead to
a serious stress concentration effect and nonlinear stress gradient near the local welding
location. Consequently, a time domain fatigue analysis based on the computation of the
local stress using a refined computational model is indispensable for a beam-to-column
connection. On the contrary, the fatigue analysis of a common structure does not need
to consider such local stress effects and the frequency domain fatigue analysis is more
commonly used instead. Secondly, each of the above literature only focused on a single
kind of vibration control system and lacks systematical comparison between common kinds
of vibration control systems and, moreover, detailed discussions of the effect of technical
parameters on the mitigation effect are still limited. Finally, when the external cyclic loading
is large enough to result in plastic strain and low-cycle fatigue damage near the welding
location, the elastoplastic analysis is required. However, the fatigue analysis of a global
structure barely considers the effect of plastic strain, since in most cases, plastic strain is only
found near the welding location and does not affect the behavior of the global structure.
Therefore, the above literature mainly involves the use of vibration control in high-cycle
fatigue damage mitigation, while low-cycle fatigue damage mitigation is barely discussed.
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Figure 1. Welded beam-to-column connection.

The novelty of this research is to solve the above three current limitations. The fatigue
damage mitigation of the welded beam-to-column connections in steel high-rise buildings
is discussed and systematical comparisons of the two mitigation systems, including VFDs
and TMDs, are made, with the effect of technical parameters on the mitigation effect being
elaborated. Some original and unreported mitigation phenomena of the two vibration
control systems are revealed and the use of them in low-cycle fatigue damage is also
discussed for the first time. To the authors’ knowledge, it is the first original research to
discuss fatigue damage mitigation in welded beam-to-column connections.

In this paper, numerical study is conducted to research the use of two passive vibration
control systems, VFDs and TMDs, in fatigue damage mitigation for welded beam-to-column
connections in steel high-rise buildings. The fatigue damage mitigation is studied based on
finite element analysis for the case of a single connection under constant amplitude cyclic
loading in Section 2, which consists of three parts: the use of VFDs (Section 2.1), the use of
TMDs (Section 2.2) and the condition of low-cycle fatigue damage (Section 2.3). In addition
to the above fatigue assessment and the comparison of mitigation effects, a parametric
study is also conducted to study the technical parameters of the two damping systems
on the mitigation effect within Sections 2.1 and 2.2. The fatigue damage mitigation using
the two damping systems for multi-connections in a steel high-rise building under the
stochastic wind is introduced in Section 3, including the fatigue assessment, the comparison
of mitigation effects and technical parametric study. In Section 4, discussion of important
and unaddressed issues, including the optimization of damper positions and the negative
mitigation effect, is made before the conclusions in Section 5 are drawn.

2. Fatigue Damage Mitigation for a Single Connection

2.1. Mitigation Using the VFD System

A VFD is a passive velocity-dependent damping device which works based on the
damping force given by the interaction of the viscous medium (silicone oil) and the damper
components. It is considered to only provide additional damping to the structure without
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changing its rigidity or natural vibration period dramatically. Generally speaking, the
damping force output by a VFD is described in Equation (1):

FD = CVα (1)

where FD is the damping force; C is the damping coefficient; α is the damping exponent; V
is the speed of the piston movement.

2.1.1. Formulation of the Model

A welded beam-to-column connection made of high-strength low-alloy structural steel
GB Q345B, which is approximate to S355 in BS code, is discussed. The material properties
of the steel are that the elastic modulus is 206 GPa, the Poisson’s ratio is 0.3, the density is
7850 kg/m3, the yield strength is 345 MPa and the tensile strength is 620 MPa. The detailed
dimensions of the connection and weld details are all shown in Figure 1. The welding is
conducted by the gas metal arc welding (GMAW) process in the form of the full penetration
groove weld. Meanwhile, the VFD is connected to the connection as shown in Figure 1.

The three-dimensional finite element model of the connection without the VFD is
established using an eight-node 3D solid structural element SOLID185 in the commercial
software ANSYS, as shown in Figure 2a. The mesh is more refined near the weld detail
with a mesh size of about 5 mm, while it becomes more sparse at locations far away from
the weld detail at a mesh size of 13 mm, as shown in Figure 2b. Meanwhile, a model of the
connection with a VFD is also established, as shown in Figure 2c. The VFD is modeled by
COMBIN37, a kind of unidirectional spring damper element, and it connects the bottom
of the beam flange with the lateral surface of the column web. The damping coefficient is
C = 750 kN·s/m and the damping index is α = 0.25. To consider the role of the potential
gusset plate and to avoid the extreme local stress concentration brought by the two ends of
the VFD, a rigid region is generated by degree-of-freedom constraint equations between
relate nodes at the two locations that the VFD connects. The degree of freedom of nodes
at the top and the bottom of the column are all constrained. The constant amplitude
cyclic loading as a sinusoidal wave with a force amplitude of ΔF = 60 kN, a stress ratio of
R = −1 and a period of T = 24 s is exerted on the far end of the beam, as shown in Figure 2a.
The bilinear kinematic hardening rule using von Mises plasticity (BKIN) is assumed for
the steel.
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Figure 2. Finite element model of the connection. (a) Connection without the VFD. (b) Local view of
the weld detail. (c) Connection with the VFD. (d) Definition of weld toe lines.

2.1.2. Results and Analysis

The fatigue performance of this connection is strongly related to the stress amplitude
at the weld detail. Thus, three weld toe lines of the weld seam connecting the top beam
flange and the column are defined as shown in Figure 2d, where WT-a is the weld toe on the
top beam flange, WT-b is the top weld toe on the column web and WT-c is the bottom weld
toe on the column web. The maximum local principal stress σL-max along the three weld
toe lines in the connection with and without the VFD during the loading is, respectively,
illustrated in Figure 3a,b. From the figures, it is found that the three weld toe lines show
different stress distribution characteristics. The stress approximately presents an inverted
V-shaped distribution along WT-a and the stress concentration is more serious at the center
of the line, while it presents a W-shaped distribution along WT-b and WT-c, and the stress
concentration is more serious at both the two sides and the center of the line. Moreover, it
is found from the comparison of the figures that the maximum local principal stress along
the weld toe decreases dramatically with the installation of the VFD for all the three weld
toe lines, at a percentage of about 70%. It indicates that the VFD plays a great role in the
mitigation of local stress near the weld detail.

  
(a) (b) 
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(c) (d) 

Figure 3. Stress and displacement of the connection with or without VFD. (a) Maximum local
principal stress along the weld toe in the connection without the VFD. (b) Maximum local principal
stress along the weld toe in the connection with the VFD. (c) Hotspot stress comparison. (d) Vertical
displacement comparison.

The fatigue life of a component consists of fatigue crack initiation life and fatigue crack
growth life. The fatigue crack initiation life is the life from the start of the cyclic loading to
the appearance of visible cracks with a length of 1 mm [15], while the fatigue crack growth
life starts from the appearance of these visible cracks to final ruptures of the component.
Since the fatigue crack growth life is relatively short and it tends to be dangerous if final
rupture is regarded as the failure criterion; the fatigue life discussed in this paper is the
fatigue crack initiation life according to the suggestion made by the IIW recommendation
(IIW2259-15) [16]. It is worth noting that instances of a sudden damage in a connection or
a structure can lead to an abrupt change in the mass or stiffness. However, as soon as small
visible cracks are found in welded beam-to-column connections, the fatigue analysis stops
and there is no need to discuss the following events such as the abrupt change in the mass
or stiffness, since visible cracks with a length of 1 mm in beam-to-column connections lead
to little change in the structural mass or stiffness.

So far, the authors have conducted a series of research in fatigue assessment of welded
beam-to-column connections using different fatigue assessment approaches, including
the nominal stress approach, the hotspot stress approach, the equivalent structural stress
approach, the notch stress approach and the theory of critical distances, etc. [17,18]. The
detailed information and advantages/disadvantages of all these approaches can be found
in the authors’ previous publication [19]. Thus, it is necessary to decide proper fatigue
assessment approaches for the connections in this paper. The finite element model of the
single connection in this section is mainly established using SOLID elements and thus the
nominal stress is not a good option, since the abstraction of the nominal stress from the
analysis results is not as easy as that in a model established using BEAM elements. The
notch stress approach and the theory of critical distances are two approaches based on local
stress, so that they both require very refined mesh sizes in the finite element model and thus
take a tedious amount of computing time and expends tremendous computing resources.
Since there are numerous computing conditions involved and the computation of models
with VFDs even requires time-consuming nonlinear analysis, these two approaches are
also not the best options. The two approaches left are the equivalent structural stress
approach and the hotspot stress approach. Although the former has the advantage of
being insensitive to mesh size and requires only one S-N curve, it is more effective in finite
element models using SHELL elements and the abstraction of the membrane stress and
the bending stress require an integral calculation in models using SOLID elements, while
the calculation using the latter model is more efficient, especially in the computation of
numerous computing conditions. Thus, the hotspot stress approach is selected as the proper
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approach for the single connection in this section. On the contrary, all the approaches except
the nominal stress approach are not very applicable to the multi-connections of a structure
in Section 3, since these approaches all require models using SOLID or SHELL elements. It
is true that the use of a multi-scale finite element model may be the solution to this problem.
However, fatigue analysis needs to be conducted within numerous connections in Section 3
and it is nearly impossible to establish a multi-scale finite element model for so many
connections. Therefore, the fatigue assessment for the multi-connections in a high-rise
building is conducted using the nominal stress approach. It is worth noting that the above
discussion is mainly for the connections under high-cycle fatigue damage. Plastic strain
is found near the welding location under low-cycle fatigue damage; therefore, the local
stress–strain approach is the best option.

The hotspot stress represents the structural stress at the hotspot location, i.e., the weld
toe location, which includes all stress-raising effects of a structural detail. It is determined
on the surface at the hotspot (weld toe) of the component to be assessed using two reference
points, the location 0.4t and 1.0t away from the weld toe, to extrapolation to the weld toe
location [16]. The hotspot stress σhs is calculated as Equation (2):

σhs = 1.67σ0.4t − 0.67σ1.0t (2)

where σ0.4t and σ1.0t are the stresses of the location 0.4t and 1.0t away from the weld toe
and t is the plate thickness. The stress results in these two locations can be easily abstracted
from the finite element analysis results. After the hotspot stress range Δσhs under the cyclic
loading is obtained, the fatigue life is calculated using the S-N curve, as shown in Equation (3):

(Δσhs)
m0 N = C0 (3)

where m0 and C0 are parameters of the S-N curve, dependent on the type of the welded con-
nection. According to IIW recommendations (IIW2259-15) [16], FAT90 is the most suitable S-
N curve for this connection, where C0 = 4.046 × 1015 and m0 = 5 when
Δσhs ≤ 52.7 MPa (knee point of the S-N curve), while C0 = 1.458 × 1012 and m0 = 3 when
Δσhs > 52.7 MPa. From the brief introduction above to the hotspot stress approach, it is clear
that this approach uses the stress obtained by extrapolation from the two reference points
to the weld toe as the key stress index (hotspot stress) and thus the fatigue life is calculated
from this key stress index based on an S-N curve specified by IIW recommendations.

The hotspot stress σhs near WT-a, with more serious stress concentration than the
other two weld toe lines, within one cycle of loading is shown in Figure 3c. Meanwhile,
the far-end vertical displacement of the beam uz is illustrated in Figure 3d. It is found
from the figures that the hotspot stress and the vertical displacement are both considerably
decreased by about 70% during the cycle of loading and the two indexes show similar
and synchronous mitigation trends that show a better vertical displacement mitigation
effect along with a better stress mitigation effect. Moreover, it is found that the two indexes
decrease dramatically from the beginning of the cyclic loading, which means that the VFD
takes effect instantly with the external loading. Meanwhile, it is worth noting that the
hotspot stress and the vertical displacement results of the connection with the VFD show
a phase difference of about π/12 lagging behind those of the connection without the VFD.
It indicates that the use of the VFD changes the phase property of the structural responses
(output sinusoidal wave).

The fatigue life is then calculated based on the hotspot stress range by Equation (3)
and a fatigue life ratio k is defined as shown in Equation (4):

k = Ne/N0 = Te/T0 (4)

where N0 and Ne are the fatigue life of the connection without and with the passive control
system, and T0 and Te are their counterparts expressed in the unit of a year, which is used
in Section 3. It is obvious that a larger k value indicates a better fatigue damage mitigation
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effect and fatigue life prolonged effect. The result is listed in the first row of Table 1. It is
found that a k value of 15 is obtained so that the fatigue life is prolonged considerably with
the installation of the VFD.

2.1.3. Parametric Study

To better understand the effect of the two technical parameters, the damping coefficient
C and the damping exponent α on the mitigation effect of both the hotspot stress and
vertical displacement, simultaneously, the double Y-axis plot is established as shown in
Figure 4a,b. The Y-axis on the left side indicates the hotspot stress range Δσhs and that on
the right side shows the absolute value of the far-end vertical displacement of the beam,
|uz|. The variation trend of both the two indexes with the damping coefficient and the
damping exponent is plotted. It is found from Figure 4a,b that both the hotspot stress range
and the far-end displacement decrease with the increase in the damping coefficient and
they increase with the increase in the damping exponent. The two indexes show similar and
synchronous mitigation trends for all the parameter conditions, which coincides with the
phenomenon found in Figure 3c,d. It indicates that the two optimal technical parameters
which contribute to the maximum structural vibration response mitigation effect also lead
to the maximum fatigue damage mitigation effect. This conclusion is rather constructive
to the design of passive control systems in high-rise buildings, since the optimal technical
parameters for the damping systems simultaneously lead to the most effective mitigation of
both the stress (fatigue damage) and the vibration responses (displacement) in a structure.
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Figure 4. Effect of parameters on hotspot stress range results of the connection with and without the
VFD. (a) The effect of the damping coefficient. (b) The effect of the damping exponent. (c) The effect
of the loading frequency.
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It is well-known to all that the effect of a VFD is strongly related to the relative moving
velocity between its two ends and thus the mitigation effect with the loading frequency
fl is also discussed. The similar double Y-axis plot is illustrated in Figure 4c. It is found
that the hotspot stress range and the far-end displacement of the connection without the
VFD is not obviously affected by the loading frequency, while those of the connection
with the VFD both decrease with the increase in the loading frequency nonlinearly. It can
be explained by the fact that a larger loading frequency leads to larger relative velocity
between the two ends of the VFD and finally gives rise to a better mitigation effect due to
its velocity dependence.

The fatigue life and its prolonged effect for all the parameter conditions are listed in
Table 1, where Conditions No. 1–5 show the effect of the damping coefficient, Conditions
No. 6–9 give the effect of the damping exponent and Conditions No. 10–13 indicate the
effect of the loading frequency. It is found that the k value varies dramatically in different
conditions, which can even reach hundreds or thousands. It reveals that the use of a VFD is
extremely effective in fatigue damage mitigation and it is more effective in the connection
with a large damping coefficient and a small damping exponent under cyclic loading with
a high frequency.

2.2. Mitigation Using the TMD System

The TMD system consists of a main structure and a substructure attached to it. The
substructure contains masses, springs and dampers, so that it has the properties of mass,
stiffness and damping. A typical SODF (Single Degree of Freedom) structure with a TMD
is shown in Figure 5a. The natural frequency of the substructure is adjusted to be close
to that of the main structure by changing its mass and stiffness. When the main structure
vibrates under the external load, the substructure outputs an inertial force opposite to the
vibration direction of the main structure and thus the kinetic energy of the main structure
is dissipated through the damping of the substructure to obtain a mitigation effect.

(a) (b)

Figure 5. Mechanical model and finite element model of the structure or connection with a TMD.
(a) Mechanical model of a SODF structure with a TMD. (b) Finite element model of the connection
with a TMD.

2.2.1. Formulation of the Model

The finite element model of the connection without the TMD is defined as Model A
and it keeps the same as that without the VFD in Section 2.1. A model analysis is conducted
first to show the vibration modes of the connection and the results of the first three primary
vibration modes are given in Table 2. It is found from Table 2 that the frequency of the
third vibration mode is 104.79 Hz and this mode, as the first order of translation in the
Z-axis, is the same vibration pattern as that under the cyclic loading. It is obvious that this
vibration mode is too rigid for mitigation using the TMD, since it has been pointed out
that a TMD works with better effect in flexible structures than in rigid structures [2,20].
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Thus, the frequency of this connection is adjusted to make it more flexible by increasing
the beam length by a factor of four so that the beam length is 1.65 × 4 = 6.6 m, while
other dimensions and boundary conditions remain unchanged. Due to limited computing
resources, a multi-scale finite element model defined as Model B is established as shown
in Figure 5b. The lengthened part of the beam is simulated by BEAM188, a kind of 3D
two-node beam element, and it is connected to the original beam using degree-of-freedom
constraint equations. The mass part of the TMD simulated using MASS21, a kind of
structural mass element with six degrees of freedom, is connected through COMBIN14,
a kind of spring damper element, to the bottom of the beam far-end location where the
largest vertical displacement of the third vibration mode is reached. The first three vibration
modes are calculated and listed in Table 2, which are the first order of translation in the
Y-axis, the first order of rotation around the X-axis and the first order of translation in the
Z-axis. Thus, the cyclic loading is a sinusoidal wave with a force amplitude of ΔF = 6 kN,
a stress ratio of R = −1 and a frequency of 6.31 Hz exerted on the far end of the beam in
Model B, while the similar cyclic loading with a force amplitude of ΔF = 60 kN, a stress
ratio of R = −1 and a frequency of 104.79 Hz is exerted on Model A, so that the frequency
of the cyclic loading keeps almost equal to that of the third vibration mode of both Model
A and Model B to make the TMD work with great efficiency.

Table 2. Frequency of models and parameters of the TMD.

Model
Modal Frequency (Hz) Parameters of the TMD

1 2 3 md (kg) m (kg) μ rfopt ξopt fd (Hz) Copt (N·s/m) kopt (N/m)

A 22.13 41.39 104.79 9.34 467.06 0.02 0.98 0.086 106.89 1075.87 4.21 × 106

B 1.30 4.67 6.31 15.99 799.47 0.02 0.98 0.086 6.44 110.96 2.62 × 104

C 0.396 0.417 0.468 2.305 × 107 1.152 × 106 0.05 0.952 0.134 0.416 8.040 × 105 7.854 × 106

D 0.390 0.427 0.452 - - - - - - - -

Den Hartog [21] suggested the optimal technical parameters of a TMD such as the op-
timal frequency ratio rfopt, the optimal damping ratio ξopt, the optimal spring stiffness kopt
and optimal damping coefficient Cdopt. They are calculated using Equations (5)–(8) [20,22]:

r f opt = 1/(1 + μ) (5)

ξopt =

√
3μ

8(1 + μ)
(6)

kopt = r2
f optω

2md (7)

Cdopt = 2ξoptr f optωmd (8)

where the frequency ratio rf is the ratio of the frequency of the TMD fd to that of the structure
f, as rf = fd/f, the mass ratio μ is the ratio of the mass of the TMD md to that of the structure
m, as μ = md/m, the damping ratio of TMD ξ is expressed as ξ = cd/(2mdωd) and cd is the
damping coefficient of the TMD and ωd is the circular frequency of the TMD. According to
Equations (5)–(8), the optimal parameters for the TMD in both models are calculated and
listed in Table 2.

The time-history analysis is conducted, respectively, for Model A and Model B, and
the hotspot stress of WT-a and the vertical displacement at the far end of the beam are
illustrated in Figure 6. It is found that the TMD designed with the optimal parameters
suggested by Den Hartog has little effect on the hotspot stress and vertical displacement
results in Model A, while it decreases both the hotspot stress and displacement results
distinctly in Model B, at a percentage rate of 10–15%. This phenomenon proves that the
TMD works with greater efficiency in flexible structures than in rigid structures and it is
the reason why Model A needs to be adjusted to Model B. It is also found that the hotspot
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stress and the far-end vertical displacement show similar and synchronous mitigation
trends that show a better vertical displacement mitigation effect along with a better stress
mitigation effect, which is the same as the phenomenon found in the connection with the
VFD. Moreover, the equipment of the TMD causes little phase difference from the original
phase in the two indexes, as shown in Figure 6c,d, and the TMD starts to take effect from
the second cycle and reaches the greatest efficiency from the third cycle. This phenomenon
is completely different from the equipment of the VFD, which causes phase difference from
the original phase in the two indexes, and it starts to work instantly from the first cycle.
It may stem from the fact that the mitigation of the TMD takes effect due to the inertial
force generated by its vibration, and the vibration is relatively weak in the first cycle and
becomes stronger and reaches a stable vibration stage at the second or third cycle when the
TMD takes effect.

 
(a) (b) 

 

(c) (d) 

Figure 6. Time-history results of Model A and Model B. (a) Hotspot stress time-history of Model A.
(b) Far-end vertical displacement of Model A. (c) Hotspot stress time-history of Model B. (d) Far-end
vertical displacement of Model B.

2.2.2. Parametric Study

The effect of technical parameters such as the frequency ratio, the damping ratio
and the mass ratio on the mitigation effect are all considered and the detailed results are
illustrated in the double Y-axis plot in Figure 7 and listed in Table 3, where Conditions
No. 1–7 show the effect of the frequency ratio, Conditions No. 8–12 indicate the effect of
the damping ratio and Conditions No. 13–16 present the effect of the mass ratio.
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(c) 

Figure 7. Effect of parameters on hotspot stress range results of the connection with and without the
TMD. (a) Effect of the frequency ratio. (b) Effect of the damping ratio. (c) The effect of the mass ratio.

It is found that the mitigation effect decreases with the increase in frequency ratio until
it reaches a minimum value; it starts to increase after that, when the damping ratio keeps
constant at 0.086. It indicates that there is indeed an optimal frequency ratio for the TMD;
therefore, the design of the TMD should be based on it. It is worth noting that the optimal
frequency ratio for this TMD is about 1.3, which is only the optimal value for this specific
loading frequency (6.31 Hz). It is completely different from the optimal frequency ratio of
0.98 proposed by Den Hartog, which is the optimal frequency ratio considering series of
loading frequencies.

The hotspot stress increases almost linearly with the increases in the damping ratio
when the frequency ratio keeps constant at 0.98, which indicates that the damping ratio
leads to the decrease in the mitigation effect under such a frequency ratio. Meanwhile,
the hotspot stress decreases almost linearly with the increase in the mass ratio when the
damping ratio and the frequency ratio both keep constant, indicating that the increase in
the TMD mass generally contributes to a better mitigation effect. However, it is impossible
to increase it infinitely, since the overweight TMD increases the bending moment and shear
force within the beam and causes potential failure danger. Thus, a mass ratio of 0.02–0.05 is
often adopted by engineering designs.

Based on the hotspot stress results, the fatigue life and its ratio are calculated for all
the parameter conditions of the TMD, as shown in Table 3. It is found that the fatigue life
ratio generally ranges from 1 to 3. Although the connection with the TMD has a longer
beam length and more flexible stiffness than that with the VFD and they are not the same
connection; the fatigue life ratios of the connection with the VFD are still considerably
larger than those with the TMD, based on the comparison of Tables 2 and 3. It indicates
that the use of a VFD in a single welded beam-to-column connection generally has a better
fatigue damage mitigation effect than the use of a TMD, and it has better usability and
takes effect instantly, for the VFD is suitable for connections with any stiffness, while the
TMD is suitable to more flexible connections with a relatively low natural frequency.
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2.3. Low-Cycle Fatigue

The above research mainly discusses the condition of high-cycle fatigue damage. How-
ever, welded beam-to-column connections may suffer damage under potential earthquakes,
which can be classified as low-cycle fatigue damage. Since it was demonstrated that a VFD
is more effective in fatigue damage mitigation than a TMD in the previous two sections,
the use of the VFD is taken as an example to discuss its effectiveness in low-cycle fatigue
damage mitigation.

The elastoplastic time-history analysis is conducted. Since the connection may suffer
plastic deformation under low-cycle fatigue damage, the cyclic displacement loading with
a displacement amplitude of Δd = 6 mm and a displacement ratio of R = −1 is exerted on
the far end of the beam instead of the cyclic force loading, and the wave type and period
remain the same. The local plastic strain near the weld detail of the connection with and
without the VFD is shown as a contour map in Figure 8. It is found that the plastic strain
near the weld detail decreases or even disappears with the equipment of the VFD.

  
(a) (b) 

Figure 8. Contour map of the local plastic strain. (a) Connection without the VFD. (b) Connection
with the VFD.

The fatigue assessment of a welded connection under low-cycle fatigue needs to be
conducted using the local stress–strain approach, instead of the hotspot stress approach,
due to the existence of plastic strain. This approach is proposed by Socie [23], based on
the assumption that the fatigue life of a welded specimen is the same as that of a smooth
specimen if the stress–strain time history of the two specimens is the same. The fatigue life
is calculated using the Coffin–Manson Equation, as shown in Equation (9):

2N =

⎡
⎣ σ′

f
E (2N)b−c + ε′f

Δε
2

⎤
⎦
−( 1

c )

(9)

where σ′
f , ε′f, b and c are four material-dependent parameters and they are 949 MPa, 0.159,

−0.103 and −0.467 for the steel GB Q345B; Δε/2 is the local strain amplitude. The results
of the connections with and without the VFD using the damping coefficient C and the
damping exponent α are listed in Table 4.

It is found from Table 4 that the fatigue damage mitigation of the connection with the
VFD under the low-cycle fatigue condition is not as effective as that under the high-cycle
fatigue condition, where the fatigue life ratio k is mainly about 2, while that in the high-cycle
fatigue can reach even hundreds and thousands. The main reason may be that the increase
in the stress slows down and reaches a stable stage in the stress–strain curve of the material
due to the yield of the steel and the plastic strain, so that the local stress and strain in the
connection with the VFD does not seem to vary a lot from that in the connection without
the VFD. This may lead to the decreased fatigue life prolonging effect. Meanwhile, it is
also found that the fatigue damage mitigation effect in the low-cycle fatigue is not greatly
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affected by the damping coefficient or the damping exponent, indicating that it is not
sensitive to the change of technical parameters. This phenomenon is completely different
from that in the high-cycle fatigue condition.

Table 4. Results of the connection with and without the VFD under low-cycle fatigue.

Condition
No.

Parameters Without the VFD With the VFD

α C (kN·s/m) Δε (1 × 10−3) uz (mm) N0 Δε (1 × 10−3) uz (mm) Ne k

1 0.25 450

2.034 −6.35 58,256

1.840 −6.32 92,129 1.6

2 0.25 600 1.833 −6.32 93,801 1.6

3 0.25 750 1.828 −6.32 95,020 1.6

4 0.25 900 1.824 −6.32 96,011 1.6

5 0.25 1050 1.819 −6.32 97,269 1.7

6 0.35 750 1.844 −6.32 91,192 1.6

7 0.45 750 1.852 −6.32 89,355 1.5

8 0.55 750 1.854 −6.32 88,904 1.5

9 0.65 750 1.855 −6.32 88,679 1.5

3. Fatigue Damage Mitigation for Multi Connections in the Structure

3.1. Finite Element Model

A high-rise building located in a coastal city susceptible to severe wind disasters in
China is taken as an example of a steel braced-frame structure. The building has an ellipse
plane shape with a long axis of 59.4 m and a short axis of 22.02 m, as shown in Figure 9a.
It has 27 floors above ground, with a building height of 96 m. The hot-rolled H-sectional
beams and box-sectional columns made of structural steel GB Q345B are connected by
welded connections, where all the welding is conducted in the form of the full penetration
groove weld. The sections of the columns on the first floor are Z1(600 × 600 × 45 × 45),
Z2(600 × 850 × 50 × 50), Z3(600 × 700 × 40 × 40), Z4(600 × 600 × 50 × 50), Z6(600 × 600
× 53 × 53) and Z9(700 × 700 × 65 × 65), as shown in Figure 9a (Unit: mm). The beams on
the first floor are mainly with a section of H500 × 200 × 10 × 16 and H588 × 300 × 12 ×
20 (Unit: mm). The sectional areas of beams and columns gradually decrease on higher
floors. The braces are mainly of a section of H428 × 407 × 17.5 × 35 (Unit: mm). The
floor plate, with a thickness of 120 mm, is made of the constructional concrete GB C30 with
an elastic modulus of 30 GPa and a Poisson’s ratio of 0.2. The material property of GB
Q345B is referred to in Section 2.1.1. The finite element model is established in the ANSYS
software, as shown in Figure 9b. The beams, columns and braces are all simulated using
BEAM188, a type of 3D two-node beam element and floors are simulated by SHELL63,
a type of four-node shell element, at a mesh size of 2 m. To better validate this finite element
model, the model of the same structure is established in another finite element analysis
software, ETABS, as shown in Figure 9c. The natural vibration frequency results of the first
three vibration modes are listed in Table 2 as those of Model D and they are compared with
those of the model established in ANSYS as Model C in the same table. The discrepancy of
the frequency results of the first three vibration modes between the two models is 1.15%,
2.39% and 3.34%, respectively, and they are all within a discrepancy limit of 5%. It demon-
strates that the established finite element model in ANSYS is valid in the establishment of
the model.

Stochastic fluctuating wind time series with a duration of 50 s and a time interval of
0.1 s to calculate wind-induced fatigue are generated based on the Davenport power spec-
trum using the harmonic superposition method [24], as shown in Equations (10) and (11):

nSv(n)
v2

10
=

4krx2

n(1 + x2)
3/4

(10)
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x = 1200
n

v10
(11)

where v10 is the reference wind speed taken as 21.43 m/s, calculated from the reference
wind pressure in this area suggested by Chinese code for structural design (GB50009-2019),
with a reference height of 10 m, a time interval of 10 min and a return period of 50 years;
n is the frequency of the fluctuating wind; kr is the terrain roughness factor of this area,
which is 0.22; Sv(n) is the power spectrum of velocity fluctuation. The simulated wind
speed time series are converted into the frequency domain and they are compared with
the Davenport spectrum. The typical fluctuating wind speed time series at the height of
the first floor is shown in Figure 9d and it was found that the spectrum of the simulated
wind time series agrees with the Davenport spectrum well in most frequency bands, as
illustrated in Figure 9e.

Wind loads are only applied in the Y-axis direction of the structure. The total wind
speed time series at the location of the j-th connection on the i-th floor, as Vji(z, t), which
consist of the mean wind speed vji(z) and fluctuating wind speed vji(z, t), are converted
into the wind pressure time series Wji(z, t) according to Bernoulli’s theorem, where z is the
height of the i-th floor and t is the time. Subsequently, the wind pressure time series are
converted into the concentrated wind force time series Pji(t) by multiplying the loading
area Aji of each beam-to-column connection on the windward surface of the building. The
definition of the loading area can be found in an earlier publication by the authors [17].
The above conversion of the wind speed time series to the concentrated wind force time
series is summarized as Equation (12):

Pji(t) = AjiμsWji(z, t) = 1
2 AjiμsρVji

2(z, t) = 1
2 Ajiμsρ

[
vji(z) + vji(z, t)

]2

≈ 1
2 Ajiμsρvji

2(z) + Ajiμsρvji(z)vji(z, t)
(12)

where ρ is the air density; μs is the shape coefficient of the structure, suggested by Chinese
code (GB50009-2019) as 1.1. Only the buffeting response is considered, since this building
does not have a very slender structure.

3.2. Fatigue Analysis

The time-history analysis is conducted and the beam-to-column connections on the
11th floor with the maximum interlayer displacement ratio are the connections for the
fatigue analysis. The calculation process and results of the interlayer displacement ratio
of each floor are not detailed due to limited pages. Since the columns and beams are all
simulated using the beam element, the fatigue assessment is conducted using the nominal
stress approach. Nominal stress σnom is the sectional stress calculated based on the internal
forces on the component section away from the welded joint, where the local stress-raising
effects do not exist, as shown in Equation (13):

σnom =
Nc

A
+

MX
WX

+
MZ
WZ

(13)

where Nc is the axial force, A is the sectional area of the beam in the Y-axis direction, MX
and MZ are the moment around X-axis and Z-axis, and WX and WZ are the section modulus
around X-axis and-Z axis. The directions of the axes are shown in Figure 9a.

The nominal stress spectrums (cumulative frequency diagrams), including the nominal
stress ranges Δσ and corresponding cycle numbers n, are obtained from the nominal stress
time series by the rainflow-counting method, as shown in Figure 10. The effective nominal
stress range Δσe is calculated by Equation (14):

Δσe =

[
1

DN
·∑

k
i=1 ni(Δσnom−i)

m0

∑k
i=1 ni

]1/m0

(14)
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(a)

(b) (c)

(d) (e)

Figure 9. Summary of the building and the model. (a) Floor layout. (b) Finite element model
in ANSYS. (c) Finite element model in ETABS. (d) Fluctuating wind speed time series. (e) Power
spectrum comparison.

where Δσnom−i is the i-th nominal stress range causing fatigue damage in the cumulative
frequency diagram; ni is the cycle number under stress range Δσnom−i; DN is the specified
Miner sum as 1. Based on the S-N curve of FAT36 suggested by IIW recommendation
(IIW2259-15) for the nominal stress approach used in this connection, the fatigue damage
within 50 s as Dt is calculated by Equation (15):

Dt =
Δσe

m0 ∑k
i=1 ni

C0
(15)
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where C0 = 4.143 × 1013 and m0 = 5 when Δσnom ≤ 21.1 MPa (knee point of the S-N curve),
while C0 = 9.331 × 1010 and m0 = 3 when Δσnom > 21.1 MPa [16]. The fatigue life T0
(Unit: year) is calculated as shown in Equation (16):

T0 =
t50

Dtty
(16)

where t50 = 50 s and ty is the total time in one year, as 3.1536 × 107 s.

0 2 4 6 8 10
0

10
20
30
40
50
60
70
80

n
nom (MPa)

(a) (b)

Figure 10. Nominal stress information of Connection 5561. (a) Time-history of the nominal stress.
(b) Nominal stress range spectrum.

The results of eight typical connections, as shown in Figure 9a, are listed in Table 5.
It is found from the table that Connection 5725 is the critical connection with the greatest
fatigue damage, and its fatigue life is 93 years, which tends to be dangerous during its
service life of 100 years. Thus, fatigue damage mitigation using the VFD and the TMD is
necessary and is discussed, respectively.

3.3. Structure with VFD Systems

According to the results of the time-history analysis in the previous section, the VFDs
are installed at specific locations, as shown in Figure 9a, in two ways, haunched and braced,
as shown in Figure 11, from the 1st floor to the 20th floor. The damping coefficient of the
VFD is C = 500 kN·s/m and the damping exponent is α = 0.25.

(a) (b)

Figure 11. Installation of the VFD. (a) Haunched. (b) Braced.
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The simulation of the VFDs is kept the same as that in Section 2.1. The time-history
analysis and fatigue analysis are conducted and the results are shown in Figure 12a and
Table 5, where Te-HVFD and Te-BVFD are the fatigue life of the connections in the structure
with haunched VFDs and braced VFDs. Figure 12a indicates that the nominal stress is
reduced dramatically with the equipment of either haunched VFDs or bracing VFDs.
However, the reduction effect is better in the structure with braced VFD systems, with less
cost than that with haunched VFD systems. It is found from Table 5 that the fatigue life is
prolonged for most typical connections except two connections, 5626 and 5622. This may be
explained by the situation that these two connections are just the position where the VFD is
installed, so that the damping force output by the VFD leads to the increase in the local
stress within these two connections during the energy dissipation and thus decrease the
fatigue life. This phenomenon is completely different from that of a single beam-to-column
connection in Section 2, whose local stress is also reduced, even when the VFD is installed
within this connection itself.

The two typical connections of 5561 and 5621 with the braced VFD systems are selected
to demonstrate the effect of different damping coefficients (500 kN·s/m, 600 kN·s/m,
700 kN·s/m, 800 kN·s/m and 900 kN·s/m) and damping exponents (0.25, 0.35, 0.45, 0.55
and 0.7) on fatigue damage mitigation. The results of a total of 25 parameter conditions are
shown in Figure 12b,c, where a fatigue life ratio k is defined as Equation (4).

It is found from Figure 12b that the fatigue life is significantly prolonged for the
connection without the direct installation of the VFD, such as Connection 5561, and the
prolonged effect tends to decrease with the increase in the damping exponent. This stems
from the fact that the velocity response of the structure is relatively small under wind and
the VFD designed with a low damping exponent is more sensitive to the small velocity
response and leads to a larger damping force output. However, with the increase in
the damping exponent, the influence of the damping coefficient on the mitigation effect
becomes less. For example, the increase in the damping coefficient can significantly improve
the mitigation effect when the damping exponent is 0.25, while it has little effect on the
mitigation effect when the damping exponent reaches 0.7. It indicates that a small damping
exponent is enough to reach a satisfying mitigation effect for the structure under wind.

Meanwhile, the mitigation effect is relatively bad or even becomes negative due to the
increase in the local stress in the connection with the direct installation of the VFD, such as
Connection 5626. Under such circumstances, the damping exponent should be designed to
be greater than 0.55 to obtain a positive mitigation effect, according to Figure 12c. However,
the VFDs are directly installed in two locations, as shown in Figure 9a, involving only four
connections, so that the parameter design of the other connections can still refer to that of
Connection 5561.

Moreover, the VFD systems can also contribute well to the mitigation of structural
responses at the same time, as shown in Figure 12d. It is found that the structural top
displacement response decreases dramatically and instantly after the equipment of the
VFD systems, which is due to the phenomenon found in Section 2 that the stress and the
displacement results show similar and synchronous mitigation trends.

3.4. Structure with TMD Systems

The modal analysis of this structure, defined as Model C, is conducted before the
design of the TMD systems and the results of the first three vibration modes are listed in
Table 2, which are the first order of translation in the Y axis, the first order of translation in
the X axis and the first order of rotation around the Z axis. The maximum displacement
for the first vibration mode mainly excited by the wind loading is reached at the top of the
structure, so that this location is optimal for the installation of the TMD. Therefore, TMD is
installed at the top of the structure, as shown in Figure 13a, simulated using MASS21, and
it is connected to the structure through COMBIN14.
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Figure 12. Fatigue mitigation effect of connections in structures with VFD systems. (a) Nominal
stress time-history. (b) Parametric study of Connection 5561. (c) Parametric study of Connection 5626.
(d) Time-history of structural top displacement response.
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Figure 13. Fatigue mitigation effect of connections in structures with the TMD. (a) Installation
of the TMD. (b) Parametric study of Connection 5561. (c) Parametric study of Connection 5626.
(d) Time-history of structural top displacement response.

The mass ratio is set to be μ = 0.05 and the optimal parameters for the TMD under
wind loading suggested by Den Hartog are calculated and listed in Table 2. After the
time-history analysis and the fatigue analysis are both conducted, the fatigue life and ratio
results are listed in Table 5. It is found from Table 5 that the fatigue damage mitigation
using the TMD with generally smaller k values is not as effective as that using the VFDs
on the same connection in the same structure, which agrees with the phenomenon in
Section 2. Thus, it comes to the conclusion that the VFD is generally more effective in
fatigue damage mitigation than the TMD for welded beam-to-column connections in steel
high-rise buildings. Regarding the economic effect, the VFD is more economical and
easier to install for the mitigation of a small amount of connections, while the TMD is
more economical and easier to install for the mitigation of all the connections in a high-
rise building.
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To better demonstrate the effect of technical parameters on the mitigation results, the
influence of different frequency ratios (rf = 0.5, 0.6, 0.7, 0.8, 0.9, 1.0, 1.1, 1.2) and damping
ratios (ξ = 0.03, 0.06, 0.09, 0.12, 0.15, 0.18) on the fatigue performance of two typical
connections, Connection 5561 and 5626, is studied. The variation trend of the k value with
both the two parameters is shown in Figure 13b,c.

It is found from Figure 13b,c that the frequency ratio has a greater impact on the
fatigue life results, compared with the damping ratio. With the increase in the frequency
ratio at the early stage, the fatigue life ratio tends to increase and it reaches the maximum
value when the frequency ratio is generally between 0.9–1.0, which indicates the optimal
mitigation effect and it agrees with the optimal frequency ratio of 0.952 calculated based on
the theory proposed by Den Hartog. After that, the fatigue life ratio shows a decreasing
trend when the frequency ratio continues to increase.

The effect of the damping ratio is much more complex. The fatigue life ratio increases
with the damping ratio when the frequency ratio is less than about 0.8. However, it starts
to decrease with the damping ratio when the frequency ratio is between 0.8 and 1.05. When
the frequency ratio is finally greater than 1.05, the fatigue life ratio starts to increase again
or keeps almost constant with the increase in the damping ratio. It also explains the reason
why the damping ratio of the TMD only leads to the decrease in the mitigation effect under
a frequency ratio of 0.98 for the single connection in Section 2.

Moreover, TMD systems also contribute well to the mitigation of structural displace-
ment responses at the same time, as shown in Figure 13d. It is found from the figure
that, after the equipment of the TMD system, the fluctuation of the structural top displace-
ment response d decreases dramatically. In addition to that, based on the comparison of
Figures 12d and 13d, it is obvious that the structural top displacement response starts
to decrease from the first fluctuating peak in the structure with the VFD, while it starts
to decrease from the second and the third fluctuating peak, which agrees with the phe-
nomenon found for the single connection in Section 2 that the VFD starts to take effect
almost instantly, while the TMD starts to take effect after one or two cycles.

4. Discussion

4.1. Optimization of Damper Positions

In the previous sections, the fatigue damage mitigation using VFD systems or TMD
systems is discussed. It is obvious that the layout positions of the dampers definitely affect
the mitigation effect. Since the layout of numerous VFDs is much more complex than
a single TMD, the VFD systems are taken as an example and the optimization of their
layout positions is discussed in this section.

In theory, the most economical and efficient layout plan is to place VFDs in a single
optimum position for each floor and thus the single position layout is discussed. The VFD
is placed in ten typical positions (C1–C10) from the 1st floor to the 20th floor, as shown
in Figure 14a. The fatigue life and the ratio k results for some typical beam-to-column
connections on the 11th floor are shown in Table 6. For a better comparison, the k value
results for these connections are illustrated in Figure 14b, where the maximum relative
displacement and maximum relative velocity between the two positions which connect
the two ends of the potential dampers in the model without VFDs from C1 to C10 are also
listed in the legend part of Figure 14b.
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Figure 14. Layout of VFDs and results of k values in connections. (a) Layout plan of VFDs from C1
to C10. (b) Results of k values in different connections on the 11th floor. (c) Results of k values in
connections with VFDs being installed in C4 on different floors. (d) Results of k values in connections
with VFDs being installed in C4 on different floors.
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Table 6. Results of fatigue life and k values in connections with VFDs in positions from C1 to C10.

VFD Positions Fatigue Life 5561 5585 5622 5626 5659 5725 5788 5811 5825 6070

Without VFD T0 (Year) 161 353 325 543 100 95 257 3.24 × 108 186 230

C1
Tc (Year) 209 441 373 625 117 103 271 3.33 × 108 181 230

k 1.30 1.25 1.15 1.15 1.17 1.09 1.06 1.03 0.97 0.99

C2
Tc (Year) 192 427 371 621 116 104 274 3.40 × 108 186 230

k 1.19 1.21 1.14 1.14 1.16 1.10 1.07 1.05 1.00 1.02

C3
Tc (Year) 194 386 367 615 115 104 276 3.43 × 108 189 240

k 1.20 1.09 1.13 1.13 1.15 1.10 1.07 1.06 1.02 1.03

C4
Tc (Year) 630 1187 202 300 369 209 494 5.34 × 108 260 340

k 3.91 3.36 0.62 0.55 3.69 2.20 1.92 1.65 1.40 1.49

C5
Tc (Year) 188 409 363 608 114 107 274 3.56 × 108 199 250

k 1.17 1.16 1.12 1.12 1.14 1.12 1.07 1.10 1.07 1.08

C6
Tc (Year) 190 415 374 626 116 111 270 3.69 × 108 207 260

k 1.18 1.17 1.15 1.15 1.16 1.17 1.05 1.14 1.11 1.12

C7
Tc (Year) 311 689 605 1168 190 183 498 6.44 × 108 356 440

k 1.93 1.95 1.86 2.15 1.90 1.93 1.94 1.99 1.91 1.91

C8
Tc (Year) 176 386 356 594 110 105 284 3.59 × 108 207 260

k 1.09 1.09 1.09 1.09 1.10 1.11 1.10 1.11 1.11 1.12

C9
Tc (Year) 173 380 352 588 138 105 283 3.60 × 108 212 270

k 1.07 1.08 1.08 1.08 1.38 1.10 1.10 1.11 1.14 1.16

C10
Tc (Year) 172 380 352 588 109 105 284 3.61 × 108 189 310

k 1.07 1.08 1.08 1.08 1.09 1.11 1.11 1.11 1.02 1.35

It is found from the table and the figure that the fatigue ratio k mainly depends on
two things. The first and the most important one is the relative displacement and relative
velocity between the two positions which connect the two ends of the potential dampers
in the model without VFDs. It is found that the k value tends to increase in the positions
simultaneously with large maximum relative displacement and relative velocity. It leads
to the fact that, when the dampers are installed in the positions of C4 and C7 with large
relative displacement and relative velocity, the k value can even reach a rather large value.
Meanwhile, when the dampers are installed in other positions, such as C2 and C3, the
relative displacement is relatively small, though they have a large maximum relative
velocity, which leads to a smaller k value compared with C4 and C7. It indicates that the
relative displacement and relative velocity between the two positions which connect the
two ends of the potential dampers determine the k value simultaneously. It is rather easy
to understand, since the fatigue mitigation comes from the working of the dampers and
the working efficiency is strongly related to the relative displacement and relative velocity
between the two ends. Meanwhile, relative displacement and relative velocity are rather
close to each other in these connections when the dampers are installed in positions other
than C4 and C7, which leads to similar k values.

The second thing that needs to be mentioned is the distance from the targeted beam-
to-column connection to the VFD installation positions. If the VFD is installed near to the
targeted connection, a larger k value is probably obtained in these connections, such as
Connection 5561 with C1 position, Connection 5561 and 5585 with C2 and C3 positions,
Connection 5659 with C4 position, Connection 5788 and 5811 with C7 position, etc. Mean-
while, the installation of the VFD directly at the targeted connection usually also leads
to a relatively large, though sometimes not optimum, k value, such as Connection 5561
with C2 position, Connection 5585 with C3 position, Connection 6070 with C9 position,
etc. However, there is one special case where a k value smaller than 1 is found in both
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Connection 5622 and 5626 when dampers are installed in the position of C4, just between
the two connections, which indicates a negative fatigue damage mitigation effect. This
special case is discussed in Section 4.2.

In addition to the above analysis, the layout of VFDs on different floors is also dis-
cussed. The VFDs are installed in the positions of C4 and C7 on floors from 1 to 6 (low
floors), from 7 to 12 (middle floors) and from 13 to 18 (high floors). The results for C4
and C7 positions are, respectively, listed in Figure 14c,d. It is found from the figure that
the k value tends to increase when the VFDs are placed on high floors in almost all the
connections, although the targeted connections are all on the 10th floor, as a middle floor. It
means that the VFDs should be placed on higher floors instead of lower floors or middle
floors, even if they contain the targeted connection.

Based on the above analysis, it is concluded that, for the sake of a better fatigue
damage mitigation effect in a targeted beam-to-column connection, the optimized VFD
layout plan should be that VFDs are placed between the two connections with large relative
displacement and relative velocity on higher floors to increase their working efficiency and,
moreover, these two connections with VFDs should be near to the targeted connection.

4.2. Negative Mitigation Effect

It has been pointed out that Connection 5622 and Connection 5626 both show negative
fatigue damage mitigation effect, where the k values are smaller than 1. To better understand
this phenomenon, all the connections directly with the VFDs in the positions from C1 to
C10 are illustrated in Figure 15 and the k value results of these connections are listed in
Table 7. In the table, the VFDs are placed between the Connection i and Connection j.
Connection i is the connection on the south side, such as 5271, 5561, 5585, etc. Connection j
means the connection on the north side, such as 5286, 5317, 5333, etc.

Figure 15. Layout of two end connections with VFDs in positions from C1 to C10.

It is found from the table that the connections directly equipped with VFDs in the
positions of C4, C5 and C6 show a negative fatigue damage mitigation effect, while other
connections all show a positive fatigue damage effect. It means that the direct equipment
does not always lead to a negative mitigation effect. It is found from Figure 15 that
Connection j with the damping positions of C4, C5 and C6 are all without direct lateral
support of beams from the north side in the Y-axis direction, such as Connections 5622, 5487
and 5518, which means that the lateral support force exerted on these three connections
in the Y-axis is generally low and thus may result in serious stress concentration within
these connections when the VFD is installed. On the contrary, Connection j of most other
connections are all supported by lateral beams directly from the north side in the Y-axis to
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provide enough lateral force and thus may avoid serious stress concentration within these
connections. It is worth noting that Connection j with the position of C3 (Connection 5333),
which is not directly supported by lateral beams, still shows a positive mitigation effect.
This may stem from the fact that the bracing between Connection 5321 and Connection 5322
and that between Connection 5321 and Connection 5317 near to this connection provides
additional lateral support and the support force is transmitted to Connection 5333, which
thus may avoid serious stress concentration. On the contrary, Connections 5622, 5487 and
5518 do not have such a source of lateral support force. Therefore, it is concluded that the
negative fatigue damage mitigation mainly stems from an insufficient lateral support force,
so that the direct installation of VFDs may result in a negative fatigue damage mitigation
effect in the connections with limited lateral support.

Table 7. Results of fatigue life and k values in the two end connections with VFDs in positions from
C1 to C10.

C1 C2 C3 C4 C5 C6 C7 C8 C9 C10

Model without
VFD

Connection i T0 (Year) 136 161 353 543 319 190 258 911 210 206

Connection j T0 (Year) 136 130 321 325 208 130 181 1015 230 186

Model with
VFD

Connection i Tc (Year) 181 192 386 300 203 90 270 1027 210 213

Connection j Tc (Year) 179 156 342 202 203 60 189 1136 270 189

Connection i k 1.33 1.19 1.09 0.55 0.64 0.46 1.05 1.13 1.00 1.03

Connection j k 1.31 1.20 1.06 0.62 0.97 0.50 1.04 1.12 1.16 1.01

5. Conclusions

(1) The VFD and the TMD systems are both effective in local fatigue damage mitigation,
along with structural displacement mitigation, for both a single connection under
constant amplitude cyclic loading and multi-connections in a high-rise building
under stochastic wind, while the mitigation effect decreases in the low-cycle fatigue
condition compared with the high-cycle fatigue condition; therefore, these two passive
control systems both have promising usability in fatigue damage mitigation of welded
beam-to-column connections in steel high-rise buildings.

(2) The VFD generally has a better mitigation effect than the TMD and it starts to take
effect instantly with external loading and is equally effective in connections and
structures with almost all ranges of natural frequencies, but it causes a phase difference
in the structural responses, including stress and displacement. On the contrary, the
TMD starts to take effect after a few cycles and is more effective in connections and
structures with a lower natural frequency, and it does not change the phase of the
structural responses. Regarding the economic effect, the VFD is more economical
and easier to install for the mitigation of one or several connections, while the TMD
is more economical and easier to install for the mitigation of all the connections in
a high-rise building.

(3) The VFD system should be designed with a small damping exponent and a large
damping coefficient in the braced installation form, while the TMD system can be
designed according to the optimal parameters, so that the two systems are more opti-
mal to both the local stress and the structural displacement, since the two indexes are
found to show similar and synchronous mitigation trends and thus the VFD and the
TMD can be designed based on either the local stress or the structural displacement.

(4) For the sake of a better fatigue damage mitigation effect in a targeted beam-to-column
connection, the optimized VFD layout plan is that VFDs are placed between the two
connections with large relative displacement and relative velocity on higher floors to
increase their working efficiency; moreover, these two connections with VFDs should
be near to the targeted connection.
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(5) The negative fatigue damage mitigation mainly stems from an insufficient lateral
support force so that the direct installation of VFDs may result in a negative fatigue
damage mitigation effect in the connections with limited lateral support.
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Abstract: Evaluating the structural performance of low-rise RC buildings with infill walls is an
essential issue in Thailand, as most infill walls were not designed for lateral load resistance. The
purpose of this study was to predict the structural behavior and illustrate the effects of infill walls.
Residential, commercial, and educational buildings were selected as representative buildings with
different patterns of infill walls. Based on the results, infill walls contributed to considerable strength
and stiffness. Most of the infill walls that affected the low-rise buildings were at the ground floor
level. The behavior of the buildings that had a contribution of infill walls was found to be brittle until
the infill walls collapsed, and then the buildings became ductile. Some patterns in which infill walls
were placed improperly led to a torsional effect, resulting in columns in the affected areas reaching
failure criteria more than those without this effect. Considering the NLRHA procedure, only infill
walls on the ground floor contributed to the building being subjected to a ground motion. The fully
infilled frame tended to reach the infill crack before the other patterns. For the UMRHA procedure,
only the first vibration mode was adequate to predict seismic responses, such as roof displacement
and top-story drift.

Keywords: pushover analysis; low-rise RC buildings; infill walls; UMRHA; seismic response

1. Introduction

Seismic hazards play a critical role in the field of earthquake engineering and structural
engineering in which large lateral forces are induced by earthquake shaking. Earthquakes
are recognized as one of the natural hazards putting any structure at risk, especially existing
low-rise RC buildings with infill walls. Most of the damage to buildings during earthquakes
is within a range of light to severe damage levels. Slight damage occurs to structural
members, such as beams and columns, and to nonstructural members, such as façades and
ceilings, which do not contribute strength or stiffness to buildings. However, buildings
with façades and ceilings can survive, and operational systems such as elevators and fire
protection can still be functional. For severe levels, the overall structural performance is
lost, resulting in sudden member failure and building collapse. Based on lessons learned
from past earthquakes, seismic performance evaluation should be performed to investigate
whether such buildings will survive future earthquakes. The effects of infill walls on
RC buildings should also be examined. Several studies in the past determined that RC
buildings with infill walls seemed to have both positive and negative effects on buildings.

Murty and Jain [1] indicated that the negative effects of infill walls were well known
as the short column effect, soft-story effect, and out-of-plane collapse due to torsion. The
beneficial effects were that infill walls can contribute to strength, stiffness, ductility, and
energy dissipation capacity. Lee and Woo [2] found that infill walls showed positive
behavior; for instance, an increase in earthquake inertia force was less compared to a
contribution of strength by infill walls. The effect of infill walls also led to the reduction
in global lateral displacement. Al-Chaar et al. [3] demonstrated that an infilled frame
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provided higher strength and initial stiffness than a bare frame, and these properties can
be increased together, yet not linearly, with an increase in the number of bays. Asteris [4]
determined that the lateral stiffness of an infilled frame can be considerably reduced due to
an increase in the percentage of openings and the positions of openings moving toward
the compression diagonal. The shear force on the columns was found to decrease due to
the presence of infill walls. However, the shear force on the columns was higher than the
shear force of the bare frame in the case of a weak-story frame. Anil and Altin [5] indicated
that the arrangement of the infill as a wing wall was found to be an effective strengthening
method and provided higher strength compared to the bare frame. An increase in the
aspect ratio of the wing walls also increased the strength and stiffness of the corresponding
specimen. However, strength, stiffness, and energy dissipation appeared to be substantially
decreased due to the presence of the window opening incorporated into the frame, and a
substantial reduction in strength could be observed after the infill concrete was crushed.
Dolšek and Fajfar [6] demonstrated that the strength and stiffness of the corresponding
frame could be considerably increased by the presence of masonry infills. Hashem et al. [7]
indicated that the presence of infill walls led to an increase in frame capacity whereas the
presence of openings within infill walls led to an increase in the frame lateral displacement.
The presence of shear connectors in infilled frames was also found to decrease lateral
displacement and increase ultimate load capacity. Niyompanitpattana and Warnitchai [8]
demonstrated that an infill wall with or without an opening contributes significantly to
increasing its lateral strength and stiffness, and modifying the hysteretic behavior. The
overall strength and stiffness of the building were increased; however, the displacement
capacity was decreased due to the presence of infill walls [9,10].

Risi et al. [11] expressed that with the comparison between the results of square infill
walls and rectangular infill walls, the latter seemed to sustain higher damage than the
former at approximately the same drift level. Khan et al. [12] demonstrated that infill
walls played an important role in RC structures, especially for the full infill wall type,
since the infill walls made structures stiffer and reduced the fundamental period and the
relative displacement. Furtado et al. [13] indicated that infill walls interacting with the
bounding frame during an earthquake caused various failure modes due to both in-plane
and out-of-plane behavior. Out-of-plane failure was regarded as one of the most crucial
failure modes of infill walls subjected to seismic loading [14,15] and was noted to occur on
the lower stories of a building [15]. Chrysostomou and Asteris [16] reported that it was
difficult to account for the behavior modes of infill walls since the walls were related to
several parameters involving their nonlinearity and behavior. Additionally, the exhibition
of infill walls was different between in-plane and out-of-plane behavior. The uncertainty
regarding the characteristics of infill walls also has a dramatic impact on seismic response
parameters [17].

A widely used tool to estimate the structural performance of a building is called
a nonlinear static procedure, also known as pushover analysis. This tool is simple and
time-saving yet effective. The results, i.e., capacity curves or pushover curves, are shown
in terms of force versus displacement format or broadly recognized as base shear versus
roof displacement format. Due to the benefit of a pushover curve, the global behavior
of the building, such as strength and stiffness, can readily be investigated, as has been
undertaken by many researchers [18–20]. Girgin and Darilmaz [21] performed pushover
analysis to evaluate the seismic response of infilled frame buildings. They found that
infills with no irregularity in elevation have advantages for buildings and, therefore, the
global lateral displacements of buildings can be reduced. Other studies that are related to
pushover analysis can be found in [22–24]. Although pushover analysis seems to provide
satisfying results, this type of analysis cannot be used to simulate the actual phenomenon
resulting from earthquake shaking because earthquake forces do not incrementally increase;
in other words, the sign and shape of earthquake forces are randomly varied and reversed.
Accordingly, nonlinear response history analysis (NLRHA) appears to be the most suitable
method to compute seismic responses or seismic demands; however, NLRHA is very
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time-consuming and has a higher computational effort. An alternative method can be used
to calculate seismic responses other than the NLRHA procedure: a simplified version of
the NLRHA procedure, such as uncoupled modal response history analysis (UMRHA).
This method was first developed for nonlinear systems of modal pushover analysis [25,26].
Chopra and Goel [27] performed a comparison between the NLRHA and UMRHA proce-
dures to investigate errors in terms of seismic demands and whether the procedure was
acceptable. The errors in response quantity appeared to be admissible for approximation
approaches for evaluating seismic demands. In addition, the computational effort of the
UMRHA procedure was significantly lower than that of the NLRHA procedure [28–30].

The purpose of this study was to evaluate the seismic performance of low-rise RC
buildings with various configurations of infill walls. The types buildings studied consisted
of residential, commercial, and educational buildings, which encompass most of the existing
low-rise RC building types in Thailand. The infill wall patterns are classified mainly into
bare frames, fully infilled frames, original frames, open ground-story frames, and open
top-story frames. These representative buildings were examined using pushover analysis to
investigate the global behavior of each, shown in terms of pushover curves. Local behavior
in terms of the failure mechanisms of structural members, such as beams and columns, and
infill walls, were also investigated. The UMRHA procedure was also performed to estimate
seismic responses. The results were compared with the results from the NLRHA procedure.

2. Nonlinear Modeling Approach

Frame structures were modeled using the distributed plasticity approach, also known
as fiber elements [31]. The fiber beam–column element, a mixed-type force-based element
and displacement-based element, was regarded as the most precise and rigorous distributed
plasticity beam–column formulation [32] and was used in this study. A great deal of
research has been conducted involving the strut model together with the corresponding
parameters and its constitutive law to represent the behavior of infill walls [33–37]. In this
study, the nonlinear response of an infill panel was captured by modeling a four-node
masonry panel element proposed by Crisafulli [38]. This masonry panel element consists of
two eccentric struts in each diagonal direction carrying axial loads. The vertical separation
between struts, i.e., the distance between internal and dummy nodes, is estimated as half
of the contact length [38]. A shear strut was also incorporated in the proposed masonry
panel to carry shear from the top to the bottom of the panel in each diagonal direction. The
masonry strut hysteresis model shown in Figure 1c was employed to represent the four
struts, whereas a bilinear hysteresis rule shown in Figure 1d was employed to represent the
shear strut. The schematic presentation of the four-node panel element and fiber elements
related to the RC cross-section [39] are shown in Figure 1a,b.

 
(a) (b) 

Figure 1. Cont.
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(c) (d) 

Figure 1. Equivalent diagonal strut model and fiber elements: (a) compression or tension struts and
shear strut [39]; (b) fiber elements associated with RC cross-section [39]; (c) strut curve parameters [38];
and (d) shear curve parameters [38].

It is essential to prove that the structural model used in this study is reliable and
valid, so verification of the models must first be carried out. Three cases of experimental
studies were selected from the literature for comparison with analytical models. The three
experimental studies were Karayannis et al. [40], Niyompanitpattana and Warnitchai [8],
and Van and Lau [41]. Selected specimens were used for the verification to compare
between the experimental and analytical results consisting of a bare frame and an infilled
frame from the three selected studies. This study aimed mainly at the effect of fully
infilled walls, so partially infilled walls with openings, such as doors and windows, were
not considered. The compared results in terms of global behavior, i.e., lateral force and
lateral displacement, and local behavior such as the formation of plastic hinges and failure
mechanisms, were investigated.

The structural details, such as the cross-section of the beams and columns of Karayan-
nis et al. [40], are shown in Figure 2, while their corresponding material properties are
depicted in Table 1.

Figure 2. Cross-sections of the beam and column of Karayannis et al. [40].

Table 1. Material properties of Karayannis et al. [40].

Material Types Material Properties Specimen 1 Specimen 2

Concrete
fc of column (MPa) 28.51 28.51
fc of beam (MPa) 28.51 28.51

Ec (MPa) 25,096 25,096

Steel
fy of (φ5,6 mm) (MPa) 390.47 390.47
fy of (φ3 mm) (MPa) 212.20 212.20

Es (MPa) 200,000 200,000

Infill
fm (MPa) - 2.630
Em (MPa) - 660.66
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The comparison of analytical models and experimental models [40] is shown in
Figure 3. For the analytical result of the bare frame, the peak force on the positive side is
equal to 33.11 kN and the lateral displacement is equal to 26.88 mm. The peak force on the
negative side is equal to −36.03 kN and the lateral displacement is equal to −10.27 mm.
The hysteretic loop of the experimental result is small in the inelastic range but similar in
the elastic range. For local behavior regarding analytical results, since the column section
is smaller than the beam section, most of the failure mechanisms are implied to occur on
columns before the beam. Due to the formation of plastic hinges on the structural elements,
including beams and columns, the sequence of failure mechanisms can readily be inves-
tigated. Initially, reinforcing steel yielding is found at the bottom of both columns, while
nothing occurs on the beam. Subsequently, the previous failure mechanism is replaced
by unconfined concrete crushing at the same locations, while reinforcing steel yielding
occurs at the ends of both columns and the ends of the beam. In the final stage, uncon-
fined concrete crushing at the bottom of both columns is replaced by confined concrete
crushing, while the top of both columns is found to have unconfined concrete crushing.
This analytical model seems to successfully investigate local behavior, especially for the
formation of plastic hinges that occur at both ends of the beam and columns. For the
analytical result of the infilled frame, the peak force on the positive side is equal to 74.79 kN,
and the lateral displacement is equal to 5.92 mm. The peak force on the negative side is
equal to −84.21 kN, and the lateral displacement is equal to −5.76 mm. The hysteretic
loop of the analytical result is similar to the hysteretic loop of the experimental result.
For local behavior regarding the analytical result, reinforcing steel yielding is found at
the bottom of both columns, while nothing occurs on the beam. The diagonal cracking
is also found to begin. Subsequently, unconfined concrete crushing occurs at both ends
of columns, whereas reinforcing steel yielding occurs on both ends of the beam. Then,
diagonal cracking is completely achieved. In the final stage, confined concrete crushing is
found to occur only at the bottom of both columns. This analytical model can successfully
predict local behavior in terms of the development of plastic hinges on beams and columns.
The model can also be used to investigate infill cracks and infill failures.

The structural details of the cross-section of the beams and columns of Niyompan-
itpattana and Warnitchai [8] are shown in Figure 4, while their corresponding material
properties are depicted in Table 2.

Table 2. Material properties of Niyompanitpattana and Warnitchai [8].

Material Types Material Properties Specimen 1 Specimen 2

Concrete
fc of column (MPa) 17.9 23.6
fc of beam (MPa) 20.3 27.9

Ec (MPa) 20,152 20,152

Steel

fy of DB 16 (SD30) (MPa) 382.6 382.6
fy of RB 6 (SR24) (MPa) 373.6 373.6

fy of plain mild steel (φ3 mm) (MPa) 392.4 392.4
Es (MPa) 207,000 207,000

Infill
fm (MPa) - 5.9
Em (MPa) - 887
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(a) (b) 

 
 

(c) (d) 

  
(e) (f) 

Figure 3. Comparison of analytical models in this study with experimental models [40]: (a) analytical
and experimental results of the bare frame; (b) failure mechanisms of the bare frame based on
the analytical model; (c) failure mechanisms of the bare frame based on the experimental model;
(d) analytical and experimental results of the infilled frame; (e) failure mechanisms of the infilled
frame based on the analytical model; (f) failure mechanisms of the infilled frame based on the
experimental model.

 
Figure 4. Cross-sections of the beam and column of Niyompanitpattana and Warnitchai [8].
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The comparison of analytical models and experimental models [8] is shown in Figure 5.
For the analytical result of the bare frame, the peak force on the positive side is equal to
47.8 kN, and the percentage of drift is equal to +1.25%. The peak force on the negative side
is equal to −48.8 kN, and the percentage of drift is equal to −1.31%. The hysteretic loop of
the analytical result is large in the inelastic range but similar in the elastic range. For local
behavior, failure mechanisms of the bare frame occur only at columns. In the first stage,
unconfined concrete crushing occurs at both ends of columns. Subsequently, reinforcing
steel yielding occurs at the same locations and, thus, confined concrete crushing occurs in
the final stage. This analytical model can successfully predict local behavior in terms of the
development of plastic hinges on columns, consistent with that shown in the experimental
result. In other words, deformation predominantly occurs at both ends of columns. The
analytical model cannot predict the type of deformation that occurs at columns, as opposed
to the experimental model. For the analytical result of the infilled frame, the peak force
on the positive side is equal to 167.5 kN, and the percentage of drift is equal to +1.00%.
The peak force on the negative side is equal to −168.8 kN, and the percentage of drift is
equal to −0.90%. The hysteretic loop of the analytical result is similar to the hysteretic
loop of the experimental result. For local behavior regarding the analytical result, failure
mechanisms of the infilled frame occur only at columns and in the failure mechanisms
of the bare frame. Initially, only diagonal cracking is found at the infill wall, whereas
nothing occurs at the beam and columns. Subsequently, complete diagonal cracking occurs,
and unconfined concrete crushing also takes place at both ends of the columns. In the
final stage, reinforcing steel yielding occurs, followed by confined concrete crushing. This
analytical model can predict local behavior in terms of the development of plastic hinges
on columns and cracks, ranging from the initial stage to the final stage on infill walls. This
model cannot predict where the location within infill walls first starts to crack, as opposed
to the experimental model.

The structural details of the cross-section of the beams and columns of Van and
Lau [41] are shown in Figure 6, while their corresponding material properties are depicted
in Table 3.

Table 3. Material properties of Van and Lau [41].

Material Types Material Properties Specimen 1 Specimen 2

Concrete
fc (MPa) 22.84 22.84
Ec (MPa) 25,400 25,400

Steel

fy of (φ2 mm) (MPa) 305.9 305.9
fy of (φ5 mm) (MPa) 581.3 581.3
fy of (φ7 mm) (MPa) 605.5 605.5
Es of (φ2 mm) (MPa) 196,800 196,800
Es of (φ5 mm) (MPa) 199,000 199,000
Es of (φ7 mm) (MPa) 198,800 198,800

Infill
fm (MPa) - 1.316
Em (MPa) - 1316
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(e) 

Figure 5. Cont.
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(f) 

Figure 5. Comparison of analytical models in this study with experimental models [8]: (a) analytical
and experimental results of the bare frame; (b) failure mechanisms of the bare frame based on
the analytical model; (c) failure mechanisms of the bare frame based on the experimental model;
(d) analytical and experimental results of the infilled frame; (e) failure mechanisms of the infilled
frame based on the analytical model; (f) failure mechanisms of the infilled frame based on the
experimental model.

Figure 6. Cross-sections of the beam and column of Van and Lau [41].

The comparison of analytical models and experimental models [41] is shown in
Figure 7. For the analytical result of the bare frame, the peak force on the positive side
is equal to 14.41 kN, and the displacement is equal to 40.48 mm. The peak force on the
negative side is equal to −15.18 kN, and the displacement is equal to −20.84 mm. The
hysteretic loop of the analytical result is large in the inelastic range but similar in the elastic
range. For local behavior regarding the analytical result, failure mechanisms of the bare
frame occur at the beam before columns. Initially, reinforcing steel yielding occurs at
both ends of the beam, while unconfined concrete crushing occurs at the bottom of both
columns. Subsequently, the previous failure mechanism is replaced by reinforcing steel
yielding at the same locations. In the final stage, confined crushing takes place only at
the right-hand column, while the right-hand end of the beam changes from reinforcing
steel yielding to unconfined concrete crushing. This analytical model can predict local
behavior in terms of the development of plastic hinges on beams and columns. For the
analytical result of the infilled frame, the peak force on the positive side is equal to 33.05 kN,
and the displacement is equal to 24.67 mm. The peak force on the negative side is equal
to −37.39 kN, and the displacement is equal to −13.00 mm. The hysteretic loop of the
analytical result is similar to the hysteretic loop associated with the experimental result.
Regarding the analytical result, for local behavior, failure mechanisms of the infilled frame
occur on the beam before columns and in the failure mechanisms of the bare frame. Initially,
only diagonal cracking takes place at the infill wall, whereas nothing occurs at the beam
and columns. Subsequently, reinforcing steel yielding occurs at both ends of the beam,
while unconfined concrete crushing occurs at the bottom of both columns. A complete
diagonal crack occurs. In the final stage, reinforcing steel yielding occurs at the bottom of
both columns while nothing occurs at the top of the columns. This analytical model can
predict local behavior in terms of the development of plastic hinges on beams and columns.
However, this model cannot indicate which type of cracks occur on such elements, for
instance, flexural or shear cracks, as opposed to the experimental model.
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Figure 7. Cont.
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(e) 

 
(f) 

Figure 7. Comparison of analytical models in this study with experimental models [41]: (a) analytical
and experimental results of the bare frame; (b) failure mechanisms of bare frame based on the analyti-
cal model; (c) failure mechanisms of the bare frame based on the experimental model; (d) analytical
and experimental results of the infilled frame; (e) failure mechanisms of the infilled frame based on
the analytical model; (f) failure mechanisms of the infilled frame based on the experimental model.

3. Selection of Representative Buildings

Residential, commercial, and educational buildings can easily be found in most exist-
ing low-rise buildings in Thailand. Residential buildings mostly have a single story and up
to two stories, but the latter is more typical for this building type. Commercial buildings
have up to four stories, but most commercial buildings can be found with two or three
stories, such as stores and residences. The uniqueness of this building type is that there is
always an opening in the ground story. An educational building or school building mostly
has two stories constructed from a standard plan provided by the Ministry of Education.
These buildings are in the seismicity region near active faults. The buildings were selected
as representative buildings because their structural plan is typical. In addition, they can
readily be found in some regions in Thailand that have moderate earthquakes based on
the information from the earthquake observation division of Thailand. Past earthquakes
have occurred in that area, leading to slight to moderate damage to buildings. Some of the
buildings could be repaired and still be functional, while others collapsed. Accordingly,
these types of buildings are shown to be important to consider.

There are three main types of RC moment-resisting frames: ordinary, intermediate,
and special moment-resisting frames. The ordinary moment-resisting frame can easily be
found in Thailand. This type does not account for the ductile behavior of the building
and is not designed according to earthquake-resistant design standards. The spacing of
the stirrups is very high and the hook of the stirrups is 90 degrees. The intermediate and
special moment-resisting frame, however, requires at least 135 degrees on the hook of the
stirrups, known as the seismic hook. Additionally, the spacing of the stirrups is very low
compared to the ordinary moment-resisting frame. With this assertion, the representative
buildings are regarded as intermediate moment-resisting frames because of the details of
the provided reinforcing bars and stirrups, as shown in Figure 8d,e. The corresponding
plans of the representative buildings are shown in Figure 8a–c for the original frame. The
structural properties of the representative buildings with different infill wall patterns, as
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shown in Table 4, were set to be the same so that the seismic behavior of such buildings
could be investigated, and the buildings could easily be compared to each other.

(a) 

 
(b) 

 
(c) 

 
(d) 

 
(e) 

Figure 8. Structural drawing and cross-section of beams and columns for representative buildings:
(a) residential building (RES) [42]; (b) commercial building (COM) [43]; (c) educational building
(EDU) [44]; (d) RES and COM buildings; (e) EDU building.
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Table 4. Structural properties of representative buildings.

Building Name RES COM EDU

Type Residential Commercial Educational
Height (m) 6.05 10.5 7.05

Number of stories 2 3 2
Column dimension (cm × cm) 20 × 20 20 × 20 40 × 50

Beam dimension (cm × cm) 20 × 40 20 × 40 30 × 50
Infill wall thickness (cm) 9 9 9

fc of frame elements (MPa) 23.6 23.6 23.6
Ec of frame elements (MPa) 20,152 20,152 20,152
fy of reinforcing steel (MPa) 382.6 382.6 382.6

fy of stirrups (MPa) 373.6 373.6 373.6
Es (MPa) 207,000 207,000 207,000

fm of infill walls (MPa) 5.9 5.9 5.9
Em of infill walls (MPa) 887 887 887

In addition to representative building types, five infill wall configuration patterns
were examined. These patterns were the bare frame, original frame, fully infilled frame,
open ground-story frame, and open top-story frame. The bare frame is a frame without
any infill walls. The fully infilled frame is a frame that has the presence of infill walls in the
exterior parts for any story. The original frame is a frame that has infill walls based on the
actual structural plan without partially infilled walls, which consist of doors and windows.
Only full infill panels were considered; in other words, infill walls with openings such as
doors and windows were not considered. The open ground-story frame is a frame that
has infill walls in the exterior parts for any floor level, except for the ground floor level.
The open top-story frame is a frame that has infill walls only on the ground floor. With
different patterns of infill walls, seismic performance in terms of the strength and stiffness
of the building are expected to be discriminated. Especially for the bare frame and the fully
infilled frame, the bare frame should provide the lowest strength and stiffness, while the
fully infilled frame should provide the highest strength and stiffness. For other infill wall
patterns, a different increase in strength and stiffness should be found. For the direction of
the presence of infill walls, infill walls that are placed in the considered direction will affect
the building rather than infill walls in the other directions. For the behavior of buildings
with various configurations of infill walls, brittle and ductile behavior, or a combination
of both, might obviously be observed in such buildings. The infill wall patterns of those
representative buildings are shown in Figure 9.

(a) 

 
(b) 

 
(c) 

Figure 9. Various infill wall configurations of representative buildings: (a) RES building; (b) COM
building; (c) EDU building.
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4. Seismic Performance Based on Modal Pushover Analysis

In this section, the SeismoStruct [39] fiber element-based software was implemented
to simulate the representative buildings and perform analyses. As described in Section 2,
frame elements, i.e., beams and columns, were modeled using the fiber beam–column
element, while infill walls were modeled using the proposed four-node masonry panel
element [38]. A slab was modeled using a rigid diaphragm. For constitutive laws of
materials, the concrete model of Mander et al. [45] was employed as a concrete material
model, whereas the steel model of Menegotto and Pinto’s [46] was employed as a steel
material model. The former consists of a stress–strain relationship together with a simplified
uniaxial concrete model, and the latter provides nonlinear behavior, which ranges from
elastic to plastic behavior and is a uniaxial material with optional isotropic hardening.
However, only flexural failure on RC frames, which accounts for shear failure and the
P-Delta effect, was not considered in this study. Modal pushover analysis was carried out
in both the x- and y-directions for all representative buildings. The displacement-controlled
lateral load method was employed. In other words, such buildings were laterally pushed
until reaching a predefined target displacement. The results of modal pushover analysis
are known as pushover curves. These curves can be in several formats. However, the most
widely used is in the base shear versus roof displacement relationship. Due to the benefits
of this relationship, the global behavior of buildings can easily be investigated in terms
of strength and stiffness, in addition to the local behavior of structural and nonstructural
elements regarding failure mechanisms. Three types of representative buildings with
various configurations of infill walls were examined.

The observed structural elements and the pushover curve of residential (RES) build-
ings are shown in Figure 10. According to global behavior, for the pushover curve in
the x-direction, the fully infilled frame and the open top-story frame seemed to equally
provide strength and stiffness. Both strength and stiffness may be implied to be largely
contributed by the presence of infill walls on frame structures. Nevertheless, initially, the
behavior of these frames expressed brittle behavior, and they became ductile after the
collapse of infill walls. The original frame appeared to have lower strength and stiffness. In
addition, this original frame behaved in the same way as the fully infilled frame and the
open top-story frame. The open ground-story frame and the bare frame expressed lower
strength and stiffness than others, whereas their behavior seemed to be ductile. For local
behavior, in terms of structural elements, the failure mechanism of Column C1 started from
unconfined concrete crushing, reinforcing steel yielding, confined concrete crushing, and
reinforcing steel fracturing. However, no failure mechanism occurred on the beams. In
terms of nonstructural elements for the fully infilled frame, only infill walls placed parallel
to the x-direction at the ground floor were found to have both infill cracks and infill failures,
while the y-direction was found to have only infill cracks. For the original frame, only
infill walls placed parallel to the x-direction were found to have both infill cracks and infill
failures only on the ground floor and this pattern appeared to have a torsional effect. For
the open ground-story frame, there was no failure mechanism related to infill walls. For
the open top-story frame, the phenomenon that occurred in this type was the same as in
the fully infilled frame.
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(a) 

(b) 

(c) 

Figure 10. Observed locations and pushover curve of RES: (a) Columns C1 and C2; (b) x-direction;
(c) y-direction.

According to global behavior, for the pushover curve in the y-direction, the fully
infilled frame was found to provide the highest strength and stiffness, whereas lower
strength and stiffness were provided by the open top-story frame. The original frame
seemed to provide slightly higher strength and stiffness compared to the open ground-
story frame and the bare frame. In addition, the behavior of the fully infilled frame in
the y-direction was similar to the fully infilled frame in the x-direction, while the open
top-story frame and the original frame in the y-direction seemed to be different from the
x-direction because of ductile behavior. However, the bare frame and the open ground-story
frame appeared to be the same as in the x-direction. The sequence of failure mechanisms
regarding structural elements was similar to the sequence of failure mechanisms of the
x-direction, except for Column C2. Only the case of the open top-story frame was found
to have failure mechanisms of Column C2, including unconfined concrete crushing and
reinforcing steel yielding. In terms of nonstructural elements, for fully infilled frames, only
infill walls placed parallel to this direction at the ground floor were found to have both
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infill cracks and infill failures, while some belonging to the x-direction had only infill cracks.
For the original frame, only infill walls placed parallel to the y-direction on the ground
floor had both infill cracks and infill failures, while some in the other direction had only
infill cracks. This type was also found to have a torsional effect. For the open ground-story
frame, no failure mechanism was found related to infill walls. For the open top-story frame,
infill walls placed parallel to the y-direction had infill cracks only on the ground floor.

The observed elements and the pushover curve of commercial (COM) buildings are
shown in Figure 11. According to global behavior, for the pushover curve in the x-direction,
the fully infilled frame provided the highest strength and stiffness. Initially, this frame
exhibited brittle behavior, and became ductile later, after the collapse of infill walls. For
other frame patterns, the sequence of strength and stiffness were as follows: the open
top-story frame, the open ground-story frame, the original frame, and the bare frame. In
addition, while the fully infilled frame made a large contribution due to the presence of
infill walls, other types of configurations appeared to make no contributions. The other four
frame patterns exhibited brittle behavior, as opposed to the fully infilled frame. For local
behavior, in terms of structural elements, Columns C1 and C2 represented columns related
to the ground and second floors. Only two columns were selected because no failure mech-
anism was found related to the beams. For Column C1, failure mechanisms started from
unconfined concrete crushing, reinforcing steel yielding, and confined concrete crushing.
In addition, the failure mechanism of Column C1 occurred on all frame patterns, except for
the open top-story frame. However, only Column C2 had failure mechanisms including
unconfined concrete crushing and reinforcing steel yielding. In terms of nonstructural
elements, for the fully infilled frame, only infill walls placed parallel to the x-direction at
the ground floor had both infill cracks and infill failures. For the original frame, the open
ground-story frame, and the open top-story frame, no failure mechanism was found related
to infill walls. However, in the case of the open ground-story frame, it seemed to have a
torsional effect.

According to global behavior, for the pushover curve in the y-direction, the original
frame provided the highest strength and stiffness. The reason for this was that the original
frame provided more infill walls in the y-direction than other frame patterns. The fully
infilled frame provided lower strength and stiffness, whereas the open ground-story frame,
the open top-story frame, and the bare frame seemed to provide equal strength and stiffness.
However, the failure mechanisms in terms of structural elements were similar to the frame
patterns of the x-direction. For the fully infilled frame, only infill walls placed parallel to
this direction on the ground floor were found to have both infill cracks and infill failures.
For the original frame, infill walls placed parallel to the y-direction on the ground floor
had both infill cracks and infill failures, and this pattern appeared to have a torsional effect.
For the open ground-story frame, no failure mechanism was found related to infill walls.
However, this pattern appeared to have a torsional effect. For the open top-story frame,
this pattern had failure mechanisms related to infill walls similar to failure mechanisms of
the open ground-story frame, except for the torsional effect.

The observed elements and pushover curve of educational (EDU) buildings are shown
in Figure 12. According to global behavior, for the pushover curve in the x-direction, the
fully infilled frame and the open top-story frame seemed equal to provide higher strength
and stiffness than other frame patterns. Initially, the behavior of this frame exhibited brittle
behavior and became ductile after the collapse of infill walls. The open ground-story frame,
the original frame, and the bare frame expressed strength and stiffness at the same level.
In addition, the behavior of these was ductile, as opposed to the fully infilled frame and
the open top-story frame. For local behavior in terms of structural elements, Column
C1 had failure mechanisms that started from unconfined concrete crushing, reinforcing
steel yielding, confined concrete crushing, and reinforcing steel fracturing. In terms of
nonstructural elements, for the fully infilled frame, infill walls placed parallel to this
direction at the ground floor had both infill cracks and infill failures, while some of the
infill walls regarding the y-direction had only infill cracks. In addition, some of the infill
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walls placed parallel to the x-direction on the second floor had infill cracks. For the original
frame, only infill walls placed parallel to the x-direction had infill cracks. For the open
ground-story frame, no failure mechanism was found related to infill walls. For the open
top-story frame, the phenomenon that occurred on this type was similar to the fully infilled
frame, regardless of the failure mechanism on the second floor.

 
(a) 

(b) 

(c) 

Figure 11. Observed locations and pushover curve of COM: (a) Columns C1 and C2; (b) x-direction;
(c) y-direction.
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(a) 

 
(b) 

 
(c) 

Figure 12. Observed locations and pushover curve of EDU: (a) Column C1 and beam B1; (b) x-
direction; (c) y-direction.

According to global behavior, for the pushover curve in the y-direction, the original
frame provided higher strength and stiffness than other frame patterns, followed by the
fully infilled frame, the open ground-story frame, the open top-story frame, and the bare
frame. For local behavior in terms of structural elements of all frame patterns, regarding
Column C1, only unconfined concrete crushing and reinforcing steel yielding occurred,
while failure mechanisms occurred on Beam B1, consisting of unconfined concrete crushing,
reinforcing steel yielding, confined concrete crushing, and reinforcing steel fracture. For the
fully infilled frame, only infill walls placed parallel to the y-direction on either the ground
floor or the second floor had both infill crack and infill failures. For the original frame, infill
walls placed parallel to the y-direction had both infill cracks and infill failures. For the open
ground-story frame and the open top-story frame, only infill walls placed parallel to the
y-direction had both infill cracks and infill failures.

In conclusion, the comparison of three types of representative buildings resulted in
some findings. For bare frames and open ground-story frames, the behavior was similar
for most of the aforementioned building types, as they showed ductility. This phenomenon
occurred as bare frames had a soft story effect. In addition, for open ground-story frames,
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there was no contribution of infill walls. For fully infilled frames, buildings behaved in a
brittle manner first; after the collapse of infill walls, the buildings became ductile again.
For the original frames and open top-story frames, buildings behaved differently for some
building types because some buildings had infill walls while some did not. This result
indicates that the shape of buildings and the direction of the presence of infill walls were
the major factors producing their effects on buildings. The advantages and disadvantages
of each infill wall pattern are summarized in Table 5.

Table 5. The advantages and disadvantages of different infill wall patterns.

Patterns of Infill Walls Advantages Disadvantages

Original frame

- If infill walls are placed in the considered
direction, strength and stiffness are higher than
that of the bare frame, yet brittle then
ductile again.

- If infill walls are not placed in the considered
direction, strength and stiffness are equal to
that of the bare frame, yet ductile throughout.
- A torsional effect makes columns in an
affected area undergo more failure
mechanisms than columns where the position
has less effect of torsion, including reinforcing
steel yielding, unconfined concrete crushing,
and confined concrete crushing.
- Only infill walls on the ground floor affect
the buildings.

Fully infilled frame
- The highest strength and stiffness. Infill walls
placed in both x- and y-directions affect
the buildings.

- Brittle behavior and then ductile behavior.

Open ground-story frame - Ductile behavior throughout.

- There is no contribution from infill walls. The
lowest strength and stiffness.
- A torsional effect makes columns in an
affected area undergo more failure
mechanisms than columns where the position
has less effect of torsion, including reinforcing
steel yielding, unconfined concrete crushing,
and confined concrete crushing.

Open top-story frame

- Strength and stiffness are as high as the fully
infilled frame or higher than the bare frame.
- Infill walls placed in the x-direction and some
placed in the y-direction affect the buildings.
- Columns on the ground floor do not undergo
any failure mechanisms.

- Brittle behavior and then ductile behavior.
- Columns on floors other than the ground floor
undergo failure mechanisms, including
reinforcing steel yielding, unconfined concrete
crushing, and confined concrete crushing.

5. Comparison of Seismic Responses between UMRHA and NLRHA

For the UMRHA procedure, only RES buildings with various configurations of infill
walls were selected because residential buildings can easily be found in Thailand. The RES
building is characterized as 6.50 m × 10.70 m in plan and 6.05 m in elevation, including 1.00
m of ground column height, and 3.15 and 2.9 m of columns on the first and second floors,
respectively. This procedure uses the concept of a sum of inelastic SDOF systems in each
vibration mode, as shown in Figure 13. The first two vibration modes in the x-direction
of the RES bare frame are shown in Figure 14A and the vibration periods are 0.44 s and
0.15 s In other words, only the first and second vibration modes in the x-direction were
accounted for.
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Figure 13. Schematic presentation of the UMRHA procedure.

 
(a) (b) 

Figure 14. Mode shape and simplified concept of building RES: (a) first two vibration modes in the
x-direction of the RES bare frame; and (b) 2 DOFs of RES.

In this study, the properties of RES buildings, such as masses and mode shapes, were
obtained from a 3D full model together with eigenvalue analysis. The mass on each floor
was computed by a sum of nodal masses on the considered floor. Mode shapes were first
obtained for all nodes, and then a single value of mode shape on each floor was selected as
the representative value because of the symmetrical shape of the buildings. The UMRHA
procedure regarding RES buildings accounted for 2 degrees of freedom (DOFs) where the
level of ground beams was considered at the base, neglecting the DOF on this floor. Only
the second floor and roof floor were considered, so the DOFs were reduced from 3 DOFs
to 2 DOFs, as shown in Figure 14b. Due to the reduction in DOFs, damage to the ground
columns was neglected. The masses and mode shapes used in the UMRHA procedure
were the values that were converted from the 3D model to the 2D model by means of the
previous explanation. Figure 15a to Figure 15c show the comparison between the modal
coordinates of the hysteretic curves and the response of idealized inelastic systems to three
ground motions, i.e., Imperial Valley, Kobe, and Landers. The first mode response was the
inelastic response and was higher than the second mode response. The latter seemed to be
lower or in the linear range compared to the first mode. Seismic responses, regardless of
their types, were contributed largely by the first mode to the total response because the
second mode contributed slight responses or had no contribution to the total response.
Since the building RES is a low-rise building, the effects from the higher modes to the
response appeared to be insignificant, as opposed to high-rise buildings or tall buildings.
With this assertion, the hysteretic model was only used in the first vibration mode, while
the linear model was used in the second vibration mode instead. This was found to be the
simplified method. Concurrent with the UMRHA procedure, 3D full models of building
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RES were used to implement the NLRHA procedure. The following is a brief explanation
of the UMRHA procedure. Figure 16 expresses the idealized curves that were transformed
into the Fsi/Li − Di relationship to obtain the nonlinear force deformation function so
that a standard governing equation of motion regarding the UMRHA procedure could be
solved. The properties of the modal inelastic SDOF systems of building RES used as input
parameters to perform the UMRHA procedure are shown in Table 6.

(a) 

(b) 

(c) 

Figure 15. The hysteretic models of the RES bare frame versus the hysteretic response of idealized
inelastic SDOF systems to three ground motions: (a) Imperial Valley; (b) Kobe; (c) Landers.

a b c

d e

Figure 16. Actual cyclic pushover curves versus idealized nonlinear SDOF system curves of building
RES: (a) bare frame; (b) original frame; (c) fully infilled frame; (d) open ground-story frame; (e) open
top-story frame.
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Table 6. Properties of the first modal inelastic SDOF systems of RES.

Types Bare Frame Original Frame
Fully Infilled

Frame
Open Ground-Story

Frame
Open Top-Story

Frame

Γi 1.159 1.239 1.220 1.123 1.300
Fsiy/Li (m/s2) 3.62 6.74 6.83 3.33 8.58

Diy (m) 0.038 0.016 0.021 0.044 0.039

Ground motions were conveniently selected from the Pacific Earthquake Engineering
Research Center (PEER) ground motion database [47]. The ten ground motions were
selected as representative ground motions with a moment magnitude from 5.6 to 7.51,
while the peak ground acceleration of the selected ground motions ranged from 0.059
to 0.28 g. The distance from the recording site to the epicenter of the selected ground
motions was less than 50 km to represent the possible earthquake event near an active fault
that will probably occur in northern Thailand. Most of the earthquakes were regarded
as having strong ground motion. The earthquakes were also one component of ground
motion and were performed in the x-direction for both UMRHA and NLRHA procedures.
Figure 17 and Table 7 show the response spectrum and the details of the selected ground
motions. With the Ruaumoko-2D computer program [48], the standard governing equation
of motion for inelastic SDOF systems can be solved conveniently. When the force-based
response or displacement-based response is obtained, the seismic responses, for instance,
roof displacement, story drift, base shear, and base moment, can be computed. The total
response can be achieved through a sum of individual responses in each vibration mode.
Finally, the comparison between the seismic responses of the NLRHA procedure and
the UMRHA procedure must be examined to investigate the results from the UMRHA
procedure and determine whether the responses were accurate and valid.

Figure 17. The response spectrum of the selected ground motions.

Figures 18 and 19 show the time history of the seismic responses of the RES open
ground-story frame and the RES open top-story frame to the three selected ground mo-
tions, while Tables 8–12 show peak values regarding roof displacement and top-story drift
regarding RES buildings to the ten selected ground motions. The seismic responses include
the time history of roof displacement and top-story drift. These responses were compared
between the UMRHA procedure and the NLRHA procedure. Based on the results, the
presence of infill walls in buildings can significantly reduce floor displacement and story
drift. With the UMRHA procedure together with the proposed assumption, seismic re-
sponses appeared to be underestimated. The seismic responses in terms of time history
did not match well between the UMRHA and NLRHA procedures, possibly because of a
lack of consistency regarding tuning hysteretic models. As shown in Figures 15 and 16, the
tuning idealized curve matched well in the large deformation range, whereas the curve
did not match well in the small deformation range. Due to the previous statement, seismic
responses cannot be accurately predicted and can lead to underestimated results. For failure
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mechanisms in terms of infill walls, infill cracks were first found on the fully infilled frame,
whereas infill failure was finally found to occur on the original frame. This result indicated
that the configuration of infill walls as the original frame expressed more durability than
other patterns when they were subjected to strong ground motion.

Table 7. List of the selected ground motions.

No
Record
Seq. #

Event Year Mw Mechanism Rrup (km) Vs30 (m/s) D5-95 (s) PGA (g)

1 26 Hollister-01 1961 5.6 Strike-slip 19.56 198.77 18.7 0.059

2 162 Imperial
Valley-06 1979 6.53 Strike-slip 10.45 231.23 14.8 0.28

3 1107 Kobe, Japan 1995 6.9 Strike-slip 22.5 312 13.2 0.24
4 731 Loma Prieta 1989 6.93 Reverse Oblique 41.88 391.91 16.5 0.069

5 1166 Kocaeli,
Turkey 1999 7.51 strike-slip 30.73 476.62 19.5 0.091

6 864 Landers 1992 7.28 Strike-slip 11.03 379.32 27.1 0.27

7 266 Victoria,
Mexico 1980 6.33 Strike-slip 18.96 242.05 19 0.15

8 31 Parkfield 1966 6.19 Strike-slip 12.9 256.82 13.1 0.09

9 548 Chalfant
Valley-02 1986 6.19 Strike-slip 21.92 370.94 16.6 0.21

10 718 Superstition Hills-01 1987 6.22 Strike-slip 17.59 179 15.2 0.13

Table 8. Peak values regarding roof displacement and top-story drift of RES bare frame.

No
Roof Displacement (m) Top-Story Drift (m)

UMRHA NLRHA UMRHA NLRHA

1 0.0246 0.0463 0.0052 0.0076
2 0.0446 0.0683 0.0096 0.0133
3 0.0448 0.0517 0.0102 0.0112
4 0.0288 0.0589 0.0060 0.0100
5 0.0222 0.0440 0.0047 0.0072
6 0.0781 0.1278 0.0161 0.0198
7 0.0656 0.0876 0.0137 0.0142
8 0.0099 0.0139 0.0023 0.0028
9 0.0363 0.0708 0.0084 0.0141
10 0.0239 0.0299 0.0054 0.0049

Table 9. Peak values regarding roof displacement and top-story drift of RES original frame to the
selected ground motions.

No
Roof Displacement (m) Top-Story Drift (m)

UMRHA NLRHA UMRHA NLRHA

1 0.0057 0.0132 0.0017 0.0038
2 0.0175 0.0210 0.0054 0.0060
3 0.0161 0.0259 0.0053 0.0087
4 0.0064 0.0215 0.0019 0.0066
5 0.0070 0.0169 0.0021 0.0054
6 0.0207 0.0306 0.0061 0.0089
7 0.0088 0.0139 0.0028 0.0045
8 0.0024 0.0031 0.0008 0.0010
9 0.0085 0.0162 0.0031 0.0054
10 0.0074 0.0182 0.0025 0.0064
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(a) 

(b) 

(c) 

Figure 18. Comparison of roof displacement and top-story drift of RES open ground-story frame
subjected to the selected ground motions: (a) Imperial Valley; (b) Kobe; (c) Landers.
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(a) 

(b) 

(c) 

Figure 19. Comparison of roof displacement and top-story drift of RES open top-story frame subjected
to the selected ground motions: (a) Imperial Valley; (b) Kobe; (c) Landers.
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Table 10. Peak values regarding roof displacement and top-story drift of RES fully infilled frame to
the selected ground motions.

No
Roof Displacement (m) Top-Story Drift (m)

UMRHA NLRHA UMRHA NLRHA

1 0.0063 0.0122 0.0018 0.0041
2 0.0307 0.0468 0.0087 0.0158
3 0.0207 0.0337 0.0059 0.0173
4 0.0097 0.0190 0.0027 0.0083
5 0.0097 0.0118 0.0027 0.0036
6 0.0212 0.0367 0.0060 0.0094
7 0.0158 0.0155 0.0045 0.0059
8 0.0029 0.0030 0.0010 0.0010
9 0.0120 0.0151 0.0035 0.0069
10 0.0117 0.0132 0.0034 0.0046

Table 11. Peak values regarding roof displacement and top-story drift of RES open ground-story
frame to the selected ground motions.

No
Roof Displacement (m) Top-Story Drift (m)

UMRHA NLRHA UMRHA NLRHA

1 0.0339 0.0316 0.0056 0.0027
2 0.0553 0.0448 0.0092 0.0035
3 0.0400 0.0466 0.0067 0.0038
4 0.0248 0.0336 0.0041 0.0033
5 0.0238 0.0191 0.0040 0.0018
6 0.1002 0.0716 0.0167 0.0041
7 0.0468 0.0549 0.0078 0.0040
8 0.0107 0.0075 0.0018 0.0009
9 0.0314 0.0414 0.0053 0.0039
10 0.0283 0.0199 0.0048 0.0018

Table 12. Peak values regarding roof displacement and top-story drift of RES open top-story frame to
the selected ground motions.

No
Roof Displacement (m) Top-Story Drift (m)

UMRHA NLRHA UMRHA NLRHA

1 0.0115 0.0175 0.0044 0.0103
2 0.0330 0.0445 0.0125 0.0288
3 0.0254 0.0258 0.0108 0.0216
4 0.0147 0.0106 0.0055 0.0070
5 0.0162 0.0140 0.0060 0.0093
6 0.0453 0.0411 0.0165 0.0289
7 0.0227 0.0221 0.0087 0.0144
8 0.0062 0.0024 0.0026 0.0013
9 0.0169 0.0165 0.0077 0.0132
10 0.0163 0.0200 0.0067 0.0156

In conclusion, only one vibration mode seems to be adequate to estimate seismic
responses such as floor displacement and story drift. A slight discrepancy in responses
between the two procedures can be observed in the framed building affected by infill walls,
as opposed to the framed buildings without the effects of infill walls. Other hysteretic
models should be considered, especially for buildings that have contributions from infill
walls, which may lead to more accurate results in terms of evaluating seismic responses.
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6. Conclusions

For the buildings affected by infill walls, the behavior of buildings is first brittle; then,
after the collapse of infill walls occurs, the behavior will become ductile again. However, for
buildings without the effect of infill walls, the behavior is ductile. For bare frames and open
ground-story frames, the behavior is similar for most of the aforementioned building types,
as they behaved in a ductile manner. This phenomenon takes place as bare frames have
a soft story effect. The presence of infill walls in some patterns significantly contributes
strength and stiffness to buildings as high as the fully infilled frame or even more. However,
some may have no contribution from infill walls and lead to a torsional effect. Due to the
torsional effect on buildings, columns in an affected area undergo more failure mechanisms
than columns where the position has less effect of torsion, including reinforcing steel
yielding, unconfined concrete crushing, and confined concrete crushing. Some infill wall
patterns, such as the open top-story frame, lead columns on the ground floor to have no
failure mechanisms, whereas those on the other floors have failure mechanisms, including
reinforcing steel yielding, unconfined concrete crushing, and confined concrete crushing.
Considering the position of infill walls on a framed building, most of the infill walls that
affect the framed buildings are found on the ground floor level. Nevertheless, a few walls
on floors other than the ground floor level are also found to affect the framed buildings. In
terms of directions, infill walls in both the x- and y-directions affect the buildings when
the infill walls of the considered direction all collapsed before those in the other direction.
For infill walls, only those on the ground floor contribute to the building when they are
subjected to a ground motion in the NLRHA procedure. The fully infilled frame tends to
experience infill cracking before the other patterns. The original frame, however, is the last
type to experience infill failure, implying that the original frame is more durable than other
patterns when it is subject to earthquake shaking.

In the UMRHA procedure, the reduction from 3 to 2 DOFs is used, considering the
ground beam level as the support level, and the first and second DOFs are regarded as
the second floor and roof floor, respectively. In contrast, the 3D full model is carried out
according to the structural plan for the NLRHA procedure. Based on the results, only the
first vibration mode is found to be adequate to estimate seismic responses. The use of
a linear model in the second vibration mode is found to be an alternative to evaluating
seismic responses, provided that the response contributed from the second vibration mode
is less than or in the elastic range.
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Abstract: The seismic performance of four different kinds of steel plate shear walls (SPSWs) before
and after corrosion are investigated in this paper, including flat steel plate shear walls (FSPSWs),
SPSWs with vertical slots in the middle (VSSPSWs), SPSWs with orthogonal stiffeners (OSPSWs)
and SPSWs with silts on both sides (BSPSWs). A numerical model that can be validated by existing
quasi-static cyclic tests is developed by ABAQUS 6.13. The seismic performance of SPSWs under
cyclic loading and atmospheric corrosion is investigated. The results show that (1) compared with
FSPSWs, the ultimate shearing strength, initial stiffness, energy dissipation, and ductility of OSPSWs
are significantly improved under cyclic loads when both VSSPSWs and BSPSWs are reduced in
ultimate shearing strength and energy dissipation. (2) The performance of the FSPSW is most affected
by atmospheric corrosion but setting stiffeners can significantly improve the hysteretic performance
after corrosion. Meanwhile, the effect of the VSSPSW is better than that of the BSPSW in decreasing
the ultimate shearing strength, although both decrease more tardily than that of the FSPSW. (3) The
relationships between the ultimate shearing strength and corrosion time of SPSWs are fitted into four
equations in this paper, which can be used in practical situations.

Keywords: steel plate shear wall (SPSW); atmospheric corrosion; hysteretic performance; finite
element method (FEM)

1. Introduction

Steel structure buildings have the advantages of better seismic performance, shorter
construction periods, and environmental protection and can be widely used for China’s
urban construction in the future. With the advantages of high initial stiffness, excellent
ductility, and uncomplicated connection, the steel plate shear wall (SPSW) is an ideal
lateral force-resisting system [1–5]. Meanwhile, the SPSW can carry loads using the
post-buckling strength and dissipate energy by the plastic development of steel under
earthquake loads, so there exist outstanding mechanical properties and energy dissipation
capacity on SPSW [6,7]. However, the SPSW easily buckles and has poor out-of-plane
stiffness when subjected to earthquake loads, and due to connecting with the boundary
column, the tension field can be formed in the SPSW, which can decrease the ultimate
shearing resistance of the SPSW [8,9].

In order to solve the above problems of the SPSW, many experimental and theoretical
investigations were conducted. Ahmadi et al. [10] conducted experimental and numerical
investigations on the seismic performance of steel slit shear walls, and the results showed
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this lateral force-resisting system had a good seismic performance. Compared to the non-
stiffened flat steel plate, the stiffener can effectively improve the seismic performance of
the SPSW [11]. Haddad et al. [12] conducted an experimental investigation on the seismic
performance of stiffened and unstiffened SPSWs; the results showed that the SPSW with
stiffeners could considerably improve the ultimate shearing resistance, ductility, and energy
dissipation capacity.

All this time, the corrosion problem of steel structures has attracted much attention.
There have been lots of studies on the corrosion mechanism and mechanical property
degradation of corroded steel; the results showed that corrosion could lead to the rapid
aging of steel, reduction in strength, and stress concentration, which finally decreases
the ultimate shearing strength of structure [13–26], so it is significant to investigate the
performance of corroded steel structures. Woloszyk et al. [27–29] applied a random field
approach to the modeling of corroded steel surfaces and confirmed that the irregularity
of corrosion for steel surfaces is one of the main reasons for the decrease in mechanical
properties. Zhao et al. [30–32] conducted a numerical investigation of pitting steel and
systematically explored how factors such as the shape, depth, and arrangement of pitting
holes can reduce the tensile performance of steel.

In addition to material properties, some experimental and numerical investigations
have also been conducted on the properties of corroded components. Zheng et al. [33,34]
implemented an accelerated corrosion test in a chloride environment and obtained a
mutual verification between his finite element (FE) model and the experimental results.
Wang et al. [35,36] investigated the effect of corroded steel frame joints on seismic perfor-
mance through experimental and numerical investigations. Xu and Zhang et al. [37–39]
established FE numerical models of corroded steel columns in simulated corrosion and
cyclic loading tests. The above results indicated that the seismic performance of the steel
frame and components was seriously damaged by corrosion. As the corrosion degree
increased, the deformation capacity, energy dissipation capacity, and mechanical properties
of the steel frame and components were significantly reduced.

Although scholars have conducted a large number of experimental and numerical
studies for SPSWs, the comparative research on the seismic performance of different
types of flat steel plates is still insufficient. Meanwhile, although many experiments and
numerical analyses on corroded steel components have been finished, there is still little
research on the seismic performance of SPSWs after corrosion [40–42]. Therefore, in order to
investigate the seismic performance of different kinds of SPSWs before and after corrosion,
four different types of SPSWs are proposed in this paper, and numerical analyses of four
kinds of SPSWs are performed by using ABAQUS based on the test-validated modeling
method. In addition, the seismic performance of specimens at different corrosion levels
is investigated. Finally, the fitted formulae of ultimate shearing resistance for corroded
SPSWs are proposed. The analyses results of seismic performance and fitted formulae can
be applied to practical engineering design.

2. FEM of SPSWs

2.1. Model Design

Four different kinds of SPSWs are studied in this paper, including flat steel plate
shear walls (FSPSWs), SPSWs with orthogonal stiffeners (OSPSWs), SPSWs with verti-
cal slots in the middle (VSSPSWs), and SPSWs with silts on both sides (BSPSWs), as
presented in Figure 1. According to the Chinese codes GB50017-2017 [43], JCJ/T380-
2015 [44], and GB50011-2010 [45], the dimension details of specimens are designed as
shown in Figure 1. Meanwhile, HW 400 × 400 × 20 × 24, HN 350 × 250 × 14 × 20, and
HN 300 × 200 × 12 × 20 are used as the boundary column, boundary beams (top beam
and bottom beam), and middle beam, respectively. The flat steel plate, which has a 6 mm
thickness, is only welded to the boundary beam, and the welded connection is adopted
between the beams and boundary columns. The section dimension of the stiffener of
specimen OSPSW is −3000 × 50 × 6, and stiffeners are arranged on two surfaces of flat
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steel plate. Q235 steel is used for the infilled flat steel plate, and Q355 steel is selected for
all other components.

  
(a) (b) 

  
(c) (d) 

Figure 1. Diagrams of specimens: (a) FSPSW; (b) OSPSW; (c) BSPSW; (d) VSSPSW.

The detailed dimensions and profiles of the four kinds of SPSW specimens are pre-
sented in Figure 2. The boundary conditions of FEM models for specimens are shown
in Figure 3, and the boundary condition of flat steel plates is that the upper and lower
sides are only connected with the frame beam. The constitutive relation of the material is
shown in Figure 4, and σy is the yield strength, σu is the ultimate strength, σst is 85% of σu.
Modeling with S4R four-node shell elements, the “Merge” command is used to simulate
the connection between the beam and frame column, and the “Tie” command is applied to
simulate the infilled steel plate welded to the beam. The element size of the infilled steel
plate is 30 mm × 30 mm, and the element size of the boundary frame is 35 mm × 35 mm.
The vertical load, such as gravity, is simulated with an axial force of 2500 kN, and the
horizontal load is applied at a coupling point consisting of the top of the boundary column
until the specimen is damaged.
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(a) (b) 

  
(c) (d) 

  
(e) (f) 

  
(g) (h) 

Figure 2. Dimension details of specimens: (a) FSPSW; (b) OSPSW; (c) Section 1-1 of FSPSW;
(d) Section 2-2 of OSPSW; (e) BSPSW; (f) VSSPSW; (g) Section 3-3 of BSPSW; (h) Section 4-4 of VSSPSW.
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(a) (b) 

  
(c) (d) 

Figure 3. The boundary conditions of FEM models for SPSWs: (a) FSPSW; (b) OSPSW; (c) VSSPSW;
(d) BSPSW.

 

Figure 4. The constitutive relation of steel in the FEM model.

2.2. Model Validation

Due to the lack of tests on flat steel plate shear walls, test specimen S–4 from Ref. [46]
is selected to compare the test results with the FEM results. The dimensions of each
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component are shown in Table 1, the material properties are shown in Table 2, and the test
specimens are shown in Figure 5.

Table 1. Dimension details of test components [46].

Component Sectional Dimension/mm Steel Grade

Upper and lower beams HN 250 × 200 × 12 × 14
Q355Middle beam HN 175 × 175 × 8 × 10

Column HW 200 × 200 × 8 × 12

Infilled vertical infilled corrugated
steel plate Q235

Table 2. Material properties [46].

Component E/GPa fy/MPa f u/MPa Elongation% f u/fy Steel Grade

Infilled steel plate 176.0 301.43 397 34.0 1.32 Q235
Middle beam web 228.0 388.83 518 27.0 1.33 Q355

Middle beam flange 219.0 370.27 495 29.2 1.34 Q355
Upper beam flange 203.0 330.90 529 32.9 1.60 Q355
Upper beam web 205.7 360.17 507 32.1 1.41 Q355

Column web 216.7 360.93 533 33.4 1.48 Q355
Column flange 207.3 363.43 540 34.6 1.49 Q355

Note: E represents the elastic modulus; fy and f u represent the yield stress and ultimate stress, respectively.

  
(a) (b) 

Figure 5. Test specimen S–4 [46]: (a) Test site equipment; (b) Dimensions of the test specimen.

According to the literature [46] and the Chinese standards of JGJ101-96 [47], the lateral
load was applied by using the combination of the load control method and displacement
control method, as shown in Figure 6. Before the test specimen yielded, the lateral load
was applied by using the load control method, the spacing between each loading step was
100 kN and repeated once at each loading step; when the test specimen yielded, the lateral
load was applied by using the displacement control method, and the story drift ratio θ was
used as load displacement, the spacing of θ between each load step was 0.25%, and the
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spacing of θ between each load step increased to 0.5% after of the θ reached 1.0%, with two
cycles for each loading step.

Figure 6. Cyclic loading of S−4 [46].

The comparisons of load-displacement curves derived from the FEM and test are
shown in Figure 7, and the characteristic values are shown in Table 3. There existed strong
consistency between the two hysteretic curves, which were obtained from the FEM and test,
respectively, and there was little difference in the initial stiffness of the FEM model and test
at the elastic stage. The general trend of the skeleton curves was primarily in line with the
ultimate shearing resistance. Compared to the test data, the errors of the lateral stiffness,
load, and displacement at the yield point, peak load, and corresponding displacement from
the FEM model were 4%, 15%, 11%, 16%, 16%, and 8%, respectively, so the FEM results are
by and largely coincident with the test.

  
(a) (b) 

Figure 7. The contrast of load-angle curves of S−4: (a) Hysteretic curves; (b) Envelope curves.
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Table 3. Characteristic parameters of specimens.

Results K0/(kN/mm) Py/kN Δy/mm Pm/kN Δm/mm

FEM 25.81 758.39 22.35 876.05 42.70
Test 24.81 654.67 25.23 750.39 39.55

FEM/Test 1.04 1.15 0.89 1.16 1.08
Note: K0 represents the initial lateral stiffness; Py and Pm represent the yield load and ultimate load, respectively;
Δy represents the yield displacement; Δm represents the displacement at Pm.

The comparisons of the invalidation phenomenon of specimen S−4 from the test and
FEM are shown in Figure 8. There was an awfully noticeable out−of−plane deformation
on the whole steel plates, parts of them were torn, and severe buckling occurred at the
boundary column flanges and webs. By contrast, it can be concluded that the model
accurately forecasts the buckling effects of specimen S−4. Therefore, it is observed that the
modeling method in Section 2.1 is practicable, and subsequent studies can also be modeled
using this method.

  
(a) (b) 

Figure 8. Comparison of the invalidation phenomenon: (a) Test phenomenon; (b) FEM result.

3. Comparative Study of SPSW Seismic Performance

3.1. Comparison of the Load−Displacement Curves

The FEM and numerical analysis of the four kinds of SPSWs under cyclic loads are
conducted through a modeling method similar to that in Section 2. Figure 9 depicts the
load-displacement curves of the specimens, and Table 4 shows their characteristic results.
After yielding, the hysteretic loop of the OSPSW is the fullest among them, the pinching
of the hysteretic loop of BSPSW is the most obvious, and the initial stiffness of the FSPSW
decreases more slowly after arriving at the peak load, while the trends of initial stiffness
degradation for the VSSPSW, OSPSW, and BSPSW are mainly consistent. Compared with
the FSPSW, the initial stiffness, yield load, peak load, and ductility of the OSPSW increased
by 86.3%, 25.9%, 29.3%, and 34%, respectively, while the four corresponding values of the
BSPSW decreased by 15.1%, 31.4%, 28.8%, and 48.2%, respectively. The initial stiffness and
ductility of the VSSPSW are 35.6% and 22.2% lower than those of the BSPSW, respectively,
but the yield and peak loads are 27.9% and 19.6% higher, respectively.
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(a) (b) 

Figure 9. Load-displacement curves of the FSPSW, OSPSW, VSSPSW, and BSPSW: (a) Hysteretic
curves; (b) Envelope curves.

Table 4. Characteristic results of the FSPSW, OSPSW, VSSPSW, and BSPSW.

Specimen K0/(kN/mm) Py/kN Δy/mm Pm/kN Δm/mm μ

FSPSW 54.64 1781.69 47.09 2225.77 174.91 6.67
OSPSW 101.77 2243.52 35.23 2877.79 171.82 8.94
VSSPSW 35.01 1734.91 74,63 2067.81 209.95 3.68
BSPSW 47.46 1356.42 51.07 1728.70 140.00 4.50

Note: μ is the ductility factor.

The results show that the OSPSW has a larger initial stiffness, ultimate shear-resistant
capacity, and better stretchability, while the initial stiffness, yield load, peak load, and
ductility of the VSSPSW and BSPSW are lower than those of the FSPSW. Therefore, setting
stiffeners can effectively improve the hysteretic performance of SPSWs. Slotting results in a
reduction in the hysteretic performance of the SPSW to a certain extent, while the hysteretic
property of the VSSPSW is superior to that of the BSPSW.

3.2. Comparison of Energy Dissipation Capacity

How much energy a structure or component absorbs after plastic deformation dur-
ing an earthquake is its energy dissipation capacity, which is evaluated by the energy
dissipation coefficient he and calculated according to Equation (1).

he =
SABC + SCDA

SOBE + SODF
, (1)

where SABC and SCDA represent the areas surrounded by the hysteretic curve and the
x-axis, respectively, and SOBF and SODE represent the areas of OBE and ODF, respectively,
as shown in Figure 10.

The energy dissipation values at each loading step for the specimens are shown in
Figure 11. Compared with FSPSW, VSSPSW, and BSPSW, the total energy dissipation of
OSPSW increases by 38%, 89.3%, and 138.6%, respectively. At each loading step, the energy
dissipation value and rate of the OSPSW are larger than those of the FSPSW, VSPSW, and
BSPSW. The energy dissipation value of each loading step of the FSPSW is larger than that
of the VSSPSW and BSPSW, and the energy dissipation rate of the FSPSW slightly decreases
after the loading step reaches 6δ. Meanwhile, before reaching 4δ, the energy dissipation
value of the BSPSW is greater than that of the VSSPSW. With increasing loading steps, the
energy dissipation rate of the BSPSW becomes slower, and the energy dissipation value
is less than that of the VSSPSW. Therefore, setting reinforcement can enhance the energy
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dissipation capacity of SPSWs, and slotting will decrease the energy dissipation capacity of
SPSWs. It is noted that slotting in the middle part has a better energy dissipation capacity
than slotting on both sides.

 

P

Figure 10. Calculation diagram of the energy dissipation coefficient.

Figure 11. Energy dissipation of the FSPSW, OSPSW, VSSPSW, and BSPSW.

3.3. Stress Development and Distribution Comparison

The stress distributions of the SPSWs at failure are shown in Figure 12. For the FSPSW,
the infilled steel plate buckles slightly, and severe buckling occurs at the top and bottom
parts of the boundary column and connections between the columns and middle beam.
For the OSPSW, because of the stiffeners, the buckling on the flat steel plate is less than
that of the FSPSW, and slight buckling deformation occurs at the top and bottom parts of
the columns. The plastic hinge occurs successively at both ends of the middle beam and
column. For the VSSPSW, due to slotting at the middle part, the distribution of stress on
the flat steel plate is well proportioned, slight buckling deformation occurs at the top and
bottom of the columns, and there is no full section yielding. For the BSPSW, the variation in
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stresses for the steel plate is diagonally distributed along the tensile band. The peak stress
still arises at the bottom of the column and the beam-column connection. This result is
consistent with the failure mode of this result and FSPSW, and the bottom of the boundary
column exhibits severe buckling. Therefore, setting stiffeners and slotting in the middle part
can inhibit the generation of the plastic hinge at the column end and inhibit the buckling of
the flat steel plate, in which slotting in the middle part has a better effect.

  

(a) (b) 

  
(c) (d) 

Figure 12. Stress distribution of damaged FEM specimens: (a) FSPSW; (b) OSPSW; (c) VSSPSW;
(d) BSPSW.

3.4. Comparison of Implementation Costs of SPSWs

The usage amount of steel specimens is presented in Table 5. Compared to FSPSW,
the usage amount of steel of OSPSW increases by 19.9%, and the usage amount of steel
of VSSPSW and BSPSW decreases by 3.4%. It can be seen from Section 3.1 that compared
to FSPSW, the K0, Pm, and μ of OSPSW increase 86.3%, 29.3%, and 34%, and the three
corresponding values of VSSPSW decrease 56.1%, 7.6%, and 81.3%, respectively; and the
three corresponding values of BSPSW decrease 15.1%, 28.8%, and 48.2%. It is revealed that
the OSPSW has better seismic performance. Meanwhile, it can be seen from Section 3.1
that compared with FSPSW, VSSPSW, and BSPSW, the total energy dissipation of OSPSW
increases by 38%, 89.3%, and 138.6%, respectively. The above analysis results show that
although the specimen OSPSW has a little more usage amount of steel than other specimens,
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the values of K0, Pm, and μ of OSPSW are much larger. Therefore, the specimen OSPSW is
suggested to be used for practical engineering.

Table 5. Characteristic results and usage amount of steel of specimens.

Specimen
Usage Amount of

Steel/t K0/(kN/mm) Pm/kN μ

FSPSW 0.848 54.64 2225.77 6.67
OSPSW 1.017 101.77 2877.79 8.94
VSSPSW 0.82 35.01 2067.81 3.68
BSPSW 0.82 47.46 1728.70 4.50

4. Comparative Research on the Seismic Performance of SPSWs under
Atmospheric Corrosion

4.1. Material Properties after Corrosion

The results of the accelerated corrosion test from Ref. [33] are selected in this paper,
and the fitting formula of Ref. [33] is picked to compute the yield strength of steel after
corrosion, as shown in Equation (2).

fy

fy0
= 1 − 0.902 × 1 − E/E0

0.897
, (2)

where fy represents the yield strength of corroded steel; E represents the elastic modulus of
corroded steel; fy and E0 represent the yield strength and elastic modulus of steel that is not
corroded, respectively, and fy0 = 235 MPa or 355 MPa, E0 = 206,000 MPa.

In this paper, the corrosion rate of the test is calculated to be 1208 μm·a−1, and the
atmospheric corrosion rate in the Beijing area is 11.7 μm·a−1 [48]. The actual corrosion time
is obtained through these two rates. Table 6 shows the switch from the simulated corrosion
test time to the actual corrosion time.

Table 6. The actual corrosion time and elastic modulus of corrosion steel.

Corrosion Time/d 20 60 120

Actual corrosion time/a 5.657 16.972 33.945
E/MPa [33] 204,798 194,170 178,805

Modulus loss ratio η/% 0.58% 5.74% 13.2%
Note: η = 1 − E/E0, and E0 is 206,000 Mpa.

4.2. Comparison of the Hysteretic Performance of Eroded SPSWs

Hysteretic curves and envelope curves of the eroded test piece for three kinds of
corrosion days is shown in Figure 13a–f, with characteristic results shown in Table 7. At
different corrosion levels, the hysteretic curve of the OSPSW is the fullest, with the largest
initial stiffness, peak load, and ductility coefficient, but the stiffness degradation of the
OSPSW is the most obvious at 60 and 120 days of corrosion. The BSPSW, which has
the minimum hysteretic loop area, is basically consistent with the FSPSW in the trend of
stiffness degradation and ultimate shearing resistance decrease. VSPSWs have the lowest
stiffness and ductility among them, but the energy dissipation capacity of VSPSWs is
second only to that of OSPSWs.
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(a) (b) 

  
(c) (d) 

  
(e) (f) 

Figure 13. Load-displacement curves of corrosion SPSWs: (a) hysteretic curves of corrosion for 20 d;
(b) envelope curves of corrosion for 20 d; (c) hysteretic curves of corrosion for 60 d; (d) envelope
curves of corrosion for 60 d; (e) hysteretic curves of corrosion for 120 d; (f) envelope curves of
corrosion for 120 d.
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Table 7. Characteristic results of FSPSW, OSPSW, VSSPSW, and BSPSW at diverse corrosion days.

Corrosion Time/d Specimen K0/(kN/mm) Py/kN Δy/mm Pm/kN Δm/mm μ

20

FSPSW 43.13 1425.15 53.68 1806.20 139.93 4.33
OSPSW 98.90 2223.85 36.36 2847.81 171.84 8.66
VSSPSW 32.35 1702.09 77.20 2055.89 209.36 3.61
BSPSW 40.87 1352.97 52.13 1707.28 138.99 4.24

60

FSPSW 40.69 1348.88 53.35 1708.60 139.91 4.16
OSPSW 95.53 2170.32 36.98 2768.22 171.23 8.39
VSSPSW 31.40 1607.10 76.58 1940.59 209.07 3.57
BSPSW 38.93 1293.38 51.41 1630.94 139.94 4.23

120

FSPSW 37.29 1241.67 53.44 1572.02 139.91 3.95
OSPSW 88.65 2062.38 36.83 2575.38 171.05 8.25
VSSPSW 28.72 1531.44 79.46 1848.06 171.68 3.20
BSPSW 35.79 1181.56 50.13 1487.89 139.99 4.18

When the experimental corrosion time of SPSWs is 20 days, in contrast to FSPW,
the characteristic results of the OSPSW are increased dramatically; more specifically, the
initial stiffness and ductility coefficient is improved by 129.3% and 100.0%, respectively.
Meanwhile, the yield and peak load increased by 56.0% and 57.7%, respectively. The initial
stiffness and ductility coefficient of the VSSPSW decrease by 25.0% and 16.6%, respectively,
whereas the yield load and the peak load increase by 19.4% and 13.8%, respectively. The
ductility coefficient is reduced by only the initial 2.1% less than the other initial stiffness,
and the yield load and peak load are decreased by 5.2%, 5.1%, and 5.5%, respectively.

When the experimental corrosion time of SPSWs is 60 days, in contrast to FSPW,
the characteristic results of the OSPSW are obviously increased. The initial stiffness and
ductility coefficient improved by 134.8% and 101.7%. Simultaneously, the yield load and
peak load increased by 60.9% and 62.0%, respectively. The initial stiffness and ductility
coefficients of the VSSPSW decrease by 22.8% and 14.2%, respectively, while the yield and
peak load increase by 19.1% and 13.6%, respectively. The BSPSW decreases by 4.3%, 4.1%,
and 4.5% in the initial stiffness, yield load, and peak load, respectively, while the ductility
coefficient increases by 1.7%.

When the experimental corrosion time of SPSWs is 120 days, in contrast to FSPW, the
characteristic results of the OSPSW are increased. The initial stiffness and ductility coefficient
improved by 137.7% and 108.9%, respectively, while the yield load and peak load rise by
66.1% and 63.8%, respectively. The initial stiffness and ductility coefficients of the VSSPSW
decrease by 23.0% and 19.0%, respectively, while the yield and peak load increase by 23.3%
and 17.6%, respectively. The BSPSW decreases by 4.0%, 4.8%, and 5.4% in the initial stiffness,
yield load, and peak load, respectively, while the ductility coefficient increases by 5.8%.

Consequently, the initial stiffness, ductility, yield load, and energy dissipation capacity
of SPSWs are improved effectively through setting stiffeners, which also can inhibit the
stiffness degradation of SPSWs under different corrosion levels. With increasing corrosion
time, the initial stiffness and ductility coefficient of the FSPSW decrease faster than those of
the VSSPSW and BSPSW. Thus, the slotting of the flat steel plate can effectively inhibit the
hysteretic performance decrease after corrosion.

4.3. The Hysteretic Performance of SPSWs under Different Corrosion Days

Load-displacement curves of SPSWs under different corrosion days are shown in
Figure 14. Pinching occurs in the hysteretic loop of the FSPSW with the passage of corrosion
time, and the ultimate shearing resistance decreases rapidly in the early stage of corrosion.
Compared to FSPSW without corrosion, when the corrosion time reaches 20 days, 60 days,
and 120 days, the initial stiffness of the FSPSW falls by 21.1%, 25.5%, and 31.8%, respectively;
the yield load decreases by 20.0%, 24.3%, and 30.3%, respectively; the peak load decreases
by 18.9%, 23.2%, and 29.4%, respectively; and the ductility coefficient decreases by 35.1%,
37.6%, and 40.8%, respectively.
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Figure 14. Cont.
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Figure 14. Comparison of SPSWs under different corrosion days: (a) Hysteretic curves of FSPSW;
(b) Envelop curves of FSPSW; (c) Hysteretic curves of OSPSW; (d) Envelop curves of OSPSW;
(e) Hysteretic curves of VSSPSW; (f) Envelop curves of VSSPSW; (g) Hysteretic curves of BSPSW;
(h) Envelop curves of BSPSW.

As the corrosion time increases, no pinching occurs in the hysteretic loop of the OSPSW,
but the ultimate shearing resistance decreases significantly when the corrosion time is 120 d,
indicating that the OSPSW has good hysteretic performance after corrosion. Compared to
OSPSW without corrosion, when the corrosion time reaches 20 days, 60 days, and 120 days,
the stiffness of the corroded OSPSW reduces by 2.8%, 6.1%, and 12.9%, respectively; the
yield load decreases by 0.8%, 3.3%, and 8.1%, respectively; the peak load decreases by
1.0%, 3.8%, and 10.5%, respectively, bringing ductility coefficients down 3.1%, 6.2%, and
7.7%, respectively.

As the corrosion time increases, the pinching occurs in the hysteretic loop of the
VSSPSW, and the overall trend of the envelope curves is consistent in principle. Compared
with the non-corrosion, the initial stiffness of the VSSPSW decreases by 7.6%, 10.3%, and
18.0%, respectively, when the accelerated corrosion time reaches 20 days, 60 days, and
120 days; the yield load decreases by 1.9%, 7.4%, and 11.7%, respectively; the peak load
decreases by 0.6%, 6.1%, and 10.6%, respectively; and the ductility factor decreases by 1.9%,
3.0%, and 13.0%, respectively.

As the corrosion time increases, the pinching occurs in the hysteretic loop of the BSPSW
similarly, and the overall tendency of the envelope curves is broadly the same. Compared
with the BSPSW without corrosion, the initial stiffness of corroded BSPSW decreases by
13.9%, 18.0%, and 24.6%, respectively, after 20 days, 60 days, and 120 days; yield load
decreases by 0.3%, 4.6%, and 12.9%, respectively; peak load decreases by 1.2%, 5.7%, and
13.9%, respectively; and ductility factor decreases by 5.8%, 6.0%, and 7.1%, respectively.

Consequently, due to the corrosion, the ultimate shearing resistance, initial stiffness,
ductility, and energy dissipation capability of specimens are reduced. For the FSPSW, when
uncorroded, the ultimate shearing resistance decreases, and the stiffness degradation is
gentle. After corrosion, the decline in the envelope curve is significant, and furthermore,
the initial stiffness, yield load, and ultimate load decrease more severely than those of the
other three specimens. At the same time, the area of the FSPSW hysteretic loop is greatly
reduced after corrosion, so corrosion greatly affects the seismic performance of the FSPSW.
For the OSPSW, the initial stiffness, yield load, and ductility coefficient decrease slightly
before 60 days of corrosion. The performance indexes decrease after corrosion for 120 days,
but the reduction is the gentlest among the four specimens. The hysteretic loop is still full,
indicating that the OSPSW has good seismic performance. For corroded VSSPSWs and
BSPSWs, the decline in the indexes is gentler than that of FSPW, indicating that slotting
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can effectively inhibit the decline in SPSW performance after corrosion. At the same time,
the hysteretic curve of the corroded VSSPSW is more abundant than that of the corroded
BSPSW, with greater ultimate shearing resistance and better seismic performance.

4.4. Comparison of Stress Distribution of SPSWs before and after Corrosion

The stress distributions after the corrosion of the specimens are shown in Figure 15.
As the corrosion time increases, the plastic area at the boundary column end of the FSPSW
gradually increases. After corrosion for 120 days, serious buckling deformation occurs
in the flat steel plate. Comparative analyses show that for the corroded SPSW, setting
stiffeners and slotting can restrain the generation of plastic hinges at both ends of the
boundary column, inhibit the buckling of flat steel plate, and improve the ductility after
corrosion. Among them, the middle vertical slot effect is better.

   
(a) (b) (c) 

 
(d) (e) (f) 

 
(g) (h) (i) 

Figure 15. Cont.
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(j) (k) (l) 

Figure 15. Stress distribution of FEM results for different corrosion times: (a) corroded FSPSW for
20 d; (b) corroded FSPSW for 60 d; (c) corroded FSPSW for 120 d; (d) corroded OSPSW for 20 d;
(e) corroded OSPSW for 60 d; (f) corroded OSPSW for 120 d; (g) corroded VSSPSW for 20 d;
(h) corroded VSSPSW for 60 d; (i) corroded VSSPSW for 120 d; (j) corroded BSPSW for 20 d;
(k) corroded BSPSW for 60 d; (l) corroded BSPSW for 120 d.

4.5. Fitting the Ultimate Shearing Resistance

After converting 0, 20, and 120 days, which are accelerated corrosion test times
to 5.657, 16.972, and 33.945 years in actual outdoor corrosion times, respectively, the
ultimate shearing resistance of SPSWs with changing etching time is shown in Figure 16.
Equations (3)–(6) are fitting formulae for the ultimate shearing resistance of the SPSWs
with an exponential function.

y = 602.178e−x/5.362 + 1618.560, (3)

y = −144.203ex/30.030 + 3021.959, (4)

y = −29.545ex/16.630 + 2068.212, (5)

y = −205.511ex/43.391 + 1936.920, (6)

 

Figure 16. Fitting formulae of ultimate shearing resistance of SPSWs.

From the fitting curve, it is observed that with increasing corrosion time, the ultimate
shearing resistance of the FSPSW decreases remarkably, and it mainly occurs when it starts
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to corrode. Stiffeners or slotting of the flat steel plate can effectively inhibit the decline of
ultimate shearing resistance after corrosion.

5. Conclusions

This paper proposes four kinds of SPSWs and studies the seismic performance of the
four specimens before and after corrosion through FE models. The research results are
summarized as follows:

(1) The FEM model that can be validated by quasi-static cyclic tests of specimen S–4 in
Ref. [46] is developed. The comparative results indicate that the errors between the FEM
results and test data in lateral stiffness, yield load, yield displacement, ultimate load, and
ultimate displacement are 4%, 15%, 11%, 16%, and 8%, respectively, so the results of the
FEM model can validate well the test results.

(2) Under cyclic loading, compared to other specimens, the ultimate shearing resis-
tance, initial stiffness, and ductility of OSPSW are higher, and the total energy dissipation
value of the OSPSW is 38% higher than that of FSPSW, while that of the VSSPSW and
BSPSW are less 23.5% and 44.8%, respectively. The stiffener can also retard the formation
of a plastic hinge at the column end and inhibit the buckling of the flat steel plate. It is
revealed that although the OSPSW has a little more usage amount of steel, setting stiffeners
can make the SPSW has a better seismic performance.

(3) Under atmospheric corrosion, the seismic performance of OSPSW is affected least
among them. Compared to other specimens, the ultimate shearing resistance, ductility,
and energy dissipation capacity of the OSPSW are largest under different corrosion levels.
With corrosion time increasing, the stiffness of OSPSW degrades most slowly; stiffeners
can also inhibit the occurrence of plastic hinges and out-of-plane buckling. It is indicated
that setting stiffeners can make corroded SPSWs have better seismic performance.

(4) Under atmospheric corrosion, the seismic performance of FSPSW is affected most
among them, but its peak load and energy dissipation capacity are still higher than those of
the BSPSW. Although slotting reduces the energy dissipation capacity and ultimate shearing
resistance of SPSWs, it can effectively inhibit the reduction in the seismic performance after
corrosion, and slotting at the middle part is better than at both sides.

(5) In order to truly reflect the variation of ultimate shearing resistance with corrosion
time, the formulae of ultimate shearing resistance for the four specimens are fitted, which
can be used for practical engineering.
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Abstract: In this paper, a mechanical model of a transformer–bushing with an inerter isolation system
(IIS) is established. An IIS is composed of an inerter element, a damping element, and a spring
element connected in parallel between the same two terminals. Vibration control equations and
frequency response functions are also established. The influence of parameters on IIS, including
inerter–mass ratio, damping ratio, and frequency ratio, was studied. In the extremum condition
that represents the most efficient parameter set of inerter–mass ratio and damping ratio for relative
displacement response ratio, an optimal design method was developed by exploiting a performance
demand. Finally, the seismic response of the transformer–bushing with IIS was carried out to
verify the isolation performance of IIS. The research shows that the equivalent mass coefficient and
damping coefficient of IIS can be amplified by an inerter element and the inerter–mass ratio and
damping ratio are reduced simultaneously under the conditions of meeting the performance demand
after parameter optimization. Meanwhile, the parameter optimization design method proved to be
effective for meeting the target demand of the relative displacement response of the bushing and
tank, while base shear force and isolation displacement were reduced simultaneously. Based on the
results from a response history analysis under ground motion records, IISs can significantly suppress
the resonance response of a structure and the continuous vibration response in the stable state. The
peak displacement can be reduced by 50% compared with a traditional isolation system.

Keywords: transformer–bushing system; inerter element; isolation system; stochastic response;
parameter optimization; seismic response

1. Introduction

Lifeline structures have high vulnerability under earthquakes [1], such as transformer–
bushing systems [2]. The main reason is that the natural vibration frequency of the structure
is close to the predominant frequency of external excitation [3], resulting in the amplifica-
tion of vibration response [4]; therefore, vibration mitigation and control in the structure
is particularly important. Many researchers have noticed that isolation technology can
effectively reduce the base shear force at the bottom of the transformer and reduce the
displacement response of tank, bushing and auxiliary facilities [5], so as to protect the
transformer from various disasters in strong earthquakes. Fujita et al. [6,7] carried out a
test analysis of laminated rubber isolation bearings for transformers and other large grav-
ity equipment, focusing on the development of isolation devices and verifying vibration
control effect, without considering the interaction between transformers and bushings.
Thu Pham [8] carried out a shaking table test of transformer–bushing. During the test, a
vibration isolation device composed of steel cable was installed between the transformer
frame and bushing, and a viscous damping system was set under the transformer frame
to transformer oil. The test showed that the vibration isolation device has the vibration
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isolation effect of significantly reducing the acceleration response at the top of the bush-
ing. Murota et al. [9–11] designed three types of isolation systems at the bottom of the
transformer model: BS isolation, the friction pendulum system (FPS), and the segmented
combined high–damping rubber isolation system (SHRB). To verify the effectiveness of
the above three types of isolation systems, shaking table tests were carried out and the
numerical models of base isolation system and SHRB isolation system were established,
after which theoretical analysis and research were carried out. However, the displacement
of the isolation layer of the traditional isolation measures was large, and the vibration
control effect of the upper bushing with large height was not satisfactory. Hence, it is
necessary to develop an isolation system that can control the vibration response of bushing
and isolation layer simultaneously. An inerter isolation system (IIS) for seismic response
mitigation of transformer–bushings is proposed in this paper.

In the last ten years, the electromechanical similarity theory [12] has provided a the-
oretical basis for the proposal of an inerter element, and the vibration mitigation and
isolation technology based on inerter element has been developed. Compared with the
traditional tuned mass damper (TMD), a damper with an inerter element can directly
and effectively control inertial force at two terminals. Moreover, the inerter element can
effectively enlarge the small actual mass through methods such as ball screw to convert the
translational motion into rotary motion. In 2001, Smith [13,14] put forward the concept of
an inerter element based on electromechanical similarity theory, described the basic forms
of a ball screw inerter element and a rack and pinion inerter element; later designing a
hydraulic inerter element in 2013 [15] that has a simpler structure and greater robustness.
Subsequently, shock absorbers based on different inerter element connection forms were
developed, such as the tuned viscous mass damper (TVMD) with a mass element in parallel
with damping element, and the tuned inerter damper (TID) with a stiffness element in
parallel with damping element. At the same time, the design method of inerter systems
has also been studied. Ikago et al. [16] derived a simple formula for TVMD optimization
design based on fixed–point theory. Pan et al. [17] studied the parameters of single–degree–
of–freedom structures with different inerter systems considering the natural damping of
the original structure and the output cost control of the damper, made up for deficiencies
in design method based on the fixed–point theory, and proposed the SPIS–II inerter damp-
ing system design method [18]. Hwang et al. [19] proposed a ball screw inerter system
connected with a toggle brace. Through theoretical analysis and numerical calculation,
it is shown that the system can be effectively used in a structure even when the drift is
very small. Zhang et al. [20,21] applied the inerter damper system to high–rise structures
such as chimneys and wind power towers, conducted theoretical analysis and parameter
influence analysis and proved the effectiveness of the inerter damping system in high–rise
structures. Gao et al. [22] put forward an optimum design procedure of VID based on the
output feedback control theory for controlling specific cable mode vibrations. While some
Japanese scholars have used the inerter damping support in practical engineering [23],
most of the research on the inerter damping system is still in the stage of theoretical analysis
and numerical simulation. Only the simplified mechanical model is used for the damping
analysis of various structures, and only a few scholars have proposed the connection mode
and design method for inerter systems applied in building structures [24]. Xie et al. [25,26]
put forward a cable–bracing inerter system (CBIS), which is composed of cable and an
inerter energy–dissipation system fixed at the bottom of the interlayer of a structure. Pa-
rameter analysis and optimization design were carried out and showed that it is easy to
install and can effectively control structural displacement. Wang et al. [27] put forward a
new tuned inerter negative–stiffness damper (TINSD) for seismic protection of structures,
which is more effective than the TID, TVMD, and INSD in reducing the dynamic response
of structures. Zhang et al. [28,29] have proposed a hybrid isolation system by employing
the recently developed inerter element for seismic response mitigation of a storage tank, in
terms of sloshing height, base shear force, and isolation displacement.
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In this paper, an inerter isolation system (IIS) for transformer–bushings is proposed.
The IIS is composed of an inerter element, a damping element, and a spring element con-
nected in parallel between the same two terminals. First, Section 2 introduces the basic
principle of IIS; the equivalent mass and equivalent damping of the isolation layer are
improved. In Section 3, the motion control equations and frequency response functions of
transformer–bushings with IIS are established. In Section 4, the parameter analysis and pa-
rameter optimization is carried out to obtain the minimum inerter–mass ratio and damping
ratio of IIS under the condition of meeting the performance demand. Finally, the dynamic
response analyses of transformer–bushings with IIS under the ground motion are carried
out in Section 5 to verify the vibration control effect of IIS; the mechanism of vibration
mitigation of inerter element in the IIS is explained in terms of displacement mitigation and
energy dissipation in detail. The research in this paper can provide reference for the design
of efficient and lightweight isolation vibration mitigation schemes of transformer–bushing
systems based on an inerter system.

2. Theoretical Analysis of Transformer–Bushing with Inerter Isolation Systems

2.1. Mechanical Model of Inerter Element and IIS

Compared with the mass unit, the inertia unit can increase inertia by rotating. The two
ends of the unit have different accelerations, and its output is also directly proportional to
the relative acceleration at both ends, which can be expressed as:

f I = md(a2 − a1) (1)

where, f I is the output force of the inerter unit, a1 and a2 are the accelerations at both ends,
and Figure 1a is the mechanical model of the inerter element. The inerter element is the
same as the mass element and cannot dissipate energy by itself. It is generally used in
combination with the damper. For example, it forms an inerter isolation system (IIS) in
parallel with the damper and spring at the bottom of the structure. IIS obtains greater
damping and equivalent mass through the amplification of the inerter and does not increase
the apparent volume and mass of the system itself, so as to realize the lightweight of the
isolation control system. The mechanical model is shown in Figure 1b.

 
 

(a) (b) 

Figure 1. Mechanical model: (a) an inerter element; (b) IIS.

2.2. Mechanical Model of Transformer–Bushing System with IIS

The transformer–bushing system is generally composed of the main body of the
transformer and the upper bushings. The main body of the transformer is composed of
a tank, conservator, radiator, stiffener, and other components, and the upper bushings
system is composed of an elevated seat, porcelain bushings or composite bushings, grading
ring, and other components. The center of gravity of the tank of the transformer is lower,
and the mass is much larger than that of the bushings. Therefore, when simplifying the
transformer–bushing system, the lower tank, conservator radiator, and other structures
can be simplified as a single mass point without considering the deformation of the wall
of the tank, which is considered to undergo rigid body motion during earthquakes; the
bushing is flexible, the stiffness is smaller, and the center of gravity is high, so the relative
displacement between the bushing and the tank should be considered. Figure 2 shows the
transformer–bushing system and isolation layer, where ht and hb are the height of the center
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of gravity of the tank and the center of gravity of the bushing from the ground, respectively.

   
(a) (b) (c) 

Figure 2. Transformer–bushing system and isolation layer: (a) original; (b) IB; (c) IIS.

For traditional isolation systems [30,31], the isolation bearings, e.g., elastomeric [32] or
wire rope isolators [33], are installed at the bottom of the transformer–bushing system. The
mechanical model of the bearing can be simplified as the parallel connection of the stiffness
element and damping element, which is called the isolation bearing (IB) in this paper.
For the inerter isolation system, an additional inerter is added on the isolation bearings.
Figure 3 shows the mechanical model of the transformer–bushing system with IIS and IB
installed. Where mt, mb, and b are the mass of the tank, bushing, and the equivalent mass of
inerter, respectively, ceq and cb are the damping coefficient of isolation bearing and bushing
respectively, and keq and kb are the stiffness of isolation bearing and bushing, respectively.

 
 

(a) (b) 

Figure 3. Mechanical model of transformer–bushing system: (a) IB; (b) IIS.2.3. Motion Control
Equation of Transformer–Bushing System with IIS.
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According to the mechanical model shown in Figure 3, if the axial displacements of
the isolation base are neglected at the same time, the motion equations of two particles of
the transformer–bushing system are established:

M
..
X + C

.
X + KX = −M0ag (2)

where:
..
X,

.
X, X is the acceleration, velocity, and displacement vector of each mass of the

transformer–bushing system, and ag is the acceleration under seismic action; M, C, and K
are the mass, damping, and stiffness matrix of the isolation system respectively, and M0 is
the mass matrix of the transformer–bushing system without isolation.

When considering the isolation bearings installed, as in the case of traditional base–
isolated buildings [34] or rigid blocks [35], the M, C, K and motion vectors can be expressed
as:

M = M0 =

[
mt

mb

]
, C =

[
ceq + cb −cb
−cb cb

]
, K =

[
keq + kb −kb
−kb kb

]
(3)

X =

{
ut,IB
ub,IB

}
,

.
X =

{ .
ut,IB.
ub,IB

}
,

..
X =

{ ..
ut,IB..
ub,IB

}
(4)

when considering the inerter isolation system installed, where M0, C and K are the same as
the isolation bearings system, the mass matrix M and the vectors displacement, velocity
and acceleration can be expressed as:

M =

[
mt + b

mb

]
, X =

{
ut,I IS
ub,I IS

}
,

.
X =

{ .
ut,I IS.
ub,I IS

}
,

..
X =

{ ..
ut,I IS..
ub,I IS

}
(5)

where: ut and ub are displacement vectors of tank and bushing, IB and IIS are inerter
isolation system and isolation bearing.

For the convenience of parameter analysis, the following dimensionless parameters are
defined. The parameters of isolation layer and bushing are shown in Equations (6) and (7)
respectively. Where μ is the inerter–mass ratio, κ is the frequency ratio of isolation layer and
bushing, ζeq is the damping ratio of the isolation layer, ζb is the damping ratio of bushing;
ωb is the circlar frequency of bushing, μb is the mass ratio of bushing and tank, ωeq is the
circular frequency of the isolation layer.

ζeq =
ceq

2mtωeq
, ωeq =

√
keq

mt
, κ =

ωeq

ωb
, μ =

b
mt

(6)

ζb =
cb

2mbωb
, ωb =

√
kb
mb

, μb =
mb
mt

(7)

Simultaneous solving of Equations (3)–(7) and Laplace transformation of Equation (2)
can obtain the motion Equations (8) and (9) of the transformer–bushing system with
isolation bearing and inerter isolation system in frequency domain respectively:[

1
1

]{
s2Ut,IB
s2Ub,IB

}
+

[
2ωb

(
κζeq + μbζb

) −2μbωbζb
−2ωbζb 2ωbζb

]{
sUt,IB
sUb,IB

}
+

[
ω2

b
(
κ2 + μb

) −μbω2
b−ω2

b ω2
b

]{
Ut,IB
Ub,IB

}
=

{ −1
−1

}
Ag (8)

[
1 + μ

1

]{
s2Ut,I IS
s2Ub,I IS

}
+

[
2ωb

(
κζeq + μbζb

) −2μbωbζb
−2ωbζb 2ωbζb

]{
sUt,I IS
sUb,I IS

}
+

[
ω2

b
(
κ2 + μb

) −μbω2
b−ω2

b ω2
b

]{
Ut,I IS
Ub,I IS

}
=

{ −1
−1

}
Ag (9)

where s is the Laplace operator, s = iΩ, Ω is the ground motion excitation frequency, and
Ut,IB, Ub,IB, Ut,IIS, Ub,IIS, and Ag are the Laplace transform of ut,IB, ub,IB, ut,IIS, ub,IIS, and ag,
respectively. From the linear matrix equations of Equations (8) and (9), Ut,IB, Ub,IB, Ut,IIS,
and Ub,IIS can be respectively solved. At the same time, the displacement response transfer
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functions of the bushing and tank with IB (HUb,IB(s), HUt,IB(s)) and IIS (HUb,IIS(s), HUt,IIS(s))
can be obtained as follows:⎧⎨

⎩
HUt,IB(s) =

Ut,IB(s)
Ag(s)

, HUb,IB(s) =
Ub,IB(s)

Ag(s)

HUt,I IS(s) =
Ut,I IS(s)

Ag(s)
, HUb,I IS(s) =

Ub,I IS(s)
Ag(s)

(10)

3. Parameter Analysis of IIS

According to Parseval’s Theorem, the root mean square (RMS) response σ of the
system excited by white noise is obtained as follows:

σ =
∫ T

0

u2(t)
T0

dt =

√∫ +∞

−∞
|H(iΩ)|

2
S0dΩ (11)

where S0 is the power spectrum of white noise. Therefore, the effect of the isolation system
can be measured by comparing the reduction rate of the root mean square response of
relative displacement of the bushing and the isolation layer with and without an isolation
system. For the transformer–bushing system with IB and IIS installed, the displacement
mitigation ratio of bushing γU,IB and γU,IIS is:

γU,IB
(
ωb, ζeq, κ

)
=

∣∣∣σUb,IB − σUt,IB

∣∣∣
σUb,0

,γU,IIS
(
ωb, ζeq, κ, μ

)
=

∣∣∣σUb,I IS − σUt,I IS

∣∣∣
σUb,0

(12)

where σUb,0 is the root mean square response of the displacement of the original bushing.
At the same time, the ratio of the root mean square of relative displacement response after
base isolation can be calculated to compare the isolation effects of the two isolation systems;
secondly, the ratio of the root mean square of displacement response of the isolation layer of
IIS and IB can be calculated to reflect the stability of the isolation layer of the two isolation
systems; finally, the ratio of root mean square of base shear force response of IIS and IB can
be calculated to reflect the force output of the isolation layer. For a transformer–bushing
structure with IB and IIS installed, the relative displacement response ratio of the two
isolation systems γU, the displacement response ratio of isolation layer γID, and base shear
force response ratio γSF are in the Formula (13), where σSF is the root mean square of base
shear force response of the transformer–bushing system.

γU
(
ωb, κ, ζeq, μ

)
=

γU,IIS

γU,IB
,γID

(
ωb, ζeq, κ, μ

)
=

σUt,I IS

σUt,IB

,γSF
(
ωb, ζeq, κ, μ

)
=

σSF,I IS

σSF,IB
(13)

At the same time, it is also necessary to analyze the interaction between the bushing
and the tank. Assuming that the stiffness coefficient and damping ratio of transformer–
bushing are constants, then μb can reflect the relationship between the flexibility and
mass of the bushing. The greater the μb, the higher the height of the bushing and the
greater the flexibility. This is used to describe bushings with high center of gravity and low
engineering frequency (1–3 Hz). The smaller the μb, the smaller the height and the greater
the stiffness of the bushing. This is used to describe bushings with low center of gravity
and high engineering frequency (3–10 Hz). The predominant frequency of ground motion
is between 1–10 Hz, so the size of value of engineering frequency of the bushing is relative
to the seismic action. Table 1 shows the parameters of bushings with different engineering
frequencies, where LB represents bushings with low frequency, HB represents bushings
with high frequency, and fb is the engineering frequency of the transformer–bushing.
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Table 1. Parameters of bushings.

Parameters of Bushing
Low Frequency Bushing High Frequency Bushing

LB–1 LB–2 HB–1 HB–2

μb 0.060 0.220 0.005 0.020
h(m) 5.0 10.0 1.2 2.5

fb(Hz) 2.1 1.2 7.1 3.5

Parameter analysis of isolation layer select inerter–mass ratio μ, frequency ratio κ and
damping ratio ζeq. The index of parameter analysis is the relative displacement response
ratio of bushing γU, displacement ratio of isolation layer γID, and base shear force response
ratio γSF. The parameter range of inerter–mass ratio μ in parameter analysis is [0.01,10],
frequency ratio κ, and damping ratio ζeq is [0.01,1].

3.1. Relative Displacement Response Ratio γU

The relative displacement between the bushing and tank can directly reflect the seismic
response level of the bushing, and it is also the most important index in the vibration control
of the transformer–bushing system. Therefore, the relative displacement of the bushing
should be taken as the primary control index, and the random vibration analysis of the
transformer–bushing isolation system under white noise input should be carried out. First,
the inerter–mass ratio μ is analyzed. When the inerter–mass ratio is fixed, the influence of
inerter–mass ratio on the isolation layer can be seen directly. Figure 4 shows the relative
displacement response ratio γU when changing the damping ratio ζeq with different types
of bushing systems.

 
(a) (b) 

 
(c) (d) 

Figure 4. Curves of γU under different damping ratio ζeq (κ = 0.1, ζb = 0.02): (a) HB–1; (b) HB–2; (c) LB–1;
(d) LB–2.
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In the isolation design, the frequency ratio of the isolation layer should not be too large,
so κ = 0.1 is a fixed value for analysis. The variety of bushings with different frequencies
with inerter–mass ratio is the same, γU decreases with the increase of inerter–mass ratio,
and the greater the damping ratio of isolation layer, the greater the reduction of γU in larger
value of μ. The influence of the inerter–mass ratio on low–frequency bushings is more
obvious. When the inerter–mass ratio is greater than 0.5, the decline of γU becomes faster.
When the inerter–mass ratio is between [1,2], the RMS of relative displacement response of
bushings with IIS is about 0.5 times of those with IB, and the displacement control effect of
the inerter element is better. If the inerter–mass ratio continues to increase, we will see yet
lower values of γU. However, cost will greatly increase, and the increase of inerter–mass
ratio will also increase the base shear force of the isolation layer. Considering that the linear
IB system has satisfactory isolation effects on the transformer–bushing system, the target
γU can be set between 0.5–0.7, so inerter–mass ratio is between [0.5,2].

Second, the frequency ratio of isolation layer of IIS is considered. The inerter–mass
ratio is taken as 0.5, 1, and 2, respectively, and the damping ratio of isolation layer ζeq is
0.1, 0.5, and 1. The influence of frequency ratio on γU is shown in Figure 5. The γU of
bushings with different frequencies is almost a fixed value when it is within [0.001,0.05],
which is less affected by the frequency ratio. When κ is [0.1,1], it decreases first and then
increases significantly; the greater the inerter–mass ratio and damping ratio, the greater the
influence of the frequency ratio. For bushings with high frequency, the stability range of
γU is κ is equal to [0.001,0.1]; for bushings with low frequency, the stability range of γU is κ
is equal to [0.001,0.0.5]. Hence, to ensure the robustness of the isolation layer of IIS on the
displacement control of the upper bushing, the value of κ should not be greater than 0.1.

 
(a) (b) 

(c) (d) 

Figure 5. Curves of γU: (a) HB–1; (b) HB–2; (c) LB–1; (d) LB–2.
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3.2. Displacement Response Ratio of Isolation Layer γID

The smaller the relative displacement between the bushing and the tank, the more
that the response of the tank and the bushing tends towards being the same, but excessive
displacement of the isolation layer can easily cause overturning of the superstructure.
Therefore, the displacement of the isolation layer is also an index that can not be ignored in
vibration control of the transformer–bushing system. As the displacement of the isolation
layer in a normal IB system is large, the displacement response ratio γID of the isolation
layer can be used in the analysis as an index to seek the trend of each parameter. Figures 6–9
show displacement response ratios of isolation layer γID under different frequency ratios κ
of four different types of transformer–bushing systems.

   
(a) (b) (c) 

Figure 6. Contour plot of γU of HB–1: (a) κ = 0.05; (b) κ = 0.1; (c) κ = 0.3.

   
(a) (b) (c) 

Figure 7. Contour plot of γU of HB–2: (a) κ = 0.05; (b) κ = 0.1; (c) κ = 0.3.

(a) (b) (c) 

Figure 8. Contour plot of γU of LB–1: (a) κ = 0.05; (b) κ = 0.1; (c) κ = 0.3.
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(a) (b) (c) 

Figure 9. Contour plot of γU of LB–2: (a) κ = 0.05; (b) κ = 0.1; (c) κ = 0.3.

The γID is the ratio of the displacement ratios of the isolation layer of the two isolation
systems, so the damping ratio has little effect. Only low–frequency bushings (LB–2) show
large fluctuation at κ = 0.3. However, γID is greatly affected by the inerter–mass ratio,
and like γU, will decrease with the increase of inerter–mass ratio within a certain range.
However, when the inerter–mass ratio is between [1,2], the four kinds of bushing γID will
increase with the increase of the inerter–mass ratio. The smaller the frequency ratio is,
the more flexible the isolation layer is, and the more ‘steep’ the surface of γID is when
the inerter–mass ratio is between [1,2], indicating that the restoring force of the isolation
layer can not quickly mitigate the additional inertia force generated by the inerter element.
Although increasing the stiffness can reduce this phenomenon, the excessive stiffness of
thesolationn layer will increase the displacement of the upper bushing. So, when the value
of κ is not greater than 0.1, we should try to increase it as much as possible to meet the
displacement demands of the isolation layer. As can be seen from Figures 6–9, when the
γID is greater than 0.4, the demands for the values of various parameters of the isolation
layer are low, and the surface of γID is stable. At the same time, the damping ratio ζeq
should not be too large. For bushings with low frequency, increasing the damping ratio
will increase the displacement of isolation layer. When ζeq is less than 0.2, the surface of γID
is relatively stable and robust. The displacement index of isolation layer γID is determined
to be about 0.4. Meanwhile, when meeting the demands of the displacement mitigation of
the isolation layer, the values of various parameters shall be reduced as much as possible.

3.3. Base Shear Force Response Ratio γSF

The base shear force ratio γSF is also an important index of the isolation system. We
can use it to seek the trend of each parameter and compare it with the trend of displacement
index to comprehensively select the final isolation layer parameters. Figures 10–13 show
the base shear force ratio of four types of transformer–bushing systems under different
frequency ratios κ.
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(a) (b) 

Figure 10. Contour plot of γSF of HB–1: (a) κ = 0.05; (b) κ = 0.1.

 
(a) (b) 

Figure 11. Contour plot of γSF of HB–2: (a) κ = 0.05; (b) κ = 0.1.

 
(a) (b) 

Figure 12. Contour plot of γSF of LB–1: (a) κ = 0.05; (b) κ = 0.1.

93



Buildings 2022, 12, 530

 
(a) (b) 

Figure 13. Contour plot of γSF of LB–2: (a) κ = 0.05; (b) κ = 0.1.

The base shear force of the tank of the IIS is lower than IB when the inerter–mass ratio
is within [0.5,1.5], but when the inerter–mass ratio is greater than 1.5, the base shear force
of IB is less than IIS, indicating that the large inertance coefficient will increase the force
output of the isolation layer. This trend is opposite to γU and γID. Therefore, under the
condition of meeting the displacement index (γU and γID), the inerter–mass ratio should
be reduced as much as possible to reduce the base shear force.

Fix γSF = 0.5 and the damping ratio is less than 0.5 as the target area in Figures 10–14
(rectangular shadow). It can be seen that when the frequency ratio is 0.05, the target
area is smaller and the corresponding optional parameter range becomes smaller for both
bushings with low frequency and bushings with high frequency; when the frequency ratio
increases to 0.1, the target area increases significantly, and the range of selectable reasonable
inerter–mass ratios also expands. At the same time, it can also be seen that the target area of
bushings with high frequency is larger than bushings with low frequency, so the bushings
with high–frequency difficulty provide easier control over base shear force.

 
(a) (b) 

 
(c) (d) 

Figure 14. Displacement amplification factor of bushings: (a) HB–1; (b) HB–2; (c) LB–1; (d) LB–2.
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For bushings with high frequency, the inerter–mass ratio can be reduced as much as
possible because the amplitude of base shear force is low and the target area is large; due
to the fact that the displacement index of bushings with low frequency are more stringent
than the base shear force index, the displacement index of bushings with low frequency
can be considered first when a larger base shear force ratio is fixed.

3.4. Parameters Optimization Design of IIS

The variation trend of the parameters of the displacement index (γU and γID) is
opposite to that of the base shear force index (γSF), which is mainly reflected in the damping
ratio ζeq and inerter–mass ratio μ. The determination of IIS parameters is preferentially
suggested to be based on the specified extent of vibration mitigation effect in terms of the
relative displacement of transformer and bushing γU, which is essential to performance.
Following the parametric analysis results, in the case of given κ, large μ will lead to larger
shear force (shown in Figure 13), and small μ and ξeq will lead to larger displacement of
bushing (shown in Figure 5). We need to obtain a balanced parameter combination in the
IIS to mitigate all three indexes.

Hence, the overall design idea of IIS for transformer–bushing isolation control is to
meet the demands of bushing relative displacement first, and then consider the displace-
ment of the isolation layer and base shear force. At this point, γID and γSF are considered
as additional performance indexes; the relative displacement index is considered first. We
can fix the target relative displacement response ratio γU according to the performance
demands of the transformer–bushing system, and optimize the parameters with extremum
conditions [30], that is:

γU
(
ζeq, κ, μ

)
= γU,t (14)

∂γU
(
ζeq, κ, μ

)
∂μ

= 0,
∂γU

(
ζeq, κ, μ

)
∂ζeq

= 0 (15)

where γU,T is the target of the relative displacement response ratio. The constraint condition
of Equation (15) is to meet the relative displacement response ratio and makes the damping
ratio and inerter–mass ratio as small as possible to meet the engineering needs at the same
time. This optimization method is concerned with controlling both the performance of the
relative displacement of the transformer and bushing γU and base shear force γSF, so that
the excessive shear force can be reduced while simultaneously achieving a desired relative
displacement mitigation ratio γU.

4. Seismic Response

Parameter analysis in the frequency domain was carried out under white noise ex-
citation; to further verify the isolation effect of IIS, a dynamic response analysis of the
transformer–bushing system with IIS under non–stationary ground motion was carried
out as well. Different values of isolation indexes were selected for four types of bushings,
and the optimization parameters were selected according to the optimization method of
Equation (14). The best parameters of the isolation layer were selected for time history
analysis. The values of the IIS design parameters and optimization indexes of different
types of transformer–bushing systems are shown in Table 2. The primary optimization
principle is that the bushing with lower frequency should keep a smaller value of γU. This
reflects the greater control over relative displacement afforded by highly flexible bushings.
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Table 2. Results of parameters of IIS obtained after optimization.

Parameters LB–1 LB–2 HB–1 HB–2

Tank mt(kg) 10.0 × 104 15.0 × 104 5.0 × 104 7.5 × 104

Bushing
μb 0.060 0.220 0.005 0.020

h(m) 5.00 10.00 1.20 2.50
fb(Hz) 2.10 1.20 7.10 3.50

μ 0.854 1.056 0.618 0.791
IIS κ 0.071 0.095 0.048 0.063

ζeq 0.113 0.171 0.055 0.070

Primary index γU 0.600 0.500 0.700 0.650

Additional index γID 0.461 0.353 0.621 0.588
γSF 0.452 0.598 0.275 0.364

Figure 14 shows the displacement amplification factors of bushings corresponding to
Table 2. It can be seen that the natural frequency of the isolation system bushing is reduced,
and the displacement responses are also decreased. Compared with the IB system, the
displacement amplification factor of IIS is lower, and the response of bushings with low
frequency (LB–2) decreases the most. The natural period of the bushing with IIS is further
extended, far away from the predominant period of ground motion. At the same time, as
the isolation effect of IIS is more obvious, the bandwidth of bushing response after isolation
also increases. Figure 15 shows four types of transformer–bushing systems corresponding
to Table 2. Similar to the trend in Figure 14, compared with IB system, the amplitudes of
transfer function of the base shear force of IIS are lower, and the shear force response of
bushing with low frequency is reduced the most.

El Centro wave, Taft wave, Chi Chi wave, and Kobe wave were selected as seismic
waves; the predominant frequencies of the four seismic records were different. Figure 16
shows the acceleration response spectra of the four seismic waves. The higher the structural
height and weight of the bushing, the higher the seismic vulnerability, and the difficulty of
vibration control will increase. Therefore, this paper selects the LB–2 transformer–bushing
system, which is the most vulnerable to earthquakes, as the analysis object for analyzing
the dynamic time history under four kinds of ground motion inputs. Figure 17 shows the
relative displacement time history of the bushing and the transformer, which can reflect the
seismic response of the bushing itself; Figure 18 shows the hysteresis loops of the isolation
layer, which can reflect the displacement response of the isolation layer and the energy
dissipation capacity of dampers of IB and IIS.

It can be seen from Figure 17 that the control effect of IB isolation system on the
bushing was considerable, and the maximum relative displacement of the bushing can
be controlled between 30–50% of the original structure. IIS has a better isolation control
effect on the bushing than IB, which is only about 50% of the displacement controlled by IB.
The displacement response level is reduced at the same time, and the time history curve is
smoother and steadier. It indicates that the overall sloshing speed of the tank and bushing
is also reduced.

It can be seen from Figure 18 that IIS has smaller displacement of the isolation layer
than IB, and the peak displacement is about 45–60% of IB. Based on the relative displace-
ment response of the bushing in Figure 17, IIS can reduce the displacement of the tank and
bushing at the same time and complete the overall isolation control of the transformer–
bushing system. At the same time, while reducing the displacement of the isolation layer,
the damping element of IIS has a larger hysteresis loop due to the amplification of the
inerter element. Compared with IB, the damping force is larger and the energy dissipation
effect is amplified.
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(a) (b) 

 
(c) (d) 

Figure 15. Transfer function curves of base shear force: (a) HB–1; (b) HB–2; (c) LB–1; (d) LB–2.

 

Figure 16. Normalized acceleration spectra of earthquake records.
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(a) (b) 

 
(c) (d) 

Figure 17. Relative displacement responses of bushing (LB–2): (a) EL Centro; (b) Taft; (c) Chi–Chi;
(d) Kobe.

 
(a) (b) 

 
(c) (d) 

Figure 18. Hysteresis loops of isolation layer (LB–2): (a) EL Centro; (b) Taft; (c) Chi–Chi; (d) Kobe.
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The isolation system with inerter element increases the mass effect and viscous damp-
ing effect of the isolation layer, but it does not mean that the system needs greater apparent
mass and damping coefficient. On the contrary, the inerter system can change the original
small apparent mass into a larger equivalent mass (such as moment of inertia), which can
be dozens or even hundreds of times the original mass, so as to reduce the actual mass and
volume of the isolation layer. However, the natural period of the superstructure can still be
extended, and the displacement of the isolation layer can be reduced under the condition
of ensuring the isolation rate. This has high practical value for engineering.

5. Conclusions

In this paper, the influence of the inerter isolation system (IIS) on the response of
the transformer–bushing system was studied, and the parameter optimization design of
IIS was carried out. Finally, the isolation performance of IIS under different input was
analyzed. The main conclusions are as follows:

1. The equivalent mass coefficient and damping coefficient of IIS can be amplified by
an inerter element, and the inerter–mass ratio and damping ratio are reduced simul-
taneously under the condition of meeting the performance demand after parameter
optimization.

2. The proposed optimal design utilizes the most efficient parameter set of inerter–mass
ratio and damping ratio for the relative displacement ratio of the bushing and tank
in the extremum condition. The parameter optimization design method proved to
be effective in meeting the target demand of relative displacement response of the
bushing and tank, while base shear force and isolation displacement were reduced
simultaneously.

3. Based on results from response history analysis under ground motion records, IIS
can significantly suppress the resonance response of the structure and the continuous
vibration response in the stable state and its peak displacement can be reduced by
50% compared with IB. IIS has a smaller displacement of the isolation layer than IB,
and the peak displacement is about 45–60% of IB.

In conclusion, IIS has considerable vibration mitigation effect. This study mainly
focuses on the macro–structural design parameters of typical transformer–bushing systems,
but there is no detailed analysis on the design parameters of any specific IIS device. At
present, the IIS device is in the development stage. Subsequent research will carry out
mechanical performance tests according to the specific device with inerter, damper, and
spring. More combinations of isolation system with inerter and parameters optimization
methods will also be discussed. Furthermore, a shaking table test will be carried out on the
specific structure with IIS installed.
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Abstract: SMW (soil mixing wall) piles have been widely used in soft soil areas such as Jiangsu,
Shanghai, Tianjin and so on, and they have many advantages, such as retaining the structures of
foundation pits. In order to promote the application of SMW piles in sandy soil areas such as
Henan province, SMW piles were used in a deep foundation pit project of a high-rise building
in Zhengzhou. Three SMW piles in the middle area of the foundation pit were selected for site
measurement to determine the mechanical properties of SMW piles in sandy soil areas. Several
typical test sections were determined along the height of the pile. The vibrating string type of the
reinforcement dynamometers were set on the H-shaped steel of each test section, and the stress
distribution of the H-shaped steel along the depth of the pit was obtained via testing. The axial
force, bending moment and shearing force of the H-shaped steel were further calculated, and the
affecting factors and development laws of the internal force distribution of the H-shaped steel were
analyzed in detail. The research shows that, at the stage of foundation pit excavation, the overall
stress of H-shaped steel increases gradually. The axial force of H-shaped steel in an SMW pile is
mainly affected by such factors as the weight of the H-shaped steel, the weight of the crown beam
and the first support system, the weight of the breast beam and the second support system, and the
frictional resistance of the cemented soil. The bending moment and shearing force of H-shaped steel
are mainly affected by such factors as the lateral soil pressure and the concentrated forces of the
two support systems. When the foundation pit was excavated to the base, the development of and
changes in the law of internal force with regard to the H-shaped steel was analyzed. When the overall
internal force of the H-shaped steel is at its maximum, the maximum absolute values in terms of the
axial force, bending moment and shearing force are −481 KN, 371 KN·m and 123 KN. In the process
of foundation pit excavation and backfilling, the point of contraflexure of the H-shaped steel moves
down gradually, and the fixed end of corresponding SMW pile also moves down and stabilizes below
the base. These results may provide a reference for the design and construction of SMW piles of
building structures in sandy soil areas.

Keywords: high-rise building; sandy soil area; Soil Mixing Wall pile; site measurement; mechanical
property; H-shaped steel; internal force

1. Introduction

The SMW (soil mixing wall) pile is a kind of composite support structure which is
integrated with soil retaining and seepage prevention after H-shaped steel is inserted into
a continuous lapping three-axis cemented soil mixing pile [1,2]. The SWM pile not only has
a high strength, high stiffness and good anti-seepage effect, but also has the advantages
of a small impact on the surrounding strata and environment, small construction space
and speedy construction. After the supporting effect of SMW piles is achieved, the H-
shaped steel can be pulled out and recycled according to requirements. This not only saves
the steel, but it also achieves sustainable development. SMW piles are very suitable for
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deep foundation pit engineering in large and medium-sized cities with dense buildings.
Therefore, SWM piles have been widely used in soft soil areas such as Jiangsu, Zhejiang,
Shanghai and Tianjin. At the same time, there are also many studies on the mechanical
characteristics of cemented soil based on soft soil and corresponding SMW piles [3–6].

As SWM piles have many advantages as foundation pit supporting structures, and
in order to further promote their application to sandy soil areas such as Henan, SMW
piles were adopted in the deep foundation pit supporting project of a high-rise building
in Zhengzhou. According to the design requirements of the “Technical Specification for
Soil Mixed Wall” (JGJ/T 199-2010) [7], the internal forces, such as the bending moment and
shearing force, generated by the lateral soil and water pressure of the foundation pit are
borne by the H-shaped steel in the SMW pile, while the cemented soil only plays the role of
forming a sealing curtain [8–10].

In order to determine mechanical properties of H-shaped steel in SMW piles in sandy
soil areas, the following works were carried out in the process of constructing a foundation
pit supporting structure for the high-rise building. Firstly, three SMW piles with specific
mechanical behaviors were selected, and the stress distribution for the H-shaped steel was
monitored under different construction conditions by setting vibrating chord reinforcement
dynamometers on several typical test sections of the H-shaped steel. Then, the measured
normal stress of H-shaped steel was decomposed into uniform compressive stress and
bending normal stress, and the axial pressure and bending moment of the H-shaped
steel were calculated, respectively. The development of and variation in the distribution
curves of axial force and bending moment of the H-shaped steel were discussed under
different construction conditions, and the influencing factors were analyzed. Finally, the
bending moment fitting curve was obtained using the polynomial fitting method, and
the distribution curves for the shearing force were obtained under different construction
conditions by derivation. The development trends for and influencing factors behind the
shearing force curves were further analyzed.

The stress state of the H-shaped steel in the SMW piles was monitored on site, and the
axial force, bending moment and shearing force of the H-shaped steel were analyzed and
studied. Thus, the mechanical properties of SMW piles could be determined and used as a
reliable basis for the design and construction of SMW piles in sandy soil areas.

2. Retaining Structures of the Foundation Pit

Concerning the foundation pit of the high-rise building, its north–south length is
48.04 m, its east–west width is 25.76 m, and the excavation depth is 11.46 m. Three SMW
piles were selected for site measurement in the western edge of the pit [11,12]. There are six
soil layers within a depth of 39.6 m below ground level at the proposed site. The name and
burial depth of each soil layer are as follows. The first layer is miscellaneous fill, with a
buried depth of 1.0–3.9 m; the second layer is clayey silt, with a buried depth of 2.1–6.7 m;
the third layer is silt, with a buried depth of 4.0–5.7 m; the fourth layer is clayey silt, with a
buried depth of 5.8–10.3 m; the fifth layer is fine sand, with a buried depth of 9.3–20.7 m;
the sixth layer is medium sand, with a buried depth of 24.2–39.6 m. It can be seen that the
six soil layers are mainly sandy soils. The upper five soil layers within the range of the pile
length were directly involved in forming the cemented soil of the SMW piles.

The diameter of the SMW piles is 850 mm, their center distance is 600 mm, and there
are two kinds of pile lengths of 15.55 m and 18.25 m. The H-shaped steel, H700 × 300 × 13
× 24, with the steel grade of Q235B, was inserted at intervals or partly but densely inserted,
and the two H-shaped steel lengths corresponding to the pile lengths were 16.65 m and
19.35 m. Two layers of steel supports were set from top to bottom along SMW piles as
inner supports to form the retaining structures of the foundation pit. The first layer of
steel supports was set on the concrete crown beam at the top of the piles 1.61 m below the
ground. The second layer of steel supports was set on the steel waist beam at 6.11 m below
the ground. The steel supports were made of circular steel tubes and specific axial forces
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were applied in advance to reduce the lateral displacement of the SMW piles towards the
foundation pit.

3. Site Measurement Design

3.1. Selection of Measured SMW Piles

The following two factors should be considered when selecting SMW piles measured
on site. First, the piles should be located at the edge of the foundation pit where the
mechanical behavior is relatively clear. Second, the piles corresponding to the support
positions should be selected, if at all possible, to investigate the influence of the supports
on the mechanical behavior of the piles. Therefore, in the middle of the west edge of
the foundation pit, the three piles corresponding to the middle three steel supports were
selected and measured. The piles were numbered Z1, Z2 and Z3 consecutively from north
to south. The length of the three piles is 18.25 m, and the length of H-shaped steel inside is
19.35 m. There are two piles between Z1 and Z2 and between Z2 and Z3, so as to avoid the
influence of mechanical behavior between the measured piles.

3.2. Layout of Stress Monitoring Points

To determine the stress of H-shaped steel in SMW piles, it is necessary to use vibrating
chord type reinforcement dynamometers and a frequency reading instrument for monitor-
ing. The vibration frequency of the vibrating string is obtained by the frequency reading
instrument, and the stress of the measured structure can be obtained via calculations.

The SMW pile can be regarded as a compression-bending member, and the lower
end of the pile is inserted into a certain depth below the base, which can be used as the
fixed end. The upper end of the pile is connected by the crown beam, and the inner steel
supports act on the crown beam, which can be used as the elastic support of the upper
end. The middle of the pile is connected by the steel waist beam, and the internal steel
supports act on the waist beam, which can be used as the intermediate elastic support. The
soil and water pressure from the outside of the foundation pit can be considered as the
distributed load acting on the pile, and the dead weight of the pile and the vertical force
transmitted to the pile by the supporting system through the crown beam and the waist
beam can be considered as the axial compression load. When considering the pile as a
compression-bending member, the test sections need to be set in the following parts: the
base elevation, which the intermediate steel support is acting on, and the junction of two
adjacent soil layers. Additionally, the uniformity in terms of test section distribution should
be considered to obtain more monitoring data.

As shown in Figure 1, a total of eight test sections were set along the measured pile
from top to bottom, and the distance from each section to the ground is listed in Table 1.
Two reinforcement dynamometers were arranged at the connections between one side of
the web and the upper and lower flanges of the H-shaped steel in each section, and the
measured stresses can be regarded as the stresses at the upper and lower ends of the web.
A full length of steel strip was welded at the connection between the web and the flange of
the H-shaped steel to protect the dynamometers and corresponding wires. The bottom of
the steel strip was sealed to prevent the entry of cemented soil during the insertion of the
H-shaped steel.
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Figure 1. Test section layout.

Table 1. Position of test section.

Test Section Distance to the Ground (m)

Section 1 3.31
Section 2 4.71
Section 3 (second layer of supports) 6.11
Section 4 7.51
Section 5 8.91
Section 6 10.21
Section 7 (the base) 11.46
Section 8 12.76

3.3. Main Construction Conditions

The stress frequency of the H-shaped steel in the measured pile was monitored as
follows. The monitoring frequency was once a day during the excavation process of the
foundation pit and once every two days during substructure construction and foundation
pit backfilling, resulting in the obtainment of a large amount of measured data. In order
to facilitate the analysis of the main mechanical characteristics of the piles, the following
representative construction conditions were selected for research.

Construction condition 0: The foundation pit is excavated to 2.01 m below the ground
and reaches the elevation of the bottom surface of the crown beam. This is the initial
loading state when the initial value data for reinforcement dynamometers are collected.

Construction condition 1: On the basis of construction condition 0, pour the reinforced
concrete crown beam, and set the first layer of steel supports.

Construction condition 2: Excavate the foundation pit to 6.41 m below the ground,
install the steel waist beam, and set the second layer of steel supports.

Construction condition 3: Excavate the foundation pit to 11.46 m below the ground
and pour the concrete cushion of the base.

Construction condition 4: Build the foundation pit floor and the internal structure,
backfill the foundation pit, and remove the second layer of steel supports.
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Construction condition 5: Continue to construct the internal structure and the roof,
backfill the foundation pit, and remove the first layer of steel supports.

4. Stress Analysis of H-Shaped Steel in Measured SMW Piles

It can be seen from the analysis in Section 3.2 that the SMW pile is used as a compression-
bending member and the internal forces of the H-shaped steel have both axial pressure
and bending moment. The normal stress obtained by dynamometers is the superposition
of uniform compressive stress corresponding to axial pressure and bending normal stress
corresponding to bending moment. Figure 2 shows the stress distribution law for the
H-shaped steel in the SMW pile Z1 along the depth of the foundation pit under five con-
struction conditions. In the figure, the abscissa represents the section stress of the H-shaped
steel. The tensile stress is positive, while the compressive stress is negative. The ordinate
represents the depth of the foundation pit below the ground. The “inner side” in the legend
indicates the stress measured by the dynamometer at the connection of the flange and web
of the H-shaped steel near the foundation pit, while the “outer side” indicates the stress
measured by the dynamometer on the section of the H-shaped steel at a distance from the
foundation pit.

 
(a) 

Figure 2. Cont.
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(b) 

 
(c) 

Figure 2. Cont.
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(d) 

(e) 

Figure 2. The stress distribution characteristics of the H-shaped steel in the SMW pile Z1 under
five construction conditions. (a) The stress distribution of the H-shaped steel under construction
condition 1; (b) the stress distribution of the H-shaped steel under construction condition 2; (c) the
stress distribution of the H-shaped steel under construction condition 3; (d) the stress distribution of
the H-shaped steel under construction condition 4; and (e) the stress distribution of the H-shaped
steel under construction condition 5.

The following stress analysis can be recognized from Figure 2:
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(1) Under construction condition 1, the excavation depth of the foundation pit was
only −2.01 m, and the first layer of supports was set. The lateral soil pressure was
small, so the overall stress of the H-shaped steel was small. The maximum tensile
and compressive stresses occurred in Section 1 at −3.31 m, and the stress values
were 14.9 MPa and −20.1 MPa, respectively. The reason why the absolute value of
compressive stress was larger is that in addition to the normal stress generated by
the bending moment, the compressive stress generated by axial pressure was also
superimposed on this section. The axial pressure can be considered to be mainly
caused by the vertical force transmitted by the first supporting system to the SMW
pile through the crown beam. At the section of −7.49 m, which is very close to Section
4 (−7.51 m), the inner and outer stress curves intersect at a point, and the compressive
stress value was −0.11 MPa. It indicates that this section only had axial pressure
and the bending moment was zero; thus, the section was the contraflexure point
of the bending moment of H-shaped steel. According to the bending moment of
the H-shaped steel, the outside of the H-shaped steel above this section was tensile,
while the inside of the H-shaped steel below this section was tensile. The tensile and
compressive stresses of the H-shaped steel below the contraflexure point were close
to zero, indicating that this construction condition had little influence on mechanical
performance of this part of the SMW pile.

(2) Under construction condition 2, the excavation depth of the foundation pit further
increased to −6.41 m, and the second layer of supports was set. The lateral soil
pressure was larger, so the overall stress of the H-shaped steel noticeably increased.
The maximum tensile and compressive stresses occurred in Section 3 at −6.11 m, and
the stress values were 39.3 MPa and −60.8 MPa, respectively. This section corresponds
to the position of the second layer of supports, and there is a large difference between
the algebraic values for tensile and compressive stresses, indicating that this section
was subjected to a large bending moment. This is because the bending moment
diagram of the H-shaped steel produced a turning point and the bending moment
reached an extreme value under the action of the pre-added axial pressure of the
second layer of supports. At the section −9.49 m, the inner and outer stress curves
intersected, and the compressive stress value was −7.67 MPa, indicating that this
section was the contraflexure point of the bending moment of the H-shaped steel.
The increase in compressive stress indicates that the axial pressure of the H-shaped
steel increased. This was caused by the vertical force further transmitted to the SMW
pile through the waist beam by the second layer of the support system. Below the
contraflexure point, there was still a difference between the tensile and compressive
stresses, indicating that the H-shaped steel still bore a bending moment.

(3) Under construction condition 3, the excavation depth of the foundation pit increased
to −11.46 m, the base was reached, and the concrete cushion of the base was poured.
The lateral soil pressure was at its greatest at this stage, so the overall stress on
the H-shaped steel was at its greatest. The greatest values in terms of tensile and
compressive stresses also appeared in Section 3 at −6.11 m, with these being 48.6 MPa
and −82.3 MPa, respectively, corresponding to the position of the second layer of
supports. At this time, the difference between the tensile and compressive stresses
was at its most significant, indicating that the bending moment of this section was
also the largest. At the base section of −11.46 m, the outer and inner compressive
stresses were −18.38 MPa and −29.97 MPa, respectively. The two stress values were
different, but the difference was not large, indicating that the H-shaped steel also bore
a bending moment, with the bending moment value being small. The contraflexure
point appeared at the section −11.79 m, slightly downward, and the H-shaped steel
below the contraflexure point still bore a bending moment. This part of the SMW pile
can be used as the embedded end.

(4) Under construction conditions 4 and 5, the internal structure and the backfilling of
the foundation pit were in the process of being constructed. Due to the offsetting
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part of the soil and water pressure outside of the foundation pit, the shape of the
inner and outer stress curves of the H-shaped steel was similar to that for construction
condition 3, but the overall stress on the H-shaped steel was reduced. The maximum
tensile and compressive stresses under construction condition 4 were 45.86 MPa and
−78.01 MPa, respectively, which are lower than those under construction condition 3.
The contraflexure point appeared at the section −12.01 m below the base, which is fur-
ther down when compared with construction condition 3. The maximum tensile and
compressive stresses under construction condition 5 were 43.76 MPa and −76.99 MPa,
respectively, which show a continued decrease from the basis of construction con-
dition 4. The contraflexure point appeared at the section −12.19 m below the base,
which is further down when compared with construction condition 4.

A comparison of the stress distribution curves for the H-shaped steel in the SMW pile
Z1 under five construction conditions in Figure 2 is shown in Figure 3. The comparative
analysis shows that:

(1) Construction conditions 1 to 3 correspond to foundation pit excavation, and the
overall stress of the H-shaped steel increased gradually under these conditions. With
the exception of when the first layer of supports was set, the maximum tensile and
compressive stresses of the H-shaped steel under construction condition 1 appeared
at the uppermost Section 1. After setting the second layer of supports, the maximum
tensile and compressive stresses of the H-shaped steel under construction conditions
2 and 3 appeared at Section 3, corresponding to the position of the second layer
of supports.

(2) The excavation depths of the foundation pit from construction conditions 1 to 3
were 2.01 m, 6.41 m and 11.46 m (the base), respectively, and the corresponding
contraflexure point depths of the H-shaped steel were −7.49 m, −9.49 m and −11.79
m, respectively. The contraflexure points were all below the excavation face, and it
can be considered that the embedded end of the SMW pile gradually moved below
the base.

(3) The SMW pile can be regarded as a compression-bending member. Taking construc-
tion condition 3 as an example, the bending moment at the base section was very
small, and the SMW pile below the contraflexure point can be regarded as the em-
bedded end. The first layer of supports can be used as the elastic support of the
upper end. Because this section is still below the ground, there is a bending moment,
but the value of that bending moment is not large. The second layer of supports
can be used as an intermediate elastic support, and the pre-added axial pressure of
the supports makes the bending moment produce an extreme value, which is also
the maximum bending moment value. Even if the effect of axial pressure is further
considered, the H-shaped steel at this section still produces maximum tensile and
compressive stresses. The maximum tensile and compressive stresses were 48.6 MPa
and −82.3 MPa, respectively. The steel grade used for the H-shaped steel was Q235 B.
The maximum stress value was far less than the designed strength value for the steel,
and the safety of the SMW pile met the requirements.

(4) Construction conditions 4 to 5 correspond to the construction of the internal structure
and the backfilling of the foundation pit. Compared with construction condition 3,
under these conditions, the overall stress of the H-shaped steel was reduced, the max-
imum tensile and compressive stresses were gradually reduce and the position of the
contraflexure point was still within a small range below the base and gradually moved
down, indicating that this stage had little influence on the mechanical performance of
the SMW pile.
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Figure 3. A comparison of the stress distribution of the H-shaped steel in the SMW pile Z1 under five
construction conditions (construction condition is abbreviated as “CC”).

The stress distribution curves of the H-shaped steel of the SMW piles Z2 and Z3 are
approximately the same as that of the SMW pile Z1, and the mechanical properties are
approximately the same. The corresponding curves are no longer given here.

5. Axial Force Analysis of H-Shaped Steel in SMW Piles

Since the SMW pile can be regarded as a compression-bending member, the measured
normal stress of the H-shaped steel in Figure 3 can be decomposed into uniform compres-
sive stress and bending normal stress. The axial pressure of the H-shaped steel can be
calculated from the uniform compressive stress, and the bending moment can be calculated
from the bending normal stress.

Figure 4 shows the calculation results for the axial forces of the H-shaped steel in the
SMW pile Z1 under five construction conditions. The abscissa represents the axial force of
the H-shaped steel, which was positive under tension and negative under compression.
The ordinate represents the depth of the foundation pit. Each construction condition
corresponds to an axial force distribution curve.
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Figure 4. The axial force distribution curves of the H-shaped steel in the SMW pile Z1 under five
construction conditions (construction condition is abbreviated “CC”).

According to the analysis in Figure 4, it can be seen that:

(1) Under construction condition 1, the foundation pit was excavated to −2.01 m, the
reinforced concrete crown beam was poured and the first layer of steel supports was
set. All test sections, including Section 1 at −3.31 m, were below the first layer of
supports. The axial pressure of the H-shaped steel was mainly generated by the dead
weight of the SMW pile, crown beam and the first layer of supports. Since the dead
weight of crown beam and supports was constant, and the dead weight of the SMW
pile increased gradually with the increase in depth, the axial pressure had a trend of
increasing gradually. The maximum axial pressure occurred in Section 7 at −11.46 m,
and the axial force value was −176 KN.

(2) Under construction condition 2, the foundation pit was excavated to −6.41 m, a steel
waist beam was installed and a second layer of steel supports was set. Section 3
and all the following test sections were below the second layer of supports. As the
cemented soil at one side of the foundation pit was removed, the corresponding
frictional resistance decreased. The axial pressure of Section 1 (−3.31 m) and Section 2
(−4.71 m) increased compared with that of construction condition 1. Due to the dead
weight of the waist beam and corresponding supports, the axial pressure of Section 3
(−6.11 m) suddenly increased compared with that of Section 2. The axial pressure in
the following sections gradually increased, and the maximum axial pressure occurred
in Section 5 at −8.91 m, with the axial force value being −293 KN. The soil buried
at a depth of 9.3 m to 13.6 m is fine sand. The frictional resistance of cemented soil
formed by fine sand is relatively large, resulting in a decrease in the axial pressure of
the H-shaped steel in the range of Section 6 (−10.21 m) to Section 8 (−12.76 m).

(3) Under construction condition 3, the foundation pit was excavated to −11.46 m, the
base was reached and the concrete cushion was poured. The test sections, including

112



Buildings 2022, 12, 1733

Section 7 and Section 8, were below the base. The frictional resistance provided by
the cemented soil greatly reduced because all the cemented soil of the H-shaped
steel at the side of the foundation pit was removed. Compared with construction
condition 2, the axial pressure of all sections of H-shaped stee noticeably increased.
The axial force of the H-shaped steel gradually increased with an increase of depth.
The maximum axial pressure appeared in Section 6 at −10.21 m, and the axial force
value was −481 kN. Due to the large frictional resistance provided by the cemented
soil formed based on fine sand in the range of Section 7 (−11.46 m) to Section 8
(−12.76 m), the corresponding axial pressure of the H-shaped steel decreased.

(4) Construction conditions 4 and 5 correspond to the construction of the internal structure
and the backfilling of the foundation pit. The second layer of supports and the first
layer of supports were removed. The original weight of the two layers of supports
passed through the waist beam and crown beam was eliminated. Compared with
construction condition 3, the distribution law of axial force with depth remained
unchanged, while the axial pressure value decreased to a certain extent. The maximum
axial pressure occurred in Section 6 at −10.21 m under construction condition 4, and
the axial force value was −413 kN. The change in the axial force of the H-shaped steel
under construction conditions 4 and 5 was not obvious.

6. Bending Moment Analysis of H-Shaped Steel in SMW Piles

Based on the bending normal stress obtained from the measured normal stress decom-
position in Figure 3, the calculation results for the bending moment of the H-shaped steel
in the SMW pile Z1 under five construction conditions are given in Figure 5. The abscissa
represents the bending moment of the H-shaped steel, which is positive when the flange of
H-shaped steel away from the foundation pit is under tension. The ordinate represents the
depth of the foundation pit. Each construction condition corresponds to a bending moment
distribution curve.

Figure 5. The bending moment distribution curves of the H-shaped steel in the SMW pile Z1 under
five construction conditions (construction condition is abbreviated “CC”).

According to the analysis in Figure 5, it can be seen that:
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(1) Under construction condition 1, the excavation depth of the foundation pit was not
large and only the first layer of supports was set. The corresponding lateral soil
pressure was small, resulting in a small bending moment in the H-shaped steel along
the height direction. The maximum positive bending moment occurred in Section 1
(−3.31 m), and the bending moment value was 111 KN·m. It can be considered that
the H-shaped steel bent to the side of the foundation pit, and the bending moment
of H-shaped steel below this section gradually decreased. The bending moment
distribution curve intersected the vertical axis at a point adjacent to Section 4 (−7.51
m). The bending moment here was zero, which can be regarded as the contraflexure
point of the H-shaped steel. In the portion below this point, the bending moment
made the H-shaped steel bend to the outside of the foundation pit, and the bending
moment value was close to zero, indicating that this construction condition had little
influence on mechanical performance of this portion.

(2) Under construction condition 2, the excavation depth of the foundation pit was
increased and the second layer of supports was further set. The corresponding lateral
soil pressure increased, and the bending moment of the H-shaped steel noticeably
increased. According to the distribution state of the bending moment curve, most of
the upper range of the H-shaped steel bore a positive bending moment, and the H-
shaped steel continued to bend to the inner side of the foundation pit. The maximum
positive bending moment occurred in Section 3 (−6.11 m), with bending moment
value of 261 KN·m. This is where the second layer of supports was set. The large axial
pressure pre-added in the supports was the equivalent to a large, concentrated force
applied to the H-shaped steel. The bending moment curve bent at this section, and
the bending moment value reached its extreme value, which was the maximum value.
At the depth of −9.49 m, the bending moment curve also intersected the vertical axis
at a point. Here, the bending moment was zero, which was the contraflexure point
of the H-shaped steel. Below this section, the bending moment caused the H-shaped
steel to be strained at the inner side of the foundation pit. The H-shaped steel still
bore a bending moment, and the bending moment gradually increased. At the bottom
Section 8 (−12.76 m), the bending moment value reached −101 KN·m.

(3) Under construction condition 3, the foundation pit was excavated to the base. The
lateral soil pressure reached its maximum, and the bending moment of the H-shaped
steel also reached its maximum. In most of the above ranges, the H-shaped steel
bears positive bending moments, and the bending moment values were large. The
maximum positive bending moment still occurred in Section 3 (−6.11 m), where the
second layer of supports is set, with a bending moment value of 371 KN·m. At the
base, Section 7 (−11.46 m), the H-shaped steel still bore a positive bending moment,
which was 49 KN·m. At its lower depth of −11.79 m, the bending moment curve
intersected the longitudinal axis and the bending moment value was zero. This was
the contraflexure point of H-shaped steel, and there was a certain of negative bending
moment in the lower portion of the H-shaped steel.

(4) Under construction conditions 4 and 5, two layers of supports were removed succes-
sively from bottom to top in the process of foundation pit backfilling. The shape of the
bending moment distribution curve is practically the same as that of construction con-
dition 3, but the overall bending moment of the H-shaped steel decreased gradually.
The maximum positive bending moments under construction conditions 4 and 5 were
340 KN·m and 287 KN·m, respectively, which were further reduced compared with
construction condition 3. The positions of the contraflexure points under construction
conditions 4 and 5 appeared at −12.01 m and −12.19 m below the base, which further
gradually moved down compared with construction condition 3.

(5) From construction conditions 1 to 5, the positions of the contraflexure points of the H-
shaped steel are −7.49 m, −9.49 m, −11.79 m, −12.01 m and −12.19 m, respectively. It
can be seen that during the whole construction process, from foundation pit excavation
to backfilling, the position of the contraflexure point gradually moves down. It can
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be considered that the embedded end of the SMW pile gradually moves down and
stabilizes below the base.

7. Shearing Force Analysis of H-Shaped Steel in SMW Piles

The axial force and bending moment of the H-shaped steel in the SMW pile Z1 are
analyzed above. In order to further analyze the shearing force of the H-shaped steel,
the distribution curve for the shearing force along the depth of foundation pit should be
obtained first. According to the relationship between the bending moment and shearing
force of the bending member in material mechanics, the derivative of the bending moment
to the position coordinate of the member section is equal to the shearing force. In other
words, the shearing force distribution curve can be obtained from the slope of the bending
moment distribution curve. Figure 5 just shows the line between the bending moments of
each test section under each construction condition. In order to facilitate the derivation, the
fitting curve of each bending moment curve should be obtained.

Here, the method of polynomial fitting was adopted to determine the polynomial
whose highest degree term is of degree 5 and whose form is M(x) = ax5 + bx4 + cx3 +
dx2 + ex + f. Each bending moment curve shown in Figure 5 was fitted to obtain the
bending moment fitting curve under each construction condition. By taking the derivative
of each bending moment fitting curve, the shearing force distribution curve under each
construction condition could be obtained. Figure 6 shows the shearing force distribution
curves of the H-shaped steel in the SMW pile Z1 under five construction conditions. The
abscissa represents the shearing force of the H-shaped steel, which was positive in the
clockwise direction determined from the angle of view in Figure 1. The ordinate represents
the depth of the foundation pit.

Figure 6. The shearing force distribution curves of the H-shaped steel in the SMW pile Z1 under five
construction conditions (construction condition is abbreviated “CC”).

According to the analysis in Figure 6, it can be seen that:
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(1) Under construction condition 1, the first layer of supports was set and the overall
shearing force of the H-shaped steel was small. The maximum positive shearing force
occurred in Section 1 (−3.31 m), with a value of 32 KN. The shearing force below this
section underwent changes, with the overall trend gradually decreasing. At a depth
of −9.25 m, the shearing force decreased to zero. From this depth down, the shearing
force was very small and changed little.

(2) Under construction condition 2, the second layer of supports was set and the shearing
force of the H-shaped steel increased significantly. The upper portion of the H-shaped
steel mainly bore the negative shearing force. The negative shearing force with the
largest absolute value occurred at the depth of −5.25 m, with the value of −48 KN. The
shearing force value was zero at the depth of −6.45 m, which is just near the position
of the second layer of support (−6.11 m). Due to the concentrated force provided by
the supports, the shape of the shearing force curve changed, with indications that the
shearing force value changed both positively and negatively. If an ideal concentrated
force is applied, the shearing force curve should be abrupt here. Considering that the
shearing force curve is obtained by taking the derivative of the bending moment fitting
curve, the shearing force curve slowly changed from the above negative shearing force
to the below positive shearing force. The lower portion of the H-shaped steel mainly
bore the positive shearing force. The maximum positive shearing force occurred at
the depth of −8.82 m, with a value of 81 KN.

(3) Under construction condition 3, the foundation pit was excavated to the base and
the shearing force of H-shaped steel reached its maximum. The upper portion of
the H-shaped steel bore the negative shearing force. Compared with construction
condition 2, the shearing force further increased. The negative shearing force with
the largest absolute value occurred at the depth of −5.68 m, with a value of −63 KN.
This is also the negative shearing force with the largest absolute value among the five
construction conditions. The shearing force value was zero at the depth of −7.23 m,
which is also near the position of the second layer of supports. The shearing force
curve slowly changed, and the shearing force value changed from the above negative
value to the below positive value. The lower portion of the H-shaped steel bore the
positive shearing force, and the shearing force increased as the depth increased. In
the bottom Section 8 (−12.76 m), the shearing force reached its maximum, with a
value of 123 KN. This is the maximum positive shearing force among five construction
conditions and also the shearing force with the largest absolute value.

(4) Under construction conditions 4 and 5, the second supporting system and the first
supporting system were successively removed along the foundation pit depth from
bottom to top. Compared with construction condition 3, the overall shearing force
of the H-shaped steel was significantly reduced. The upper portion of the H-shaped
steel still bore negative shearing force. The negative shearing force with the largest
absolute value was −41 KN. The lower portion of the H-shaped steel still bore positive
shearing force. The maximum positive shearing force was 99 KN.

8. Conclusions

Three SMW piles in the foundation pit supporting the structure of a high-rise building
in Zhengzhou were monitored on site. The stress distribution law of the H-shaped steel
under significant construction conditions was obtained. On this basis, the internal forces
of the H-shaped steel, such as its axial force, bending moment and shearing force, were
calculated and analyzed in detail. The mechanical properties of the SMW piles in sandy
soil areas were discussed. The conclusions are as follows:

(1) Three SMW piles with clear mechanical properties were selected on site. Reinforce-
ment dynamometers were arranged in several typical test sections along the H-shaped
steel. The stress distribution state of the H-shaped steel with foundation pit depth
and the development of and changes in the related laws according to the construction
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process were monitored. These works laid the foundation for the subsequent internal
force analysis of H-shaped steel in an SMW pile.

(2) The axial force of the H-shaped steel is mainly caused by the dead weight of the SMW
pile, the dead weight of the crown beam and the first supporting system, the dead
weight of waist beam and the second supporting system and the frictional resistance of
the cemented soil, etc. Under several construction conditions, the H-shaped steel only
bears axial pressure, which varies with the depth of foundation pit, the setting and
removal of the two supporting systems and the frictional resistance of the cemented
soil. The axial pressure generally increases with the increase in foundation pit depth
under the influence of various factors. The maximum axial pressure appeared in
Section 6 (−10.21 m) under construction condition 3, with an axial force value of
−481 kN. The frictional resistance of cemented soil based on fine sand near the base is
large and the axial pressure is small.

(3) The bending moment of the H-shaped steel is mainly caused by the lateral soil
pressure and the concentrated forces provided by the first supporting system and
the second supporting system. Under construction condition 3, the overall bending
moment reached its maximum, and the upper most portion of the H-shaped steel
bore positive bending moment. At the same time, the portion of the SMW pile below
the contraflexure point slightly below the base can be regarded as the embedded end,
which this bearing a small bending moment at the base section. The first supporting
system can be used as the elastic support of the upper end, and there is still a bending
moment at the corresponding section. The second supporting system can be used as
the intermediate elastic support, with a maximum positive bending moment occurring
in the corresponding section, with the value of 371 KN·m.

(4) With an increase in the excavation depth of the foundation pit, the contraflexure point
of the bending moment of the H-shaped steel in the SMW pile gradually moves down.
The contraflexure points are all below the excavation face. In the process of foundation
pit backfilling, the contraflexure point continues to move down slightly. It can be
considered that in the whole construction process, the embedded end of the SMW
pile gradually moves down and stabilizes below the base.

(5) The shearing force of the H-shaped steel is mainly affected by the lateral soil pressure
and the concentrated forces of the first and second supporting systems. The overall
shearing force reaches its maximum under construction condition 3. At the same
time, the upper portion of H-shaped steel bears a negative shearing force, which
its largest absolute value being −63 KN. The lower portion of the H-shaped steel
bears a positive shearing force, which produces a maximum positive shearing force
value of 123 KN. Near the middle second supporting system, the shearing force is
zero, the value changes from positive to negative and the shearing force curve is in a
transition stage.
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Abstract: This paper proposes new prefabricated autoclaved lightweight concrete (ALC) connectors
which allow limited sliding. The seismic performance of the proposed connectors and a traditional
connector (L-hooked bolt) were investigated in depth. Three specimens of full-scale steel frames
with ALC panel and connectors were subjected to horizontal low-cyclic loading. The failure modes,
hysteretic behavior, strength and deterioration of stiffness and energy-dissipating performance of all
specimens were analyzed and discussed. The experimental results indicated that the frames of the
new connectors were more reliable than the traditional connector. The energy-dissipating capacity
of the specimen frames with new connectors increased by 23.0% and 24.4%, and deterioration of
stiffness increased by 10.6% and 13.0%. The new ALC panel connectors not only increased elastic
stiffness in the early stage, but also provided some stiffness in the elastoplastic and plastic stages.
Using relevant construction measures, the frames with new connectors displayed good cooperative
behavior and safety reliability. To summarize, the new ALC connectors tested showed excellent
performance in resisting seismic loading and had good assembly efficiency and could provide a basis
for the development and application of a new type of ALC steel frame connector.

Keywords: prefabricated buildings; steel structures; autoclaved lightweight concrete (ALC) panel;
seismic behavior; connector type

1. Introduction

Prefabricated structure is a form of modern industrial building structure. Compared
to cast-in-place structure, it has advantages of convenient construction, less wet work
on site, lower cost, energy saving and environmental protection [1–3]. With the rapid
development of building industrialization, prefabricated reinforcement structures have
been widely used in many countries [4]. Autoclaved lightweight concrete (ALC) panel
has advantages of light weight, heat insulation, sound insulation, fire protection, energy
saving and environmental protection, and easier curing than traditional concrete, and has
been widely used in prefabricated reinforcement structures [5–8]. Therefore, the use of
ALC panel in the enclosure walls of steel structure buildings is increasing by the day. At
present, research on ALC panels mainly focuses on their performance, including the stress
of the panel with a multi-layer H-shaped light steel structure. Qu carried out structural
testing and numerical simulation of four ALC panels, using ABAQUS to simulate the test
panels [9]. Zhang Guowei carried out four-point loading tests on ALC panels, finding
that ALC panel damage occurred mainly in the 45◦ zone, near the joints, in panel-panel
and frame-panel areas [10]. De Matteis and Llandolfo carried out numerical simulation
of a steel frame structure with cladding light wall panels. The results showed that steel
consumption in low earthquake zones could be reduced by 20%, while ensuring stability,
by replacing the support system with wall panels [11]. The connector between the ALC
panel and the main structure is a critical part in the steel structure; its performance directly

Buildings 2022, 12, 372. https://doi.org/10.3390/buildings12030372 https://www.mdpi.com/journal/buildings119



Buildings 2022, 12, 372

affects the stiffness, stability and bearing capacity of the structural system [12,13]. Wang
Bo conducted low-cycle repeated loading tests of ALC panel or block-filled CFST frame
structures. It was demonstrated that u-shaped steel clamps, swing joints and angles were
necessary to ensure that frames could work well under seismic action (in accordance with
the requirement of the plastic limit displacement angle: 1/50) [14]. In the process of using
the wall panel and the steel frame cladding connector, not only should the structure be
firmly connected, but the deformation of the two parts should also be coordinated under
several kinds of impact. If the connector is broken during an earthquake, the wall panel
will fall off and cause serious secondary disasters [15].

In China, there is little research on the connection of cladding panels—the main
connection method used is the hook bolt. Although the hook bolt is easy to assemble, and
is seismically resistant when the panel is not deformed greatly, the bolts are connected to a
steel angle which is welded to the steel beams through an opening that penetrates the wall.
During long periods of suspension or seismic loading, the hole will be damaged, which
will reduce the connection between the panels and even cause the panels to fall off [16,17].
Although the Nanjing Xujian Company innovated a kind of wall panel connection connector
for NALC panels, it requires special processing in the factory, and mortar needs to be
poured on site—in contradiction to the prefabricated building approach currently being
promoted [18]. Cao Shi et al. evaluated a new type of ALC connector, which consists
of steel angle, stiffening floor, and embedded parts of the wall panel. The experimental
results showed that the new type of node had good mechanical properties and broad
potential practical application [19]. The embedded node compensates for the defect of
the bolt connection of the hook head to some extent, but its structure is intricate, field
installation speed is slow, and cost is high. In addition, errors in production, construction
and transportation may lead to size changes, resulting in insufficient precision, preventing
utilization [20,21].

In order to solve the above problems, based on our previous work, two new types of
ALC connectors were proposed. In these, the ALC panel is supported from the bottom by a
new connector instead of being hooked by a traditional L-hooked bolt; at the same time,
the sliding holes are reserved to offset the seismic load. This kind of connector overcomes
some of the defects of the existing connector and has advantages of no wet work, simple
structure, convenient construction, high construction speed and good seismic performance.
To guarantee the reliability of the connector, experimental investigations of full-scale steel
frame models incorporating two panel connection types subjected to low cyclic reversed
load test were conducted.

2. Details of Research

2.1. Connector Design

When a building structure has a large lateral shift, damage to panels can be reduced
depending on their sway which is driven by the node. Therefore, two new types of
connectors were designed to enable the ALC panel and steel frame to connect stably to
form an integrated structural system, such that deformation due to external forces can be
managed. The design of the connectors followed the design concept of “keep stable in
small earthquakes, can be repaired after medium earthquakes, and no collapse in a large
earthquake” [22]. The traditional L-hooked bolt is connected by angles which are as long as
a steel beam, so high temperature in one place quickly affects the functioning of the whole
ALC wall. This creates high risk of fire. However, the new connector is an independent
component applied to the whole ALC wall. This means that, in a fire environment, even if
one part suffers from high temperature, it will not immediately affect the working condition
of other connections.

The new ALC crossing panel connector combines load-bearing holes and limitation
holes to form a cross-shaped connector. It includes an I-beam, an ALC panel, a cross-shaped
connector, a bolt and a nut. The new ALC pendulous Z-panel connector can be divided into

120



Buildings 2022, 12, 372

an upper node and a lower node. An I-beam, ALC panel, full-length steel angle, common
bolts and nuts, and a Z-node panel are the main components.

In order to facilitate installation, a slotted hole is opened in the upper part of the
connector as the lower load-bearing node of the upper exterior wall panel, which bears the
vertical, outward horizontal and inward horizontal loads of the upper exterior wall panel;
a long circular hole is opened in the lower part of the connector in the horizontal direction,
with a hole diameter slightly larger than the diameter of the bolt; the type of upper bolt
hole is a long circle hole, which allows a sliding displacement of 75 mm. As the upper limit
node of the lower exterior wall panel no longer bears the load in the inward horizontal
direction, it can enable the panel and the main structure to work together. The ALC panel
connectors are shown in Figure 1.

Figure 1. ALC panel connectors: (a) L-hooked bolt; (b) Pendulous Z-panel connector; (c) Crossing
panel connector.

2.2. Experimental Design

Full-sized steel frames were selected for the low cyclic reversed load tests. According
to the standards for residential building height, column span, beam and column section
size, the final design for a story height of 3000 mm, requires a 3400 mm single span plane
steel frame. In this test, there were three sets of specimens connected to the panel and the
main frame, respectively, as shown in Table 1.

Table 1. Information about the test specimens.

Specimen Connector Type

SFW1 L-hooked bolt
SFW2 Crossing panel connector
SFW3 Pendulous Z-panel connector

All specimens were prefabricated at the factory according to dimensional requirements.
The panels were ALC panels, of dimensions, 600 mm wide, 200 mm thick and 3000 mm
high. The wall was made of five external ALC panels, and the seams of the panels were
made of ALC panel special patchwork binder. The length of the L-hooked bolt was 200
mm and the specification was M12. The beams were designed as HM244 mm × 175 mm
× 7 mm × 11 mm, beam length 3800 mm; the column was designed as HW200 mm × 200
mm × 8 mm × 12 mm, column height: 3888 mm. The connectors were Q345, and the other
steel members were Q235 hot-rolled H-beams; the ALC panels were A3.5 B05 standard [23].
After all the specimens were produced and maintained, they were then delivered to and
assembled on the test site. The setup process and overview of the test specimens are shown
in Figures 2 and 3 below.
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Figure 2. Assembling process: (a) Construction of steel frame; (b) Connectors are welded on beam; (c)
ALC panels are assembled in order; (d) Bolts are connected to the connectors; (e) Special patchwork
binder filled in the seam between ALC panels; (f) MTS device is connected to column.

 

Figure 3. Overview of the test specimens: (a) SFW1; (b) SFW2; (c) SFW3.

2.3. Experimental Facility and Setup

In this test, an American MTS servo-loading system with actuator displacement stroke
of 500 mm was used. In this experiment, a quasi-static loading scheme was adopted in
which a horizontal, low-cycle reciprocating load was applied to the top of the column, and
the top panel of the column was connected with the hydraulic servo actuator. The test
loading device is shown in Figure 4.

Figure 4. Test loading devices.
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As illustrated in Figure 5, the experimental loading device consisted of an electro-
hydraulic servo-loading system, hydraulic jack, hydraulic actuator, connecting rod, anchor
bolt, and reaction frame. For the loading test, the electro-hydraulic servo loading system
was attached to the actuator.

  
(a) (b) 

Figure 5. Photograph of the test devices: (a) MTS servo-loading system; (b) the actuator of MTS
with column.

2.4. Material Properties

Six 100 mm × 100 mm × 100 mm and three 100 mm × 100 mm × 300 mm ALC cube
test blocks were poured under the same conditions, as shown in Figure 6. All samples
were manufactured and maintained under the same conditions, according to “The test
methods for autoclaved aerated concrete” (GB/T 11969-2020) [24]. For the steel properties,
steel coupons, according to GB/T 228.1-2010 [25], were cut from steel tubes and sheets
and assessed to determine the tensile strength, modulus of elasticity, as well as breaking
elongation. Table 2 shows the results of the steel material tests. Table 3 shows the ALC
panel mechanical performance index.

   
(a) (b)  (c)  

Figure 6. Material properties test: (a) Universal testing machine, (b) ALC test blocks, (c) Test steel coupons.

Table 2. Material properties of steel.

Specimen
Thickness

(mm)
Yield Stress

(N/mm2)
Ultimate Stress

(N/mm2)
Elongation Stress

(%)

Steel beam flange 11 263.4 401.6 25.2
Steel beam web 7 275.3 411.3 22.3

Steel column flange 12 289.5 435.4 24.7
Steel column web 8 278.2 409.8 20.8

Connector 10 376.6 510.1 19.6
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Table 3. Material properties of ALC panel.

Specimen
Specimen Dimension

(mm)
Measured Compressive

Strength (MPa)
Elastic Modulus (GPa)

Sac1 100 × 100 × 100 3.89
Sac2 100 × 100 × 100 2.97
Sac3 100 × 100 × 100 3.26
Sac4 100 × 100 × 100 3.78
Sac5 100 × 100 × 100 3.96
Sac6 100 × 100 × 100 3.49

Average 3.56
Sae1 100 × 100 × 300 1640
Sae2 100 × 100 × 300 1880
Sae3 100 × 100 × 300 1790

Average 1770

2.5. The Experiment Loading System

For loading, the displacement control method was used. Figure 7 illustrates the
loading system. After yielding, displacement was applied, the process was repeated three
times for each displacement. The push-down was positive, while the pull-up was negative.
According to the inter-story displacement angle index of the GB50011-2010 “Code for
Seismic Design of Buildings” [26], the limit value of the interlayer displacement angle for
light and medium earthquakes is 1/250, while the limit value of the interlayer displacement
angle for rare earthquakes is 1/50.

Figure 7. Loading system.

The test was preloaded with 2 mm, loaded for three turns, to ensure that the steel
frame loading version and the splice gap of the booster were fully adjusted. Then the load
was controlled by the displacement angle, where the maximum displacement angle was
3/10 (90 mm). Three turns were loaded at each stage before 1/250, 1/600, 1/500, 1/400,
1/350 and 1/300 cycles, and two turns were loaded at each stage afterwards (1/250, 1/200,
1/100, 1/75, 1/50, 1/40, 3/10 cycles).

3. Experimental Results

3.1. Specimen SFW1

Specimen SFW1 was a traditional L-hooked bolt which connects to the external ALC panel
with a steel frame. When the displacement angle reached 1/500 (±6 mm cycle), cracks appeared
in the joint mortar at the bottom of the No.1 and No.2 panel joints, as shown in Figure 8a. When
the displacement angle was between 1/300 and 1/250 (±10–12 mm cycle), small fragments of
ALC panels were constantly falling off, caused by the pressure between the panels, as shown
in Figure 8b. When the displacement angle reached 1/200 (±15 mm cycle), there was obvious
dislocation between the panels which had fallen off the patchwork joints, which made a sliding
sound between the retaining steel bars and the edge of the panel, as shown in Figure 8c. When
the displacement angle reached 1/75 (±40 mm cycle), angle steel welds on the upper part of
No.2 panel broke, and in the hole of the L-hooked bolt under No.3 panel an extended crack
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appeared, as shown in Figure 8d,e. When the displacement angle reached 1/40 (±75 mm cycle),
the L-hooked bolt became flexible and started swinging, the corners of each panel broke, and
at the holes of the L-hooked head bolts under No.4 and No.5 panel extended cracks appeared.
Meanwhile, the holes of the bolts began to expand, the bolts swinging with the steel angle as
the displacement was applied, as shown in Figure 8f,g. When the displacement angle reached
±90 mm, the left upper beam-column joints made a loud sound because of fracture of the weld,
as shown in Figure 8h.

  
(a) (b) 

  
(c) (d) 

  
(e) (f) 

  
(g) (h) 

Figure 8. Experimental results of SFW1: (a) cracks appeared in the joint mortar panel joint; (b) ALC
debris falling off; (c) obvious dislocation between panel; (d) angle steel weld fracture; (e) extended
cracks at bolt holes; (f) the broken phenomenon of the panel angle; (g) the upper bolt holes expand
and bolt wobbled; (h) weld fracture.
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3.2. Specimen SFW2

Specimen SFW2 was the new crossing panel connector. In the process of loading to
the displacement angle 1/100 (±30 mm cycle), a friction sound between the enclosure
reinforcement and the end panel occurred. There was still no significant change in the
frame and panel, although the bolt at the upper panel connector slipped within its bolt
hole, implying that the follower performance of the junction was quite good, as shown in
Figure 9a. When loading to 40 mm, small pieces of debris came off, and the corner of the
panel behind panel No. 5 was broken, as shown in Figure 9b. When loading to 60 mm, the
maximum limitation of the limitation hole was reached, the stiffness significantly increased.
the splicing mortar between No.1 and No.2 panels broke, cracks appeared in the lower
left corner panel corner of No.1 panel, cracks appeared in the back panel corner of No.2
panel with steel frame, and the relative movement between No.1 and No.2 panels could
be seen, as shown in Figure 9c. When loading to 75 mm, cracks appeared at the upper
bolt holes of No.2 and No.3 panels, and the lower node of the second panel was loose.
Obvious interpanel dislocation could be seen, as shown in Figure 9d,e. At 90 mm loading,
the mortar of the joints collapsed between No.2 and No.3 and No.3 and No.4 panels, and
the corner of the back of the No.1 panel was broken off, as shown in Figure 9f.

 
(a) (b) 

  
(c) (d) 

  
(e) (f) 

Figure 9. Experimental results of SFW2: (a) upper connector slipped within bolt hole; (b) corner
panel was broken; (c) splicing mortar broke and relative movement; (d) cracks appeared at the upper
bolt holes; (e) obvious interpanel dislocation; (f) corner of the panel back was broken off.
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3.3. Specimen SFW3

Specimen SFW3 was the new pendulous Z-panel connector. Before test loading to the
displacement angle 1/250 (±12 mm cycle), there was no obvious change in the frame and
no cracks appeared in the panel. However, the bolt at the upper panel connector slipped
within its bolt hole, which made a friction sound, indicating that the slipping mechanism
of the panel connector did work, as shown in Figure 10a. When the displacement angle
reached 1/200 (±15 mm cycle), a vertical crack appeared in the bottom of the No.2 panel,
as shown in Figure 10b. When the displacement angle reached 1/100 (±30 mm cycle),
cracks in the bottom of No.2 panel extended, and the back corner of No.4 panel broke, as
shown in Figure 10c, because of the further enhancement of the panel-panel displacement.
When the displacement angle reached 1/75 (±40 mm cycle), the bonding mortar between
No.1, No.2 and No.4 and No.5 cracked. A small amount of shedding of fragments, as
shown in Figure 10d, occurred. When the displacement angle reached 1/40 (±75 mm
cycle), extended cracks at bolt holes in No.1. Obvious dislocation between panels could
be seen, shown in Figure 10e. At 60 mm displacement angle, the maximum limitation
of the limitation hole was reached, and stiffness was significantly increased. When the
displacement angle reached 90 mm, new vertical cracks appeared in the bottom of the No.2
panel, and the fragments of back corners of No.3 and No.4 panels fell off, as shown in
Figure 10f,g.

  
(a) (b) 

  
(c) (d) 

  
(e) (f) 

Figure 10. Cont.
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(g) 

Figure 10. Experimental results of SFW3: (a) slip in bolt holes and bolts; (b) crack in the bottom
of panel No. 2; (c) cracks extended and corner broken; (d) mortar crack; (e) obvious dislocation in
panels; (f) extended cracks at bolt holes; (g) fragments of back corners.

4. Discussion

4.1. Load-Displacement Hysteretic Behavior

Measured cyclic response curves (hysteretic curves) obtained from all specimens
are given in Figure 11. With increasing column end displacement, the overall stiffness
degradation and the strength degradation of SFW1 at the same level loading were observed;
the same phenomenon occurred with SFW2 and SFW3, though this was relatively less
obvious when compared to SFW1. This was mainly attributed to: the frame gradually
moving from the elastic stage to the elastic-plastic and plastic stage, mortal splitting between
ALC panels or blocks, cracking and crushing on the ALC panels plastic deformation, and
welding fracture at the beam-to-column connections and wall-to-frame connections, which
resulted in composite frame destruction and partial transmission of mutual forces. The
reason why this was less obvious for SFW3 was that the new connectors gave more stiffness
to the frame and did not allow it to go through the elastic-plastic and plastic stages for a
loaded displacement of 90 mm, as occurred with SFW1.

   
(a) (b) (c) 

Figure 11. Hysteric curves of SFW1 (a), SFW2 (b) and SFW3 (c).

The hysteresis curves of all three types of ALC panel connected frames were inverse
S-shaped. As shown by B. Wang [14], the contribution of the facade to the antiliteral load
is greater than that of the pure steel frame. At the same displacement level in the late
stage, the load carrying capacity of the cross-panel connector group and the pendulous Z
panel connector group (specimens SFW2 and SFW3) was greater than that of the L-hooked
bolt group (specimen SFW1). More importantly, specimen SFW1 was more brittle than
specimens SFW2 and SFW3 in terms of the experimental evaluation of stiffness degradation
and strength degradation, under the same horizontal load. This was due to the fracture
of the weld between the L-hooked bolt group (SFW1) and the angle at the 75 mm stage,
which resulted in degradation in stiffness and loss of load-carrying capacity after 75 mm,
although its load-carrying capacity was previously higher than the other groups. In contrast,
specimens SFW2 and SFW3 were in swaying energy dissipation in the early stage (before
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30 mm) and provided higher stiffness and load capacity for the frame in the later stage due
to the restricted displacement of the slip on the bolt hole.

4.2. Skeleton Curve

The skeleton curve connecting the peak points of each cyclic loading curve of the
hysteresis curve of the structure and members reflects the link between peak loads and
corresponding displacements from the specimen’s hysteresis loops, such as the characteris-
tics of the different stages of force and deformation of the specimens. As can be seen from
Figure 12, the trends in the skeleton curve of the three groups of specimens were basically
the same. Each specimen experienced the three stages of elasticity, elastomer-plasticity
and damage. The skeleton curves were approximately S-shaped, and the trend in stiffness
degradation was more obvious.

  
(a) (b) 

Figure 12. Skeleton curves of SFW1 and SFW2 (a) and SFW1 and SFW3 (b).

In the early stage (5–40 mm cycle), the trends in the skeleton curves of the three
groups basically overlapped. SFW1 was larger than SFW2 and SFW3, indicating that both
specimens were in the elastic stage. However, because the bolts of the new connectors of
SFW2 and SFW3 slid in the limitation holes with loading, their load capacity and stiffness
were less than that of the L-hooked bolt connector (SFW1), which means the new connector
effectively released the energy. In the intermediate stage of the test (40–75 mm cycle), the
partial rigidity of the new connector (SFW2 and SFW3) was only demonstrated after the
displacement of the new connector bolt at the limitation hole had reached its limit. Due to
the rigid connection of SFW1 entered the yielding stage first, the rise in the load-carrying
capacity of SFW1 became flat as the displacement loading was exceeded by SFW2 and
SFW3. At this point, the new connectors (SFW2 and SFW3) started to contribute stiffness to
the frame, making the frames’ load capacity higher. During the later 75–90 mm cycle stage,
each of the specimens was in the yielding stage. The curve for SFW1 fluctuated suddenly,
then rapidly started to decrease to a value much smaller than those for SFW2 and SFW3.
This was because as the weld of the L-hooked bolt (SFW1) with the angle steel broke at
75 mm loading, the connection type of SFW1 became too flexible overall, and the stiffness
contribution of the frame decreased rapidly. The bearing capacity of the L-hooked bolt
started to reach its peak, then rapidly entered the damage phase, which was obviously
smaller than for the situation with SFW2 and SFW3. The connection types of specimens by
displacement loading is show in Table 4.
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Table 4. Connection types of specimens by displacement loading.

Loading Cycle Signs of Test Phenomena
Connection Type

SFW1 SFW2 SFW3

Early stage
0–40 mm cycle

The displacement of the new connector
bolt at the limitation hole had reached

its limit

Rigid Flexible Flexible

Intermediate stage
40–75 mm cycle Weld of L-hooked bolt (SFW1) with

angle steel broken

Rigid Partial
rigid

Partial
rigid

Late stage
After 75 mm cycle Flexible Major

rigid
Major
rigid

Table 5 summarizes characteristic yielding and peak points of specimens based on
envelope curves. Three typical characteristic points were introduced in accordance with
Figure 12 shown in the JGJ/T 101-2015 [27]. Point 1 represents the yield point and point 2
shows the ultimate load and corresponding displacement of the composite structure. With
the benefit of the sliding holes of the new connections, the yield loads of SFW2 and SFW3
increased by 13.8% and 10.6% compared to SFW1, respectively. The maximum bearing
capacity of specimen SFW1 decreased by 8.9% compared to specimen SFW2 and decreased
by 13.3% compared to specimen SFW3. In terms of yield displacement, SFW2 and SFW3
were delayed by 13.6% and 12.7%, respectively. With respect to ultimate displacement,
SFW2 and SFW3 were delayed by 22.7% and 30.0%, respectively. This showed that the new
ALC panel connectors (SFW2 and SFW3) not only increased elastic stiffness in the early
stage, but also provided some stiffness after the early stage, with enhanced ultimate bearing
capacity compared to SFW1. The results indicated that the new ALC panel connectors
(SFW2 and SFW3) greatly improved the bearing capacity and stiffness of the composite
frame when compared to the L-hooked bolt (SFW1).

Table 5. Skeleton curves of specimens.

Specimens
Yielding Point Peak Point

Py (kN) Δy (mm) Pm (kN) Δm (mm)

SFW1 137.65 51.75 169.19 68.58
SFW2 156.59 58.77 185.68 84.17
SFW3 152.3 58.32 195.15 89.13

4.3. Deterioration in Stiffness

Stiffness degradation is another metric for describing the seismic behavior of struc-
tures [28]. Stiffness steadily deteriorates as the lateral drift in the quasi-static test load
increases—this degradation is typically regarded as a critical index for determining the
extent of structure collapse. In this investigation, the equivalent stiffness method was used
to characterize the stiffness of the connectors. Equivalent stiffness is given by the slope of
the line connecting the maximum value of the reaction force (positive and negative) of each
step of loading. The secant stiffness of each frame during the mean value of cycles of each
amplitude loading is shown in Figure 13. The formula for secant stiffness is as follows:

Kj =
n

∑
i=1

Pi
j /

n

∑
i=1

ui
j (1)

As for the 40 mm cycle, the deterioration in stiffness of SFW2 and SFW3 appeared
to increase briefly because the bolts of the new connectors reached the limitation of the
limit holes. This was also the reason that the initial deterioration in stiffness of SFW2 and
SFW3 was slower than SFW1 during the beginning of loading. As for the 40 mm cycle,
the deterioration in stiffness of SFW2 and SFW3 appeared to increase briefly because the
bolts of the new connectors reached the limitation of the limit holes. Then, in the 60–90 mm
stage, the deterioration of stiffness of SFW1 decreased sharply, while the SFW2 and SFW3
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were relatively flat and exceeded SFW1 at 60 mm. The averages of the three groups of dete-
rioration of stiffness after the elastic stage were 2.15, 2.38 and 2.43, respectively. Compared
to the traditional L-hooked bolt (SFW1), SFW2 increased by 10.6% and SFW3 increased by
13.0%. This indicated that the bearing capacity of the new ALC connectors was larger than
for the L-hooked bolt. The new ALC connectors showed good stiffness characteristics.

Figure 13. Deterioration of stiffness of specimens.

4.4. Energy Dissipation

The dissipation energy capacity of the structure at the drift angle was measured by the
area of stress to strain enclosed. The energy dissipation capacity of the structure is closely
related to the area of the hysteresis loop [29]. The more the structure dissipates energy, the
safer the structure and the less likely it is to be damaged.

The equivalent damping factor (ξe) was defined by Equation (2) [30]. The area diagram
is shown in Figure 14. The area surrounded by the ABCF curve is the energy dissipation
capacity of the structures.

ξe =
1

2π
· SABC + SCDA

SOBE + SODF
(2)

Figure 14. The dissipation capacity area.
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The energy dissipation parameters of specimens at ultimate state are listed in Table 6.
The total dissipation energy Wtotal is defined as the areas of the hysteresis curves when
specimens are under ultimate state. The energy dissipation capacity of the specimen is
expressed by the energy dissipation factor DE. The energy dissipation coefficient DE can be
defined as:

DE =
SABC + SCDA

SOBE + SODF
(3)

The energy-dissipating capacity (DE) of specimens is shown in Figure 15. This shows
the equivalent damping factor (ξe) versus the relative horizontal displacement relationship
of the specimens. The overall trend of the curves was that the equivalent damping factor
(ξe) of SFW1 reduced rapidly with increasing relative displacement (0–10 mm), then
increased rapidly (after 10 mm). The new connectors (SFW2 and SFW3) also showed this
phenomenon, except with a delay starting in a slow decline until 40 mm, and a rapid
raise after 60 mm. The difference was that the equivalent damping factor (ξe) of SFW2
and SFW3 rose quickly in the 0–40 mm stage because the bolts of the new connectors
were dissipating energy by sliding in the limitation holes. At a displacement less than
52.7 mm, the equivalent damping factors (ξe) of SFW2 and SFW3 were larger than for
SFW1. Subsequently, at each equivalent level load, SFW1 was slightly larger than SFW2
and SFW3, and was overtaken by them after 80 mm.

Table 6. Energy dissipation parameters of specimens at ultimate state.

Specimen Displacement (mm)
Wtoal

(kN·mm)
ξe DE

SFW1 68.58 5522.7 0.06916 0.4346
SFW2 84.17 11,008.2 0.08505 0.5344
SFW3 89.13 12,776.5 0.08594 0.5405

The total dissipation energy Wtotal, the equivalent damping factor (ξe) and the energy-
dissipating capacity (De) of the frame with new connectors (SFW2 and SFW3) with ALC
panels were obviously larger than that of the L-hooked bolt (SFW1) at the ultimate limit
stage. At the ultimate state, the total dissipation energy Wtotal of SFW2 and SFW3 improved
by 99.3% and 131.3%, respectively, compared to SFW1. For the equivalent damping factor
(ξe) and the energy-dissipating capacity (De), SFW2 increased by 23.0% and SFW3 increased
by 24.4%. Generally, the frame with new connectors with ALC panel had good dissipated-
energy capacity. Compared with Wang J.’s study [7], the new connectors had better seismic
performance and energy dissipation performance, as shown in Table 7.

Table 7. Comparison of the energy dissipation parameters of specimens at ultimate state.

Specimen
J. Wang

Specimen [7]
Type ξe DE

SFW1 L-hooked bolt 0.06916 0.4346
SFW2 Pendulous Z-connector 0.08505 0.5344
SFW3 Crossing connector 0.08594 0.5405

SFW2 L-hooked bolt 0.077 0.484
SFW3 Rocking connector 0.079 0.496
SFW4 U-typed connector 0.082 0.515
SFW5 Angle steel 0.084 0.528
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Figure 15. Energy-dissipating capacity (DE) of specimens.

5. Conclusions

This paper proposed two new types of ALC panel connectors, based on the shortcom-
ings of L-hooked bolts at construction sites. Cyclic loading tests of the steel frames with
ALC panel were carried out. The new connectors meet the requirements of the design and
are easy to assemble. The test results obtained can be summarized as follows:

1. The new connectors and traditional L-hooked bolt conformed to the seismic design,
and all of them remained undamaged and in good working status at an inter-story
displacement angle of 1/50 (60 mm). However, the traditional L-hooked bolt broke
the weld at 1/40 (75 mm), while the new connectors showed good hysteretic perfor-
mance and ductility. Even at larger displacement (90 mm), the new connectors were
still reliable.

2. In terms of hysteresis loops, each specimen approached an inverse S-shape and
“rheostriction” phenomenon was obvious. The hysteresis loops of the new connectors
were fuller than for the L-hooked bolts. The maximum bearing capacity of the new
connectors increased by 8.9% and 13.3%, respectively, compared to the L-hooked bolt.
As for the yield loads, the pendulous Z-panel connector increased by 13.8% and the
crossing panel connector increased by 10.6%. In terms of yield displacement, the new
connectors delayed by 13.6% and 12.7%, and for the ultimate displacement delayed
by 22.7% and 30.0%, individually.

3. The new connectors had better energy consumption capacity (De). Compared to
the traditional L-hooked bolt, deterioration of stiffness after the elastic stage for the
pendulous Z-panel connector increased by 9.7% and for the crossing panel connector
increased by 11.5%. In the early stages of loading, the De of the new connectors were
lower than the L-hooked bolt. When the bolt at the limitation hole reached its limit,
it provided stiffness to the frame. The new connectors are suitable for areas where
small earthquakes are frequent and can extend the durability of steel prefabricated
buildings under high frequency earthquakes.
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Abstract: In electrical substations, glass-fibre reinforced polymer (GFRP) insulators provide an
alternative to porcelain insulators for better seismic performance. The bonded connection between
the composite tube and the metal end fitting is a weak link under earthquake actions, and the
failure risk of ultra-high voltage (UHV) substation equipment with GFRP composite insulators can
be considerable in places with high seismicity. This study solved the problem by retrofitting and
experimentally qualifying the seismic performance of surge arresters made of composite insulators.
To ensure safety under a bending moment corresponding to the seismic demand, the bonded sleeve
joint between the tube and end fitting was retrofitted by shear stiffeners and higher strength end
fitting. A full-scale shaking table test was carried out to verify the performance of the retrofitted surge
arrester, and the seismic responses to increasing earthquake actions were analyzed. The specimens in
this study were full-scale, had the largest dimensions among substation equipment of the same type,
and were subjected to an extremely high earthquake action of 0.5 g; therefore, the seismic testing
results produced in this study can serve as an important reference for the industry.

Keywords: GFRP insulators; seismic performance; bending; joints/joining; shaking table test

1. Introduction

The seismic safety of electrical equipment in substations is essential to the reliability
of a power system [1–3]. Substations install a range of cylindrical electrical equipment,
such as surge arresters, capacitor voltage transformers, and post insulators. These items are
traditionally manufactured using porcelain insulators composed of ceramic material that is
brittle and fragile, resulting in a significant risk of failure in earthquakes. Figure 1 shows
porcelain insulators that were damaged in the 2008 Wenchuan earthquake in China [4];
similar failures occurred in the 1977 Vrancea earthquake in Romania [5], the 1989 Loma
Prieta earthquake in the United States [6], the 2011 Tohoku earthquake in Japan [7], the
2011 Christchurch earthquake in New Zealand [8], and the 2013 Lushan earthquake in
China [9]. Due to insulation clearance requirements, electrical equipment in ultra-high
voltage (UHV) substations, which are the substations with the highest voltage, becomes
substantially taller [10,11]. The normal height of cylindrical electrical equipment in the
primary circuit of a substation, such as the 1000 kV surge arrester examined in this study, is
approximately 10–15 m, and the diameter of an insulator is approximately 0.3–0.7 m. In
seismic hazardous areas, the usage of porcelain insulators for UHV electrical equipment
may pose a significant seismic risk [12].

Buildings 2022, 12, 1720. https://doi.org/10.3390/buildings12101720 https://www.mdpi.com/journal/buildings136
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Figure 1. Seismic failure of porcelain insulators in the M7.9 Wenchuan earthquake in 2008.

Insulators made of glass-fibre reinforced polymer (GFRP), referred to herein as com-
posite insulators [13], are potential alternatives for replacing porcelain insulators due to the
high strength and excellent electrical insulation properties of GFRP [14]. Composite insula-
tors in substations have a service history dating back to the 1980s [15], but there has been
no report on their performance after earthquakes. In the past ten years, composite insula-
tors have emerged in UHV substations, with the majority being used in lightweight post
insulators. Several earlier studies found that UHV equipment with composite insulators
still lacked seismic strength, necessitating the use of special seismic isolation devices [16,17].
As a result, the adaptability of composite insulators in substations located in regions of
high seismicity is hindered.

Composite insulators are made of GFRP tubes and metal flanges at both ends. The
joints between the GFRP tube and the metal flange could be vulnerable to lateral loads by
earthquakes [18]. The joints are categorized into three types: crimped joint [19,20], bolted
sleeve joint [21,22], and bonded sleeve joint [23,24]. For crimped joints, the procedure
of crimping produces significant residual stress, which works well for solid core insula-
tors [25,26] but is not good for hollow core insulators, as the crimping process could crack
the tube. Through bolts link the sleeve of the flange to the composite tube in a bolted sleeve
joint. The penetration of bolts to the hollow core beam is often used in the beam-column
joints [27,28] of composite structure buildings. For electrical equipment, the cavity of the in-
sulator often houses valve plates and should not be penetrated. A bonded sleeve joint joins
the GFRP tube and the sleeve of flange with an adhesive layer, which is more appropriate
for hollow core insulators. Studies on bonded connections in engineering structures mostly
focus on axial loads or torque loads [29–31], but bending is a less-researched subject [32].
However, composite insulators in substation equipment are primarily subjected to bending
resulting from wind or earthquake actions. Cracking of the metal flange, tearing of the
composite tube at the bonding zone, and slippage at the bonding interface were identified
as potential failure modes based on bending tests of composite insulators [33–37]. However,
investigations on retrofitting the bonded sleeve joint of composite insulators to undertake
larger seismic actions are scarce.

Clause 8.6 of the standard Q/GDW 11391 [38] recommends performing an electrical
test following seismic testing to validate its electrical functionality. Thus, it is recommended
to use full-scale or “real” equipment as a test specimen so that electrical testing can be
performed. Currently, full-scale shaking table tests of cylindrical electrical equipment with
composite insulators are still limited. For example, 230 kV switches [39] and transformer
bushings in various voltage levels [40] were tested in the United States, and a 380 kV
circuit breaker [41] was tested in Italy. Some kinds of UHV equipment, such as a 1000 kV
composite gas-insulated switch bushing [42] and ±800 kV composite post insulator [43],
have been tested. Previous studies have not dealt with a full-scale test of a 1000 kV surge
arrester with GFRP composite insulators.
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The objective of this study was to improve and validate the seismic performance of a
1000 kV surge arrester with GFRP composite insulators to meet safety requirements under
an extreme seismic action, thereby making the newly designed equipment suitable for
installation in any seismic hazard zone in China. The 1000 kV surge arrester is an essential
item in UHV substations, with the heaviest weight of all types of cylindrical equipment.
The decision to retrofit was made since similar equipment had only passed 0.2 g PGA
seismic testing [16]. In this study, the specimen and input motion in seismic qualification
are introduced in Section 2. The retrofitting design is given in Section 3, along with the
bending test results of the retrofitted specimen. The seismic performance of the retrofitted
equipment is validated in Section 4 using a full-scale shaking table test.

2. Input Motion, Specimen Description, and Seismic Demand Analysis

2.1. Input Motion

The 1000 kV surge arrester was designed to be installed in substations in high seismic
hazard areas, including one target substation located in the northern China earthquake zone.
It is a major earthquake zone, where the historic M 7.8 Tangshan earthquake happened
in 1976. The design earthquake action was 0.5 g peak ground acceleration (PGA) for 2%
exceedance probability in 50 years. The vital importance of the UHV substation in the
electrical grid system requires the installed equipment to have a safety margin larger than
1.67 under the design earthquake action, according to Chinese standard GB 50260 [44].

The acceleration spectrum defined in the Chinese standards [44,45] was plotted on the
left side of Figure 2, with a notation of RS 0.5 g. The acceleration spectrum with a resonant
period range of [0.1 s, 0.9 s] was chosen, making it independent of foundation soil types.
The tested equipment can be appropriate for installation in substations with various types
of foundation soil. This differs from the site-specific design of buildings and bridges. The
electrical industry prefers this type of equipment standardization due to the advantages of
employing standard production lines and having efficient stock management.

Figure 2. Acceleration spectrum of 0.5 g and 1.4 × 0.5 g PGA earthquake action in GB 50260 standard
(left) and artificial seismic wave compatible to the spectrum (right).

In substations, the 1000 kV surge arrester would be mounted on the top of a 5~8 m
steel supporting frame, as shown in Figure 3. Note that the height of the supporting
structure is determined by the requirement of ground insulation distance and the position
of nearby equipment interconnected with the surge arrester. The supporting structure
can be different even in the same substation. The seismic design and qualification of the
surge arrester usually consider a conservative dynamic amplification factor of 1.4, in order
to take the influence of the supporting structure into consideration [46]. Conversely, the
supporting structures are designed to have a dynamic amplification factor less than 1.4 [38].
During the testing, a linear amplification factor of 1.4 was directly applied to the input
excitation, resulting in an input PGA of 1.4 × 0.5 g. The acceleration spectrum is plotted on
the left side of Figure 2, with a notation of RS 1.4 × 0.5 g.
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Figure 3. The 1000 kV surge arrester with supporting structure installed in an UHV electrical
substation.

According to various standards on the seismic design of electrical equipment, includ-
ing IEEE 693 [47], GB 50260 [44] and Q/GDW 11391 [38], spectral matching is the primary
consideration [48] for input motion in the seismic qualification of a shaking table test. It is
typically necessary that the test spectrum (TS) envelops the required spectrum (RS) within
a tolerance of −10%/+50%. As a result, the artificial input motion depicted in Figure 2 was
used, as suggested by Q/GDW 11132 [45]. This artificial earthquake wave was created by
modifying the ground motion data from the Landers earthquake to match the RS in GB
50260 [44].

2.2. Specimen Description and Seismic Demand Analysis

An example of a hollow core composite insulator for cylindrical electrical equipment
is shown in Figure 4 [33]. The main component of the insulator is a hollow core GFRP
tube made by a fibre winding process. Epoxy adhesive is used to join the tube with
metal flanges at both ends. The metal flange comprises a sleeve bonded to the composite
tube and a flange plate bolted to a nearby insulator in the column. Silicone rubber sheds
attached to the outer surface of the tube and the electrical valve plates inside the tube are
non-structural components.

l

l

l

D

d

Figure 4. A section view of the hollow core composite insulator.

As depicted in Figure 5, the 1000 kV surge arrester, which was the specimen in this
study, consisted of four 2.78 m long composite insulators. The inner diameters, di, of the
GFRP tube were determined by the varistor installed inside the tube; the diameters were
535 mm, 600 mm, 600 mm, and 690 mm for insulators A1, A2, A3, and A4, respectively.

139



Buildings 2022, 12, 1720

The outer diameter, Di, was equal to d + 2t, in which t was the thickness of the hollow
core composite tube. The density of the GFRP composite was around 1800 kg/m3, and
the elastic modulus was around 22 GPa. Components such as the metal end fitting and
non-structural components were not modelled, but their masses were added to the model.
It weighed 600 kg at the top, representing the corona ring and bus bar at top. The masses
for insulators A1 to A4, excluding the mass of the composite tube, were 530 kg, 540 kg,
640 kg, and 640 kg.

H

d D - 

d D - 

d D - 

d D - 

Figure 5. Dimensions of the 1000 kV surge arrester with four composite insulators.

The seismic demand on the displacement of the cantilever structure is generally related
to the rigidity of composite tubes. The criteria limit for the deflection of the cylindrical
electrical equipment was 1/18 of its length, or 600 mm [49]. The safety margin requirement
of 1.67 limited it to 360 mm. Considering uncertainties in modelling, our target of deflection
was set to 300 mm in the design of the composite tube. A finite element (FE) model of the
specimen with the beam element was built, as shown on the left side of Figure 5, and the
thickness of the composite tube was taken as a variable, changing from 10 mm to 50 mm.
The response spectrum method was adopted in this parametric analysis. Figure 6 shows
that the targeted 300 mm deflection corresponded to a 24 mm thickness of the tube and
1.58 Hz of fundamental frequency. Thus, the thickness of the tube for the insulator at the top
was chosen as 25 mm, and a slightly larger thickness, 30 mm, was selected for the insulator
at the bottom. The inner/outer diameters of the four insulators became 535/585, 600/654,
600/654, and 690/750 (in millimetres). These values were adopted in the production and
experiments in this study.

Figure 6. Relationship among tube thickness, deflection at the top, and primary frequency.

The vibration modes of the equipment are shown on the right of Figure 7, and the
frequencies of the first three modes were 1.73 Hz, 8.8 Hz, and 22.5 Hz. By inputting the
1.4 × 0.5 g PGA seismic motion, a time history analysis was carried out to estimate the
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seismic demand of the specimen. As depicted in Figure 8, the bending moment at the
base was 665 kN·m, and the displacement at the top was 265 mm. A safety margin of 1.67
demanded that the composite insulator should withstand a bending moment of 1112 kN·m.

       

Figure 7. FE model of the 1000 kV surge arrester (left) and the first three mode shapes (right).

Figure 8. Seismic demand estimation of the 1000 kV surge arrester based on the linear FE model,
according to the acceleration spectrum in the GB 50260 and Q/GDW 11391 standard.

3. Bending Test of Composite Insulator with Retrofitted Bonded Sleeve Joints

3.1. Bonding Failure at the Joint of Composite Insulators under Bending

As depicted in Figure 4, the bonded sleeve joint of the composite insulator utilized
epoxy as the adhesive, and a layer of epoxy was created between the inner face of the
metal sleeve and the outer face of the composite tube. Figure 9 illustrates that the bending
moment is resisted by tangential shear and lateral pressure stress at the cohesive joint.

Figure 9. The bonded connection at the end of the composite insulator.

When the combined stress reaches a threshold, bonding failure may happen. Previous
testing on an 800 kV composite post insulator by the authors [33], as seen on Figure 10a,
revealed that the bonded joint at connection was a significant weak point. When the
load reached 33 kN, slippage or pull-out occurred at the bonding interface, resulting in
a significant loss of stiffness and loading capacity, as indicated by a sharp turn in the
loading–deflection curve shown in Figure 10b. The maximum stress on the composite tube
was approximately 80 MPa, considerably lower than the bending strength of the tube.
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(a) (b) 

Figure 10. Bonding failure of an 800 kV composite insulator under a cantilever bending test (a) and
loading–deflection curve (b) [33].

3.2. Bending Test of Composite Insulator Retrofitted with Shear Stiffeners

The bending failure of the composite insulator was found to be localized at the joint,
indicating that retrofitting may be focused on the bonded sleeve joints and the remaining
components could remain unchanged. Examining the joint revealed debonding at the
interface of the aluminium and epoxy layer, with no adhesion remaining on the inner
face of the aluminium flange, indicating the bonding strength between the epoxy and
aluminium was insufficient.

In order to enhance bonding, the manufacturer of the composite insulators designed
shear stiffeners at the bonding interface. As illustrated in Figure 11, fillisters were cut
into the inner surface of the sleeve and the outer surface of the GFRP tube, thus creating
a sequence of ring-shaped voids that were to be filled with epoxy. When the epoxy had
fully solidified, it turned into ring-shaped stiffeners inserted between the flange sleeve and
GFRP tube. Figure 11 illustrates the distribution of shear stresses at the flange sleeve and
the composite tube under bending moment. The stiffeners improved the shear resistance at
the bonding interface, thereby retrofitting the composite insulator for the bending load.

 

Figure 11. Section of the bonded sleeve joint for the GFRP composite insulator retrofitted by ring-
shaped shear stiffeners.

A full-scale bending test was conducted to evaluate the performance of the aforemen-
tioned retrofitting on the composite insulators of the 1000 kV surge arrester. Figure 12
shows the specimen, which was made up of 4 insulators and was 11.2 m long. The joints
at the insulators had ring-shaped shear stiffeners applied for retrofitting, and the flange
was made of cast aluminium. Figure 12a depicts the setup for the bending test. Figure 12b
illustrates the application of a cantilever force at the top, where the displacement was
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measured. The pull force at the top gradually increased until the bending failure of the
specimen. The testing setup and loading protocol followed the procedure in [49].

    
(a)  (b) (c) 

L i

i

F

Figure 12. Cantilever bending test of composite insulators retrofitted by shear stiffeners. (a) Test
setup. (b) Specimen and loading facility. (c) Cracking of the flange.

Figure 13 shows the loading–deflection curve of the bending test. When the loading
reached 78 kN (corresponding to an 867 kN·m bending moment), audible sound emission
and a minor drop in force occurred, indicating the debonding at the interface. However, as
shown in the zoomed window of Figure 13, the specimen continued to undertake lateral
loads, proving that the shear stiffeners were successful in preventing the development
of bonding failure at the interface. Following that, an abrupt failure occurred at the base
when loading reached 85.8 kN or 954 kN·m, as shown in Figure 12c. Interestingly, the
break appeared at the cast aluminium sleeve, contrasted sharply with the debonding at
the interface in the previous test (shown in Figure 10). By referring to the crack’s location
and orientation, it can be concluded the crack was brought on by tension stress, implying
the cast aluminium flange’s lack of tensile strength. The ultimate bending moment at the
bottom was 963 kN·m, lower than the targeted 1112 kN·m predicted in Section 2.

Figure 13. Cantilever loading–deflection curve recorded in bending test I.

3.3. Bending Test of Composite Insulator Retrofitted with Cast Iron Flanges

A second attempt to retrofit the specimen was carried out, in order to complete the
partially successful design in Section 3.2. The strength of the flange could be greatly
increased by exchanging the cast aluminium flange at the base for a cast iron flange. The
specimen’s weight only slightly increased as a result, and the cast iron flange could be
made using the same mould. Therefore, the specimen was kept the same as the one in
Section 3.2, with the exception that the flange at the base was made of cast iron.
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Figure 14 shows a repeat of the bending test, and Figure 15 depicts the loading–
deflection curve. An acoustic event was initially heard when the load was 74.7 kN. The
force was close to the 78 kN in Section 3.2, which corresponded to the initial debonding
at the joint that was stopped by the shear stiffeners. After that, a major acoustic emission
event occurred when the load was 96 kN with 780 mm deflection. The resistance force
slightly decreased, and the stiffness deterioration became more pronounced. This incident
could be caused by the partial breakdown of some shear stiffeners. Notably, the specimen
continued to withstand bending loads after 1067 kN·m, which indicated the structure’s
earthquake resilience.

 

Figure 14. Cantilever bending test of composite insulators retrofitted by shear stiffeners and cast
iron flange.

Figure 15. Cantilever loading–deflection curve recorded in bending test II.

When the load reached 117 kN or 1301 kN·m with 1080 mm deflection at the top and
115 MPa stress at the tube, the testing was ended. The testing was terminated because
of safety concerns in the laboratory. This load was considerably larger than that of the
estimated seismic demand in Section 2. As shown on the right side of Figure 12, the
specimen was inspected after the test. The effectiveness of the retrofitting at the bonded
sleeve joint was demonstrated by the absence of slippage in the bonded interface or crack
on the metal flange.

4. Seismic Performance Validation by Full-Scale Shaking Table Test

4.1. Testing Design

In this section, a full-scale shaking table test was conducted as a direct method of seis-
mic performance validation of the surge arrester with the retrofitted composite insulators.
All of the electrical parts had been assembled inside the surge arrester, and the insulators
utilized were the same as those in the flexural test. The specimen was fixed on a 4 m by
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6 m shaking table, as shown in Figure 16. Sensors were arranged as shown in Figure 17.
It included strain gauges at the bottom of each insulator and accelerometers at the top.
Displacements of the specimen can be acquired by integrating the acceleration curve, and
deflections of the specimen can be obtained by subtracting the displacement at the top of
the specimen from the displacement at the shaking table.

  

Figure 16. Shaking table test of the 1000 kV surge arrester with GFRP insulators.

L

W

Figure 17. Sensor arrangement in the testing.

The testing schedule is listed in Table 1. The influence of vertical stimulation was
minimal due to the axial symmetric shape of the equipment and upright installation
position. In the test, the base excitation was input in a single horizontal direction. The GB
50260 compatible artificial ground motion forms the major testing cases, as explained in
the selection of input motion in Section 2.1.

Typically, in shaking table testing, both the artificial ground motion and the recorded
ground motion excitation should be used. However, over-testing should be avoided for
consistency in the succeeding test since the same full-scale specimen was used in electrical
performance testing after seismic qualification. The recorded seismic motion excitation
test was therefore not planned. The target PGA in the testing schedule increased from
1.4 × 0.1 g to 1.4 × 0.5 g in five tests so that the trend in the earthquake response against
the magnitude of excitation could be analyzed.
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Table 1. Testing schedule.

No Target PGA Direction Input Wave

1 0.05 g X White noise
2 1.4 × 0.1 g X GB-compatible wave
3 0.05 g X White noise
4 1.4 × 0.2 g X GB-compatible wave
5 0.05 g X White noise
6 1.4 × 0.3 g X GB-compatible wave
7 0.05 g X White noise
8 1.4 × 0.4 g X GB-compatible wave
9 0.05 g X White noise
10 1.4 × 0.5 g X GB-compatible wave
11 0.05 g X White noise

4.2. Testing Result

(1) Result in 1.4 × 0.4 g input test case

In this section, the result for 1.4 × 0.4 g test case is presented. Figure 18 shows the
input acceleration at the table surface as well as the response acceleration spectrum. In the
testing, the PGA was close to 0.60 g, and the TS could match the RS in the standard.

Figure 18. Input excitation and test response spectrum in the testing of the 1.4 × 0.4 g test case.

The curves of major response items are shown in Figure 19. For acceleration at the top,
the testing result was 29.43 m/s2, and the corresponding numerical result was 30.08 m/s2,
which had a different rate of −2.2%. For displacement at the top, the testing result was
0.267 m, and the corresponding numerical result was 0.224 m, which had a different rate of
16%. For bending moment, the testing results were 211 kN·m, 381 kN·m, and 525 kN·m at
the bottom of insulators A2, A3, and A4, respectively, and the corresponding numerical
results were 214 kN·m, 375 kN·m, and 555 kN·m, which had a different rate of 1.60%,
−1.51%, and 5.80%. The comparisons demonstrated the validity of the numerical model.

The relationship between the input motion and the seismic response of the specimen
was used to identify the vibration modes of the specimen. The transfer function, T(f ),
between acceleration at the top of each insulator and acceleration at the table surface was
calculated using T( f ) = Pyx( f )/Pxx( f ) [50], in which Pyx( f ) was the cross power spectral
density between the output and the input, and Pxx( f ) was the power spectral density of
input. The imaginary part curves of the transfer function are shown on the left side of
Figure 20. The peaks of the curves represent the coordinates of a mode shape, as shown on
the right side of Figure 20. The fundamental frequency was 1.69 Hz in the test and 1.73 Hz
in the analysis, which had a different rate of 2.2%. The second mode frequency was 8.7 Hz
in the test and 9.3 Hz in the analysis, which had a different rate of 7%. The mode shapes
in the test (as shown on the right side of Figure 20) could also match the mode shapes in
numerical analysis (Figure 7).
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Figure 19. Comparison of testing and numerical results in the 1.4 × 0.4 g test case.

Figure 20. Transfer functions and vibration modes were obtained from the shaking table test.

(2) Result in 1.4 × 0.5 g input test case

The 0.5 g level input represented the most severe seismic action for the 1000 kV surge
arrester. This was the most crucial test case for confirming the seismic performance of
the GFRP insulator retrofitted in this study. Figure 21 shows the input acceleration and
spectrum. The PGA was 0.74 g, and a lowpass filter eliminated the composition of base
excitation with periods longer than 1.2 s to avoid driving the shaking table facility beyond
the permissible displacement. In the main frequency range of 1–10 Hz, the TS could well
match the RS.

Figure 21. Input excitation and test response spectrum in the testing of 1.4 × 0.5 g test case.

The response time histories in the test are shown in Figure 22. The maximum accel-
eration at the top was 32.93 m/s2, which was 4.5 times larger than the excitation. The
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maximum deflection at the top was 334 mm, smaller than the criterion value of 360 mm.
The bending moment was obtained by strain measurement at the base of the composite
tube. The maximum stress was 52.1 MPa on the left side and 48.1 MPa on the right side, cor-
responding to 593 kN·m of bending moment. For the flexural test result, the local bonding
damage at the joint of the insulator happened when the bending moment was 1013 kN·m
at the position of strain measurement (or 1067 kN·m at the bottom). The shaking table
test results of 593 kN·m corresponded to a safety margin of 1.7, meeting the safety margin
requirement of 1.67. Additionally, the continued load resisting capacity in the flexural test
indicated its resilience in earthquakes. In contrast, the bonded joint broke at 867 kN·m,
which was below the safety margin requirement, if no retrofitting design of shear stiffener
was made. The joint failed in 954 kN·m, which was close to the safety margin requirement
but less resilient due to the failure mode of sudden fracture, if there was no retrofitting
with a cast iron flange.

Figure 22. Seismic responses of the specimen in the 1.4 × 0.5 g input test.

In this test case, the deflection of the specimen was around 330 mm, which was 25%
larger than the 265 mm estimated by seismic demand analysis but was still below the
acceptable limit of 360 mm. It indicated that the specimen had seen a certain degree of
rigidity deterioration. In the substation design of electrical equipment with composite
insulators, a 25% larger deflection can be empirically considered in cases of high seismic
action when the deflection demand is predicted using a linear elastic model. As the
slackness of the interconnection conductor is essential for decoupling the earthquake
response from nearby equipment, this recommendation derived from the full-scale tests
is noteworthy.

4.3. Trend Analysis of Seismic Responses among Different Testing Cases

Figure 23 graphically shows the trends in responses of acceleration, deflection, bending
moment and stress. The structural frequencies were stable amongst different excitation
levels of testing, with a mild decreasing rate of 5% from 1.73 Hz to 1.64 Hz. Acceleration,
deflection, and moment of bending were linear to the applied PGA, indicating the specimen
mostly responded in a linear elastic range.
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Figure 23. The summary of seismic responses of the specimen with incremental PGAs.

The damping of the specimen can be analyzed by the dynamic parameter identifi-
cation procedure [51]. The structure was simplified as an SDOF system, described as
m

..
u + c

.
u + ku = −m

..
ug. The input acceleration at the base and response acceleration at the

top were taken as the input and output of the SDOF system, respectively. An equivalent
viscous damping ratio was employed to describe the damping effect of the structure, and
the model analysis functions in the Matlab Control System Toolbox [52] were used to
identify system damping based on the transfer function between the input and the output.
As shown in Figure 24a,b, the amplitude of the transfer function was decreased, indicating
a significant increase in damping. The damping ratios resulting from curve fitting opera-
tions are shown in Figure 24c, increasing from 2% in the 1.4 × 0.1 g PGA test to 6% in the
1.4 × 0.5 g PGA test. The flexural testing showed that the stiffness degradation happened
when the bending moment was 580 kN·m. The 593 kN·m in the shaking table test indicated
the specimen had just entered a state of mild stiffness degradation, and damage to the
specimen was very small, if there was any. It demonstrated that the damping ratio of
composite insulators was a sensitive indicator for detecting structural deterioration. This
establishes the basis for further investigation in using the change in damping ratio to detect
damage to substation equipment with composite insulators.

(a) (b) (c)

Figure 24. Curve fitting of the transfer function for damping identification. (a) 1.4× 0.1 g testing case.
(b) 1.4 × 0.5 g testing case. (c) Damping ratios in different testing cases.
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5. Conclusions

This study employed full-scale testing to investigate the seismic performance of the
retrofitted composite insulators used in the 1000 kV surge arrester. The conclusions reached
are as follows:

(1) The bonded sleeve joint between the GFRP tube and the metal end fitting was a weak
point for the bending strength of the composite insulator, which can be retrofitted by
introducing ring-shaped shear stiffeners at the joint and replacing the cast iron flange
with an aluminium one.

(2) Full-scale cantilever bending tests were carried out to assess the bending strength of
the retrofitted composite insulator. The shear stiffener was seen to prevent bonding
failure at the joint and increase the specimen’s bending strength. The numerical
modelling and design optimizations of shear stiffeners are open to further study.

(3) The full-scale shaking table test of the 1000 kV surge arrester with retrofitted insulators
demonstrated the equipment’s satisfactory performance during an extreme seismic
action of 1.4 × 0.5 g PGA, making it suitable for installation in the UHV substation in
regions with high seismic risk.

(4) The responses of the equipment during the shaking table test were mainly in the
elastic range, but its damping ratio increased from 2% to 6%, indicating that the
damping ratio is a sensitive parameter for the damage detection of equipment with
composite insulators.
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Abstract: In this paper, the mechanical model of grotto–eave system with cable inerter viscous damper
(CIVD) is established, and the vibration control equations are established. Firstly, the stochastic
response is carried out, and the optimization design of design parameters of CIVD is carried out for
the grotto–eave systems with different connection types. Finally, the vibration mitigation control
performance of CIVD under different seismic inputs is analyzed. The research shows that in the
optimal design of CIVD, the inerter–mass ratio and damping ratio should be reduced as much as
possible to improve the feasibility of the application of CIVD in cultural relics protection engineering
under the condition of meeting the target damping ratio. The demand-based optimal method can
minimize the cost by enhancing damping element deformation in a small damping ratio, while
ensuring that the value of displacement index of grotto–eave system can be reached. Hence, the
deformation and damping force of CIVD will increase simultaneously due to the efficient tuning and
damping amplification of CIVD. CIVD can enlarge the apparent mass through rotation and damping
force through enhancement deformation. Hence, compared with other conventional dampers (such
as viscous damper), optimal CIVD has lower damping ratio under the same demand index of grotto–
eave system. It can be realized that the lightweight and high efficiency of the damper, and can be
applied to the vibration mitigation and reinforcement of the grotto–eave system.

Keywords: grotto–eave system; inerter element; stochastic response; demand-based optimal method;
dynamic response

1. Introduction

Historic buildings and cultural relics are valuable and must be preserved carefully.
However, such structures, such as grotto–eave system, may be destroyed during earth-
quakes owing to the deterioration of their structural performance over time [1]. Moreover,
the seismic resistance of most historic buildings is inferior to that of modern structures be-
cause the mechanical performance of the construction materials deteriorates with time [2,3].
Therefore, it is of significance to protect historic buildings and the cultural relics housed
in such buildings. There are various types of immovable heritage structures, including
wooden, bricked and rammed structures [4–6]. The historical buildings of the most histor-
ical and cultural value are mainly wooden structures and bricked structures. In general,
non-structural components are often used for decoration, and they may have a certain
architectural or utility function. However, in the immovable heritage structures [7], the
non-structural components are also regarded as part of the heritage. Their cultural value is
higher than the value of structures. It is the main difference between heritage buildings and
modern buildings in seismic protection that non-structural components are as important as
the main structure.
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In order to improve the seismic performance of immovable cultural relics, we can
use traditional reinforcement methods that including strengthening the connecting parts
of structural members or adding shear walls and supports, and improving the rigidity
of the structure. Bento et al. [8] proposed the use of steel or concrete to strengthen the
connection of bricked walls, thereby increasing the lateral resistance of the structure. Aty [9]
proposed another modification method by using wood support system, and analyzed the
seismic performance of X-shaped wood support and K-shaped wood support structure.
Witzany et al. [10] conducted experimental research and analysis on the failure mechanism
and ultimate compressive bearing capacity of carbon fiber reinforced polymer (CFRP)
reinforced bricked walls. Akcay et al. [11] performed reinforcement tests and numerical
analyses of historic bricked buildings using different conventional techniques. Although
the structural rigidity increases, it also increases the seismic damage to the structure, which
heritage buildings may not be able to withstand. These traditional renovation methods
all help to improve the seismic performance of heritage buildings. However, the original
information of the cultural relics cannot be preserved, and the modern buildings and the
cultural relics inside may be damaged during the renovation. Structural control is an
efficient approach for suppressing the dynamic response of civil structures under external
actions such as those exerted by wind, earthquake, and other hazardous events. Hence,
it is necessary to develop a lightweight and high efficiency damper that can control the
vibration response of historic buildings and cultural relics simultaneously. An cable inerter
viscous damper (CIVD) for seismic response mitigation of typical historic buildings and
immovable cultural relics system is proposed in this paper.

The vibration control technologies of inerter-based dampers have been developed
based on electromechanical similarity theory [12]. Compared with the TMD, the inerter-
based damper can control the inertial force at the two terminals directly. Moreover, the
inerter element can effectively enlarge the small apparent mass through converting the
translational motion into rotary motion such as ball screw. In 2001, Smith [13] put forward
the concept of inerter element and gave the basic forms of ball screw inerter element and
rack and pinion inerter element, and designed a hydraulic inerter element in 2013 [14].
Subsequently, shock absorbers were proposed such as tuned viscous mass damper (TVMD)
and tuned inerter damper (TID). The design method of the inerter system was also studied.
Ikago et al. [15] derived a closed-form formula for TVMD optimization design based on
fixed-point theory. Pan et al. [16] considered the natural damping of the original structure
and the cost of the inerter-based damper, and make up for the deficiency of fixed-point
theory. Then, he proposed the design method of SPIS-II inerter-based damper based on
stochastic response mitigation ratio [17]. Hwang et al. [18] proposed a rotation inerter
system connected with a toggle brace based on ball screw. It is shown that the system can
be effectively used in the structure with small drift. Zhang et al. [19,20] applied the inerter
damper system to high-rise structures such as chimneys and wind power towers, and
proved the effectiveness of the inerter-based damper in high-rise structures. Gao et al. [21]
put forward an optimum design method of viscous inerter damper (VID) based on the
feedback control theory. De Domenico [22–32] proposed the optimal design methods of
inerter-based TMD systems for seismic response mitigation.Although some scholars have
used the inerter-based damper in practical engineering [33], most of the research on the
inerter-based damper is still in the stage of theoretical analysis, and only a few scholars
have proposed the connection mode and design method of the inerter system applied in
building structures [34]. Xie et al. [35,36] put forward a cable-bracing inerter system (CBIS),
and shows that it is easy to install and can effectively control displacement and acceleration
of structure. Wang et al. [37] put forward a new tuned inerter-negative-stiffness damper
(TINSD) based on fixed-point method, which is more effective than the TID, TVMD, and
INSD in reducing the dynamic response of structures. It is the satisfactory scheme using
inerter-based damper to suppress vibrations of some special structure, such as transmission
line [38], tall building [39] and transformer-bushing system [40].
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At present, the fixed-point method is mainly used in the parameters design of inerter
systems and other vibration control systems, such as TMD, TID and TVMD. A better
damping ratio or stiffness ratio can be obtained by fixed-point method, but the optimal
inerter-mass ratio (or mass ratio) cannot be obtained directly. In this way, the obtained
damping ratio is larger and the inerter element cannot amplify the damping effect as far
as possible. At the same time, it is necessary to install lighter dampers to meet the higher
seismic requirements for immovable historic buildings and cultural relics such as grottoes
and eaves.

In this paper, a cable inerter viscous damper (CIVD) system is proposed. The end of
the lightweight inerter viscous damper is directly connected with the elastic cable, which
can be quickly installed in various historic buildings and cultural relics. The system can not
only realize structural reinforcement and improve the integrity of the structure, but also
realize the lightweight of the shock absorber. Firstly, Section 2 introduces the basic principle
of CIVD. The motion control equations and frequency response functions of grotto–eave
system with CIVD are established. In the Section 3, the parameter analysis is carried
out to obtain the minimum additional damping ratio of CIVD under different vibration
mitigation ratios. Additionally, the demand-based optimal design method of CIVD is
proposed; Finally, it is carried out that the dynamic time history analysis of the grotto–eave
system installed with CIVD under the ground motions in Section 4 to verify the vibration
control effect and parameter optimization results of CIVD. The research in this paper can
provide reference for the design of efficient and lightweight vibration mitigation scheme of
immovable historic buildings and cultural relics based on inerter damping system.

2. Theoretical Analysis of Grotto-Eave System with CIVD

2.1. Mechanical Model of Inerter Element and CIVD

Equation (1) shows the output force of inerter element and it has different accelerations
in two terminals. Hence, the output of inerter element is proportional to the relative
acceleration at two terminals, which can be shown as follows:

f I = md(a2 − a1) (1)

where, fI is the output force of the inerter element, a1 and a2 are the accelerations at terminals,
md is the inertance, and Figure 1 is the mechanical model of the inerter element.

Figure 1. Mechanical model of an inerter element.

The inerter element cannot dissipate energy by itself and it is generally used in
combination with the damper. Figure 2a shows the inerter viscous damper (IVD), the
translation Δ of the structure, can be converted into rotation ϕ in the IVD through the ball
screw. The input energy can be dissipated by the viscous fluid in the damper. IVD can
be regarded as an inerter element with a damping element connected in parallel, and the
mechanical model of IVD is shown in Figure 2b.

Where md and cd are equivalent mass and equivalent damping coefficient, correspond-
ing to the translation Δ at both ends of IVD; J and cvd are the apparent mass (moment of
inertia) and viscous damping constants. The expressions of md and cd can be obtained,
where L is the lead of the ball screw:

md =
4π2

L2 J, cd =
4π2

L2 cvd, ϕ =
2π

L
Δ (2)
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(a) (b) 

Figure 2. Structure and mechanical model of an inerter viscous damper (IVD): (a) Structure of IVD;
and (b) mechanical model.

CIVD is IVD connected with an elastic cable, and the cable in this paper is a short-
span cable. The reason is that the prestress relaxation of the short cable can be almost
ignored. When the angle of cable is an appropriate large constant, the sag of cable and
stress relaxation in the short-span structure can be ignored. Compared with the long cable,
the short cable has high efficiency of force transmission. The mechanical model is shown in
Figure 3. Where kd is the equivalent stiffness of the elastic cable.

 
(a) (b) 

Figure 3. Mechanical model of a cable inerter viscous damper (CIVD): (a) Structure of CIVD; (b) and
mechanical model.

2.2. Mechanical Model of Grotto-Eave System with CIVD

The grotto–eave system is generally composed of eaves, connection and grotto. Gen-
erally, the eaves of the caves are wooden or steel structures. To protect the grottoes, the
wooden structures are built in ancient times, while the steel structures are the modern
architecture. The height of the structure is generally about 6–20 m, and its overall stiffness
is small. The connection is the beam with the eaves lapped on the grotto or inserted into
the grotto, so that the two parts are connected into a complete system. The material, type
and position of the connection will influence the stiffness of the connection. Similar to the
modern frame, the main structure of the grotto is generally an internal hollow structure.
The materials of grotto are mostly rock materials such as sandstone, and grotto is gener-
ally adjacent to the mountain, the stiffness is relatively large. There is a large difference
in stiffness between the eaves and the grottoes. When subjected to external excitation,
the incongruity of deformation between the eaves and the grotto body will occur. Many
precious cultural heritages are preserved in the grottoes, which have high historical and
humanistic value, but are easily damaged by external disturbances; at the same time, since
the grottoes are immovable cultural relics, it can only be protected at the original site. It will
also lead to the cumulative damage of the cultural relics under frequent external vibration,
and resulting in the instantaneous brittle failure of the stone cultural relics.

Under external excitation, it is generally considered to reduce the vibration of the
eaves itself to reduce the vibration effect of the eaves on the grottoes. Due to the high
demand for vibration mitigation of the system, the bearing capacity of the eave is small and
the internal space is limited. Traditional vibration control system (such as TMD) cannot
achieve the expected effect. Therefore, it needs to find a lightweight and efficient vibration
control system, such as the CIVD, which has the flexible arrangement and the small size
damper, and the obvious effect of vibration mitigation. Figure 4 is a layout of CIVD in an
eave–grotto system.
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Figure 4. Layout of CIVD in eave–grotto system.

For the grotto–eave system, the shock absorber cannot be directly installed in the grotto,
so the CIVD can be installed inside the wooden eaves. Figure 5 shows the mechanical
model of the grotto-eave system with CIVD. Where me, mc, mg and md are the mass of
the eaves, the connection and the grotto, and the inerter of the CIVD; ce, cc, cg and cd are
the damping coefficients of the eaves, connecting sections, grottoes, and the equivalent
damping coefficient of CIVD; ke, kc, kg, and kd are the stiffnesses of the eaves, connection,
grottoes and CIVD.

Figure 5. Mechanical model of eave–grotto system with CIVD.

2.3. Motion Control Equation of Grotto-Eave System with CIVD

According to the mechanical model shown in Figure 5, the motion equation of the
grotto–eave system with CIVD is established:

M
..
X + C

.
X + KX = −MIag (3)
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where,
..
X,

.
X, X is the acceleration, velocity and displacement vector of the grotto-eave

system, ag is the acceleration of ground motion; M, C, K are the mass, damping and stiffness
matrices, and I is the ground motion excitation vector. Therefore, M, C, K, I and motion
vector can be expressed as:

M =

⎡
⎣ me + mc

md
mg

⎤
⎦, C =

⎡
⎣ ce + cc −cc

cd
−cc cg + cc

⎤
⎦, K =

⎡
⎣ ke + kc + kd −kd −kc

−kd kd
−kc kg + kc

⎤
⎦ (4)

X =

⎧⎨
⎩

ue
ud
ug

⎫⎬
⎭,

.
X =

⎧⎨
⎩

.
ue.
ud.
ug

⎫⎬
⎭,

..
X =

⎧⎨
⎩

..
ue..
ud..
ug

⎫⎬
⎭, I =

⎧⎨
⎩

1
0
1

⎫⎬
⎭ (5)

where u,
.
u,

..
u is the vectors of displacement, velocity and acceleration; the subscripts e, d,

g represents the eaves, CIVD and grottoes. For the convenience of parameter analysis,
we define the following dimensionless parameters. Where Equation (6) is the natural
vibration frequency and damping ratio parameters of the eaves, connection and grottoes;
Equation (7) is parameters of CIVD; Equation (8) is the parameters of relative mass.

ωe =

√
ke

me
; ζe =

ce

2meωe
; ωc =

√
kc

mc
; ζc =

cc

2mcωc
; ωg =

√
kg

mg
; ζg =

cg

2mgωg
(6)

ζd =
cd

2meωe
; κd =

kd
ke

(7)

μd =
md
me

; μce =
mc

me
; μcg =

mc

mg
(8)

where ωe is the natural circular frequency of the eaves, ζe is the damping ratio of the eaves;
ωc is the natural circular frequency of the connection, and ζc is the damping ratio of the
connection; ωg is the natural circular frequency of the grotto, and ζg is the damping ratio of
the grotto; ζd is the damping ratio of CIVD, and κd is the stiffness ratio of CIVD; μd is the
inerter–mass ratio, μce is the mass ratio of connection and eave, and μcg is the mass ratio of
connection and grotto.

From Equations (5)–(8), Laplace transform is applied to Equation (3), so the equation
of motion (9) and (10) of the CIVD grotto–eave system in frequency domain can be ob-
tained, where M̂, Ĉ, K̂, Î is the dimensionless mass, damping, stiffness matrix and external
excitation vector of the system.

(
M̂s2 + Ĉs + K̂

)
Û = ÎAg; Û =

⎧⎨
⎩

Ue
Ud
Ug

⎫⎬
⎭; Î =

⎧⎨
⎩

−1 − μce
0
−1

⎫⎬
⎭ (9)

M̂ =

⎡
⎣ 1 + μce

μd
1

⎤
⎦; Ĉ =

⎡
⎣ 2ωeζe + 2ωcζcμce −2ωcζcμce

2ωeζd
−2ωcζcμcg 2ωgζg + 2ωcζcμcg

⎤
⎦; K̂ =

⎡
⎣ ω2

e (1 + κ) + ω2
c μce −ω2

e κd −ω2
c μce

−ω2
e κd ω2

e κd
−ω2

c μcg ω2
g + ω2

c μcg

⎤
⎦ (10)

where s is the Laplace operator, s = iΩ, Ω is the external excitation frequency, Ue, Ud, Ug and
Ag are the Laplace transforms of ue, ud, ug and ag. The linear matrix Equations (9) and (10)
can be solved to obtain Ue, Ud and Ug, at the same time, the transfer functions HUe(s), HUd(s)
and HUg(s) of the grotto–eave system with CIVD can be obtained:

HUe(s) =
Ue(s)
Ag(s)

, HUd(s) =
Ud(s)
Ag(s)

, HUg(s) =
Ug(s)
Ag(s)

(11)
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Meanwhile, the transfer function of output force of CIVD HFd(s) can be expressed as
follows:

HFd(s) =
Ud(s)
Ag(s)

(
μds2 + 2ζdωes

)
(12)

3. Parameter Analysis

According to Parseval’s theorem, the root mean square (RMS) response σ of the system
excited by white noise is obtained:

σ =

√∫ +∞

−∞
|H(iΩ)|

2
S0dΩ (13)

where S0 is the power spectrum of white noise. The primary index is the γUr, the relative
displacement root mean square response ratio of the eaves and the grottoes before and
after vibration mitigation by CIVD. It can be compared to evaluate the interaction between
the eaves and the grottoes. At the same time, the γU, the displacement root mean square
response ratio of the eaves before and after the vibration mitigation by CIVD, can directly
measure the effect of the shock absorber, it can be regarded as an additional index. The
smaller the γU and γUr are, the better the vibration mitigation effect of the grotto–eave
system is; that γU and γUr are greater than 1 indicate that the CIVD has a displacement
amplification effect on the system. The relative displacement ratio γUr and displacement
ratio γU are expressed as:

γUr (ζd, κd, μd) =

∣∣∣σUe − σUg

∣∣∣∣∣∣σUe,0 − σUg,0

∣∣∣ .γU(ζd, κd, μd) =
σUe

σUe,0

(14)

where σUe,0 and σUg,0 are the displacement root mean square responses of the eaves and
grottoes in the uncontrolled state. The CIVD parameter analysis selects the inerter–mass
ratio μd, the stiffness ratio κd and the damping ratio ζd; and the parameter analysis index
is the relative displacement ratio γUr. Similarly, using Equations (12) and (13), the RMS
response of output force of CIVD σFd can be determined. In parameter analysis, the value
range of parameters of CIVD is 0.01 to 1.

In addition to the CIVD parameters, it is also necessary to analyze the influence of
the stiffness of the connection between grotto and eave. Defining the parameters of the
Benchmark model of the grotto–eave system: ωg/ωe = 5, ζc = 0.015, ζe = ζg = 0.02, μce = 0.2,
μcg = 0.04, and subsequent analyses are carried out according to this Benchmark model;
then defining the frequency ratio of the connection: β = ωc/ωe, β can reflect the stiffness of
the connection, and the smaller the β, the smaller the stiffness of the connection. Table 1
shows the frequency ratio β of different types of connection.

Table 1. Frequency ratio of different types of connection.

Types of Connection Soft Connection Equal-Stiffness Hard Connection

Symbol SC EC HC
β 0.2 1 5

3.1. Parameter Analysis of CIVD

Based on the above analysis indexes, the parameters of the grotto–eave Benchmark
model and different types of connection, the influence study of design parameters of CIVD,
including inerter–mass ratio μd, stiffness ratio κd and damping ratio ζd.

Firstly, the influence of types of connection on grotto-eave system under different
inerter-mass ratio μd is analyzed, and Figures 6–8 show three-dimensional contour plot
of γUr. When the stiffness ratio is 0.01 to 0.3 and the damping ratio is 0.1 to 1, it can
be seen from figures that as the stiffness ratio and damping ratio increase, the relative
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displacement between the grotto and the eaves will decrease; when the damping ratio is
0.01 to 0.1, the value of the minimum γUr changes with the increase of the inerter–mass ratio,
the larger the inerter-mass ratio, the greater requirement of additional stiffness of CIVD.
However, in the case of low damping ratio and low stiffness ratio, the hard connection
system has displacement amplification, which should be avoided in parameters selection.
The maximum γUr of three types of connection is 0.2, but the stiffness ratio and damping
ratio required by CIVD should be as large as possible. Figures 6–8 show the analytical
solutions of the equivalent mathematical problems, which cannot be realized in engineering
applications. Generally, it is more appropriate to control the damping ratio within 0.2.
Hence, further analysis of other parameters and indexes should be carried out.

   
(a) (b) (c) 

Figure 6. Contour plot of γUt of SC system: (a) μd = 0.1; (b) μd = 0.2; and (c) μd = 0.3.

   
(a) (b) (c) 

Figure 7. Contour plot of γUt of EC system: (a) μd = 0.1; (b) μd = 0.2; and (c) μd = 0.3.

  
(a) (b) (c) 

Figure 8. Contour plot of γUt of HC system: (a) μd = 0.1; (b) μd = 0.2; and (c) μd = 0.3.

Taking γUr as the index and fixing the damping ratio ζd to be 0.05, 0.1, and 0.15,
from contour plot of γUr with κd-μd space, we can get the variation trend of γUr with
ζd. Figures 9–11 show the 2D contour plot of γUr in κd-μd space under different types of
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connection, in which the numbers in the figure are contour values, representing the value
of γUr, the variation range is 0 to 1, and the interval value is 0.1. When the damping ratio
ζd varies from 0.05 to 0.15, the value of the contour line of the soft connection system is 0.2
to 1, the equal stiffness connection system is 0.4 to 1, and the hard connection system is 0.5
to 1. Furthermore the smaller the damping ratio, the higher the contour line value, and
the worse effect of vibration mitigation of relative displacement. At the same time, as the
stiffness of the connection between the grotto and the eaves increases, CIVD needs greater
the damping ratio to obtain the same relative displacement ratio γUr. We can also draw a
conclusion from the number of contour lines intuitively, the more “hard” the connection
(means the stiffness of connection is large), the less the number of contour lines. CIVD
has a better control effect on the relative displacement index γUr, and it can indicate that
the arrangement of CIVD can reduce the impact of the eaves on the grotto. However, at
the same time, considering the vibration mitigation effect of the eaves themselves, if the
displacement of the eaves themselves are too large, the CIVD cannot be used as the best
vibration control device. To this end, we should continue to study another index γU with
CIVD parameters.

(a) (b) (c) 

Figure 9. 2D Contour plot of γUr of SC system: (a) ζd = 0.05; (b) ζd = 0.10; and (c) ζd = 0.15.

(a) (b) (c) 

Figure 10. 2D Contour plot of γUr of EC system: (a) ζd = 0.05; (b) ζd = 0.10; and (c) ζd = 0.15.

The γU is also controlled by three parameters. For the convenience of research, a
three-dimensional μd-ζd-κd space is established. The γU is any point in the parameter
space, and it is represented by a specified color and a value corresponding to the color.
We make slice plots on some specific parameter planes, and the two-dimensional spaces
under the specified parameters are displayed. In this paper, we fixed μd to 0.01, 0.03, 0.1,
0.3 and 1, and it is used to study the response trend of the eaves under different types
of connection based on the Benchmark model. Figure 12 is the γU slice plot of different
connection systems. It can be seen from the figure that the displacement ratio of the SC
system is the smallest, and the minimum value is 0.2. As the stiffness of the connection
increasing, the minimum value of γU is larger, and the displacement mitigation of single
eaves is worse. Figure 12a shows the displacement ratio of the eaves without connection,
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and it is similar to EC system. If the target displacement ratio of the eaves is specified as
0.5 (γU = 0.5), it can be seen that when μd is in the range of 0.03 to 0.3, the enclosed area of
target contour γU is larger (the blue area), and the enclosed area tends to increase firstly
and then decrease. When μd is in the range of 0.01 to 0.03, the γU is almost constant, so the
range of μd can be determined between 0.03 and 0.3, and further discussions of influence of
stiffness are continued.

(a) (b) (c) 

Figure 11. 2D Contour plot of γUr of HC system: (a) ζd = 0.05; (b) ζd = 0.10; and (c) ζd = 0.15.

  
(a) (b) 

  
(c) (d) 

Figure 12. Slice plot of γU: (a) β = 0; (b) β = 0.2; (c) β = 1; and (d) β = 5.

Since the large stiffness of the cable is easier to achieve in practical, it can be assumed
that the stiffness of the cable can be taken as any value. The γU of SC system under
different inerter–mass ratios are shown in Figure 13. It can be seen from the figure that a
large inerter–mass ratio requires a large stiffness to achieve the same displacement ratio
of single eaves. At the same time, when ζd is less than 0.05, γU decreases firstly and then
increases under a small damping ratio. Additionally, as the inerter–mass ratio increasing,
this phenomenon becomes more obvious. Hence, the robustness of CIVD with small
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damping ratio is low. When ζd is greater than 0.1, increasing the stiffness of the cable
cannot reduce the displacement ratio. In addition, a larger damping ratio (ζd is greater
than 0.3) does not continue to reduce γU, but the stability of the curve and the trend of
γU are better. However, in practical engineering, increasing damping ratio will lead to a
higher cost and a larger volume of the damper. Therefore, while ensuring the index, further
parameter optimization design is required to reduce the damping ratio.

 
(a) (b) 

 
(c) (d) 

Figure 13. γU of SC system: (a) μd = 0.03; (b) μd = 0.1; (c) μd = 0.2; and (d) μd = 0.3.

3.2. Demand-Based Optimal Design of CIVD

The parameters of CIVD and other inerter-based shock absorbers can be determined
by the fixed-point method [41]. Ikago et al. [16] has proposed corresponding inerter
system design methods for single degree of freedom (SDOF) structures and multi-degrees
of freedom structures. For the SDOF system of the eaves structure with CIVD, if the
arrangement angle of the cables is not considered, the stiffness ratio and damping ratio can
be obtained by the following formulas after the inerter–mass ratio μd is determined:

κd =
μd

1 − μd
, ζd =

μd
2

√
3μd

(1 − μd)(2 − μd)
(15)

However, the fixed-point theory does not consider the inherent damping ratio, external
excitation characteristics and performance demands of main structure. For example, it
cannot reflect the key index such as the relative displacement response of grottoes and eaves.
Zhang et al. [42] consider the main performance of the structure based on closed-form
solution and use extreme conditions to determine parameters of CIVD. Compared with
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fixed-point method, better structural performance index can be obtained by this methods.
In addition to performance index, output force of CIVD can represent the cost index of
shock absorber. The contour plot of σUe and σFd of SC system are shown in Figure 13.

It can be seen from Figure 14 that the minimum value of σUe is located at the upper
right of the contour plot (white dot), but at this time, it corresponds to a large stiffness ratio
and damping ratio. That means the output value of CIVD is also large, which is difficult
to achieve in practical. However, compared with Figure 14a,b, it can be seen that there
exists a parameter combination of a small stiffness ratio and a damping ratio when the
inerter–mass ratio is determined, which can make the displacement and output smaller
simultaneously (dark yellow dot). It means that the parameter combination can meet both
the performance index (displacement ratio) and the cost index (output force of CIVD). If the
main performance index of grottoes and eaves is determined, the optimization problem can
be transformed from multi-objectives optimization problem to single-objective optimization
problem, as shown in the following formula 16. It can be seen that the objective function of
single-objective optimization problem is σFd.

minimize σFd(ζd, κd, μd)

subject to

⎧⎪⎪⎨
⎪⎪⎩

γUr(ζd, κd, μd) = γUr,t
ζd ∈ (0, 0.2)
κd ∈ (0, 1)
μd ∈ (0, 1)

(16)

where, γUr,t is the relative displacement ratio of the grotto and the eaves. It is difficult to
realize in practical engineering with large damping ratio. For this reason, the damping
ratio is set within 0.2.

(a) (b) 

Figure 14. 2D Contour plot of σUe and σFd of SC system (μd = 0.1): (a) σUe; and (b) σFd.

Moreover, compared with the conventional viscous damper (VD), the different topo-
logical connection forms of the inerter element can enhance the deformation of the damping
element and improve the capacity of energy dissipation [43]. Therefore, a new index of
damping effects of CIVD is proposed by comparing VD, namely, inerter-enhanced energy
dissipation coefficient η:

η =
σU0(ζ0)− σUe(ζ0, ζd, κd, μd)

σU0(ζ0)− σUeVD (ζ0, ζd)
(17)

where σUeVD are the RMS displacement responses of the eave with VD. Additionally, η
means the damping element with inerter element has a higher deformation effect under
the same additional damping ratio. When η is greater than 1, it shows that the inerter
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can strengthen the energy dissipation of the structure, and it can be used as an index to
evaluate the robustness of the CIVD. According to massive numerical case studies, the
recommended range of η is [1,2] and the η can be also a constraint condition of formula
16. In this paper, η is fixed as 1.5 and γUr,t is fixed as 0.5, 0.6 and 0.7. Table 2 shows the
results of parameters of CIVD after optimization. It can be seen from Table 2 that the value
of parameters’ combination of HC system are larger, but the values of CIVD are generally
small, especially the damping ratio (less than 0.05).

Table 2. Optimal parameters of CIVD.

γUr Parameters β = 0 SC (β = 0.2) EC (β = 1) HC (β = 5)

0.7
μd 0.0121 0.0163 0.0277 0.0391
κd 0.0213 0.0254 0.0442 0.0782
ζd 0.0054 0.0061 0.0114 0.0183

0.6
μd 0.0221 0.0225 0.0485 0.0584
κd 0.0332 0.0455 0.0782 0.1327
ζd 0.0091 0.0111 0.0216 0.0341

0.5
μd 0.0344 0.0483 0.0692 0.0994
κd 0.0671 0.0755 0.1301 0.2031
ζd 0.0164 0.0192 0.0366 0.0485

Figure 15 shows the transfer function of relative displacement of the grotto–eaves
system under different types of connection. Where, the modulus of transfer function of the
relative displacement HUr of the grotto–eaves is:

|HUr | =
∣∣∣HUe − HUg

∣∣∣ (18)

(a) (b) 

(c) (d) 

Figure 15. Transfer function curves of relative displacement of grotto-eaves system: (a) β = 0;
(b) β = 0.2; (c) β = 1; and (d) β = 5.
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It can be seen from Figure 15 that peak relative displacements of the grotto–eaves
system are reduced under harmonic excitation, which controls the narrow-band resonance
response of the system significantly. However, the HC system needs a smaller relative
displacement ratio to control the resonance response. In order to better illustrate the
advantages of this optimal method, the response of eaves and the deformation of damping
element by using the classic fixed-point method should be compared under the same target
relative displacement ratio.

Figures 16 and 17 show the displacement amplification factor of eaves and transfer
function of deformation of damping element of CIVD in SC system with different optimal
design methods. It can be seen from Figures 16 and 17 that the maximum displacement
of demand-based optimal method is less than it of the fixed-point method. Meanwhile,
the damping element deformation enhancement of the inerter system can be brought into
full play by using demand-based optimal method. Hence, the demand-based optimal
method can minimize the cost by enhancing damping element deformation in a small
damping ratio.

(a) (b) (c) 

Figure 16. Displacement amplification factor of eaves in SC system: (a) γUr = 0.7; (b) γUr = 0.6; and
(c) γUr = 0.5.

(a) (b) (c) 

Figure 17. Transfer function of deformation of damping element of CIVD in SC system: (a) γUr = 0.7;
(b) γUr = 0.6; and (c) γUr = 0.5.

4. Dynamic Response

In the previous study, parameter analyses in the frequency domain are carried out
based on the performance index. In order to further verify the vibration mitigation effect
of CIVD and the optimal parameters. Dynamic response analyses of the grotto–eave
system with CIVD are carried out under the non-stationary ground motions in this section.
The structural parameters of the grotto–eaves system refer to the Benchmark model in
Section 2.1, and the parameters of CIVD are shown in Table 2. The ground motion records
EL Centro record, Taft record, Chi-chi record and Kobe record are selected. The predominant
frequencies of the four records are all different. Figure 18 shows the acceleration response
spectrum of the four ground motion records.
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Figure 18. Normalized acceleration spectra of ground motion records.

Figure 19 shows the relative displacement time history response of SC eave–grotto
system. It can be seen that CIVD has better vibration control performance intuitively.
Additionally, the continuous vibration mitigation of CIVD is good on the grotto–eave
system, and the controlled system can be stable and have small displacements quickly. As
the seismic response progresses, the vibration control effects of CIVD in the later stage
are better, indicating that a stable vibration state of eave–grotto system can be quickly got
under control of CIVD.

 
(a) (b) 

 
(c) (d) 

Figure 19. Relative displacement responses of SC eave-grotto system (γUr = 0.6): (a) EL Centro;
(b) Taft; (c) Chi-Chi; and (d) Kobe.
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Figure 20 shows that the decline of RMS displacement of the eave is between 25% and
60%. At the same time, it can be seen that the deformation of damping element in CIVD is
always greater than displacement of main structure (eave). Compared with the hysteretic
loops of CIVD and VD under the same damping coefficient as shown in Figure 21, it can be
seen that the deformation and damping force of CIVD will increase simultaneously due to
the efficient tuning and damping amplification of CIVD.

 
(a) (b) 

 
(c) (d) 

Figure 20. Displacement responses of SC eave and damping element of CIVD (γUr = 0.6): (a) EL
Centro; (b) Taft; (c) Chi-Chi; and (d) Kobe.

(a) (b) (c) 

Figure 21. Hysteretic loops damping element of CIVD in SC eave under EL Centro record:
(a) γUr = 0.7; (b) γUr = 0.6; and (c) γUr = 0.5.

Hence, if the damping ratio ζd is a fixed, the damping force will be greater as the
deformation of the damping element of CIVD is greater. Additionally, the damping effect
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of CIVD will be improved. Then, the deformation enhancement coefficient of damping
element γUd can be defined, as shown in Equation (19):

γUd(ζd, κd, μd) =
σUd

σUe

(19)

where, σUd is the displacement root mean square responses of damping element of CIVD.
The larger γUd means the better deformation amplification effect of the inerter on the damp-
ing element, corresponding the smaller displacement mitigation ratio γU. Additionally,
the deformation enhancement coefficient of damping element of VD γUd,VD is equal to
1, indicating there is no deformation enhancement effect of VD. A large damping ratio is
required in VD system in order to achieve the same displacement mitigation ratio γU as
CIVD. That means the VD will produce large damping force even under small displacement
the eave, which will have a great impact on historical buildings. Due to a small optimal
damping ratio, CIVD have a smaller damping force under small displacement the eave,
but can still control the eave through better tuning capacity.

Figure 22 shows the contour plot of γU and γUd of eave with optimal μd of CIVD, it
can be seen that under the same damping ratio, the deformation of damping element of
CIVD is about 2 times of VD, which can obtain better energy dissipation effect and reduce
the energy transmitted to the historical buildings’ underground motions. Meanwhile,
about five times the damping coefficient of CIVD are required for VD to achieve the same
vibration mitigation effect as CIVD. Thus, compared with VD, the damping force of CIVD
transmitted to the historical buildings will be much lower.

(a) (b) 

Figure 22. 2D Contour plot of γU and γUd of eave with optimal μd (β = 0, γU = 0.7): (a) γU; and
(b) γUd.

5. Conclusions

In this paper, the motion equation of grotto–eave systems with cable inerter viscous
damper (CIVD) is established. Then, the stochastic analysis and demand-based parameters
optimization of CIVD are carried out. Finally, the vibration control performance of CIVD is
analyzed under different seismic inputs. The main conclusions are as follows:

1. The CIVD is easy to install, and can quickly improve the seismic performance of the
structure. Therefore, it can be used in immovable cultural relics such as eaves and
grottoes where the damper installation conditions are harsh.

2. In the parameters optimization design of CIVD, damping ratio should be reduced
as much as possible under the condition of satisfying the target vibration mitigation
ratio based on performance demand. The optimal design of a CIVD in grotto–eave
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system should be a balance process between response of different types of grotto–eave
system and the cost of CIVD. It can improve the feasibility of the application of CIVD
in cultural relics protection projects.

3. The proposed demand-based optimal method can minimize the cost by enhancing
damping element deformation in a small damping ratio, while ensuring that the
value of displacement index of grotto–eave system can be reached. Moreover, the
inerter–mass ratio of the CIVD can be also determined by displacement index of
grotto–eave system when using fixed-point method.

4. Considering the lower damping ratio and inerter–mass ratio of CIVD, applications
of the CIVD designed by demand-based optimal method can be extended and its
installation made more flexible in specific structures like eaves. The corresponding
verification experiment should be conducted in the near future.
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Abstract: This paper investigates the seismic performance of two adjacent buildings connected by vis-
cous dampers. Three types of damper placement are discussed, including installing dampers within
a single building, connecting two buildings at the same floor level, and connecting two buildings
at the inter-story level. Analytical models are established to consider various dynamic properties
of the adjacent buildings, and the theoretical solutions are obtained, including the transmissibility
curves, additional modal damping, and input energy under the seismic design spectrum. Time
history analyses of an engineering project are performed with different damper placements. Different
numerical models are compared for frequently and rarely occurred earthquakes. The seismic mitiga-
tion effect is discussed with regard to the story drift reduction rate and dynamic energy. Theoretical
and numerical results demonstrate that the connecting dampers provide added modal damping
while causing the coupled response. As a result, it is less efficient than traditional ways of placement
within a building. Furthermore, the connecting dampers significantly increase the reaction of the
floors without installed dampers. When designing dampers to connect the adjacent buildings, careful
engineering calculations should be made.

Keywords: adjacent building; viscous damper; seismic response; transmissibility; time history analysis

1. Introduction

Metropolitan buildings are constructed more closely with the growing population and
limited land resources. Many commercial buildings are composed of a low-rise podium
along with tall towers. For some, podiums and towers are built as a whole structure, but
for many others, they are built independently with construction joints. Joints also separate
buildings with large or irregular plan sizes. Considering these reasons, researchers and
engineers proposed connecting the separated structures using energy dissipative devices
to lower seismic damage, the possibility of pounding, or wind-induced vibration [1].

Traditional passive dampers are studied as connectors, which are viscous dampers
in the early stage. Luco et al. [2] studied the dynamic response of two adjacent buildings
with different heights connected by viscous dampers. The optimal damping values are
discussed regarding the different properties of the two buildings. The controlling strategies
have been verified by Xu et al. [3] and Zhang et al. [4] using analytical and numerical
approaches. Tubaldi et al. [5] presented a performance-based methodology for the seismic
assessment of two steel-type buildings connected by viscous dampers and found out that
the seismic performance is sensitive to the viscous properties of the dampers. Yang and
Lam [6] studied the dynamic response of two buildings connected by viscoelastic dampers
under bidirectional excitations. It is concluded that the bidirectional input can increase
the reactions of coupled asymmetric buildings, and the installation dampers may induce a
sudden change in the lateral stiffness of the taller building.

For experiment verifications, several small-scaled shaking table tests were performed
to validate the controlling effect by Xu et al. [7]. Yang et al. [8] performed comparative
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experiments to verify the seismic mitigation effect using viscous dampers to connect a scaled
five-story and a six-story steel frame. A significant increment in modal damping is observed
while the natural frequencies remain almost unchanged. Wu et al. [9] conducted shaking
table tests for two adjacent isolated steel frames connected by viscous dampers. Test results
proved that the dampers could help reduce the overturning effect and maximum bearing
deformation for adjacent high-rise isolated structures. In addition to viscous dampers, other
passive energy dissipative devices are studied, including viscoelastic dampers [10], friction
dampers [11], tuned mass dampers [12], inertial mass dampers [13], negative stiffness
devices [14], etc.

Researchers focus on the optimal placement of dampers for passive devices to con-
nect adjacent buildings. Bigdeli et al. [15] simplify the optimization process as a bi-level
optimization problem and compares five methods to solve the problem. Theoretical and nu-
merical studies are also performed to verify the optimizing results [16,17]. Tubaldi et al. [18]
used the linearized reduced-order model of the coupled system to establish a simplified
design method for both linear and nonlinear dampers between adjacent buildings. The sim-
plified design method is verified by time history analysis. Palermo and Silvestri [19] studied
the optimal additional damping for connecting viscous dampers and the trends of damping
reduction factors concerning the main dynamic parameters of the coupled systems.

Other strategies to connect the adjacent buildings adopt active or semi-active technolo-
gies. Ou and Li [20] investigated the characteristics of forces in active control systems con-
nected to adjacent buildings. The design approach for all control devices is proposed based
on the results, which can provide an expected reduction in seismic response. Xu et al. [13]
proposed using active tuned mass dampers on the adjacent buildings’ top floors com-
bined with viscous dampers and numerically verified the vibration controlling effect. Uz
and Hadi [21] studied the adoption of Magnetorheological (MR) dampers and the corre-
sponding optimal design process. It has been proved that the controlling technology can
enhance seismic performance economically. Guenidi et al. [22] numerically investigated
using shared tuned mass damper (TMD) and MR dampers and concluded that a shared
TMD could provide adequate response reduction compared to that obtained using two
TMDs separately. Al-Fahdawi et al. [23,24] compared the controlling benefits by connecting
two adjacent buildings using passive viscous and MR dampers with properly designed
control algorithms. The reduction in story drift and absolute acceleration are compared,
and it is concluded that the active control method (MR dampers) is more effective than the
traditional passive device.

The above literature focuses on connecting the two adjacent buildings to reduce seismic
damage. In addition, the pounding prevention and wind-induced vibration controlling
effect are discussed and verified by refs. [25–31], in which many energy dissipative devices
are also included. Nevertheless, most of the present studies did not consider the soil–
structure interaction. Further research is required to include the SSI effect on the seismic
response of connected adjacent buildings, but not for lightweight structures [32–34].

Although many studies have explored reducing seismic action between two adjacent
buildings using energy dissipation devices, most of them discussed the most likely benefit
of the dampers. The complex situations are not thoroughly studied, including the adjacent
buildings’ different dynamic properties and nonlinear seismic behavior. The main contri-
bution of this paper is the detailed analytical and numerical investigations to study the
seismic performance of connecting adjacent buildings with dampers. The possible adverse
effect caused by the additional dampers is discussed. In addition, a new connecting type is
proposed by installing dampers between the inter-story levels, and the controlling efficiency
is compared. Discrete simplified analytical models are established, and the transmissibility
law is compared considering the different properties of the adjacent buildings. Nonlinear
time history (NLTH) analyses are also performed to validate the theoretical results based
on an actual engineering project.
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2. Problem Statement

2.1. Analytical Model

Adjacent buildings are idealized as linear shear-type models. The mass is concentrated
at the centers of the floors. For the comparison of damper placement, three analytical
models are established as multi-degree of freedom (MDOF) systems, as shown in Figure 1:

(1) Model a: The tower with dampers installed within the building;
(2) Model b: Two adjacent buildings connected by dampers at the same story level;
(3) Model c: Two adjacent buildings with inter-story damper placement.

(a) (b) (c)

Figure 1. MODF analytical model with different damper layouts: (a) Model a: with single building
placement; (b) Model b: with same level placement; (c) Model c: with inter-story placement.

2.2. Equations of Motion

For the different analytical models in Section 2.1, the equation of motion can be
described as,

M
..
X + (C + c)

.
X + KX = −MI

..
ug(t), (1)

where M, C, and K are the mass, damping, and stiffness matrices, respectively. c is the
additional damping coefficient provided by a single viscous damper element.

..
X,

.
X, and

X are the relative acceleration, velocity, and displacement matrices of the system, respec-
tively. I is the unit vector with all elements equal to 1, and

..
ug(t) is the time history of the

ground motion.
The mass, damping, and stiffness matrices of Model a–Model c are given as follows,

Ma =

⎡
⎣m1 0 0

0 m2 0
0 0 m3

⎤
⎦, (2)

Mb, Mc =

⎡
⎢⎢⎢⎢⎣

m1 0 0 0 0
0 m2 0 0 0
0 0 m3 0 0
0 0 0 m4 0
0 0 0 0 m5

⎤
⎥⎥⎥⎥⎦, (3)

Ca + c =

⎡
⎣c1 + c2 + 2c −c2 − c 0

−c2 − c c2 + c3 + c −c3
0 −c3 c3

⎤
⎦, (4)

Cb + c =

⎡
⎢⎢⎢⎢⎣

c1 + c2 + c −c2 0 −c 0
−c2 c2 + c3 + c −c3 0 −c

0 −c3 c3 0 0
−c 0 0 c4 + c5 + c −c5
0 −c 0 −c5 c5 + c

⎤
⎥⎥⎥⎥⎦, (5)
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Cc + c =

⎡
⎢⎢⎢⎢⎣

c1 + c2 + c −c2 0 0 0
−c2 c2 + c3 + c −c3 0 0

0 −c3 c3 0 0
0 0 0 c4 + c5 + c −c5
0 0 0 −c5 c5 + c

⎤
⎥⎥⎥⎥⎦, (6)

Ka =

⎡
⎣k1 + k2 −k2 0

−k2 k2 + k3 −k3
0 −k3 k3

⎤
⎦, (7)

Kb, Kc =

⎡
⎢⎢⎢⎢⎣

k1 −k2 0 0 0
−k2 k2 + k3 −k3 0 0

0 −k3 k3 0 0
0 0 0 k4 + k5 −k5
0 0 0 −k5 k5

⎤
⎥⎥⎥⎥⎦, (8)

where Ma, Mb, and Mc are the mass matrices, Ca + c, Cb + c, and Cc + c are the damping
matrices with added viscous dampers, and Ka, Kb, and Kc are the stiffness matrices of
Model a–Model c, respectively. c1–c5, and k1–k5 represent the story stiffness value and the
damping coefficient for the 1st–5th story, respectively.

2.3. Transmissibility in Frequency Domain

For the motion of equations given in Equation (1), it can be transformed into the
frequency domain using Fourier transformation for both sides of the equation as[

−ω2M + iω(C + c) + K
]
U(ω) = −MI

..
Ug(ω), (9)

where U(ω) = F{X(t)},
..
Ug(ω) = F{ ..

ug(t)
}

.
The displacement transmissibility between the i-th floor and the base can be obtained,

Hi(ω) =
U(ω)
..
U(ω)

=
−MI

−ω2 + iω(C + c) + K
, (10)

where Hi(ω) denotes the displacement transmissibility between the ground and the i-th
degree of freedom.

The acceleration transmissibility of the i-th floor is

Hai(ω) = −ω2Hi(ω), (11)

3. Analytical Results

3.1. Model Parameters

The 5-DOF analytical models were established to simulate the main tower building
constructed with a bottom podium. Different engineering situations where the adjacent
tower and podium usually have different or similar architectural heights and dynamic
properties were included. Different dynamic properties of the adjacent buildings could
lead to different seismic performances of the connecting dampers. Cases No. 1, No. 2, and
No. 3 were used to reflect the differences between the two adjacent structures by changing
the mass and stiffness of the degree of freedom. The story mass and stiffness are listed in
Table 1, and inherent structural damping matrices are simplified using Rayleigh damping
matrices by assuming the first two-order modal damping ratio to be 5%. The natural
periods of the 5-DOF model in different cases are given in Table 2, and the normalized
mode shapes are presented in Figure 2. The first natural period of the tower for different
cases varies from 2.11 to 3.17 s, with slight differences in the second and third periods and
the normalized modal shapes.
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Table 1. Structural parameters of the 5-DOF models.

Case No. 1 Case No. 2 Case No. 3
Mass
(ton)

Stiffness
(kN/m)

Mass
(ton)

Stiffness
(kN/m)

Mass
(ton)

Stiffness
(kN/m)

m1 = 400 k1 = 16,000 m1 = 400 k1 = 16,000 m1 = 400 k1 = 16,000
m2 = 400 k2 = 16,000 m2 = 400 k2 = 16,000 m2 = 400 k2 = 16,000
m3 = 300 k3 = 16,000 m3 = 300 k3 = 16,000 m3 = 1200 k3 = 22,000
m4 = 400 k4 = 16,000 m4 = 400 k4 = 36,000 m4 = 400 k4 = 16,000
m5 = 300 k5 = 16,000 m5 = 300 k5 = 36,000 m5 = 300 k5 = 16,000

Table 2. Natural periods of the 5-DOF models with different parameter cases (without dampers).

Mode
Podium

(Case No. 1 & No. 3)
Tower

(Case No. 1 & No. 2)
Podium

(Case No. 2)
Tower

(Case No. 3)

1st 1.45 s (0.69 Hz) 2.08 s (0.48 Hz) 0.97 s (1.03 Hz) 3.17 s (0.32 Hz)
2nd 0.59 s (1.70 Hz) 0.76 s (1.32 Hz) 0.39 s (2.56 Hz) 0.84 s (1.19 Hz)
3rd — 0.54 s (1.85 Hz) — 0.54 s (1.84 Hz)

  
(a) (b) 

  
(c) (d) 

Figure 2. The normalized mode shapes: (a) Podium of Case No. 1 and No. 3; (b) Tower of Case No. 1
and No. 2; (c) Podium of case No. 2; (d) Tower of Case No. 3.

For simplicity, it is assumed that the viscous linear dampers can provide a 6% addi-
tional damping ratio for the podium. The corresponding damping coefficients are calculated
from the modal damping matrices of the podium as c = 216 kN·s2/m.

3.2. Transimissibility Comparison

Based on the transmission equations in Equations (10) and (11), the top floor acceler-
ation transmissibility is presented in Figure 3a. It has been proved that the damper can
reduce dynamic response by providing additional modal damping for all modes. However,
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due to the installation of connecting dampers, the dynamic response is coupled, and the
coupled response can be significantly observed in the frequency domain. The podium is
influenced more obviously than the tower because of the difference in structural size. Due
to the contribution of the coupled response, the dynamic motion may be amplified under
earthquakes.

(a) 

(b) 

Figure 3. Transmissibility of the tower and podium (Case No. 1): (a) absolute top acceleration;
(b) absolute top displacement.

The main factors induced by the connecting dampers that can affect the seismic
response of the tower and the podium are: (1) additional modal damping by the energy
dissipation of dampers; and (2) the coupled dynamic response, which is essentially caused
by the phase difference between the two ends of the damper under motion. Additional
modal damping is always beneficial for reducing the seismic response; however, the
amplification phenomena due to the coupling increase the complexity of the connecting
system. Figure 3b presents the top displacement transmissibility for the tower and podium.
Compared with the acceleration response, the displacement response mainly depends on
the first mode contribution, and the higher mode response is minor. At the same time, the
coupled response is also significant for the podium structure.

3.3. Quantification of Additional Modal Damping

The Levy Method [35] is a widely accepted system identification algorithm that
adopts a mathematic transmission model to fit the frequency data in a least-squares sense.
This method can calculate the modal damping from the absolute acceleration transfer
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function. The modal damping ratios of the all modes are obtained and compared herein.
The additional modal damping ratio is obtained by the identified damping ratio minus
the original modal damping. The results are discussed considering different structural
parameters in Figure 4. The main conclusions are:

(a) The damper layout in Model a (installed within the tower building) provides more
significant modal damping in higher modes, while the dampers in Model b and Model
c that connect buildings can dissipate more energy in the first mode response;

(b) Dampers in Model b and Model c have similar performance for providing additional
modal damping;

(c) Under specific circumstances, dampers can decrease the modal damping ratio (minus
the modal damping ratio). That is because if the coupled response is near the modal
frequency, the transmissibility value will increase, and the identified modal damping
using the Levey Method will decrease accordingly.

Figure 4a,b present the additional damping ratio for Case No. 1 and No. 2. For these
two cases, the bottom podium of Case No. 2 is more rigid. The natural period of the
podium in Case No. 1 and No. 2 is 1.45 s and 0.97 s, respectively. Results illustrate that the
modal damping in higher modes of tower building increase owing to the rigid podium.
For the podium, the modal damping significantly increases in Model b but decreases in
Model c.

Figure 4a,c show the additional damping ratio for Case No. 1 and No. 3. For these two
cases, the bottom podium of Case No. 3 is softer to represent a high-rise tower building.
The natural period of the tower in Case No. 1 and No. 3 is 2.08 s and 3.17 s respectively.
The damping ratio for the tower decreases in Case No. 3 because the tower size becomes
significantly larger. The third mode additional damping ratio is a minus value, which
amplifies the third mode response. The podium damping ratio obtains an increment in
modal damping, primarily for Model b.

3.4. Seismic Input Energy

Though the additional modal damping ratio has been compared in Section 3.3, evalu-
ating the damping benefits with different damper layouts for the whole structural system is
challenging. Even though a higher first mode damping ratio is obtained using connecting
dampers, a significant coupled response is observed (Figure 3), which can amplify the
dynamic response.

  
(a) 

Figure 4. Cont.
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(b)

(c)

Figure 4. Additional damping ratio under different damper placement with 6% damping level:
(a) Case No. 1; (b) Case No. 2; (c) Case No. 3.

The seismic input energy is calculated and compared to appropriately evaluate the seis-
mic mitigation effect. The ordinary approach to obtaining input energy is to conduct a time
history analysis, though the energy can be calculated more briefly in the frequency domain,

EI(t) =
∫ ∞

0

∣∣∣ ..
Ug(ω, t)

∣∣∣2F(ω)dω, (12)

where
..
Ug(ω, t) is the Fourier Transform of the seismic wave in the time range between 0

and t. F(ω) is the energy transfer function given in the following form,

F(ω) = Re
[

iωMT M
−ω2 M+iωC+KI

]
/π,

= Re
[−iωMT · Hi(ω)

]
/π,

(13)
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The design spectrum of the Chinese Code [36] is adopted and transformed into the
power spectrum as

Sg(ω) =
ξ

πω
S2

a(ω, ξ)/ ln
[−π

ωT
ln(1 − P)

]
, (14)

where Sg(ω) =
∣∣∣ ..
Ug(ω)

∣∣∣2 is the power spectrum of the seismic input. Sa(ω, ξ) is the design
acceleration spectrum with designated damping ratio ξ. T is the duration of the earthquake
and P is the exceedance probability (T = 30 s, P = 0.85 in this paper). It is assumed that the
phase angle of the seismic wave is random. Thus, the code-based artificial wave can be
formed by the trigonometric series. The selected design spectrum and generated artificial
spectrum after iterative correction are given in Figures 5 and 6. The characteristic period of
the selected spectrum is 0.40 s, and the damping ratio is 5%. The peak acceleration value is
70 cm/s2, corresponding to the frequent earthquakes of fortification intensity of eight in
the Chinese Code [36].

Figure 5. Seismic design spectrum and artificial spectrum.

Figure 6. Fourier spectrum generated by the Code and the artificial spectrum.

Energy comparison in time history is calculated by Equation (12). The energy is
calculated using the frequency domain method, while the step-by-step approach is used in
the time domain to obtain incremental results. An example is given in Figure 7. It presents
the seismic input energy for Case No. 1 of each degree of freedom in Figure 1. The input
energy can accurately capture the seismic response of each floor, especially including both
the effect of energy dissipation of dampers and the coupled response. It is concluded that
installing dampers on the lower floors of the tower will increase the seismic response on
the upper floors (3-DOF). The connecting dampers in Model b are likely to increase the
seismic response of the tower but with a significant seismic reduction effect for the podium.

In comparison, Model b can reduce the dynamic response of the tower but amplify
the podium response. According to Figure 4a, the additional modal damping of Model b
and Model c are similar for the tower but are higher for the podium of Model b, leading
to a significant seismic reduction effect. The energy results for the tower can be explained
in Figure 3: For Model b, the coupled response is remarkable in the frequency domain
between 0.5 and 1.0 Hz, which is caused by the first mode response of the podium. Figure 6
also presents that the seismic energy is high in the same frequency range as the Fourier
spectrum generated by the Code.
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Figure 7. Seismic input energy for each degree of freedom (DOF) of tower and podium (Case No. 1).

The seismic input energy reduction ratio RE is defined to evaluate the damping effect
provided by different layouts of dampers,

RE = (EId − EI)/EI, (15)

where EI is the seismic input energy (total dissipated energy at the final time step) of the
structures without dampers. EId is the seismic input energy of the damped structure.

The energy reduction ratio is summarized in Figures 8–10, including different adjacent
building cases and damper layout models. The main conclusions that can be made from
the comparison results are: (a) All the damper layouts will increase the response on
the upper floor of towers, especially for the dampers connecting two adjacent buildings.
(b) For the traditional damper layout in the single tower in Model a, the energy dissipation
effect is guaranteed for the tower. While the dynamic response will increase in many
cases considered in this study due to the coupled response of the adjacent buildings. (c)
The damping effect caused by the connecting dampers is significantly influenced by the
dynamic properties of the two adjacent buildings. From Case No. 1 to Case No. 2, the
damper is more beneficial for the tower, with the podium becoming rigid. In addition,
comparing Case No. 1 and Case No. 3, the dampers are more effective for both the tower
and podium with a higher tower building. The response energy results conclude that the
dampers connecting two buildings are not always beneficial for the seismic response. If
dampers are designed to connect two adjacent buildings, a detailed analysis should be
made to fully consider the possible adverse effect.
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(a) (b) 

Figure 8. Energy reduction ratio of Case No. 1: (a) Tower; (b) Podium.

 
(a) (b) 

Figure 9. Energy reduction ratio of Case No. 2: (a) Tower; (b) Podium.

 
(a) (b) 

Figure 10. Energy reduction ratio of Case No. 3: (a) Tower; (b) Podium.
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4. Engineering Verification

The different damper layouts in adjacent building models have been discussed thor-
oughly in analytical solutions regarding energy in Section 3. In general, results show that
the dampers that connect two adjacent buildings may increase the dynamic response in
some circumstances instead of dissipating the motion energy. Numerical studies examine
the seismic response of the two adjacent buildings with dampers.

4.1. Numerical Model

Figure 11 presents a 23-story reinforced concrete (RC) frame shear wall building with
an adjacent 10-story steel moment frame as the podium. In between is a construction
joint, which divides the two buildings. The numerical model is based on an actual project
in Yunnan Province, China, designed by the China Southwest Architectural Design and
Research Institute. The basic dynamic properties are listed in Table 3. Due to the archi-
tectural function, the maximum number of dampers in the global x-direction is limited.
Linear viscous dampers are installed within the tower and across the construction joint
in the x-direction to satisfy the seismic mitigation requirement of the RC tower. After
the preliminary design, the viscous damping coefficient of viscous dampers is taken as
36,300 kN·s/m, providing a 50-ton maximum damping force.

Figure 11. The numerical model of adjacent buildings.

Table 3. Dynamic properties of adjacent tower and podium.

Tower Podium Direction

Mass 76,250 ton 15,000 ton -
1st Period 2.35 s 1.29 s y
2nd Period 2.12 s 1.28 s x
3rd Period 1.98 s 0.85 s torsional

The SAP2000 v22.0 software was adopted to implement the seismic performance
simulation of the case study. For the nonlinear behavior of columns and beams, the P-M2-
M3 and M3 hinges were defined, respectively. The steel moment frame podium braces were
modelled using the P hinges. The shear walls were defined using the nonlinear layered
shells, in which the concrete and rebar were defined separately using layers with designated
thickness and positions. The section size and rebars defined in the model are based on
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the actual engineering design. For the viscous dampers, the link element represents the
Maxwell model.

Based on the Chinese Design Code [36], two field-recorded seismic waves and one
code-based artificial wave (AW) were selected to evaluate the building performance. The
process of generating the AW wave is described in Section 3.4. The detailed informa-
tion is given in Table 4, the response spectrum is compared with the code spectrum in
Figure 12, and the normalized acceleration time history excitation is given in Figure 13. To
include the damper performance under different seismic magnitudes, seismic performance
analysis with a peak acceleration of 70 gal and 400 gal represents frequently and rarely
occurred earthquakes.

Figure 12. Spectrum comparison between the seismic waves and the Code spectrum.

(a)

(b)

(c)

Figure 13. Normalized acceleration time history of the seismic records: (a) AW; (b) CHE; (c) EL.
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Table 4. The information of seismic waves.

Event Location Station Year

AW Artificial Wave — —
CHE Chuetsu-oki, Japan NIG014 2007
EL Imperial Valley, US El Centro Array 1979

4.2. Models with Different Damper Layout

Models with different damper layouts are established to compare the seismic control-
ling effect via time history analysis:

(1) Original model: RC tower without viscous dampers;
(2) Model A: Few viscous dampers installed within the tower;
(3) Model B: Additional dampers installed on the same level across the construction joint

(based on Model A);
(4) Model C: Additional dampers in the inter-story layout (based on Model A).

Figure 14 presents an illustrative sketch of the dampers designed within the tower in a
typical story. Dampers in the x-direction are installed at positions 1© and 2©, while positions
3©– 5© for dampers in the y-direction. In positions 1© and 3©, dampers are placed from the

second floor to the top floor (the 23rd floor) and from the fourth floor to the top floor for
other positions. In total, 42 and 62 dampers are used separately in the x and y-direction.

The dampers that connect the two buildings are installed differently in Model B
and Model C. The additional dampers are all considered to be used in the x-direction to
investigate whether they can provide an approximately identical supplemental damping
as in the y-direction. The placement of dampers is presented in Figure 15.

Figure 14. Typical placement of dampers within the towers.

(a) (b)

Figure 15. Connecting damper placement for the two adjacent buildings: (a) Model B; (b) Model C.
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4.3. Seismic Response under Frequent Earthquakes

The dynamic seismic response of different models in the x-direction is calculated via
time history analysis, and the maximum story drift is obtained. The Maxwell model is
adopted to model the viscous dampers, and the Fast Nonlinear Analysis (FNA) method is
used to calculate the time history response of the elastic model with limited nonlinear com-
ponents (viscous damper elements). The drift reduction rate Rd is calculated accordingly to
compare the damping effect. Figure 16 presents the drift reduction results from the original
model to Model A. It is concluded that the viscous dampers can significantly reduce the
maximum story drift under frequent earthquakes at an average rate of about 20%.

Figure 16. Drift reduction rate between original RC tower and Model A.

The drift reduction rate between Model A and Model B is presented in Figure 17.
According to the drift comparison, the seismic response is amplified on the upper floors
after installing the dampers to connect the two adjacent buildings. In contrast, the seismic
mitigation effect is observed on the bottom floors with connecting dampers. Based on
the average value of the three seismic waves, the amplification and reduction rates are
between 0 and 5%. The results correspond to the analytical seismic energy comparison in
Figures 8–10.

 
(a) (b) 

Figure 17. Drift reduction rate between Model A and Model B: (a) RC tower; (b) Steel podium.
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The drift reduction rate between Model B and Model C is presented in Figure 18. The
damper placement is different (see Figure 15). According to the seismic reduction rate, it is
concluded that the dampers in Model C can provide a better controlling effect for both the
RC tower and the steel podium based on average meaning. However, the dampers still
cause adverse effects on the upper floors of the RC tower.

 
(a) (b) 

Figure 18. Drift reduction rate between Model B and Model C: (a) RC tower; (b) Steel podium.

4.4. Nonlinear Response under Rare Earthquake

Although multiple theoretical and numerical analyses have been compared to study
the behavior of the dampers connecting adjacent buildings in this paper and previous
studies, most of which utilized the elastic model. The nonlinear response of connected
buildings under rarely occurred earthquakes should be investigated in detail. The time
history response is calculated using the step-by-step method. The details of structural
members, including the rebars, are included based on actual engineering designs to reflect
the nonlinear response more accurately. Due to the computing time, only the result of the
AW wave is calculated in this section.

The story drift reduction rate of Models A, B, and C compared to the original model
are given in Figure 19. The drift of Model A is slightly amplified on floors 1–5 because
there are no dampers on the first floor and fewer dampers on the second and third floors.
It is concluded that the maximum story drift of upper floors can be reduced between 0%
and 10% with additional viscous dampers. The drift reduction rate under rare earthquakes
significantly differs from that of frequent earthquakes (Figure 16). The overall seismic
mitigation efficiency is lower than cases under frequent earthquakes due to the nonlinear
behavior of structural members. Under maximum considered earthquakes, the controlling
effect increases with the increment of the building height. For the additional effect caused
by the dampers across the architectural joint, the seismic response decreases on the floors,
but the response is amplified on the upper floors for both Model B and Model C. The
primary influence caused by dampers in Model B and Model C is similar.

To discuss the difference between the damper placement in the same and inter-story
levels, the drift reduction rate of Model B and Model C compared to Model A is given in
Figure 20. The response of both the RC tower and steel podium are compared. For the RC
tower with connecting dampers under maximum earthquakes, results indicate that the
dampers installed at the inter-story levels are less effective in reducing the seismic response
in the floors with additional dampers. However, they cause a less adverse effect on the
upper floors without connecting dampers. For the steel podium, the influence is more
significant, the drift of the bottom floors is reduced between 0% and 10%, but the maximum
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drift is amplified by at most 65% on the upper floors. Previous analytical studies have
proven that the connecting damper can potentially cause an adverse effect on buildings,
which has been verified herein.

Figure 19. Drift reduction rate of Model A, B, and C compared to the original model.

 
(a) (b) 

Figure 20. Drift reduction rate of Model B and Model C compared to Model A: (a) RC tower;
(b) Steel podium.

For different models under maximum considered earthquakes, the seismic input
energy, kinetic energy, potential energy, modal damping energy dissipated by structural
hysteretic loops (hinges and nonlinear layered shells), and energy dissipated by viscous
dampers are calculated and compared. An example of the time history of seismic energy
is given as an example in Figure 21a. The hinge state of a typical frame of the concrete
tower is presented in Figure 21b. All the hinges occurred at the beam end within the LS
(life safety) and IO (immediate occupancy) states. The columns and walls stay at the elastic
stage, which presents an optimal seismic performance.
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(a) (b)

Figure 21. Nonlinear response of Model A: (a) Energy comparison; (b) Hinge state.

The maximum value of each energy component from different models is displayed in
Figure 22. The viscous dampers dissipate no energy for the original RC tower. For Model
A, the dampers are installed within the tower building, and additional connecting dampers
are considered in Model B and Model C. The model damping ratio is set as 5% during the
nonlinear analysis, and then the overall damping ratio provided by viscous dampers is
calculated by the proportion of the dissipated energy. For Model A, Model B, and Model C,
the additional damping ratio is 0.50%, 0.63%, and 0.72%, respectively.

Figure 22. Total energy comparison of different models.

The total energy dissipated by the dampers and the structural members can reflect the
damper performance and the structural damage level. The total energy values are compared
in Figure 23. Comparing Model A with the Original Model, the dampers within the tower
can have a significant effect in dissipating motion energy and mitigating structural damage.
Comparing Model B/C with Model A, in the aspect of overall energy, the connecting
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dampers significantly decrease the energy component of the structural members. It is also
concluded that connecting dampers in Model C are slightly more efficient than in Model B.

Figure 23. Energy comparison of viscous dampers and structural members.

5. Conclusions

Analytical and numerical studies have been performed in this paper to compare the
seismic mitigation effect of viscous dampers to connect two adjacent buildings. The dy-
namic properties of two adjacent buildings and different damper placements are discussed.
In addition, Nonlinear time history (NLTH) numerical analyses for an actual engineering
project under frequent and rare earthquakes are performed. The main conclusions are
summarized as follows:

(1) From the comparison of transmissibility curves, the connecting dampers can increase
the modal damping ratio as the traditional placement of dampers within a single
building. In contrast, the dampers can cause the coupled response of the adjacent
building for both the podium and tower, which can potentially amplify the seismic
response.

(2) The analytical and numerical studies prove that the connecting dampers can signif-
icantly amplify the seismic response in the upper stories of the tower. The seismic
mitigation effect is proved in the lower stories on the floors where the VDs are installed.
Careful consideration is required when designing dampers to connect two buildings.
The seismic performance of the upper floors should especially be guaranteed.

(3) For the considered cases in this study, traditional damper placement can be more
effective for seismic controlling of a single building. If dampers are designed to
connect adjacent buildings due to architectural requirements or to avoid pounding,
connecting the two ends of the dampers on different levels should obtain a better
seismic mitigation effect under seismic input.
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Abstract: To investigate the axial compressive behavior of an opening cold-formed thin-wall C-steel
combined double-limb column, C-steel combined I-section columns were modeled in this paper,
and the models were validated by experiments on axial-compressed combined columns. Parametric
analyses were carried out on the combined columns. The effects of slenderness ratio, height to
thickness ratio, width to thickness ratio, bolt spacing, and opening in the web on the ultimate
compressive bearing capacity of the combined columns were investigated. It was observed that the
slenderness ratio had the most significant effects on the combined column. Furthermore, the formulas
predicting the compressive bearing capacity in the Chinese and AISI standards were compared,
and the accuracy of the formulas was studied. Afterward, the formulas with higher accuracy and
applicability for the ultimate compressive bearing capacity for the C-steel combined I-section column
were proposed. The compression stability factor and reduction factor were fitted in this paper. The
proposed formulas and factors can predict the ultimate compressive bearing capacity of the C-steel
combined I-section column.

Keywords: combined column; numerical analyses; ultimate compressive bearing capacity;
slenderness ratio; opening ratio

1. Introduction

Steel structures and composite structures have been widely used in civil and industrial
engineering [1–3]. Due to its advantages of light weight, high strength, energy saving,
environmental protection, and rapid construction [4,5], the cold-formed thin-walled steel
structure has been widely used in engineering structures [6–9]. In applications of the
columns, two or more U-shaped and C-shaped cold-formed thin-walled steel members are
usually connected with self-tapping screws, rivets, or bolts to form combined columns with
better mechanical properties. The combined components are suitable for multistorey build-
ings [10–13]. Compared with a single section, a cold-formed thin-walled steel combined
column has the advantages of greatly improving the bearing capacity, bending and tor-
sional stiffness, and convenient manufacturing and construction [14,15]. Among all kinds
of combined cross-sections, the I-shaped cross-section with two C-shaped cross-sections
assembled back-to-back is the most widely used, and its structural schematic diagram is
shown in Figure 1. In this paper, this type of combined column is called a C-steel combined
I-section column.

In recent decades, much research has been conducted on cold-form thin-walled com-
bined columns. Bae et al. carried out experiments on combined columns with U-shaped,
2U-shaped, and 2U + C-shaped combined cross sections, and proved that steel columns
with combined cross sections have higher compressive bearing capacity [16]. Whittle and
Ramseyer conducted experimental studies on a C-shaped thin-walled steel combined box
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section with double limb, and found that the reasonable spacing of connectors can effec-
tively avoid the instability of members [17]. Zhou et al. carried out numerical analyses on
the cold-formed thin-walled combined columns to investigate the influence of the sectional
form, size, and slenderness ratio on the combination effects, and suggested that the stable
bearing capacity of the combined column should be set as 0.7 times that of the overall
sectional stability bearing capacity to ensure the reliability of the connector [18]. Chen
et al. investigated the influence of the thickness of the backing plate and the spacing of the
backing plate on the mechanical properties of the combined column through experiments
and numerical studies, and proposed a formula for calculating the bearing capacity of
the columns with the effective width method [19–21]. Li et al. proposed a formula for
calculating the elastic distortion buckling stress of the combined box-section columns [22].
Dabaon and Ellobody studied the failure mode and deformation behavior of combined
columns through experiments, and found that the European code and Australian code were
not conservative for the destruction of the combined columns with local buckling [23,24].
Abbasi and Khezri analyzed the elastic buckling of the combined columns, and proposed
an element with adjustable stiffness characteristics to simulate connectors between the
combined columns [25]. Recently, Rahnavard also carried out numerical analyses on the
box-section combined columns, and investigated the influence of the form and spacing of
the batten plate on the buckling behavior of combined members [26]. Zhou et al. carried
out axial compression tests on long columns with C-shaped cross-section and box-shaped
cross-section combined with the C-steel. It was found that the failure mode of the specimens
was mainly global bending [27–30].

    
(a) (b) (c) 

Figure 1. Diagram of the C-steel combined I-section column (a) Cross section; (b) 3D diagram;
(c) Side-view and front view diagram.

Since the I-shaped cross section column has been widely adopted in building engi-
neering, many studies have been conducted on the C-steel combined I-section column
with double limb. Stone and Laboube analyzed the buckling form and ultimate bearing
capacity of 32 assembled I-section members connected by self-drilling screws under axial
compression, and proved that the ultimate bearing capacity calculated by the American
code was conservative [31]. Yao studied the effects of the slenderness ratio and screw
spacing on the mechanical properties of I-section steel columns. The experiments showed
that the slenderness ratio had a great influence on the compressive bearing capacity of
I-section steel columns [32]. Fratamicoa carried out buckling and failure tests and numer-
ical analyses on I-shaped cross-section columns with double-limb open-ended grooved
steel. It was found that local–global mutual buckling and bending–torsional buckling are
common failure modes of open-ended assembled specimens [33,34]. In addition, through
Southwell’s method [35] to obtain the end stiffness, the design method based on direct
strength was proposed. Roy and Ting focused on the influence of the member thickness and
slenderness ratio on the compression performance of the combined I-shaped members. The
results showed that the thickness and slenderness ratio were important factors affecting
the bearing capacity of the composite column [36,37]. In previous research, it was observed
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that the lateral torsional buckling occurred at the beam or column [38–41]. The lateral
torsional buckling of the C-steel combined I-section column should be investigated.

In summary, in previous research, the connection form of cold-formed thin-walled
steel I-section columns was mostly screw connection. There are few studies on the bolt-
connected combined I-section column. Furthermore, the research was mostly concentrated
on the combined I-section column with complete section form. There are few studies
on I-section combined column with opening web. The openings in the web may affect
the compressive bearing capacity of the I-section combined column. To investigate the
axial compressive behavior of the C-steel combined I-section column, the finite element
models of the columns were established in this paper. The finite element models were
validated by experiments. In addition, parametric analyses were conducted on the I-
section combined columns with complete and opening webs to investigate the mechanical
behaviors. Moreover, the design formulas of the I-section combined column were proposed,
and the applicability and accuracy of the proposed formulas were verified in this paper.

2. Numerical Simulations on C-Steel Combined I-Section Columns

2.1. Finite Element Models

To investigate the compressive performance of the cold-formed thin-walled C-steel
combined I-section columns with double limbs and the factors affecting their buckling
mode, the C-steel combined I-section columns were simulated in Ansys [42]. In the com-
bined column, the C-steel and terminal pad were simulated by Shell 181 elements, and
the bolts in the web were modeled by Solid 185 elements. Since the two C-shaped steels
were combined, the interactions between the two C-shaped steels were set as Targel 70
and Contal 174, respectively. Furthermore, the interactions between the C-shaped steels
and terminal pads were surface-to-line interaction. Thus, the interactions between the
terminal pad and C-shaped steels were set as Targel 70 and Contal 175, which can obtain
better simulation effects in surface-to-line interaction [42]. In the finite element models, the
pre-tension was set as 125 kN. The combined specimens in [43] were simulated in this paper,
and the parameters of the specimens are listed in Table 1. The meanings of the notations in
Table 1 are shown in Figure 2. Moreover, δ0, λy, and A denote the initial geometric defect,
slenderness ratio of a single limb component in the weak axis direction, and sectional area
of the combined column, respectively. The naming rules of the specimens are shown in
Figure 3. In Figure 3, the prefixes S, M, and L denote the short, medium, and long columns,
respectively.

Table 1. Parameters of the C-steel combined I-section columns in Ref [43].

L/mm h/mm b/mm c/mm t/mm δ0/mm λy A/mm2

SC-90-A1 270 92.8 41.8 14.8 1.19 0.412 8.45 466.5
SC-90-A2 270 93.8 41.8 14.7 1.19 0.521 8.47 468.4
MC-90-A1 1533 93.5 41.5 15.0 1.18 0.565 96.51 464.0
MC-90-A2 1531 92.5 42.0 14.5 1.20 0.433 95.73 469.0
LC-90-A1 3033 91.8 43.2 14.4 1.19 0.521 184.56 468.9
LC-90-A2 3038 92.8 40.2 15.0 1.18 0.374 197.15 456.2
SC-140-A1 451 142.7 42.9 15.1 1.47 0.646 14.47 724.3
SC-140-A2 451 144.2 42.8 14.8 1.48 0.535 14.59 731.1
MC-140-A1 1532 142.0 42.5 15.5 1.48 0.652 98.82 726.9
MC-140-A2 1533 142.0 42.0 15.0 1.48 0.443 100.66 721.0
LC-140-A1 3034 140.8 42.0 15.5 1.49 0.656 197.96 725.0
LC-140-A2 3033 141.5 42.3 16.0 1.47 0.661 195.37 722.5
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Figure 2. Parameters in the combined column.

Figure 3. Naming rules of the combined column.

According to the material tests in [43], the elastic modulus, Poisson’s ratio and yield
strength of the steel were set as 2.05 × 105 N/mm2, 0.303 and 305.4 N/mm2, respectively. In
the finite element simulations, the von Mises yield rule was used. To simulate the boundary
conditions, in the finite element models, the translation displacements ux, uy, and uz of
the upper terminal pad were constrain, and the ux and uy displacements of the bottom
terminal pad were fixed. The finite element model of the C-steel combined I-section column
is shown in Figure 4.

U U U

U U
U

Figure 4. Finite element models of the C-steel combined I-section columns.

2.2. Finite Element Model Validations

The ultimate compressive bearing capacities of the combined columns in experiments
and simulations are listed in Table 2. In Table 2, NFE and NTE denote the compressive
bearing capacities obtained by the finite element analyses and experiments. According to
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Table 2, the compressive bearing capacities obtained by the simulations and experiments
were similar, and the average error was 2.6%. Furthermore, the failure mode obtained by
the simulations were the same as those observed in the tests. Figure 5 shows the load–
vertical displacement (F-Δ) relationship curves of the specimens. For the short, medium,
and long combined columns, the curves obtained by tests and simulations were similar.
Moreover, the failure modes of the C-steel combined I-section columns are compared in
Figure 6. The failure modes observed in the tests and predicted in the numerical analyses
were the same. Therefore, the finite element modeling method was validated and can be
adopted to investigate the ultimate compressive bearing capacity of the C-steel combined
I-section columns.

Table 2. Comparisons between the simulated and tested compressive bearing capacities.

Simulation Experiment
NFE/NTE Error/%

NFE/kN Failure Mode NTE/kN Failure Mode

SC-90-A1 133.6 Local buckling 127.7 Local buckling 1.046 4.62
SC-90-A2 133.5 Local buckling 132.8 Local buckling 1.005 0.53

MC-90-A1 102.3 Local + overall
buckling + distortion 97.7 Local + overall

buckling + distortion 1.047 4.71

MC-90-A2 106.7 Local + overall
buckling + distortion 103.0 Local + overall

buckling + distortion 1.036 3.59

LC-90-A1 44.5 Overall buckling 42.6 Overall buckling 1.045 4.46
LC-90-A2 44.9 Overall buckling 39.9 Overall buckling 1.125 12.53
SC-140-A1 142.7 Local buckling + distortion 130.7 Local buckling + distortion 1.092 9.18
SC-140-A2 143.1 Local buckling + distortion 139.6 Local buckling + distortion 1.025 2.51

MC-140-A1 106.2 Local + overall
buckling + distortion 105.8 Local + overall

buckling + distortion 0.856 0.38

MC-140-A2 105.1 Local + overall
buckling + distortion 101.0 Local + overall

buckling + distortion 1.041 4.06

LC-140-A1 48.0 Overall buckling 49.2 Overall buckling 0.976 −2.44
LC-140-A2 47.7 Overall buckling 46.9 Overall buckling 1.017 1.71
Mean value - - - - 1.026 3.82

Variance - - - - 0.063 3.98

 

   
(a) (b) (c) 

F F F

Figure 5. Load–vertical displacement relationship curves of the C-steel combined I-section columns
(a) SC-90-300-A1; (b) MC-140-1500-A1; (c) LC-90-3000-A1.
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(a) (b) (c) 

Figure 6. Comparisons of the failure modes of the combined columns (a) SC-90-A2; (b) MC-140-A1;
(c) LC-90-A2.

3. Parametric Analyses on C-Steel Combined I-Section Columns

To investigate the effects of different parameters on the ultimate compressive bearing
capacity of the combined columns, 171 combined columns were analyzed in this section. In
the analyses, the initial defect mode was set as the first-order buckling mode shape, and
the defect value was set as L/1000 [44], where L is the length of the column. In this section,
the effects of the holes on the web were also studied, and the naming rule of the combined
columns in the parametric analyses is shown in Figure 7.

Figure 7. Naming rules of the combined columns in parametric analyses.

3.1. Effects of Slenderness Ratio

To investigate the effects of the slenderness ratio on the ultimate compressive bear-
ing capacity, the combined columns, C90-40-15-1.5, C120-40-15-1.5, C140-40-15-1.5, and
C160-40-15-1.5, with different lengths (300, 600, 900, 1200, 1500, 1800, and 3000 mm) were
modeled in this section. Taking C120-40-1.5 combined columns as examples, with different
length, the failure modes of the columns are shown in Figure 8, and the load–vertical
displacement relationship curves of C120-40-1.5 combined columns are shown in Figure 9.
For the short, medium, and long columns, the failure modes were local, local buckling–
distortion, and overall buckling, respectively.

With different slenderness ratios, the ultimate compressive bearing capacities of the
four series combined columns are shown in Figure 10. The compressive bearing capacity
decreased with the increase in the slenderness ratio. When the slenderness ratios ranged
from 10 to 75 and 150 to 210, the compressive bearing capacity decreased slowly. With the
slenderness ratios lower than 75, the two C steels in the combined columns constrained
with each other, and only local buckling could be observed. When the slenderness ratios
were 75~150, the compressive bearing capacity decreased rapidly, caused by the distortion
in the combined columns. When the slenderness ratios were greater than 150, overall
buckling occurred. Thus, the compressive bearing capacity decreased rapidly.
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(a) (b) 

  
(c) (d) 

Figure 8. Deformation of the C120-40-15-1.5-L combined columns (a) C120-40-15-1.5-300; (b) C120-40-
15-1.5-1500; (c) C120-40-15-1.5-2400; (d) C120-40-15-1.5-3000.

 

F

Figure 9. F-Δ relationship curves of C120-40-15-1.5-L.

199



Buildings 2022, 12, 1378

 λ

N

Figure 10. Nu-λ relationship curves of the combined columns.

3.2. Effects of Height to Thickness Ratio of Web

To investigate the effects of height to thickness ratio of the web on the ultimate com-
pressive bearing capacity of the C-steel combined I-section columns, parametric analyses
were carried out on the columns with a width of flange, height of the curling, and thickness
of the steel of 40 mm, 15 mm, and 1.5 mm, respectively. Furthermore, the columns with
length of 300 mm, 900 mm, 1500 mm, and 3000 mm were analyzed. By changing the height
of the C steels, the stress distributions of the 1500 mm-length combined columns are shown
in Figure 11. With different height of the web, the load–vertical displacement relationship
curves are shown in Figure 12. According to Figures 11 and 12, with the increase in the
height to thickness ratio, the vertical displacement decreased, and the ultimate bearing
capacity increased. The maximum stresses gradually shifted to the web of the component.
The ultimate compressive bearing capacity versus height to thickness ratio of the web
relationship curves are shown in Figure 13. With the increase in height to thickness ratio of
the web, the bearing capacity increased slowly. For the four series of combined columns,
the increasing ratio of the height to thickness ratio was 122.2%, and the increasing ratios of
the compressive bearing capacity were 7.5%, 8.0%, 11.5%, and 25.8%, respectively. In the
models of the combined columns, with the increase in the height to thickness ratio of the
web, the cross-sectional areas of the columns increased. Additionally, it further reduced
the effect of height to thickness ratio of the web. Moreover, the direction of the web was in
the major axis of the combined columns, and the failure of the columns was mainly in the
weak axis. Thus, the effects of the height to thickness ratio of the web was not so obvious.

  
(a) (b) 

Figure 11. Cont.
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(c) 

Figure 11. Stress distortions of the combined columns with different height to thickness ratios of web
(a) C90-40-15-1.5-1500; (b) C160-40-15-1.5-1500; (c) C200-40-15-1.5-1500.

 

F

Figure 12. F-Δ relationship curves of CH-40-15-1.5-1500.

 h t

N

Figure 13. Nu-h/t relationship curves of the combined columns.

3.3. Effects of Width to Thickness Ratio of Flange

In the parametric analyses, the thickness of the thin-walled steel plate was set as
1.5 mm, and the height of the curling and the length of the column were 15 mm and
1500 mm, respectively. The combined columns with a height of 90 mm, 120 mm, 140 mm,
and 160 mm were analyzed in this section. For the C90 series combined columns, under the
ultimate compressive load, the stress distributions are shown in Figure 14. With the increase
in the width to thickness ratio of the flange, the maximum stress gradually distributed on
the flanges, which means that the loads bore by the flanges increased. Figure 15 shows
the load–vertical displacement relationship curves of C90 series combined columns. The
large width to thickness ratio of the flanges constrained the deformation. The ultimate
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compressive bearing capacity versus width to thickness ratio of the flange are shown in
Figure 16. With the increase in the width to thickness ratio, the ultimate compressive
bearing capacity increased. Furthermore, when the width to thickness of the flange was in
the range of 22.5 to 30, the compressive bearing capacity increased rapidly. The direction of
the flange was along the weak axis of the C-steel combined I-section column. Therefore,
the effects of the width to thickness ratio of the flange were more obvious than those of the
height to thickness ratio of the web. In this section, the parametric analyses were carried
out on the medium columns. The large flange constrained the distortion of the columns
effectively. It was the reason why the ultimate compressive bearing capacity increased with
the increasing width to thickness ratio of the flange.

  
(a) (b) 

 
(c) 

Figure 14. Stress distortions of the combined columns with different width to thickness ratios of
flange (a) C90-30-15-1.5-1500; (b) C90-45-15-1.5-1500; (c) C90-60-15-1.5-1500.

 

F

Figure 15. F-Δ relationship curves of C90-B-15-1.5-1500.
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N

Figure 16. Nu-b/t relationship curves of the combined columns.

3.4. Effects of Bolt Spacing

The two C-steels were combined by the bolts on the webs to form an I-section column.
The bolt spacing affects the combined effects. Li et al. recommended that the bolt spacing
of the combined column should not be greater than 600 mm, and the number of bolts
should be greater than three (when the length of the column is greater than 600 mm) [45].
In this section, parametric analyses were carried out on C140-40-15-1.5 combined columns
to investigate the effects of the bolt spacing on the ultimate compressive bearing capacity.
The lengths of the columns were set as 300 mm, 900 mm, 1500 mm, and 3000 mm. In the
parametric analyses, the bolt spacings of the columns with different length can be found
in Table 3. With different bolt spacing, the ultimate compressive bearing capacity of the I-
section combined columns are shown in Figure 17. According to Figure 17, the bolt spacing
had less influence on the compressive bearing capacity. For the four series of combined
columns with different length, the bolt spacing increasing ratios were 275%, 800%, 1100%,
and 1100%, respectively. However, the ultimate bearing capacity only increased by 0.6%,
0.6%, 1.1%, and 1.8%, respectively.

Table 3. Bolt spacings and ultimate compressive bearing capacity of combined columns.

Bolt Spacing/mm
Increasing

Ratio
Increasing

Bearing Capacity

C140-40-1.5-300 40, 60, 80, 100, 120, 150 275% 0.6%
C140-40-1.5-900 50-450, step: 50 800% 0.6%

C140-40-1.5-1500 50-200, step: 5; 200-600, step: 100 1100% 1.1%
C140-40-1.5-3000 50-200, step: 50; 200-600, step: 100 1100% 1.8%

 s

N

Figure 17. Nu-Sb relationship curves of the combined columns.

3.5. Effects of Opening in the Web
3.5.1. Effects of Opening Ratio of the Web

The openings in the web reduce the sectional area of the web and affect the failure
mode of the combined columns. To investigate the effects of the opening ratios of the web
on the ultimate compressive bearing capacity, parametric analyses were carried out on
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C140-40-15-1.5 combined columns. The opening ratios were defined as the ratio of area of
the openings to that of the web. In the parametric analyses, the oval openings were set in
the web, and the spacing between the openings was fixed. The opening ratio increased
from 0 to 60%, and the increasing ratio was about 8%.

With different lengths and opening ratios, the failure modes of the C-steel combined
I-section columns are shown in Figure 18. With the increase in the opening ratio, the
deformation of the columns was greater, and the local failure was more obvious in the
middle of the combined columns. The relationship between the ultimate compressive
bearing capacity and the opening ratios are shown in Figure 19. With the increase in the
opening ratio, the compressive bearing capacity decreased. The decreasing ratios of the
columns with 0~15% and 35~60% opening ratios were much greater than the columns with
opening ratios of 15~35%. For the four series of combined columns with different length,
the maximum increasing ratios of the opening ratio were 54.4%, 58.3%, 60.5%, and 62.9%,
respectively, and the corresponding ultimate compressive bearing capacity decreased by
56.1%, 68.0%, 74.9%, and 81.7%, respectively. Except in the case that the openings reduced
the sectional area of the web, the opening affected the half-wave length of the short column
when the distortion happened, which reduced the compressive bearing capacity. For the
medium and long combined columns, the openings aggravated the buckling of members
and reduced the bearing capacity of the combined columns.

   
(a) (b) (c) 

Figure 18. Failure modes of the combined columns with different opening ratios (a) L300; (b) L1500;
(c) L3000.

 K

N

Figure 19. Nu-K relationship of combined columns.

3.5.2. Effects of Opening Spacing

In the last section, it was found that the location of the opening in the web affected
the half-wave length of the columns. Therefore, in this section, parametric analyses were
conducted to investigate whether the opening spacing has an influence on the ultimate
compressive bearing capacity. Four series of C140-40-15-1.5 combined columns, with
a length of 1500 mm, were modeled, and the opening ratios were set as 8.0%, 24.3%,
40.4%, and 62.9%, respectively. The opening spacings were in the range of 60~600 mm,
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with an increasing step of 60 mm. The relationship between the ultimate compressive
bearing capacity and opening ratios are shown in Figure 20. According to Figure 20, the
compressive bearing capacity increased with the increasing opening spacing, but the effects
of the opening were not so obvious. When the opening spacing increased by 900%, the
ultimate compressive bearing capacities of the four groups of combined columns increased
by 6.5%, 6.9%, 6.8%, and 11.7%, respectively.

 s

N

Figure 20. Nu-Sh relationship of combined columns.

4. Formulas for Ultimate Compressive Bearing Capacity

4.1. Formulas in Standards
4.1.1. Formulas in Chinese GB 50018 Standard

In the Chinese GB 50018 standard [46], there is no detailed recommended formula for
the compressive bearing capacity of the combined column. In this standard, the C-steel
combined I-section columns was seen as two individual C-section columns, and the method
of effective width was adopted. According to the Chinese GB 50018 standard, the ultimate
compressive bearing capacity of the combined column is:

Nu = ϕAe fy (1)

where ϕ is the compression stability factor. Ae (mm2) denotes the effective area of the cross
section and f y (N/mm2) is the yield strength of the steel. The compression stability factor
ϕ can be found in Appendix B for Section B in this standard [46].

The effective area of the cross section is:

Ae = (bew + bef + bec)t (2)

In Equation (2), bew, bef, and bec are the effective width of the web, flange, and curling,
respectively. When b/t ≤ 18αρ,

be = bc (3)

In Equation (3), b and t are the width and thickness of the plate, respectively. Further-
more, when 18αρ < b/t < 38αρ,

be =

(√
21.8αρ

b/t
− 0.1

)
bc (4)

and when b/t ≥ 38αρ,

be =
25αρ

b/t
bc (5)

In Equations (4) and (5), α is a coefficient, and

α = 1.15 − 0.15ψ (6)
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In Equation (6), ψ is the coefficient of inhomogeneity of compressive stress, and

ψ = σmin/σmax (7)

when ψ < 0, α = 1.15. In Equations (4) and (5),

ρ =
√

205k1k2/σ1 (8)

In Equation (8), σ1 = ϕf and k and k1 denote the stability coefficient and constraint
coefficient of the compressed plate, respectively. be is the width of the compressive area of
the plate. When ψ < 0, bc = b. Otherwise, bc = b/(1 − ψ).

4.1.2. Formulas in AISI S100-2016 Standard

In the AISI S100-2016 standard [47], the direct strength method was adopted to cal-
culate the compressive bearing capacity of the combined column. Since there is relative
deformation between the two connected components at the conditions, in this method, the
slenderness ratio of the combined columns was modulated as follows:

λm =

√
λ2

0 +
(
sa/iy

)2 (9)

where λm and λ0 denote the slenderness ratios of the combined columns before and after
the modulation, respectively. iy is the radius of gyration of the individual component alone
its weak axis, and sa is the distance between two connected components.

According to AISI S100-2006 standard, first, the compressive bearing capacity Pne with
overall buckling should be obtained. When λc ≤ 1.5,

Pne = 0.658λ2
c Ag fy (10)

Otherwise,
Pne =

(
0.877/λ2

c

)
Ag fy (11)

In Equations (10) and (11), λc is the influence coefficient of flexibility with overall
buckling, and λc =

√
fy/ fcre. Ag denotes the area of the cross section, and f cre is the elastic

buckling stress.
Second, the compressive bearing capacity Pnl with local–overall coupled buckling

should be determined. When λ1 ≤ 0.776,

Pnl = Ag fne (12)

When λ1 > 0.776,

Pnl =

⎡
⎣1 − 0.15

(
1

λ2
l

)0.4
⎤
⎦( 1

λ2
l

)0.4

Ag fne (13)

In Equations (12) and (13), λ1 is the influence coefficient of flexibility with local
buckling, and λ1 =

√
fne/ fo1. f ne and f ol are the critical elastic buckling stress with overall

and local buckling, respectively, and fne = Pne/Ag.
Moreover, the compressive bearing capacity Pnd with distortion–overall coupled

buckling can be calculated. When λd ≤ 0.561,

Pnd = Ag fy (14)

Otherwise,

Pnd =

⎡
⎣1 − 0.25

(
1

λ2
d

)0.6
⎤
⎦( 1

λ2
d

)0.6

Ag fy (15)
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In Equations (14) and (15), λd is the influence coefficient of flexibility with distortion
and f od the critical stress of the distortion.

The ultimate bearing capacity of the combined columns is the minimum value of three
values above, as shown in Equation (16).

Pn = min(Pne, Pnl, Pnd) (16)

4.2. Comparisons between the Results of Numerical Analyses and Standards

In this section, the ultimate bearing capacities of the C-steel combined I-section
columns obtained by the parametric analyses and formulas in standards were compared.
The comparing results of all the combined columns in the parametric analyses are listed
in Table A1 in Appendix A and some of the results are shown in Figure 21. In Table A1
and Figure 21, NFEM, NCGB, and NNAS denote the ultimate compressive bearing capacity
obtained by numerical analyses, the Chinese GB 50018 standard, and the AISI S100-2016
standard, respectively. According to Table A1 and Figure 21, the effective width method
in the GB 50018 standard was conservative, and the maximum error was 60.26%, and the
errors increased with greater slenderness ratio. Furthermore, the maximum error for the
AISI S100-2016 standard was 21.49%.

  
(a) (b) 

λ

N

N
N
N

λ

N

N
N
N

Figure 21. Comparisons of the bearing capacities between numerical analyses and standards (a) C90-
40-15-1.5-L; (b) C140-40-15-1.5-L.

For the effective width method in the Chinese GB 50018 standard, the constraint effects
between the plates, affecting the effective width, were considered. However, the interactions
between the two C steels were ignored. With the increase in the slenderness ratio, the errors
between the standard factors and slenderness ratios were greater. Therefore, with greater
slenderness ratio, the formulas in Chinese GB 50018 standard were more conservative.
Considering the influences of the bolt spacing on the slenderness ratio, the slenderness
ratios in the AISI S100 standard were modulated. Thus, the accuracy of the method in the
AISI S100 standard was higher than that of GB 50018 standard. However, with greater
slenderness ratio, the influence of the bolt spacing on the slenderness ratio can be ignored.
Additionally, the errors of the direct strength method in the AISI S100 standard increased.

4.3. Proposed Formulas for Compressive Bearing Capacity of C-Steel Combined I-Section Column
4.3.1. Combined Column without Opening

Since the slenderness ratio has the most significant effects on the ultimate bearing
capacity of the combined column, and the combination’s effects are not considered in the
Chinese GB 50018 standard, the stability factor can be modulated to increase the accuracy
of the formulas.

According to the Chinese GB 50018 standard, the stability factor ϕ and the effective
area Ae of the cross section can be obtained. Thus, the stability factor in the numerical
analyses ϕFEM should be:

ϕFEM = NFEM/Ae fy (17)
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and the correction factor for the stability factor is:

ξ = ϕFEM/ϕ (18)

The compression stability factors obtained by Equation (17) and the GB 50018 standard
are shown in Figure 22 and Table A2 in Appendix B. Moreover, the relationship between
the correction factors and slenderness ratios is shown in Figure 23. With the increase in
the slenderness ratio, the correction factors increased rapidly. This is in accordance with
the errors obtained by the numerical analyses and formulas in the GB 50018 standard. The
formulas in the GB 50018 standard were more conservative with a greater slenderness ratio.
The correction factor of the compression stability factor in Figure 23 was fitted as:

ξ = 1.0528 × 10−5λ2 − 1.5318 × 10−4λ + 1.0661 (19)

 λ

ϕ

Figure 22. Stability factor of standard and numerical analyses.

 

ξ

λ

ξ

Figure 23. ξ–λ relationship.

Therefore, the ultimate compressive bearing capacity of the C-steel combined I-section
column is:

Nu = ξϕAe fy (20)

To validate the formulas proposed in this paper, the ultimate compressive bearing
capacity obtained by Equation (20), numerical analyses, and formulas in the GB 50018
standard are compared in Figure 24. In Figure 24, the ultimate bearing capacity obtained by
Equation (20) and numerical analyses were similar. The proposed formula can be used to
predict the ultimate compressive bearing capacity of the C-steel combined I-section column.
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(a) (b) 

  
(c) (d) 
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Figure 24. Comparisons of the ultimate compressive bearing capabilities (a) C90-40-15-1.5; (b) C120-
40-15-1.5; (c) C140-40-15-1.5; (d) C160-40-15-1.5.

4.3.2. Combined Column with Openings

For the combined columns with openings, according to the parametric analyses, the
slenderness ratio and opening ratio both have significant effects on the ultimate compressive
bearing capacity. Comparing the ultimate compressive bearing capacities obtained by
Equation (20) and numerical analysis, the reduction factor is:

η = Nu/NFEM (21)

and the ultimate bearing capacity of the C-steel combined I-section column is:

Nu = ηξϕAe fy (22)

According to Equations (21) and (22) and the parametric analyses, the reduction factor
η can be obtained and is shown in Figure 25 and Table A3 in Appendix B. In Figure 25, the
reduction factor was fitted as:

η = −7.29K3 + 5.2892K2 − 1.7316K + 0.9748 (23)

 

η

η

Figure 25. Relationship between reduction factor and opening ratio.
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To validate Equation (22), the ultimate compressive bearing capacity obtained by the
numerical analyses and Equation (22) are shown in Figure 26. In Figure 26a, the two curves
are similar. In Figure 26b, Nu/NFEM is in the range from 0.924 to 1.035, and the average
value and variance are 0.999 and 0.018, respectively. Therefore, Equation (22) can be used to
predict the ultimate compressive bearing capacity of the C-steel combined I-section column
with opening in the web.

  
(a) (b) 
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Figure 26. Validation of the proposed formulas for the combined column with opening (a) Compar-
isons of the bearing capacity of C-250-40-15-1.5-1900; (b) Nu/NFEM.

5. Conclusions and Future Work

In this paper, the C-steel combined I-section columns were modeled. The numerical
models were validated by experiments. Parametric analyses were carried out on the
combined columns and the effects of slenderness ratio, height to thickness ratio, width to
thickness ratio, bolt spacing, and opening were investigated. Afterward, the formulas for
the ultimate compressive bearing capacity of the combined columns were proposed. The
following conclusions can be drawn:

(1) The slenderness ratio has the most significant effect on the ultimate compressive
bearing capacity of the combined column. With the increase in the height to thickness
ratio and width to thickness ratio, the bearing capacity increases. The bolt spacing
has less effect on the bearing capacity.

(2) The openings in the web decrease the ultimate compressive bearing capacity of the
combined column. The opening in the web should be considered.

(3) The proposed formulas in this paper can predict the ultimate compressive bearing
capacity of the combined columns with or without opening. The accuracy of the
proposed formulas is higher than those of the Chinese and AISI S100 standard.

In our future work, experiments on the combined columns with openings in the web
will be conducted. In addition, we will try to investigate the eccentric compressive behavior
of the C-steel combined I-section columns. The combination effects of the column under
eccentric compression will be investigated. The formulas for eccentric compressed C-steel
combined I-section columns should be proposed. Furthermore, in our next step of research,
we will try to take retrofitting countermeasures to increase the bearing capacity of the
combined columns. Experiments and numerical analyses will be conducted, and the design
method of the retrofitting countermeasures should be proposed.
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Appendix A Comparisons of the Bearing Capacities between Numerical Analyses

and Standards

Table A1. Comparisons of the bearing capacities between numerical analyses and standards.

λy NFEM/kN NCGB/kN NNAS/kN NCGB/NFEM NNAS/NFEM

C90-40-15-1.5-300 9.9 139.8 131.5 136.3 0.941 0.975
C90-40-15-1.5-600 19.8 137 128.9 133.1 0.941 0.971
C90-40-15-1.5-900 29.7 134 126.1 129.4 0.941 0.966

C90-40-15-1.5-1200 79.1 117.1 106.5 113.4 0.909 0.968
C90-40-15-1.5-1500 98.9 102.7 91.8 99.6 0.894 0.970
C90-40-15-1.5-1800 118.6 87.5 74.1 84.1 0.847 0.961
C90-40-15-1.5-2400 158.2 61.4 45.2 58.8 0.736 0.957
C90-40-15-1.5-3000 197.7 45.8 29.7 40.7 0.648 0.890
C120-40-15-1.5-300 10.1 142.6 136.2 139.6 0.955 0.979
C120-40-15-1.5-600 20.3 140.7 133.4 136.2 0.948 0.968
C120-40-15-1.5-900 30.4 137.9 130.5 132.3 0.946 0.959
C120-40-15-1.5-1200 81.1 120.6 109.1 114.3 0.905 0.948
C120-40-15-1.5-1500 101.4 105.8 93.2 101.7 0.881 0.961
C120-40-15-1.5-1800 121.7 91.6 76.0 87.3 0.830 0.953
C120-40-15-1.5-2400 162.3 65.7 50.4 60.2 0.767 0.917
C120-40-15-1.5-3000 202.8 48.9 33.2 41.4 0.679 0.847
C140-40-15-1.5-300 10.4 144.8 139.0 140.2 0.960 0.968
C140-40-15-1.5-600 20.7 142.6 136.2 136.8 0.955 0.959
C140-40-15-1.5-900 31.0 140.1 133.1 132.7 0.950 0.948
C140-40-15-1.5-1200 82.8 122.9 110.4 115.1 0.898 0.937
C140-40-15-1.5-1500 103.5 107.2 93.5 103.8 0.872 0.968
C140-40-15-1.5-1800 124.2 94.1 76.0 84.7 0.808 0.900
C140-40-15-1.5-2400 165.5 68.6 51.8 56.5 0.755 0.823
C140-40-15-1.5-3000 206.9 50.4 35.0 43.5 0.694 0.864
C160-40-15-1.5-300 10.6 146.7 137.5 142.4 0.937 0.971
C160-40-15-1.5-600 21.1 144.5 135.4 141.3 0.937 0.978
C160-40-15-1.5-900 31.7 142 133.0 137.0 0.937 0.965
C160-40-15-1.5-1200 84.5 125.7 111.9 119.9 0.890 0.954
C160-40-15-1.5-1500 105.7 109.5 93.9 96.0 0.858 0.877
C160-40-15-1.5-1800 126.8 98 76.0 81.0 0.776 0.827
C160-40-15-1.5-2400 169.1 69.2 51.7 67.0 0.747 0.969
C160-40-15-1.5-3000 209.3 54.7 36.6 51.6 0.669 0.944

C92.8-41.8-14.8-1.19-270 8.5 133.6 118.0 125.6 0.883 0.940
C93.8-41.8-14.7-1.19-270 8.5 133.5 117.9 124.9 0.883 0.936
C93.5-41.5-15-1.18-1533 96.5 102.3 84.5 97.6 0.826 0.954
C92.5-42-14.5-1.2-1531 95.7 106.7 84.6 98.1 0.793 0.919

C91.8-43.2-14.4-1.19-3033 184.6 44.5 32.7 40.8 0.734 0.916
C92.8-40.2-15-1.18-3038 197.2 44.9 28.0 41.3 0.624 0.920

C142.7-42.9-15.1-1.47-451 14.5 142.7 134.4 140.3 0.942 0.983
C144.2-42.8-14.8-1.48-451 14.6 143.1 135.0 137.1 0.943 0.958
C142-42.5-15.5-1.48-1532 98.8 106.2 97.8 102.7 0.921 0.967

C142-42-15-1.48-1533 100.7 105.1 95.2 102.2 0.906 0.972
C140.8-42-15.5-1.49-3034 198.0 48 33.8 43.7 0.704 0.910
C141.5-42.3-16-1.47-3033 195.4 47.7 33.6 42.9 0.705 0.899

Mean value – – – – 0.847 0.939
Variance – – – – 0.101 0.041
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Appendix B Correction Factors of Compression Stability Factor

Table A2. Comparison of stability factor and correction factor of combined factor.

λy A/mm2 Ae/mm2 ϕFEM ϕ ξ

C90-40-15-1.5-300 9.9 562.2 442.3 0.974 1.035 1.063
C90-40-15-1.5-600 19.8 562.2 445.7 0.947 1.007 1.063
C90-40-15-1.5-900 29.7 562.2 449.5 0.919 0.976 1.062

C90-40-15-1.5-1200 79.1 562.2 479.9 0.726 0.799 1.100
C90-40-15-1.5-1500 98.9 562.2 504.7 0.595 0.666 1.119
C90-40-15-1.5-1800 118.6 562.2 529.2 0.459 0.541 1.180
C90-40-15-1.5-2400 158.2 562.2 529.5 0.279 0.380 1.360
C90-40-15-1.5-3000 197.7 562.2 529.5 0.184 0.283 1.540
C120-40-15-1.5-300 10.1 652.2 458.2 0.973 1.019 1.047
C120-40-15-1.5-600 20.3 652.2 461.9 0.946 0.997 1.054
C120-40-15-1.5-900 30.4 652.2 466.0 0.917 0.969 1.057
C120-40-15-1.5-1200 81.1 652.2 499.9 0.715 0.790 1.105
C120-40-15-1.5-1500 101.4 652.2 529.6 0.576 0.654 1.135
C120-40-15-1.5-1800 121.7 652.2 564.7 0.440 0.531 1.206
C120-40-15-1.5-2400 162.3 652.2 619.5 0.267 0.347 1.303
C120-40-15-1.5-3000 202.8 652.2 619.5 0.175 0.258 1.475
C140-40-15-1.5-300 10.4 712.2 468.1 0.973 1.013 1.042
C140-40-15-1.5-600 20.7 712.2 472.0 0.945 0.989 1.047
C140-40-15-1.5-900 31.0 712.2 476.3 0.915 0.963 1.053
C140-40-15-1.5-1200 82.8 712.2 513.0 0.705 0.784 1.113
C140-40-15-1.5-1500 103.5 712.2 545.9 0.561 0.643 1.146
C140-40-15-1.5-1800 124.2 712.2 583.4 0.426 0.528 1.239
C140-40-15-1.5-2400 165.5 712.2 659.8 0.257 0.340 1.325
C140-40-15-1.5-3000 206.9 712.2 679.5 0.169 0.243 1.440
C160-40-15-1.5-300 10.6 772.2 463.3 0.972 1.037 1.067
C160-40-15-1.5-600 21.1 772.2 469.8 0.944 1.007 1.067
C160-40-15-1.5-900 31.7 772.2 477.2 0.913 0.974 1.068
C160-40-15-1.5-1200 84.5 772.2 527.7 0.694 0.780 1.123
C160-40-15-1.5-1500 105.7 772.2 564.1 0.545 0.636 1.166
C160-40-15-1.5-1800 126.8 772.2 604.2 0.412 0.531 1.290
C160-40-15-1.5-2400 169.1 772.2 684.9 0.247 0.331 1.339
C160-40-15-1.5-3000 209.3 772.2 739.5 0.162 0.242 1.496

C92.8-41.8-14.8-1.19-270 8.5 466.5 318.7 0.978 1.107 1.132
C93.8-41.8-14.7-1.19-270 8.5 468.4 318.5 0.978 1.107 1.132
C93.5-41.5-15-1.18-1533 96.5 464.0 359.5 0.770 0.932 1.211
C92.5-42-14.5-1.2-1531 95.7 469.0 361.5 0.767 0.967 1.261

C91.8-43.2-14.4-1.19-3033 184.6 468.9 436.7 0.245 0.334 1.363
C92.8-40.2-15-1.18-3038 197.2 456.2 424.1 0.216 0.347 1.603

C142.7-42.9-15.1-1.47-451 14.5 724.3 457.8 0.962 1.021 1.061
C144.2-42.8-14.8-1.48-451 14.6 731.1 459.8 0.961 1.019 1.060
C142-42.5-15.5-1.48-1532 98.8 726.9 537.7 0.596 0.647 1.086

C142-42-15-1.48-1533 100.7 721.0 535.6 0.582 0.642 1.104
C140.8-42-15.5-1.49-3034 198.0 725.0 692.3 0.160 0.227 1.420
C141.5-42.3-16-1.47-3033 195.4 722.5 689.7 0.160 0.226 1.418

Table A3. Comparison of opening ratio and reduction factor of combined factor.

λy
Opening Ratio

K/%
NFEM Nu η

C140-40-15-1.5-300-K0% 10.4 0.0 144.8 148.2 0.977
C140-40-15-1.5-300-K7.7% 10.4 7.7 127.1 148.2 0.858
C140-40-15-1.5-300-K15.7% 10.4 15.7 119.3 148.2 0.805
C140-40-15-1.5-300-K23.7% 10.4 23.7 113.2 148.2 0.764
C140-40-15-1.5-300-K32.2% 10.4 32.2 108.3 148.2 0.731
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Table A3. Cont.

λy
Opening Ratio

K/%
NFEM Nu η

C140-40-15-1.5-300-K39.7% 10.4 39.7 98.0 148.2 0.661
C140-40-15-1.5-300-K47.4% 10.4 47.4 84.7 148.2 0.572
C140-40-15-1.5-300-K54.4% 10.4 54.4 63.5 148.2 0.429

C140-40-15-1.5-900-K0% 31.0 0.0 140.1 142.6 0.982
C140-40-15-1.5-900-K7.8% 31.0 7.8 122.4 142.6 0.859
C140-40-15-1.5-900-K16% 31.0 16.0 113.3 142.6 0.794

C140-40-15-1.5-900-K23.7% 31.0 23.7 108.0 142.6 0.757
C140-40-15-1.5-900-K32.3% 31.0 32.3 104.3 142.6 0.732
C140-40-15-1.5-900-K40.6% 31.0 40.6 91.5 142.6 0.642
C140-40-15-1.5-900-K50.2% 31.0 50.2 72.1 142.6 0.506
C140-40-15-1.5-900-K58.3% 31.0 58.3 44.9 142.6 0.315
C140-40-15-1.5-1500-K0% 103.5 0.0 107.2 108.8 0.985

C140-40-15-1.5-1500-K8.1% 103.5 8.1 94.4 108.8 0.868
C140-40-15-1.5-1500-K16.2% 103.5 16.2 88.2 108.8 0.810
C140-40-15-1.5-1500-K24.3% 103.5 24.3 83.0 108.8 0.763
C140-40-15-1.5-1500-K32.6% 103.5 32.6 79.6 108.8 0.732
C140-40-15-1.5-1500-K40.4% 103.5 40.4 73.1 108.8 0.672
C140-40-15-1.5-1500-K49% 103.5 49.0 57.7 108.8 0.530

C140-40-15-1.5-1500-K60.5% 103.5 60.5 26.9 108.8 0.247
C140-40-15-1.5-3000-K0% 206.9 0.0 50.4 52.0 0.969

C140-40-15-1.5-3000-K7.9% 206.9 7.9 44.8 52.0 0.862
C140-40-15-1.5-3000-K16.1% 206.9 16.1 41.8 52.0 0.805
C140-40-15-1.5-3000-K24.5% 206.9 24.5 39.4 52.0 0.758
C140-40-15-1.5-3000-K32.3% 206.9 32.3 37.8 52.0 0.727
C140-40-15-1.5-3000-K39.5% 206.9 39.5 34.7 52.0 0.667
C140-40-15-1.5-3000-K51.7% 206.9 51.7 24.4 52.0 0.470
C140-40-15-1.5-3000-K62.9% 206.9 62.9 9.2 52.0 0.178
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Abstract: In this paper, parameter analyses of a tuned inerter damper (TID) are carried out based
on the displacement mitigation ratio. The optimal design of TID based on the closed-form solution
method is carried out and compared with the fixed-point method. Meanwhile, applicable conditions
of two methods are discussed in wider range of values of objective function under different inherent
damping ratios. Finally, seismic responses of SDOF system with TID are carried out, which verifies
the feasibility of the closed-form solution optimization method. Compared with the fixed-point
method, the inherent damping ratio of the original structure is considered in the closed-form solution
method, and the optimal damping ratio of a TID is smaller than that of the fixed-point method
under same displacement mitigation ratio. The parameters’ combination of a TID designed by the
fixed-point method obtains a vibration mitigation effect with a larger damping ratio by cooperating
with the deformation enhancement effect of the inerter, which may make the vibration mitigation
effect of the TID lower than that of the VD in structures with large inherent damping ratios. However,
the deformation enhancement effect on the damping element of the inerter can be fully used by
using the closed-form solution method. Better applicability and robustness are shown in closed-form
solution method. Under the same displacement mitigation ratio, the damping ratio of a TID obtained
by using the closed-form solution method is about one tenth of that obtained by using the fixed-point
method, which can realize the lightweight design of the TID.

Keywords: tuned inerter damper; stochastic response; closed-form solution; parameter optimization;
displacement mitigation ratio; seismic response

1. Introduction

Buildings, lifelines, bridges and other structures have high vulnerability to ground
motions or fluctuating wind [1–3], especially for super high structures, steel-frame build-
ings [4], and transmission towers [5]. The main reason is that the vibration frequencies of
the structures are close to the predominant frequency of external excitation [6], resulting
in the vibration amplification of the structure [7]. Hence, much research has studied rein-
forcement measures or energy dissipation devices for vibration mitigation, as well as the
design methods of these devices for the vibration control of different structures [8,9]. At
present, tuned mass damper (TMD) is the most widely used [10] in the fields of electronics,
machinery, building, and so on [11]. Other devices for vibration control used in practice,
such as traditional isolation systems [12,13], include isolation bearings, e.g., elastomeric [14]
or wire rope isolators [15], are installed at the bottom of the structures as in the case of
traditional base-isolated buildings [16] or rigid blocks [17]. Some electronic and mechanical
equipment has much higher requirements for the accuracy and robustness of vibration
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control than structures, and buildings and other structures are exposed to the external
environment for a long time [18]. Many super-high-rise structures adopt the TMD design
scheme. However, in order to achieve a certain vibration control effect, TMD requires
larger size and volume [19]. However, from the perspective of economy and applicabil-
ity [20], this is unrealistic for most structures, such as light space truss structures, because
structures of this type are quite flexible and it is difficult to realize large-scale vibration
mitigation measures based on TMD. Thus, it is necessary to design a lightweight and effi-
cient damper which is easily designed and has little impact on the original structure, such
as an inerter-based damper. A scheme that uses inerter-based dampers to suppress these
vibrations [21–23]—including in some special structures, such as transmission lines [24],
tall buildings [25], and transformer-bushing systems [26], will be satisfactory.

Vibration control technologies based on inerters have been developed based on elec-
tromechanical similarity theory [27]. Compared with TMDs, the inerter-based damper can
control the inertial force at the two terminals directly. Moreover, the inerter element can
effectively enlarge the small apparent mass through converting the translational motion
into rotary motion such as with a ball screw. In 2001, Smith [28] put forward the concept
of inerter elements and gave the basic forms of ball screw inerter elements and rack and
pinion inerter elements and designed hydraulic inerter elements in 2013 [29]. Subsequently,
shock absorbers such as tuned viscous mass dampers (TVMD) and tuned inerter dampers
(TID) were proposed. The design method of inerter systems is also studied. Ikago et al. [30]
derived a closed-form formula for TVMD optimization design based on fixed-point theory.
Pan et al. [31] considered the natural damping of the original structure and the cost of the
inerter-based damper and make up for the deficiency of fixed-point theory. Then, they
proposed the design method of an SPIS-II inerter-based damper based on stochastic re-
sponse mitigation ratio [32]. Hwang et al. [33] proposed a rotation inerter system connected
with a toggle brace based on a ball screw. It is shown that the system can be effectively
used in the structure with small drift. Zhang et al. [34,35] applied the inerter damper
system to high-rise structures such as chimneys and wind power towers and proved the
effectiveness of the inerter-based damper in high-rise structures. Gao et al. [36] put forward
an optimum design method of viscous inerter damper (VID) based on the feedback control
theory. De Domenico and collaborators [37–47] proposed the optimal design methods of
inerter-based TMD systems for seismic response mitigation. Although some scholars have
used the inerter-based damper in practical engineering [48], most of the research on the
inerter-based damper is still in the stage of theoretical analysis, and only a few scholars
have proposed the connection mode and design method of the inerter system be applied
in building structures [49]. Xie et al. [50,51] put forward a cable-bracing inerter system
(CBIS) and showed that it is easy to install and can effectively control displacement and
acceleration of a structure. Wang et al. [52] put forward a new tuned inerter negative
stiffness damper (TINSD) based on the fixed-point method which is more effective than the
TID, TVMD, and INSD in reducing the dynamic response of structures.

At present, many design methods [31,53] are based on Den Hartog’s tuning theory [54]
of dynamic absorbers, which does not consider the inherent damping of the original
structures and the excitation properties. Moreover, the design methods do not consider
the target or demanded performance of the primary structure. Pan et al. [32] proposed a
parameter optimization method that considers the inherent damping ratio and control cost
for an T structure with an inerter system, such as TVMD. The vibration response mitigation
ratio of a structure based on H∞ norm or H2 norm [16,55,56] is also used in parametric
optimization of inerter systems. Meanwhile, the vibration mitigation effect of inerter
systems, such as TIDs, is inferior to that of some traditional or ordinary dampers, such
as viscous damper (VD), under some optimum parameters obtained based on the fixed-
point method. Many parameter design methods of inerter systems have been proposed
in previous research, such as using multi-objective optimization. However, these design
methods are used in specific conditions; applicable conditions of these methods should
be discussed in a wider range of values of objective functions or boundary conditions.
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Therefore, it is necessary to discuss the applicability of current design methods of inerter
systems.

In this paper, the motion control equations of the single-degree-of-freedom (SDOF)
system with a typical inerter damper, the tuned inerter damper (TID), are established
in Section 2. Parameter analyses of the TID are carried out based on the displacement
mitigation ratio in Section 3. At the same time, the parameter optimization design of TIDs
based on the closed-form solution method is carried out and compared with the fixed-point
method. Applicable conditions of two methods are discussed in a wider range of values of
objective function under different inherent damping ratios. Finally, seismic responses of the
SDOF system with the TID are carried out, which verifies the feasibility of the closed-form
solution optimization method in Section 4. Applicability of the two design methods to
structures with different inherent damping ratios is discussed, as are the value ranges of
invalid parameters of the TID by comparison with the mitigation performance of VD under
identical damping ratios. The research in this paper can provide reference for the selection
of design methods of inerter systems.

2. Motion Control Equation of TID System

Equation (1) is the output force of an inerter element when its two ends have different
accelerations. Hence, the output of the inerter element is also directly proportional to the
relative acceleration at two terminals, which can be shown as:

f I = b(a2 − a1) (1)

where fI is the output force of the inerter element, a1 and a2 are the accelerations at terminals,
and Figure 1a is the mechanical model of the inerter element. The inerter element is the
same as the mass element and cannot dissipate energy by itself. It is generally used
in combination with a damping element, such as a viscous damper. Figure 1b shows
the mechanical model of the TID, and the TID is a series-parallel layout inerter system
composed of inerter, damping element, and stiffness elements. Where kd, cd, and b are the
stiffness, damping, and inertance of the TID. The mechanical model of the SDOF system
with TID is shown in Figure 1c, and m, k, c are the mass, stiffness, and damping of the
original structure.

Equation (2) is the motion control equation of SDOF with TID:
{

m
..
u + c
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where u and ud are the displacement responses of SDOF and the TID, and ag is the ground
acceleration. Dimensionless parameters are defined at the same time as follows:
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√
k
m

,μ =
b
m

, ζ =
cd

2mω0
, κ =

kd
k

(3)

where ζ0 and ω0 are the damping ratio and circular frequency of the original structure; κ,
μ, and ζ are the stiffness ratio, inerter–mass ratio and damping ratio of the TID. Rewrite
Equation (2) into dimensionless form as:

{ ..
u + 2ζ0ω0

.
u + ω0

2u + κω0
2(u − ud) + 2ζω0

( .
u − .

ud
)
= −ag

μ
( ..
ud + ag − ag

)
= κω0

2(u − ud) + 2ζω0
( .
u − .

ud
) (4)

The Laplace transform of Equation (4) can be obtained:
{

s2U + 2ζ0ω0sU + ω0
2U + κω0

2(U − Ud) + 2ζω0s(U − Ud) = −Ag
μs2(Ud + Ag − Ag

)
= κω0

2(U − Ud) + 2ζω0s(U − Ud)
(5)
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where s = iΩ, Ω is the excitation frequency of ground motion, U, Ud, and Ag are the laplace
transforms of u, ud, and ag. Then, the displacement response transfer function (frequency
response function, FRF) of SDOF with TID HU of can be obtained by solving the linear
Equation (5):

HU =
U
Ag

= − s2μ + 2sζω + κω2

s4μ + 2s3(ζ + ζμ + ζ0μ)ω + s2(4ζζ0 + κμ + κ + μ)ω2 + 2s(ζ + κζ)ω3 + κω4 (6)

 

(a) (b) 

(c) 

Figure 1. Mechanical model of a TID: (a) Inerter element; (b) TID; (c) SDOF with TID.

Assuming that the seismic excitation is a stationary white noise process, and according
to the Parseval’s theorem, the displacement response root mean square (RMS) σU of the
original structure with a TID is:

σU =

√∫ +∞

−∞
|HU |2S0ds (7)

where S0 is the power spectral density of white noise. The mitigation ratio of the RMS of
displacement response of the original system with and without a damper can be compared
to measure the effect of the shock absorber, namely, the displacement mitigation ratio. For
an SDOF system with a viscous damper (VD) and a TID, the closed-form solutions of the
structural displacement mitigation ratios JVD and J can be obtained by using the James
integral formula:

JVD =
σUVD (ζ0)

σU0(ζ0)
=

√
ζ0

ζ0 + ζ0
, J =

σU
σU0

=
I4

I2
(8)
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J =

√√√√√ ζ2
0(κ

2μ2 + 4μζ2 + 4κ(μ + 1)ζ2) + ζ0ζ
(

μ2 + κ2(μ + 1)2 − κμ(μ + 2) + 4ζ2(μ + 1)
)
+ 4κμζζ3

0

ζζ0

(
−2κμ + μ2 + κ2(μ + 1)2 + 4ζ2(μ + 1)

)
+ ζ2

0(κ
2μ2 + 4μζ2 + 4κ(μ + 1)ζ2) + μ2ζ2 + 4κμζζ3

0

(9)

where σU0 and σUVD are the RMS of displacement responses of the original structure with
and without VD, I4 and I2 are the fourth-order and second-order James formula analytical
solutions. It can be seen from Equation (9) that JVD and J have nothing to do with the white
noise excitation amplitude. The smaller the displacement mitigation ratio, the better the
vibration mitigation effect of the TID, so J can be used as the main performance index for
parametric analysis and optimization.

3. Parametric Analysis

3.1. Parametric Analysis of TID Based on Closed-Form Solution J

The closed-form solution of the displacement mitigation ratio based on stochastic
response is taken as the parametric analysis index, and the inerter–mass ratio (μ), the
damping ratio (ζ), and the stiffness ratio (κ) are selected to carry out the parametric analysis
of the TID. The inherent damping ratio (ζ0) of the original structure is assumed to be
0.02. The displacement mitigation ratio of the SDOF system with TID is related to three
parameters of the TID, and it is quite difficult to see the trends of J with variations of three
parameters simultaneously. In order to determine the optimal design parameters quickly,
one parameter should be fixed and the variable trends of the other two parameters can be
observed. In the parametric analysis, the ranges of parameters of the inerter–mass ratio (μ),
the damping ratio (ζ), and the stiffness ratio (κ) are all 0.001 to 1. The values of μ, κ, and ζ
are fixed as 0.02, 0.05, 0.1, 0.2, 0.5, and 1, respectively, and the continuous variable trends of
the other two parameters except the fixed values within 0.001 to 1 are studied. At the same
time, the contour plots are drawn as shown in Figures 2–4, and the area of the dark blue
area in the Figure is defined as the optimal solution range.

(a) (b) (c) 

(d) (e) (f) 

Figure 2. Contour plots of J with different inerter–mass ratios: (a) μ = 0.1; (b) μ = 0.2; (c) μ = 0.3;
(d) μd = 0.1; (e) μ = 0.2; (f) μ = 0.3.
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(a) (b) (c) 

(d) (e) (f) 

Figure 3. Contour plots of J with different stiffness ratios: (a) κ = 0.02; (b) κ = 0.05; (c) κ = 0.1;
(d) κ = 0.2; (e) κ = 0.5; (f) κ = 1.

(a) (b) (c) 

(d) (e) (f) 

Figure 4. Contour plots of J with different damping ratios: (a) ζ = 0.02; (b) ζ = 0.05; (c) ζ = 0.1;
(d) ζ = 0.2; (e) ζ = 0.5; (f) ζ = 1.

It can be seen from Figure 2 that with increasing μ, the lowest point moves to the
upper-right part of the overall contour, indicating that the optimal stiffness ratio (κ) and
damping ratio (ζ) are positively correlated with the inerter–mass ratio (μ). In addition, no
matter how much the inerter–mass ratio (μ) is fixed, the lowest point will appear in the
contour plot, indicating that there always exists an optimal combination of stiffness ratio
(κ) and damping ratio (ζ) within the parameter range. Figure 3 shows that the position of

221



Buildings 2022, 12, 558

the lowest point is basically stable at the upper-right of the contour with increasing κ, but
the optimal solution range gradually decreases (the dark blue area). When κ is fixed as 0.02,
0.2, and 0.1, the minimum of J (Jmin) is 0.35, 0.30, and 0.39, respectively, indicating that Jmin
first decreases and then increases with the increasing κ. However, the fluctuation of Jmin
is not obvious in general. As shown in Figure 4, when the value of ζ is within [0, 0.2], the
optimal solution range increases gradually. When ζ = 0.2, Jmin reaches the minimum value
of 0.29—but when the value of ζ is in [0.2, 1]—the optimal solution range becomes smaller,
and Jmin also increases, indicating that the vibration mitigation effect of the TID decreases
at the same time. With increasing ζ, the variable trends of the contour become gentle and
are only correlated with μ but have no connection to the value of κ. At the same time, with
increasing μ, κ, and ζ, the cost of the TID will increase simultaneously. Figures 2–4 are
only the analytical solution of Equation (9). It is difficult to achieve a damping ratio (ζ)
greater than 0.2 in practical engineering. The smaller values of J, μ, κ, and ζ should be
determined simultaneously.

Figure 5 shows the maximum frequency response function (FRF) of original structural
displacement with a TID under different μ. It can be seen from Figures 2 and 5 that the
optimal solution ranges of the contour will be small under small inerter–mass ratios (μ)
whether it is the response under harmonic excitation or the stochastic response, and the
difficulty of optimization increases accordingly.

(a) (b) (c) 

Figure 5. Contour plots of the maximum frequency response function (FRF) of original structural
displacement with TID: (a) μ = 0.05; (b) μ = 0.1; (c) μ = 0.3.

Moreover, compared with the viscous damper (VD), the different topological con-
nection forms of the inerter elements in the SDOF system can enhance the deformation
of the viscous damping element and improve the energy dissipation ratio. Therefore, a
new index of the damping effect of the TID is proposed by comparing JVD and J, namely,
inerter-enhanced energy dissipation coefficient η:

η =
σU0(ζ0)− σU(ζ0, ζ, κ, μ)

σU0(ζ0)− σUVD(ζ0, ζ)
(10)

where η is under the same additional damping ratio, the damping element with inerter
element has higher deformation effect. When η is greater than 1, it shows that the inerter
can strengthen the energy dissipation of the structure, and it can be used as an index to
evaluate the economy and robustness of the TID. Figure 6 shows the 3D contour plots of η
under different inerter–mass ratio μ.
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(a) (b) 

  
(c) (d) 

Figure 6. Contour plots 3D contour plots of η under different inerter–mass ratio μ: (a) μ = 0.05;
(b) μ = 0.1; (c) μ = 0.2; (d) μ = 0.5.

It can be seen from Figure 6 that there always exist ranges of less than 1 (below the
light green surface) in the contour plot. This means that the damping effect of the TID
may be worse than VD under some specific value of optimal design parameter (κ, μ, and
ζ) combinations. Figure 7 shows that the vibration mitigation effect of the TID is lower
than VD under some specific ranges of damping ratio (J > JVD) (invalid parameters in the
shaded part). This will cause loss of the value of adding an inerter element. Hence, the
vibration mitigation effect of the designed parameters of the TID should be compared with
the VD after parameter optimization.

3.2. Parameter Optimization of TID by Using Closed-Form Solution Method

The design parameters of the TID can be determined by the fixed-point method. Based
on the Den Hartog fixed-point theory [54], Pan et al. [16] deduced the design equation of
the SDOF structure with TID. After the inerter–mass ratio is determined, the stiffness ratio
and damping ratio can be obtained by the following formulas:

κ =
μ

(1 + μ)2
, ζ =

μ

2(1 + μ)

√
2 +

1
2 + μ −√μ2 + μ

(11)
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However, the inherent damping ratio and external excitation characteristics of the
original structure are not considered in the fixed-point theory, and other performance
demands of the original structure, such as displacement of the original structure, cannot be
considered. At the same time, all three parameters cannot be optimized simultaneously by
using the fixed-point method.

 
(a) (b) 

Figure 7. Displacement mitigation ratio of TID and VD with same damping ratio (ζ0 = 0.01): (a) k = 0.1;
(b) μ = 0.1.

For this reason, when TID parameters are designed, the main performance of the orig-
inal structure should be considered first, and the target mitigation ratio can be determined
according to the performance demands of different structures. The extreme conditions are
used for parameter optimization at the same time, namely:

J = Jt,
∂J
∂κ

= 0,
∂J
∂ζ

= 0 (12)

where Jt is the target displacement mitigation ratio of the original structure. It is difficult
to realize the installation of a TID in practical engineering under a high damping ratio.
Therefore, the constraint condition of Equation (12) is to meet the target mitigation ratio (Jt)
and the damping ratio is simultaneously determined to be as small as possible to meet the
practical engineering requirements. This is called the closed-form solution method in this
paper. After the optimal solution of the damping ratio is obtained, Jt should also be smaller
than the displacement mitigation ratio of the VD system (JVD) under the same damping
ratio, namely, Formula (13). If Formula (13) is not satisfied, that is Jt > JVD, the vibration
mitigation effect of the TID is lower than the VD, and the design parameters are invalid
parameters correspondingly.

Jt ≤ JVD (13)

The inerter–mass ratio obtained by the closed-form solution method is also used in
the fixed-point method as additional tuning condition, and then the optimal damping ratio
and optimal stiffness ratio of the fixed-point method are obtained by using Formula (11).

3.3. Applicability Analysis of Closed-Form Solution Method and Fixed-Point Method

In this paper, the optimization designs of different original structures with inherent
damping ratios (ζ0 is considered to be 0.01, 0.02, and 0.05) are carried out. Table 1 shows the
optimization parameter values of the TID and the JVD of the VD under the same damping
ratio. It can be seen from Table 1 that the damping ratio (ζ) of the TID obtained by the
closed-form solution method is always smaller than the fixed-point method, and the JVD
obtained is always greater than Jt, indicating that the TID design parameters obtained
by the closed-form solution method are effective parameters which can achieve the effect
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of enhancing damping. However, when the inherent damping ratio (ζ0) of the original
structure is equal to 0.05, the design parameters of the TID obtained by using the fixed-point
method are invalid, indicating that the fixed-point method is not suitable for structures
with large inherent damping ratios (blue font in Table 1).

Figure 8 shows the displacement transfer function of the SDOF structure for the two
optimization methods. It can be seen from Figure 8 that the TID vibration mitigation
effect obtained by using the fixed-point method is significantly lower than that of the
closed-form solution method, and only the resonance response of the original structure
can be controlled under the fixed-point method, which is similar to the VD. The optimal
parameters of the TID by using the closed-form solution method can expand the frequency
domain of displacement control effect and that it is no longer limited to narrow-band
control. The displacement response in the near-circular frequency of the original structure
or even a wider range can be controlled, which is more obvious when considering a larger
inherent damping ratio.

(a) (b) (c) 

(d) (e) (f) 

(g) (h) (i) 

Figure 8. Displacement transfer function of original structural with TID with different optimal
methods: (a) J = 0.7, ζ0 = 0.01; (b) J = 0.6, ζ0 = 0.01; (c) J = 0.5, ζ0 = 0.01; (d) J = 0.7, ζ0 = 0.02; (e) J = 0.6,
ζ0 = 0.02; (f) J = 0.5, ζ0 = 0.02; (g) J = 0.7, ζ0 = 0.05; (h) J = 0.6, ζ0 = 0.05; (i) J = 0.5, ζ0 = 0.05.
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Figure 9 shows the range of the TID invalid parameters under the two optimization
methods, and the shaded part in Figure 8 represents the ranges of invalid parameters
(Jt > JVD). It can be seen from Figure 8 that when the inherent damping ratio (ζ0) of the
original structure is 0.01 and 0.02, the TID design parameters obtained by the closed-form
solution are all effective. When ζ0 is 0.05, the closed-form solution fails when J is within
[0.25, 0.4]. When J is within [0.25, 0.4], as the inherent damping ratio of the original structure
increases, the effect of the TID becomes closer to that of the VD, indicating that the vibration
mitigation effect of the TID is worse. The range of invalid parameters increases to [0.17, 0.6]
as ζ0 increases to 0.1. The TID design parameter combination obtained by the fixed-point
method has no invalid parameters only when ζ0 is 0.01. The invalid ranges of parameters
under other inherent damping ratios all exist, and the invalid ranges are larger than those
found by using the closed-form solution method. Within the range of effective design
parameters of the TID, the positions of curves of equivalent JVD obtained by the closed-form
solution method are always above those of the fixed-point method, indicating that the cost
of the closed-form solution method is lower than that of the fixed-point method. That is,
the optimal damping ratio (ζopt) of TID obtained by the closed-form solution method is
smaller than that by the fixed-point method.

(a) (b)

(c) (d)

Figure 9. Range of invalid designed parameters of TID with different optimal method: (a) ζ0 = 0.01;
(b) ζ0 = 0.02; (c) ζ0 = 0.05; (d) ζ0 = 0.1.
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Table 1. Designed parameters of TID and JVD with different optimal methods.

ζ0
Closed-Form Solution Method Fixed-Point Method

Jt μ κ ζ JVD μ κ ζ JVD

0.01
0.7 0.0026 0.0031 0.0001 0.9901 0.0026 0.0025 0.0020 0.9117
0.6 0.0065 0.0073 0.0003 0.9860 0.0065 0.0073 0.0052 0.8104
0.5 0.0165 0.0156 0.0010 0.9528 0.0165 0.0160 0.0134 0.6541

0.02
0.7 0.0100 0.0105 0.0005 0.9873 0.0100 0.0098 0.0080 0.8445
0.6 0.0256 0.0250 0.0020 0.9532 0.0256 0.0243 0.0210 0.6984
0.5 0.0647 0.0533 0.0071 0.8589 0.0647 0.0570 0.0554 0.5151

0.05
0.7 0.0608 0.0533 0.0068 0.9381 0.0608 0.0541 0.0521 0.6991
0.6 0.1559 0.1267 0.0264 0.8089 0.1559 0.1167 0.1462 0.5048
0.5 0.3935 0.2705 0.0934 0.5905 0.3935 0.2027 0.4508 0.3160

4. Seismic Responses

In order to verify the vibration mitigation effect of the TID and parameter optimization
results, 0.5 is taken as the target displacement mitigation ratio Jt, the seismic responses of
the SDOF system with TID under ground motions are carried out, and the TID parameters
obtained by the two optimization methods were compared. The original structural mass is
m = 1 × 104 kg, stiffness k = 1.57 × 103 kN/m, and the inherent damping ratio ζ0 is taken
as 0.01, 0.02, and 0.05.

EL Centro record, Taft record, Chi-Chi record, and Kobe record are selected, and
Figure 10 is the acceleration response spectrum of the four records. At the same time,
different dominant frequencies of records are selected four including low frequency, high
frequency and many components such as El Centro record. Figure 11 is the displacement
time history response of the SDOF system under four records. It can be seen from Figure 11
that the vibration control effects of the TID parameters obtained by using the closed-
form solution on the structure are better than those obtained by using the fixed-point
method under the ground motions with different predominant frequencies, indicating
that the design method of the TID based on the closed-form solution method has better
robustness. As the seismic response of the structure progresses, the vibration control effects
of the TID in the later stage become better, indicating that a stable vibration state of the
original structure can be quickly brought under control by the TID. Figure 12 shows the
Fourier amplitude spectrum of the displacement response of the SDOF system under the
excitation of the EL Centro record. It can be seen from Figure 12 that the TID parameters
obtained by the closed-form solution method can be tuned to match all high-amplitude
regions of ground motion. The control frequency domain is wider than that of the fixed-
point method, and the controlled displacement amplitude decreases significantly at the
fundamental frequency of the original structure. The spectral curve has no obvious peaks or
corresponding frequencies, which also corresponds to the steady and low seismic response
in the time history curves.

Figure 13 shows the hysteresis loops of damping elements of the TID and VD with
the same damping ratio under the excitation of EL Centro record. The corresponding TID
design parameters are shown in Table 1. It can be seen from Figure 13 that, under the same
damping ratio, the deformation and damping force of the damping element of the TID are
both greater than those of the VD, and the overall energy dissipation effect is better than that
of the VD. Compared with the hysteresis loops of the TID and VD with the same damping
ratio under the two optimization methods, it can be seen that the hysteresis loop areas of
the VD corresponding to the fixed-point method increase with the increase of the inherent
damping ratio, while the corresponding to closed-form solution method decreases. These
show that the design parameters of the fixed-point method are relatively conservative, a
larger damping ratio is selected for energy dissipation, and the damping force is 4–5 times
that of the closed-form solution method. However, the damping deformation enhancement
characteristics of the inerter system are not obvious by using the combination of designed
parameters obtained by the fixed-point method. At the same time, the inherent damping
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ratio of the original structure is not considered in the fixed-point method, which will cause
a detuning effect. The inherent damping ratio of the original structure is not considered in
the closed-form solution method, so the damping deformation enhancement characteristics
of the inerter system can be brought into full play and the same vibration control effect as
the fixed-point method is achieved with a smaller damping coefficient.

Figure 10. Normalized acceleration spectra of ground motion records.

Figure 14 shows the hysteresis loops of the damping element of the TID by using
different optimization methods under the excitation of EL Centro record. It can be seen from
Figure 14a that the damping coefficient of the TID obtained by using the fixed-point method
is much higher than that obtained by the closed-form solution method. Although a high
damping coefficient will increase the damping force and increase the energy dissipation
effect, the cost of the TID will increase dramatically. However, the damping deformation
enhancement characteristics of the inerter system found using the closed-form solution
method are about three times higher than those found using the fixed-point method. Hence,
the damping element of the TID obtained by the closed-form solution method still has
effective energy dissipation. Figure 14b shows the energy dissipation effect of inherent
damping ratio and the equivalent VD obtained by the two methods. The optimal damping
ratio of the TID obtained by the closed solution method is much smaller, which is 11% of the
damping ratio obtained by using the fixed-point method and 8.3% of the inherent damping
ratio. From Figure 14a, we can see that the maximum displacements of the main structure
with a TID are nearly identical using two optimal design methods; however, the additional
damping ratio of the TID designed by the closed-form solution method is considerably
smaller compared to that of the fixed-point method. The damping enhancement effect
of the inerter element can be fully utilized when employing the proposed performance-
demand-based design approach. The designed parameters of the TID obtained by the
closed-form solution method can not only meet the performance demands of the structures
with different inherent damping ratio, but the engineering cost is also greatly reduced,
achieving a lightweight design of the TID at the same time.
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(a) (b) (c) 

  
(d) (e) (f) 

 
 

(g) (h) (i) 

  
(j) (k) (l) 

Figure 11. Displacement responses of SDOF (J = 0.5): (a) EL Centro, ζ0 = 0.01; (b) EL Centro, ζ0 = 0.02;
(c) EL Centro, ζ0 = 0.05; (d) Taft, ζ0 = 0.01; (e) Taft, ζ0 = 0.02; (f) Taft, ζ0 = 0.05; (g) Chi-Chi, ζ0 = 0.01;
(h) Chi-Chi, ζ0 = 0.02; (i) Chi-Chi, ζ0 = 0.05; (j) Kobe, ζ0 = 0.01; (k) Kobe, ζ0 = 0.02; (l) Kobe, ζ0 = 0.05.

229



Buildings 2022, 12, 558

 

(a) (b) 

 
(c) (d) 

 
(e) (f) 

Figure 12. Single-sided Fourier spectra of displacement responses of SDOF under EL Centro record
(J = 0.5): (a) ζ0 = 0.01; (b) Zoom-in, ζ0 = 0.01; (c) ζ0 = 0.02; (d) Zoom-in, ζ0 = 0.02; (e) ζ0 = 0.05;
(f) Zoom-in, ζ0 = 0.05.
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(a) (b) 

 
(c) (d) 

 
(e) (f) 

Figure 13. Hysteretic loops of the damper under EL Centro record (J = 0.5): (a) Fixed-point method,
ζ0 = 0.01; (b) Closed-form solution method, ζ0 = 0.01; (c) Fixed-point method, ζ0 = 0.02; (d) Closed-
form solution method, ζ0 = 0.02; (e) Fixed-point method, ζ0 = 0.05; (f) Closed-form solution method,
ζ0 = 0.05.
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(a) (b) 

Figure 14. Hysteretic loops of the damping element compared with two optimal methods with same
inerter–mass ratio: (a) TID, ζ0 = 0.01; (b) VD.

5. Conclusions

In this paper, the motion control equations of the SDOF system with TID are estab-
lished. The inerter–mass ratio, damping ratio, and stiffness ratio are analyzed based on
the displacement mitigation ratio of stochastic response, and the parameter optimization
design of the TID based on the closed-form solution method are also carried out compared
with the fixed-point method. Additionally, applicable conditions of the two methods are
discussed in a wider range of values of objective function under different inherent damping
ratios. Finally, seismic responses are carried out on the SDOF system with TID, which veri-
fies the feasibility of the closed-form solution optimization method. The main conclusions
are as follows:

• The investigation on the variation patterns of invalid designed parameters of TIDs
under different inherent damping ratios indicates that compared with the fixed-point
method, better applicability and robustness are shown in closed-form solution method.

• The displacement mitigation ratio could be used as a target during the determination
of design parameters of the TID, which meets the structural design concept based on
performance demand.

• Nearly identical performances of main structures with TID can be realized using two
optimal design methods; however, the additional damping ratio of the TID designed by
the closed-form solution method is considerably smaller compared to that of the fixed-
point method. The damping enhancement effect of the inerter element can be fully
utilized when employing the proposed performance demand-based design approach.

• Considering the lower additional damping ratio and inerter–mass ratio, applications
of the TID designed by the closed-form solution method can be extended and its
installation made more flexible. The corresponding verification experiment study
must be conducted in the near future.
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Abstract: Thermal expansion of a member can affect structural bearing capacity when one or more
members are subjected to fire. To explore the developmental rule of member internal force in latticed
shell structure, a computation method of member sensitivity is presented based on the alternate path
method. Taking a K8 single-layer latticed shell structure as the analysis object, finite element models
are established by ANSYS, applying temperature loads on radial and circumferent ribs, calculating
the sensitivity of each member during heating, and exploring the rule of member sensitivity at
different temperatures. It is revealed from the numerical results that when one member is in fire,
member sensitivity is proportional to temperature and inversely proportional to the distance from
the member subjected to fire. Taking the member sensitivity coefficient as an index, the internal force
will be transmitted along the member with high sensitivity, the rule of load path and internal force
redistribution is given when the latticed shell structure is under elevated temperature.

Keywords: member sensitivity; temperature; latticed shell structure; load path

1. Introduction

Due to its lightweight, good rigidity, and large span, a spatial structure is mostly used
in public buildings, such as stadiums and exhibition halls. Steel is the main material in
a spatial structure, which has poor fire resistance; the material’s mechanical properties
decrease as the temperature rises. Most members of the large-span space structure are
axially compressed, and structural members are more likely to be damaged when the
structure is in a fire. As one of the main secondary disasters of a building fire, progressive
collapse is generally difficult to predict.

Progressive collapse of a building structure is defined as a local failure and unbal-
anced force caused by unexpected loads; it can cause member failure because internal
force changes dramatically. Building fire is one of the disasters with high frequency and
serious harm; it is also an occasional effect that seriously endangers the safety of spatial
structures. Many scholars have carried out a series of studies on the progressive collapse
resistance of building structures [1–6], especially for the mechanical response of large-span
space structures subjected to fire; a number of conclusions have been obtained through
fire experiments and FE analysis. Guo [7,8] carried out eight destructive fire tests on a
scale-reticulated shell model. The experimental results show the shell specimen performed
arching under vertical load and the fire effect due to thermal expansion, the global de-
formation patterns and the axial force distributions of the specimen were approximately
symmetric when the fire was located at the center of the test model, and the ultimate bear-
ing capacity of the specimen gradually decreased with the combustion of the fire. Yu [9]
uses fire dynamics software FDS to set different fire source positions to generate the fire
temperature field of the single-layer cylindrical reticulated shell and used the finite element
software ABAQUS to conduct a numerical simulation of the behavior of the cylindrical
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shell structure under different fire conditions. The influence of several parameters, such as
the steel pipe section size, rise span ratio of the structure, roof load, and thickness of the
fireproof coating, on the single-layer cylindrical reticulated shell in fire is analyzed.

Sensitivity analysis is an analytical method to evaluate the parameter change of
structural response while the structure is in particular load conditions; sensitivity in-
dex is commonly used in the analysis of the progressive collapse-resisting performance
of building structures. Based on member sensitivity, many scholars have established a
method to evaluate the progressive collapse-resisting performance of structures, such as
the member importance index [10,11], structural redundancy index [12,13], and robustness
analysis [14–16]. The load path analysis is an important problem of structural resistance
to progressive collapse. Wang [17] investigates a test of a scaled Kiewitt-6 dome; the
effects of force transmission paths and initial imperfections on the progressive collapse
resistance of large-span single-layer latticed domes were analyzed. The results indicate that
the failure mode of the tested dome was local collapse when the two force transmission
paths failed. The dome relies mainly on the compression mechanism to resist progressive
collapse. Zhao [18] proposes a new expression of internal stiffness to visualize the load
paths, instead of measuring strain energy caused by displacement at the loading point. An
L-bracket test is carried out to validate the index. However, these indexes are not applicable
to the structure in fire because material properties attenuation at elevated temperature is
not considered.

In the condition of a building fire, steel members are prone to fail, but it is a dynamic
process of member failure as the temperature increases. The failure of a single member
can cause damage to multiple adjacent members in the local zone; it is a great danger
to structural safety. In order to clarify the internal forces redistribution rule and prevent
progressive collapse when a single-layer latticed shell structure is subjected to fire, this
study proposes a member sensitivity index considering material properties reduction,
quantitative analyses of the member sensitivity at different temperatures through finite
element analysis; the transmission path is determined through the member sensitivity
change with temperature. The current work aims to evaluate the structure’s progressive
collapse-resisting performance when a latticed shell structure is under fire conditions.

2. Member Sensitivity Index

Fire can cause serious adverse effects on the structure. The temperature of a building
fire generally is greater than 800 ◦C. However, the mechanical properties of steel signifi-
cantly decline at 500 ◦C. With the temperature rising, the thermal effect on the structure
becomes more significant. This may cause two security concerns. On the one hand, the
elevated temperature will reduce the member bearing capacity, which is easy to cause local
failure; on the other hand, mutual support exists between members in a spatial structure, so
the failure of local members may cause the progressive collapse of the structure. Therefore,
in the process of heating up, exploring member sensitivity to temperature, and clarifying
the force transmission path, ensure not only the fire resistance design safety of the structure
but also provide a basis for the fire occurrence performance evaluation.

The sensitivity coefficient is an index used to quantitatively evaluate the vulnerability
of a certain member; it reflects which member is more likely to fail than others under a
specific working condition. The sensitivity coefficient of member SI is generally defined as
Equation (1) [19].

SI =
λ − λ0

λ0
(1)

where λ0 and λ are the mechanical parameters of the initial state and the final state of the
structure, respectively.

Equation (1) is suitable for structure sensitivity analysis at room temperature. How-
ever, steel is a thermosensitive material, and its mechanical properties change significantly
with temperature. The elastic modulus and yield strength should be considered for materi-
als at elevated temperatures, as temperatures can significantly affect the member sensitivity.
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When the structure is in fire, the fire-retardant coating of some members is burnt out; these
members are directly exposed to fire and rapidly heat up; in contrast, other members
heat slowly because of the protection of the fire-retardant coating. There is a temperature
difference and stress difference between the two types, resulting in an uneven tempera-
ture distribution of the members in the structure. To quantitatively analyze the member
sensitivity of the temperature effect, the attenuation of material properties at elevated
temperatures is considered. The yield stress of steel at temperature T is introduced into
Equation (1), and the sensitivity formula of the member at a high temperature can be
expressed as Equation (2):

SIij =
σ
(k+1)
j − σ

(k)
j

f T
s −

∣∣∣σ(k)
j

∣∣∣ (2)

where σ is the maximum principal stress of the member section, which is a function varying
with the temperature T; subscript i is the number of the member at elevated temperature, j
is the number of other members at room temperature, and i 	= j; k is the number of load
steps; σ

(k)
j is the stress calculated up to the kth step while member j at temperature T, f T

s

is the yield stress at temperature T. f T
s −

∣∣∣σ(k)
j

∣∣∣ represents the stress margin of member j

at temperature T, which is a constant positive value. σ
(k+1)
j − σ

(k)
j represents the stress

increment of member j from step k to step k + 1.
SI is a ratio of the stress increment to the stress margin, and the value range is (−1.0,

1.0); the larger the value is, the greater the member tends to be in a fully stressed state, and
the smaller the capacity to continue bearing. When SI is greater than 1.0, it indicates the
strength failure of member j. It is a mathematical certainty that the value of SI is a slope,
which is the change rate of sensitivity with temperature. For the calculation results, SI can
be either positive or negative; when SI > 0, it indicates that the internal force of the member
will bear more load in the process of internal force redistribution; when SI < 0, it is a process
of internal force release.

3. Finite Element Implementation

3.1. Model Design of Latticed Shell Structure

To find the changeable rule of member sensitivity with temperature when a structure
is subjected to fire and then determine the influence of temperature on the progressive
collapse-resisting performance of the spatial structure, a K8 single-layer latticed shell
structure is taken as the research object, as shown in Figure 1. The structural span D = 32 m,
the height h = 4 m, the members use a circular steel tube φ 114 × 3, the live load is
0.5 kN/m2, and the dead load is 0.5 kN/m2.

 
Figure 1. K8 single-layer latticed shell model.
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3.2. Material Properties

The material is steel Q235B, and the values of the material parameters are taken ac-
cording to the Code for fire safety of steel structures in buildings (GB512479-2017) [20]. The
density is 7850 kg/m3, Poisson’s ratio is 0.3, coefficient of thermal expansion is 1.4 × 10−5,
and the elastic modulus at room temperature is 206 GPa. The reduction coefficient ξT of the
elastic modulus when the temperature ranges from 20 to 600 ◦C is shown in Equation (3).

ξT =
7Ts − 4780
6Ts − 4760

(3)

where Ts is the temperature of the steel. The stress-strain relationship of steel at the elevated
temperature is an elastic-plastic isotropic strengthening model; strengthening and neck
shrinkage are ignored [21]. The multilinear kinematic hardening model is selected in
ANSYS. The stress-strain relationships of steel at different temperatures are shown in
Figure 2.

Figure 2. Stress-strain relationship of Q235B steel at different temperatures.

3.3. Loading System

The temperature action is according to the ISO 834 standard heating curve, and the
expression is

Tg − T0 = 345lg(8t + 1) (4)

where Tg is the member temperature at time t; T0 is the initial temperature of the member; t
is the fire duration time.

According to Reference [20], the section shape factor of circle tube φ 114 × 3 is greater
than 300; therefore, the steel temperature can be equal to the air temperature.

3.4. Finite Element Model

The finite element model is established by ANSYS; Beam188 is used to simulate the
members, which is based on Timoshenko beam theory; it is well-suited for simulating the
members of the latticed shell structure. The nodes are rigid connections; the bottom nodes
are simply supported. The initial geometric defect is applied by the first-order mode of the
structure. The large geometric deformation is turned on in the calculation. Temperature
loads are applied to the structure in the form of body loads. Set multiple load steps with
temperature changes, and the temperature value is set every minute according to ISO834.
The FE model is shown in Figure 3.
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Figure 3. FE model of latticed shell structure.

4. Test Results

The positions of accidental loads are random, and the affected members are also
uncertain. Due to the large number of members of the lattice shell structure, it is very
important to traverse and calculate all members. In this study, the characteristic members
are selected, and a temperature load is applied to one member to analyze the response law
of other members of the structure. According to the symmetry of the latticed shell structure,
the half-side structure is taken as a schematic, and the number of each member is shown in
Figure 4.

 
Figure 4. Schematic diagram of member numbering.

4.1. Effect of Temperature on Radial Ribs

Taking the radial rib as the analysis object, which is the main force transmission
member in a single-layer latticed shell structure, the sensitivity of each member of the
structure when one radial rib is heated is calculated. Three analysis conditions were
designed in which radial ribs L73, L85, and L121 were heated. The first condition is that L73
is subjected to temperature, and the temperature variation range is from 20 ◦C to 500 ◦C.
The other conditions are similar to explore the influence of heating of different radial ribs
on the whole structure.

Take condition 1 for analysis. Applying a temperature load on member L73, the
temperature function is according to Equation (4); the sensitivity coefficient of each member
at the temperature load of each step is calculated using Equation (2). The calculation results
of member sensitivity at different temperatures are marked in Figure 5.
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(a) (b) 

  
(c) (d) 

  
(e) (f) 

Figure 5. Sensitivity coefficient of L73 main members under fire (×10−1). (a) t = 20 ◦C, (b) t = 100 ◦C,
(c) t = 200 ◦C, (d) t = 300 ◦C, (e) t = 400 ◦C, (f) t = 500 ◦C.

As shown in Figure 5, it can ignore the effect of member sensitivity marked 0.0000,
which is the calculated value is less than 10−5. When member L73 is subjected to a
temperature load, from the radial point, the farther away from the elevated temperature
member, the larger the value of the sensitivity coefficient. This indicates that members
L85 and L121 bear the additional force generated during L73 heating up, and their own
compressive stress decreases. From the circumferential point, the sensitivity values of
radial ribs L74 and L76 change greatly, and L74 is the main forced member when the L73
temperature rises over 200 ◦C. The value of the circular ribs is tiny, which indicates that
the circular ribs have less effect in the process of internal force redistribution. The above
analysis shows that the radial members are the main forced members when radial ribs are
subjected to fire.

The variation law of sensitivity with the temperature of circumferential ribs is shown
in Figure 6.

As shown in Figure 5, the change trend of each circumferential rib is the same, and
the sensitivity decreases with increasing temperature. The curve can be divided into
three stages. In the first stage, the temperature is between 20 ◦C and 270 ◦C, the member
sensitivity coefficient decreases linearly, and the stress increment of the adjacent member
decreases. The main reason is that the axial force caused by the external load decreases due
to thermal stress. In the second stage, between 270 ◦C and 400 ◦C, the curve drops sharply,
and there are multiple inflection points in the fluctuation curve. The main reason is that the
elastic modulus of steel decreases at the elevated temperature, and the stress increment
decreases from step k to step k + 1, indicating that the internal force flow of the structure is
the most significant when the member temperature rises in this range. In the third stage,
the value of member sensitivity changes from positive to negative, and the value is small,
which indicates that other members are not sensitive to L73 when the temperature increases
over 400 ◦C. It can be considered that internal force redistribution has been completed.
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Figure 6. Variation rule of sensitivity coefficient of circumferential ribs with temperature (L73).

To study the different fire-receiving elements on the longitudinal ribs, radial ribs L73,
L85, and L121 were selected to heat up for analysis. Taking member L136 as the analysis
object, the change curve of member sensitivity is shown in Figure 7.

 T °

Figure 7. Sensitivity coefficient of member L136 under different fire conditions.

As shown in Figure 7, the member near the vertex is more sensitive than the member
near the supports. The reason is that the force of member L121 can be directly transmitted to
supports, so member sensitivity is a kind of member with less influence in the transmission
process of internal force.

4.2. Effect of Temperature on Ring Ribs

From the geometric point of view, the latticed shell structure is a perfectly symmetric
structure, and it is representative of analyzing any circumferential member. Heating
member L1, which is located at the first circular ribs, is heated to 500 ◦C. The sensitivity
coefficients of the circumferential ribs, radial ribs, and diagonal braces are calculated and
marked in Figure 8.
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(e) (f) 

Figure 8. Sensitivity coefficient of the main members when the ring ribs are under different tempera-
tures. (a) t = 20 ◦C, (b) t = 100 ◦C, (c) t = 200 ◦C, (d) t = 300 ◦C, (e) t = 400 ◦C, (f) t = 500 ◦C.

As shown in Figure 8, there is an inverse correlation with the distance between
members and member L1, which heats up. The member is much closer to L1, the greater
the sensitivity value, which indicates that the sensitivity value in the first quadrant is
greater than members in the second quadrant; the sensitivity of radial ribs in the first ring
is greater than members in the second ring.

The member sensitivity coefficients with temperatures of L2~L7 in the first ring are
shown in Figure 9.

  
(a) (b) 

Figure 9. Law of the sensitivity coefficient with temperature. (a) Circumferent ribs; (b) radial ribs.
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As shown in Figures 8 and 9, the following conclusions can be drawn:

(1) The sensitivity of members L2~L7 in the first ring increases with temperature. The
sensitivity of member L2 adjacent to L1 has a maximum value, and member L4, which
is perpendicular to L1, has the smallest sensitivity. This indicates that in the process
of internal force redistribution, the elastic modulus of member L1 keeps decreasing
with increasing temperature, the bearing capacity of member L1 decreases, member
L2 adjacent to member L1 needs to bear more internal force, and is greatly affected
by temperature and more dangerous under the elevated temperature. There is a rule
for the sensitivity of radial ribs that the sensitivity is larger with the angle between
the member and member in fire from 0◦ to 90◦; the sensitivity decreases from 90◦ to
180◦. This shows that during the process of inertial force redistribution, not only the
members in the same direction as the load-bearing member but also members in other
directions are affected.

(2) Compared with circumferential members, the sensitivity coefficient of the radial rib
is smaller, which indicates that the members on the same ring are the main force
transmission member when one circumferential member is heated up, and the distal
members are less affected.

(3) Between 400 ◦C and 500 ◦C, there are inflection points in the curve of the sensitivity
coefficient with increasing temperature, and the inflection points are consistent with
the inflection point of the mechanical properties of steel.

5. Load Path of Member under Elevated Temperature

The form of the single-layer latticed shell structure is an arch, and the members mainly
bear axial compression under the action of external loads. The local structure is taken as
the analysis component, which is composed of one node and six connected members, as
shown in Figure 10.

Figure 10. Schematic diagram of the analysis component.

As shown in Figure 10, assuming that member AB is in fire, the unbalanced forces F
and F’ are generated by the thermal effect at both ends of the member nodes, as shown
in Figure 11a. The deformation of points A and B is constrained by other members, and
the unbalanced forces F and F’ are transmitted to adjacent members through the nodes. A
schematic diagram of force decomposition is shown in Figure 11b; the force component
Fy = F cos θ causes an increase in inertial force in OA, and Fx = F sin θ causes a shear
force and a bending moment. The shear force Fy causes the upward displacement of point
A. According to the same analysis, member BC can generate additional internal forces, and
point B produces upward displacement. This process is the redistribution of local internal
forces under temperature effects.

The unbalanced force generated by member AB is transmitted to adjacent members,
and the radial component of force transfers to the next ring along BC, BC1, and BC2. The
internal force change of a single member causes internal force flow in a local zone, and
the change effect decreases with the increase in participating members. According to the
analysis in Section 3, there is a certain range of the internal force redistribution of the
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latticed shell structure rather than the participation of all members of the structure, which
can result from the latticed shell structure having a number of indeterminateness and high
structural redundancy.

F

F’

 
(a) (b) 

Figure 11. Schematic diagram of radial member force. (a) Unbalanced force diagram; (b) decomposi-
tion of force.

Generally, only one member failure is considered in current domestic and foreign
design codes and guidelines for progressive collapse-resistant building structures. Different
from static loads, members are more likely to buckle or be damaged in the condition of
extreme fire disasters. When a structure is exposed to fire for a long time, one or more
members of a latticed shell structure are prone to failure, resulting in progressive collapse
because local members fail. This study analyses the flow direction of the internal force
when the structure is in fire, determines the main forced transition member and load path,
and analyses the most sensitive member. The results can provide a method to analyze the
progressive collapse resistance of a single-layer latticed shell structure under fire disasters.

6. Discussion and Conclusions

A novel method to explore the law of redistribution of internal forces of Kiewitt
reticulated shell structure under fire, the member sensitivity index, and the load path of
members in the condition of a single member subjected to fire are studied. The following
conclusions are obtained:

• A member sensitivity formula is proposed, which considers the temperature effect
by introducing the yield stress of steel at elevated temperature; it can estimate the
sensitivity of members to temperature by calculating the stress increment to evaluate
the allowance of the members bearing capacity.

• The rule of member sensitivity with temperature is explored in the condition of radial
ribs and circumferent ribs subjected to fire; the analysis reveals that member sensitivity
increases with temperature; the farther away from the member subjected to fire, the
smaller the member sensitivity. The additional internal force generated by one member
subjected to fire is mainly borne by adjacent members, and the force will transmit
along the member with higher sensitivity by changing the internal force of members
in a local zone to make the structure reach a new equilibrium condition, the law of
internal force redistribution is clarified when the structure is in fire.

• We proposed a prediction method proposed in this study; the sensitivity index is the
difference calculation of stress from step k to step k + 1. The smaller the sensitivity
coefficient is, the smaller the allowable bearing allowance of the member. In the condi-
tion of part of the structure subjected to fire, the maximum load path of the latticed
shell structure can be determined, and the members that are prone to damage can be
identified. This work provides a new idea for the analysis of resisting progressive
collapse performance of a structure subjected to fire.
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