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Abstract: This study explores an advanced prefabricated composite structure, namely ECC/RC
composite shear walls with enhanced seismic performance. This performance enhancement is
attributed to the strategic use of engineered cementitious composites (ECC) known for their superior
ductility. The study conducts both experimental and numerical simulation analyses to scrutinize
the seismic energy absorption capabilities of this innovative structure. Emphasis is placed on
critical aspects, such as the optimal deployment areas for ECC within composite coupling beams
and shear walls, the grade of ECC strength, the proportion of stirrups in coupling beams, and the
caliber of longitudinal reinforcement. Through finite element analysis, this research quantitatively
assesses the impact of these variables on seismic energy dissipation, incorporating evaluations of
load–displacement hysteretic behaviors and the energy dissipation potential of ECC/RC shear wall
samples. The findings suggest the optimal ECC application in the coupling beams, and within a
14% structural height at the base of shear walls. Recommended design parameters include an ECC
strength grade of E40 (40 MPa), longitudinal reinforcement of HRB400 (400 MPa), and a stirrup ratio
in coupling beams of 0.5%.

Keywords: prefabricated ECC/RC shear wall; seismic energy dissipation; ECC; finite element
analysis; structural optimization; coupling beams

1. Introduction

The advancement of intelligent science and technology has become a pivotal strategy
globally. As economies and societies evolve, traditional industries, characterized by high
resource consumption, environmental pollution, and labor intensity, are under increasing
pressure to transform and upgrade. In the construction sector, conventional on-site pour-
ing methods are beset with challenges, including substantial resource consumption, low
efficiency, resource wastage, quality assurance difficulties, and environmental degradation.
To address these challenges, the industrialization of prefabricated building construction
has gained increasing attention and adoption. This method represents a modern approach
in the construction industry, characterized by design standardization, factory production,
assembly construction, and intelligent, informatized management [1].

Prefabricated structural systems, encompassing concrete, steel, and timber structures,
are extensively utilized. Among these, prefabricated concrete structures are predominantly
employed in residential, educational, and office buildings. The prefabricated shear wall
structure, in particular, is extensively used in high-rise buildings due to its lower resource
consumption and environmental impact.

Recent research has focused on the mechanical properties, ductility, and durability
of prefabricated concrete shear wall structures [2–5]. These studies have demonstrated
that such structures possess an enhanced lateral stiffness and energy dissipation capacity,
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making them suitable for seismic regions. However, the connections between prefabricated
components, especially horizontal connections, are crucial for seismic performance and
warrant further attention.

Various horizontal connection methods in precast shear walls, such as grouting sleeve,
constrained slurry anchor steel bar, and metal bellows slurry anchor steel bar connections,
have been explored. In China, grouting sleeve connections are recommended as the most
mature and effective reinforcement technology. However, these connections in prefab-
ricated shear wall structures have shown limitations in seismic resistance compared to
cast in situ structures. Peng et al. [6] conducted low-cycle repeated load tests on grout-
ing sleeve-connected prefabricated shear wall specimens, revealing inferior stiffness and
energy dissipation compared to cast in situ specimens. Brunesi et al. [7,8] investigated
the seismic performance of a full-scale, two-story, lightly reinforced precast concrete wall
panel structure connected by steel connectors and mortar, identifying the joints as the
weakest structural elements. Similarly, studies by Qian et al. [9] and Wu et al. [10] indi-
cated that despite mechanical similarities to cast-in-place structures, the lower ductility of
joints in prefabricated structures compromises their structural integrity and robustness.
Qian et al. [11] observed significant damage to coupling beams in a three-story assembled
shear wall concrete structure connected by mortar sleeves, although the story drift con-
formed to China’s high-rise building structure design code [12]. Typical earthquake damage
in grouted sleeve-connected prefabricated shear wall structures includes loss of coupling
beam function, concrete destruction at the compression side wall base, and reinforcement
yielding or slipping out of the concrete [13–16].

Currently, prefabricated components in concrete shear wall structures are primarily
used for vertical load-bearing and enclosure systems, while lateral force-resisting shear wall
members are often constructed in situ. This approach results in a low prefabrication and
assembly rate, complicating construction processes. To enhance the widespread adoption
and application of prefabricated concrete shear wall structures, it is imperative to strengthen
and guarantee their seismic performance effectively.

Designing structures for seismic resistance involves reducing seismic demand based on
the ductility level permissible within the structural system. Special attention must be paid
to ensuring that critical structural parts can withstand the required nonlinear deformation
without significant strength loss [17]. Therefore, employing materials with high ductility
or damping, such as engineered cementitious composites (ECC), in key stress and energy
dissipation areas can enhance the structure’s seismic energy dissipation capacity.

ECC, a material with high ductility and comparable compressive strength to concrete,
exhibits exceptional tensile strain hardening capability [18]. It also has superior damping
and energy dissipation capacities [19], effectively absorbing energy input into the structure.
ECC’s tensile strain ranges from 3 to 7% [20–22] and it forms dense cracks with spacing
as narrow as 3 to 6 mm post-cracking [23–25]. Additionally, ECC outperforms concrete
in shear bearing and deformation resistance [26] and exhibits excellent crack width con-
trol, deformability, self-healing ability, and damping characteristics in various structural
components [27–30], making it an ideal seismic material.

Zhang et al. [31] studied ECC coupling beams’ shear strength and seismic resistance,
finding superior performance in these aspects. Suryanto et al. [32] compared the earth-
quake resistance of external ECC beam–column joints to those without ECC, with ECC
joints showing better performance. Cai et al. [33] investigated the ductility, stiffness, and
energy dissipation of ECC/RC composite frames compared to RC frames, noting signif-
icant improvements in the ECC/RC frames. Khan et al. [34,35] demonstrated that ECC
beam–column joints without shear reinforcement still surpassed the code-specified shear
resistance. Ye et al. [36] and Yang et al. [37] conducted low cyclic loading experiments on
RECC-coupled shear walls, finding that using ECC materials in cast in situ connection areas
significantly improved the seismic energy dissipation capacity compared to specimens
without ECC. Yang et al. [38] studied the principles of stress and energy dissipation under
low cyclic loading through finite element analysis, revealing the failure mechanisms and
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internal force distribution in prefabricated ECC/RC shear walls. However, to date, no
study on the optimization design of prefabricated ECC/RC composite coupled shear walls
based on seismic energy dissipation mechanism or comprehensive quantitative analysis
has been conducted.

In this paper, the seismic energy dissipation performance of the prefabricated ECC/RC
composite coupled shear wall structure will be studied by combining experimental and
numerical analysis. The optimal design will be studied based on the seismic energy
dissipation mechanism. Through comprehensive numerical quantitative analysis, the
optimization design suggestions will be put forward. This study will fill the gap in the
field of seismic energy dissipation optimization design of the prefabricated ECC/RC
composite coupled shear walls. This work is original and novel and has great scientific and
engineering significance.

2. Experimental Investigation

2.1. Specimen Design

For the experimental study, a half-scale, two-story spatial structure representing
a prefabricated ECC/RC composite shear wall structure was conceived. This complex
assembly comprises eight prefabricated flange walls, eight web walls, four composite
coupling beams, eight lateral beams, four bases, and six composite floors. The design is
inspired by the original wall system of Zhongnan Century City in Jiangsu Province, China,
aligning with the ‘Technical specification for precast concrete structures’ [39]. In strategic
locations, such as the juncture of the coupling beam and the prefabricated concrete wall pier,
and atop the composite coupling beams, ECC material is meticulously placed, as depicted
in Figure 1. The visual representation (Figure 1) deliberately omits the reinforcement details
of the prefabricated elements to maintain clarity. Table 1 enumerates the identification and
reinforcement specifics of these components. Dimensions of coupling beams are noted,
with a length of 920 mm, whereas the heights of the precast concrete section and the cast-in-
place ECC measure 150 mm and 100 mm, respectively, resulting in a span-to-height ratio of
3.68. The beam–wall connection zone dimensions vary across two layers, with the first and
second layers measuring 160 mm in width and 450 mm and 350 mm in height, respectively.
Vertical integration of the steel bars within the precast walls is achieved through steel
sleeves and expansive cement mortar. Meanwhile, horizontal connections—encompassing
flange to web wall, beam to wall, beam to floor, and wall to floor—are executed with either
cast-in-place concrete or ECC, ensuring structural cohesion.

(a) 

950 160 100 100
160 950

3320

14
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40
0

920 10
0

12
70
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0

10
10

10 10

LS-2 Laminated slab
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FW-2 Web wall
CB-1 Composite coupling beam

FW-1 Flange wall

LB-1 Lateral com-
posite beam

Cast-in-place concrete
or ECC

LB-2 Lateral com-
posite beam

Figure 1. Cont.
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Figure 1. Graphs of the two-story spatial structure specimen of the prefabricated ECC/RC combined
shear wall. (a) Planar graph; (b) 1-1 section graph.

Table 1. The ID and reinforcement details of prefabricated components.

Component
FW-1

Flange Wall
FW-2

Web Wall

CB-1
Composite
Coupling

Beam

LB-1
Lateral

Composite
Beam

LB-2
Lateral

Composite
Beam

LS-1
Laminated

Slab

LS-2
Laminated

Slab

B-1
Base

Number 8 8 4 4 4 4 2 4
Geometric
dimension

(mm)

400 × 100 ×
1190

850 × 100 ×
1340

100 × 150 ×
920

100 × 100 ×
970

200 × 100 ×
1270

945 × 50 ×
1270

920 × 50 ×
1270

2390 × 900 ×
350

Longitudinal
reinforcement 12C6 8C6+10A6 3C8 3C12 3C12 A6@100 A6@100 36C4

Horizontal
reinforcement A6@100 A6@100 — — — A6@100 A6@100 C8@50

Stirrups A4@50 A4@50 C6@50 C6@50 C6@50 — — —

Note: C-HRB400 steel bar, A-HPB300 steel bar.

2.2. Material Properties

The examination of material properties reveals distinct compressive strengths for the
concrete used in the precast elements and the concrete used in situ, recorded at 36.8 MPa and
32.6 MPa, respectively. Engineered cementitious composites (ECC) exhibit a compressive
strength of 35.2 MPa and a tensile strength of 4.6 MPa, alongside an ultimate tensile strain of
3.4%. The reinforcing bars, HPB300 and HRB400, demonstrate yield strengths of 309 MPa
and 416 MPa, respectively. The mechanical characteristics of both concrete and ECC, along
with the reinforcing steel’s properties, are systematically cataloged in Tables 2 and 3.

Table 2. Mechanical properties of concrete and ECC.

Materials
Compressive Strength

f cu,k (MPa)
Tensile Strength f t,k

(MPa)
Modulus of Elasticity

Es (GPa)
Ultimate Tensile

Strain εsu

Precast concrete 36.8 2.2 3.15 —
Cast-in-place concrete 32.6 2.1 3.12 —

ECC 35.2 4.6 1.54 3.4%
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Table 3. Mechanical properties of the steel rebars.

Steel Type Yield Strength f y (MPa) Ultimate Strength f u (MPa) Modulus of Elasticity Es (GPa)

HPB300 309 358 209
HRB400 416 489 200

2.3. Testing Methodology

The specimen’s foundation is securely fastened to the structural laboratory ground
using ground anchor screws passing through pre-designed holes. Annotations 8 and 9 in
Figure 2 are the ground anchor screws and laboratory ground, respectively. Vertically, the
structure’s axial bearing capacity is subjected to a 24% load via eight hydraulic jacks, which
tension steel strands. Annotations 4 and 7 marked in Figure 2 are hydraulic jacks and steel
strands, respectively. This force is then evenly distributed across the specimen’s summit
through transfer beams (annotation 3 in Figure 2), as depicted in Figure 2’s schematic of
the cyclic loading apparatus.

1-Reaction wall;

2-Mechanical Testing &

Simulation (MTS);

3-Transfer beams;

4-Hydraulic jacks;

5-Thread steel connect-

ing rod;

6-Horizontal loaded

anchor end;

7-Steel strands;

8-Ground anchor

screws;

9- Laboratory ground.

1 2

3
4

5

6

7

8

9

Figure 2. Schematic representation of the cyclic loading device.

Horizontal cyclic loading is administered using a mechanical testing and simulation
(MTS) system (annotation 2 in Figure 2), anchored to the reaction wall (annotation 1 in
Figure 2) with a maximum force of 1000 kN. The horizontal load is transmitted to the end
of the specimen through the threaded steel connecting rods, so that both thrust and tension
can be applied, as illustrated in annotations 5 and 6 in Figure 2. The horizontal cyclic
loading adopts the slow continuous loading method, and the loading rate is 0.5 mm/s [40].
Initially, in the specimen’s elastic phase prior to yielding, loading cycles are managed
under load control, and are incremented by 50 kN until the anticipated yield load (Py) is
reached, defined by the yield displacement (Δy). After yielding, loading cycles transition to
displacement control, progressing through incremental stages of Δy, 2Δy, 3Δy, . . .. Each
load level undergoes a single cycle, whereas each displacement level is subjected to three
cycles. The cyclic loading sequence is detailed in Figure 3. Testing concludes when the
load diminishes to 85% of the maximum load, at which point the specimen is deemed to
have failed.
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y

2 y

3 y

3 y

2 y

y

Py

Py

load displacement

time

Figure 3. Time history plot of the cyclic loading.

2.4. Damage and Failure Characteristics

The damage and failure of the prefabricated ECC/RC composite shear wall structure
are mainly manifested in the cracking of the bottom of the shear walls and the coupling
beams, which can be seen in Figure 4. The cracks in the web walls are horizontal cracks
at the initial stage of loading, and gradually develop along the inclined direction with the
increase in horizontal load, and finally show as bending-shear cracks. The cracks in the
flange walls are horizontal cracks, which eventually show bending failure. The cracking of
the coupling beams is mainly concentrated at the ends and the cast-in-place ECC area, and
there are many fine cracks in the ECC.

(a)

Figure 4. Cont.
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(b) (c)

Figure 4. Damage and failure of the prefabricated ECC/RC composite shear wall structure. (a) Integral
structure; (b) web wall; (c) flange wall.

2.5. Load–Displacement Hysteresis Behavior

Figure 5 illustrates the load–displacement hysteresis loops, which are characterized
by a bow shape, highlighting the specimen’s robust energy dissipation capability and
minimal residual deformation. The load–displacement skeleton curve, detailed in Figure 6,
delineates critical stages, such as the cracking, yielding, peak, and failure points. Initial
crack formation was observed at a displacement of 3.64 mm under a horizontal force of
248.7 kN. Yielding occurred when the displacement reached 7.84 mm with an applied load
of 524 kN. The specimen achieved its maximum load capacity at 991.7 kN, corresponding to
a displacement of 33.67 mm. The failure threshold was identified when the load diminished
to 836 kN and displacement extended to 50.5 mm. Table 4 compiles the mechanical
properties extracted from these observations.
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-900
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-300

0

300

600
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1200

-60 -45 -30 -15 0 15 30 45 60
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N
)
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Figure 5. Load–displacement hysteresis curves.
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Figure 6. Load–displacement skeleton curve.

Table 4. Mechanical characteristic values of the specimen.

Mechanical Properties Cracking Point Yield Point Peak Point Failure Point

Displacement (mm) 3.64 7.84 33.67 50.5
Load (kN) 248.7 524.0 991.7 836.0

3. Numerical Simulation

In this study, the finite element analysis software ABAQUS 2020, renowned for its com-
prehensive capabilities, serves as the foundation for the numerical simulations. The process
of developing and analyzing models encompasses several critical steps outlined below.

3.1. Material Constitutive Relations

The simulation’s framework integrates the behavior of concrete, ECC, and steel re-
inforcement. The uniaxial stress–strain curve for concrete is adopted from the “Code for
Design of Concrete Structures” (2015 Edition) (GB50010-2010) [41], ensuring compliance
with established standards. The ECC’s stress–strain profile is derived from the methodology
introduced by the research team led by Pan [42], highlighting the innovative application
of ECC. Furthermore, the simulation incorporates damage factors for both concrete and
ECC, following the guidelines proposed by Zhang Jin and colleagues [43]. For the model-
ing of steel reinforcement, a bilinear stress–strain curve is utilized, providing a detailed
representation, as depicted in Figure 7.

Figure 7. Stress–strain curve of the steel bars.
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3.2. Element Type and Model Building

In the realm of finite element analysis, both the concrete and ECC elements are de-
picted using eight-node hexahedral linear reduced-integration elements (C3D8R) [42]. The
prefabricated joints’ vertical reinforcements are modeled with two-node spatial linear beam
elements (B31), and the additional reinforcement utilizes space truss elements (T3D2).

Interactions between concrete surfaces and between concrete and ECC are modeled
via surface-to-surface contact. For normal direction interactions, a hard contact strategy is
adopted, permitting potential separation, while tangential movements are governed by a
penalty friction model with a friction coefficient of 0.4 [44].

The simulation constructs a half-scale, two-story spatial structure of a prefabricated
ECC/RC combined shear wall, reflective of the experimental specimen’s dimensions. The
finite element model’s depiction, including the application of ECC at critical junctions, such
as beam-to-wall and within the upper extents of composite coupling beams, is presented
in Figure 8a. Figure 8b showcases the steel reinforcement layout within the model. Given
the negligible slip between the steel reinforcement and concrete, as well as between the
steel and ECC under applied forces, the model assumes effective bonding, employing the
“embedded region” contact feature for interface adherence in ABAQUS.

(a) (b)

RP

Figure 8. Finite element analysis model of the prefabricated ECC/RC combined shear wall. (a) Finite
element model; (b) steel cage of the spatial structure specimen model.

3.3. Boundary Conditions and Loading Methods

The foundation of the modeled structure is securely anchored at its base, mirroring
the experimental conditions. Vertical forces are consistently applied across the loading
beam, as shown in Figure 9a. Horizontally, the model undergoes reversed cyclic loading,
initiated through force-displacement techniques. Initially, force-based loading is adopted,
proceeding in stages with each increment defined as a 50 kN multiple. Following the
attainment of yield displacement, the procedure transitions to displacement-based loading,
employing increments equal to integer multiples of the yield displacement. This phase
involves conducting three cycles at each level until structural failure is observed. The
loading sequence reflects the experimental approach, detailed in Figure 3. A reference point
(RP) is designated at the spatial structure model’s apex, linked to nodes at both extremities
of the loading beam, enabling the implementation of horizontal displacements at RP, as
depicted in Figure 9b.

9
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(a) (b)

Horizontal displacement loading

Bottom anchoring

Vertical load

Figure 9. Boundary conditions and loading methods. (a) Boundary conditions and vertical loads;
(b) low-cycle repeated horizontal displacement loading.

3.4. Mesh Subdivision

Utilizing the swept meshing approach guarantees consistency in mesh generation,
with a specified cutting surface to ensure uniformity across all elements. This includes
steel reinforcements, wall segments, coupling beams, floor sections, loading beams, and
foundational elements, each with a mesh dimension uniformly established at 0.05 m. The
spatial model’s mesh configuration is illustrated in Figure 10.

Figure 10. Finite element model meshing.

3.5. Analytical Calculations

The computational framework is segmented into two distinct phases. Initially, the
foundation is immobilized to define inter-component contact dynamics, paving the way
for vertical force application. The subsequent phase involves constraining lateral move-
ments parallel to the wall’s plane on the loading beam’s sides, ensuring structural equi-
librium under load. Horizontal forces are then engaged. For iterative computation, the
Newton–Raphson technique is applied, with step size adjustments to address convergence
or efficiency challenges.

3.6. Damage and Crack Distribution

The damage and crack distribution of the concrete and ECC in ABAQUS is reflected
by the tensile damage factor. The closer the damage factor is to 1.0, the more serious
the damage to the concrete or ECC is. Figure 11 shows the distribution and variation of

10
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the tensile damage factor of the spatial structure specimen of the prefabricated ECC/RC
combined shear wall structure.

Damage factor

9.743×10-1
8.931×10-1
8.119×10-1
7.307×10-1
6.495×10-1
5.683×10-1
4.871×10-1
4.060×10-1
3.248×10-1
2.436×10-1
1.624×10-1
8.119×10-2
0.000

Figure 11. Damage and crack distribution of the prefabricated ECC/RC composite shear wall
structure.

3.7. Comparison of Numerical and Experimental Results

In order to make the comparison between the test and the calculation results clear, the
web wall and the flange wall are intercepted from the integral structure for comparison.
Figure 12 is the comparison of experimentally measured cracks and finite element simula-
tion cracks. Figure 12 shows that the webs are mainly flexural shear diagonal cracks, and
the flanges are mainly horizontal bending cracks. The crack pattern simulated by the finite
element model is approximately consistent with the actual crack pattern.

(a) (b)

Figure 12. Comparison of experimentally measured cracks and finite element simulation cracks.
(a) Web wall; (b) flange wall.

Figures 13 and 14 showcase that the load–displacement hysteresis and skeleton curves
from both the simulation and experimental protocols are approximately consistent with
the experimental test results. However, the finite element method shows a slightly stiffer
rigidity and a lower displacement. One reason is that the finite element calculation method
uses the finite degree of freedom to approximate the infinite degree of freedom in the
real structure. The finite element solution is equivalent to making the structure deform
according to the given shape function. Compared with the real situation, the constraints
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are increased in the finite element simulation, so the stiffness is larger than the real solution.
Correspondingly, the displacement is a little smaller. The second possible reason is that
the threaded steel connecting rods that transmit the horizontal load may produce a small
irreversible tensile deformation in the later stage of loading, resulting in a length slightly
larger than the original length, and the measured displacement of the specimen also
increases accordingly. There are two ways to reduce this gap. One is to divide the meshes
more finely in the finite element calculation, so that the gap is closer to the infinite degree
of freedom, and, thus, closer to the real situation. Another method is to use almost
non-deformed steel to make the threaded steel connecting rods to reduce irreversible
tensile deformation.
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Figure 13. Load–displacement hysteresis curves.
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Figure 14. Load–displacement skeleton curves.

Although there are slight differences, the comparison between the experimental and
numerical simulation results of the cracking morphology and the load–displacement curves
verifies the correctness of the numerical simulation method.

4. Quantitative Analysis of Influence Factors

This section delves into the paramount variables that shape the seismic energy absorp-
tion capabilities of such structures. These include the deployment areas of ECC within
composite coupling beams and shear walls, ECC’s compressive strength, the coupling
beams’ stirrup ratio, and the tensile strength of longitudinal reinforcements. An exhaustive
quantitative examination was undertaken to evaluate the impact of these parameters on
seismic energy dissipation metrics, such as load–displacement hysteresis behaviors and en-
ergy absorption efficiency, utilizing our refined numerical model. Herein, a comprehensive
analysis of these parameters’ effects on the structural seismic energy dissipation efficiency
is articulated.
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4.1. Use Regions of ECC in Composite Coupling Beams
4.1.1. Selection of Parameters

Given its enhanced complexity and cost over traditional concrete, ECC’s economic
viability, especially in fully incorporating it within coupling beams, warrants scrutiny. This
investigation evaluates the seismic energy absorption efficiency of ECC by comparing three
coupling beam configurations: fully concrete (structure 1-1), a hybrid of ECC and concrete
(structure 1-2), and exclusively ECC (structure 1-3). Consistent across these variants are
other factors, like the stirrup ratio, the nature of longitudinal reinforcement, concrete
strength, and ECC type, among others. Table 5 enumerates the specific parameters for this
analysis, adhering to Chinese standards [40], where HRB400 denotes a 400 MPa tensile
strength of the reinforcing bar, and E40 and C40 represent the compressive strengths of
ECC and concrete, respectively, each at 40 MPa.

Table 5. Variation parameters of ECC in coupling beams.

Classification of
Specimens

Application Regions of ECC in
Coupling Beams

Stirrup Ratio of
Coupling Beams

Type of Longitudinal
Reinforcement

Type of
ECC

Type of Concrete

Structure 1-1 None (Concrete coupling beam)
1.13% HRB400 E40 C40Structure 1-2 Cast-in-place areas (ECC/RC coupling

beams)
Structure 1-3 Full ECC (ECC coupling beams)

4.1.2. Load–Displacement Hysteresis Behavior

Figure 15 illustrates the load–displacement hysteresis curves for specimens subjected
to low cyclic loading, highlighting the differential impact of ECC application within the
coupling beams. Integrating ECC not only postpones the yielding of these beams but
also enhances the overall shear wall structure’s delay in yielding, thereby augmenting the
energy dissipation potential of the structure. The depicted curves showcase a pronounced
bow shape. Notably, the pinching effect—a measure of energy dissipation efficiency—is
most evident in the purely concrete structure (structure 1-1), diminishing progressively in
the ECC-integrated structures (structure 1-2 and structure 1-3), with structure 1-3 exhibiting
the least pinching. This indicates that structure 1-3’s hysteresis loop is the most complete,
signifying superior energy dissipation capability.
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Figure 15. Load–displacement hysteresis curves. (a) Structure 1-1; (b) structure 1-2; (c) structure 1-3.

4.1.3. Energy Dissipation Capacity

The capability of energy absorption, quantified by the hysteresis loop’s enclosed
area, is determined through an approximate integral technique. Table 6 presents both the
single-cycle energy dissipation metrics and the aggregate energy dissipation figures for the
specimens, reflecting different extents of ECC integration within the composite coupling
beams. The symbol Δ in Table 6 denotes the yield displacement.

Table 6. Single-cycle/cumulative energy dissipation values (J).

Displacement
Loading Level

Number of
Cycles

Structure 1-1 Structure 1-2 Structure 1-3

Single-Cycle Cumulative Single-Cycle Cumulative Single-Cycle Cumulative

1Δ
1 918.5 918.5 1186.2 1186.2 1287.7 1287.7
2 555.6 1474.1 608.7 1794.9 658.6 1946.3
3 263.7 1737.8 220.6 2015.5 237.5 2183.8

2Δ
1 6521.6 8259.4 7417.9 9433.4 8062.9 10,246.7
2 4307.9 12,567.3 5292.6 14,726.0 5752.8 15,999.5
3 4067.5 16,634.8 5050.2 19,776.2 5489.4 21,488.9

3Δ
1 12,299.2 28,934 17,250.3 37,026.5 18,750.3 40,239.2
2 12,178.7 41,021.9 14,711.9 51,738.4 15,991.2 56,230.4
3 12,087.9 53,200.6 12,974.0 64,712.4 14,102.2 70,332.6

4Δ
1 21,063.8 74,264.4 21,897.7 86,610.1 23,801.8 94,134.4
2 18,255.7 92,520.1 19,782.7 106,392.8 21,502.9 115,155.6
3 16,788.5 109,308.6 19,339.5 125,732.3 21,021.2 136,658.5

5Δ
1 25,502.7 134,811.3 28,540.1 154,272.4 31,021.9 167,680.4
2 22,941.6 157,752.9 27,119.2 181,391.6 29,477.4 197,157.8
3 21,861.5 179,614.4 26,669.4 208,061.0 28,988.5 226,146.3

6Δ
1 30,998.5 210,612.9 37,044.6 244,032.7 40,265.9 266,412.2
2 29,796.7 240,409.6 35,971.7 281,077.3 39,099.7 305,511.9
3 28,689.7 269,099.3 35,280.9 316,358.2 38,348.8 343,860.7

The analysis distinctly showcases that integrating ECC, even solely within the cast-
in-place sections of coupling beams, significantly bolsters the structure’s seismic energy
absorption capabilities. As delineated in Table 6, a definitive hierarchy emerges in en-
ergy dissipation efficiency: Structure 1-3 surpasses structure 1-2, which in turn exceeds
structure 1-1, across both single-cycle and aggregated energy dissipation metrics. This
progression underscores an enhancement in energy absorption capabilities correlating with
the augmented incorporation of ECC within the coupling beams.
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4.2. Use Regions of ECC in Shear Walls
4.2.1. Selection of Parameters

Acknowledging the susceptibility of shear wall lower sections to seismic forces, which
frequently result in plastic hinge formation, this segment investigates the impact of vary-
ing ECC application extents at the shear wall base to ascertain optimal implementation.
Structure 2-1, constructed purely of concrete, contrasts with structure 2-2 through structure
2-5, which progressively integrate ECC from 200 mm to 800 mm at the base, correspond-
ing to incremental structural height percentages. Consistency is maintained across other
variables, such as the stirrup ratio in coupling beams and the specifications of longitudinal
reinforcement and concrete types. Detailed parameters for this analysis are encapsulated in
Table 7.

Table 7. Variation parameters of ECC in shear walls.

Classification of
Specimens

ECC Application at the Base of
Shear Walls

Stirrup Ratio of
Coupling Beams

Type of Longitudinal
Reinforcement

Type of ECC Type of Concrete

Structure 2-1 0

1.13% HRB400 E40 C40
Structure 2-2 7% structural height (200 mm)
Structure 2-3 14% structural height (400 mm)
Structure 2-4 21% structural height (600 mm)
Structure 2-5 28% structural height (800 mm)

4.2.2. Load–Displacement Hysteresis Behavior

Illustrated in Figure 16 are the load–displacement hysteresis curves for specimens
subjected to low cyclic loading. These curves demonstrate a more pronounced completeness
as the application height of ECC at the base of the shear walls increases, signifying a notable
improvement in the structure’s capacity for energy dissipation.

(a) (b)

(c) (d)

Figure 16. Cont.
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(e)

Figure 16. Load–displacement hysteresis curves. (a) Structure 2-1; (b) structure 2-2; (c) structure 2-3;
(d) structure 2-4; (e) structure 2-5.

4.2.3. Energy Dissipation Capacity

Table 8 details the energy dissipation metrics for five structural configurations across
both single cycles and cumulative impacts. Initially, Structure 2-1 outperforms structure
2-2 in single-cycle energy dissipation, a phenomenon highlighted in Table 8. This stage,
marking the specimens’ initial yielding phase, reveals the minimal yet significant influence
of ECC application. At this juncture, the inherent stiffness of the structural elements
predominantly governs energy dissipation, with the rigidity of concrete contributing more
significantly than that of ECC, thus favoring structure 2-1’s energy dissipation profile over
structure 2-2.

With the elevation of ECC incorporation to 400 mm, an increase in yield points is
observed, overshadowing the stiffening effect of concrete, and setting a new comparison
where structure 2-2 is surpassed by structure 2-3. Incrementing ECC’s presence to between
600 and 800 mm at the shear wall’s base diminishes the yield displacement’s role in energy
dissipation, reshaping the hierarchy to structure 2-3 outperforming structure 2-4 and
structure 2-5. Moreover, extending displacement loading to double the yield displacement
reconfigures the relationship across single-cycle and cumulative energy dissipation figures,
establishing a trend where greater ECC implementation in shear walls correlates with
heightened energy dissipation capacity, evidenced by the no ECC to 800 mm increments.
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Table 8 also illustrates the cumulative energy dissipation values for structures 2-1 to
2-5, which are 339,460.5 J, 377,573.7 J, 412,205.4 J, 424,149.1 J, and 429,266.4 J, respectively,
after undergoing the third cycle of 6Δ loading displacement. When compared to structure
2-1, the cumulative energy dissipation of structures 2-2 to 2-5 shows an increase of 11.2%,
21.4%, 24.9%, and 26.5%, respectively. Notably, the application of ECC material at the
bottom 400 mm of the shear wall results in a cumulative energy dissipation increase of
over 20% compared to the specimen without ECC. As ECC usage at the bottom of the shear
wall continues to rise, there is a corresponding increase in cumulative energy dissipation,
albeit at a diminishing rate. For instance, the energy dissipation of structure 2-3 is 9.2%
higher than that of structure 2-2, while the increase from structure 2-2 to structure 2-1 is
more modest at 2.9%.

Optimal energy dissipation performance is achieved with the incorporation of ECC
at 400 mm from the base of the shear wall. The distinctive properties of ECC, including
its enhanced ductility, damping capabilities, and superior resistance to deformation under
tensile, compressive, and shear forces—despite its comparative lower stiffness to traditional
concrete—play a pivotal role in dictating the overall energy dissipation efficiency. This
efficiency is critically influenced by the material’s deformation capacity, stiffness, and
load-bearing potential. Consequently, it is advised that the ideal proportion of ECC to be
utilized in precast shear walls is established at 14% (400 mm) of the total structural height.

4.3. Strength of ECC
4.3.1. Selection of Parameters

Parameter analysis from Sections 4.1 and 4.2 indicate optimal seismic performance
when ECC is utilized in specific areas, namely the coupling beams and the lower 400 mm of
shear walls. We varied the ECC strength in these regions to assess its impact, using the ECC
types E40, E60, and E80, corresponding to compressive strengths of 40 MPa, 60 MPa, and
80 MPa, respectively. Other unspecified parameters are the same. The variation parameters
of the ECC strength are shown in Table 9.

Table 9. The variation parameters of the ECC strength.

Classification of
Specimens

Application Areas
of ECC

Stirrup Ratio of
Coupling Beams

Type of Longitudinal
Reinforcement

Type of ECC Type of Concrete

Structure 3-1 Coupling beams and
the lower 400 mm of

shear walls
1.13% HRB400

E40
C40Structure 3-2 E60

Structure 3-3 E80

4.3.2. Load–Displacement Hysteresis Behavior

Figure 17 illustrates that the hysteresis behavior of the specimens is relatively unaf-
fected by ECC strength variations, indicating that ECC’s energy dissipation capacity is not
significantly influenced by its compressive strength.
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Figure 17. Load–displacement hysteresis curves. (a) Structure 3-1; (b) structure 3-2; (c) structure 3-3.

4.3.3. Energy Dissipation Capacity

Table 10 presents the energy dissipation data under cyclic loading. Initially, higher
strength ECC shows greater energy dissipation, likely due to increased stiffness. However,
as loading progresses, the trend reverses, with lower strength ECC demonstrating superior
energy dissipation. This highlights the importance of balancing strength and ductility in
ECC for optimal seismic performance.

Table 10. Single-cycle/cumulative energy dissipation with different ECC strengths (J).

Displacement
Loading Level

Number of
Cycles

Structure 2-1 Structure 2-2 Structure 2-3

Single-Cycle Cumulative Single-Cycle Cumulative Single-Cycle Cumulative

1Δ
1 1797.9 1797.9 1827.7 1827.7 1844.8 1844.8
2 851.8 2649.7 897.2 2724.9 921.5 2766.3
3 496.2 3145.9 539.8 3264.7 566.3 3332.6

2Δ
1 8679.7 11,825.6 7850.5 11,115.2 8251.1 11,583.7
2 7490.8 19,316.4 4902.7 16,017.9 5061.7 16,645.4
3 7128.8 26,445.2 4347.2 20,365.1 4465.5 21,110.9

3Δ
1 22,147.1 48,592.3 20,359.9 40,725 20,648.2 41,759.1
2 21,093.2 69,685.5 19,888 60,613 19,996.1 61,755.2
3 17,704.6 87,390.1 16,238.3 76,851.3 16,635 78,390.2

4Δ
1 28,071 115,461.1 26,369 103,220.3 26,744.5 105,134.7
2 25,534.6 140,995.7 23,050.5 126,270.8 23,979.7 129,114.4
3 24,787.2 165,782.9 22,108.2 148,379 22,482.1 151,596.5

5Δ
1 36,879.5 202,662.4 35,549.4 183,928.4 35,664.1 187,260.6
2 36,651.1 239,313.5 32,085.4 216,013.8 32,158.9 219,419.5
3 35,885.5 275,199 30,333.9 246,347.7 30,159.7 249,579.2

6Δ
1 47,613.3 322,812.3 45,413.8 291,761.5 46,495.3 296,074.5
2 46,066.4 368,878.7 43,862.2 335,623.7 44,070.5 340,145
3 45,537.2 414,415.9 42,948.7 378,572.4 42,525.1 382,670.1

4.4. Stirrup Ratio of Coupling Beams
4.4.1. Selection of Parameters

This study examines the impact of varying stirrup ratios in coupling beams. The
coupling stirrup ratios of structure 4-1, structure 4-1, and structure 4-1 are 0.50%, 1.13%,
and 2.01% (corresponding to diameters of 4 mm, 6 mm, and 8 mm), respectively. The
configurations of the structural specimens are detailed in Table 11.
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Table 11. Configuration parameters of structural specimens.

Classification of
Specimens

Application Areas of ECC
Stirrup Ratio of
Coupling Beams

Type of Longitudinal
Reinforcement

Type of ECC Type of Concrete

Structure 4-1
Coupling beams and the

lower 400 mm of shear walls

0.50%
HRB400 E40 C40Structure 4-2 1.13%

Structure 4-3 2.01%

4.4.2. Load–Displacement Hysteresis Behavior

Figure 18 presents the hysteresis curves for the specimens. The similarity across
different stirrup ratios suggests a negligible effect on the load–displacement behavior
within the parameters of this study.

(a) (b)

(c)

Figure 18. Load–displacement hysteresis curves with varied stirrup ratios. (a) Structure 4-1;
(b) structure 4-2; (c) structure 4-3.

4.4.3. Energy Dissipation Capacity

Table 12 compares the energy dissipation values across different stirrup ratios. The
data reveals only slight differences in both single-cycle and cumulative energy dissipation
values, suggesting a minimal impact of stirrup ratio variations on energy dissipation.
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Table 12. Single-cycle/cumulative energy dissipation with different stirrup ratios of coupling beams (J).

Displacement
Loading Level

Number of
Cycles

Structure 4-1 Structure 4-2 Structure 4-3

Single-Cycle Cumulative Single-Cycle Cumulative Single-Cycle Cumulative

1Δ
1 1791.2 1791.2 1797.9 1797.9 1822.1 1822.1
2 846.3 2637.5 851.8 2649.7 861.6 2683.7
3 494.2 3131.7 496.2 3145.9 502.4 3186.1

2Δ
1 8592.9 11,724.6 8679.7 11,825.6 8809.9 11,996
2 7415.9 19,140.5 7490.8 19,316.4 7603.2 19,599.2
3 7057.5 26,198 7128.8 26,445.2 7235.7 26,834.9

3Δ
1 21,925.6 48,123.6 22,147.1 48,592.3 22,479.3 49,314.2
2 20,882.3 69,005.9 21,093.2 69,685.5 21,409.6 70,723.8
3 17,527.6 86,533.5 17,704.6 87,390.1 17,970.2 88,694

4Δ
1 27,790.3 114,323.8 28,071 115,461.1 28,492.1 117,186.1
2 25,279.3 139,603.1 25,534.6 140,995.7 25,917.6 143,103.7
3 24,539.3 164,142.4 24,787.2 165,782.9 25,159.0 168,262.7

5Δ
1 36,510.7 200,653.1 36,879.5 202,662.4 37,432.7 205,695.4
2 36,284.6 236,937.7 36651.1 239,313.5 37,200.9 242,896.3
3 35,526.6 272,464.3 35,885.5 275,199 36,423.8 279,320.1

6Δ
1 47,137.2 319,601.5 47,613.3 322,812.3 48,327.5 327,647.6
2 45,605.7 365,207.2 46,066.4 368,878.7 46,757.4 374,405
3 45,081.8 410,289 45,537.2 414,415.9 46,220.3 420,625.3

4.5. Strength of Longitudinal Reinforcement
4.5.1. Selection of Parameters

This section evaluates the impact of varying longitudinal reinforcement strengths on
structural performance. The longitudinal reinforcements used in structure 5-1, structure
5-2, and structure 5-3 are HRB335, HRB400, and HRB500, respectively. The ECC usage
range is consistent with Section 4.4. Table 13 details the parameter configurations for
the specimens.

Table 13. Configuration parameters of structural specimens.

Classification of
Specimens

Application Areas of ECC
Stirrup Ratio of
Coupling Beams

Type of Longitudinal
Reinforcement

Type of
Concrete

Type of ECC

Structure 5-1
Coupling beams and the lower

400 mm of shear walls 1.13%
HRB335

C40 E40Structure 5-2 HRB400
Structure 5-3 HRB500

4.5.2. Load–Displacement Hysteresis Behavior

Figure 19 presents the hysteresis curves for the specimens. An increase in reinforce-
ment strength leads to fuller hysteresis loops, indicating enhanced yield and peak loads.
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(c)

Figure 19. Load–displacement hysteresis curves with varied reinforcement strengths. (a) Structure
5-1; (b) structure 5-2; (c) structure 5-3.

4.5.3. Energy Dissipation Capacity

Table 14 displays the energy dissipation values for structural specimens with
different strengths of longitudinal reinforcement. The data reveals a clear trend:
structure 5-3 > structure 5-2 > structure 5-1, both in terms of single-cycle and cumula-
tive energy dissipation. This indicates an increase in energy dissipation capacity with the
enhancement of longitudinal reinforcement strength. However, high-strength steel bars
contribute more to the structural performance before yield. Considering the high price and
the reduction in ductility, using high-strength steel is not essential, and the HRB400 steel
bar is a better choice.

Table 14. Energy dissipation with varied reinforcement strengths (J).

Displacement
Loading Level

Number of
Cycles

Structure 5-1 Structure 5-2 Structure 5-3

Single-Cycle Cumulative Single-Cycle Cumulative Single-Cycle Cumulative

1Δ
1 1551.2 1551.2 1797.9 1797.9 2079.2 2079.2
2 738.9 2290.1 851.8 2649.7 980.2 3059.4
3 435.2 2725.3 496.2 3145.9 569.3 3628.7

2Δ
1 7502.7 10,228 8679.7 11,825.6 10,056.5 13,685.2
2 6475.0 16,703 7490.8 19,316.4 8682.3 22,367.5
3 6162.1 22,865.1 7128.8 26,445.2 8269.4 30,636.9

3Δ
1 19,152.0 42,017.1 22,147.1 48,592.3 25,690.6 56,327.5
2 18,233.0 60,250.1 21,093.2 69,685.5 24,468.1 80,795.6
3 15,311.9 75,562 17,704.6 87,390.1 20,531.3 101,326.9

4Δ
1 24,264.6 99,826.6 28,071 115,461.1 32,562.4 133,889.3
2 22,072.1 121,898.7 25,534.6 140,995.7 29,612.1 163,501.4
3 21,431.1 143,329.8 24,787.2 165,782.9 28,753.2 192,254.6

5Δ
1 31,878.6 175,208.4 36,879.5 202,662.4 42,780.2 235,034.8
2 31,681.2 206,889.6 36,651.1 239,313.5 42,510.3 277,545.1
3 31,019.4 237,909 35,885.5 275,199 41,627.2 319,172.3

6Δ
1 41,156.9 279,065.9 47,613.3 322,812.3 55,227.4 374,399.7
2 39,819.8 318,885.7 46,066.4 368,878.7 53,429.0 427,828.7
3 39,376.4 358,262.1 45,537.2 414,415.9 52,819.2 480,647.9

5. Results and Optimization Design Suggestions

The ECC/RC composite shear wall structure has a good seismic energy dissipation
capacity, and ECC is as easy to install as concrete; however, it also has some limitations. For
example, it is difficult to repair when the shear walls are damaged. In addition, the price of
ECC is about 2.5 times that of concrete, and the high cost makes ECC unable to be widely
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used in the ECC/RC composite shear wall structures. Therefore, it is necessary to optimize
the design of the prefabricated ECC/RC composite shear wall structure, considering its
technical performance and cost.

Machine learning, artificial intelligence, and neural network methods [45–48] have sig-
nificant advantages in optimal design. Purohit et al. [49] used deep learning technology to
obtain effective segmentation results. Zhao et al. [50] proposed an intelligent design method
for a beam and slab of shear wall structure based on deep learning. Du et al. [51] established
a rapid optimization method for flexible support structures based on mathematical models.

This paper draws on machine learning, artificial intelligence, and neural network
methods. Emphasis is placed on critical aspects, such as the optimal deployment areas for
ECC within composite coupling beams and shear walls, the grade of ECC strength, the
proportion of stirrups in coupling beams, and the caliber of longitudinal reinforcement.
Through finite element analysis, this research quantitatively assesses the impact of these
variables on seismic energy dissipation, incorporating evaluations of load–displacement
hysteretic behaviors and the energy dissipation potential of ECC/RC shear wall samples.
Insights from this analysis reveal the following:

- Incorporation of ECC in composite coupling beams significantly bolsters seismic
resilience compared to traditional concrete counterparts, with benefits amplifying
alongside increased ECC integration.

- The most effective energy dissipation is achieved with ECC applied 400 mm up from
the shear wall’s base, recommending a 14% structural height allocation (400 mm) for
optimal ECC integration in prefabricated walls.

- ECC materials of lesser strength demonstrate enhanced energy dissipation abilities
under prolonged loading conditions.

- Variations within the examined stirrup ratio spectrum (0.5% to 2.01%) have a minimal
effect on the seismic performance.

- The necessity for high-strength steel is de-emphasized, with HRB400 grade steel
emerging as the preferable option.

Based on the above research results, considering both cost-efficiency and performance,
the study advocates for strategic ECC deployment within coupling beams and recommends
a 14% structural elevation (400 mm) at shear walls’ base. Optimal parameters proposed
include ECC strength grade E40, a longitudinal reinforcement of HRB400, and a stirrup
ratio within coupling beams set at 0.5%, detailed in Table 15.

Table 15. Recommended parameter values.

Use Regions of ECC in
Composite Coupling Beams

Use regions of ECC in Shear
Walls

Stirrup Ratio of Coupling
Beams

Strength of Longitudinal
Reinforcement

Strength of ECC

Coupling beams 14% structural height (400 mm) 0.5% HRB400 E40

6. Discussion

In this paper, the seismic energy dissipation performance of the prefabricated ECC/RC
composite shear wall structure is studied by means of experiments and numerical simula-
tion. Based on the experimental verification of numerical simulation, this study employs
finite element analysis to examine the impact of various factors on seismic energy dissi-
pation under low cyclic loading. The study focuses on key areas, such as the application
zones of ECC in composite coupling beams and shear walls, ECC strength, the stirrup
ratio in coupling beams, and the strength of longitudinal reinforcement. The influence
of these parameters on seismic energy dissipation is quantitatively evaluated by finite
element analysis. These analyses include load–displacement hysteretic curves, as well as
an assessment of the energy dissipation capacity of ECC/RC shear wall specimens. Based
on the above research results, the optimization design recommendations are put forward.

Reflecting on the analysis of a half-scale, two-story spatial structure that closely
replicates an actual test specimen, this research offers insightful guidelines for engineer-
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ing applications. Nonetheless, it emphasizes the need for further exploration into the
behavior of such engineering solutions under real earthquake conditions to ensure wide-
ranging applicability. In the future, we will analyze the seismic performance of full-scale
engineering structures, and use the methods of artificial intelligence, machine learning,
and neural networks to conduct more accurate optimization design research on practical
engineering applications.
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Abstract: Scaffolding is an integral temporary structural system in the field of construction engineer-
ing. However, the current scaffolding commonly has the shortcomings of low construction efficiency
and high risk. This paper proposes a novel socket-type keyway steel pipe scaffolding, which can
well solve the shortcomings of the existing scaffolding. Due to less research related to scaffolding
in the past decades, it has resulted in a high number of scaffolding accidents. In order to avoid the
occurrence of scaffolding accidents, it is necessary to systematize the study of this novel type of
scaffolding. This study is an extremely important reference for the use and design of this novel type of
scaffolding. To explore the ultimate load capacity and destabilization mode of the novel socket-type
keyway steel pipe scaffolding, full-scale tests were conducted on the socket-type keyway steel pipe
scaffolding with cantilever heights of 1.2 m and 0.5 m. The test results indicate that the ultimate load
capacity of the scaffolding with a cantilever height of 1.2 m is 196 kN, and the destabilization mode
is local instability. The ultimate load capacity with a cantilever height of 0.6 m is 276 kN, and the
destabilization mode is half-wave buckling. This phenomenon shows that the different cantilever
heights of the scaffolding have a significant effect on the load capacity and destabilization mode.
Moreover, the load capacity decreases significantly with increasing cantilever length. The finite
element model was established using SAP2000 v21 and compared with the test results. The error
between the ultimate load capacity in the finite element linear elastic buckling analysis and the test
results is 25%. The error between the calculated ultimate load capacity in the nonlinear buckling
analysis considering the initial geometrical defects and the test results is 4%. Therefore, the nonlinear
buckling analysis considering the initial geometrical defects is more in line with the force situation of
the structure in the real situation.

Keywords: socket-type keyway; ultimate load capacity; finite element analysis; buckling analysis;
failure mechanism

1. Introduction

Beginning in the mid-1980s, infrastructure development has been taking place through-
out China, necessitating the use of modern construction techniques. Traditional scaffolding
has proven inadequate in meeting the demands of this rapid development. As a result,
many types of steel pipe scaffolding have begun to appear [1]. These include fastener-type
steel pipe scaffolding [2], portal-type steel pipe scaffolding [3], bowl buckle-type steel pipe
scaffolding [4], disc-type steel pipe scaffolding [5], and many other types of scaffolding [6].
After the 1990s, the building structure gradually developed in the direction of a large span,
high tower, and heavy load. The existing scaffolding cannot be adapted to the needs of
building construction. Therefore, based on the traditional scaffolding, improved novel scaf-
folding gradually emerged. The socket-type keyway steel pipe scaffolding is one of them.
As a novel type of scaffolding, it has been gradually used in various projects due to its advan-
tages of safe and reliable construction, fast dismantling speed, and good economic returns.
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The uniqueness of the novel type of socket-type keyway steel pipe scaffolding is reflected in
the upright rod welded with a keyway socket that can be connected in four directions. The
horizontal rod ends are machined directly into keyway plugs to be vertically inserted into
the sockets of the upright rod. The upright rods are connected by a trocar. Horizontal rods
and diagonal rods are quickly connected using rod-end keyed plugs that snap into keyway
sockets to form a stable structural geometrically invariant system, as shown in Figure 1. The
nodes of the rack are self-locked by the friction of the contact surfaces between the plug and
the socket, and the reliability of the connection is ensured. Compared with other steel pipe
scaffoldings, this kind of steel pipe scaffolding has a simple erection process. The upright
rods and horizontal rods are connected by sockets and plugs, which makes the installation
and dismantling of the scaffolding quick and easy. The center axes of the horizontal rods and
upright rods coincide so that the node force transmission is not affected by the eccentric force.
In addition, the socket of the bracket is directly welded to the upright rod, which provides
good stability, high load-bearing capacity, and fittings that are not easily lost.

 

Figure 1. The structural layout of the all-steel attached lifting protection platform.

The scaffolding market and technology are growing by leaps and bounds. The lack of
corresponding research and the imperfections of relevant specifications have led to a series
of engineering accidents [7–10]. Scholars have gradually emphasized the systematic study
of various types of scaffolding. Regarding fastener-type steel pipe scaffolding. Jia [11]
analyzed the destabilization mechanism and damage mode of an ultra-high full room of a
fastener steel pipe scaffold under uniform loads through static tests of seven models and
analyzed the effect of multiple parameters on the ultimate load of a full scaffold. According
to the finite element analysis, the suggested value of the coefficient of unevenness for the
calculation of the slip-resistant bearing capacity of the fasteners at the top level of the
full scaffold is 1.51. In Ji [12], according to the joint stiffness value determined by the
experimental study and the theory of semirigid connection frame with lateral displacement,
the calculation formulas of the stiffness correction coefficient of the transverse rod and the
constraint coefficient at the end of the vertical rod are derived, and the effective length
coefficient of the vertical rod and the theoretical value of the stable bearing capacity of
the vertical rod under different working conditions are given. Liu [13] compared the tests
with the ANSYS model by connecting fastener-type scaffolds with different nodes. He
analyzed the strength and damage forms of wheel-buckle scaffolds with different nodes and
determined the most favorable node connections. Dong [14] analyzed the structural stability
of a wheel-buckled steel pipe scaffolding. The results indicated that the damage of the
single-layer upright rods is typical with lateral displacement buckling, while the damage of
the double-layer upright rods is without lateral displacement buckling. Yu [15] investigated
the failure mode and stable bearing capacity of a novel type of wheel-buckle scaffolding
through nine full-size test models and established a simplified formula for the stabilizing
load capacity of the scaffolding. For the novel type of scaffolding, Chen [16] developed
a kind of superstrong thin-walled steel pipe fastener scaffold. When the weight of the
superstrong thin-walled steel pipe is reduced by 40%, there is no significant decrease in the
vertical load capacity of the steel pipe joist. Bian [17] performed mechanical test research

28



Buildings 2024, 14, 245

on a new type of wheel buckle-type steel pipe scaffolding. The ultimate load capacities of
pins in eccentric tension and horizontal rods in bending, as well as the damaged forms of
wheel discs in compression, sleeves in shear, and upright rods in instability, were derived
from the tests. In addition, scholars have been more concerned with the connecting nodes
of scaffoldings. Pienko [18] determined the load capacity of a disc-buckled scaffold by
applying loads in different directions of action to the nodes. Zhang [19] used a finite
element model to analyze the rotational stiffness of the connection nodes of disc-buckled
scaffolds under different connection forms and loading modes. Thus, the load-bearing
mechanism of the nodes of the disc-buckled scaffolds was summarized.

As a novel type of scaffolding system, the socket-type keyway steel pipe scaffolding
has been applied in some projects. However, there are fewer theoretical studies on this
novel type of scaffolding. Only a few scholars have studied and analyzed the node force
performance [20,21] and rotational stiffness [22]. Therefore, this paper carries out a full-
frame foot test on two types of socketed keyway steel pipe scaffoldings with different
cantilever heights, which have been used in actual projects. The finite element software
SAP2000 v21 is used to establish the test model and compare it with the test results to study
the ultimate load capacity and damage mode of the novel type of scaffolding.

2. Overview of the Experiment

2.1. Experimental Design

A full-scale test was carried out on two types of socket-type keyway steel pipe scaf-
foldings with different cantilever heights, which were used to study the damage pattern
and ultimate load capacity of this novel type of scaffolding. The overall arrangement of the
two types of steel pipe scaffoldings is shown in Figure 2. The specifications of the component
materials used in the tests are shown in Table 1. The upright rods are connected by a trocar.
Horizontal rods and diagonal rods are connected using rod-end keyed plugs. The detail of the
rod-end connection is shown in Figure 3. In the two test schemes, the spacing of the upright
rod is 1 m, and the step distance of the upright rod is 1.5 m or 1 m. The elongation length of
the top cantilever end of scheme I is 1.2 m, while the elongation length of the top cantilever
end of scheme II is 0.65 m. The test schemes of the whole scaffolding are shown in Table 2.

  
(a) (b) 

Figure 2. The overall layout of the test model. (a) Scheme I. (b) Scheme II.

Table 1. Specification of component materials.

Component Section Form Norm (mm) Thicknesses (mm) Material

Upright rod Hot-dip galvanized
welded steel pipe Ø 48 3.0 Q235

Horizontal rod Welded steel pipe Ø 48 3.0 Q235
Diagonal rod Round steel tube Ø 32 2.0 Q235
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(a) (b) 

Figure 3. Detail of rod-end connection. (a) Connection of upright rods with horizontal rods and
diagonal rods. (b) Connection of upright rods.

Table 2. Model parameters of the scaffolding test.

Experiment
Scheme

Specifications
Horizontal Diagonal

Brace
Vertical Brace

Length of
Cantilever End

I Three hurdles and six steps Three-layer setup Surrounding facades 1.2 m
II Three hurdles and six steps Three-layer setup Surrounding facades 0.65 m

2.2. Loading Program and Measurement Point Arrangement

The test was carried out by self-balancing loading. Uniform and symmetrical loading
of the whole scaffolding was applied by two 100 t jacks at the bottom, reaction beams, and
a double-layer distribution beam at the top. The loading device for the test is shown in
Figure 4. The applied load is 10 kN per stage for scheme I and 20 kN for scheme II. Each
level of loading lasted for 10 min. Eventually, the entire scaffolding was destroyed.

 

 

 

(a) (b) (c) 

Distribution 
beam
Jacking

Tensile 
steel

Horizontal 
reinforcement 
layer

Jack

Jacking beam

Connect to 
the trench

Figure 4. Loading setup diagram. (a) Side view. (b) Top view. (c) Detail of loading device.
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The arrangement of the strain measurement points is shown in Figure 5. Measurement
points 1, 3, 5, and 7 are located on the south side of the cantilever end of the upright rod.
Measurement points 2, 4, 6, and 8 are located on the east side of the cantilever end of the
upright rod. Measurement points 9, 10, and 11 are located in the middle of the uppermost
horizontal rod. Measurement points 12 and 13 are located in the middle of the uppermost
diagonal rod.

 

1:South side 
2:East side

3:South side 
4:East side

5:South side 
6:East side

7:South side 
8:East side

11

10

9

13

12

Figure 5. Arrangement of the strain measuring points in schemes I and II.

3. Experimental Results and Analysis

3.1. Experimental Phenomena

Scheme I: As shown in Figure 6a, due to the failure of the loading equipment, the two
rows of upright rods on the north side of the scaffolding broke down when the load was
130 kN. The two rows of upright rods on the south side of cantilever end buckled when
loaded to 160 kN (Figure 6b). At 180 kN, the bending deformation at the lower end node of
the cantilever end rapidly developed, and the cantilever end tilted northward. The ultimate
load capacity of the final frame damage was 196 kN, and the instability mode was localized
instability (Figure 7a).

  
(a) (b) 

Figure 6. Instability morphology of scheme I. (a) West elevation. (b) East elevation.

Scheme II: As shown in Figure 8a, there was no significant deformation of the frame
when the load was 140 kN. The middle four upright rods exhibited slight deformation
when loaded to 200 kN (Figure 8b). Eventually, the cantilever end bends to the south when
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loaded to 260 kN. The middle four upright rods bent to the north at the fourth to sixth
(between the horizontal reinforcement layers) levels of the horizontal rods. The whole
frame was destabilized by half-wave drumming (Figure 7b).

 
(a) (b) 

Figure 7. Instability mode of schemes I and II. (a) Instability mode of scheme I;. (b) Instability mode
of scheme II.

  
(a) (b) 

Figure 8. Instability morphology of scheme II. (a) West elevation. (b) South elevation.

3.2. Load-Strain Curve

The load-strain curves at each measurement point of scheme I and scheme II in the
test are shown in Figures 9 and 10, respectively. The strains of the upright rods were close
to 0.1ε in both schemes when the steel pipe scaffolding suffered destabilizing damage.
The lower end of the cantilever end of the upright rod reached the yield stage when the
scaffolding was damaged, while the strains in the horizontal rod and the vertical diagonal
brace were low. This is because the scaffolding was mainly subjected to vertical loads, and
the rods were mainly subjected to axial forces. Therefore, under the action of a vertical load,
vertical rods were subjected to larger loads, while horizontal rods and vertical diagonal
braces were subjected to smaller forces. Thus, the strains measured in the horizontal rods
and vertical diagonal braces were small compared to the strains in the upright rods.
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(a) (b) 

  
(c) (d) 

Figure 9. Load—strain curves at the measurement point points in scheme I. (a) Upright rod load-
strain diagram 1. (b) Upright rod load-strain diagram 2. (c) Horizontal rod load-strain diagram.
(d) Diagonal rod load-strain diagram.

  
(a) (b) 

  
(c) (d) 

Figure 10. Load—strain curves at the measurement points in scheme II. (a) Upright rod load-
strain diagram 1. (b) Upright rod load-strain diagram 2. (c) Horizontal rod load-strain diagram.
(d) Diagonal rod load-strain diagram.
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The two rows of upright rods on the north side of the scaffolding in scheme I broke
down when the load was 130 kN (Figure 6a). Therefore, the test results do not take into
account the two rows of upright rods on the north side. The final form of damage was a
localized instability damage of the two rows of upright rods on the south side of the top
tilted to the north side (Figures 6b and 8a). The strains at measurement points 1, 3, 5, and 7
are much greater than the strains at measurement points 2, 4, 6, and 8 (Figure 9a,b).

The final form of damage in scheme II is overall destabilization damage. The cantilever
ends of the upright rods deform in both directions (Figure 7a,b). Therefore, the strains
at measurement points 1, 3, 5, and 7 of scheme II are closer to the values of the strains at
measurement points 2, 4, 6, and 8 of scheme II (Figure 10a,b), and the strains in scheme II
are smaller than the strains at measurement points 1, 3, 5, and 7 of scheme I (Figure 9a).

3.3. Analysis of Test Results

The length of the cantilever end of the scaffolding in scheme I is longer. The localized
instability at the cantilever end resulted in the entire scaffolding not being able to continue
loading. The length of the cantilever end of the scaffolding in scheme II is half the length
of the cantilever end of the frame in scheme I. The ultimate load capacity of scheme II is
33% greater than that of scheme I. The final damage form of the scaffolding of scheme II
was overall destabilization with good stability. The elongation length of the cantilever end
determines the load capacity of the two scaffolding schemes as well as the difference in the
modes of instability. Compared with that in Scheme I, the elongation of the cantilever end
in Scheme II is greatly reduced. The final damage form of the scaffolding changes from
local instability to overall instability, and the stability of the formwork improves.

4. Stability Analysis of Socket-Type Keyway Steel Pipe Scaffolding

4.1. Introduction of the Theory of Second-Order Bending Moment Effects

The instability failure of steel structures can be divided into two categories [23,24]:
equilibrium bifurcation instability and limiting point instability. The instability problem of
the steel scaffolding studied in this paper is limiting point instability. The upright rod is
subjected mainly to pressure and bending moments (including initial and second-order
moments). The initial bending moments of the structure are mainly due to the initial
geometric defects of the structure or the bending moments due to lateral loads. Second-
order bending moments are those produced by the P−δ and P−Δ effects. The P−δ effect
refers to the axial force applied by a rod under the action of flexural deformation to produce
an additional bending moment effect. The P−Δ effect is the effect of the additional bending
moment produced by the horizontal deformation of the bar. In the stability calculation of
steel scaffolding, the influence of second-order effects is added to the analyzed factors [25].
Lateral-free stiffeners are generally considered for the P−δ effect. The influence of the P−Δ
effect also needs to be considered in a rigid frame with lateral displacement.

4.2. Introduction of the Semirigid Node Theory

Connection nodes are generally categorized into three forms: rigid, articulated, and
semirigid connections [26–28]. The upright rods and horizontal rods of the steel scaffolding
will rotate relatively during the force process. The connecting nodes of the scaffolding are
neither rigid nor articulated. Rather, they are typically semirigid nodes [29,30].

Much research has been carried out on semirigid nodes by previous authors [31]. The
rotational stiffness [32] of the semirigid nodes is the most significant factor affecting the
overall stress performance of the structure. The rotational stiffness of a semirigid node is
related to several factors. The rotational stiffness of a semirigid node can be calculated by
the following method:

(1) Experimental methods

The moment-displacement curves of the nodes are obtained by measuring the rota-
tional stiffness of the nodes in the tests. The experimental method allows a more realistic

34



Buildings 2024, 14, 245

determination of the rotational stiffness of the nodes. The experimental method requires
statistical analysis through a large amount of experimental data.

(2) Finite element method

The finite element method is a method applicable to a wide range of problems that
can be solved within the field of engineering. Numerical simulation of the connection
performance of the nodes is carried out using engineering software. The effect of different
factors on the structure can be considered. This approach can be further applied to nonlinear
problems [33,34].

The socket-type keyway steel pipe scaffolding is a type of semirigid connected steel
frame with lateral movement, according to theoretical analysis [35–37]. The rotational
stiffness of this type of semirigid node was derived as K = 12.02 kN · m/rad [22] from
a large number of tests carried out by previous authors using an experimental method.
In contrast, Yu [38] used a computational model of three-story frame columns with coil
springs to simulate the restraining moments of beams on columns and the semi-stiffness
of nodes.

5. Finite Element Analysis

5.1. Selection of Finite Element Software

Finite Element Analysis (FEA) is a modern computational method that has been
rapidly developed for the analysis of structural mechanics. In the field of building struc-
tures, the more commonly used general-purpose finite element software are mainly Ansys,
PKPM, Midas, Abaqus and SAP2000. SAP2000 v21 is used in this article for finite element
modeling and computation.

SAP2000 is a powerful structural analysis software that integrates static-dynamic anal-
ysis, load calculation, linear and nonlinear calculation, and other computational analysis in
a single package. It contains the latest techniques for static, dynamic, linear and nonlinear
analysis, and the calculation process is easy and the results are accurate. The linear elastic
buckling analysis and geometric nonlinear analysis contained in the SAP2000 program
matches very well with the computational analysis required by the analytical model of the
socket-type keyway steel pipe scaffolding. Therefore, SAP2000 is adopted as the analysis
software in this article.

In the finite element modeling of the socket-type keyway steel pipe scaffolding, we
need to use mainly point objects and line objects. Point objects appear in the form of nodes,
which are the most basic units in a structural system. Constraints, springs, loads, connection
properties, etc., can be defined and modified in SAP2000 for specified point objects. In the
line object, it is possible to define section types, end constraints and displacements, stiffness
corrections, connection properties, concentrated and line loads, and even temperature
effects on the line object.

5.2. Modeling

SAP2000 software was used to analyze the modeling formwork for two different
erection schemes. The upright rods, horizontal rods, and horizontal diagonal rods of
the scaffolding are made of round steel pipes with dimensions of Φ48 × 3.0. The vertical
diagonal rods are made of Φ32 × 2.0 round steel pipes. The steels are Q235 carbon structural
steel. The modulus of elasticity of the steel is taken as E = 206 MPa, Poisson’s ratio is V = 0.3,
and the mass density is 7850 kg/m3. The upright rods are assumed to be rigidly connected.
The connection nodes of the upright rods and horizontal rods are considered semirigid
nodes. The rotational stiffness of the node is K = 12.02 kN · m/rad. Both horizontal and
vertical inclined rods are defined as rods articulated at both ends and only axial forces are
considered. The support constraint is assumed to be an articulated support that constrains
displacements in the X, Y, and Z directions.

The finite element models of scheme I and scheme II are shown in Figure 11.
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(a) (b) 

Figure 11. Finite element model. (a) Scheme I. (b) Scheme II.

5.3. Linear Elastic Buckling Analysis

Eigenvalue buckling analysis [39] is also known as linear elastic buckling analysis.
Mathematically, this process results in a generalized eigenvalue problem, which involves
the analysis of first-order linear elastic instability without considering second-order P−δ
(additional effects caused by the deflection of the member under axial pressure) or P−Δ
(additional effects of gravity caused by the horizontal deformation of the member). The
eigenvalue equations are solved to determine the ultimate load and damage pattern of the
structure when buckling occurs.

Unit loads were applied to the top cantilever end of each upright rod during linear
elastic buckling analysis. Buckling was selected for the load type. After the number of
flexural modes and the eigenvalue convergence tolerance are defined, the flexural factor is
analyzed. The buckling load is determined from the product of the buckling factor and the
given unit load. The results of the instability modes for the linear elastic buckling analysis
of scheme I and scheme II are shown in Figure 12.

 
(a) (b) 

Figure 12. Finite element analysis model. (a) Destabilization mode of scheme I. (b) Destabilization
mode of scheme II.

36



Buildings 2024, 14, 245

The structural instability modes obtained from the finite element linear elastic buckling
analysis are consistent with those of the scaffolding tests. The ultimate load capacities of
the single upright rods of the whole scaffolding of scheme I and scheme II calculated in
SAP2000 were 21.22 kN and 43.14 kN, respectively. The ultimate load capacities obtained
from the tests of scheme I and scheme II were 24.50 kN and 34.50 kN, respectively. As
shown in Table 3, the calculated results for scheme I are 15% lower than the experimental
results. The calculated results for scheme II are 25% greater than the experimental results.

Table 3. Ultimate load capacity from test and finite element analysis.

Scheme Test FEA Errors

I 24.50 kN 21.22 kN 15%
II 34.50 kN 43.14 kN 25%

The finite element analysis results reveal that the damage to the scaffolding in scheme
I is a localized instability. The cantilevered end of the top of the upright rod was displaced
significantly, and the upper portion of the upright rod was displaced very little. The
cantilevered end of the top of the upright rod has a greater elongation length. The ultimate
load capacity of the scaffolding is mainly determined by the cantilever end. The damage to
the scaffolding in scheme II is an overall instability. The cantilever end of the top of the
upright rod was displaced, and the upper portion of the upright rod was also significantly
displaced. The ultimate load-carrying capacity does not depend solely on the length of the
cantilevered end at the top of the upright rod. The higher ultimate load capacity calculated
from the finite element analysis of scheme II than that obtained from the test results occurs
because second-order effects and the influence of initial geometric imperfections were not
considered in the linear elastic buckling analysis. Therefore, it is necessary to perform a
buckling analysis of the scaffolding considering the second-order effects and the initial
geometrical defects.

5.4. Geometric Nonlinear Buckling Analysis

The influence of second-order effects should be taken into account when analyzing
with finite element software, which is more in line with the force and deformation of the
structure under actual working conditions. The over-extension of the cantilever end at the
top of the upright rod in scheme I resulted in the ultimate load capacity of the scaffolding
being determined by the cantilever end at the top of the upright rod. Localized instability
at the cantilever end resulted in the scaffolding not being able to continue to carry the load.
The damage to the scaffolding in scheme II is an overall instability. The geometric nonlinear
buckling analysis [40] of scheme II considering initial defects was performed by the finite
element software SAP2000. The modeling requires attention to the following two points:

(1) The load conditions are defined differently. The buckling analysis case is not chosen
for modeling; instead, the static nonlinear loading case is defined. The P−Δ effect
is selected among the geometric nonlinear parameters. The material nonlinear pa-
rameters and nonlinear solution control options are set so that the calculation results
can converge.

(2) There are three general approaches to nonlinear analysis considering initial geometric
defects. The first is the direct simulation of defects, which means that definite initial
defects are introduced directly into the finite element model, taking into account
the influence of factors such as installation errors and machining processes of the
components. The second approach takes into account the effects on the structure due
to initial geometric defects by reducing the tangent modulus of the material. The third
method is to apply a smaller lateral load in the buckling direction of the structure
based on the buckling modal map obtained in the eigenvalue buckling analysis. The
most unfavorable effect is obtained by lateral loading. The magnitude of lateral loads
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is generally taken as 0.5–0.1% of the vertical force. The third method of analysis is
used in this paper; 0.5% of the vertical force is taken as the lateral load value.

As shown in Figure 13, the point at which the maximum displacement occurs is the
top point of the cantilever end according to the geometric nonlinear buckling analysis of
scheme II. The ultimate capacity of a single upright rod of the structure in the second-order
nonlinear buckling analysis is 33.37 kN, which is less than the ultimate capacity in the linear
elastic buckling analysis (43.14 kN) but closer to the test result (34.50 kN). The ultimate
load capacity of a single upright rod in the second-order nonlinear buckling analysis has
only a 4% error from the test results. The nonlinear buckling analysis considering the initial
geometric defects is closer to the real force conditions of the structure.

Figure 13. Second-order buckling model for scheme II.

6. Conclusions

(1) For the socket-type keyway steel pipe scaffolding mentioned in this paper, local
instability damage occurred at the top of the upright rod when the length of the
upright rod at the cantilever end was long (1.2 m). When the length of the cantilever
end upright rod is short (0.65 m), the scaffolding is damaged by overall destabilization.

(2) The elongation length of the cantilever end at the top of the scaffolding has a significant
effect on the load-bearing capacity. The length of the cantilever end of the scaffolding
upright rod is reduced by about 50%, which can increase the ultimate load- carrying
capacity of the upright rod by 40%.

(3) The error between the ultimate load capacity in the linear elastic buckling analysis and
the experimental results is 25%. In contrast, the error between the calculated ultimate
bearing capacity in the nonlinear buckling analysis and the test results was 4%, which
is much closer to the test results. Therefore, a buckling analysis of socket-type keyway
steel pipes scaffolding was performed. It is recommended to use nonlinear buckling
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analysis that takes into account second-order effects and initial geometric defects.
This is more in line with the forces on the structure in real situations.
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Abstract: Railway derailments present a safety hazard, carrying the potential for severe consequences
for both human lives and the economy. Implementing derailment containment provisions (DCPs) near
the track centerline is essential for mitigating risks in operating high-speed rail (HSR) while providing
significant advantages for the large-scale upgrade of existing railway infrastructure. Therefore, this
paper investigated the feasibility of a DCP system made of steel through quasi-static experiments,
aiming to enhance safety in HSR operations. Initially, single anchor tests were conducted to assess
its capacity to withstand applied loads, prevent the pullout of steel anchors, and avoid the local
rotation of the steel frame. Then, full-scale steel DCP systems were manufactured and tested for
quasi-static load at different locations, including the mid-anchor, the mid-span, and the end-anchor.
The relationship between applied load and displacement, along with the initial stiffness of the DCP
specimens, was discussed. The findings revealed that the single anchor can withstand an applied
load of up to 197.9 kN. The DCP specimen maintained structural integrity at the 207 kN target load
under all load scenarios, showing a maximum displacement of 8.93 mm in the case of applied load
at mid-span. Furthermore, the initial stiffness of the DCP systems was 1.77 to 2.55 times greater
than that of a single anchor, validating a force-bearing coordination mechanism among neighboring
anchors and the substantial impact of the applied load positions on their stiffness.

Keywords: derailment containment provisions; steel DCP; protection facility; derailment tests;
post-derailment safety device; load–displacement; initial stiffness

1. Introduction

High-speed rail (HSR) systems have risen as pioneers in advanced global transporta-
tion, crucial not only for enhancing mobility but also for exerting a profound influence on
the dynamics of regional development [1–3]. HSR holds the potential to significantly reduce
travel time, improve travel efficiency, and facilitate economic and personnel interactions
across different regions and cities, playing a crucial role in promoting a sustainable econ-
omy [4]. Nevertheless, the heightened speed of rail has also brought about an augmented
risk of derailments, thereby diminishing safety levels during operations [5,6]. Derailments
represent the most common type of train accident, resulting in potentially catastrophic con-
sequences for heavy loss of human life and property [7–10]. Achieving complete prevention
proves unattainable due to unforeseeable factors like human error, variable weather condi-
tions, and natural disasters [11–14]. In the face of growing demand for HSR development,
finding solutions to minimize possible risks becomes increasingly essential.
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Scholars worldwide have dedicated their efforts to studying post-derailment behavior
and restraining lateral movements of derailed trains to minimize the consequences of
derailments, resulting in notable achievements. Barbie et al. suggested employing a
brake disc and a bogie frame to maintain derailed vehicles close to the track centerline
after evaluating the post-derailment behavior of high-speed rail vehicles through a 3D
dynamic model [15–17]. Kajitani et al. devised an L-shaped guide to prevent deviation
in derailment accidents, and it has been incorporated across the entire Shinkansen bullet
trains in Japan [18]. Sunami et al. designed a post-derailment stopper for bogie frames
and proposed a 15-degrees-of-freedom vehicle dynamics model to investigate their motion
under a derailment [19]. Guo et al. suggested a safety device mounted under the axle box
to minimize trailer vehicle deviation in the event of derailments [20]. Wu et al. developed
preventive devices to restrict the lateral displacement of derailed vehicles and verified their
effectiveness through derailment experiments conducted at low speeds [21,22]. In general,
these studies aimed to improve the guidance ability of vehicle component-based substitute
guidance mechanisms by increasing the possibility of contact or collision between the
vehicle components and the track to keep the derailed train on the railway track. Efforts
to keep derailed trains near the track centerline are beneficial for minimizing damage
compared to a part of or the whole train running off the rail or completely veering off the
railway tracks [23]. However, the devices must be installed for each bogie in individual
trains to achieve optimal safety benefits. Attaining the intended safety enhancements for the
entire high-speed rail system entails substantial research and installation costs. Accordingly,
the overall cost optimization has been neglected because the risk of derailment is typically
associated with high-risk areas during severe weather conditions.

In contrast to the research on enhancing safety systems for individual trains, studies
on developing rerouting auxiliary systems for railways in derailments are still scarce.
This approach proves beneficial in improving the operational safety of large-scale railway
upgrades. Nevertheless, designing an entirely new preventive system to ensure the safety of
train operations is likely to be expensive and impractical in the short term, given that many
countries worldwide already possess extensive rail networks, with a substantial portion
being HSR [24–27]. Consequently, developing auxiliary systems for derailment-prone areas,
with the capability of seamlessly integrating them into existing rail infrastructure, becomes
even more urgently needed and highly feasible [28]. Recently, derailment containment
provisions (DCPs) have emerged as a potential solution for HSR to reduce the consequences
by redirecting and maintaining derailed trains near the track centerline. Figure 1 illustrates
three commonly used concepts of DCPs in railways, namely DCP Type I, II, and III [29].
DCP Type I is positioned within the track gauge and directly interacts with the wheels
during derailments, thereby functioning as guard rails [30–32]. Although DCP Type II has
a function similar to its counterpart, Type I, it is positioned outside the tracks. DCP Type
III is outside the track gauge but is prepared to absorb impact from axles or bogies rather
than the wheels. In Korea, DCP Type III is mandated on railway bridges with train speeds
exceeding 200 km/h to prevent collisions with the superstructure or falls from the bridge
in a derailment [33].

To the best of our knowledge, no comprehensive investigations have been conducted
to explore the design load, installation location, and specifications of derailment contain-
ment facilities for HSR. Moreover, there is a shortage of specific objective evidence of DCPs
to validate their economic efficiency and feasibility [28]. In efforts to prevent the derailment
of HSR, researchers have strived to clarify these issues, aiming to pave the way for the
application of DCPs in the HSR system. Lim et al. suggested a modeling method for
gravel-filled track ballast, simulating a ballast-wheel collision to study structural responses
and impact forces from a derailed train [34]. Song et al. presented a theoretical approach
to predict impact loads on reinforced concrete (RC) DCP Type I for HSR and proposed a
simplified finite element (FE) model to assess dynamic post-derailment behavior [35]. Bae
et al. carried out a full-scale train derailment test to analyze the train’s post-derailment
behavior and evaluate the performance of RC DCP Type III [36]. Bae et al. also analyzed
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the functionality of DCP Type I by conducting a comprehensive train derailment test, sug-
gesting an approach to estimate impact loads and assess their containment effect according
to changes in the center of gravity during a collision [37]. Nevertheless, upgrading existing
railway systems with DCP Types II and III requires substantial foundation structures to
absorb impact loads, resulting in extended construction periods. In this scenario, DCP Type
I provides a promising solution with the advantages of quality construction, economic
efficiency, and faster installation using pre-fabricated components.

      
(a) DCP Type I (Collision at wheel) (b) DCP Type II (Collision at wheel) 

 
(c) DCP Type III (Collision at bogie) 

Sleeper
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Wheel

DCP

Lateral movement

Rail

Sleeper

Bogie
Wheel

Lateral movement

Rail

DCP

Sleeper

Bogie

WheelDCP

Lateral movement

Rail

Figure 1. Concepts of DCP in railways.

Additionally, given the importance and ongoing operational requirements of the
existing HSR system, DCP Type I may be suitable for meeting the current demand for HSR
infrastructure upgrades. While research on DCPs has yielded some achievements, further
in-depth assessments are necessary to validate their effectiveness and feasibility throughout
experimental tests. Moreover, employing DCPs made of steel offers numerous advantages
regarding construction time and deformation compatibility with steel rail systems; however,
this area has not received much attention. To fill this gap, a DCP Type I system with steel
frames was manufactured and tested under lateral quasi-static loads in this study. The
originality of this research is that it included a full-scale experimental test to investigate the
response of a steel DCP system Type I under the operational conditions of HSR systems in
South Korea or those with comparable requirements, as shown in Figure 1a.

Significance and Scope of the Study

An ongoing project is being carried out to study solutions for Korean HSR to minimize
the damage caused by derailment collisions using DCP. Typically, collision/impact tests are
conducted to assess both global and local responses in structures, while quasi-static/static
tests are mainly employed to reveal global behavior [38]. Predicting the capacity to with-
stand applied loads corresponding to displacement is crucial to assessing structural safety
under impact [39]. Nonetheless, conducting full-scale impact tests for DCP systems at high
speeds during derailments is costly and unworkable, preventing the thorough validation
of the DCP’s load-bearing capacity under adverse working conditions. Hence, the initial
phase, which has already been performed, involved assessing the impact forces on the
DCP for high-speed trains through collision simulations to propose design specifications
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for DCPs [40]. As a result, DCP Type I was found to experience a maximum impact load
of 165.6 kN in the event of a derailment collision at a speed of 300 km/h on a high-speed
rail curve with a radius of 3500 m. In light of these findings, the DCP was designed to
assess load-bearing capacity and feasibility through quasi-static tests. In the next stage,
these outcomes will play a pivotal role in proposing optimal designs for DCP members,
considering factors such as size (length, width, and height), anchor methods, and type
of materials, and subsequently in formulating plans for comprehensive impact tests to
withstand collision derailment. Finally, an effective post-derailment safety measure for
Korean high-speed trains using DCP Type I can be proposed, as shown in Figure 2.

 

DCP ithDCP (i−1)th DCP (i+1)th

Sleeper

Rail

Rail

A

TOP VIEW

SECTION A - A

A

DCP (i−1)th DCP (i+1)thDCP ith

Sleeper

Figure 2. General view of steel frame DCP system Type I.

As we know, steel is widely recognized for its reputation for reliability, which is
characterized by consistent and uniform properties. Its appeal is further accentuated
by the advantages of enhanced quality control and accelerated erection speed, owing
to the precision achieved in factory manufacturing processes. Notably, steel structures
emerge as a suitable material for impacted components like DCPs thanks to their flexibility,
high ductility, and capacity for impact resistance. Another crucial factor is the deformation
compatibility of rails and steel frames under varying temperature conditions, enabling them
to operate effectively. This feature gains more importance when considering structures that
are integrated in parallel with steel rail DCP Type I systems. The inherent characteristics
of steel also contribute to maintaining the structural integrity of the DCP and enhancing
its performance under dynamic conditions. As a result, promoting the development of
DCP Type I made of rolled steel as a safety measure to prevent the risk of derailments
is essential.

Based on the results achieved in the initial stage, the main objective of the proposed
experimental study is to evaluate the global response of the steel DCP Type I system under
various load location scenarios. The novelty of this study lies in presenting the relationship
between the applied load and the displacement and analyzing in detail the influence of the
applied load location on the initial stiffness of the DCP Type I system through a full-scale
experimental test. In particular, the feasibility of the proposed design under the target load
is also discussed and clarified.
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2. Experimental Program

2.1. Steel DCP System Details

The steel DCP frame was designed to endure derailment collisions following the
guidelines established by Korean researchers, as outlined in the report on the facility
development for rail vehicle deviation protection, which was approved by the Ministry
of Land, Infrastructure, and Transport of the Korean government [40]. These specimens
were employed in experimental investigations to examine their responses under quasi-
static loading conditions. The DCP height, proposed through preliminary analysis for
high-speed vehicles operated by the Korea Railway Corporation, consists of a 100 mm
steel frame, a 20 mm fixed base plate, and a 5 mm insulating rubber sheet. Figure 3a
shows the configuration of the steel DCP frame, constructed using assembled modules,
with each module measuring 3710 mm in length. The longitudinal beams were crafted
from hot-rolled standard rectangular sections measuring 150 × 100 × 9 mm. The steel
braces used were of the same section as the longitudinal beam, with a length of 200 mm.
Specific dimensions of the fixed base plate, frame fixture, and fixed wedge are referred to in
Figure 3c,d. The design compressive strength of the RC sleepers after 28 days was 50 MPa.
The yield stress of the steel frame, fixed base plate, frame fixture, and fixed wedge was
355 MPa, with an elastic modulus of 210 GPa.

 

 
(a) Steel DCP frame 

    
(b) Fixed base plate (c) Frame fixture (d) Fixed wedge 
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Figure 3. Details about components of the steel DCP system (unit: mm).
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Each module of the DCP served the purpose of averting the derailing of a cluster
consisting of seven sleepers. The DCP was attached to the sleepers at three positions: the
middle anchor and two anchors at both ends. First, for each anchor position, epoxy resin
was employed to secure bolts with a 20 mm diameter to the sleepers, each having an anchor
length of 90 mm. Next, the sleeper was attached to a fixed base plate and insulation pad
using two side fixing nuts. Subsequently, the steel DCP frame was attached to each base
plate with four corner bolts. Finally, a frame fixture and fixed wedges were employed to
firmly fasten the DCP frame, base plate, and sleeper in place, as shown in Figure 4.

 

 

(a) Fixing bolts (b) Fixing base plate 

  
(c) Fixing steel DCP frame (d) Fixing a frame fixture and fixed wedges 

Sleeper

Fixing bolt
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Fixing nut
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Fixing nut
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Figure 4. Installation diagram of a steel DCP system.

2.2. Single Anchor Testing

The impact of load on the displacement of single steel anchors was investigated.
Figure 5 displays the load applied to the steel DCP frame at the anchor position. The
anchor structure was designed similarly to the anchor in the DCP system. Accordingly,
it was employed to evaluate the load-bearing capacity of an individual anchor and the
corresponding displacement of the tested specimens. We utilized four linear variable
displacement transducers (LVDTs) to measure horizontal and vertical displacements. The
average of LVDTs H1 and H2 was employed to measure horizontal displacement (H), while
LVDTs V1 and V2 were used for vertical displacements (V). Each case was duplicated, with
the first and second tests denoted by the suffixes “−1” and “−2”, respectively. As shown in
Figure 5a, LVDTs with an accuracy level of 0.001 mm were attached around the specimen
to measure vertical and horizontal deformations within the gauge length of 100 mm during
the single anchor tests, while the load data were measured by the load cell of a universal
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testing machine (UTM). The tests were conducted at a constant loading rate of 2 mm/min,
utilizing a UTM with a capacity of 500 kN.

 
(a) Front view (b) Top view 

Figure 5. Single anchor test setup.

2.3. Steel DCP System Testing

Figure 6 shows the general view of the steel DCP system used in the experimental
test, providing a brief overview of its components and design. We divided the steel DCPs
into three groups, each designated for quasi-static load testing at different locations: the
mid-anchor (referred to as Case 1), the mid-span (Case 2), and the end-anchor (Case 3).
We positioned the LVDTs using the load location scenarios corresponding to specific
configurations. For Cases 1 and 2, LVDTs L1, L2, and L3 were placed at the end-anchor,
mid-span, and mid-anchor, as shown in Figure 7a,b. In Case 3, LVDTs L1 and L2 were
placed at the mid-anchor and mid-span, respectively, while LVDTs L3 and L4 were situated
on both sides of the end-anchor, as depicted in Figure 7c. In addition, the rigid part
employed to secure sleepers serves a role analogous to that of steel rails in a railway system.
Each case was repeated twice, with the first and second tests indicated by the suffixes “−1”
and “−2”, respectively. The sleepers were firmly attached to the rigid part and considered
to experience negligible deformation under the effect of load. The testing procedure and
equipment specifications for LVDTs and UTM are similar to those used in single anchor
tests. The target load was expected to be equal to or higher than the design load (165.6 kN),
with a recommended margin exceeding 125%.

 

Figure 6. General view of steel DCP test setup.
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(a) Case 1—Applied load at mid-anchor 

 
(b) Case 2—Applied load at mid-span 

Rigid part

End-Anchor Mid-Anchor End-Anchor

Load
cell

DCP

Sleeper

LVDT
L1

LVDT
L2

LVDT
L3

Rigid part

LVDT
L1

LVDT
L2

LVDT
L3

End-Anchor Mid-Anchor End-Anchor

DCP

Sleeper

Load
cell

Figure 7. Cont.
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(c) Case 3—Applied load at the end-anchor 
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Figure 7. Test setup of steel DCPs.

3. Results and Discussion

3.1. Load–Displacement of Single Anchor

This experiment was conducted to assess the performance of the individual anchor
during the linear-plastic stage. In Figure 8, the single anchor displayed a linear response
until the applied load of 176 kN corresponded to the horizontal displacement of 12.70 mm.
Then, the behavior gradually shifted toward the yielding stage with a maximum applied
load of 197.9 kN. At this point, the average horizontal and vertical displacements of
the single anchor measured 15.77 mm and 0.37 mm, respectively. During the anchor
tests, the axial deformation of the high-strength anchor bolt was notably lower than the
displacement observed for the remaining components constituting the anchor. The main
factor influencing anchor displacement under load was the disparity in diameter between
the hole and the anchor bolt, coupled with the deformation of the insulation pad, fixed
base plate, and DCP steel frame. Notably, the negligible vertical displacement observed
was evidence of the feasibility of the anchor structure, especially the connection between
the bolts and sleepers in preventing pullout and local rotation. The results from the tests
involving single anchors are presented in Table 1.

Table 1. Experimental data of the single anchor.

Specimen ID. Pu (kN) Py (kN) ΔuH (mm) ΔuV (mm) ΔyH (mm) Ki (kN/mm)

S1 199.9 176.0 16.34 −0.88 11.95 13.86

S2 195.8 176.0 15.20 0.14 11.86 13.97

Average 197.9 (2.05) 176.0 (0) 15.77 (0.57) −0.37 (0.51) 11.90 (0.04) 13.92 (0.05)

Notes: Py and ΔyH represent the yielding load and the associated displacement; Pu, ΔuH, and ΔuV denote the
highest applied load and the respective vertical and horizontal displacements; Ki refers to the initial stiffness; the
values in parentheses are the standard deviations.
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Figure 8. Load–displacement relationship of single anchor.

3.2. Load–Displacement of Steel DCP System

Figure 9 displays the load–displacement curves for the DCP system in the three cases,
with the load cell applied at the mid-anchor (Case 1), mid-span (Case 2), and end-anchor
(Case 3). Each load case was repeated twice to obtain the average value to ensure accuracy.
The full-scale structural tests were successfully conducted, with the recorded data mostly
clustering around the average value and exhibiting low standard deviations, as indicated
in Table 2. Overall, the DCP system showed a linear response until reaching the target
load of 207 kN, which exceeded 125% of the designed load of 165.6 kN. In Figure 9a–c, the
observation validated that the structure could uphold its integrity under applied loads
with elastic deformations recognized. Notably, the LVDTs’ displacement did not return to
the original position after unloading, with the primary cause being localized displacements
in the components constituting the anchor. For Case 1, the average displacement values of
LVDTs L1, L2, and L3 were 4.35 mm, 5.35 mm, and 5.84 mm, respectively. Even though
the LVDT at the mid-anchor indicated the maximum value, these displacements showed
only a minor discrepancy. This suggested that the main factor contributing to the DCP
displacement was the deformation of the components constituting the anchor, given the
negligible deflection of LVDTs observed in the steel DCP, as shown in Figure 9a.

Case 2 showed average displacements of 8.93 mm for LVDT L1, 7.83 mm for LVDT
L2, and 6.98 mm for LVDT L3, as depicted in Figure 9b. It is worth mentioning that the
maximum displacement at the end-anchor surpasses that achieved at the mid-span (the
applied load position) due to the significant difference in stiffness between the steel DCP
frame and the steel anchor. In Case 3, LVDTs L3 and L4 exhibited the most substantial
displacement with an average of 8.43 mm, while LVDTs L1 and L2 recorded displacements
of 1.74 mm and 4.64 mm, respectively, as illustrated in Figure 9c. It was evident that under
the same applied load (207 kN), the maximum displacement of 8.93 mm in Case 2 was 1.53
and 1.06 times higher than Cases 1 and 3, respectively. It indirectly validated that Case 2
might be the most adverse loading scenario. The experimental data for all tested cases are
summarized in Table 2.

To sum up, the proposed design maintained its structural integrity. It exhibited
maximum displacements of 4.58 mm in Case 1, 7.16 mm in Case 2, and 6.07 mm in Case 3
at the designed load of 165.6 kN. Moreover, during the single anchor test, the steel bolts
reached the yield stage at the applied load of 176 kN, while the DCP system continued to
respond with linear elasticity of the applied load of 207 kN or higher. It showed substantial
differences in the cooperative forces between neighboring anchors and the redistribution of
internal forces within the DCP systems in cases of different applied loads. Based on the
design criteria, the proposed DCP system demonstrated feasibility for its implementation
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within the Korean railway system. It is worth mentioning that the present analysis only
covers the most unfavorable loading scenarios without considering safety-biased group
effects among DCPs.

(a) Case 1—Applied load at mid-anchor (b) Case 2—Applied load at mid-span 

 
(c) Case 3—Applied load at end-anchor 

Figure 9. Load–displacement relationship of DCP with different load locations.

Table 2. Experimental data of the steel DCP system.

Notation

Case 1—Load at Mid-Anchor Case 2—Load at Mid-Span Case 3—Load at End-Anchor

L1 L2 L3 L1 L2 L3 L1 L2
Aver.

L3&L4

Designed load
(165.6 kN)

3.32 4.20 4.58 7.16 6.32 5.41 1.28 3.34 5.95
(0.19) (0.24) (0.29) (0.36) (0.52) (0.35) (0.06) (0.00) (0.17)

Target load
(207 kN)

4.35 5.35 5.84 8.93 7.83 6.98 1.74 4.64 4.35
(0.13) (0.10) (0.03) (0.35) (0.88) (0.49) (0.04) (0.32) (0.46)

Initial stiffness (kN/mm) 35.44 (0.20) 26.78 (3.00) 24.62 (1.33)

Notes: the values in parentheses are standard deviations.
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3.3. Initial Stiffness Analysis

The initial stiffness of the structures could affect the displacement and the displacement
ductility estimation in displacement-based designs, which mainly depend on factors like
shape, size, material properties, and support conditions [41,42]. The slope of the load–
displacement curve during the linear elastic stage presents the initial stiffness of the DCP
system. It is determined by dividing the applied load by the respective displacement at the
load application point [43]. In this study, Case 1 showed the highest initial stiffness among
the tested cases, estimated at 35.44 kN/mm. On the other hand, the initial stiffness in Case
2 (26.78 kN/mm) and Case 3 (24.62 kN/mm) was relatively lower, approximately 1.32 to
1.44 times less than that observed in Case 1. These results demonstrated that the initial
stiffness of the steel DCP system was significantly affected by the positions of the applied
loads. In addition, we could confirm the mobilization of the bearing capacity between
neighboring anchors in the proposed structure when the initial stiffness in Cases 1, 2, and
3 exceeded the initial stiffness of the single anchor (13.92 kN/mm) by factors of 2.55, 1.92,
and 1.77, respectively. This analysis provided greater insight into the structural responses,
serving as a cornerstone for advancing simulation research and addressing the multifaceted
challenges associated with mitigating damage from a train derailment.

4. Conclusions

This study investigated the behavior of DCP systems made of steel under different
quasi-static loading scenarios. The primary focus was on analyzing the global response
of the proposed systems to evaluate their feasibility in mitigating damage during train
derailments. The study also concerned the relationship between the applied load and
displacement, coupled with the initial stiffness of the DCP systems. The conclusions drawn
from the study are as follows:

The anchor structure proved its capability to withstand impact forces by effectively
preventing the pullout and local rotation of the steel frame through the single anchor test,
achieving a yield strength of 176 kN and a maximum load of 197.9 kN.

The DCP specimens revealed maximum displacements of 7.16 mm at 165.6 kN while
maintaining elasticity and structural integrity at 207 kN. The main factor causing DCP
displacement was the deformation and localized displacements of the components consti-
tuting the anchor, with the maximum displacement in Case 2 measuring 8.93 mm, which
exceeded Case 1 by 1.53 times and Case 3 by 1.06 times.

The initial stiffness of the DCP systems, ranging from 1.77 to 2.55, exceeded that of the
single anchor. This verified the force-bearing coordination mechanisms among neighboring
anchors and the notable differences between loading scenarios.

The proposed system would be viable for minimizing damage during derailments.
Nevertheless, further research on impact loads, local bearing capacity, and the reliability of
the DCP system is recommended to meet the specified standards in Korea and comparable
railway systems.
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Abstract: The overhead gas-insulated transmission line (GIL) in ultra-high-voltage converter stations,
distinct from traditional buried pipelines, demands a thorough investigation into its seismic behavior
due to limitations in existing codes. A refined finite element model is established, considering internal
structure, slip between various parts, and the relative displacement at the internal conductor joint.
Seismic analysis reveals the vulnerability of the GIL at the corner of the pipeline height change,
with two failure modes: housing strength failure and internal conductor displacement exceeding
the limit. Furthermore, the acceleration amplification coefficient of the support generally exceeds
2.0. Two retrofit methods, namely increasing the fundamental frequency of all supports and fixing
the connections between all supports and the housing, have been proposed. The results indicate the
effectiveness of both methods in reducing the relative displacement. Fixing all the supports effectively
reduces the stress, whereas the other one yields the opposite effect. The seismic performance of
a GIL is determined not by the dynamic amplification of supports, but by the control of relative
displacement between critical sections, specifically influenced by the angular deformation of the
pipeline’s first-order translational vibration mode along the line direction. Seismic vulnerability
analysis reveals a reduction of over 50% in the failure probability of the GIL after the retrofit compared
to before the retrofit, with the PGA exceeding 0.4 g.

Keywords: gas-insulated transmission line (GIL); seismic performance; dynamic amplification;
seismic vulnerability; seismic retrofit

1. Introduction

A gas-insulated transmission line (GIL) is a crucial component within an ±800 kV
converter power station, serving as a central connectivity hub that reliably links various
functional zones, as depicted in Figure 1. In the figure, the I and II denote the bipolar
configuration within the ultra-high voltage converter station, where bipolar operation in
ultra-high voltage direct current transmission involves utilizing two DC circuits—termed
positive and negative circuits—to transmit electrical energy effectively in the system. In
ultra-high-voltage substations, the GIL is typically designed as an overhead pipeline to
minimize space occupation and the need for extensive civil engineering work. This compact
layout, combined with its substantial transmission capacity and high reliability, positions
the GIL as an ideal choice for long-distance electric power transmission [1,2].

Shown in Figure 2, a GIL embodies an overhead pipeline structure that utilizes three-
pillar insulators (TPIs) to establish a coaxial relationship between the internal conductor
and the outer housing. The TPI not only ensures uniform distribution of the internal
magnetic field, but also enables the GIL standard straight-line segment length to reach 18 m,
significantly reducing installation complexity and costs. Both the outer housing and the
internal conductor are constructed from aluminum, while the TPI is crafted from cast resin.
The space between the outer housing and the internal conductor is filled with insulating
gas, fulfilling the engineering criteria of significantly reducing equipment size and spacing.

Buildings 2023, 13, 2968. https://doi.org/10.3390/buildings13122968 https://www.mdpi.com/journal/buildings55
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Figure 1. Gas-insulated transmission line.

Figure 2. Standard linear unit structural form of GIL.

In the face of burgeoning electricity demands and a growing reliance on long-distance
GIL transmission in ultra-high-voltage converter power stations, particularly within regions
prone to frequent seismic activity [3–6], it has become increasingly imperative to gain
profound insights into the seismic behavior of GIL systems. At present, seismic research on
pipelines mostly focuses on water [7–9], oil [10,11], and gas [12–14] pipelines, and most of
them are buried pipelines [15–19]. The other part is for indoor small-diameter water pipes
or non-structural pipes [20–22], which are mostly suspended pipes. Jahangiri et al. [15]
assess economic seismic risks for buried steel gas pipelines, finding factors like thickness
ratio, burial depth-to-diameter ratio, soil properties’ impact failure probabilities, and
economic losses. Karamanos et al. [7] investigate seismic methodologies for buried steel
water pipelines, emphasizing soil interaction modeling, resistance, mitigation measures,
and design provisions. Sultanov et al. [18] address seismic effects on underground pipelines,
proposing a wave theory-based model that highlights the significance of dynamic stress
considerations. Obviously, seismic research for buried pipelines should prioritize soil
conditions and pipeline–soil interaction. In the case of the GIL, an overhead system
comprising supports, pipelines, and internal conductors, the emphasis is on investigating
the dynamic amplification effect of supports, seismic responses of the pipeline itself, and
the interior of the pipeline.

This article presents an advanced finite element model that faithfully replicates diverse
connections between support, housing, and internal conductors to thoroughly investigate
the seismic behavior of GILs. The study initiates by pinpointing the critical seismic response
and weak positions of GILs through nonlinear time history analysis. Following this,
three retrofit strategies are introduced, accompanied by an in-depth analysis of the key
factors influencing GILs’ seismic performances. Ultimately, the article employs seismic
vulnerability analysis to evaluate the failure probability of a GIL before and after effective
retrofit at different Peak Ground Accelerations (PGAs).

2. Seismic Performance of GIL

To evaluate the seismic performance of a complex overhead pipeline structure such as
a GIL, it is necessary to first clarify the structural characteristics of its various components
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and the different connection methods between them, and then use dynamic characteristic
analysis to grasp its main vibration modes and natural frequency range. Finally, we select
appropriate seismic motion records and perform seismic response calculations on the GIL
to explore its key seismic responses and weak locations.

2.1. The Finite Element Model of GIL

This paper focuses on the seismic performance of two specific GILs, namely the
incoming GIL of the first group of 550 kV AC filters (ACF-1) and the second group of
AC filters (ACF-2), as shown in Figure 3. The line lengths of the GILs in two horizontal
directions are 117.5 m and 78.3 m, respectively. The heights of the internal conductor axes
of each section of the ACF-1 incoming GIL relative to the ground are 5.405, 2.200, 12.500,
7.670, and 4.925 m, respectively. Notably, the layout of the ACF-2 incoming line is closely
coincident with that of the ACF-1 incoming line, with a mere 1 m variation in height. It is
worth noting that both GILs traverse through the entrance of a factory building, following
a plane layout, and are elevated using a steel platform. As a result, the maximum height
difference between the GILs reaches 10.3 m, potentially rendering them susceptible to
seismic vulnerability.

Figure 3. The composition and structure of GIL.

From a structural perspective, a gas-insulated transmission line (GIL) constitutes
a complex and large-span system, encompassing supports, pipelines, and internal con-
ductors. The critical structural components responsible for force transmission include the
inner conductor, three-pillar insulators (TPIs), outer housing, and supports. The finite
element model for GIL components utilizes shell elements for the housing due to their
intricate forces, beam elements for the support, TPIs, and an inner conductor based on
their structural characteristics. The finite element model of the GIL system is depicted
in Figure 3. To provide a comprehensive understanding, Table 1 outlines the materials,
cross-sectional dimensions, and main mechanical properties of each component.

Table 1. Structural and mechanical parameters of GIL components.

Components Dimensions (mm) Elastic Modulus (GPa) Density (kg/m3) Ultimate Strength (MPa)

Inner conductor Φ 175.0, t 7.5 1 69 4225 220
TPI 2 Φ 41.1 15 2320 30

Outer housing Φ 258.0, t 8.0 1 69 2690 220
Supports / 206 7850 235

Φ 1 represents the outer diameter, t represents the thickness; TPI 2 with solid cross-section.

As illustrated in Figure 3, TPIs and supports play crucial roles as supporting struc-
tures for the inner conductor and outer housing, respectively. To account for boundary
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constraints, they can be categorized into two types: fixed supports/TPIs and limited sliding
supports/TPIs. For both types of supports, their bottom ends are anchored to the ground.
The top of the fixed support is firmly connected to the housing through bolts, effectively
limiting the movement of the housing in all directions at the connection point, while the
top of the sliding support is connected to the housing through a limit device, which limits
all degrees of freedom of the housing except for the axis. Along the axis direction, the
housing is only subjected to friction. Therefore, fixed supports employ coupling to simulate
support–housing connections, ensuring dynamic convergence by associating a control
point on the support with the controlled surface of the housing. The connection between
the sliding support and the housing is modeled using the connector element SLOT, resem-
bling a one-way moving pin. This element facilitates controlled points on the housing’s
directional movement, allowing the friction coefficient to be set at 0.3. The movement of
the sliding support and the housing in other directions is interlinked.

For two types of TPI, which share the same main structure, they differ solely in the
method of connection with the housing. As depicted in Figure 2, the central component of
a TPI is a hollow aluminum sleeve, cast together with three epoxy resin insulators that are
evenly spaced along the circumference of the sleeve. The internal conductor passes through
this hollow aluminum sleeve and is welded to the TPI. Consequently, all TPIs and the
internal conductor form an integrated unit, with their relative positions remaining constant
throughout their operation. The distinguishing feature between the two TPI types lies in
their respective connection methods with the housing. For the fixed TPI, direct welding
with three metal connectors secures it to the housing. In contrast, the sliding TPI employs
nylon rollers for connection, facilitating limited sliding movement along the axis direction
within the inner side of the housing. For the connection between fixed/sliding three-pillar
insulators (TPIs) and the housing, a coupling is uniformly used for simulation. The points
on the housing are selected as the control points, and the points on the base of the TPI are
selected as the controlled points. The difference is that the coupling connection between
the sliding TPI and the housing will release the axial degrees of freedom and couple the
remaining degrees of freedom. The fixed TPI is coupled to the surgical coupling in all six
directions of freedom.

In addition, considering the influence of thermal expansion, a displacement margin of
48 mm with a maximum extraction force of 1400 N is left at the corner joint of the internal
conductor of the GIL, as shown in Figure 3. The inner conductor joint is simulated using
the connector element SLOT, illustrating its axial mechanical behavior, shown in Figure 4.

Figure 4. Axial mechanical behavior of corner of conductor.

The nonlinearity in our model is primarily manifested in two aspects: the friction between
the sliding support and the housing, and the connection at the corner of the inner conductor.
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2.2. Modal Analysis of GIL and Selected Ground Motions

The modal analysis results of the GIL model indicate that its frequency range of the first
120 orders is 1.99 to 9.80 Hz, indicating that it belongs to a modal-intensive structure. And
the natural frequency range of the GIL coincides with the predominant frequency range of
earthquakes, which is not conducive to earthquake resistance. The first six modal shapes
of the GIL model are shown in Figure 5 and can be mainly divided into two categories:
one is the vibration of the sliding support along the pipeline axis, and the other is the
local deformation of the pipeline accompanied by the support. In fact, this is a common
feature of all mode shapes in GILs. In the direction of the pipeline axis, the sliding support
provides little constraint on the pipeline, and at places with large height differences or
corners, the pipeline deformation is obvious. In addition, the vibration frequencies of
the sliding support and the pipeline are not the same, and further analysis is needed for
the dynamic amplification effect of the support on the pipeline; the two may generate
significant relative displacement in earthquakes.

Figure 5. The first six vibration modes of the GIL model.

According to the Chinese regulation Code for Seismic Design of Electrical Installations
(GB 50260-2013) [23], seven sets of seismic ground motion records were selected for seismic
response analysis, including five sets of natural earthquake records and two sets of artificial
waves, as listed in Table 2.
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Table 2. Information of seven sets of selected ground motions.

Record Earthquake Station Year Mw Epicentral Distance (km)

El Centro Imperial Valley—02 El Centro Array #9 1940 6.95 12.98
Chi-Chi Chi-Chi, Taiwan TCU054 1999 7.62 37.64
RSN66 San Fernando, CA, USA Hemet Fire Station 1971 6.61 153.8
RSN82 San Fernando, CA, USA Port Hueneme 1971 6.61 80.21

RSN1527 Chi-Chi, Taiwan TCU100 1999 7.62 42.77
Arti-1 (RSN1101) Kobe, Japan Amagasaki 1995 6.90 38.79
Arti-2 (RSN4031) San Simeon, CA, USA Templeton 2003 6.50 36.63

The acceleration response spectra of the selected seismic records and the average
response spectrum of seven sets of seismic records are plotted in accordance with the
required response spectrum (RRS), as shown in Figure 6. It can be seen that in all three
directions, within the frequency range corresponding to the main vibration modes of the
structure, the average response spectrum can better cover the RRS. When calculating seismic
response, the ground peak acceleration ratio in the three directions of XYZ is 1:0.85:0.65.
According to the importance level of the substation to which the GIL belongs and the
seismic fortification requirements of the site [24], and in accordance with the requirements
of the Code for Seismic Design of Electrical Installations (GB 50260-2013) [22], the peak
ground acceleration in the X-direction is classified as a nine-degree seismic fortification
intensity and a rare occurrence intensity (seismic fortification intensity), with a probability
of exceeding it in 50 years of 10%; rare earthquakes with a 50-year probability of exceeding
2% to 3% are taken as 0.4 g and 0.62 g, respectively.

Figure 6. RRS, acceleration response spectra and average acceleration response spectrum of selected
ground motions. (a) X-direction; (b) Y-direction; (c) Z-direction.

2.3. Key Seismic Responses and Vulnerable Locations of GIL

The seismic performance of GILs can be evaluated from two aspects: stress response and
relative displacement response. Figure 7a,b respectively list the stress response peaks and rela-
tive displacement peaks at some key locations in a GIL under seven sets of ground motions.

Regarding stress response, the main focus is on whether the peak stress responses
of the TPI, internal conductor, and housing exceed their corresponding ultimate stress.
According to the information provided by the design manufacturer, the ultimate stress of
the TPI is 30 MPa. Even when the PGA is 0.62 g, both the average peak stress response and
the maximum peak stress response under seven sets of seismic motions do not exceed the
ultimate stress of the TPIs. The stress safety factor is defined as the ratio of the ultimate
stress to the average peak stress response under seismic action. It can be obtained that
when the PGAs are 0.4 g and 0.62 g, the stress safety factors of the three-pillar insulators
are 3.26 and 1.69, respectively, which comply with the requirement that the stress safety
factor should be greater than 1.67 in GB 50260-2013. Therefore, it can be considered that
the three-pillar insulators will not undergo stress damage under earthquake action. The
ultimate stress of both the internal conductor and the housing is 220 MPa. From Figure 7a, it
can be seen that the peak stress response of the internal conductor is much smaller than the
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ultimate stress, and there is no risk of stress failure. However, for the peak stress response
of the housing, when the PGA is 0.4 g, although the average peak stress does not exceed
the limit stress, the stress safety factor is only 1.55, which does not meet the specification
requirements. When the PGA is 0.62 g, the average peak stress under the seven seismic
actions exceeds the limit stress. Therefore, from the perspective of stress response, the
possible failure mode of the GIL is housing stress failure.

Figure 7. Key seismic response peaks at different parts of a GIL. (a) Peak stress responses; (b) peak
relative displacement responses.

For displacement response, the main focus is on the peak relative displacement re-
sponse between adjacent pipelines (A, B, C three-phase), internal conductor corner joints,
and sliding supports and housings. The distance between adjacent pipelines is 338 mm.
From Figure 7b, it can be seen that the relative displacement between adjacent pipelines un-
der seismic action is much smaller than the distance, so there is no risk of collision between
them. With respect to the relative displacement at the corner joint of the internal conductor,
as previously described in Figure 3, it should be less than 48 mm. However, when the
PGA is 0.62 g, the average peak relative displacement at the corner joint of the internal
conductor will exceed the limit displacement by nearly 20%. This can cause damage to the
connector by pulling it out, affecting the normal operation of the GIL’s electrical functions
and causing significant losses. There is no limit to the relative displacement between the
sliding support and the housing, but under the condition of a 0.4 g earthquake, the average
peak relative displacement will reach 103.2 mm. When the PGA is 0.62 g, the average peak
relative displacement will reach 169.0 mm. Therefore, from the perspective of displacement
response, the possible failure mode of the GIL is internal conductor corner pull-out failure.

Figure 8 shows the weak position of a GIL under earthquake action, which is the posi-
tion where the maximum peak stress response of the housing occurs or the position where
the maximum relative displacement occurs at the corner joint of the internal conductor. It
can be seen that the maximum seismic response of the GIL is concentrated at the vertical
corner of the line, and its position does not change with the increase in PGA.

Figure 8. The weak position and failure mode of GIL under earthquake.
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3. Retrofit Measures of GIL

According to relevant Chinese regulations [25,26], the seismic design of overhead
pipelines is often simplified into a single-degree-of-freedom system for seismic response
calculation, or through the implementation of structural measures to ensure seismic reliabil-
ity. However, findings from the preceding section reveal the seismic vulnerability of GILs at
specific corners where there is a change in pipeline height, indicating a potential composite
failure mode involving housing strength and the risk of excessive relative displacement of
the inner conductor. Consequently, the standardized calculation method offers only limited
insight into the peak displacement and maximum stress response of the support, falling
short of the comprehensive seismic performance evaluation demanded by the intricate GIL
system. This underscores the need for an in-depth exploration of the dynamic response
characteristics inherent in the GIL, a complex support–pipeline system, with the aim of
developing precise seismic enhancement strategies.

3.1. The Dynamic Amplification Effect of Supports

The initial focus of analysis pertains to the dynamic amplification effect of supports.
As detailed in Section 2.1, GIL supports are classified into fixed and sliding types. For clarity
in subsequent analyses, each support type is systematically designated and numbered
within the GIL system, as depicted in Figure 9. Fixed supports are predominantly located
at specific points: the initial section (connected to a GIS), the terminal section (adjacent to
the AC filter bushing), and the line corners, representing a comparatively smaller subset.
Conversely, sliding supports are evenly distributed along straight line segments, averaging
13.05 m per piece. Figure 10 provides a visual representation of the configuration and
heights of all supports. Fixed supports adopt a four-column steel structure, forming
composite spatial architectures ranging in height from 1.95 m to 7.40 m. In contrast, sliding
supports utilize a two-column steel structure, spanning heights from 1.95 m to 12.05 m.

Figure 9. Layout and numbering of support types.

Figure 10. Outline drawings and numbering of different supports.

Based on the findings in Section 2, the vulnerable locations of a GIL are primarily
situated in the latter segment. Consequently, this section focuses on the supports and
pipelines in the latter half of a GIL. Figure 11a illustrates the acceleration amplification
coefficients at the tops of various supports and the corresponding housing linked to the
support along the pipeline axis direction under seven sets of ground motions; “H” denotes
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the housing, and “S” signifies the support. The acceleration amplification coefficient is
defined as the ratio of the peak acceleration response to the peak ground acceleration.

Figure 11. Support dynamic amplification effect. (a) Acceleration amplification coefficient of supports
and housing; (b) relationship of support fundamental frequency and amplification coefficient.

Figure 11a reveals several crucial findings. Firstly, with the exceptions of F-1 and
S-7, the average acceleration amplification coefficients for all other support types and
the housing consistently surpass 2.0. Secondly, a considerable variation exists in the
average acceleration amplification coefficients across different support types, ranging
from 1.1 to 4.7. Similarly, there are significant differences in the average acceleration
amplification coefficients of the corresponding housing with different supports, ranging
from 1.5 to 4.4. Thirdly, the presence of asynchronous vibrations along the axis between the
housing and the sliding support leads to a notable disparity in acceleration amplification
coefficients, with a ratio spanning from 0.76 to 2.09. This diversity corresponds to two
distinct scenarios: for S-1, S-3, and S-7, the housing’s acceleration amplification coefficient
significantly exceeds that of the support, whereas for S-4 and S-5, an inverse trend is
observed. These outcomes emphasize that the seismic performance of a GIL is inadequately
evaluated by simplifying this complex system as a single-degree-of-freedom structure and
conducting seismic response calculations.

Figure 11b illustrates the scatter plot and linear fitting relationship between the natural
frequency of the support and the acceleration amplification coefficient. According to the
GIL analysis presented in this study, restraining the dynamic amplification coefficient of
the support to less than 2.0 requires a fundamental frequency exceeding 9.35 Hz. Moreover,
to ensure that the support does not amplify the ground input, the fundamental frequency
should be greater than 12.98 Hz. However, in many instances, the fundamental frequency
of the support falls below these critical values, implying that most supports will amplify
the ground acceleration by more than twice its value.

We introduced the concept of “spectral acceleration amplification” to elucidate the
relationship between dynamic amplification and inherent dynamic features. The curves in
Figure 12 depict spectral acceleration amplifications for various support types and housing,
showcasing peaks at frequencies corresponding to multiple higher-order vibration modes
within the 2–10 Hz frequency range.
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Figure 12. Spectral acceleration amplification curves of supports and housing. (a) F-1 and F-2; (b) S-1
and S-3; (c) S-4 and S-5; (d) S-7.

Key observations from Figure 12 include:

(1) The spectral acceleration amplification curve at high frequencies (100 Hz) represents
the average acceleration amplification coefficient in the time domain.

(2) Prominent peaks at frequencies corresponding to multiple higher-order vibration
modes indicate the influence of these modes on the dynamic amplification effect of
supports and housing within the 2–10 Hz frequency range.

3.2. Three Retrofit Methods and Comparison of Results

Through the in-depth analysis of the dynamic amplification effect of the support in
Section 3.1, it becomes evident that the dynamic amplification effect of the support on
the pipeline cannot be ignored, with the acceleration amplification coefficient generally
surpassing 2.0. Moreover, while notable disparities exist in the acceleration amplification
coefficients among various types of supports and housing at distinct positions, there is
a fundamental inverse relationship between the dynamic amplification effect and the
fundamental frequency of the supports. This correlation suggests that enhancing the
fundamental frequency of the supports can effectively diminish the dynamic amplification
coefficient. Consequently, the focus of this section is to regulate the support’s dynamic
amplification effect by adjusting its fundamental frequency or altering the connection
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between the support and the pipeline, thereby accomplishing the seismic performance
objective of mitigating the GIL’s critical responses. Three retrofit methodologies were
assessed and compared.

The first two methods increase the frequency of the support by changing the material
of the support or increasing the cross-sectional area of the support, respectively, to increase
the fundamental frequency of the support to

√
2 and

√
5 times the original fundamental

frequency, recorded separately as
√

2 fsupport and
√

5 fsupport. The third approach entails
converting all supports to fixed supports. The peak ground acceleration in the X-direction
is taken as 0.62 g. Table 3 presents the acceleration amplification coefficients of various
support tops and housings under different retrofit methods. It is apparent that elevating
the fundamental frequency of the support effectively reduces the acceleration amplification
coefficient at the top of the support, and a similar trend is observed for the acceleration am-
plification coefficient at the top housing of the support. Notably, after all supports are fixed,
the acceleration amplification coefficients of the supports and housings exhibit a trend of
convergence toward a median value compared to before the retrofit. For supports with
an acceleration amplification coefficient exceeding 4.0, the coefficient decreases after the
retrofit, whereas supports with a coefficient below 4.0 experience an increase in accelera-
tion amplification after the retrofit. This trend can be attributed to the enhanced overall
structural integrity resulting from the full fixation of the support-to-pipeline connection.

Table 3. Acceleration amplification coefficients of housing and support under different retrofit
conditions.

Supports
Original Model

√
2fsupport

√
5fsupport Fixed All Supports

Housing Support Housing Support Housing Support Housing Support

F-1 1.53 1.53 1.24 1.22 1.12 1.09 1.60 1.62
F-2 2.43 2.41 2.42 2.40 1.97 1.95 2.75 2.73
S-1 4.39 2.57 3.78 2.00 3.74 1.34 4.23 4.41
S-3 4.32 3.05 3.72 2.18 3.67 1.36 4.29 4.29
S-4 2.47 3.26 2.51 3.55 2.03 2.85 2.80 2.81
S-5 4.25 4.68 4.00 4.27 3.31 2.81 3.62 3.64
S-7 2.26 1.10 2.25 1.08 2.11 1.08 1.18 1.18

Table 4 highlights the key seismic response peaks of the GIL, where “S” represents
peak housing stress and “D” represents relative displacement of internal conductor joints.
The findings reveal that the first two retrofit methods not only fail to diminish the peak
stress response of the GIL housing by increasing the fundamental frequency of the support,
but also result in varying degrees of increased peak housing stress. Conversely, the third
retrofit method, entailing the conversion of all supports to fixed ones, effectively reduces the
peak housing stress, with the average peak stress response remaining below the material
limit stress. All three retrofit strategies contribute to the reduction in relative displacement
at internal conductor corner joints, with the “fixing all supports” method yielding the most
significant reduction in relative displacement.

The findings presented in Tables 3 and 4 suggest that while enhancing the fundamental
frequency of the support reduces the dynamic amplification effect, it does not significantly
improve the seismic performance of the GIL. On the other hand, altering the connection
between all supports and pipelines to fixed connections may not entirely regulate the
dynamic amplification effect, but it notably enhances the overall seismic performance of
the GIL. These results imply that the dynamic amplification effect of the support might not
be the decisive factor influencing the seismic performance of the GIL, necessitating further
analysis to elucidate this outcome.
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Table 4. Critical peak responses of GIL under different retrofit conditions.

Ground Motions
Original Model

√
2fsupport

√
5fsupport Fixed All Supports

S (MPa) D (mm) S (MPa) D (mm) S (MPa) D (mm) S (MPa) D (mm)

El Centro 206.3 30.70 239.91 42.82 186.14 42.22 170.48 23.57
RSN66 171.2 85.70 318.37 46.21 252.64 46.29 230.49 35.00
RSN82 236.45 76.51 318.49 39.99 358.64 38.11 202.45 26.16

RSN1527 212.98 78.13 272.84 60.33 202.88 59.63 216.87 40.44
Chichi 290 42.20 269.47 42.96 207.14 38.97 178.69 21.01
Arti-1 226.48 41.37 226.59 41.04 226.63 40.03 173.43 23.84
Arti-2 219.04 42.88 252.43 41.87 219.56 42.87 206.79 22.99

Average 223.21 56.78 271.16 45.03 236.23 44.02 197.03 27.57

3.3. Key Factors Influencing GIL Peak Responses

This section primarily investigates the underlying reasons for the differing impacts
of various retrofit methods on the peak stress response of the GIL. Given that the most
significant peak stress responses of the housing and maximum relative displacement of
the internal conductor joint are located at the pipeline corner between supports S-4 and
S-5, special attention is warranted for the relative displacement or acceleration responses
between these two positions. Figure 13a shows the scatter plot of the peak relative dis-
placements of pipelines at S-4 and S-5 and the peak stress of the GIL housing under seven
sets of seismic ground motions, including the original model and three retrofit methods.
The circular markers denote the average values under these seismic conditions. Evidently,
the above results indicate that the relative displacement response between S-4 and S-5 is
a key factor affecting the peak response of the GIL housing. To provide a comprehensive
understanding of how different retrofit measures influence relative displacement responses
between S-4 and S-5 and subsequently reshape the overall seismic performance of the GIL,
Figures 13b and 14, respectively, depict the power spectrum of relative displacement and
the displacement cloud map of corresponding vibration modes.

Figure 13. Key factors influencing GIL peak responses. (a) Relationship of peak stress of housing and
relative displacement between S-4 and S-5; (b) power spectrum of relative displacement between S-4
and S-5.
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Figure 14. Comparison of target vibration modes under different retrofit conditions.

Figure 13b reveals a distinct pattern in the relative displacement power spectra of
the original structure and the two other retrofit methods, showcasing a singular peak
characteristic, except for the second retrofit method. The corresponding vibration mode
order for each peak value is visibly denoted in Figure 14. Notably, the peak values of the
relative displacement power spectrum for the three reinforced models are all aligned with
the first-order vibration mode, while the peak values for the original structure correspond
to the third-order vibration mode. These vibration modes are all associated with the X-
direction translational motion of the pipeline, as illustrated in Figure 14. Furthermore,
across all four cases, the relative magnitudes of the relative displacement power peaks
mirror the relative magnitudes of the relative displacement peaks of S-4 and S-5, in the
following order: retrofit method I > retrofit method II > original structure > retrofit method
III. These insights emphasize the pivotal role played by the first-order vibration of pipelines
in shaping relative displacement responses.

Figure 14 compares crucial mode shapes governing the relative displacement of sup-
ports S-4 and S-5, controlled across four distinct scenarios. Evidently, all vibration modes
correspond to the first-order X-direction translational vibration of the pipeline, and the
most significant deformation occurs at the corner of the pipe joint between supports S-4 and
S-5. In the case of the third retrofit method, wherein all supports are fixed with the housing,
supports S-4 and S-5 deform synchronously with the pipeline. Conversely, in the other
three cases, sliding supports S-4 and S-5 remain undeformed. Noteworthy angular changes
at the corners of key pipe joints are highlighted in the partially enlarged image. Similar to
the peak values of the displacement power spectrum in Figure 13b, the relative magnitudes
of the rotation angles in the key modes of different models in Figure 14 correspond to the
relative magnitudes of the peak responses of the GIL for each model, which is also retrofit
method I > retrofit method II > original model > retrofit method III.
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Based on the analysis of the power spectrum of the relative displacement between
supports S-4 and S-5 and the associated modal shape corresponding to the power spectrum
peak, the following conclusions emerge:

1. Mitigating the relative displacement peak between supports S-4 and S-5 effectively
diminishes the critical peak response of the GIL and enhances its seismic performance.

2. The peak relative displacement between supports S-4 and S-5 is governed by the first-
order X-direction translational vibration mode of the pipeline, with the angle change
value at the pipeline corner in this vibration mode displaying a positive correlation
with the peak relative displacement between supports S-4 and S-5.

3. Insights from the deformation indicated that the pivotal factor affecting the seismic
performance of the GIL is the deformation of the pipeline corner in the first mode of
vibration, rather than the frequency corresponding to the first mode.

4. Seismic Vulnerability of GIL

Seismic vulnerability analysis can offer reasonably accurate failure probabilities for
GILs under varying PGAs, thereby establishing a foundation for the seismic design and
performance assessment of GILs [26,27]. The findings in Section 3 demonstrate that only
retrofit method III can effectively diminish the critical seismic response of the GIL. Con-
sequently, this section exclusively conducts seismic vulnerability analysis on the original
structure of the GIL and retrofit method III.

4.1. Seismic Failure Criteria of GIL

Previous research has indicated that the seismic vulnerability of power equipment
typically adheres to a logarithmic normal distribution [28–30]. When the peak ground
acceleration (PGA) is x, the failure probability of a GIL can be represented by Formula (1).

P(PGA = x) = Φ
(
(ln x − θ)

β

)
(1)

where Φ denotes the cumulative distribution function of the standard normal distribution.
θ and β represent the mean and variance, respectively. Based on the fitting results, the
seismic vulnerability curve of the GIL can be derived. To obtain the fitting results, it is
crucial to acquire a specific number of sample points, namely the failure probabilities of the
GIL under varying PGAs. Initially, this study selected 30 ground motion records, with the
screening conditions and average acceleration response spectra of these seismic records
outlined in the following text. Subsequently, these 30 seismic records were normalized with
amplitudes of 0.2 g, 0.4 g, 0.6 g, and 0.8 g, allowing for the calculation of the GILs’ failure
probability under these four sets of PGAs. The determination of the failure probability
necessitates a clear understanding of the failure index.

Based on the previous research findings, two distinct failure modes of a GIL during
seismic events have been identified: strength failure, indicated by a peak stress response
exceeding the ultimate stress, and displacement exceeding the limit, leading to failure due
to excessive relative displacement at the joint of the internal conductor corner. For the
strength failure mode, the stress safety factor concept, as outlined in specification [20], is
introduced. This implies that the ratio of ultimate stress to the actual stress response peak
should not be less than 1.67, with an associated failure index. Consequently, the following
three failure indicators have been established for GILs.

1© The peak stress of the housing exceeds 60% of the limit stress (the factor of safety is
1.67, that is, 131.74 MPa), which is considered to cause damage.

2© The peak stress of the housing exceeds that of the limit stress, 220 MPa, which is
considered to cause damage.

3© The maximum displacement of the inner conductor joint exceeds 48 mm (limit
value), which is considered to cause damage.
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Among them, failure criteria 1© and 2© are considered from the perspective of strength
and therefore become strength failure criteria, while failure criterion 3© is called the dis-
placement failure criterion.

4.2. Selected Ground Motion Records

In accordance with the Chinese regulations, [23], the GIL site falls under the Class II
category, with a shear wave velocity range of 140~250 m/s at a 30 m depth [31–33] and
a characteristic period of 0.45 s. Utilizing these parameters, 30 natural seismic records
were curated from the PEER database. Figure 15 illustrates their acceleration response
spectra, average response spectra, and specification demand spectra, assuming a damping
ratio of 2%. Notably, the average acceleration response spectrum of the 30 seismic motions
effectively encapsulates the demand spectrum within the frequency range associated with
the primary vibration modes of the GIL.

Figure 15. Average acceleration response spectrum of 30 sets of ground motion records and required
response spectrum.

4.3. Seismic Fragility Curves of GIL

Under different failure criteria, the parameters in Formula (1) are determined through
fitting based on the calculation results, as depicted in Table 5. Notably, for failure criterion
2©, the failure probability of the reinforced GIL is 0; hence, parameter fitting was unneces-

sary. It is evident from the data that under each failure criterion, the average value for the
reinforced GIL has noticeably increased compared to its unreinforced state. This increase
signifies a significant decrease in the failure probability of the structure when the PGA
is small.

Table 5. Fitting results of seismic vulnerability parameters.

Failure Criteria
Origin Model of GIL Reinforced GIL

θ β θ β

1© −0.84 0.23 0.02 0.94
2© −0.23 0.33 / /
3© −0.61 0.36 −0.12 0.46

For the GIL and reinforced GIL models, the seismic vulnerability curves fitted based on
the calculation results are shown in Figure 16. The triangular markers on the vulnerability
curve signify the failure probability, calculated by dividing the count of seismic waves
causing failure by the total waves across time history calculations at PGAs of 0.2, 0.4, 0.6,
and 0.8 g.
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Figure 16. Seismic vulnerability analysis results of GIL before and after retrofit. (a) GIL under strength
failure criterion; (b) reinforced GIL under strength failure criterion; (c) GIL under displacement failure
criterion; (d) reinforced GIL under displacement failure criterion.

Figure 17 shows the seismic vulnerability curves of the GIL system before and after
retrofitting under different failure criteria.

Figure 17. Seismic vulnerability curves of GIL before and after retrofit under different failure criteria.
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The following conclusions can be drawn from Figures 16 and 17:

1. It can be clearly seen that under any failure criterion, the seismic vulnerability of the
reinforced GIL is significantly reduced. Under failure criterion 1©, when the PGA
is 0.4 g, the failure probabilities of the GIL before and after the retrofit are 0.37 and
0.17, respectively, indicating a 53.7% reduction. When the PGA is 0.6 g, the failure
probabilities of the GIL before and after the retrofit are 0.93 and 0.33, respectively,
indicating a 64.5% reduction. Under failure criterion 2©, when the PGA is 0.4 g,
the failure probability of the GIL before and after the retrofit is 0. When the PGA
is 0.6 g, the failure probabilities of the GIL before and after the retrofit are 0.2 and
0, respectively, indicating a 100% reduction. Under failure criterion 3©, when the
PGA is 0.4 g, the failure probabilities of the GIL before and after the retrofit are 0.2
and 0, respectively, indicating a 100% reduction. When the PGA is 0.6 g, the failure
probabilities of the GIL before and after the retrofit are 0.6 and 0.23, respectively,
indicating a 61.7% reduction.

2. Before the retrofit, the seismic vulnerability of the GIL under the strength failure crite-
rion is higher than that under the displacement failure criterion. After the retrofit, the
GIL seismic vulnerability curves corresponding to the two failure criteria intersect at a
PGA of 0.8 g. When the PGA is less than 0.8 g, the strength failure criterion dominates,
and when the PGA is greater than 0.8 g, the displacement failure criterion dominates.

5. Discussion

Currently, gas-insulated transmission lines (GIL) are increasingly prevalent in ultra-
high-voltage converter power plants. However, with the constant threat of earthquakes,
there is a growing need to enhance the seismic performance evaluation and retrofitting of
GILs to ensure the safety of critical power transmission and transformation nodes during
seismic events. This article conducts a comprehensive study on GILs, focusing on three key
aspects: seismic performance, seismic retrofit methods, and seismic vulnerability, leading
to the following conclusions:

(1) The research begins by developing a detailed finite element model for the GIL, ac-
counting for its internal structure and simulating the connections between the TPI,
the housing, and the supports. The results indicate that the seismic weak point of the
GIL is located at the corner where the axis height changes, and there are two types
of failure modes, namely housing strength failure and displacement-exceeding-limit
failure at the internal conductor joint.

(2) An essential finding is the significant dynamic amplification effect of the supports,
with an acceleration amplification coefficient generally exceeding 2.0. Importantly, the
study reveals that the larger the fundamental frequency, the smaller the acceleration
amplification coefficient of the supports. To reinforce the GIL, two approaches are
explored: increasing the fundamental frequency of the support and altering the con-
nection method between the support and the housing. The results indicate that both
retrofit methods can effectively reduce peak displacements at the internal conductor
joint. While increasing the fundamental frequency of the support reduces the accelera-
tion amplification coefficient, it paradoxically increases the peak stress response of the
housing. Conversely, fixing all mobile supports to the housing has a limited impact
on the acceleration amplification coefficient but significantly reduces the peak stress
response of the housing. These findings suggest that the dynamic amplification effect
of the support is not the sole decisive factor influencing a GIL’s seismic performance.

(3) The study delves further into the relationship between the relative displacement peak
between key positions (S-4 and S-5) and the peak stress response of the GIL housing.
It reveals a linear correlation, indicating that the peak housing stress increases propor-
tionally with the rise in the relative displacement peak between these positions. The
relative displacement between S-4 and S-5 primarily follows the first-order transla-
tional vibration mode of the pipeline in the X-direction, irrespective of the frequency
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associated with this vibration mode. Instead, it is solely dictated by the deformation
of the pipeline angle between S-4 and S-5 within this vibration mode.

(4) The study reinforces a GIL by fixing the connections between the sliding supports and
the housing. The seismic vulnerability of the GIL is substantially reduced after the
retrofit, particularly when the PGA surpasses 0.4 g. The seismic vulnerability of the
GIL after the retrofit is found to decrease by over 50% compared to its pre-retrofit state,
underscoring the effectiveness of this retrofit approach in minimizing the system’s
susceptibility to seismic events.

In conclusion, the research establishes a foundational understanding of the seismic
performance of GILs in ultra-high-voltage converter power substations and similar over-
head pipelines in earthquake-prone areas. It introduces innovative reinforcement measures
and uncovers that the relative displacement between key sections, rather than the support
acceleration amplification effect, is the pivotal factor influencing the seismic performance
of GILs. The limitations in this study include the exclusive consideration of one GIL layout,
neglecting the impacts of height difference and diverse support arrangements. Additionally,
vulnerability studies did not encompass intensity measure (IM) indicators beyond PGA,
and earthquake-induced electrical function failure modes were not addressed.
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4. Işık, E. Structural Failures of Adobe Buildings during the February 2023 Kahramanmaraş (Türkiye) Earthquakes. Appl. Sci. 2023,
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Abstract: In the article, the semi-permanent aluminum alloy portal frame is used as the research
background, beam-column joints are used as the research object, and experimental and numerical
analyses are carried out. The influence of different bolt diameters and arch angles on the mechanical
properties of beam-column joints under vertical load was analyzed using five sets of experiments. The
experimental results show that the load–displacement curves of different bolt diameters in the elastic
stage are basically consistent. After entering the plastic stage, the ultimate load first increases and
then decreases, and the ultimate displacement is basically consistent. According to the experiment,
there is no significant difference in the load–displacement curve when the arch angle increases
from 90 degrees to 108 degrees. When the arch angle increases to 126 degrees, the stiffness and
ultimate bearing capacity of the node under vertical load significantly increase. Then, a numerical
analysis model was established to analyze the mechanical performance of beam-column joints under
horizontal loads. The numerical analysis results indicate that under horizontal load, as the diameter
of the bolt increases, the yield load, yield displacement, ultimate load, and ultimate displacement of
the beam-column node exhibit no significant changes, and the change amplitude is minimal. When
the beam-column node is subjected to horizontal loads, as the arch angle increases, the yield and
ultimate displacement increase by 2.14 times and 2.78 times, respectively, and the yield and ultimate
load decrease by 58% and 48%, respectively. Finally, a simplified design method for beam-column
joints was proposed based on experiments and numerical analysis.

Keywords: aluminum alloy portal frame; beam-column joints; experimental study; numerical
analysis; vertical load; horizontal load

1. Introduction

The commonly used types of joints in aluminum alloy spatial structures include gusset
joints, bolt ball joints, cast aluminum joints, and hub joints, as shown in Figure 1. So far,
some researchers have conducted a series of studies on these aluminum alloy joints and
achieved excellent results.

Guo et al. [1–3] conducted an experimental study on the out-of-plane bearing capacity
of plate joints and obtained the failure modes of the joints under different plate thicknesses.
They found that as the plate thickness increased, the stiffness of the joints increased. They
proposed a four-line model of semi-rigid out-of-plane plate joints. Then, through theoretical
analysis, the bending stiffness and corresponding critical bending moment values of the
joints in each stage of the four-line model were derived. Finally, a numerical model was
established to simulate the stiffness of the bolt fixation stage and the hole wall pressure
bearing stage, and based on the numerical analysis results, a formula for the out-of-plane
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bending stiffness of the joint was obtained. Then, based on out-of-plane research, a semi-
rigid four-line model of in-plane aluminum alloy plate joints was obtained with numerical
simulation. Guo et al. [4] conducted experimental research on the out-of-plane hysteresis
performance of aluminum alloy plate joints. The experimental results showed that due to
the gap between the bolt hole and the bolt rod, the hysteresis curve was not quite complete,
and the torque relative rotation hysteresis curve showed that the joint had good energy
dissipation capacity. Moreover, as the thickness of the joint plate increased, the command
performance of the joint gradually improved. Ma et al. [5] proposed a new type of column
plate joint based on the traditional aluminum alloy plate joint and obtained the bending
moment angle curves of the column plate joint around the strong axis, weak axis, and
torsion directions. Then, they were introduced into the grid shell beam element model.
The analysis results showed that the column plate stage is still in the elastic stage when the
grid shell is unstable. Chen et al. [6] conducted experimental research on the out-of-plane
hysteresis performance of plate joints and obtained the hysteresis curve, ductility ratio, and
energy dissipation rate of plate joints. In addition, they were compared with numerical
simulation results and were found to be consistent. Liu et al. [7] conducted experimental
research on the low cycle fatigue performance of plate joints, obtained the low cycle fatigue
failure mechanism and fatigue life of plate joints, and then conducted numerical simulation.
The numerical simulation results were significantly consistent with the experimental results.
Finally, a local feature based low cycle fatigue life prediction method was proposed. Zhao
et al. [8,9] improved the plate joint and proposed two new types of aluminum alloy joints.
Through experimental research, it was found that both types of joints have good mechanical
properties and can be used for single-layer aluminum alloy lattice shell structures.

Figure 1. Diagram of aluminum alloy joints.

Hiyama et al. [10] proposed a formula for calculating the stiffness of aluminum alloy
bolted ball joints through experimental and numerical simulation analysis. Liu et al. [11,12]
studied a new type of aluminum alloy bolt spherical joint and evaluated it through tensile
tests and numerical simulations. The tensile performance and failure mechanism of alu-
minum alloy bolt spherical joints was explored, and ultimately, a calculation formula for
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the tensile capacity of aluminum alloy bolt spherical joints was proposed. Shi et al. [13]
conducted full-scale tests on three forms of cast aluminum joints in conjunction with the
Chenshan Botanical Garden Greenhouse Exhibition Hall project. The test results showed
that the cast aluminum joints had a greater flexural stiffness outside the plane and a smaller
stiffness in the plane, making them typical semi-rigid joints. Their failure mode was brittle
fracture failure. Subsequently, numerical simulations were conducted, and a simplified
calculation formula for their bearing capacity was proposed. Cast aluminum joints can
be widely used in aluminum alloy spatial structures. Sugizaki, K et al. [14,15] conducted
experimental research on the basic mechanical properties of the cast aluminum joint, and
the research results showed that adjusting the material properties of the component can
ensure that the ultimate tensile bearing capacity of the joint is approximately the product
of the tensile strength of the pipe and the cross-sectional area, which also indicates that
this joint has an obvious semi-rigidity. Yonemaru et al. [16] conducted bending tests on
aluminum alloy and carbon fiber-reinforced composite hub joint trusses, and the results
showed that the overall truss buckling occurred due to the failure of the upper components.

The lightweight portal frame itself has the advantages of large building space, simple
structural stress, and clear transmission path. The aluminum alloy portal frame structure
combines many advantages brought by materials [17,18], such as lightweight, high strength,
corrosion resistance, and high assembly rate. Therefore, aluminum alloy portal frame
structures can be used not only in traditional permanent buildings such as workshops
and warehouses, but also in temporary or semi-permanent buildings such as healthcare
camps, exhibitions, sports events, and logistics warehousing. At present, there are relatively
few research results on aluminum alloy portal frame joints. In this article, a new type of
beam-column joint for aluminum alloy portal steel frames is proposed. Then, experimental
research and numerical simulation analysis were conducted on this new type of beam-
column joint. Finally, based on experiments and numerical simulations, a simplified design
method for this type of joint was proposed.

2. Test Scheme

2.1. Specimens Design

To explore the mechanical properties of aluminum alloy portal frame beam-column
joints, in this section, beam-column joint specimens are designed as shown in Figure 2.
The beam-column joint specimens are made of H-shaped aluminum alloy members and
double C-shaped double groove connectors tightly connected by bolts. Among them,
the cross-sectional size of the aluminum alloy I-beam is H203 × 106 × 11 × 11 mm, and
the channel steel connection is C181 × 47.5 × 5 × 10 mm. Six and four bolt holes are,
respectively, set on the upper and lower flanges of the H-shaped aluminum alloy I-beam,
and six bolt holes are set on the web of the I-beam. At the same time, bolt holes are set at
the corresponding positions of the flange and web of the double groove connector. The
diameter of the bolt holes is determined based on the corresponding bolt diameter (greater
than 0.2 mm of the bolt diameter). The lengths of aluminum alloy I-beams are 1240 mm
and 990 mm, respectively, and the lengths of channel steel connectors are 470 mm. The
distribution spacing of bolts on the flange and web is 148 mm. The structural dimensions
of the specimens are shown in Figure 2a. The aluminum alloy I-beams are cut and drilled
in the factory, and the double groove connectors are welded from steel plates. The two are
then transported to the laboratory for assembly and connection, as shown in Figure 2b.
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Figure 2. Test specimen.

For portal frames, the bolt diameter and arch angle of beam-column joints have a
significant impact on the mechanical performance of their beam-column joints. Therefore,
a total of 5 beam-column joint specimens were designed in this chapter, and the parameters
of each specimen are detailed in Table 1. From this table, it can be seen that this experiment
mainly designed beam-column joint specimens with different bolt diameters (8 mm, 14 mm,
and 20 mm) and different arch angles (90◦, 108◦, and 126◦) to explore the impact of different
bolt diameters and arch angles on the mechanical properties of aluminum alloy portal frame
beam-column joints. It should be noted that when studying the influence of bolt diameter
or arch angle, other structural parameters of beam-column joints remain consistent.

Table 1. Detailed information of joints.

Specimen Bolt Diameter
(mm)

Arch Angle
(◦)

Beam Section Size
(mm)

Connection Section
Size (mm)

SJ-1 8 108 H203 × 106 × 11 × 11 2C181 × 47.5 × 5 × 10
SJ-2 14 108 H203 × 106 × 11 × 11 2C181 × 47.5 × 5 × 10
SJ-3 20 108 H203 × 106 × 11 × 11 2C181 × 47.5 × 5 × 10
SJ-4 20 90 H203 × 106 × 11 × 11 2C181 × 47.5 × 5 × 10
SJ-5 20 126 H203 × 106 × 11 × 11 2C181 × 47.5 × 5 × 10

2.2. Testing System

The loading site of this experiment is shown in Figure 3a. The experimental system
mainly includes reaction frame (composed of reaction beam and column), jack, consoli-
dation support, loading control instrument, and data acquisition instrument. During the
experiment, the lower end of the specimen is first tightly connected to the consolidation
support, and then, a vertical concentrated force is applied to the specimen through a jack,
as shown in Figure 3b. Four bolts and end plates are used to securely connect the jack to
the reaction beam, ensuring that the position of the loading point does not shift during the
loading process, as shown in Figure 3c. The consolidation support is tightly connected to
the foundation through vertically arranged threaded steel bars, while the bottom of the
specimen is tightly connected to the consolidation support through three drainage flat bolts,
ensuring the formation of consolidation constraint boundary conditions at the bottom of
the specimen, as shown in Figure 3d. By using the above loading methods and support
forms, the boundary conditions of aluminum alloy portal frame beam-column joints under
vertical load can be simulated, thereby ensuring the effectiveness of the test results. During
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the experiment, the loading control instrument was used to control the loading speed. In
this experiment, the loading speed was 1 mm/min, and the data collection instrument was
used to record the test data at each moment.

Figure 3. Schematic diagram of test.

During the experiment, the strain and displacement data of the specimen at each mo-
ment are recorded using a data acquisition instrument, and the positions of each measuring
point are shown in Figure 4. To obtain the strain variation pattern of H-type aluminum
alloy beams and C-type channel steel connections under vertical load, a total of 10 sets of
strain gauges were set at different parts of the cross-section, as shown in Figure 4a. Among
them, strain gauges 1–5 are arranged on the cross-section of aluminum alloy beams, and
gauges 6–10 are arranged on channel steel connectors. The No.1 strain gauge is arranged
on the upper flange of the aluminum alloy beam, the 2nd, 3rd, and 4th are, respectively,
arranged on the beam web from top to bottom, and the 5th is arranged on the lower flange
of the aluminum alloy beam. Strain gauges 6 and 10 are, respectively, arranged on the
upper and lower flanges on the left side of the channel steel connection, while gauges 7,
8, and 9 are evenly arranged on the web plate of the channel steel connection. The full
cross-section strain changes in aluminum alloy beams and channel steel connections are
monitored and recorded during the loading cycle using 10 strain gauges.

Two displacement meters are, respectively, arranged at the time loading point and
the end of the channel steel connection, as shown in Figure 4b. The No. 1 displacement
meter is set on the end side of the aluminum alloy beam flange to record the displacement
changes at the end points of the aluminum alloy beam. The No. 2 displacement meter is
set on the end side of the channel steel connector to record the displacement changes at the
end of the channel steel connector.
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Figure 4. Schematic diagram of measurement point layout.

2.3. Material Property Test

The H-shaped I-beam of the test piece is made of 6061-T6 [19,20] aluminum alloy
profile, and the double groove connector is made of Q235 steel. Samples from the same
batch of aluminum and steel used in the test components are obtained and processed into
standard specimens for material properties testing [21], as shown in Figure 5a. The main
length of the material test piece is 250 mm, with both ends being 55 mm and 25 mm in
length and width, and the middle section being 90 mm and 15 mm in length and width,
respectively. The two ends and middle section are transitioned through a circular arc with
a radius of 36 mm. The dimensions of the test piece are shown in Figure 5b. The material
testing tensile machine tightly clamps the two ends of the material test piece, and then
begins to apply axial tension, as shown in Figure 5c. The failure mode of the specimens is
shown in Figure 5d, and all of them show tensile failure of the middle section. The results
of the material properties test are summarized in Table 2.

Figure 5. Schematic diagram of material properties test.
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Table 2. Material test results.

Material
Yield Strength

MPa
Tensile Strength

MPa
Elastic Modulus

GPa

6061-T6 239 264 70.5
Q235 235 360 206
Bolt 887 992 204

3. Analysis of Test Results

3.1. Failure Characteristics

For beam-column joints with different bolt diameters, the failure state of the bolt hole
wall needs to be focused on. Therefore, the bolts were removed after the specimen failed,
and the state of the bolt hole wall is shown in Figure 6. When the bolt diameter is 8 mm,
there is a significant extrusion deformation on the hole wall. When the bolt diameter is
14 mm, some bolt hole walls show slight compression deformation, while some hole walls
show no significant compression. The bolt diameter increased to 20 mm, and the bolt hole
walls remained intact without obvious signs of compression. From the above analysis, it
can be seen that as the diameter of the bolt increases, the extrusion area of the bolt hole
wall increases, and the extrusion deformation of the hole wall gradually decreases.

Figure 6. Failure modes of different bolt diameters.

The failure modes of beam-column joint specimens with different arch angles are
summarized in Figure 7. From this figure, it can be seen that the failure modes of the
beam-column joint specimens are basically consistent at different arch angles. As the
vertical load increases, the bending moment at the corner of the aluminum alloy portal
frame beam-column joint gradually increases, causing buckling failure of the outer flange
corner of the double groove connection, and is accompanied by an increase in the gap
between the aluminum alloy beam flanges.
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Figure 7. Failure modes from different angles.

3.2. Strain Curve

In order to investigate the variation law of the full section strain of aluminum alloy
beams and double groove connectors during vertical load loading, the loading cycle was
divided into five specimen joints, and the strain distribution status of each joint section was
extracted, as shown in Figure 8. Observing the strain graph curves at various time points,
the observations made are as follows:

(1) The cross-sectional strain distribution of aluminum alloy beams and channel steel con-
nectors of each specimen is basically consistent, which is due to the similar structural
forms and consistent loading methods of each joint specimen;

(2) The strain distribution of aluminum alloy beams is similar to that of composite I-
shaped sections under bending moment, showing a general pattern of larger strain on
the upper and lower flanges and smaller strain on the web;

(3) The maximum strain of the channel steel connection occurs at the junction of the
web and the upper and lower flanges, with the strain values of the upper and lower
flanges in the middle and the strain in the middle of the web being the smallest.

Figure 8. Cont.
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Figure 8. Schematic diagram of strain distribution.
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The strain distribution of aluminum alloy beams basically indicates that the specimen
mainly bears the action of bending moment under vertical load, and the position of strain 0
is not far below the center point of the section, indicating that the component simultaneously
bears the action of shear force, but the shear force is relatively small. By analyzing the strain
distribution pattern of double groove connectors, it can be concluded that the web of the
double groove connector is responsible for transmitting most of the bending moment, while
the flange transmits a small portion of the bending moment. Therefore, in joint design,
the thickness of the web plate of the double groove connection should be appropriately
increased.

3.3. Load–Displacement Curve

Based on the analysis factors of different bolt diameters and arch angles, the
load−displacement curves of the specimens were summarized and compared, as shown
in Figure 9. The load−displacement curve of aluminum alloy portal frame beam-column
joints under vertical load mainly includes three stages: elastic stage, yield stage, and
degradation stage. A detailed analysis of the load−displacement curves for different bolt
diameters and arch angles based on three stages is conducted.

Figure 9. Load−displacement curve.

The load−displacement curves of different diameters are shown in Figure 9a. In the
elastic stage, the load–displacement curves of different bolt diameters are basically consistent,
and the yield load is close to 50 kN. After entering the plastic stage, the load–displacement
curves of different diameters begin to show differences, meaning that the ultimate load first
increases and then decreases, and the ultimate displacement is basically the same. Among
them, the ultimate load is 52 kN for a diameter of 8 mm, 63 kN for a diameter of 12 mm,
and 58 kN for a diameter of 20 mm. This is because as the diameter of the bolt increases, the
shear-bearing capacity of the bolt group increases, resulting in an increase in the bearing
capacity of the specimen. But, when the bearing capacity of the bolt group is greater than
the bearing capacity of the net section of the rod, increasing the bolt diameter will not cause
an increase in the bearing capacity of the specimen, but will instead cause a decrease in the
net section area, leading to a downward trend in the bearing capacity of the specimen. In
the degradation stage, the downward trend observed in load–displacement curves with
different diameters is basically consistent, and the differences between the three curves are
the same as those in the plastic stage, so we will not elaborate on them here.

The load−displacement curves for different arch angles are summarized in Figure 9b.
When the arch angle increases from 90 degrees to 108 degrees, the load–displacement curve
basically matches in the elastic stage, and there is a slight difference between the plastic
stage and the degradation stage. When the arch angle increases to 126 degrees, there are
significant differences in the load–displacement curve in the elastic stage, yield joint, and
degradation stage, that is, the stiffness and ultimate bearing capacity of the specimen under
vertical load significantly increase, with an increase of 30% in ultimate bearing capacity
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and a decrease of 35% in ultimate displacement. The reason for the above phenomenon is
that when the arch angle increases to a certain extent, the force on the beam under vertical
load changes from mainly bending to compression bending. Axial pressure can improve
the bending performance of the beam to a certain extent, thereby reducing the vertical
displacement caused by bending moment.

4. Establishment of Numerical Models

4.1. Numerical Model

Based on the geometric symmetry of aluminum alloy portal frame beam-column joints,
a 1/2 joint model was established in ABAQUS with the cross-section of the center line
of the aluminum alloy I-beam web as the symmetry plane, as shown in Figure 10a. The
geometric dimensions of the numerical model are strictly consistent with the experimental
components, in order to verify the effectiveness of the model compared with the exper-
imental results. Each component adopts an eight-joint six-sided linear reduced integral
element (C3D8R element). The grid size of aluminum alloy beams and connectors is 5 mm,
the grid size of bolts is 2 mm, and the total number of grids in the node model is 65,000.
During the modeling process, aluminum alloy beams, double groove connectors, and bolts
will be divided into different component groups to facilitate model calculation and query
of later calculation results.

Figure 10. Joint numerical model.

The division of finite element mesh directly determines the accuracy and speed of
calculation. The mesh division of this model is shown in Figure 10b. According to the
structural and stress characteristics of the beam-column joints, the grid density should be
appropriately increased at the corners and bolt connections of the model, and relatively
small grid densities can be used for grid division at other positions, but it should be ensured
that no less than two segments of grid are divided along the thickness direction.

When conducting numerical simulations, the selection of material models will directly
determine the effectiveness of the calculation results. In the numerical model of beams
and columns, there are mainly two types of materials, namely, aluminum alloy and steel.
Based on the results of material properties tests, the Ramberg–Osgood model was used
for aluminum alloy [22,23], and the double-line model was used for steel, as shown in
Figure 11.

According to the loading scheme and constraint conditions of the test specimen,
the boundary conditions of this model mainly include three aspects, namely, fixed end
constraints, symmetric constraints, and contact settings [24]. The fixed end constraint is
consistent with the experiment, that is, a consolidation constraint is set at the bottom of
the column component of the beam-column joint specimen to constrain the displacement
and rotation of the column bottom, as shown in Figure 12a. According to the geometric
symmetry of the joint specimen, symmetric constraints are set on the central section of the
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web, as shown in Figure 12b. Relative sliding occurs between different components of the
specimen, so it is necessary to set up a “limited slip” contact. The bolt rod and bolt hole
wall only need to be set up with a normal “hard contact”, while other contacts need to
consider friction, that is, set a tangential “Coulomb friction” with a friction coefficient of
0.3. The coupling point is set at the center of the section at the loading end, which is used
to apply the load, as shown in Figure 12c.

Figure 11. Material models.

Figure 12. Boundary conditions.

4.2. Model Validation

To verify the effectiveness of the numerical model, test specimens SJ-1 and SJ-5 were
simulated, and the comparison of load–displacement curves is shown in Figure 13. From
this figure, it can be seen that the load–displacement curves of the experiment and numerical
simulation are relatively consistent, especially the variation law of the second type curve is
basically consistent. The ultimate loads and displacements for experiments and numerical
simulations are listed in Table 3. The comparison results show that the ultimate load
error between the experiment and numerical simulation is only 4.77%, and the ultimate
displacement error is only 4.01%. Obviously, this type of numerical model can be used for
parameter analysis of aluminum alloy portal frame beam-column joints.

Table 3. Comparison of test and numerical simulation results.

Specimen Type
Displacement

(mm)
Load
(kN)

SJ-1
Test 72.8 53.40
FEA 72.8 58.17

SJ-5
Test 48.6 71.60
FEA 48.6 67.59

Error 4.77% 4.01%
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Figure 13. Comparison of load–displacement curves.

5. Parameterized Analysis of Numerical Simulation

5.1. Basic Model Parameters

Before conducting numerical simulation parameter analysis, the basic model informa-
tion will be introduced, and subsequent models will adjust the response parameters based
on the different analysis parameters of the basic model. The cross-sectional dimensions
of the H-type aluminum alloy rod in the basic model are H200 × 100 × 8 × 10, the cross-
sectional dimensions of the groove type connector are 2C180 × 46 × 5 × 10, the arch angle
is 96 degrees, the bolt grade is 10.9, and the bolt diameter is 20 mm. The H-type aluminum
alloy rod is made of 6061-T6 aluminum alloy (from China) profile, and the channel steel
connector is made of Q235 steel (from China). On the basis of the basic model, a numerical
analysis model is established for different bolt diameters, arch angles, and thickness of
groove connectors, in order to analyze the influence of these factors on the mechanical
properties of aluminum alloy portal frame beam-column joints. In the basic model, the
load forms are divided into three types, namely, vertical concentrated force and horizontal
concentrated force, which are used to analyze the force characteristics and deformation
mechanism of this type of joint under the action of out-of-plane vertical load and in-plane
horizontal load.

5.2. Mechanical Properties under Vertical Loads

The mechanical performance of aluminum alloy portal frame beam-column joints
under vertical load was studied through experiments with different bolt diameters and
arch angles. Here, numerical simulation was used to supplement and analyze the influence
of arch angle and channel steel wall thickness on the vertical performance of this type of
joint. The vertical load–displacement curves for different arch angles and channel steel
wall thicknesses are summarized in Figure 14 and Tables 4 and 5:

(1) As the arch angle increases (from 96 degrees to 136 degrees), there is no obvious
change in yield displacement and ultimate displacement, and the change ampli-
tude is small. The yield load and ultimate load gradually increase (2.04 times and
1.90 times, respectively), and the failure characteristics gradually change from groove
type connection failure to H-type aluminum alloy rod failure;

(2) As the wall thickness of the groove type connector increases from 4 mm to 14 mm, the
yield displacement and yield load increase by 2.44 and 3.96 times, respectively, and the
ultimate displacement and ultimate load increase by 1.8 and 2.46 times, respectively.
The failure characteristic changes from the groove type connector failure to the H-type
aluminum alloy rod failure;
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(3) As the arch angle increases, there is a gradual increase in vertical bearing capacity of
beam-column joints. As the wall thickness of groove connectors increases, the increase
in vertical bearing capacity of beam-column joints is gradually reduced.

Figure 14. Vertical load–displacement curve.

Table 4. Key results of different arch angles under vertical loads.

Arch Angle
(◦)

Yield
Displacement

(mm)

Yield Load
(kN)

Failure
Characteristics

Failure
Displacement

(mm)

Failure Load
(kN)

96 8.38 5.94 Connector 48.38 26.10
106 8.21 7.47 Connector 45.71 24.53
112 8.81 8.67 Connector 44.15 27.07
118 8.21 8.94 Beam 48.85 29.25
124 7.25 9.75 Beam 48.65 33.10
130 8.21 11.98 Beam 44.21 36.10
136 7.25 12.13 Beam 46.65 40.14

Table 5. Key results of wall thickness of different connections under vertical load.

Thickness
(mm)

Yield
Displacement

(mm)

Yield Load
(kN)

Failure
Characteristics

Failure
Displacement

(mm)

Failure Load
(kN)

4 4.60 3.02 Connector 30.50 14.67
6 5.28 4.00 Connector 39.71 24.53
8 6.31 5.21 Connector 46.59 19.16

10 8.38 5.94 Beam 48.38 26.10
12 10.94 10.18 Beam 50.58 28.48
14 11.21 11.98 Beam 54.21 36.10

The yield stress state and ultimate stress state of aluminum alloy portal frame beam-
column joints under vertical load at different arch angles are shown in Figure 15. When
the beam-column joint begins to yield, as the arch angle increases, the stress of the H-type
aluminum alloy rod gradually increases, and the stress of the bolt changes without obvious
regularity. The stress of the groove type connection remains basically unchanged. When the
beam-column joint reaches the limit state, with an increase in the arch angle, the stress of
the H-type aluminum alloy beam and the groove connection remains basically unchanged,
and the stress change in the bolts shows no obvious pattern.
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Figure 15. Stress bar chart of different arch angles under vertical load.

The yield stress state and ultimate stress state of aluminum alloy portal frame beam-
column joints under vertical load are shown in Figure 16, when the wall thickness of
different groove connectors is different. As the wall thickness of the groove type connector
increases, the stress of the H-type aluminum alloy rod gradually increases when the
aluminum alloy portal frame beam-column joint yields. The stress of the groove type
connector remains unchanged, and the stress of the bolt significantly increases. As the wall
thickness of the groove type connector increases, when the beam-column joint reaches the
limit state, the stress of the H-type aluminum alloy rod remains unchanged. The stress of
the groove type connector has no obvious change pattern, and the change amplitude is
small, and the stress of the bolt shows a trend of increasing first and then decreasing.

Figure 16. Stress bar chart of different thicknesses of connectors under vertical load.

5.3. Mechanical Properties under Horizontal Loads

In aluminum alloy portal frames, beam-column joints mainly bear vertical and hori-
zontal loads. The mechanical performance of this type of joint under vertical load has been
previously explored, and now, we are conducting research on its mechanical performance
under horizontal load. The influence of different bolt diameters, arch angles, and wall
thicknesses of groove connectors on the load-bearing performance of aluminum alloy
portal frame beam-column joints under horizontal load are summarized in Figure 17 and
Tables 6–8. Through analysis, the conclusions drawn are as follows:

(1) Under horizontal load, as the bolt diameter increases, there is no significant change
in the yield load, yield displacement, ultimate load, and ultimate displacement
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of the beam-column joint, and the change amplitude is minimal. This is because
when the bearing capacity of the bolt group is greater than the bearing capacity of
the member section, increasing the bolt diameter does not enhance the horizontal
bearing performance.

(2) When the beam-column joint is subjected to horizontal load, as the arch angle in-
creases, the yield and ultimate displacement gradually increase (2.14 times and
2.78 times, respectively), and the yield and ultimate load gradually decrease (58%
and 48%, respectively). This is because as the arch angle increases, the axial force
generated by the horizontal load gradually decreases and the bending moment
gradually increases.

(3) The wall thickness of different groove connectors has little effect on the horizontal
load-bearing performance of aluminum alloy portal frame beam-column joints. For
instance, as the wall thickness changes, the load–displacement curves basically over-
lap, and the changes in yield displacement, yield load, ultimate displacement, and
ultimate load are minimal.

(4) Under horizontal loads, the failure mode of joints mainly manifests as beam failure
and connector failure under different bolt diameters, arch angles, and connection
wall thicknesses.

Figure 17. Horizontal load–displacement curve.
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Table 6. Key results of different bolt diameters under horizontal load.

Arch Angle
(◦)

Yield
Displacement

(mm)

Yield Load
(kN)

Failure
Characteristics

Failure
Displacement

(mm)

Failure Load
(kN)

96 6.15 18.22 Beam 19.21 39.56
106 6.22 18.91 Beam 19.03 39.58
112 6.76 19.30 Beam 20.61 40.32
118 6.25 22.76 Beam 19.15 39.62
124 5.76 21.40 Beam 20.61 40.33
130 6.51 23.77 Beam 19.78 39.55
136 6.74 24.65 Beam 20.37 40.29

Table 7. Key results of different arch angles under horizontal loads.

Arch Angle
(◦)

Yield
Displacement

(mm)

Yield Load
(kN)

Failure
Characteristics

Failure
Displacement

(mm)

Failure Load
(kN)

96 5.79 21.40 Beam 20.61 40.33
106 8.21 13.73 Beam 30.71 28.99
112 9.82 14.14 Beam 36.17 27.51
118 12.71 14.76 Beam 39.71 25.29
124 12.71 12.27 Beam 44.21 23.55
130 12.71 10.47 Beam 48.71 22.13
136 12.38 8.89 Beam 57.38 21.13

Table 8. Key results of wall thickness of different connections under horizontal load.

Thickness
(mm)

Yield
Displacement

(mm)

Yield Load
(kN)

Failure
Characteristics

Failure
Displacement

(mm)

Failure Load
(kN)

4 6.21 21.43 Connector 19.49 38.62
6 6.31 20.40 Connector 19.49 38.67
8 6.35 20.66 Connector 19.49 38.70

10 5.79 21.40 Beam 20.61 40.33
12 6.39 21.118 Beam 19.49 38.74
14 6.86 22.16 Beam 20.78 39.00

The yield and ultimate stress states of aluminum alloy portal frame beam-column
joints under horizontal load with different bolt diameters are shown in Figure 18. There
is no significant difference in the stress of H-type aluminum alloy rods at joint yield and
ultimate state, while the stress of bolts at joint yield and ultimate state decreases with an
increase in diameter. This is because an increase in bolt diameter will increase the stress
area of the bolt, thereby significantly reducing its stress.

The yield and ultimate stress states of aluminum alloy portal frame beam-column
joints under horizontal load at different arch angles are shown in Figure 19. As the arch
angle increases, the stress of the H-shaped aluminum alloy beam remains unchanged
during joint yielding and failure, the stress of the groove type connector increases first and
then remains unchanged, and the stress of the bolts shows a trend of increasing first and
then decreasing.
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Figure 18. Stress bar chart of different bolt diameters under horizontal load.

Figure 19. Stress bar chart of different arch angles under horizontal load.

When the wall thickness of the groove type connector changes, the yield and ultimate
stress state changes in the aluminum alloy portal frame beam-column joints under horizon-
tal load are shown in Figure 20. As the wall thickness of the groove connection increases,
the stress of the H-type aluminum alloy beam at joint yield gradually increases, but the
increase is relatively small. The stress of the groove type connector has no obvious change
pattern, and the change amplitude is relatively large when the joint yields, while the change
amplitude is relatively small when the joint fails. When the joint yields and fails, the stress
of the bolt increases with an increase in the wall thickness of the groove connection, and its
variation is significant.

Figure 20. Stress bar chart of different thicknesses of connectors under horizontal load.
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6. Joint Construction Design

6.1. Joint Construction Improvement

Through experiments and numerical analysis of aluminum alloy portal frame beam-
column joints, it can be concluded that the main failure feature of the joints is the failure of
the web plate at the intersection of the beam-column joints with the groove connectors, as
shown in Figure 21. For structures, the connection joints should not be damaged before the
components, so it is necessary to take strengthening measures for these types of joints.

Figure 21. Characteristics of joint structure failure.

According to the characteristics of the damage, structural strengthening measures such
as adding partitions can be adopted, as shown in Figure 22. This partition can effectively
improve the buckling resistance of the groove type connector’s web plate (out-of-plane),
while providing effective support for the flange of the groove type connector, thereby
comprehensively improving the load-bearing performance of aluminum alloy portal frame
beam-column joints.

Figure 22. Strengthening measures for joint.

6.2. Joint Design Method

In order to meet the structural design principle of “strong joints and weak members”,
the joint design should meet the principle of not damaging the joint before the component.
By analyzing the influence of different bolt diameters on the bearing performance of beam-
column joints under vertical and horizontal loads, it can be concluded that when the bearing
capacity of the bolt group is greater than that of aluminum alloy members, increasing the
bolt diameter has no effect on the bearing performance of the joint [25,26]. Therefore, the
bearing capacity of the bolt group only needs to be greater than that of the aluminum alloy
rod:

n min
[
dw fc · 2t,

π

2
d2 fv

]
≥ f An (1)

In the formula, n is the number of bolts, d is the diameter of the bolt, t is the thickness
of the H-type aluminum alloy rod, fc is the compressive strength of the aluminum alloy
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bolt connection, fv is the shear strength of the bolt, f is the design strength of the aluminum
alloy, and An is the net cross-sectional area of the H-type aluminum alloy rod.

The numerical simulation parameter analysis results for different wall thicknesses
of groove connectors indicate that their thickness has a significant impact on the vertical
bearing performance of beam-column joints, while their impact on the horizontal bearing
performance is relatively small. The bearing capacity of the groove type connector should be
greater than that of the H-type aluminum alloy rod. Therefore, the steel model of the groove
type connector should ensure that its design strength is greater than the corresponding
aluminum alloy rod, and the thicknesses of its web and flange should be greater than those
of the aluminum alloy rod [26,27].

7. Conclusions

The aluminum alloy portal frame beam-column joint was considered as the research
object, and experiments and numerical analysis were conducted to fully explore the me-
chanical performance of the joint under vertical and horizontal loads. The main conclusions
are as follows:

(1) The experimental results indicate that as the diameter of the bolt increases, the damage
situation at the bolt hole diameter of the specimen continues to improve, and the
degree of compression at the bolt hole wall gradually decreases. The failure mode
of beam-column joints does not change significantly with the change in arch angle,
that is, the change in arch angle has no effect on the failure form and location of
the specimen.

(2) The experimental results show that the load–displacement curve mainly consists of
three stages, namely, the elastic stage, yield stage, and degradation stage. In the elastic
stage, the load–displacement curves of different bolt diameters are basically consistent.
After entering the plastic stage, the ultimate load first increases and then decreases,
and the ultimate displacement is basically consistent.

(3) According to the experiment, there is no significant difference in the load–displacement
curve when the arch angle increases from 90 degrees to 108 degrees. When the arch
angle increases to 126 degrees, the stiffness and ultimate bearing capacity of the joint
under vertical load significantly increase.

(4) As the wall thickness of the groove type connector increases from 4 mm to 14 mm, the ver-
tical yield displacement and yield load increase by 2.44 and 3.96 times, respectively, and
the ultimate displacement and ultimate load increase by 1.8 and 2.46 times, respectively.

(5) Under horizontal load, as the diameter of the bolt increases, the yield load, yield
displacement, ultimate load, and ultimate displacement of the beam-column joint
show no significant changes, and the amplitude of changes is minimal.

(6) When the beam-column joint is subjected to horizontal loads, as the arch angle
increases, the yield and ultimate displacement increase by 2.14 times and 2.78 times,
respectively, and the yield and ultimate load decrease by 58% and 48%, respectively.

(7) The research results of this article can be used for the design of aluminum alloy portal
frames, and a series of studies on the mechanical performance of the overall portal
frame structure should be carried out in the future.
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Abstract: The Kerr foundation model simulates the interaction between piles and soil. Considering
the impact of lateral soil displacement on adjacent piles, the lateral displacement and bending
moment of the adjacent piles caused by shield tunnel excavation are calculated in detail. Additionally,
the reactions of groups of piles are obtained by focusing on the shielding effect of the piles on
the soil displacement caused by shield tunnel excavation. The validity of the solutions is verified
by comparing the calculated results with the boundary element program GEPAN. Additionally,
adjacent pile lateral displacement and bending moment are compared, with and without considering
lateral soil effects. Furthermore, this study investigates the influence of various factors, such as soil
spring stiffness, pile–tunnel distance, ground loss ratio, and pile diameter on the pile group’s lateral
displacement and bending moment. The research findings indicate that increasing the soil spring
stiffness or the horizontal distance between the pile and tunnel can reduce the lateral displacement
and the bending moment of the pile. On the other hand, as the ground loss ratio gradually increases,
the pile lateral displacement and bending moment will also increase. However, when the diameter of
the pile grows, the lateral displacement reduces, while the bending moment increases.

Keywords: tunnel–soil–pile interaction; Kerr foundation model; lateral soil displacements; shielding
effect; group piles

1. Introduction

In densely populated urban areas, metro tunnels are frequently constructed near
pre-existing pile foundations, which could adversely affect their safety and serviceability.
Tunnel excavations can relax ground pressure and cause soil movements. This can lead to
additional deformations and forces in neighboring piles [1]. These effects pose a significant
challenge to engineers involved in the design and construction of tunnels.

There are three main categories of methods used to investigate the effects of tunneling
on existing piles, which are field monitoring and centrifuge model tests, complete numeri-
cal analyses, and simplified two-stage procedures. Investigating tunnel-induced effects on
nearby ground and structures is often conducted using field monitoring, a straightforward
and reliable method. Boonyarak et al. [2] recorded various ground and pier responses
during tunnel driving. Based on these field observation data, they found that it is not
feasible to instrument a pile buried underground before tunneling. Alternatively, many
researchers have used centrifuge model tests to investigate pile behavior under various tun-
nel layouts and excavation procedures [3–9]. Additionally, a complete numerical analysis
is critical for evaluating the impacts of tunneling on adjacent ground and piles. The finite
element method is the most widely used for comprehensive numerical analysis. In previous
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studies [10–15], the pile–soil–tunnel system is treated as an integral unit, and the nonlinear
behavior of the soil was also simulated, as well as the complex construction sequence.

Researchers have dedicated significant efforts to experimental and numerical studies.
However, these methods necessitate extensive computational time or specialized equip-
ment. Thus, a simplified two-stage process was developed to provide preliminary design
engineers with a convenient reference. The first stage involves estimating free-field soil
movements caused by tunneling without the presence of piles, while in the second stage
these movements are imposed on the piles to calculate their response. Chen et al. [16] ana-
lyzed a single pile’s lateral and axial responses by combining the analytical soil movements
proposed by Loganathan [17] with a simplified boundary element method. Loganathan
et al. [18] investigated the behavior of a group of piles with various configurations and
subjected to ground movement induced by tunneling in the same way. Huang and col-
leagues [19] employed the Winkler foundation model in the second stage to simulate
pile–soil interactions and study the response of a passive pile group to tunneling. Mu and
coworkers [20] researched pile raft vertical and lateral responses to ground movements
resulting from tunnel excavation in layered soil. The Winkler foundation model has been
widely accepted due to its simple nature. However, it disregards the continuity and shear
characteristics of the adjacent soil layers. To address this issue, the Pasternak foundation
model was introduced [21]. This model adds a shear layer to the Winkler model, connecting
the adjacent spring elements. Zhang et al. [22] used the Pasternak model to study the lateral
response of single piles and group piles to tunneling. Furthermore, most current analytical
two-stage studies rely on the plane strain assumption. In practice, the soil movement
induced by tunneling varies within a specific range along the direction of tunnel excavation
and shows apparent 3D deformation. Zhang et al. [22] also considered the 3D effect of
lateral soil displacement in their work. Kerr [23] modified the Pasternak model by including
an upper spring layer, which prevents mathematical difficulties such as infinite reaction
pressures at the foundation’s edge and provides an extra boundary condition to restrict the
foundation. Zhang et al. [24] integrated a cavity contraction theory and the Kerr foundation
model to suggest an analytical solution for forecasting tunneling-induced distortions for a
single pile. In summary, studies based on the Kerr model and considering the lateral soil
displacement effect have yet to take place for the response of group piles to tunneling.

This paper uses the two-stage method and the Kerr foundation model to investigate
the deflections and internal forces of existing single piles and group piles caused by tunnel
excavation. The paper also considers the effect of lateral soil displacement near the pile
foundations. The computational results were compared with and without considering the
impact of lateral soil displacement adjacent to the piles. The validity of the solution was
verified by comparing the predicted results with the boundary element program GEPAN.
Finally, a parametric analysis was performed to analyze the effects of various factors on the
lateral displacement and bending moment of the group piles, including soil spring stiffness,
pile–tunnel distance, ground loss rate, and pile diameter.

2. Pile Response without Considering the Effects of Lateral Soil

2.1. Lateral Displacement of Soil

According to the linear elasticity theory, Loganathan et al. [17] proposed an analytical
solution to determine the vertical displacement of the adjacent soil free field caused by
shield tunnel excavation in 1998. The calculated results showed good agreement with
the measured values. Therefore, this paper employs the previously mentioned formulas
to determine the lateral displacement of the adjacent soil mass caused by shield tunnel
excavation. The following expression is used:

U(z) = −R2x0ε0e
−[

1.38x0
2

(H+R)2
+ 0.69z2

H2 ] ·
{

1

x2
0 + (z − H)2 − 4z(z + H)[

x2
0 + (z + H)2

]2 +
(3 − 4v)

x2
0 + (z + H)2

}
(1)
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where R is the radius of the shield tunnel, x0 is the lateral distance between the pile
foundation and tunnel center line, ε0 is the average loss rate of surrounding soil caused by
shield tunnel excavation, H is the burial depth of the tunnel axis, z is the vertical distance
from the ground surface, and v is the Poisson ratio of the soil.

2.2. Lateral Response Analysis of a Single Pile in Kerr Foundation

The Pasternak foundation model adds a variable elastic deformation coefficient to the
Kerr foundation model. In other words, the Kerr foundation model contains two spring
layers and one shear layer of soil, as shown in Figure 1. k, c, and g are the three parameters
corresponding to the Kerr foundation model. p(z), w(z), and w2(z) denote the additional
load resulting from shield tunnel excavation, the lateral displacement of the pile foundation,
and the shear layer of soil, respectively.

ck g

w zw z

p z

z

x

Figure 1. Pile–soil interaction model in Kerr’s foundation.

According to the pile–soil interaction model of the Kerr foundation, the following
assumptions are considered:

• The pile foundation is modeled as a cylindrical beam that rests on the Kerr foundation;
• The shear layer in the Kerr foundation model only experiences shear deformation;
• The pile foundation maintains constant contact with the foundation soil, with the two

exhibiting well-coordinated deformation at the interface;
• Lateral friction between the foundation and pile foundation is not accounted for.

The additional load p(z) generated by the excavation of a shield tunnel on a pile
foundation should also be satisfied as the following equation:

(
1 +

k
c

)
p(z)− g

c
d2 p(z)

dz2 = kU(z)− g
d2U(z)

dz2 (2)

in which c and k independently represent the stiffness of the first-layer and the second-layer
soil spring [25], whose relationship is assumed as c = nk; g is the shear layer’s stiffness; and
k and g can be calculated as [26]:

k =
0.65Es

D(1 − v2)

(
EsD4

EI

)1/12

(3)

g =
Est

6(1 + v)
(4)
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where t, Es, and ν characterize the thickness of the shear layer, the elastic modulus, and the
Poisson ratio of soil, respectively. D, E, and I denote the diameter of the pile foundation,
the elastic modulus, and the inertia moment of the pipeline. The term EI represents
flexural stiffness.

According to Equation (2), the additional load p(z) can be obtained by eliminating the
higher-order approximation term as

p(z) = η

[
nk

n+1
U(z)− n2g

(n + 1)2
d2U(z)

dz2

]
(5)

in which η is the correction coefficient of load, and its value range is 0.4~1.0. Assuming
that the pile on the Kerr foundation has a lateral displacement w(z) under the action of this
load, it can be written as

w(z) = w1(z) + w2(z) (6)

where w1(z) and w2(z) are the deformation of the spring and shear layer of the soil on the
right side. Supposing that the stress of the pile and shear layer on the left side, respectively,
are expressed as

q1(z) = cw1(z) = c[w(z)− w2(z)] (7)

q2(z) = kw1(z) (8)

Concerning the shear layer, there exists

q1(z) = −g
d2w2(z)

dz2 + kw2(z) (9)

In combination with Equations (7) and (9), we acquire

w(z) =
(

1 +
k
c

)
w2(z)− g

c
d2w2(z)

dz2 (10)

The governing equation of a pile foundation’s displacement caused by shield tunnel
excavation can be written as follows:

EI
d4w(z)

dz4 + q1(z)D = p(z)D (11)

Substituting Equations (9) and (10) into Equation (11), the following equation can
be gained:

EIg
Dc

d6w2(z)
dz6 − EI(c + k)

Dc
d4w2(z)

dz4 + g
d2w2(z)

dz2 − kw2(z) = −p(z) (12)

and Equation (12) can be given as the finite difference form:

α(w2)i+3 + β(w2)i+2 + χ(w2)i+1 + δ(w2)i + χ(w2)i−1 + β(w2)i−2 + α(w2)i−3 = −pi (13)

where

⎛
⎜⎜⎝

α
β
χ
δ

⎞
⎟⎟⎠ =

⎛
⎜⎜⎝

1 0 0 0
−6 −1 0 0
15 4 1 0
−20 −6 −2 −1

⎞
⎟⎟⎠ ·

⎛
⎜⎜⎜⎝

EIg
Dcl6

EI(c+k)
Dcl4

g
l2

k

⎞
⎟⎟⎟⎠, l= L/n refers to the length of the pile

foundation divided into n segments with length L, and i = 0, 1, 2, . . ., (n − 1), n. For brevity
of calculation, three virtual nodes are added at the top and end of the pile, corresponding
to nodes −3, −2, −1, n + 1, n + 2, and n + 3 in turn.
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Invoking the boundary conditions and eliminating the nodes above, the equation of a
single pile’s displacement can be solved as follows:

{W2} = {K}−1 · {P} (14)

in which
{W2} =

[
(w2)0, (w2)1, · · · , (w2)n−1, (w2)n

]T
{P} = [−p0,−p1, · · · ,−pn−1,−pn]

T

When there is no constraint at the top and tip of the pile foundation, the bending
moment Ms of the soil’s shear layer, the shear force Qp, and the bending moment Mp for
the exact position of the pile foundation are zero, that is

⎧⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎩

Mp0 = Mpn = −EI d2w(z)
dz2

∣∣∣
i=0,i=n

= 0

Ms0 = Msn = −EI d2w2(z)
dz2

∣∣∣
i=0,i=n

= 0

Qp0 = Qpn = −EI d3w2(z)
dz3

∣∣∣
i=0,i=n

= 0

(15)

in which ⎧⎨
⎩

d2w2(z)
dz2 =

(w2)i+1−2(w2)i+(w2)i−1
l2

d3w2(z)
dz3 =

(w2)i+2−2(w2)i+1+2(w2)i−1−(w2)i−2
2l3

Therefore, the lateral stiffness matrix of the pile K can be obtained as

K =

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

A1 A3 A6 2α
A2 A5 A7 β α
A4 A7 δ χ β α
α β χ δ χ β α

. . . . . . .

. . . . . . .

. . . . . . .
α β χ δ χ β α

α β χ δ A7 A4
α β A7 A5 A2

2α A6 A3 A1

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(16)

where A1 = δ+2χ+4β+8α, A2 = χ+2β+2α, A3 = −4β − 10α, A4 = β + 2α, A5 = δ − β,
A6= 2β + 2α, A7 = χ − α. After W2 is obtained, the pile foundation’s lateral displacement
can be worked out by associating with Equation (7).

2.3. Lateral Response Analysis of Group Piles in Kerr Foundation

Due to the shielding effect of pile foundations on the displacement of soil, not only the
influence of shield tunnel excavation on adjacent group piles should be considered but also
the mutual interaction between adjacent pile foundations. Figure 2 depicts a simplified
model diagram for calculating the influence of shield tunnel excavation on adjacent group
piles. x1 and x2 are the horizontal distance between two piles and the tunnel axis, as
shown in Figure 2, respectively, and s denotes the axial distance between pile I (front) and
pile II (back).
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Figure 2. Computational model for group piles adjacent to tunneling.

The lateral soil displacement caused by shield tunnel excavation at the position of
pile I is U1(z), which simultaneously results in the horizontal deflection of pile I, W1(z).
Therefore, the shielding displacement due to the shielding effect of pile I can be described
as ΔW1(z) = U1(z) − W1(z). According to the transfer coefficient of soil displacement
between piles proposed in the literature [27], the soil displacement caused by the shielding
effect of pile I at the position of pile II can be obtained:

U21(z) = ψ(s)ΔW1(z) = U1(z)− W1(z) (17)

where ψ(s) =

{ ln(rm)−ln(s)
ln(rm)−ln(r0)

, r0 ≤ s ≤ rm

0 , s > rm
. rm is the effective influence radius of the pile,

which can be expressed as rm = χ1χ2L(1 − v). Both χ1 and χ2 are the empirical coefficients.
In Kerr’s foundation, the additional load of pile II aroused from the shielding effect of pile
I on the soil is

p21(z) = η

[
nk

n + 1
U21(z)− n2g

(n + 1)2
d2U21(z)

dz2

]
(18)

Subsequently, the horizontal displacement W21(z) of pile II caused by the shielding
effect of pile I on soil can be recovered by substituting Equation (18) into Equations (10) and
(14). The horizontal displacement of pile i due to shielding tunnel excavation is expressed
as Wi(z). Wij(z) represents the horizontal displacement of pile i due to the shielding effect of
pile j on soil. The horizontal displacement Wii(z) of pile i under the joint influence of shield
tunnel excavation and adjacent piles is characterized as

Wii(z) = Wi(z) +
m

∑
j=1

Wji(z) (j �= i) (19)

3. Lateral Displacement of Pile Foundation Considering the Effect of Lateral Soil

3.1. Lateral Response Analysis of a Single Pile in the Kerr Foundation

As shown in Figure 3a, the additional loads generated by the shield tunnel excavation
not only act on the pile foundation but also significantly affect the soil next to the piles,
parallel to the tunnel axis. The soil surrounding the piles also affects the displacement of the
pile foundation, due to the inconsistent deformation of the ground and the pile foundation,
as shown in Figure 3b.
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 p z

c
k

g

 pTT

Figure 3. Influence of tunneling on the adjacent pile: (a) additional loads applied on the pile and soil,
(b) forces acting on the pile through the lateral shear layer of soil.

When the Kerr foundation model is adopted to analyze the influence of soil on a pile
foundation, fundamental assumptions are made about the following:

• The parameters of lateral soil parallel to the tunnel axis beside the pile foundation are
consistent with the foundation soil;

• The lateral forces on the pile are T1 and T2, which are transferred to both sides of the
pile through the shear layer of soil;

• The pile foundation is always in close contact with the soil next to the pile, and the
deformation of the pile foundation is consistent with that of the soil’s shear layer
around the pile on the Kerr foundation;

• The additional load caused by shield tunnel excavation acts on the pile foundation and
lateral soil in the meantime, supposing that the load’s influence range is wide enough.

For any plane z = z0, the governing equation of deformation for the soil’s shear layer
beside the pile under the action of additional load p is

p(y) = kU(y)− g
d2U(y)

dy2 (20)

where U(y) is the deformation of the soil’s shear layer around the pile along the y-axis
direction. When y ≥ D/2, the general solution of Equation (20) can be obtained as follows:

U(y) = C1e−
√

k/g(y−D/2) (21)

As shown in Figure 4, wu(z) is the particular solution of Equation (21) when y = y0.
The plane of y = y0 is outside the effective influence range of the pile foundation. Hence,
we can calculate Equation (20) as

U(z , y) = C1e−
√

k/g(y−D/2) + wu(z) (22)

Assuming that the pile foundation is always in contact with the soil adjacent to the
pile, the deformation of the shear layer of the soil around the pile, located at y = D/2,
is similar to the shear layer deformation (denoted as w2) of soil in the Kerr foundation.
Therefore, it can be solved by following the equation below:

C1 = U − wu = w2 − wu (23)

U(z, y) = [w2(z)− wu(z)]e−
√

k/g(y−D/2) + wu(z) (24)
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Figure 4. Deformation of the shear soil layer beside the pile.

Then, the force on the pile foundation can be expressed as

T1(z) = T2(z) = g
dU(z, y)

dy
= [wu(z)− w2(z)]

√
kg (25)

in which wu(z) is the deformation of the soil’s shear layer caused by the additional load on
the y = y0 plane due to shield tunnel excavation, and then the governing equation of wu(z)
can be obtained as

p(z) = η

[
nk

n + 1
wu(z)− n2g

(n + 1)2
d2wu(z)

dz2

]
(26)

The governing equation of a pile foundation’s deformation considering the influence
of soil besides the pile on the pile foundation can be written as follows:

EI
d4w(z)

dz4 + q1(z)D = 2T1(z) (27)

Substituting Equations (9), (10), and (25) into Equation (27) can generate the following
equations:

EI
2c

√
g
k

d6w2(z)
dz6 −

[
EI(c + k)

2c
√

gk

]
d4w2(z)

dz4 +

(
D
2

√
g
k

)
d2w2(z)

dz2 −
(

D
2

√
k
g
+ 1

)
w2(z) = −wu(z) (28)

In addition, Equation (28) can also be expressed using the finite difference form, as follows:

γ1(w2)i+3 + γ2(w2)i+2 + γ3(w2)i+1 + γ4(w2)i + γ3(w2)i−1 + γ2(w2)i−2 + γ1(w2)i−3 = −(wu)i (29)

and ⎛
⎜⎜⎝

γ1
γ2
γ3
γ4

⎞
⎟⎟⎠ =

⎛
⎜⎜⎝

1 0 0 0
−6 −1 0 0
15 4 1 0
−20 −6 −2 −1

⎞
⎟⎟⎠ ·

⎛
⎜⎜⎜⎜⎜⎜⎝

EI
2cl6

√
g
k

EI(c+k)
2c
√

gkl4

D
2l2

√
g
k

D
2

√
k
g + 1

⎞
⎟⎟⎟⎟⎟⎟⎠

(30)
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Based on the unconstrained boundary conditions at the top and tip of the pile founda-
tion and eliminating the nodes of −3, −2, −1 and n + 1, n + 2, n + 3, the governing equation
of a single pile can be given as

{W2} = {Ku}−1 · {−wu} (31)

where {−wu} =
[
(−wu)0, (−wu)1, . . . , (−wu)n−1, (−wu)n

]T, Ku denotes the lateral stiff-
ness matrix of the pile in the x-direction of soil, which can be expressed as

Ku =

⎡
⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎢⎣

B1 B3 B6 2γ1
B2 B5 B7 γ2 γ1
B4 B7 γ4 γ3 γ2 γ1
γ1 γ2 γ3 γ4 γ3 γ2 γ1

. . . . . . .

. . . . . . .

. . . . . . .
γ1 γ2 γ3 γ4 γ3 γ2 γ1

γ1 γ2 γ3 γ4 B7 B4
γ1 γ2 B7 B5 B2

2γ1 B6 B3 B1

⎤
⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎥⎦

(32)

in which B1 = γ4 + 2γ3 + 4γ2 + 8γ1, B2 = γ3 + 2γ2 + 2γ1, B3 = −4γ4 − 10γ1, B4 = γ2 + 2γ1,
B5 = γ4 − γ2, A6 = 2γ2 + 2γ1, A7 = γ3 − γ1. Meanwhile, the lateral deformation W2 of the
soil’s shear layer, considering the effect of soil beside the pile in the Kerr foundation model,
can be solved. The lateral displacement W of the pile foundation caused by shield tunnel
excavation can be obtained by combining with Equation (7).

3.2. Lateral Response Analysis of Group Piles in Kerr Foundation

As a result, the same procedure solution as in Section 2.2 can be adapted to work out
the lateral displacement of group piles in the Kerr foundation caused by shield tunnel
excavation, considering the effect of lateral soil, as follows:

Wii(z) = Wi(z) +
m

∑
j=1

Wji(z) (j �= i) (33)

4. Verifications of the Analytical Solution

The 3D boundary element program GEPAN, which considers the three-dimensional
effect of lateral soil in the solution process, was utilized to verify the accuracy of the method
proposed in this paper. Loganathan [18] simulated the impact of shield tunnel excavation
on the horizontal displacement of adjacent 2 × 2 group piles using the 3D boundary element
program GEPAN. The soil was assumed to be a homogeneous and isotropic elastic medium
with a constant soil strength of Cu = 60 kPa in the model above. The soil modulus was
Es = 24 MPa. Piles were cylindrical structures made of uniform, isotropic elastic material
with fixed elastic parameters. In the computer program GEPAN, a typical pile element
discretization established the pile model. Both the piles and the surrounding soil mass
deformed elastically, and the principle of superposition was applicable. Moreover, there
was no slip between the piles and the soil at the interface. The distance between the front
pile, the back pile, and the tunnel axis were 4.5 m and 6.9 m, respectively, as shown in
Figure 5. The axial distance between the two piles was s = 2.4 m. The remaining calculation
parameters related to the method in this paper are shown in Table 1.
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Figure 5. Calculation model of the influence of tunneling on group piles.

Table 1. Calculation parameters.

R (m) H (m) ε 0 (%) Es (MPa) υ Ep (MPa) D (m) L (m)

3 20 1 24 0.5 3 × 104 0.8 25

Figure 6 shows the lateral displacement of the soil at the center positions of the
front and back piles using the two-stage method. It is clear from the figure that the
maximum lateral displacement of the soil was reduced significantly as the horizontal
distance increased. Figures 7 and 8 show comparisons of lateral displacement and bending
moment of the front pile and the back pile obtained using the simplified calculation method
in this work with those from GEPAN [18] and the method in [22]. It can be seen that the
maximum lateral displacement and bending moment for the pile obtained using the three
calculation methods were located near the tunnel axis, both the front pile and the back
pile. The calculation results with and without considering the lateral soil were very similar
to those from GEPAN when using the method presented in this paper to calculate the
lateral displacement of adjacent group piles caused by shield tunnel excavation. What is
more, the results in this work were more accurate than those from Zhang [22], especially in
calculating the lateral displacement of the back pile. Moreover, the error in calculating the
bending moment of the front pile was significantly smaller than in the work of Zhang [22].
Consequently, what has been discussed above proves the accuracy of the method proposed
in this work.
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U D 

R H
v

Figure 6. Lateral displacement of soil at the center position of the pile.
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Figure 7. Comparison of results between the present method and others: (a) lateral displacement and
(b) bending moment of the front pile [18,22].
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Figure 8. Comparison of results between the present method and others: (a) lateral displacement and
(b) bending moment of the back pile [18,22].

5. Discussions

To analyze the impact of various factors on the deflection and bending moment of
group piles using the method proposed in this paper, the following example was taken for
analysis. The diameter R and the depth of the tunnel axis were 3 m and 20 m, respectively.
A ground loss ratio ε0 of 2.5% was considered. The soil’s elastic modulus and Poisson
ratio were 20 MPa and 0.3, respectively. The diameter D and the depth of the single pile
were 0.6 m and 25 m, respectively. The elastic modulus of the single pile was selected as
30 GPa. Assuming that there were two piles with unconstrained top and tip, the front pile
and back pile were located 5 m and 8 m from the tunnel axis, respectively. Moreover, the
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other parameters remained unchanged when analyzing a certain parameter’s influence on
the pile foundation’s vertical displacement in the following.

5.1. Influence of the Stiffness of Soil Spring

Figure 9 shows the lateral displacement and bending moment of the front pile with
different stiffnesses of soil spring c. This parameter represents the stiffness of the soil
spring between the shear layer and the pile in the Kerr foundation model. It can be seen
that the stiffness of soil spring c had a significant influence on the lateral displacement
of the adjacent pile. Both the lateral displacement and bending moment of the front pile
decreased with the increase in soil spring stiffness c, and the magnitude of the impact
also gradually decreased. Increasing the soil spring stiffness resulted in a more significant
reaction force for the Kerr foundation to the pile, reducing the front pile’s displacement
and bending moment.

c
c
c

c

zL

W D

E v
E

c
c
c

c

, M

z
L

E v
E

Figure 9. Variations of (a) lateral displacement and (b) bending moment of the front pile with different
stiffnesses of soil spring.

5.2. Influence of Pile–Tunnel Distance

Figure 10 shows the front pile’s lateral displacement and bending moment as the
distance between the front pile and the tunnel axis were increased from 5 m to 8 m, while
the pile spacing remained unchanged. The front pile’s maximum lateral displacement and
bending moment occurred at the centerline of the tunnel. As the distance between the
front pile and tunnel increased, the front pile’s maximum lateral displacement and bending
moment decreased. This happened because the lateral displacement of the soil decreased,
and the impact on the adjacent pile lessened.

5.3. Influence of the Ground Loss Ratio

Figure 11 illustrates the front pile’s lateral displacement and bending moment under
varying ground loss ratios ε0. The graph in Figure 11 shows that, as the ground loss ratio
increased from 0.5% to 2%, the front pile’s lateral displacement and bending moment
gradually increased. It is understandable that a higher ground loss ratio (ε0) results in more
significant lateral displacement of the soil, due to the excavation of the shield tunnel. This
displacement put more load on the adjacent pile, resulting in greater lateral displacement
and bending moment of the front pile.
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Figure 10. Variations of (a) lateral displacement and (b) bending moment of the front pile with
different distances between the pile and tunnel.
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Figure 11. Variations in the (a) lateral displacement and (b) bending moment of the front pile with
different ground losses.

5.4. Influence of Pile Diameter

The graph in Figure 12 illustrates how the front pile’s lateral displacement and bending
moment changed with different pile diameters. It is clear from the graph that changes in pile
diameter had a significant impact on both lateral displacement and bending moments of
the front pile. As the pile diameter D increased from 0.4 m to 1.0 m, the lateral displacement
decreased slowly, while the bending moment increased. This is because the flexural rigidity
EI increased with the diameter, leading to less deformation under the same load strength
due to soil displacement but also to an increase in bending moment.
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Figure 12. Variations in (a) lateral displacement and (b) bending moment of the front pile with
different pile diameters.

6. Conclusions

This paper proposed a simplified method for simulating the pile–soil interaction
caused by shield tunnel excavation. The process is based on the Kerr foundation model
with three parameters and considers the influence of lateral soil displacements beside the
pile. Theoretical solutions are presented to evaluate the effects of tunneling on the lateral
displacements and bending moments of a single pile and group piles.

The presented method was validated by comparing it with existing solutions obtained
from the boundary element program GEPAN. In addition, the proposed method was
used to calculate the displacements and bending moments of a single pile and group
piles induced by tunneling, while considering the effects of lateral soil displacements. A
parametric analysis was conducted to assess the influence of various factors, including the
stiffness of soil spring c, pile–tunnel distance, ground loss ratio ε0, and pile diameter D on
group piles’ deflection and bending moment.

After an in-depth discussion of the results, the following conclusions can be drawn:

• For a more accurate calculation of the bending moment of a pile during shield tun-
nel excavation, it is essential to consider the influence of lateral soil displacements
around the pile. Ignoring this influence can result in less accurate calculations. There-
fore, accounting for the impact of lateral soil around the pile is crucial for achieving
higher accuracy;

• The lateral displacement of the pile caused by tunnel excavation increases and then de-
creases with depth, with the maximum displacement and bending moment occurring
at the depth of the tunnel axis;

• Increasing soil spring stiffness or pile diameter reduces lateral displacement but
increases the bending moment;

• The pile’s lateral displacement and bending moment decrease with increasing pile–
tunnel distance, while they increase with an increase in the ground loss ratio.
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Abstract: The beam-only connected reinforced concrete shear wall (BRW) is used as a reinforcing
component to enhance the seismic performance of concrete-filled, double-skin steel tube (CFDST)
frames. The effects of the BRW on seismic risks of CFDST frames are investigated. Three performance
levels of limit states are defined and described according to the typical failure of test specimens and
the existing definition of current guidance. A simplified numerical model is calibrated for CFDST
frame-BRW structures, and test results validate it. Nonlinear dynamic analyses on a nine-story
CFDST-BRW building are performed to investigate the effects of BRW on reducing the seismic risk
of CFDST buildings. The results show that the BRW reduces the probability of collapse of the
CFDST frame to 2.76% in 50 years, which can effectively reduce the probability of different degrees
of damage in the service cycle of the structure. The results provide information for risk-informed
decision-making on the design of CFDST frame-BRW structures.

Keywords: concrete-filled double-skin steel tube; assembled beam-only connected reinforced concrete
shear walls; seismic risk reduction; performance-based seismic design

1. Introduction

The traditional concrete-filled steel tubular (CFST) frame structures rely on the con-
nection of CFST frame joints (finger beam-column joint) to achieve lateral resistance. Once
the CFST structure joints are damaged, they will collapse. Therefore, the frame-shear wall
structure system and seismic design method have gradually attracted attention. Many
researchers have conducted experimental, theoretical and numerical studies on the design
methods of different structures.

So far, many experimental and theoretical studies have been carried out on the per-
formance enhancement of CFST columns and frames. Wang [1] designed thin steel circu-
lar CFSTs. The specimens were tested, and their seismic performances were evaluated.
Skalomenos [2] proposed using the HFD method to guide the seismic assessment of CFST
frames. Gan [3] studied the mechanical properties of shear connectors in CFST frame struc-
tures. Lai [4] and Wang [5] used high-strength materials to improve the seismic capacities
of CFST frames. Bai [6] established a model of a CFST frame and verified the correctness
of the connection parts of the numerical model through experiments. Ren [7] and Jia [8]
studied the typical working relationships between energy dissipation devices, buckling
restrained braces, and CFST frames.

However, because the frame structure realizes the lateral resistance through the con-
nections of beam and column members, only one seismic defense is included, and the scope
of the application is limited. People gradually advocate using shear walls to improve the
performance of frame structures.
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For this reason, many shear wall types, frame connection methods, and seismic
theories have been proposed. Nie [9] suggested using a composite shear wall to strengthen
a CFST frame. The cooperative working relationship between the composite shear wall and
the CFST frame was deduced. Wang [10] conducted seismic performance tests on concrete-
filled steel tubular infilled walls. Guo [11] proposed a connection method between the CFST
frames and partially infilled walls and conducted experimental research on their seismic
performance. Hu [12] studied the cyclic performance of a CFDST frame strengthened by
a BSW. Bian [13] proposed an assembled structure composed of a new frame-shear wall
structure. Hu [14] proposed a fully precast CFSDT frame, which is only connected to
the BSW system. An SPSW with a beam-only connection for this system was presented.
Xu [15] proposed a precast CFST frame support system by using reinforced concrete
beams and a shaking table test. Skalomenos [16] studied different modeling methods
concerning the seismic vulnerability of CFST integral structures with or without rigid PZs.
The influence of varying modeling methods on the structural vulnerability was quantified.
Leon [17] proposed the concept of resilience of CFST composite structures and suggested
that the resilience design of systems under different levels of earthquakes can be realized by
determining the performance level indicators. Kamaris [18] provided a simplified seismic
design method for CFST structures. Ahmadi [19] established a vulnerability model of CFST
structures and calculated the failure probability of the structure under earthquake actions,
which was used as the risk data of structural performance-based design. Hu [20] assessed
the seismic risk of the CFDST frames. Six typical extreme performance levels of the CFDST
structure were determined. The models for the specimens were established. The seismic
responses of these models to seismic excitation were studied by nonlinear time history
analysis, and the limit capacity were determined by incremental dynamic analysis.

Although many different types of shear walls have been proposed, most of these shear
walls are connected to the frames with complete filling. The additional stresses by the shear
walls will directly act on the column, which are unfavorable to the seismic resistance of the
column. In addition, although there is already research foundations for CFST frame-shear
walls, there are almost no research reports on composite CFDST frame-shear walls. Based
on the above existing research, we propose a CFDST frame-BRW structure.

This study aims to define and describe three types of performance limit states ap-
plicable to this type of structure through the typical failure characteristics of frame-BRW
structures. Based on the test-validating method, the numerical analysis models of specific
composite frame-BRW structures are established. The regional representative seismic waves
are selected, and the nonlinear dynamic analysis of the nine-story structure is carried out.
Then, based on the theory of seismic risk assessment, a structural probability calculation
model is constructed to evaluate the seismic risk of the structure quantitatively. The results
will provide ideas and risk data for the performance-based seismic design of assembled
CFDST frame-BRW structures.

2. Cyclic Tests and Performance Limits

A total of two CFDST-BRW specimens were designed and tested. The BRW is the
reinforced concrete shear wall. There were two test specimens investigated in this test.

These specimens were scaled down to half and were fabricated using the prefabrication
method proposed in Ref. [20]. Details of these specimens are shown in Figure 1.

In the elastic stage, the CFDST frame and the BRW did not show obvious deformation.
The state changed when the story drift ratio (SDR) was close to 1.0%, and the experimental
curves showed an inflection point. Then, test specimens entered the elastic–plastic state.
The cracks occurred on the BRW at this stage, resulting in the nonlinear behaviors of the
test specimens. The specimens were significantly deformed as the SDR reached 3.0% and
entered the failure stage. The loading capacity of all CFDST frame-BRW specimens began
to degrade significantly, and the BRW gradually failed. The weld at the CFDST joint was
torn, the obvious buckling deformation occurred on the stiffener of the CFDST joint and
the plate at the beam flange, and the plate at the bottom of the column sustained local
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buckling. When the SDR reached 6.0%, the ultimate loading capacity of all specimens was
obviously degraded, and all of the BRW failed. The CFTSD joints and column bottoms
in the CFDST frame form obvious plastic hinges, and the structure was about to lose its
bending resistance and cause overall deformation. The envelop curves of the specimens
are shown in Figure 2.

  
(a) BF-BRW-1 (b) BF-BRW-2 

Figure 1. Test specimens.
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Figure 2. Envelop curves of the test specimens.

There are three typical mechanical phases.

(1) Stage I: from 0 to 1% drift. The CFDST frame-BRW structure can be approximately con-
sidered to be in the elastic stage. Although the BRW has small cracks, the deformation
has little effect on their structural performance.

(2) Stage II: from 1 to 3% drift. Many obvious cracks appeared on the BRW, and the bolt
connection between the BRW and CFDST frame was damaged to a certain extent.
Local buckling of column and beam flanges of the CFDST frames was obvious, and
the weld connections and flange plates near the high-strength bolts were torn.

(3) Stage III: from 3 to 6% drift. The BRW was obviously deformed, and it had basically
separated from the CFDST frame and lost its loading capacity. The steel beam plate
and high-strength bolts near the CFDST column were torn, and the CFDST frame
joints and the bottom of the column formed a plastic hinge, which has basically lost
its loading capacity.
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The American design codes FEMA 356 [21], HAZUS [22], and SEAOC [23] have not
defined the values of the limit state of the CFDST frame-BRW structure, and other design
codes have not provided relevant reference information. We used the maximum inter-story
drift ratio (ISDAmax) as the performance index to describe the limit state of the building
structure. Combined with the definition of the CFDST frame defined by Ref. [20], and the
meaning of the performance limits of the CFDST structure in FEMA 356 performance limit
of the CFDST frame-BRW structure is defined as follows.

(1) Immediate Occupancy (IO): the structure needs to be used immediately after the
earthquake. This stage is described for the CFDST frame-BRW structure, i.e., the
BRW has small cracks, the steel beam flange or web exhibits a slight yield or buckling
phenomenon, and no obvious fracture phenomenon is observed. The performance
limit is defined as 1.0%.

(2) Structural Damage (SD): the structural or nonstructural components may be seriously
damaged or partially collapsed, but the building still has a certain ability to resist
collapse, which can ensure that the structure will not collapse. For the CFDST frame-
BRW structure, this stage is described as follows. The BRW has many cracks, and the
concrete at the bolt connection between the BRW and CFDST frame exhibits spalling
phenomena. There are many steel plates yielding, buckling, or fracturing on the steel
beam near the column, but they do not completely fail, and some members have
obvious local buckling or plastic hinges. The performance limit is defined as 3.0%.

(3) Structural Damage (SD): the structure collapses due to its inability to withstand its
own gravity or insufficient lateral stiffness. For the CFDST frame-BRW structure,
this stage is described as follows. The BRW has basically separated from the CFDST
frame and has lost its loading capacity. The steel beam plate in the CFDST frame is
torn, the joint concrete is crushed, and the outer steel tube is severely buckled. The
performance limit is defined as 6.0%.

3. Numerical Model and Validation

3.1. CFDST Framework Numerical Model and Verification

Hu established the test-validated numerical model of the CFDST framework [20].
Based on this model, a nine-story CFDST frame-BRW was constructed, and the influence of
a BRW on the seismic risk of a nine-story CFDST frame was studied. A seismic risk assess-
ment was carried out. To ensure the integrity of the paper, the modeling and verification of
the CFDST frame structure are still explained.

3.1.1. CFDT Column, Steel Beam, and CFDST Joints

The CFDST frame structure model is established by using the OpenSees. Nonlinear ele-
ments are used to simulate the performances of CFDST columns and beams, and the CFDST
column filled with concrete uses the Concrete 02 material, while the steel tube and beam
use the Steel 02 material. The Kent–Scott–Park damage model is used for concrete materials
to simulate the hysteretic characteristics and material degradation properties accurately.

Three nonlinear spring elements, i.e., a horizontal KH, a vertical KV, and a rotating
Kθ, are used to simulate the CFDST joint model in Figure 3, and the mechanical behaviors
of the nonlinear springs used to simulate the CFDST joints and nonlinear springs are
simulated by the Zerolength element in OpenSees. In the numerical model, the model of
the horizontal spring corresponds to two nodes at the connection position of the beam and
column, and the modeling is achieved by maintaining the same horizontal displacement of
the two nodes.

According to the failure modes observed during the test, the local buckling and fracture
behavior of the steel beams occurred, resulting in strength and stiffness degradations
of CFDST joints. Therefore, a simple nonlinear model cannot accurately simulate the
mechanical behaviors of steel beams. An energy-based improved IK steel damage model
developed by Lignos [24] was selected to simulate the intricate mechanical behaviors of
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steel beams accurately. The model is based on the Ibarra–Krawinkler (IK) [24] and more
than 300 wide-flange steel beam tests.

K K K K

 
Figure 3. The PZ model of CFDST frame beam-to-column intermediate joints.

The monotonic curve model of the improved IK model was adopted, as shown in
Figure 4. The curve contains the yield moment (My), capping moment (Mc), residual
moment (Mr), yield rotation (θy), pre-capping plastic rotation (θp), post-capping plastic
rotation (θpc) and ultimate rotation capacity (θu). The strength and nonlinear deformation
values should be appropriately reduced since the specimen is subjected to a reciprocating
load. The values that need to be modified are shown as follows: (1) Mc is defined as
0.9 times the initial value but not less than My; (2) θp is determined to be 0.7 times the initial
value; (3) θpc is determined to be 0.5 times the initial value.

 
Figure 4. The monotone curve of the improved IK model.

According to the CFST frame-BRW structure test, The main failure behavior of the
beam is located near the column. An improved IK model simulates the degradation
behavior of steel beams by using a rotating spring. The vertical spring is modeled as being
fully elastic. Therefore, the steel beam is transformed into a bilinear strengthening model.

3.1.2. Panel Zone

This paper establishes the panel zone (PZ) model to simulate the nonlinear behaviors
of the CFDST joint panel. The PZ model should consider the influence of multiple factors,
such as concrete cracking, concrete crushing, and steel yield, and the model should be
based on the existing members of OpenSees.
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The three-linear shear deformation model established by Skalomenos [16] modeled
the PZ in the CFT column connection. In this idealized model, the total shear strength is
the sum of the strengths of the steel tube and the concrete in the panel under the same
deformation. To be sure of the shear yield strength and post-yield stiffness of the ideal
model, this study considers the performances of the joint zone of the CFT column-wide
flange beam bolted bending moment connection and the inner end plate and the CFT joint
of the through-beam [25]. The PZ model of CFDST column joints is established, as shown
in Figure 3. A rotating spring between the beam–column represents the relative rotation.
The rotating spring is modeled by the Zerolength element. Two stiffness bar elements are
used to simulate the relative rotation between the two motions of beams and columns and
are modeled by stiffness-link elements. The rotational spring represents the mechanical
behaviors of the joint, including rotational stiffness and shear capacity. Therefore, it is
essential to model the stiffness and shear capacity of the spring and then simulate the
nonlinear behaviors of the PZ. By determining the stiffness and shear loading capacity of
the spring, the complex force relationship of the joint can be simplified into a functional
relationship of multiple line segments. Then, it can be simplified into a relatively simple
mathematical calculation problem.

The horizontal shear capacity of the PZ includes the shear contributions provided by
steel tube and concrete. The shear capacity Vu is the sum of the shear capacities of steel
tube and concrete:

Vu = Vs + Vc = Asv(
fy√

3
) + 1.99

√
f ′c Acv (1)

where Asv and Acv are the effective shear extents of the steel tube and concrete, respec-
tively, and fy and f ′c are the steel tube yield strength and the core concrete compressive
strength, respectively.

The core concrete is in a three-dimensional compressive stress state under the action
of gravity load. Figure 5 is the mechanical model of core concrete without considering the
internal and external steel pipes under gravity load.

Figure 5. The stress state of concrete filled in the CFDST column.

The functional relationship between the compressive strength of core concrete and the
standard strength of concrete is as follows:

f ′c = fc + kc(P +
2ζP0B
D
√

π
) (2)

ζ = 66.474(
t
B
)

2
+ 0.992

t
B
+ 0.416 (3)

where fc is the standard compressive strength of concrete, kc is the strength improvement
coefficient of concrete under lateral restraint, and ζ is the constraint reduction coefficient,
which can be calculated by Equation (3). P and P0 are the pressures caused by the outer
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and inner steel tubes, respectively. B and t are the width and thickness of the outer steel
tube, respectively, and D is the diameter of the inner steel tube.

Figure 6 shows the idealized trilinear model of the PZ of CFDST frame joints. The
yield point of the PZ is the yield point of the steel tube.

 
Figure 6. Trilinear model of the CFDST frame beam-column PZ.

The calculation of the shear deformation is shown as follows:

γy = κs1 × ( Vs1
Asv1×Gs

) = κs2 × ( Vs2
Asv2×Gs

)∂y
Vs1 + Vs2 = Vs

(4)

where κs1 and κs2 are the shear coefficients of the square and circular steel tubes, which
are equal to 1.2 and 10/9, respectively. Asv1 and Asv2 are the shear extents of the outer and
inner tubes, respectively. Gs is the shear modulus of the steel tube. When the shear force
of the PZ reaches 60% of the ultimate loading capacity Vu, the PZ yields. The inelastic
stiffness of the second stage K2 is 20% of the initial stiffness of the first stage K1. The
bending moment–rotation (M-θ) relationship of the rotating spring can be converted from
the shear-deformation relationship mentioned above.

The bending moment M and the rotation angle θ can be calculated by the following
formulas as:

M = V × B, Kθ = Kγ × B, θ = γ (5)

3.2. CFDST Frame-BRW Structure Numerical Model and Verification

In the CFDST frame-BRW structure, the BRW and CFDST frame are connected by
high-strength bolts. Therefore, many nonlinear behaviors are involved in seismic analysis.
Considering the use of classical finite element software ANSYS or ABAQUS to finely
model the CFDST frame-BRW structure, it will not only cause the numerical model to
be complicated and the calculation cost to be too high, but also may cause the numerical
model to be difficult to converge due to various nonlinearities. The simplified analysis
method is used to establish the numerical analysis model. The simplified method utilized in
Ref. [20] is used to model the CFDST framework. We recommend using two cross-arranged
nonlinear springs to consider the nonlinear behaviors of the BRW. The seismic performance
simulation analysis of the CFDST frame-BRW structure is still based on the OpenSees.

The two-node link element is used to simulate the nonlinear springs, and the hysteresis
parameters of the BRW are input through the Pinching04 material model. The length of the
two-node link element can be zero or nonzero. The element can simulate the deformation
of the structure with 1 to 6 degrees of freedom. The two-node link element used in this
paper only considers the axial deformation, that is, the contribution of the BRW to the
lateral stiffness of the CFDST frame-BRW structure is simulated by the axial deformation.
Pinching04 is a uniaxial material model defined by 39 parameters in Figure 7.
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i= ePdi,ePfi ,i=
j= eNdi,eNfi ,i=
a= rDispP·dmax ,rforceP f dmax
b= rDispN·dmin ,rforceN f dmin
c= dmax ,f dmax
d= dmin ,f dmin

e= * ,uforceP ePf3
f= * ,uforceN eNf3

Figure 7. Hysteresis model of Pinching04 material.

The element can characterize the deformation response of the structural member
under uniaxial tension-compression loads. They can also represent the loading capacity
and stiffness degradation behavior of the member under cyclic loading. The Pinching04
material model uses 16 parameters to define the skeleton curve of the members (ePf1,
ePd1, ePf2, ePd2, ePf3, ePd3, ePf4, ePd4, eNf1, eNd1, eNf2, eNd2, eNf3, eNd3, eNf4
and eNd4) and uses 6 parameters to define the hysteretic characteristics of the members
under a reciprocating load (uForceP, uForceN, rDispP, rDispN, rForceP and rForceN). The
loading capacity degradation behaviors of the member under cyclic loading is defined
by five parameters (gF1, gF2, gF3, gF4, and gF5). The unloading stiffness degradation
of the member is controlled by five parameters (gK1, gK2, gK3, gK4, and gKLim). The
loading stiffness degradation of the member is controlled by five parameters (gD1, gD2,
gD3, gD4, and gDLim). The maximum degradation degree of each cycle is limited by two
parameters (gE and dmgType). In addition, the Pinching04 material model can consider
positive and negative loadings, so the Bauschinger effect of the model can be considered.
For each loading direction, the skeleton curve can be defined by four parameters. Similarly,
each direction can also define the hysteretic parameters, loading capacity, and stiffness
degradation parameters. Because the Pinching04 material model contains many parameters,
it can simulate the hysteretic behavior of complex structures under an earthquake.

Figure 8 is a geometric transformation relationship between the load–displacement
curve of the element and the load–displacement curve of the BRW, including the force and
displacement borne by the element:

F′ = F/2 cos θ (6)

Δ′
w = Δw · cos θ (7)

where F and F′ are the horizontal forces borne by the wall and the axial force borne by a
two-node link element, respectively; Δw and Δw

′ are the horizontal displacements of the
BRW and the axial deformation of a two-node link element, respectively; θ is the angle
between the two-node link element and the steel beam and represents the angle between
the force and deformation direction of the two-node link and the horizontal direction.
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Figure 8. Relationship between the force and deformation.

After selecting the element and material model of the simulated BRW, it is necessary
to ensure the parameters in the material model, in which the skeleton curve is related to the
loading capacity and deformation capacity of the BRW. To match the Pinching04 material
model, this paper recommends a fivefold line model for the skeleton curve of the BRW
connected to the beam end. There are four key points and five stages in Figure 9. The
stage is known as the elastic stage, in which the BRW concrete does not crack, and the
high-strength bolted connection between the BRW and the CFDST frame is not torn.

P
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Figure 9. Definition of the skeleton curve for the BRW.

The loading capacity Py and the displacement Dy at point A are defined as the loading
capacity corresponding to the cracking of concrete in the BRW, and the displacement is
the ratio of the loading capacity to the elastic lateral stiffness of the BRW. Because the test
model involves the initial defects of the BRW, the uncertainty of the material properties, and
the bolt connection between the BRW and the CFDST frame, the ideal state theory cannot
sufficiently reflect the stress state of the CFDST frame-BRW structure. To this end, this
paper draws on the simplified processing method adopted by the energy-based improved
IK damage model proposed by Lignos [26]. It uses the test data to determine the skeleton
curve’s loading capacity and deformation parameters, represented by a simple constant
coefficient. According to the analysis of the results of the two test models, the following
key points are defined.
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(1) Point A is defined as follows, i.e., the loading capacity Py of the BRW is 0.59 times the
peak loading capacity Pu1 of the BRW. The SDR is 0.6%, that is, the displacement is
9.0 mm.

(2) Point B is defined as follows, i.e., the peak loading capacity Pu1 of the BRW is calcu-
lated according to the simplified calculation method. The SDR of the BRW is 1.3%,
and the displacement is 19.5 mm.

(3) Point C is defined as follows, i.e., the loading capacity Pu2 of the BRW is 0.75 times
(BF-BRW-1) and 0.85 times (BF-BRW-2) of the peak loading capacity Pu1 of the BRW,
and the SDRs are 2.6% (BF-BRW-1) and 3.3% (BF-BRW-2), that is, the displacements
are 39.0 mm (BF-BRW-1) and 49.5 mm (BF-BRW-2), respectively.

(4) Point D is defined as follows, i.e., the loading capacity Pm of the BRW is 0.27 times that
of the peak loading capacity Pu1 of the BRW. The SDR is 5.7%, that is, the displacement
is 85.5 mm.

When the skeleton curve parameters of the BRW are determined, the skeleton curve
parameters of the BRW are converted into the skeleton curve parameters of the two-node
link element according to Equations (8) and (9) and are input into the simplified model
of the structure to realize the simulation analysis of the test model. Among them, ePf1,
ePf2, ePf3, and ePf4 correspond to the forces at points A, B, C, and D after the geometric
relationship is transformed; ePd1, ePd2, ePd3, and ePd4 correspond to the displacements
at points A, B, C and D after geometric transformation, respectively.

λj =
Pi

max
P1

max
(8)

Ki =

2
∑

j=1
Pi

j

2
∑

j=1
Δi

j

(9)

where Pi
max represents the peak load of the specimen under the ith reciprocating load; P1

max
denotes the peak load of the specimen in the 1st loading stage; Ki is the secant stiffness of
the test specimen in the ith loading stage; Pi

j indicates the peak load capacity of the test
specimen in the jth direction (forward loading and reverse loading) when the ith level is
loaded; and Δi

j indicates the displacement corresponding to the peak loading capacity of
the specimen in the j direction when the ith stage is loaded.

In addition to the forces and displacements at points A, B, C, and D, the hysteretic
parameters, loading capacity, and stiffness degradation parameters of the two-node link
element need to be determined. Analysis of the hysteretic curves measured in the test,
the hysteretic parameters, loading capacity, and stiffness degradation parameters of the
two-node link element can be obtained as follows.

For the BRW, the hysteretic parameters are uForceP = 0.2, uForceN = 0.2,
rDispP = 0.8, rDispN = 0.8, rForceP = 0.95 and rForceN = 0.95, the loading capacity
degradation parameters are gF1 = 0.0, gF2 = 0.0, gF3 = 0.0, gF4 = 0.0 and gF5 = 0.0,
and the unloading stiffness degradation parameters are gK1 = 0.0, gK2 = 0.0, gK3 = 0.0,
gK4 = 0.0 and gKLim = 0.0. The loading stiffness degradation parameters gD1 = 0.0,
gD2 = 0.0, gD3 = 0.0, gD4 = 0.0 and gDLim = 0.0, the maximum degradation gE = 10.0 and
dmgType = Energy.

The above parameters are input into the numerical analysis model, and the CFDST
frame-BRW structure is numerically simulated and analyzed. The two CFDST frame-BRW
structure tests completed are used to verify the numerical model as shown in Figure 10.

Since the CFDST frame connection and the BRW are represented by multiline segment
functions, the predicted hysteresis curves show the prominent line segment shape charac-
teristics. The simplified numerical model not only simulates the ultimate loading capacity
of the test model but also has high accuracy for the degradation behaviors of the stiffness
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and loading capacity of the test model under cyclic loading. This shows that the model
can accurately predict the seismic performances of the CFDST frame-BRW structure. In
addition, compared with traditional finite element analysis software, such as ANSYS and
ABAQUS, the calculation time of a single model using the simplified analysis method is
less than 5 min, the calculation efficiency is high, and the convergence is good. Therefore,
this method can be considered as an effective numerical method for seismic analysis and
dynamic calculation of CFDST frame-BRW structures.

P
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Figure 10. Comparison of FEM and test results.

4. CFDST Frame-BRW for Seismic Risk Assessment

The earthquake risk assessment theory includes the following step: (1) collect ground
motion data; (2) dynamically analyze the target building and obtain its response; (3) mea-
sure the structural performance and determine the degree of damage; (4) establish a
vulnerability curve; and (5) calculate the seismic risk and make design decisions.

According to Ref. [20], the probability of the limit state in the seismic risk assessment
generated the following formula:

P[LSi] ≈ (k0mR
−k) exp[(kβR)

2/2] (10)

where P[LSi] is the occurring probability of each limit state in seismic evaluation; LSi
is the ith performance limit state of the structure; k and k0 are the shape parameter and
proportional parameter of the seismic hazard curve, respectively; and mR βR are the median
and logarithmic standard deviation of seismic demand, respectively.

5. Earthquake Ground Motions

The seismic load and structural resistance of existing buildings are uncertain. The
uncertainty of the seismic demand is dominant in the overall response. Therefore, The
parameters of the numerical model are constants such as the yield stress and modulus. As
China’s earthquake disaster map and regional representative seismic wave selection are
still in the research and development stage, this paper takes the Los Angeles area of the US
as an example and selects 40 ground motions. These ground motions are representative
ground motions set by the SAC project [22] for the Los Angeles (LA) area for seismic risk
analysis of steel building structures on site. These records represent two risk levels: the
excess probability within 50 years is 10% (la01-20) and 2% (la21-40), each group containing
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20 ground motions. The response spectrum of ground motions la01 to la40 in Figure 11
represents two seismic risk levels in the Los Angeles area.

  
(a) la01-20 (b) la21-40 

Figure 11. Response spectra in the Los Angeles region.

6. Seismic Risk Assessment of CFDST-BRW Structure

6.1. Prototype Structures

In this paper, the nine-story CFDST frame designed in Ref. [20] is used as the base
model of the CFDST frame-BRW structure, as shown in Figure 12. For the CFDST frame-
BRW structure, only a BRW is filled in the middle span, and the width of CFDST-BRW
model is 3 m. The specific parameters are in Table 1.

 
Figure 12. Schematic diagram of the CFDST frame-BRW structure.

Table 1. First-order natural vibration period of the BRW model.

Type Size T1 (s)

CFDST
-BRW

The thickness of reinforced concrete is 120 mm, and the spacing
between steel bars is 206.130 mm. It is distributed in two layers

along the thickness direction of the plate. The diameter of the steel
bars is 10 mm. The thickness of the protective layer is 20 mm

1.415
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The gravity load adopts the analysis example of Skalomenos [16], which is assumed to
be G + 0.3Q = 27.5 kN/m. The yield strength of the CFDST column and the steel strength in
the BRW is 275 MPa. The compressive strength of concrete and filled concrete in the BRW
is 20 Mpa.

6.2. Probabilistic Seismic Demands

The nonlinear dynamic analysis is carried out to establish the numerical analysis
model. The selected representative seismic waves (la01-la40) are input into the model
one by one according to 10%/50 year and 2%/50 year groups, and the seismic demand
results of the model can be obtained. The ISDAmax is used as a parameter to evaluate the
structural performance.

The functional relationship between the ISDAmax of each floor and the spectral acceler-
ation Sa (T1) [27] of the CFDST frame-BRW model obtained by nonlinear dynamic analysis
is recorded as follows:

θmax = asb
aε (11)

where ε is a random variable; θmax is the ISDAmax obtained by NTHA; a and b are constants;
Sa is the spectral acceleration corresponding to the first natural vibration period of the
structure when the damping ratio is 5%.

6.3. Probabilistic Seismic Demands

The seismic vulnerability curve is the main part of structural seismic risk assessment,
representing the functional relationship between the maximum dynamic response of the
structure under an earthquake and the intensity of ground motion. The incremental dy-
namic analysis (IDA) of the CFDST frame-BRW is carried out using the selected seismic
waves. Then, the curve relationship between the ground motion intensity and the dy-
namic response of each model is obtained. To reduce the calculation amount of dynamic
analysis, each ground motion gradually increases the input ground motion intensity at
a multiple of 100 gal and is gradually applied to the structure to record the relationship
between the ISDAmax and the input seismic intensity. The median value mC of the seismic
demand of the three structural models under different performance states is obtained by
counting these IDA curves. In addition, the seismic vulnerability curve also considers
many uncertain factors, including the uncertainty of earthquakes, the uncertainty of struc-
tures, and the uncertainty of modeling, which correspond to the logarithmic standard
deviations, including βC for the uncertainty of earthquakes, βSC for the uncertainty of
structures and βu for the uncertainty of modeling; βSC can be combined with βu to form
βC =

√
βSC

2 + βu2. It is called the logarithmic standard deviation, corresponding to the
uncertainty of seismic demand.

According to these median values and uncertainty parameters, the seismic vulnerabil-
ity of each model to various performance states can be calculated by:

P[LSi|Sa = x] = Φ[
(ln axb/mC)√

β2
C + β2

D

] (12)

where the demand uncertainty βD is determined by the dynamic response of a series of
ground motions, which is equal to σlnε; mC is the median of earthquake demand obtained
by IDA; and βC is the logarithmic standard deviation of the earthquake demand group.

The seismic vulnerability of the CFDST frame-BRW model calculated in this paper
only considers the influence of seismic uncertainty. It does not consider the impact of
other uncertain factors, such as structural uncertainty and modeling uncertainty. These
uncertainties need to be completed by carrying out many random numerical analyses. The
authors will study the influence of the BRW on the seismic risk of CFDST frames. Therefore,
only the uncertainty factors of earthquakes that have the greatest impact on them are
selected. In the future, the authors will further study the seismic vulnerability and seismic
risk of CFDST structures under multiple uncertainties and other damping structures [28].
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Because multiple uncertainties are essential for accurately assessing structures’ seismic risk,
many studies have discussed this issue [29–38].

The CFDST-BRW model’s seismic vulnerability is calculated using Equation (12).
The fragility curves corresponding to each limit state in Figure 13 and the corresponding
fragility parameters are shown in Table 2.

S T  S T  S T  

S T  S T  S T  
Figure 13. Fragility curves of the models associated with the LA ensemble.

Table 2. Fragility parameters for the models in the Los Angeles region.

Model
Earthquake
Grouping

mIO mSD mCP βR

CFDST-BRW
10%/50 year 0.224 0.390 1.021 0.382
2%/50 year 0.208 0.377 0.983 0.391

6.4. Probability Estimation of Annual Performance Limits

The HAZUS software released by the USGS of the US Geological Survey was used
to calculate the seismic disaster parameters of the model in the Los Angeles area of
10%/50 year and 2%/50 year earthquakes, as shown in Table 3. According to these
earthquake disaster parameters, the shape parameter k and the proportional parameter k0
of CFDST frame-BRW structures in Los Angeles can be obtained. The shape parameter
k of the CFDST frame-BRW structure in this area is not largely different from the shape
parameter k of the CFDST frame. The shape parameter k and the proportional parameter k0
of the model are brought into the seismic risk function, and the seismic disaster curve of the
model can be obtained, as shown in Figure 14. The annual average occurrence probability
of the CFDST frame-BRW model can be calculated by convolution calculation of the seismic
risk function and seismic vulnerability function. The results are shown in Table 4.

Table 3. Seismic hazard parameters for the Los Angeles region.

Model T1
Sa (T1) (g)

k k0 (×10−4)
10%/50 year 2%/50 year

CFDST-BRW 1.415 0.522 0.785 4.051 1.489
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Figure 14. Seismic hazard curves for Los Angeles.

Table 4. Annual probability of limit state occurrence for the models in Los Angeles.

Structural Model Seismic Category
P [LSi] (×10−3)

IO SD CP

CFDST-BRW
10%/50 year 211.37 22.36 0.45
2%/50 year 302.14 27.16 0.56

As shown in Figure 15, combined with Ref. [20], the BRW reduces the annual probabil-
ity and collapse probability of the CFDST frame structure to achieve various performance
states within the service life of 50 years. The BRW reduces the annual failure probability and
50-year collapse probability of the CFDST frame to a reasonable extent. The BRW reduces
the 50-year collapse probability of the CFDST frame to 2.76%, significantly reducing the
CFDST frame’s collapse probability. The BRWs can effectively reduce the probability of
different degrees of damage to the structure during the service life.

  
(a) Annual probability of occurrence (b) The probability of collapse occurring in 50 years 

Figure 15. Seismic risk probability of the CFDST frame shear wall model.

7. Conclusions

The seismic risk assessment of a nine-story CFDST frame-BRW structure was carried
out to study the BRW on the seismic risk of the CFDST frame. The purpose was to calculate
the exceedance probability of this kind of structure to reach various performance limit
states during the design life period (usually 50 years). The ground motion obtained by the
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SAC project represented the uncertainty of seismic demand. The following conclusions can
be drawn.

1. Based on the unified theory, the model considered the mechanical properties of
concrete materials under a three-dimensional stress state under compression. A
simplified analysis model of a shear wall with beam-end connections of different
types of materials was established. The hysteretic characteristics of a BRW under
earthquake action were simulated by two nonlinear springs with Pinching04 material
properties. The correctness of the adopted simplified analysis model was verified by
the seismic performance test results of two CFDST frame-BRW structures.

2. A numerical analysis model of a nine-story CFDST frame-BRW structure was estab-
lished, and ground motion records were selected from the SAC project to describe the
seismic risks in the Los Angeles area of the US States, which were divided into two
risk levels of 2%/50 years and 10%/50 years. This model uses nonlinear time history
analysis and incremental dynamic analysis on the selected records.

3. The analysis model’s fragility curves were established using three determined perfor-
mance limits and structural responses. The annual probability of these three limits
and the probability of collapse within 50 years were determined by convoluting the
fragility with the seismic risk specified by the USGS.

4. The BRW reduced the probability of collapse of the CFDST frame to 2.76% in 50 years,
which indicates the proposed BRW could effectively reduce the probability of different
degrees of damage in the service cycle of the structure.
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Abstract: Based on a practical engineering case of seismic strengthening, this paper used the enlarging
cross-section method and an external self-centering substructure to improve the seismic performance
and seismic resilience of existing frame structures. Among them, the external self-centering substruc-
ture included setting a self-centering precast beam and diagonal braces. Utilizing the OpenSees finite
element platform, a seismic fragility analysis was carried out to compare the improvements in seismic
performance and seismic resilience before and after strengthening. The analysis results show that the
proposed modelling method could be simulated satisfactorily. The maximum inter-story drift and the
residual inter-story drift of the strengthened frame structures decreased significantly under the same
peak ground acceleration. The peak ground acceleration of the strengthened frame structures signifi-
cantly increased under different performance levels. Additionally, the exceedance probability of the
strengthened frame structures was obviously reduced, which reflected that the seismic performance
and seismic resilience of the strengthened frame structures were significantly improved.

Keywords: frame structures; seismic strengthening; numerical simulation; IDA; seismic fragility
analysis

1. Introduction

As economic development enters a new phase, the growth rate of infrastructure
construction is gradually slowing down. Besides, the number of new buildings is also
decreasing year by year due to limited urban land and space. A large number of early RC
frame structures exist in cities. Although they have not reached the end of their design
service life, there are still some potential problems. Firstly, it is difficult for early RC
multi-story frame structures to meet the requirements of the current Code for the Seismic
Design of Buildings (GB 50011-2010) [1] due to the rapid development of seismic technology.
Secondly, the function of the existing frame structures may be changed during their service
life. For example, some frame columns may be removed in order to open up large amounts
of space; this means the lateral stiffness of frame structures is greatly reduced, which then
presents a difficult problem for strengthening existing frame structures. Thirdly, early and
existing frame structures are demolished, and new frame structures are built, which incurs
high costs and other problems. In summary, the seismic strengthening of existing frame
structures has gradually become a prominent issue in research.

There are various strengthening methods [2–4], and a simple and common method
is the enlarging cross-section method. Existing frame structures can be strengthened by
increasing the size of the concrete cross-section and the amount of steel bars to improve
the lateral stiffness and bearing capacity. Additionally, the enlarging cross-section method
could effectively improve the seismic performance and collapse resistance of existing frame
structures under strong earthquakes [5,6]. However, the enlarging cross-section method has
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limited effects on reducing residual deformation. According to a performance-based seis-
mic design method, prestress was applied to steel strands so that its residual deformation
was reduced and its seismic resilience was increased, which was easy to repair after earth-
quakes [7]. In addition, the two ends of the steel strand were anchored to the cast-in-place
concrete, and the performance of the co-working was good. Priestley et al. [8,9] studied the
precast seismic structural systems (PRESSS) program and proposed a precast concrete frame
structure system with dry prestressed hybrid connection joints. Lu et al. [10,11] conducted
seismic performance tests on self-centering RC frame structures with beam–column joints
and column–base joints. It was found that the frame structures were almost undamaged
under extreme earthquake action, and the seismic performance and self-centering capacity
were excellent. Kurosawa et al. [12] used precast prestressed concrete frames to retrofit
existing RC frame structures, and found that precast frames had well-controlled cracking
and minimized residual deformation compared to integral RC frames. Eldin et al. [13] used
post-tensioned prestressed technology to retrofit existing frame structures, and the results
showed that the maximum inter-story drift and residual inter-story drift of strengthened
frame structures were significantly reduced. It could be seen that the use of prestressed
steel strands effectively enhanced the seismic performance and seismic resilience of the
frame structures.

In order to scientifically and reasonably evaluate the seismic performance and seismic
resilience of frame structures before and after strengthening, the seismic fragility analysis
has been developed [14]. The seismic fragility analysis, which quantitatively describes the
dynamic relationship between the peak ground acceleration and exceedance probability of
frame structures, plays an important role in global seismic risk assessment [15]. In addition,
the seismic fragility analysis is relatively easy to perform, and the results are relatively intu-
itive. More and more scholars have adopted the seismic fragility analysis to assess the seis-
mic performance and seismic resilience of structures in recent years. Ji et al. [16] proposed
a simple lumped-parameter model for the seismic fragility assessment of existing high-
rise buildings. Sarno et al. [17,18] conducted a seismic fragility analysis considering the
influence of reinforcement corrosion on existing RC frame structures. Kumar et al. [19,20]
considered the uncertainty in aleatory and epistemic sources, and evaluated the seismic
fragility of existing low-, medium-, and high-rise RC frame structures. Pitilakis et al. [21]
proposed a modular approach for a large-scale seismic fragility assessment of existing RC
frame structures, including soil–structure interactions and site amplification effects. Gau-
tam et al. [22] conducted a seismic fragility analysis of RC frame structures with structural
and non-structural components, and found that the global fragility function could be used
for overall loss estimation, but the component level fragility functions could be used to iden-
tify weak links in frame structures. Palagala et al. [23] proposed a quick seismic fragility
assessment technique for existing RC frame structures, providing qualitative and quantita-
tive assessments in a more engineered way. Dalal et al. [24] proposed a performance-based
plastic design method for a seismic fragility analysis of RC frame structures, and found that
the designed frame structure met three performance levels, namely immediate occupancy,
life safety and collapse prevention. Cao et al. [25] proposed a new strengthening method
for existing frames by using external substructures, and conducted incremental dynamic
analysis (IDA) and seismic fragility analysis. The results illustrated that the strengthened
RC frames had a higher bearing capacity and lower structural damage. It could be seen
that the seismic fragility analysis was a relatively effective method for evaluating RC frame
structures, and also contributed to achieving performance-based seismic design goals.

In brief, the finite element analysis was used to simulate the strengthened existing
frame structures. On this basis, the dynamic increment analysis and seismic fragility
analysis were conducted to evaluate its seismic performance and seismic resilience on a
pilot project. The analysis results could be used for performance-based design, and could
provide certain design recommendations.
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2. Basic Information of RC Frame Structures

The basic information of the RC frame structures was introduced before and after
seismic strengthening, including geometric dimensions, reinforcement layout, and load
layout, etc.

2.1. Frame KJ1

The pilot project of seismic strengthening was a four-storey RC frame structure (namely
frame KJ1), as shown in Figure 1. The total area of the frame KJ1 was approximately 1900 m2.
The length was 25.5 m in the east–west direction, and the width was 18.0 m in the north–
south direction. The total height of the frame KJ1 was 14.8 m, and the storey heights from
the ground floor to the top floor were 4.11 m, 3.30 m, 3.30 m and 4.09 m, respectively.
The RC frame structure was located in a seismic precautionary intensity of 8 degrees.
The site class was Class II. The design earthquake group was Group II. Additionally, the
characteristic period value was 0.4 s.

 
Figure 1. Scene photos of frame KJ1.

The structural plan layout of frame KJ1 and the cross-sectional dimensions of beams
and columns are depicted in Figure 2.

(a) (b) 

Figure 2. Cont.
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(c) 

Figure 2. Structural plan layout of frame KJ1. (a) Plan layout of the first to the third storey; (b) Plan
layout of the fourth storey; (c) Cross-sectional dimensions of beams and columns.

The plan layout of the line load on the beam, the floor dead load and the floor live
load is presented in Figure 3. The floor uniform load was marked at the center of the
floor. Among them, the number outside the brackets indicated the floor dead load, and the
number inside the brackets indicated the floor live load.

(a) (b) (c) (d) 

Figure 3. Load plan layout of frame KJ1. (a) First storey; (b) Second storey; (c) Third storey;
(d) Fourth storey.

2.2. Frame KJ2

According to the requirements of first party, it was planned to remove the four frame
columns from the first to the third storey. The interior of the frame KJ1 was changed
to a large space, which resulted in a significant reduction in the lateral stiffness. The
bearing capacity and deformation capacity of the frame structure did not meet the code
requirements. According to the performance-based seismic design method, the original
frame structure was strengthened by the enlarging cross-section method and the external
self-centering substructure to improve the seismic resilience, namely frame KJ2. The self-
centering precast beams were set up on the north–south exterior facades, and the diagonal
braces were set up on the west–east exterior facades. Additionally, the diameter of the
diagonal braces was taken as 50 mm. The structural plan layout of frame KJ2 and the
cross-sectional dimensions of the beams and columns are plotted in Figure 4.

After strengthening the frame KJ1 by the enlarging cross-section method, the floor dead
load increased, while the line load on beam and the floor live load remained unchanged.
The load plan layout of frame KJ2 is depicted in Figure 5.
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(a) (b) 

 
(c) 

Figure 4. Structural plan layout of frame KJ2. (a) Plan layout of the first to the third storey; (b) Plan
layout of the fourth storey; (c) Cross-sectional dimensions of beams and columns.

         (a)  (b)     (c) 

Figure 5. Load plan layout of frame KJ2. (a) First to second storey; (b) Third storey; (c) Fourth storey.

3. Establishment and Verification of Finite Element Models

OpenSees (Open System for Earthquake Engineering Simulation) (University of Cali-
fornia, Berkeley, CA, USA) is an open-source seismic engineering numerical simulation
platform with a high computational efficiency and sustainable development rate. Firstly,
the simulated hysteresis curve of one-story one-span frame structures were compared with
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quasi-static test results using the OpenSees version 2.5.0 as the numerical simulation plat-
form. Secondly, the whole finite element models of the frame structures were established,
and the incremental dynamic analysis and the seismic fragility analysis were carried out.

3.1. Finite Element Modelling Methods

The fiber model of OpenSees was chosen to establish the finite element model. Addi-
tionally, the frame beams and columns were simulated by beam–column elements. Con-
crete02 material was used to simulate the concrete in the frame structure and precast beams,
taking into account the tensile strength and changes in loading and unloading stiffness
of the concrete. The constitutive relationship of the core concrete adopted the Mander
model [26] considering the constraint effect of stirrups. The Steel02 material was used for
simulating the normal steel bars, energy-dissipating bars and steel strands in the frame
structures. The steel strand adopted the Truss element to achieve an unbonded effect with
concrete. In addition, it should be noted that the steel02 material can be prestressed, and
the prestress of 250 MPa and 450 MPa was applied to steel strands in the self-centering
precast beam and diagonal braces, respectively.

The connection part between the precast beam and the frame structure was a challeng-
ing part of the numerical simulation. The precast beams could be rotated in their plane.
Additionally, the connection of the precast beam and the frame structure relied on steel
strands and energy-dissipating bars. The ZeroLengthSection was set at the connection
and given the ENT (Elastic-No Tension) material. Moreover, energy-dissipating bars were
placed in the ZeroLengthSection. Considering the deformation compatibility between the
precast beam and the frame structure during the loading process, the multi-point constraint
(equalDOF) command was used to constrain the degrees of freedom for the nodes. Three
nodes were constrained to the same position. Node 3 was the frame joint, and Node 2 was
the end of the steel strand. The degrees of freedom for Node 2 and Node 3 were exactly the
same. Node 1 was the end of the self-centering precast beam, and could rotate in the plane.
The specific modelling method of self-centering precast beams is shown in Figure 6.

Figure 6. Modelling methods of self-centering precast beams.

3.2. One-Story One-Span Frame Structures

In order to verify the finite element modeling method, the quasi-static test results of
one-story, one-span frame structures were compared with the finite element simulation results.

3.2.1. Test Overview

The schematic diagrams and cross-section reinforcement of one-story, one-span frame
structures are plotted in Figure 7, and detailed information refers to references [27,28].
K1 and K2 represented two frame structures of different beam spans strengthened with
diagonal braces and self-centering precast beams, respectively. The final number 1 indicated
the original frame structure, and number 2 indicated the strengthened frame structure. The
column height was 2400 mm, and the cross-sectional dimensions of columns for K1-1 and
K2-1 were 270 × 270 mm. The beam spans of K1-1 and K2-1 were 3600 mm and 3060 mm,
respectively. The beam heights of K1-1 and K2-1 were 360 mm and 306 mm, respectively.
Additionally, the beam widths of K1-1 and K2-1 were 150 mm. Compared with K1-1, K1-2
was strengthened by the enlarging cross-section method and setting the diagonal braces,
and the cross-sectional dimensions of columns for K1-2 were 390 × 390 mm. Compared
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with K2-1, K2-2 was strengthened by the enlarging cross-section method and setting the
self-centering precast beam. The cross-sectional dimensions of columns for K2-2 were
390 × 480 mm. The beam heights of K1-2 and K2-2 were 480 mm, and the beam widths of
K1-2 and K2-2 were 270 mm.

(a) (b) 

(c) (d) 

Figure 7. Schematic diagram and cross-section reinforcement of one-story one-span frame structures.
(a) K1-1; (b) K1-2; (c) K2-1; (d) K2-2.

For K1-2, the bottom of steel strands was the fixed end, and the top of steel strands
was the tensioned end. Among them, the tensioned end used wedge-type anchorage, and
the fixed end used extruding anchorage, as displayed in Figure 8a. For K2-2, both ends of
steel strands were simultaneously tensioned before the test, as depicted in Figure 8b. The
energy-dissipating bars were tapped and then fixed with nuts.

The origin concrete strength grade of K1-1 and K2-1 was C20, and the post-cast
concrete strength grade of enlarging cross-section was C40. The mechanical performance
index of concrete is presented in Table 1, and the mechanical performance index of steel is
listed in Table 2.
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(a) (b) 

Figure 8. Scene photos of anchorage for steel strands. (a) K1-2; (b) K2-2.

Table 1. Mechanical performance index of concrete.

Concrete Strength Grade f cu/MPa Ec/(×104 N/mm2)

C20 25.0 2.80
C40 39.3 3.25

Table 2. Mechanical performance index of steel.

Steel Type f y/MPa Es/(×105 N/mm2)

A6 293 2.05
A8 298 2.05
C12 497 2.01
C14 443 2.01
C18 459 2.00

As12.5 1680 1.95

3.2.2. Model Establishment of One-Story One-Span Frame Structures

Based on the quasi-static test, the above modelling method was adopted. According
to the actual cross-sectional size and reinforcement information, finite element models of
one-story one-span frame structures were established, as illustrated in Figure 9.

(a) (b) (c) (d) 

Figure 9. Finite element models of one-story one-span frame structures. (a) K1-1 (b) K1-2 (c) K2-1
(d) K2-2.

3.2.3. Model Verification of One-Story One-Span Frame Structures

The hysteresis curves of the test and simulation are plotted in Figure 10. It could
be seen that the test results were generally in good agreement with the finite element
simulation results. All errors were within 20%, confirming the rationality and reliability of
the modelling method.
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F

  
(a) (b) 

F

 
(c) (d) 

F
F

Figure 10. Comparisons of test and simulation results for one-story one-span frame structures.
(a) K1-1; (b) K1-2; (c) K2-1; (d) K2-2.

3.3. RC Frame Structures

According to finite element simulation of one-story, one-span frame structures, the
finite element models of four-storey frame structures were established, and the correctness
of the finite element models was verified.

3.3.1. Model Establishment of RC Frame Structures

According to the actual size and load plan layout of RC frame structures, finite element
models were established, as displayed in Figure 11.

  
(a) (b) 

Figure 11. Finite element models of RC frame structures. (a) KJ1; (b) KJ2.

3.3.2. Verification of RC Frame Structures

The finite element models of the RC frame structures were established by YJK and
OpenSees, respectively. The modal analysis of the RC frame structures was conducted to
compare the natural vibration periods of the first three modes to verify the rationality of
the finite element modelling method. The comparison of the natural vibration periods
is exhibited in Table 3. The results showed that the natural vibration periods of the first
three modes were basically similar. The errors were less than 20%, which indicated that the
model’s establishment of the frame structures was reasonable within this paper.
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Table 3. Comparison of natural vibration periods.

Frame Number Calculation Software T1/s T2/s T3/s

KJ1
YJK 1.159 1.143 1.015

OpenSees 0.966 0.954 0.869

KJ2
YJK 0.511 0.443 0.382

OpenSees 0.498 0.487 0.389

4. Earthquake Ground Motion Input

Twenty earthquake ground motion records were selected according to the natural
vibration period, damping ratio, site characteristic period, site class and design earthquake
groups, etc. Detailed information of earthquake ground motion records is summarized
in Table 4. The response spectrum analysis of earthquake ground motion records was
conducted as plotted in Figure 12. Additionally, the average response spectrum was
compared with the standard response spectrum of a seismic precautionary intensity of 8
degrees. The error between each earthquake response spectrum and the standard response
spectrum was within 20% near the first period of frame structures.

Table 4. Earthquake ground motion records.

No. Database Code Year Magnitude PGA/Gal
Duration

Time/s Time Interval/s

1 NGA_no_40_A-SON033 1968 6.63 40.252 39.995 0.005
2 NGA_no_366_H-VC6090 1983 6.36 74.745 39.990 0.010
3 NGA_no_1010_5082A-325 1994 6.69 247.560 55.325 0.005
4 NGA_no_1184_CHY010-W 1999 7.62 222.011 131.996 0.004
5 NGA_no_2676_TTN024-V 1999 6.20 4.225 34.995 0.005
6 NGA_no_2721_CHY057-N 1999 6.20 24.109 49.995 0.005
7 NGA_no_2787_HWA039-V 1999 6.20 15.959 48.995 0.005
8 NGA_no_2914_TTN018-N 1999 6.20 10.057 42.995 0.005
9 NGA_no_3160_TCU014-N 1999 6.20 14.362 61.990 0.005

10 NGA_no_3291_CHY061-N 1999 6.30 27.555 50.990 0.005
11 NGA_no_3454_TCU046-N 1999 6.30 25.643 47.945 0.005
12 NGA_no_3485_TCU095-V 1999 6.30 16.870 66.995 0.005
13 000538ZA 1992 5.48 18.031 33.140 0.010
14 001967YA 1985 5.50 8.349 13.080 0.010
15 006968ZA 1999 6.20 3.267 33.780 0.010
16 AKT016908222_M 2017 - 95.404 95.000 0.020
17 AKT0130807240026NS 2008 6.80 23.963 174.000 0.010
18 AKTH01618222_M 2019 - 44.269 204.000 0.020
19 AKTH02311144_M 2011 - 70.392 300.000 0.020
20 SZO0190908110507EW 2009 6.50 96.006 138.000 0.010

S

T  
Figure 12. Response spectrum analysis of earthquake ground motion records.
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5. Incremental Dynamic Analysis of RC Frame Structures

Incremental dynamic analysis (IDA) [29] is a parameter analysis method that compre-
hensively evaluates the performance level of frame structures under earthquake action.
Besides, the IDA curve better reflects the evolution process of the structures from intact to
failure. The specific operation process is that several earthquake ground motion records are
applied to the structure model, and then each earthquake ground motion record is scaled
to several intensity levels, finally obtaining a series of response curves. The peak ground
acceleration (aPG) was selected as the intensity measure (IM), and the maximum inter-story
drift (θmax) was selected as the damage measure (DM). The peak ground acceleration
underwent a total of 34 amplitude modulations during the IDA. The amplitude modulation
increments of 0.1~1.0 g were 0.1 g; the amplitude modulation increments of 1.2~5.0 g were
0.2 g; and the amplitude modulation increments of 5.5~7.0 g were 0.5 g. In order to reduce
the computational complexity and reflect various performance points on the IDA curves
based on different seismic demand parameters, the ultimate state of IDA analysis was the
point where the structure reached dynamic instability, the nonlinear time history analysis
did not converge, the maximum inter-story drift reached 10%, or the slope reached the
initial slope of 20% in the IDA curve. Additionally, the point with the smallest value was
selected as the ultimate state of collapse.

Taking the No. 1 earthquake ground motion record as an example, the maximum
inter-story drift, the residual inter-story drift, and IDA were carried out. Then, twenty
earthquake ground motion records were input, and IDA curves and fractile curves were
obtained through statistical analysis. The calculation results and analyses were as follows.

5.1. Distribution Diagram of Maximum Inter-Story Drifts

FEMA 356 [30] defines three performance points of the maximum inter-story drift
(θmax). Under different performance states, the reference value CΔ of the maximum inter-
story drift is exhibited in Table 5.

Table 5. Reference value CΔ of θmax under different performance states.

Performance States
Immediate

Occupancy (IO)
Life Safe (LS) Collapse Prevention (CP)

θmax 1/100 1/50 1/25

The distribution diagrams of the maximum inter-story drift are obtained by amplitude
modulation, as shown in Figure 13. The frame numbers of x and y represent earthquakes in
the x and y direction, respectively. The maximum inter-story drift of each storey increased
with increasing the peak ground acceleration. The maximum inter-story drift of frame KJ1
decreased as the storeys increased. Additionally, the maximum inter-story drift occurred in
the first storey under different peak ground accelerations, which applied to the soft storey
of the frame structures. Frame KJ2 adopted the enlarging cross-section method and set
cross braces in the x direction; the maximum inter-story drift moved upwards, and the soft
storey was transferred to the second or the third storey. However, the soft storey was still
the first storey in the y direction. The maximum inter-story drift of frame KJ1 satisfied the
IO state at 0.2 g; the LS state at 0.4 g; and the CP state near 0.8 g. The maximum inter-story
drift of frame KJ2 satisfied the IO state at 0.4 g; the LS state near 0.8 g; and the CP state near
1.8 g. Besides, compared to frame KJ1, the maximum inter-story drift of frame KJ2 was
significantly reduced under the same the peak ground acceleration. Additionally, the effect
of the enlarging cross-section method and setting the cross braces was more significant.
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(a) (b) 

  
(c) (d) 

Figure 13. Distribution diagram of maximum inter-story drifts. (a) KJ1-x; (b) KJ2-x; (c) KJ1-y;
(d) KJ2-y.

5.2. Distribution Diagram of Residual Inter-Story Drifts

FEMA 356 [30] defines four performance points for the residual inter-story drift (θR)
and gives the reference value CΔ for θR in different performance states. In this paper, three
performance points were selected for analysis, as shown in Table 6. Among them, DS1
corresponded to the minor repair state; DS2 corresponded to the major repair state; and
DS3 corresponded to the collapse state.

Table 6. Reference value CΔ of θR under different performance states.

Performance States DS1 DS2 DS3

θR 1/500 1/200 1/100

The distribution diagrams of the residual inter-story drift are obtained via amplitude
modulation, as plotted in Figure 14. The residual inter-story drift of the frame structures
decreased with the increase in storeys, and the maximum residual inter-story drift occurred
on the first storey under different peak ground accelerations. The residual inter-story drift
of the frame structures increased with the increase in the peak ground acceleration. Frame
KJ1 reached the DS1 state at 0.4–0.5 g, DS2 state at 0.5–0.7 g, and DS3 state at 0.7–0.9 g;
Additionally, frame KJ2 reached the DS1 state at 1.8 g under the x-direction earthquake;
however, frame KJ2 reached the DS1 state at 1.0 g, DS2 state at 1.6 g, and DS3 state at 1.8 g
under the influence of the y direction earthquake. Compared with frame KJ1, the residual
inter-story drift of frame KJ2 was significantly reduced, and the seismic performance and
seismic resilience were significantly improved under the same peak ground acceleration.
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(a) (b) 

  
(c) (d) 

Figure 14. Distribution diagram of residual inter-story drifts. (a) KJ1-x; (b) KJ2-x; (c) KJ1-y; (d) KJ2-y.

5.3. Incremental Dynamic Analysis

Under the action of the No. 1 earthquake ground motion record, the incremental
dynamic analysis of the frame structures was carried out before and after strengthening,
as illustrated in Figure 15. When aPG was small, the initial stage of the IDA curve showed
approximately linear growth, indicating that the structures were in an elastic state. As aPG
increased, the slope of the IDA curve gradually decreased, indicating that the structures
were in an elastic–plastic state.

  
(a) (b) 

a a

Figure 15. IDA curve diagram of the No. 1 earthquake ground motion record. (a) x-direction
earthquakes (b) y-direction earthquakes.
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IDA curves and their summary fractile curves are depicted in Figure 16 under the
action of twenty earthquake ground motion records. Statistical analysis was conducted
according to θmax, and the median and logarithmic standard deviation of θmax were calcu-
lated. Thus, fractile curves of 16%, 50%, and 84% were obtained. It could be seen that (1) the
shape of IDA curves was different. The curves had characteristics of “excessive softening”,
“excessive hardening”, and “fluctuation”. The IDA curve could comprehensively reflect the
possible seismic responses of frame structures under different intensity levels. (2) Under the
same earthquake direction, the difference between the mean values of θmax was significant
for frames KJ1 and KJ2. The IDA curve of frame KJ2 showed overall data points moving
to the left, which indicated that the seismic performance of the existing frame structure
could be significantly improved by the enlarging cross-section method and the external
self-centering substructure.

  
(a) (b) 

  
(c) (d) 

a a

a a

Figure 16. IDA curves and fractile curves. (a) KJ1-x; (b) KJ2-x; (c) KJ1-y; (d) KJ2-y.

6. Seismic Fragility Analysis of RC Frame Structures

6.1. Probabilistic Seismic Demand Models

The median value of the seismic demand capacity D and the peak ground acceleration
aPG follow an exponential relationship [31], as shown in Equation (1):

D = αaβ
PG (1)

Both sides of the equation take the natural logarithm at the same time. Linear regres-
sion was conducted using mathematical software. Additionally, the probabilistic seismic
demand model curve of frame structures was obtained (as displayed in Figure 17), as given
in Equation (2):
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ln D= lnα + β ln aPG (2)

where lnα and β are the coefficient of statistical regression after a large number of incre-
mental dynamic analyses.

(a) (b) 

  
(c) (d) 

a

a a

a

a

a

a
 

a

Figure 17. Regression curve of probabilistic seismic demand models. (a) KJ1-x; (b) KJ2-x; (c) KJ1-y;
(d) KJ2-y.

The standard deviation βd of the logarithmic normal distribution function for the
seismic demand capacity is presented in Equation (3):

βd =

√
∑N

i=1 [ln Di − ln D]

N − 2
(3)

where N is the number of data points for the regression analysis, and Di is the result of the
time history analysis (i = 1, 2, . . ., N).

It could be seen from Figure 17 that the curve of the probabilistic seismic demand
model was approximately linear, the logarithmic standard deviation of the seismic demand
parameter βd was approximately 0.2, and the fitting effect was good.

6.2. Seismic Fragility Curve of Frame Structures

After obtaining the probabilistic seismic demand model, the total probability method is
used to calculate the exceedance probability of the frame structures under each performance
state. The formula is given in Equation (4) [32]:
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Pf = Φ

⎡
⎣ ln
[
α(PGA)β/CΔ

]
√

β2
c + β2

d

⎤
⎦ (4)

where βc is the logarithmic standard deviation of the seismic capacity of the frame struc-
tures, and the uncertainty was not considered.

The seismic fragility curves of the frame structures are plotted in Figure 18. It is
apparent from Figure 18 that the exceedance probability of each performance level truly
reflects the seismic performance level of frame structures under different peak ground
accelerations. (1) The development law of the seismic fragility curve is similar, and the
overall curve is S-shaped; (2) when the peak ground acceleration is relatively low, the frame
structure is approximately intact, or undergoes slight damage, and the fragility curves
basically overlap under different performance states; (3) as the peak ground acceleration
increases, the elastic–plastic deformation of the frame structures fully develops, and the
slope of the curve firstly increases and then decreases. The performance level of the
frame structures gradually develops from immediate occupancy to collapse; (4) compared
with frame KJ1, the exceedance probability of frame KJ2 decreases significantly at various
performance levels under the same peak ground acceleration, especially under the action
of the earthquake in the x direction. The exceedance probability of frame KJ2 in the IO state
and LS state is even lower than that of frame KJ1 in the LS state and CP state.

  
(a) (b) 

P

a

P

a

Figure 18. Seismic fragility curve. (a) x-direction earthquakes; (b) y-direction earthquakes.

A comparison of failure states is illustrated in Figure 19. As an example of the analysis,
the failure state of the frame structures is compared under the action of the earthquake
in the x direction. Comparing Figure 19a,b, it can be seen that when aPG is 0.2 g, the
exceedance probability of the IO state for frame KJ2 increases from 86.9% to 100.0%. When
aPG is 0.4 g, the exceedance probability of the IO state increases from 0.9% to 96.9%. When
aPG is 0.6 g, the exceedance probability of the IO state increases from 0.0% to 30.4%; the
exceedance probability of the LS state increases from 19.8% to 69.6%; and the exceedance
probability of the CP state decreases from 79.9% to 0.0%. When aPG is 1.0 g, the exceedance
probability of the LS state increases from 0.0% to 77.4%; the exceedance probability of the
CP state decreases from 55.6% to 22.6%; and the exceedance probability of the collapse state
decreases from 44.4% to 0.0%. When aPG is 2.0 g, the exceedance probability of the CP state
increases from 0.0% to 82.8%, and the exceedance probability of the collapse state decreases
from 100.0% to 17.2%. It is evident that the exceedance probability of the frame structures
is significantly reduced, and the safety margin is greatly increased.
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Figure 19. Comparison of failure states. (a) KJ1-x; (b) KJ2-x; (c) KJ1-y; (d) KJ2-y.

7. Conclusions

Finite element models of one-story one-span frame structures and four-storey frame
structures were established using OpenSees finite element platform. The seismic response
laws of the frame structures were analyzed under twenty earthquake ground motion
records. Additionally, the seismic fragility analysis of the frame structures was conducted.
The main conclusions are as follows:

(1) The proposed modeling method was reasonable, and the error between the experiment
results and finite element simulation results was small;

(2) Under the same peak ground acceleration, the maximum inter-story drift of frame
KJ1 decreased with the increase in storeys. However, the maximum inter-story drift
of frame KJ2 moved upwards, and was significantly reduced;

(3) When the peak ground acceleration was small, the IDA curves showed a linear
increase. As the peak ground acceleration increased, the slope of the IDA curves
gradually decreased;

(4) Based on the results of IDA, the probabilistic seismic demand model curve was fitted,
and the fitting effect was good;

(5) When the same peak ground acceleration was applied to the frame structures, the
exceedance probability of frame KJ2 was significantly lower than that of frame KJ1 at
various performance levels.
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Abstract: In order to verify the accuracy and applicability of the discrete element method (DEM) in
dealing with geometrically large deformations of continuous plate structures, both a single-parameter
analysis and an orthogonal design method were adopted to analyze the displacement responses
of the plate structures and were compared with those calculated using the finite element method
(FEM). The single-parameter change condition involved the thickness-to-width ratio, elastic modulus,
or Poisson’s ratio, while the multi-parameter change included boundary conditions, dimensions,
load forms, thickness-to-width ratio, elastic modulus, and Poisson’s ratio. The results showed
that displacements of the target locations were basically identical to those obtained according to
FEM, with a maximum error of less than 5% under the single-parameter change condition. The
maximum displacement error of the plate structures calculated using the DEM and FEM, respectively,
was 4.212%, and the mean error and extreme difference of error parameters were 2.633% and 2.184%,
respectively. These results indicate that the displacements of the plate structures calculated using
the DEM were highly consistent with those obtained according to the FEM. Additionally, single-
parameter changes and multi-parameter changes barely influenced the accuracy and suitability of the
DEM in solving displacement response problems of plate structures. Therefore, the DEM is applicable
in terms of dealing with displacement response problems of plate structures.

Keywords: discrete element method; plate structures; parameter sensitivity analysis; orthogonal
design method; error analysis

1. Introduction

As a common type of structure in daily life, the plate structure is widely used in
engineering, aerospace, ships, water conservancy, and other fields, and investigations on
the corresponding structural deformations under various loads are of great significance.
The commonly used plate calculation theories include the classical thin plate theory based
on elastic surface differential equations [1], the thin plate theory based on Kirchhoff’s
hypothesis of straight normal lines [2], and the Reissner–Mindlin moderately thick plate
theory based on the consideration of transverse shear deformation, the method of which
needs to construct interpolation functions and is highly required in terms of element
continuity [3,4]. For the geometrically nonlinear problem of plates, the effect of membrane
stress on the plate surface needs to be considered. The control equations and deformation
coordination equations are both complex high-order differential equation systems, which
are difficult to solve. Therefore, power series solutions and trigonometric series solutions
are usually used for simple calculations of plates, during the process of which nonlinear
equation systems are solved at a slow convergence speed [5–7]. In engineering practice, due
to the complexity of the load and boundary conditions of the plate structure, it is difficult
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to obtain accurate results by using analytical methods. Numerical methods are mostly used
for analysis, including meshless methods [8], boundary element methods [9], and finite
element methods [10]. Among them, the finite element method is widely used, and scholars
have proposed various computational formats, such as the total Lagrangian method (TL)
and the updated Lagrangian method (UL) [11–17]. With the development of computer
technology, the finite element method has become the most commonly used numerical
analysis method in the field of engineering structures, and its calculation accuracy and
efficiency are widely recognized. In the finite element method, the structural deformations
are reflected by node displacements, the solution process of which needs to construct
continuous shape functions and the calculation domain and displacement field need to
be kept continuous because inappropriate displacement patterns may make it difficult
to accurately simulate the mechanical behaviors of the structures. For example, a single
element type is often not applicable for solving problems involving plates with different
thicknesses, and certain low-order elements are usually inaccurate in terms of simulating
the bending deformations of the plate structures due to the phenomenon of “shear locking”.
For geometrically nonlinear problems, it is necessary to invert the structural stiffness
matrix and repeat and iterative solutions, often encountering computational inefficiencies
due to non-convergence.

The traditional discrete element method (DEM) has been developed for more than
40 years, initially proposed as a numerical calculation method for solving problems in
granular mechanics such as rocks and soils [18]. The method discretizes an object into
a collection of rigid particles and simulates the object under certain kinds of loads by
tracking the positions of the particles according to the force–displacement relationship
between adjacent particles and the kinematic equations. Timsina and Christy proposed
the Applied Element Method (AEM) to analyze the fracture and collapse of reinforced
concrete [19] and masonry structures [20] under cyclic loads. LE et al. [21] used the discrete
element method to simulate damage and crack propagation in composite plates, eventually
realizing simulations of fiber delamination and fracturing. KUMAR et al. [22,23] studied
the influence of the microstructural characteristics of discrete particles on the macroscopic
behavior of structures and used the discrete element method to simulate the buckling of
compressed cylinders. Professor Ye Jihong’s research group [24–29] proposed a DEM model
for truss structures and derived an expression of the spring contact stiffness coefficient
for truss DEM, which was also applied to the vibration, buckling, large deformation,
and elastoplastic analyses of frame and grid shell structures. To address the mechanical
responses of plate structures under different loading conditions, Guo [30] proposed a
single-layer particle arrangement plate discrete element method and derived the contact
spring stiffness coefficient between particles based on the principle of energy conservation.
Displacement continuity and deformation compatibility were not required by adopting
the above-mentioned method, thereby avoiding convergence issues. Additionally, the
discrete particles were purely rigid and did not undergo any deformations themselves, and
their rotation and translation were independent of each other. Therefore, the DEM was
applicable for solving problems involving plates with varying thicknesses, and there was
no such phenomenon of “shear locking”.

Sensitivity analysis methods are commonly used to determine the influence degree of
different parameters on target performance, including single-parameter sensitivity analysis
methods [31,32] and multi-parameter sensitivity analysis methods [33,34], which respec-
tively consider the influence of a single-parameter variation and the coupling of multiple
parameter variations on the control target performance. Cavaliere [35] employed a commer-
cial multi-objective optimization tool to precisely determine the weight of each parameter
on the reduction behavior and found that temperature was the main factor influencing the
time to total reduction. Batou [36] studied a new model updating method, which updated
each model parameter separately by constructing a measurement output transformation
that was only sensitive to itself for each parameter. Zhang M [37] proposed an algebraic
and direct method for solving the sensitivity of complex modal parameters of asymmetric
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systems and verified its effectiveness and correctness through single-parameter numerical
experiments and multi-parameter numerical experiments. Wang et al. [38] examined the
effects of hydrogen relative humidity, air relative humidity, operating temperature, and
the air stoichiometry ratio on the performance of polymer electrolyte membrane fuel cells
through orthogonal experimental design.

Reference [30] provided stiffness coefficients of contact elements in the single-layer
particle arrangement plate discrete element method and developed a plate discrete element
calculation program in Fortran. However, the generality of this algorithm has not been
validated. In this investigation, sensitivity analysis methods are adopted to analyze the
influence of different parameter variations on the accuracy and applicability of plate
deformations based on the discrete element method and deformations of the plate structures
based on the DEM were also compared with those calculated according to the finite element
method. The influence of parameter variations on the accuracy of a plate-deformation-
based discrete element method is analyzed, providing a basis for further verifying the
universality of the algorithm.

2. Basic Theory of the DEM for a Plate

2.1. The Model of the DEM for a Plate

The model of a square plate based on DEM is created by discretizing the plate into a
row of spherical particles, which can be divided into corner particles, edge particles, and
interior particles according to the corresponding positions, as illustrated in Figure 1. It
should be noted that determinations of the particle radius are related to the sizes of the
plate surface rather than plate thickness.

Figure 1. DEM model of the plate structure.

In the plate discrete element model, adjacent particles are connected by artificially
defined zero-length springs to form the basic analysis unit of the discrete plate element,
namely the contact element. According to the location of the contact element, the contact
element can be divided into edge contact, interior contact, and diagonal contact. The
diagonal contact element only contains one normal spring, while other contacts contain six
springs, including one normal, two tangential, one torsion, and two bending springs, as
shown in Figure 2.

n1 

2 

n1

nK

Kθ
τ

jKKτKτ
nKθ

Kθ
τ

Figure 2. Contact element.
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All particle movements follow Newton’s second law. Take a discrete particle α as
an example, and assume that it is connected with other n units, and the external force
and external moment acting on particle α are Fext and Mext, respectively. According to
Newton’s second law, the equation of motion for particle α can be expressed as:⎧⎪⎪⎨

⎪⎪⎩
mα

d2r
dt2 =

n
∑

j=1
Fint

j + Fext

Jα
dω
dt =

n
∑

j=1
Mint

j + Mext
(1)

In the equation, mα and Jα represent the mass and inertia moment of particle α,
respectively. r and ω represent the displacement vector and angular velocity vector of
particle α. Fint

j and Mint
j represent the contact force and contact torque generated by the j-th

unit adjacent to particle α, and t represents time.

2.2. Calculation of Internal Forces in Contact Elements

It can be obtained from Figure 2 that the material properties and deformation of the
contact element are closely related to the zero-length spring of the contact point between the
two particles. The stiffness of each spring along different directions is independent and does
not affect each other. By combining Equation (1) with the central difference method, the
relative linear displacement and relative angular displacement between the two particles in
the contact element can be obtained. By adopting Equation (2), the incremental internal
force at the contact point can also be calculated. According to the principle of force
translation, the contact force is transferred to the center of the particle and integrated to
obtain the internal force at the center of the particle.

ΔS = KeΔU (2)

In the equation, ΔS represents the incremental internal force of the contact element,
including internal force and internal moment; ΔU represents the incremental relative dis-
placement between the two particles of the contact element under the local coordinate
system, including relative linear displacement and angular displacement. Ke represents
the elastic stiffness matrix of the contact element, which includes three translational and
three rotational stiffness for both edge and internal contacts, and only one normal stiff-
ness for diagonal contacts, and the corresponding values can be calculated through the
following equations [30].

Edge contact :

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

K′
n = Eh

2(1+μ)

K′
τ1
= (1−3μ)Eh

8(1−μ2)

K′
τ2
= Eh

4(1+μ)

Kθ′
n = Eh3

24(1+μ)

Kθ′
τ1
= Eh3

24(1−μ2)

Kθ′
τ2
= ER2h

6(1−μ2)

(3)

Interior contact :

⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

Kn = Eh
1+μ

Kτ1 = (1−3μ)Eh
4(1−μ2)

Kτ2 = Eh
2(1+μ)

Kθ
n = Eh3

12(1+μ)

Kθ
τ1
= Eh3

12(1−μ2)

Kθ
τ2
= ER2h

3(1−μ2)

(4)
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Diagonal contact : Kj =
μEh

1 − μ2 (5)

In the equation, E, h, μ, and R represent the elastic modulus, thickness, Poisson’s ratio,
and particle radius of the plate, respectively.

3. Theory of Parameter Sensitivity Analysis

When using the discrete element method to analyze the deformation characteristics
of plate structures, uncertainties in model input may lead to uncertainties in the accuracy
of output results. The sensitivity analysis method investigates and analyzes the influence
of various input uncertainties on the output uncertainties of the model [39], including
single-parameter sensitivity analysis and multi-parameter sensitivity analysis.

3.1. Single-Parameter Sensitivity Analysis

Single-parameter sensitivity analysis is a method to investigate the influences of
changes in a single parameter on the performance of the control objective within a certain
range while keeping other parameters constant. It is also known as perturbation analysis.
Single-parameter sensitivity analysis has been widely used in the fields of structure and
materials due to easy operation and intuitive understanding.

3.2. Multi-Parameter Sensitivity Analysis

Multi-parameter sensitivity analysis considers the interaction between parameters,
resulting in more reasonable and scientific results. Common methods for multi-parameter
sensitivity analysis include the full factorial method and orthogonal design method.

3.2.1. Full Factorial Method

The key to the full factorial method is comparisons and analyses of all design combi-
nations under different operating levels with various influential factors, which are able to
provide a large amount of data for parameter analysis to accurately evaluate the interaction
between parameter factors. It is commonly used for multi-parameter analysis when there
are few parameters and levels to be considered for parameter interaction. Full factorial
design requires a combination of n1 × n2 . . . × ni . . . × nj, where ni represents the number
of levels for the i-th factor, and j represents the number of design parameters. Figure 3a
shows a three-parameter, three-level full factorial design with a total of 27 combination
sample points.

 
(a) (b) 

Figure 3. The method of sensitivity analysis: (a) full factor design; (b) orthogonal design.

3.2.2. Orthogonal Design Method

If there are too many model parameters and the parameters have multiple operating
levels, using a full factorial design will result in a large number of operating combinations,
which leads to a huge computational burden. The orthogonal design method selects rep-
resentative parameters from each parameter and operating level to combine and judges
the interaction effects between parameters and the corresponding influences on control
objectives. Figure 3b shows a three-parameter, three-level orthogonal design with a to-
tal of nine combination sample points. Therefore, the orthogonal design method is an
efficient design method for arranging multiple parameter combinations scientifically and
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is characterized by uniform dispersion, regularity, and comparability. The orthogonal
design method can significantly reduce the number of analysis samples while considering
the interaction of multiple parameters. Figure 4 shows the form and code meanings of
orthogonal tables, and Table 1 is a four-parameter, three-level orthogonal table, which
shows that the number of occurrences of each parameter operating level in any column is
the same, and the arrangement of numbers in any two columns is complete and balanced.

Figure 4. Orthogonal table form and code meaning.

Table 1. Orthogonal representation.

Operating Combination
Parameter

A B C D

1 1 1 1 1
2 1 2 2 2
3 1 3 3 3
4 2 1 2 3
5 2 2 3 1
6 2 3 1 2
7 3 1 3 2
8 3 2 1 3
9 3 3 2 1

4. Parameter Sensitivity Analysis

In this paper, a rectangular plate is used as the fundamental numerical model, as
illustrated in Figure 5. The discrete element method was employed to calculate the defor-
mations of the plate under varying parameter conditions and was compared with those
obtained from the finite element method to validate the accuracy of the algorithm based
on DEM. The finite element method considers the effect of in-plane membrane stress by
enabling large deflection. The discrete element method uses particle centroid displacement
as the basic quantity since the displacements obtained by solving the motion equation
itself are reflections of force responses of the structure. Similarly, the finite element method
also reflects the structure deformations through the nodal displacements. Therefore, using
displacement as a reference for comparison between the two methods is more convenient
and intuitive.

Figure 5. Rectangle plate model.

4.1. Influences of Single-Parameter Changes

When considering the influence of a single-parameter change, the plate thickness-
to-width ratio, elastic modulus, and Poisson’s ratio were respectively applied to
Equations (3)–(5) as basic analysis parameters to investigate the influences of single-
parameter changes on the accuracy of the algorithm. For the model shown in Figure 5,
the values of a and b were set to be 0.3 m, and � was set to be 7850 kg/m3. The boundary
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conditions of the simulation model included a four-edge simple support and a four-edge
fixed support. A uniform load q was applied to the plate by using a static loading method.
There were 21 particles and 420 contact elements in the discrete element model, as shown
in Figure 6. The radius of the spherical particles was 15 mm. The time step, Δt, was set to
be 1 × 10−6 s, and the total calculation time was 0.5 s.

 
Figure 6. DEM model of the square plate.

4.1.1. Thickness-to-Width Ratio

In dealing with deformation problems of loaded plates by using the finite element
method, plates were classified based on their thickness-to-width ratio into the following
categories: (1) thick plates: 1/8 < h/b < 1/5; (2) thin plates: 1/80 < h/b < 1/8; and
(3) membrane: 1/100 < h/b < 1/80. In this investigation, when solid186 elements were
employed to simulate thick plates based on FEM, the shear effect along the thickness
direction of the plate was considered. When Shell181 elements were used for thin plates and
membranes, the in-plane stress of the membrane was considered to avoid the phenomenon
of “shear locking” in the plate. The selection of finite element analysis elements for
plates of different thicknesses in the subsequent examples followed this rule. For the
displacement response problem of plates with different thicknesses and loads, no special
treatment is needed when using the discrete element method. For four-edge simply
supported and four-edge fixed boundary conditions, the uniformly distributed load, q, on
the plate was set to be 9.6 × 106 Pa and 9.6 × 107 Pa, respectively, with the elastic modulus
E = 2.1 × 1011 Pa and Poisson’s ratio μ = 0.24. According to the range of plate thickness,
the thickness-to-width ratio h/b was set to be 0.01, 0.015, 0.02, 0.04, 0.06, 0.08, 0.1, 0.12, 0.14,
0.16, 0.18, and 0.2, respectively. The discrete element method was used to calculate the
deflection-to-span ratio at the center point of the plate with different thickness-to-width
ratios, and the results were compared with those obtained based on FEM.

According to Figure 7, it is evident that plates with smaller thicknesses exhibited larger
deflections. Bending deformations of the plate were obvious, and the in-plane membrane
stress could not be ignored. As the plate thickness increased, shear deformations along
the thickness direction became significant. The results obtained from the displacement
response analyses of plates with different thicknesses, as shown in Figures 7 and 8, using
the discrete element calculation were in good agreement with those obtained using the
finite element calculation. With increasing plate thickness, structural deformations reduced,
and the calculation error slightly increased but remained within 5%. Compared to the
finite element method, the discrete element method for plates did not require changing the
element type for plates of different thicknesses, and it minimized the occurrence of “shear
locking”. Therefore, within the range of plate properties, the thickness did not significantly
affect the accuracy and applicability of the discrete element algorithm for plates.

 
Figure 7. The effect of thickness-to-width ratio variation on the deflection-to-span ratio of the plate.
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Figure 8. Influence of different thickness-to-width ratios on DEM–FEM error.

4.1.2. Elastic Modulus

For square plates with the boundary conditions of four-edge simple support and
four-edge fixed support, the uniformly distributed loads applied on the plate were set to be
9.6 × 106 Pa and q = 9.6 × 107 Pa, respectively. The plate thickness, h, was set to be 6 mm
and the Poisson’s ratio, μ, was set to be 0.24. The basic elastic modulus of the plate, E0,
under both boundary conditions, was set to be 2.1 × 1011 Pa, and the range of the elastic
modulus varies from 0.1 E0 to 10.0 E0 with a decrement of 0.5 E0, the variation process of
which included small and large deformations of the plate and a total of 21 analysis scenarios.
The discrete element method was used to calculate changes in the deflection-span ratio of
the center point of the square plate with different elastic moduli, and the corresponding
results were compared with those obtained according to the finite element method.

It can be observed from Figure 8 that the deflections of the plate were large with
decreasing elastic modulus, the bending deformation effect was significant, and the stress
of the in-plane membrane cannot be ignored. It can also be observed from Figures 9 and 10
that both algorithms considered the effect of in-plane membrane stress and the results
obtained based on the discrete element method and the finite element method were basically
consistent with a maximum DEM–FEM error of 3.54%, indicating that the variation of
elastic modulus had little effect on the accuracy and applicability of the DEM algorithm.

 

Figure 9. Change in the deflection-to-span ratio of the plate center point under different
elastic moduli.

 
Figure 10. Influence of elastic modulus variation on DEM–FEM error.
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4.1.3. Poisson’s Ratio

As a material property of the plate itself, Poisson’s ratio also affects its own bending
stiffness under unchanged external loads. For square plates with a boundary condition of
four-edge simple support and four-edge fixed support, the uniformly distributed loads, q,
applied on the plate were set to be 9.6 × 106 Pa and 9.6 × 107 Pa, respectively. Plate thickness,
h, was set to be 6 mm, and elastic modulus, E, was set to be 2.1 × 1011 Pa. Poisson’s ratio
ranged from 0.1 to 0.48, with a decrement of 0.02, covering the Poisson’s ratio range of
commonly used materials. A total of 20 analysis scenarios were considered. The discrete
element method was used to calculate the changes in the deflection–span ratio of the center
point of the thin plate only when Poisson’s ratio changed, and the corresponding results
were compared with those obtained according to the finite element method.

Changes in Poisson’s ratio alter the bending stiffness of the plate, thereby affecting the
deflection degrees of the plate under loads. As shown in Figures 11 and 12, as Poisson’s ratio
increased, deflections at the center of the plate slightly decreased. The results obtained from
the discrete element calculation and finite element calculation were essentially consistent,
with a maximum error of −2.11%, which indicated that changes in Poisson’s ratio had little
effect on the accuracy and applicability of the DEM algorithm.

 
Figure 11. Change in the deflection-to-span ratio of the plate center point under different
Poisson’s ratios.

 

Figure 12. Influence of Poisson’s ratio variation on DEM–FEM error.

4.2. Influences of Multi-Parameter Changes

In addition to the thickness-to-width ratio, elastic modulus, and Poisson’s ratio, dif-
ferences in plate boundary conditions, size effects, and load forms may also affect the
applicability of the DEM algorithm. To further verify the universality of the DEM algorithm,
the orthogonal design method was adopted to analyze the influences of multi-parameter
changes on the accuracy and applicability of the DEM algorithm. The values of each
parameter were determined as follows.

4.2.1. Boundary Conditions

Common boundary conditions of a rectangular plate include one-sided, two-sided,
three-sided, and four-sided constraints, which can be classified as simple support and fixed
support. Determinations of boundary conditions are not only related to the number of
constrained sides but also the distributions of fixed and simple supports. To confirm the
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DEM algorithm’s applicability to any boundary condition, a mixed boundary form was
applied that considers the influences of various factors, as presented in Table 2.

Table 2. Information about different boundary conditions.

Boundary Fixed Simply Displacement Tracking Point
Position of
Line Load

Position of Point Load

Cantilever plate AB \ C CD C
Two adjacent edges AB AD C CD C
Two opposite edges AB CD E FG E

Three edges AB AD, BC H CD H
Four edges AB, CD BC, AD E FG E

4.2.2. Plate Dimensions

There is a wide range of plate sizes in engineering, spanning from small plate com-
ponents to large plate materials. According to the relevant literature, the plate lengths of
the corresponding simulation model varied from 0.3 m to 10 m. In this investigation, five
representative and diverse plate sizes (a × b) were chosen: 0.3 m × 0.3 m, 1.2 m × 0.6 m,
2 m × 2 m, 4 m × 1 m, and 10 m × 10 m, which considered both plate size effect and
aspect ratios.

4.2.3. Form of Loading

Five common types of loads in engineering were selected for analyses, including
uniformly distributed loads, concentrated loads, line loads, impact loads, and harmonic
loads. Impact loads and harmonic loads were uniformly distributed on the entire plate
surface, and the time-displacement curves of DEM–FEM were obtained by comparing the
results obtained based on DEM and FEM transient analysis. The other load forms were
analyzed by using static loading, and the load-deflection ratio curves of DEM–FEM were
obtained by comparing the results obtained according to DEM and FEM static analysis.
The position of the line load and concentrated load and the displacement tracking points
are shown in Table 2, and the loading method is shown in Figure 13. To obtain obvious
deformations of the plate, load values were increased as much as possible while ensuring
the convergence condition of the finite element analysis.

Figure 13. Loading mode.

4.2.4. Thickness-to-Width Ratio

Plates with a thickness-to-width ratio in the range of 0.125–0.2 are considered thick
plates, while those with a thickness-to-width ratio in the range of 0.0125–0.125 are classified
as thin plates, and those with a thickness-to-width ratio in the range of 0.01–0.0125 are
regarded as membranes. To ensure the broad representativeness of parameter values, the
thickness-to-width ratio factors of 0.01, 0.04, 0.1, 0.16, and 0.2 were used. Details about the
computation units used for finite element analysis can be found in Section 4.1.1.
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4.2.5. Elastic Modulus

The properties of common materials used in engineering are listed in Table 3. It shows
that the elastic modulus of commonly used plates is less than 200 GPa. To ensure the broad
representativeness of parameter values, five levels of elastic modulus were used, with
values of 0.005 GPa, 50 GPa, 100 GPa, 150 GPa, and 200 GPa.

Table 3. Properties of commonly used materials.

Material E (GPa) μ Material E (GPa) μ

Alloy steel 206 0.25–0.3 Cast steel 175 0.31–0.34
Lead 170 0.42 Aluminum alloy 71 0.3

Rolled aluminum 69 0.32–0.36 Concrete 14–23 0.1–0.18
Nylon 2.83 0.4 Rubber 0.00784 0.48

4.2.6. Poisson’s Ratio

Table 4 shows that the Poisson’s ratios of the commonly used materials in engineering
are typically between 0.1 and 0.48. To ensure the generality and representativeness of the
parameter values, five levels of Poisson’s ratio were chosen, which are 0.1, 0.24, 0.3, 0.4,
and 0.48.

Table 4. Analyzed parameters and levels.

Parameters Level 1 Level 2 Level 3 Level 4 Level 5

1 Boundary conditions Cantilever plate Two adjacent Two opposite Three edges Four edges
2 Plate dimensions (m) 0.3 × 0.3 1.2 × 0.6 2 × 2 4 × 1 10 × 10
3 Form of loading Uniformly distributed Line load Concentrated load Impact Harmonic

4 Thickness-to-
width ratio 0.01 0.04 0.1 0.16 0.2

5 Elastic modulus (GPa) 0.005 50 100 150 200
6 Poisson’s ratio 0.1 0.24 0.3 0.4 0.48

In this study, the orthogonal design method was utilized to comprehensively evaluate
the effect of multi-parameter changes on the accuracy and applicability of the DEM algo-
rithm. The levels of each parameter are summarized in Table 4. The orthogonal design
method was performed on six parameters, where each parameter had five levels to reduce
the number of analyzed cases from 15,625(56) cases obtained from the full-factorial method
to 25(52) combinations obtained from the orthogonal design method. This significantly
reduced the computational workload and enabled the interaction between parameters to
be considered. The representativeness of the orthogonal design lay in the following aspects:
(1) each column contained all levels of the respective parameter with equal frequency;
(2) all possible combinations of any two columns occurred; and (3) due to the orthogonality
of the orthogonal table, the test combinations were evenly distributed in the full-factorial
design combinations. The orthogonal design combinations are shown in Table 5. The
discrete element analysis results of each operating condition were compared with the corre-
sponding finite element analysis results to calculate the errors between the two algorithms
when considering multi-parameter changes. The DEM–FEM error comparison rules were
as follows: for harmonic load, the error was compared based on the deflection peak value of
the two algorithms; for impact load, the error was compared based on the stable solutions
of the two algorithms; for other loads, the error was compared based on the final results of
the two algorithms.

157



Buildings 2023, 13, 1567

Table 5. Orthogonal design table for L25(56).

Operating
Combination

Boundary Dimension
Form of
Loading h/b E μ

Error *

Y (%)

1 1 1 1 1 1 1 0.239
2 2 2 2 2 2 2 0.918
3 3 3 3 3 3 3 1.063
4 4 4 4 4 4 4 −2.342
5 5 5 5 5 5 5 2.002
6 1 2 3 4 5 1 0.838
7 2 3 4 5 1 2 1.359
8 3 4 5 1 2 3 3.102
9 4 5 1 2 3 4 4.212

10 5 1 2 3 4 5 2.805
11 1 3 5 2 4 1 0.187
12 2 4 1 3 5 2 0.474
13 3 5 2 4 1 3 2.762
14 4 1 3 5 2 4 1.623
15 5 2 4 1 3 5 0.424
16 1 4 2 5 3 1 0.460
17 2 5 3 1 4 2 −2.884
18 3 1 4 2 5 3 −1.736
19 4 2 5 3 1 4 0.865
20 5 3 1 4 2 5 1.747
21 1 5 4 3 2 1 −2.652
22 2 1 5 4 3 2 1.538
23 3 2 1 5 4 3 0.546
24 4 3 2 1 5 4 4.121
25 5 4 3 2 1 5 2.559

Mean value1 ** (%) 0.875 1.811 1.642 2.154 2.154 0.875
Mean value2 ** (%) 1.435 0.718 2.213 1.922 2.008 1.435
Mean value3 ** (%) 1.842 0.980 1.794 1.572 1.540 1.842
Mean value4 ** (%) 2.633 2.100 1.703 1.845 1.753 2.633
Mean value5 ** (%) 1.907 2.903 1.539 1.198 1.834 1.907

Range *** (%) 1.757 2.184 0.674 0.956 0.614 1.757
* The calculation formula for error is as follows: Error = (UFEM − UDEM)/UFEM × 100%, where U represents
the deflection value at the analysis scenario. ** The mean value is denoted by Qij, where i and j represent the
level number and parameter number, respectively. Qij indicates the mean error of the j-th parameter at the
i-th level under the orthogonal combination. For example, Q11 = (|Y1| + |Y6| + |Y11| + |Y16| + |Y21|)/5,
which reflects the influence degrees of parameter level changes on the target value. *** The range is calculated as
Range = max{Qj} − min{Qj}, which provides an estimate of the magnitude of the target value fluctuation due to
parameter changes.

Table 5 shows that compared to the finite element results, the discrete element method
can maintain high accuracy even when considering multi-parameter changes, such as
boundary conditions, dimensions, load forms, thickness-to-width ratio, elastic modulus,
and Poisson’s ratio. In addition, the discrete element method did not require a change in
element type for plates with different thicknesses. The error of maximum and mean values
for each parameter level were 4.212% and 2.633% respectively, indicating that the DEM
provided precise solutions to the displacement response problem of a loaded plate. The
maximum range of the mean value for each parameter level was 2.184%, demonstrating the
stability of the DEM algorithm. The deformation history curves of displacement tracking
points under different conditions are illustrated in Figure 14. The DEM accurately tracked
the displacement response of rectangular plates under loads, with no significant impact on
the accuracy and applicability of the algorithm when considering multi-parameter changes.
These findings confirm the universality of the DEM algorithm in solving deformation
problems of rectangular plates under various loads.
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Figure 14. Deformation curve of the displacement tracking point under various working conditions.

5. Conclusions

In this investigation, both single-parameter analysis and orthogonal design methods
were employed to analyze the impacts of relevant parameters on the displacement response
of a rectangular plate under loading, utilizing the discrete element method. The following
conclusions were drawn:

(1) The deformations of the plate were calculated and compared using the DEM and
FEM through single-parameter analysis with varying thickness-to-width ratios, elastic
modulus, or Poisson’s ratios. The discrete element method for plates did not require a
change in element type when the thickness-to-width ratio changed. With an increase in the
thickness-to-width ratio, the deflection gradually decreased, and the FEM–DEM calculation
error remained within 5%. Similarly, when the elastic modulus or Poisson’s ratio changed,
both methods considered the effect of membrane stress, with a maximum error of 3.54% and
−2.11%, respectively. These results indicated that the variations in individual parameters
had minimal impact on the accuracy and applicability of the DEM algorithm.

(2) To account for parameter interactions and their influence on the accuracy of the
DEM algorithm, an orthogonal design method was adopted with five levels for six pa-
rameters: boundary conditions, dimensions, load forms, thickness-to-width ratio, elastic
modulus, and Poisson’s ratio. The displacement responses of the plate structure under
loading were calculated for each combination and compared with the corresponding finite
element results. Compared to the finite element method, the maximum error for the anal-
ysis scenarios was 4.212%. Furthermore, the mean error and extreme difference for each
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parameter level were 2.633% and 2.184%, respectively. The static and dynamic displacement
response curves of each working condition exhibited a high degree of consistency with
those obtained according to the finite element method, further validating the universality of
the plate discrete element method in addressing the force response problems in continuous
medium plate structures.
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Abstract: The mechanism of blast damage to steel-clad concrete-filled steel tube (SCCFST) arched
protective doors is studied using the dynamic response characteristics of such loads under the action
of blast shock wave loads, and the ultimate blast load-bearing capacity formula is derived based on
the “plastic hinge” damage mode of the doors using limit analysis, which explores the effect of the
blast shock wave. The effect of the design parameters of each component of the protective door on
the load-bearing capacity subjected to blast shock waves is discussed. Results show that the damage
mechanism under a uniform radial load on the outer surface of the SCCFST arched protective door
is characterized by the plastic hinge lines at the two arch feet, which results in a slip fracture and
renders the protective door unstable. The load-bearing capacity of the SCCFST arched protective door
depends on the coordinated functioning of the cross-sectional outer cladding steel plate and inner
connecting partition, concrete-filled steel tube, and restraining concrete outside the steel tube. The
load-bearing capacity of each of the three parts differs with the varying cross-sectional occupancies.

Keywords: SCCFST arched protective door; dynamic response; damage mode; cross-sectional
ultimate bending moment; ultimate bearing capacity

1. Introduction

Protective doors are important building components used to ensure the safety of
personnel and property inside a building. Understanding the blast damage mechanism
of protective doors and determining their limited load-bearing capacity are critical to
their design and application. The available literature indicates that flat and arched doors
have been studied more extensively. In order to improve the blast resistance of protective
doors, several researchers have conducted experimental studies and numerical analysis
using software such as ANSYS and ABAQUS to optimize the structural system and form
of the doors [1–4]. Meanwhile, novel door materials or filling materials are being used
to improve door performance [5–11]. Compared to flat doors, arched doors offer better
protection for the same span and weight, are better suited to withstand dynamic impact
loads, and have significant advantages in blast resistance [12]. Steel-clad concrete-filled
steel tube (SCCFST) structures exhibit excellent load-bearing performance, capitalizing
on the advantages offered by steel and concrete materials. Additionally, these structures
are easily processable. Hence, they can be widely applied to national defense and human
defense engineering [13–15]. Considering these attributes, a satisfactory protective effect is
expected to be achieved, and this study is a step in that direction.

Li et al. [16] carried out a dynamic characteristic analysis of a double steel-clad concrete-
filled arched protective door and calculated the intrinsic frequencies and corresponding
vibration patterns of the door under various boundary conditions while carrying out a
spectral analysis of the overpressure time-history curve of the blast shock wave in front of
the door. They found that the shock wave energy was concentrated in the low-frequency
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interval, covering the main vibration frequencies of the door. Chen et al. [17] investigated
an arched panel with a double-layered structure and numerically studied its blast load
resistance and energy absorption capacity using the finite element software LS-DYNA
971, showing that this arched panel structure had a higher blast load resistance than
other forms of panels. Chen et al. [18] used AUTODYN to determine the blast load on a
protective door in an arched reinforced concrete test. They compared the dynamic response
characteristics of the door under single and multiple loads with the test, concluding that
the dynamic response of the door was mainly influenced by the non-linear contact between
the door and the frame and the strain rate effect. Guo et al. [19] used ABAQUS to study the
dynamic response characteristics of SCCFST protective doors under the effect of explosions,
and the analysis concluded that the steel pipe inside the doors contributed greatly to the
enhancement of structural resistance, while the effect of increasing the wall thickness of the
steel pipe and the strength of the concrete was not obvious.

Most studies use experimental and numerical simulation methods to analyze the
damage phenomena and dynamic response laws of arched protective doors and steel-clad
concrete structures, but the blast damage mechanism has been studied less. This essentially
limits the application of the blast resistance-bearing capacity method in engineering design.
To help develop engineering applications, we conducted numerical simulations to analyze
the damage mechanism of SCCFST arched protective doors subjected to blast shock waves.
Based on the motorized hinge method of limit analysis, a relationship was derived for the
blast resistance-bearing capacity, and the influence of section design parameters on the
load-bearing performance of the protective door was analyzed.

2. Problem Formulation and Computational Model

A typical two-side-supported arched protective door system is shown in Figure 1. The
protective door consists of three components: concrete-filled steel tube, confined concrete,
and surrounding steel panel and separators, as shown in Figure 2.

 

Figure 1. Schematic diagram of the arched protective door system.

As is shown in Figure 2b, the connection between the surface panel and its separa-
tors is realized by welding, as is the interface of the surface panel. Depending on the
actual working conditions, either spot welding or welding through the length can be used.
Supporting pads are used to isolate the steel tube and the surface panel, as well as the
separators on the foot of the arch. After all the steel components are connected, concrete is
poured inside.

In actual application, the net size of the aperture of the protective door is 3 m × 3 m.
The parameters relevant to cross-section 1-1 are selected as follows: the inner diameter
of the steel tube r1 = 9.5 cm, the outer diameter r2 = 11.5 cm, the minimum thickness of
restrained concrete between the steel tube and the surrounding panel bc = 1.0 cm, the
separator thickness bs = 0.5 cm, the net thickness of the concrete layer h1 = 25 cm, the width
of each cell b1 = 25 cm, and the thickness of the surrounding panel hs = 1.0 cm. The number
of cells other than the edge cells is denoted as n, and in this study, n = 10. The arch axis
radius R = 2.325 m and the circular angle 2θ = 90◦ are set for the cross-section 2-2.
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(a) 

 
(b) 

 
(c) 

 
(d) 

Figure 2. Schematic diagram of the SCCFST arched protective door. (a) Construction of the protective
door. (b) Steel connections in the protective door. (c) Size of cross-section 1-1. (d) Size of cross-
section 2-2.

The protective door system in Figure 1 can be simplified using the model shown in
Figure 3. Based on the symmetry, a 1/2 model is built.

 
Figure 3. Schematic diagram of the numerical simulation model of the protective door.
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The material properties are defined as follows: the steel is simulated using an intrinsic
plastic strengthening model (Mat_Plastic_Kinematic) with yield strength fy= 400 MPa,
density = 7850 kg/m3, and Young’s modulus = 206 GPa. The concrete is simulated using
the Johnson-Holmquist-Cook plastic damage model, with the design value of compres-
sive strength being 27.5 MPa and that of tensile strength being 2.04 MPa. High-strength
reinforced concrete is selected for the door frame wall to provide sufficient support for
the protective door. The Mat_Concrete_Damage model is selected for simulation, with the
axial compressive strength of matrix concrete f ′c= 50.2 MPa. The reinforcement is uniformly
distributed in the matrix as equivalent steel content in the concrete. The steel content is
taken as 0.5%, and the yield strength of the reinforcement fy= 400 MPa [20].

Restraint is defined as the automatic contact between the protective door and door
frame and the solid contact between the door frame and door frame wall, with a fixed-end
restraint applied to the door frame wall.

The blast load is defined as a simplified sudden addition of a linear decay load without
a boosting platform [16], as shown in Figure 4.

Figure 4. Blast load curve.

ΔP in Figure 4 is the peak overpressure of the blast load (MPa). Six calculating
conditions with ΔP values of 7 MPa, 10 MPa, 11 MPa, 12 MPa, 13 MPa, and 14 MPa are
selected, respectively. t1 is uniformly taken as 100 ms. The load shown in Figure 4 is applied
normally to the blast surface of the protective door and the door frame wall.

3. Dynamic Response Law and Damage Mode of the Protective Door under Blast Load

By analyzing the dynamic response law and damage mode of the protective door
under different ΔP, the damage mechanism of the protective door subjected to a blast load
provides a basis for theoretical calculation.

3.1. Dynamic Response Law of Protective Door

For the SCCFST arched protective door, the changes in the displacement of the arch top
and 1/4 arch span position can represent the dynamic response law well [21]. Therefore,
the arch top and 1/4 arch span positions are taken as the characteristic points for the
displacement time-history analysis under different ΔP.

Figure 5 shows that at the top of the protective door arch, when ΔP is 7 MPa, the
displacement time-history curve oscillates regularly about the zero scale, which shows
the elastic dynamic response of the protective door. When ΔP is 10 MPa–12 MPa, the
displacement time-history curve of the top of the arch is generally below the zero scale.
After reaching the peak of negative displacement, it still presents regular damped vibration,
which indicates the stable elastic-plastic vibration of the protective door. When ΔP reaches
13 MPa, there is a sudden change in the displacement time-history curve of the arch top, and
there will no longer be stable vibration after reaching the peak of negative displacement.
This indicates imminent plastic instability. Figure 6 shows that the displacement time-
history change law on the 1/4 arch span is similar to that of the arch top, and there is
a sudden change in the shape of the displacement time-history curve when ΔP reaches
13 MPa. This phenomenon coincides with the results observed by Budiansky and Roth in
their study of the dynamic stability of spherical shells. They observed that, for a certain
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load level, when a small increment of the load causes a large change in the displacement
response of the structure, the structure undergoes dynamic buckling, i.e., instability at
the extreme point, and the corresponding load is referred to as the dynamic damage
critical load [22]. This problem is also associated with a sudden change in the shape of the
displacement time-history curve at the characteristic point when ΔP is between 12 MPa
and 13 MPa. Then, the ΔP corresponding to the instant of sudden change can be considered
as the ultimate load that the protective door can withstand.

 

Figure 5. Displacement time-history on the top of the SCCFST arched protective door.

 

Figure 6. Displacement time-history on 1/4 arch span of the SCCFST arched protective door.

3.2. Damage Mode of the Protective Door

For observation and analysis, an element from the middle of the protective door is
selected, and the damage phenomena and damage mode are analyzed for each component.
See Figure 7.

    (a)               (b)              (c)                (d) 

Figure 7. Schematic diagram of the components of a cell of the protective door. (a) Inner concrete
(b) Steel tube (c) Confined concrete (d) Surface panel and its separators.
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Two typical working conditions of ΔP= 10 MPa and ΔP = 12 MPa are selected, and
the damage phenomena of each component in the protective door cell are presented in
Figures 8 and 9:(In the figures, e refers to ×, e.g., 8e + 03 refers to 8 × 103).

  

(a)                                     (b) 

  

              (c)                                      (d) 

Figure 8. Effective plastic strain distribution of each component of the protective door when
ΔP = 10 MPa. (a) Inner concrete. (b) Steel tube. (c) Confined concrete. (d) Surface panel and
its separators.

  

(a)                                        (b) 

  

(c)                                        (d) 

Figure 9. Effective plastic strain distribution of each component of the protective door when
ΔP = 12 MPa. (a) Inner concrete. (b) Steel tube. (c) Confined concrete. (d) Surface panel and
its separators.

167



Buildings 2023, 13, 1424

The loading time of the two figures above is uniformly taken as the end of the simula-
tion, i.e., 100 ms. Under the blast load of ΔP= 10 MPa, the inner concrete basically does
not appear to be damaged. The confined concrete is dislodged on the tensile side, and the
steel tube, surface panel, and separators enter the plastic state at the top and the foot of the
arch in a part of the section. When ΔP= 12 MPa, the inner concrete and confined concrete
at the foot of the arch are fractured, and the steel tube, surface panel, and separators show
concentrated plastic strain distributions at the foot of the arch, indicating the trend of the
plastic state of the entire section. Under the two different blast loads, the damage mode
of the protective door is changed. When ΔP= 10 MPa, the protective door is damaged to
some extent at the top and foot of the arch, but the damage limit is not yet reached. When
ΔP= 12 MPa, the protective door suffers serious damage, mainly in the arch foot, which is
close to the damage limit.

Additional working conditions have been selected, and the description of damage
characteristics under each blast load is summarized in Table 1:

Table 1. Damage situation of protective doors under different ΔP.

ΔP Distribution Diagram of Plastic Strain Description of Damage Characteristics

7
The protective door shows overall deformation response

characteristics; the plastic strains appear at the top and foot
of the arch, but the distribution of the plastic zone is not

large, and the plastic zone at the foot of the arch is smaller.

10

11

The protective door still shows the overall deformation
response characteristics, and the plastic strains appear at

both the top and foot of the arch. However, compared to the
case of ΔP= 10 MPa, the range of plastic strain distribution
at the top of the arch is reduced, while the range of plastic

strain at the foot of the arch is increased.

12

 
The protective door shows local damage characteristics,

plastic strains are concentrated at the foot of the arch, the
concrete in this position shows “fracture,” and the steel is

about to enter or has entered the situation of full
section yielding.

13

14 A slip fracture appears at the foot of the arch, and the
protective door becomes unstable and collapses.

Table 1 shows that with the increase in ΔP, the degree of damage to the SCCFST
arched protective door gradually aggravates. The value of ΔP is less than 11 MPa when the
protective door shows the overall deformation response mode in which the load causes
a continual increase in damage. This is evidenced by the deformation of the arch foot
leading to the slip fracture damage mode. Combined with the description of the dynamic
response of the protective door displacement in Section 3.1, it can be deduced that the door
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becomes dynamically unstable when the “plastic hinge” is formed at the foot of the arch,
and the structure becomes a geometrically unstable system that reaches the limit of its
load-bearing capacity.

3.3. Damage Mechanism of the Protective Door

According to the analysis results presented in Section 3.2, under large blast loads
(ΔP ≥11 MPa), the regions of plastic damage are mainly located at the foot of the arch.
In practical engineering design, it is necessary to consider the situation where the door is
subjected to large blast loads, making the arch foot the most susceptible to damage, and the
damage limit of the arch determines the load-bearing capacity of the door. According to
the yield line theory [23], the plastic hinge formed at the foot of the arch when subjected
to a radial blast load uniformly distributed on the outer surface is, by definition, the yield
line. The protective door slides and collapses along the yield line and eventually becomes a
geometrically unstable system. The diagram of the yield line is as follows:

The damage can be modeled using the maneuver method of limit analysis. If the
SCCFST structure is considered an ideal elastic-plastic material, the structure will enter the
plastic flow state when the load reaches a certain value. Using the upper limit theorem,
the upper limit of the ultimate load can be determined by equating the internal work in
the maneuvering tolerance field to the external work. The specific calculation method is
shown in Section 4.

4. Theoretical Calculation of Ultimate Blast Resistance-Bearing Capacity of the
Protective Door

4.1. Mechanical Model

In the motorized hinge method of limit analysis, each yield line in Figure 10 is inte-
grated to establish the virtual work equation, where the external work performed by the
uniform load is given by

W = ∑
�
An

Piω(x, y)dAn (1)

where, Pi is the load per unit area, ω(x, y) is the displacement per unit area along the
direction of the load, and An is the area of the load-acting surface.

Figure 10. Schematic diagram of yield line.

The internal work performed by the cross-sectional internal force along the yield line
is:

D = ∑
[∫

l
αi Muids

]
(2)

where, αi is the normal turning angle, Mui is the unit width of the section limit bending
moment, and l is the yield line length, i.e., the section width.

From the geometry,
W = D (3)

According to the principle of imaginary displacement, a normal imaginary displace-
ment δ is applied at each yield line, as shown in Figure 11:
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Figure 11. Calculation sketch of the arched protective door.

The bending moment at the two plastic hinges is such that MA = MC = Mu.
In Figure 11, the initial length of AB is m. From the geometry, it follows that:

m = R
√

2(1 − cos ϑ) (4)

Since α is very small, it can be approximated as

δ = m·α (5)

Then, the work performed by the internal force along the yield line is:

D = ∑ αi Muilj = 2αMul =
2δMul

R
√

2(1 − cos ϑ)
(6)

The work performed by the external load can be expressed as:

W = ∑ ViPi = qeΩl = qelACδ·l = 2Rδϑl·qe (7)

where, Ω is the area formed by the movement of the protective door in the unit width of
the cross-section 2-2.

Substituting Equations (6) and (7) into (3), we obtain the expression for the ultimate
static load that the protective door can withstand:

qe =
Mu

R2ϑ
√

2(1 − cos ϑ)
(8)

To obtain the ultimate blast load that the protective door can withstand, a dynamic
coefficient Kd is introduced, which is the ratio of the dynamic effect of the blast load on the
protective door to the equivalent static load required to produce the same response in the
system. The equivalent static load on the system is:

qe = Kd·ΔPm (9)

For the elastic-plastic system subjected to the sudden addition of linear decay load
shown in Figure 4, the value of Kd is related to the load action time t1, structural self-
oscillation circular frequency ω, and allowable ductility ratio [β] as follows [24]:

Kd =

[
2

ωt1

√
2[β]− 1 +

2[β]− 1
4[β](1 + 4/ωt1)

]−1
(10)

For steel-concrete composite structures, [β] is often taken as 3.
In Equation (10), Kd tends to be 1.2 when ωt1 > 8. The arched protective door

considered in this study is consistent with such a situation.
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4.2. Ultimate Bending Moment of Cross-Sectional

The ultimate bending moment of the cross-section of the protective door is the positive
cross-sectional bending-bearing capacity. It has three components associated with the
concrete-filled steel tube, the steel frame that connects the surrounding steel panel and
separators, and the confined concrete between the steel tube and steel frame, respectively.
Here, the concrete-filled steel tube and separators can be seen as a unified steel bone. The
following basic assumptions are satisfied for the calculation [25]:

(1) Steel and concrete have flat sections with respect to deformation;
(2) The plot of stresses in the compressed zone within the concrete can be simplified to

an equivalent rectangle;
(3) The plots of tensile and compressive stresses in the steel bones are trapezoidal, which

can be simplified to an equivalent rectangle in calculation;
(4) The tensile strength of the concrete is ignored.

The SPSPC section can be divided into (n + 2) subsections or cells as indicated in
Figure 2, and the calculation sketch for each sub-section is shown in Figure 12.

Figure 12. Calculation Sketch of ultimate bending moment of SPSPC section.

According to the force balance:

∑ N = 0,

α1 fcbeqkxk + fy’Ask’+ f scSc1k + fa’Sc2k = fa(St1k + St2k) + fy Ask

∑ M = 0,

Muk = α1 fcbeqk
x2

k
2 + fy’Ask’

(
xk +

hs
2

)
+ fscSc1kxc1k + f a’Sc2k

xk
2

+ fa

(
St1kxt1k + St2k

h0−xk
2

)
+ fy Ask

(
h0 − xk +

hs
2

)
(11)

where, α1 is the concrete strength subfactor. When the strength does not exceed 50 MPa, α1
is taken as 1.0; when the strength does not exceed 80 MPa, α1 is taken as 1.0. Elsewhere, α1 is
determined by linear interpolation between 50 MPa and 80 MPa; fc is the axial compressive
strength of concrete; beqk is the equivalent width of the concrete compression zone of the k
calculated section given by

beqk =
bkxk − Sc1k − Sc2k

xk
(12)

where bk is the width of the concrete section of the k calculated section; xk is the height
of the concrete compression zone of the k calculated section; fy′, fy are the design values
of compressive and tensile strength of the surrounding panel; Ask′, Ask are the area of
the panel in compression and in the tension of the k calculated cross-section; fa′, fa are
the design values of the compressive and the tensile strength of the steel bone; fsc is the
compressive strength of the combined section of the concrete-filled steel tube.
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According to the standard DL/T5085-2021 [26],

fsc =
(

1.212 + Mξ + Nξ2
)

fc (13)

In Equation (11), M = 0.1759 fy/235 + 0.974; N = −0.1038 fc/20 + 0.0309; ξ is the

concrete-filled steel tube confinement factor, and ξ =
fySs
fcSc

; Ss is the steel tube cross-sectional
area in the concrete-filled steel tube; Sc is the concrete cross-sectional area in the concrete-
filled steel tube; Sc1k, St1k are the area of the concrete-filled steel tube in the compression
zone and tension zone of the kth calculated section.

From the geometry,
Sc1k =

1
2 r2

2(2θk − sin2θk)

St1k =
(
r2

2 − r2
1
)
(π − θk)

θk = cos−1 h0/2−xk
r2

(14)

Sc2k, St2k are the area of the separators (or surrounding side panel) in the compression
zone and tension zone of the kth calculated section;

Sc2k = (b1k + b2k)xk

St2k = (b1k + b2k)(h0 − xk)
(15)

b1k, b2k are the width of steel bone on two sides of the kth calculated section. When
k = 1, b1k = hs, b2k = bs

2 ; when k = n + 2, b1k = bs
2 , b2k = hs; when k is taken as else,

b1k = b2k = bs
2 ; xc1k, xt1k are the distance from the mass center of the concrete-filled steel

tube in the compression zone O1k and the mass center of the concrete-filled steel tube in the
tension zone O2k to the neutral axis of the kth calculated section.

The ultimate bending moment of the SCCFST section can be derived using the sum-
mation formula:

Mu = ∑n+2
k=1 Muk (16)

4.3. Analysis of Calculation Results

The ultimate blast resistance-bearing capacity of the protective door can be derived
using Equations (8), (9), (11) and (16).

The numerical examples presented in Section 2 are solved using the theoretical meth-
ods described in this section.

The fc of the C60 concrete is 27.5 MPa and α1 is 0.98, while the fy f ′y/ fa/ fa′ of steel is
400 MPa.

In this case, the ultimate blast resistance of the SCCFST arched protective door is
11.28 MPa by the theoretical method. According to the numerical simulation, the ultimate
load capacity range obtained is 12–13 MPa, and the results of the theoretical calculation are
slightly lower than those of the numerical simulation, but the relative error does not exceed
13%. The reason for this phenomenon is that the theoretical calculation considers only the
confinement effect of the steel tube for the concrete inside, whereas the confinement effect
of the surrounding panel and its separators for the confined concrete is ignored.

5. Analysis of the Impact of Design Parameters on the Ultimate Blast
Resistance-Bearing Capacity

The cross-section of the SCCFST arched protective door consists of a concrete-filled
steel tube, a steel frame connected with the surrounding panel and its separators, and a
confined concrete section between the steel tube and the steel frame. Changing the design
parameters related to any of these components will affect the blast resistance. In this
section, the design parameters related to each component are varied. Using the calculation
method proposed in Section 4, the effect of these changes on each component of the blast
resistance-bearing capacity of the protective door is analyzed.
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5.1. Influence of Concrete-Filled Steel Tube Design Parameters

From (13), it can be seen that the factors that influence the strength of the combined
section of a concrete-filled steel tube include the outer diameter of the steel tube, the wall
thickness of the steel tube, the strength of the steel tube, and the strength of the concrete.

For ease of comparison, the dimensional parameters of each component are expressed
in terms of the steel ratio (section occupancy) ρ, and it is the percentage of the cross-
sectional area of each component to the cross-sectional area of the protective door, which is
as follows:

Steel ratio of steel tube:

ρt =
(n + 2)π(r2 − r1)

2

[b1(n + 2) + 2(hs − bs)](h1+2hs)
(17)

Occupancy of concrete-filled steel tube section:

ρsc =
(n + 2)πr2

2

[b1(n + 2) + 2(hs − bs)](h1+2hs)
(18)

Steel ratio of surrounding panel and separators:

ρ f =
2hs[b1(n + 2) + 2(hs − bs) + h1] + (n + 1)bsh1

[b1(n + 2) + 2(hs − bs)](h1+2hs)
(19)

Since the outer diameter and wall thickness of the steel tube determine the geometric
dimension of internal concrete, the section occupancy of the pipe ρsc and the steel ratio of
the pipe ρt are analyzed first.

At ρt= 19.42%, the corresponding relationship between different section occupancies
of the concrete-filled steel tube and the blast resistance of the protective door is shown in
Figure 13. At ρsc = 61.14%, the corresponding relationship between the different section
occupancies of the steel tube and the blast resistance of the protective door is shown in
Figure 14.

 
Figure 13. Effect of ρsc on the protective door load-bearing capacity.

The relationship between the strength of the steel tube and the load-bearing capacity
of the protective door is shown in Figure 15, and the relationship between the strength of
the concrete inside the steel tube and the load-bearing capacity of the protective door is
shown in Figure 16.
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Figure 14. Effect of ρt on the protective door load-bearing capacity.

 
Figure 15. Effect of steel tube strength on the protective door load-bearing capacity.

 
Figure 16. Effect of the strength of the concrete in the steel tube on the protective door load-bearing
capacity.

From Figures 13–16, it can be observed that an increase in the section occupancy of
the concrete-filled steel tube and steel tube strength can improve the blast load-bearing
capacity of the protective door, whereas an increase in the steel ratio of the concrete-filled
steel tube strength inside the steel tube in a certain interval has a negative effect on the blast
load-bearing capacity of the protective door. This is because the confinement coefficient is
an important factor that affects the strength of the combined structure when the concrete-
filled steel tube is considered a composite structure. According to Equation (13), if the
confinement coefficient is too large, the composite structure of the concrete-filled steel tube
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cannot perform as well, and it will result in a decrease in strength. Therefore, the wall
thickness and strength of the steel tube and the concrete strength should be controlled
within the appropriate range. Without changing the steel ratio, in comparison, the outer
diameter of the steel tube can be increased to improve the blast resistance. This approach
can make full use of the confinement of the steel tube on the concrete and offers an
economical solution. Hence, it is advisable to maximize the increase in the outer diameter
of the steel tube.

5.2. Influence of Design Parameters of Confined Concrete

The geometry of the confined concrete changes with that of the steel tube, surrounding
panel, and separators. Thus, the effect of the geometry of confined concrete on the blast
resistance is not considered in this subsection, and only the effect of changes in the concrete
strength is analyzed, as shown in Figure 17.

 
Figure 17. Effect of the strength of confined concrete on the protective door load-bearing capacity.

It can be seen from Figure 17 that as the strength grade of the confined concrete
increases from C50 to C80, the load-bearing capacity of the protective door also rises slowly,
but ΔPm has been maintained at about 11.3 MPa, and the change is not obvious.

5.3. Influence of Design Parameters of the Surrounding Panel and Its Separators

The variable design parameters of the surrounding panel and separators are the steel
ratio and steel strength, which do not change the thickness of the separators. The steel ratio
is changed by adjusting the thickness of the surrounding panel. The influence of these two
parameters on the blast resistance of the protective door is illustrated in Figures 18 and 19.

 
Figure 18. Effect of ρ f on the protective door load-bearing capacity.
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Figure 19. Effect of steel strength on the protective door load-bearing capacity.

From the two figures above, it can be seen that ΔPm increases by 75.5% when the steel
ratio ρ f increases by 11.71% and by 36.8% when the steel strength is nearly doubled.

6. Conclusions

The following conclusions can be drawn from the study described herein:

(1) Under a radially uniform load on the outer surface, as the load increases, the SCCFST
arched protective door supported on both sides shifts from the overall deformation
reaction mode into the development of a plastic hinge line at the foot of the two arches,
resulting in dynamic instability. The protective door becomes a geometrically unstable
system and eventually fails due to slip fracture damage.

(2) This paper proposes a method for calculating the ultimate blast resistance of the
SCCFST arched protective door based on the motorized hinge method of ultimate
analysis. This method considers the geometric relationship between the “plastic
hinge” damage mode of the door and the coordinated action of the components of the
door section and can be used for the design and analysis of protective doors against
blast load.

(3) The impact of the design parameters of each part of the SCCFST arched protective
door on the ultimate blast resistance-bearing capacity has a clear pattern: (A) The
primary factor influencing the ultimate blast resistance is the surrounding panel and
its separators. Hence, increasing the steel ratio and steel strength can significantly
increase the ultimate blast resistance load capacity. (B) The concrete-filled steel tube
contributes to the ultimate blast resistance to a lesser extent. Enhancing the steel ratio
and strength of the steel tube within a certain range can moderately improve the
ultimate blast resistance. (C) While confined concrete plays a role in the ultimate blast
resistance capacity, the impact of increasing the concrete class on the load-bearing
capacity is not particularly pronounced.
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