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Abstract: The negative stiffness bistable damper (NSBD) was proposed to suppress structural dy-
namic responses in our previous study. The vibration mitigation performance of the NSBD is
influenced by its design parameters, including negative stiffness, cubic stiffness, and damping coeffi-
cients. However, it is extremely challenging to directly acquire the ideal design parameters of the
NSBD owing to its inherent nonlinearity. To address this disadvantage, the optimal design approach
for the NSBD, based on the equivalent linearization method (ELM) and genetic algorithm (GA), is
presented in this paper. The nonlinear NSBD system can be transformed to a linear system utilizing
the ELM based on the pseudo-excitation method (PEM). The linearization model that corresponds to
the nonlinear NSBD is fairly accurate in its approximation and can be indicated from the numerical
results. Then, the main structure’s peak response is minimized through the optimization of the
design parameters of the NSBD using the H∞ norm and GA. Moreover, the proposed approach’s
effectiveness is assessed using the optimal parameters to calculate the displacement responses of a tall
building equipped with the NSBD during various seismic excitations. As revealed by the numerical
results, the displacement of the tall building can be effectively restrained by the optimized NSBD.

Keywords: equivalent linearization; genetic algorithm; Monte Carlo method; negative stiffness
bistable damper (NSBD); negative stiffness; optimal design; tall building

1. Introduction

Structural vibration control is well developed but is still a potentially developing
field and is an effective earthquake protection method for building structures in civil
engineering [1]. Based on different types of damping strategies, structural control ap-
proaches are often categorized as passive control, active control, semi-active control, and
hybrid control [2]. Among these approaches, passive control, such as tuned-mass dampers
(TMDs) [3–6] and energy dissipation devices [7,8], is the most widely utilized structural
control technology owing to its high dependability and effectiveness in real-world applica-
tions. Practical applications in civil engineering are demonstrated by examples such as the
Sydney Chifley Tower and Shanghai Center Tower [9,10].

Generally, the natural frequencies and models of civil engineering structures play a
dominant role in vibration control. The frequency of the conventional tuned-mass damper
(TMD) is designed based on the frequency of the main structure, greatly reducing the miti-
gating effect of the dampers once there is an inconsistency with the frequency of the main
structure. Therefore, the detuning of the main frequency is a major disadvantage of the
conventional tuned-mass damper (TMD). To address this shortcoming, numerous negative
stiffness dampers (NSDs) have been proposed to upgrade the efficacy of structural control
systems. Pasala et al. [11] proposed a combined NSD–structure system consisting of an
adaptive negative stiffness system (ANSS), a viscous damper, and a combination of NSDs.
This novel damper can significantly mitigate the acceleration, displacement, and base shear
of the main structure. A further experimental and numerical simulation study demon-
strated the effectiveness and superior performance in reducing the vibration responses
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of the main structure under earthquake excitations [12]. Li et al. [13] and Sun et al. [14]
proposed an innovative negative stiffness apparatus and damper system, respectively, to re-
duce the seismic responses of highway bridges. The experimental results demonstrated the
effectiveness of the analytical model of the NSD in retaining the displacements of the base
and bridge. Sun et al. [15–17] invented a new passive negative-stiffness-amplifying damper
(NSAD) for preserving the significant damping magnification effect and property of the
negative stiffness, which can greatly reduce the responses of the structure when exposed to
earthquakes. Zhou and Li [18] and Chen et al. [19] introduced negative stiffness devices
(NSDs) using a self-contained highly compressed spring to mitigate stay-cable vibrations,
as investigated by numerical simulation and experimental tests. Shi and Zhu [20,21] and
Shi et al. [20–22] investigated the significant vibration-damping performances of two inno-
vative devices of magnetic negative stiffness dampers (MNSDs) compared with different
active control approaches, as successfully verified by laboratory experiments. Furthermore,
numerous other innovative negative stiffness dampers [23–28] have been explored for the
vibration damping of structures, showing a significant control effect.

Meanwhile, the bistable structure can provide both negative stiffness and cubic stiff-
ness properties, presenting an excellent vibration-damping effect when installed in dampers.
The bistable damper installed on the main structure has two stable equilibrium positions,
which can maintain a stable motion state without the continuous input of the external
energy and can achieve rapid conversion between steady-state configurations under the
driving force of the main structure’s conduction. These special structural characteristics
make the bistable structure extensively utilized in vibration attenuation and vibration
isolation. As for the research on vibration reduction, experiments and analytical models
have been carried out to investigate the dynamic response control under harmonic and
earthquake excitations, and the results indicated that the vibration-reducing effects of a
bistable attachment [29] and a bistable tuned-mass damper (BTMD) [30] were effective for
a bistable oscillator and a bridge deck, respectively. In addition, bistable vibration isolation
(BVI) [31,32] and quasi-zero stiffness (QZS) [33] isolation devices have been developed,
and experiments have shown that these devices can significantly improve the vibration
isolation effect through the snap-through effect of the bistable structures.

The NSBD has been proposed in our previous study [34] to reduce the structural dy-
namic responses, inspired by the properties of the negative stiffness and bistable structure,
which benefit the passive control. Based on previous experimental research, this paper
further studies and proposes a detailed optimization design method to achieve the excellent
vibration control of high-rise structures. The design parameters of the NSBD, such as nega-
tive stiffness, cubic stiffness, and damping coefficients, can have a significant impact on the
vibration control performance. Therefore, to maximize its vibration suppression capability
when used to mitigate structural vibrations, it is important to set the optimal design param-
eters for the NSBD. Since the negative stiffness element installed in numerous dampers to
attenuate vibration responses has been proposed by several researchers, various design
approaches have been developed to reduce vibrations caused by various types of excitation
sources by installing vibration-suppressing devices on various primary structures. Li and
Sun [35] invented an optimization objective function for the rail-type negative stiffness con-
trol system according to the characteristics of the negative stiffness control system. Dai and
Zhao [36] optimized the equal-peak design of a dynamic vibration absorber with negative
stiffness and analyzed the effects of the structural parameters on the effective damping
frequency’s bandwidth, achieving a reduction percentage of over 40% within the effective
damping frequency’s band range. Li et al. [37] and Ullslam et al. [38] proposed an innova-
tive dynamic vibration absorber (DVA) and a vibration isolator using negative stiffness and
focused on examining the optimal frequency ratio and negative stiffness ratio using the
fixed-point theory. Zhang et al. [33] invented a tuned-mass damper with a negative stiffness
device (TMD_NSD) and verified its excellent vibration-suppressing effect by experimental
tests. Charef et al. [39] studied a non-traditional tuned-mass damper (NTTMD) employing
negative stiffness to dampen a primary system, achieving better optimal tuning parameters.
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Moreover, many other novel and valuable algorithms and methodologies [40–44] can lead
to more accurate and automated mechanical systems shortly.

However, the NSBD’s inherent nonlinearity makes it impossible to directly compute
its transfer function using analytical methods. Although the numerical simulation method
is sufficient to compute dynamic responses of the nonlinear system, it is still challenging
to optimize the parameters of the NSBD owing to the massive numerical analysis. The
optimal design for an NSBD installed on a damped structure cannot be determined through
analytical solutions. To address this issue, this paper recommends a strategy using the
ELM and GA to optimize the design parameters of the NSBD initially. First, utilizing the
ELM and PEM, the NSBD is transformed to a linear system. Second, the optimal design
parameters of the NSBD are calculated using the optimal design method to decrease the
peak displacement response of the primary structure. The GA is utilized to achieve an
optimal solution during the optimization procedure. Furthermore, to evaluate the efficacy
of the suggested approach, the NSBD-installed tall building’s dynamic responses under
different seismic excitations are numerically computed using the optimal parameters.

2. Control Equations of a Single-Degree-of-Freedom (SDOF) Structure Equipped with
an NSBD

2.1. Mechanism Characterization of the NSBD

A linear SDOF structure equipped with an NSBD was introduced in our previous
study [34]. For the dynamic analysis of beam-like structures, the Galerkin-assumed modal
approach [45–48] has been applied in practical applications [48–50] and has led to remark-
able results. On this basis, this paper further simplifies the beam-like structure to a cosine
beam structure for the mechanical performance analysis. According to a study by Qiu
et al. [51], based on the assumption of a small deformation, the bending deformation of
the buckling beam is considered, while because the shear deformation has a relatively
small impact on the buckling beam’s direction of motion, the shear deformation is ignored.
Then, the mechanical constitutive equation for the displacement of the buckling beam (as
illustrated in Figure 1) under the external force is as follows:

F0 = (
3π4Q2

2
)Δ[Δ − 3

2
−
√

1
4
− 4

3Q2 ]× [Δ − 3
2
+

√
1
4
− 4

3Q2 ] (1)

where F0 = Fl3
c

EIδ , Δ = σ
δ , and Q = wx

δ are dimensionless normalization parameters. The
geometric parameters of the buckling beam include the span (lc) and the thickness (δ); σ,
which is the intermediate deformation of the buckling beam under external force F; and the
arching height (wx).

Figure 1. The buckled beam with pre-stress.

As derived in our previous study [34], the mechanical constitutive equation for the
bistable buckling beam is

F = −(
3π4wy

2EI
2δ2l3

c
− 2π4EI

l3
c

)x +
3π4EI
2l3

c δ2
x3 +

2π4EIwy

l3
c

(2)
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As shown in Equation (3), the mechanical constitutive law of the buckling beam
consisted of the negative stiffness term and the cubic stiffness term.

Fs = knx + kcx3 (3)

where the negative stiffness coefficient is kn = −(
3π4wy

2EI
2δ2l3

c
− 2π4EI

l3
c

), and the cubic stiffness

coefficient is kc =
3π4EI
2l3

c δ2 .

2.2. Kinematic Equations for an NSBD-Equipped Structure

For brevity, a simplified single-degree-of-freedom (SDOF) structure equipped with
an NSBD is illustrated in Figure 2. Parameters m, c, and k represent the mass, damping,
and stiffness of the host structure, respectively. Earthquakes are assessed based on the base
acceleration (

..
xg). Furthermore, ms is the NSBD’s mass; cs is the damping of the NSBD; kn

and kc represent the negative stiffness and the cubic stiffness of the NSBD, respectively; and
x and xs represent the relative displacements of the structure and the NSBD with respect to
the ground, respectively.

 

Figure 2. Schematic of the SDOF system with an NSBD.

In structural analysis, the governing differential equations of an SDOF system equipped
with an NSBD subjected to base excitation can be directly derived from Newton’s second
law and expressed as

m
..
x + c

.
x + kx + cs(

.
x − .

xs) + kn(x − xs) + kc(x − xs)
3 = −m

..
xg

ms
..
xs + cs(

.
xs − .

x) + kn(xs − x) + kc(xs − x)3 = 0
(4)

Equations (4) can be expressed in matrix form as follows:
[

m 0
0 ms

]{ ..
x
..
xs

}
+

[
c + cs −cs
−cs cs

]{ .
x
.
xs

}
+

[
k + kn −kn
−kn kn

]{
x
xs

}
+ {Q} =

{−m
..
xg

0

}
(5)

{Q} =

{
kc(x − xs)

3

kc(xs − x)3

}
(6)

where kn represents the negative stiffness coefficient, and kc represents the cubic stiffness
coefficient.
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3. Equivalent Llinearization of the NSBD

3.1. Equivalent Linearization Method (ELM)

The NSBD is a nonlinear system, as outlined in Section 2. The fundamental-frequency-
based TMD parameters’ design may not be sufficient for NSBDs. To overcome this limita-
tion, in this section, the optimization parameters of the nonlinear NSBD are determined
using the ELM to linearize them to a linear system.

In the realm of nonlinear random-vibration-engineering analysis, the ELM has ad-
vanced significantly, offering an effective, straightforward approach. This method repre-
sents an approximate solution for predicting a nonlinear system’s stochastic responses,
holding considerable practical application potential. The core principles of the ELM are
to substitute a nonlinear NSBD system with a linear one having an exact solution and to
minimize their differences statistically. The control equation of the NSBD–structure system
is as follows:

M
..
X + C

.
X + KX + Q = −M1P

..
xg (7)

where Q represents the nonlinear part, and P = [1 0]T denotes the position vector of the
seismic excitation. Assuming that a stationary response for the system given by Equation (7)
is achievable, the NSBD–structure system is approximately replaced with an equivalent
linear system, as per the ELM, as expressed in Equation (8).

M
..
X + C

.
X + (K + Ke)X = −M1P

..
xg (8)

where Ke represents the equivalent stiffness matrix.
To render the system given by Equation (7) as being equivalent to the linear system

described in Equation (8), one must strive to minimize the mean square value of the
difference (e) between these equations.

e = Q − KeX (9)

The necessary condition for this equivalence is

∂

∂[Ke]ij
E[eTe] = 0 (10)

where (i, j = 1, 2), and E represents the expectation of the variable. Equation (11) can be
obtained by solving Equation (10).

Ke = E
[

3kc(E(x2)− 2E(xxs) + E(x2
s )) −3kc(E(x2)− 2E(xxs) + E(x2

s ))
−3kc(E(x2)− 2E(xxs) + E(x2

s )) 3kc(E(x2)− 2E(xxs) + E(x2
s ))

]
(11)

The pseudo-excitation method (PEM) was employed to iteratively compute Ke in
Equation (11). The PEM, as proposed by Lin et al. [52–54], is gaining acceptance as an
advanced and reasonable analysis tool that adequately accounts for the statistical proba-
bility characteristics of earthquake occurrences. Owing to the PEM’s speed and efficient
use of storage space, the structure’s responses, such as displacement and acceleration, can
be efficiently computed on ordinary microcomputers. This advanced structural modeling
approach ensures greater accuracy in engineering structural analyses.

In the case of the NSBD–structure system, a pseudo-harmonic excitation can be ex-
pressed by Equation (12).

..
xg =

√
S ..

xg
(ω)eiωt (12)
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where S ..
xg

denotes the spectral density function. As given by Equation (13), the Kanai–
Tajimi [55] model was employed in this paper.

S ..
xg
(ω) = S0

1 + 4ξ2
g(ω/ωg)

2

[1 − (ω/ωg)
2]

2
+ 4ξ2

g(ω/ωg)
2

(13)

where S0 denotes the power spectral density of the bedrock’s acceleration, while ξg and ωg
represent the damping ratio and rotational angular frequency, respectively, of the site’s soil.
The parameters of the Kanai–Tajimi spectrum are detailed in Table 1.

Table 1. Parameters of the Kanai–Tajimi spectrum.

Parameter
Type of Site

I II III IV

S0 (m2/s3) 0.0072 0.0091 0.0111 0.0166
ζg 0.64 0.72 0.80 0.90

ωg (rad/s) 20.94 15.71 11.42 8.38
I, II, III, and IV represent the first, second, third, and fourth types of sites, respectively.

Therefore, Equation (8) is expressed as follows:

−ω2M + iωC + (K + Ke)){X} = {P}
√

S ..
xg
(ω)eiωt (14)

As is known,

E(x2) =
∫ +∞

−∞
|x|

2
dω, E(xxs) =

∫ +∞

−∞
|x||xs|dω, E(x2

s ) =
∫ +∞

−∞
|xs|

2
dω (15)

By iteratively computing Equations (7), (8), (10), (11), (14) and (15), one can derive the
equivalent linearization parameters of an NSBD. The calculation details are as follows:

Step 1: Given that the equivalent mass and damping matrices are zero, computing
only the equivalent stiffness matrix is required using Equations (7), (8) and (10);

Step 2: Determine the appropriate input power spectrum according to the properties
of the external excitation;

Step 3: Initially set the values of the equivalent linearization parameters before em-
ploying Equation (14) to compute the pseudo-responses. Subsequently, obtain the variance
and covariance by solving Equation (15), leading to the replacement of the equivalent
parameter matrices with new ones using Equation (11);

Step 4: Continue with step 3 until the parameters meet the specified criteria (The
relative error value of the adjacent variances for each variable is greater than 10 × 106);

Step 5: By solving Equation (11), the equivalent parameter matrices can be determined
for the original nonlinear system.

3.2. Monte Carlo Method

The Monte Carlo random simulation method [56–58], grounded in the central limit
theorem of probability theory, is a widely recognized random method. Theoretically, its
accuracy is enhanced with an increment in the number of samples. Applicable to diverse
problems, the Monte Carlo method facilitates modeling and solving both mathematical
models and complex systems in practical contexts. Particularly for complex problems, the
Monte Carlo method often yields relatively accurate estimates. This method is an effective
tool widely used in mathematical modeling and practical problem-solving and is noted for
its flexibility, accuracy, and interpretability.

For analyzing the dynamic responses of structures with random parameters using the
Monte Carlo method, the basic steps include the following:

6
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Step 1: Generate N samples of random parameters reflecting the statistical character-
istics prescribed. The stochastic excitation sample can be simulated using Equation (16).

..
xg =

N

∑
k=1

Ak cos(ωkt + θk) (16)

where Δω= (ωn − ω1)/N, A2
k = 4S ..

xg
(ωk) · Δω, and ωk = ω1 + (k − 1

2 ) · Δω for k =

1, 2, · · · , N. N represents the number of samples for random parameters; ω1 and ωn specify
the limits within the frequency range; θk denotes a random number in [0, 2π];

Step 2: Insert sampled values of structural parameters into the structure’s vibration
equation;

Step 3: Employ numerical methods to solve the structure’s kinematic equation and
determine its dynamic responses;

Step 4: Repeat from steps (1) to (3) to generate N samples of structural dynamic
responses and subsequently calculate their statistical characteristics.

3.3. Numerical Analysis

To ascertain whether the equivalent linearization of the NSBD–structure coupled
system corresponds to the dynamic responses of the original nonlinear system, the dynamic
responses are compared between the two systems computed using the Monte Carlo method.
As per Equation (16), 1000 seismic excitations were randomly generated, each lasting 200 s.
The parameters for the stochastic excitation sample include N = 10,000, ω1 = 0 Hz, and
ωn = 100.0 Hz. The peak acceleration of the stochastic excitation is set at 1 m/s2.

Figure 3 depicts the root mean squares (RMSs) of the primary structural displacements,
where rx represents the RMSs of the structural displacements for 1000 stochastic excitations.
From Figure 3, it is evident that the RMSs of the dynamic responses of the structure align
closely for both calculation methods. The maximum relative error (rx) between the two
systems amounts to 0.7%. The peak structural displacements are presented in Figure 4,
where xmax denotes the peak structural displacement at each time. The maximum relative
error (xmax) between the two systems is as low as 1.7%. Figure 5 displays the variances in
the displacements, where σ2

x represents the variance in the structure’s displacement. The
results of the dynamic responses calculated using the equivalent linearization model show
remarkable agreement with those of the original nonlinear system, with the maximum
relative errors of σ2

x between the two systems being just 1.15%. In Figures 3–5, the statistical
calculation results of the equivalent linearization model demonstrate high accuracy.

For further verification of the accuracy of the equivalent linearization of nonlinear
systems, comparisons were made between the dynamic responses of the two systems
subjected to 16 seismic excitations across four site categories. In accordance with the
standards in [59], 16 seismic records were selected, with their peak ground acceleration
(PGA) uniformly established at 1 m/s2, as detailed in Table 2.

r x
)

Figure 3. Root mean squares of the structural displacements versus time.

7
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x

Figure 4. Peak structural displacements versus time.

 

σ x

Figure 5. Variances in the structural displacements versus time.

Table 2. Earthquake records.

Site Classification Earthquake Name Year Station Name Magnitude

I

Northern Calif-07 1975 Cape Mendocino 5.2
Helena-01 1935 Carroll College 6.0

San Fernando4 1971 Castaic–Old Ridge Route 6.61
Parkfield 1966 Temblor Pre-1969 6.19

II

Kern County1 1952 Taft Lincoln School 7.36
San Fernando2 1971 Gormon–Oso Pumping Plant 6.61
Borrego Mtn. 1968 El Centro Array #9 6.63

Northern Calif-03 1954 Ferndale City Hall 6.5

III

Point Mugu 1973 Port Hueneme 5.65
San Fernando3 1971 Palmdale Fire Station 6.61

Hollister-02 1961 Hollister City Hall 5.5
Kern County3 1952 LA–Hollywood Stor FF 7.36

IV

Northern Calif-02 1952 Ferndale City Hall 5.2
Kern County2 1952 Santa Barbara Courthouse 7.36
San Fernando1 1971 Lake Hughes #1 6.61
Kern County4 1952 Pasadena–CIT Athenaeum 7.36

Figure 6 displays the seismic responses of the structure equipped with an NSBD for
various earthquakes. Table 3 details the peak structural displacements with an NSBD
for 16 varied earthquakes. In all the calculations, a mass ratio of 0.02 is assumed for the
NSBD. As demonstrated in these figures, there is a close match between the two systems.
Table 3 indicates that the relative error in the seismic responses for various earthquakes

8
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remains below 4.5%. The simulation results suggest that the equivalent linearization
system equipped with an NSBD exhibits high accuracy. Consequently, the consistency of
the calculation results confirms the accuracy of the equivalent linearization system.

  
(a) (b) 

  
(c) (d) 

Figure 6. Seismic responses of the structure for (a) Helena-1 earthquake, (b) Borrego Mtn. earthquake,
(c) Hollister-2 earthquake, and (d) San Fernando earthquake.

Table 3. Seismic responses of the primary structure with an NSBD for various earthquakes.

Earthquake
Peak Displacement (cm)

Nonlinearity Equivalent Linearity Relative Error (%)

Northern Calif-07 0.144 0.149 3.0
Helena-01 0.512 0.5099 0.4

San Fernando4 0.6856 0.703 2.5
Parkfield 0.8458 0.8707 3.0

Kern County1 2.158 2.118 1.85
San Fernando2 2.157 2.123 1.6
Borrego Mtn. 4.904 4.783 2.5

Northern Calif-03 4.919 5.018 2
Point Mugu 6.6 6.518 1.24

San Fernando3 6.846 6.631 3.1
Hollister-02 6.761 6.737 0.3

Kern County3 7.13 6.833 4.2
Northern Calif-02 7.704 7.511 2.5

Kern County2 7.999 7.87 1.6
San Fernando1 8.461 8.253 2.5
Kern County4 11.1 11.5 3.5

To explore the influence of the excitation amplitude on the equivalent linearization
accuracy of the negative stiffness bistable damper (NSBD), the equivalent linearization
results of the structure equipped with a damper for different PGA values are calculated.
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As shown in Figure 7, with the increase in the PGA value, the structural displacement
responses of the equivalent linearization system and the original nonlinear system are less
consistent, which shows that the excitation amplitude becomes an important limiting factor
for the negative stiffness bistable structure.

  
(a) (b) 

  
(c) (d) 

Figure 7. Seismic responses of the structures for (a) Helena-1 earthquake, PGA = 0.1 g; (b) Helena-
1 earthquake, PGA = 0.15 g; (c) Hollister-2 earthquake, PGA = 0.1 g; (d) Hollister-2 earthquake,
PGA = 0.15 g.

4. Optimal Design of the NSBD

The design parameters of the NSBD, such as negative stiffness, cubic stiffness, and
damping, have substantial impacts on its vibration suppression. Thus, for the effective
enhancement of the NSBD’s damping effect, the optimization of the design parameters is
necessary. In this study, the ELM and GA are employed to optimally design a damped tall
building equipped with an NSBD, using the H∞ norm as the objective function.

4.1. Control Equations of a Tall Building Installed with an NSBD

As depicted in Figure 8, a mathematical model of a tall building controlled by an
NSBD is chosen for the vibration control analysis example. The tall building has a total
height of 162.15 m and a 49-story framed shear-wall structure. To simplify the numerical
analysis, this building is simplified as a benchmark model [60] for the calculations. These
49 degrees of freedom represent the lateral displacement of each layer, and the structural
damping is taken as 0.05. The first three natural frequencies of the tall building are 0.32 Hz,
0.84 Hz, and 1.33 Hz. In Figure 8b, mi, ki, and ci are the ith floor’s mass, stiffness, and
damping of the tall building, respectively. As shown in Figure 8b, an NSBD is mounted on
the top floor of the primary structure.

10
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(a) (b) 

Figure 8. Analysis models of the tall building: (a) structural model; (b) simplified calculation model.

The control equations of the primary structure with an NSBD are presented in
Equation (17), following the derivation outlined in Section 3.1.[

Ms 049×1
01×49 ms

]{ ..
x
..
xs

}
+

[
Cs 049×1

01×49 0

]{ .
x
.
xs

}
+

[
Ks 049×1

01×49 0

]{
x
xs

}
+ Q1 =

{−MsP
..
xg

0

}
(17)

Q1 =

⎧⎪⎨
⎪⎩

048×1

ms
..
x49 + 3kc(x49 − xs)

3

3kc(xs − x49)
3

⎫⎪⎬
⎪⎭ (18)

where Ms, Cs, and Ks represent the mass, damping, and stiffness matrices of the primary
structure, respectively. Additionally,

..
x,

.
x, and x denote the acceleration, velocity, and

displacement vectors of the primary structure, respectively, and P symbolizes the location
vector of the seismic excitation.

4.2. Equivalent Linearization of NSBD–Structure System

Optimizing the NSBD–structure system with the H∞ norm precludes the direct acquisi-
tion of the coupled structure’s transfer function owing to the damper’s unique nonlinearity.
Consequently, the initial linearization of the coupled structure via the ELM is essential. The
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kinematic equations for the NSBD–structure system’s equivalent linearization, formulated
using the ELM, are presented in Equation (19).

Mt
..
X + Ct

.
X + (Kt + Ke)X = −MtP

..
xg (19)

where

Mt =

[
Ms 049×1

01×49 m2

]
, Ct =

[
Cs 049×1

01×49 0

]
, Kt =

[
Ks 049×1

01×49 0

]
, and

Ke =

⎡
⎣048×48 048×2

3kc(E(x2
49)− 2E(x49xs) + E(x2

s )) −3kc(E(x2
49)− 2E(x49xs) + E(x2

s ))
02×48 −3kc(E(x2

49)− 2E(x49xs) + E(x2
s )) 3kc(E(x2

49)− 2E(x49xs) + E(x2
s ))

⎤
⎦ (20)

where kc represents the cubic stiffness coefficient.
By building Simulink models in MATLAB(R2020a), the dynamic equations of the main

structures with and without the NSBD are analyzed and solved, and the top displacement
responses of the main structure under the two working conditions are calculated separately.
Figure 9 depicts the top displacement responses of the primary structures, while Figure 10
presents the structures’ displacement envelope diagrams. The PGA of the earthquake is
adjusted to 1.5 m/s2, and the NSBD’s mass ratio is maintained at 0.02.

  
(a) (b) 

Figure 9. Seismic responses over time: (a) Kern County3; (b) San Fernando2.

  
(a) (b) 

Figure 10. Displacement envelope diagrams of the primary structures for (a) Kern County3 and
(b) San Fernando2 earthquakes.
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4.3. H∞ Norm of the NSBD–Tall Building System

Minimizing the peak response of the structure is important in the vibration control
of tall buildings. The H∞ norm [61,62], a prevalent indicator, is extensively used in
optimizing damper designs. A key advantage for applying the H∞ norm to linear systems
is the achievement of the desired results independently of specific excitations. Herein,
the H∞ norm is defined as the peak value of the maximum singular value within the
frequency domain of the structure. Consequently, a lower H∞ norm suggests the reduced
vibration response and output energy of the structure. Thus, the H∞ norm can serve
as the main objective function for optimizing parameters that influence the structure’s
vibration reduction.

The governing equations of the NSBD–tall building system can be replaced by Equation (21).

M
..
X + C

.
X + KX = −MtP

..
xg (21)

where M = Mt, C = Ct, and K = Kt + Ke.
The state space of Equation (21) is expressed as

.
z =

∼
Az +

∼
Bw

y =
∼
Cz +

∼
Dw

(22)

where
.
z represents the state vector of the system, y is the output vector of the system, and

z =

[
X
.

X

]
, w = −P

..
xg,

∼
A =

[
0 I

−M−1K −M−1C

]
,
∼
B =

[
0

P

]
,
∼
C =

[
I 0

]
, and

∼
D = 0

(23)
The transfer function of Equation (22) is

G(s) =
∼
C(sI − A)−1∼B +

∼
D (24)

The mathematical expression of the H∞ norm is shown as Equation (25) [63].

‖G(s)‖∞ = sup
‖w‖2 �=0

‖y‖2
‖w‖2

= sup
‖w‖2=1

‖y‖2 (25)

where y represents the system’s output, w represents the seismic input, and ‖y‖2 and
‖w‖2 are defined as their L2 norms, symbolizing the system’s output energy and the
earthquake’s energy, respectively. From this derivation, it becomes evident that the NSBD–
structure system’s output energy diminishes as H∞ norm decreases; thus, achieving the
minimum value of H∞ ensures the optimal damping effect of the NSBD. Furthermore,
considering the specific spectral characteristics of the seismic excitation, this study employs
the Kanai–Tajimi response spectrum to measure the input seismic excitation.

4.4. General Optimization Procedure

The genetic algorithm (GA) [64–66], mimicking natural selection and genetic mecha-
nisms of evolution, serves as a method for finding optimal solutions by simulating these
evolutionary processes. This technique operates directly on structural objects, uncon-
strained by differentiation or functional continuity; it exhibits inherent parallelism and
superior global optimization capabilities. Utilizing probabilistic optimization methods, this
approach allows for the automatic acquisition and guidance of the optimized search space,
facilitating the adaptive adjustment of the search direction. The specific steps to optimize
NSBD parameters via the GA include the following:

Step 1: Identify the variables and their optimization ranges; in this case, the key
variables include negative stiffness, cubic stiffness, and damping;

Step 2: Choose the optimization model and functions;
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Step 3: Establish the chromosome encoding and decoding methods;
Step 4: Set quantitative evaluation criteria for the fitness;
Step 5: Define the parameters of the GA; for this optimization, these include 200

iterations, a population size of 100, and crossover and mutation probabilities of 0.7 and
0.03, respectively;

Step 6: Compute the global optimal solution, which, in this case, involves determining
the optimal parameters of the NSBD.

To prevent settling for a local optimal solution, it is crucial to establish the feasible
range of optimization parameters based on linear dampers’ design principles prior to
the computation.

4.5. Numerical Analysis

The primary goal of this optimization endeavor is to minimize the H∞ norm associated
with the top floor’s displacement. The optimization parameters for the NSBD comprise
negative stiffness, cubic stiffness, and damping.

(1) The range of negative stiffness values for the NSBD is set between −9 × 106 and
−1 × 106;

(2) The cubic stiffness of the NSBD varies from 2 × 1010 to 3 × 1010;
(3) The damping for the NSBD falls within the range from 0 to 1,716,100.

The convergence trajectory of the H∞ norm is depicted in Figure 11. Initially, the H∞
norm stands at 5.8, but after 100 generations, it converges to 2.4. The optimal parameters
obtained through the optimization calculations are as follows: the negative stiffness value
is −2.663 × 106 N/s, the cubic stiffness is 6.5045 × 1010 N/m3, and the damping is
211,485.3 N·s/m.

 

Figure 11. Convergence history of the H∞ norm.

For assessing the accuracy of the optimized design, in this section, we calculate and
compare the displacement responses of tall building structures with and without the NSBD,
focusing on the top floor’s displacements. The top floor’s displacement histories for the
primary structures with and without dampers are illustrated in Figure 12. It is noted from
Figure 13 that the suppression of the peak displacement by the NSBD is apparent at the
first-order frequency of the tall building. The peak displacement and vibration reduction
ratios for the top floor for various seismic excitations are detailed in Table 4. In these
calculations, the peak ground acceleration (PGA) is set at 1.5 m/s2, and the NSBD’s mass
ratio remains at 0.02. Having determined all the NSBD’s parameters through the proposed
optimization methods, it is evident that the top floor of the tall building equipped with
the NSBD undergoes significant vibration mitigation for various seismic excitations. The
NSBD exhibits its most effective damping for the Hollister-02 earthquake, achieving a
displacement mitigation ratio of 52.99%. Furthermore, the vibration mitigation ratios of the
NSBD exceed 22% for all the selected earthquakes. Figure 12 illustrates that when the PGA
value in the simulation calculation is less than 0.15 g, the displacement response of the top
floor of the structure does not exceed 1.0 m, and the same is also reflected in Table 4. The
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calculation results show that when the PGA value is less than 0.15 g, the negative stiffness
bistable structure has a good damping effect.

  
(a) (b) 

  
(c) (d) 

Figure 12. Top floor’s displacements in the tall building for (a) Kern County4, (b) Kern County1,
(c) Hollister-2, and (d) Borrego Mtn. earthquakes.

  
(a) (b) 

 
(c) (d) 

Figure 13. Top floor’s displacements in the tall building in the frequency domain for (a) Kern County4,
(b) Kern County1, (c) Hollister-02, and (d) Borrego Mtn. earthquakes.
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Table 4. Peak displacements of the primary structures for various seismic excitations.

Earthquake
Peak Displacement (cm) Vibration Mitigation

Ratio (%)Uncontrolled With Optimal NSBD

Northern Calif-07 2.151 1.273 40.82
Helena-01 4.073 4.487 38.94

San Fernando4 3.528 2.130 39.63
Parkfield 4.229 3.065 27.52

Kern County1 13.184 6.672 49.39
San Fernando2 20.51 12.64 38.37
Borrego Mtn. 24.75 17.42 29.62

Northern Calif-03 24.48 16.57 32.29
Point Mugu 43.94 26.49 39.71

San Fernando3 54.90 35.42 35.48
Hollister-02 47.33 22.25 52.99

Kern County3 55.64 35.45 36.29
Northern Calif-02 93.18 71.97 22.76

Kern County2 99.00 69.68 29.62
San Fernando1 84.77 57.23 32.49
Kern County4 96.61 51.59 46.60

The numerical simulation results suggest that the NSBD effectively controls the top
floor’s displacement in tall building structures for diverse seismic excitations, demon-
strating that the NSBD parameters, derived from the proposed optimization method, are
highly effective in vibration reduction. The vibration mitigation ratio (w) is calculated using
Equation (26).

w =
m0

m1
× 100% (26)

where m0 and m1 denote the maximum displacements at the top of the structures with and
without the NSBD, respectively.

5. Conclusions

This paper introduces a robust method employing the ELM and GA for optimizing
NSBD parameters. The efficacy of this approach is evaluated by applying the optimized
NSBD to a tall building and assessing the displacement of the tall building for various
seismic excitations. The most important findings from the numerical simulations are
summarized below:

1. Utilizing the Monte Carlo simulation calculation method, the maximum root-mean-
square error for applying the nonlinear NSBD and equivalent linear dampers to the
structure is 0.7%, the maximum peak displacement error is 1.7%, and the maximum
displacement variance error in the structure is 1.15%. The dynamic responses calcu-
lated using the equivalent linearization model show remarkable agreement with those
of the original nonlinear system;

2. According to the pseudo-excitation method (PEM), the simulation results suggest
that the displacement response’s error in the structure will not exceed 4.5% when the
building is equipped with the nonlinear NSBD and equivalent linear dampers for
different earthquakes. The NSBD can be approximated by a linear system with the
help of the ELM, which can be vital for the NSBD’s optimal design, as demonstrated
by these simulation calculations;

3. As a main objective function, the H∞ norm serves as a very precise method for
optimizing parameters that influence the structure’s vibration reduction. The genetic
algorithm (GA) is perfectly suitable for obtaining the design parameters of the NSBD
within an appropriate range. After 100 generations, the H∞ norm converges to
2.4, indicating that the genetic algorithm can simulate and calculate optimization
parameters very accurately and quickly;
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4. The displacement responses of the tall buildings with and without an NSBD are simu-
lated utilizing the optimized parameters solved through the GA. The best damping
for the Hollister-02 earthquake can achieve a displacement mitigation ratio of 52.99%,
and the vibration mitigation ratios of the NSBD exceed 22% for all the selected earth-
quakes. The simulation results suggest that the effective restraint of the structural
vibration for different earthquakes can be achieved using the NSBD with the optimal
parameters. The proposed method is effective in implementing the optimal design of
the NSBD.

There are also some limitations that warrant further investigation and research. This
paper focuses solely on optimizing the design analysis for nonlinear NSBDs through nu-
merical simulation calculations. In our future work, detailed experiments will be conducted
to verify the accuracy and rationality of the obtained optimized design parameters. Further-
more, the design of the NSBD for high-rise structural vibration reduction control adopts a
distributed layout, achieving multi-modal vibration reduction control, which will also be
studied in future work.
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Abstract: An innovative type of precast braced concrete shear (PBCS) wall has been tested and verified
to have comparable shear resistances relative to conventional cast-in-place reinforced concrete (RC)
shear walls. The triangular or rectangular embedded expanded polystyrene (EPS) boards in PBCS
wall panels can not only considerably reduce concrete use but also reduce the structural weight.
To understand the functions of EPS boards in more depth, this paper investigates the effects of the
thickness ratio of different shapes of EPS on the hysteretic behaviors of PBCS walls with various
shear span ratios (SSRs). The finite element (FE) models of PBCS walls based on the multi-layer shell
element are developed and verified to be sufficiently accurate in comparison with the experimental
results. The analysis results indicate that the bearing capacity, lateral stiffness and ductility of PBCS
walls show a downward trend with the increase in the thickness ratio of EPS boards. The rectangular
EPS board has a more pronounced effect on weight reduction as well as concrete use reduction
compared to the triangular EPS board under the same thickness ratio. The formulations regarding the
bearing capacity are developed and show good agreement with the numerical results. The thickness
ratio limit for PBCS walls to satisfy the ductility requirement is addressed. This investigation not
only provides insight into the cyclic behavior of PBCS walls with varied thickness ratios but also
demonstrates the potential applicability of PBCS walls in precast concrete (PC) structures for both
thermal insulation and earthquake resistance purposes.

Keywords: precast braced concrete shear wall; expanded polystyrene board; thickness ratio; shear
span ratio; hysteretic behavior

1. Introduction

Nowadays, the precast concrete (PC) technology is widely promoted for application in
reinforced concrete (RC) structures. It is more compatible with the development of a low-
carbon society and the application of sustainable construction relative to the conventional
cast-in-place method [1,2]. The utilization of the PC technology in shear walls makes
it possible for walls with complex structural layouts and with composite actions to be
fabricated beforehand in factory and further assembled on site. Moreover, previous research
works showed that lowering the use of concrete can not only reduce carbon emissions but
also degrade the structural weight [3,4]. Therefore, the effort related to the weight reduction
of PC shear walls, which simultaneously retains sufficient lateral shear resistances and
composite actions, is necessary as well as promising.

Considerable attempts have been performed to lighten the shear walls by means of
employing various lightweight aggregates or devising novel structural configurations.
Mousavi et al. [5] and Lombardi et al. [6] carried out hysteretic cyclic loading tests on
lightweight concrete shear walls using expanded glass and expanded polystyrene (EPS)
concrete (EPS mortar with low strength) as lightweight aggregates, respectively. According
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to the findings of their investigations, the overall weight of the panels was decreased by
more than 50%, while the hysteretic behavior of the wall, particularly its ductility and
energy dissipation capacity, was diminished significantly. Pakizeh et al. [7], Xu et al. [8–10]
and Ximei et al. [11] discussed the cyclic behaviors of shear wall casting with high compres-
sive strength lightweight concrete. It was concluded that the high compressive strength of
lightweight concrete was finitely beneficial to improving the cyclic behaviors of composite
wall systems. In addition to efforts in that regard, many researchers focused on the devel-
opment of novel wall designs to achieve considerable composite actions of the shear walls,
as well as the demands of light weight. Composite timber shear walls [12–16] and RC
shear walls with hollow cavities [17–19] are two representatives of lightweight shear wall
systems widely applied in engineering practice. However, due to the material’s limitations
in terms of durability and fireproofing requirements, wood shear walls are mostly used in
low-rise and mid-rise constructions.

The sandwich wall panel is another typical composite lightweight wall system, which
is commonly composed of two concrete wythes sandwiched by the extruded polystyrene
(XPS) or EPS board as the insulation layer [20]. Fernando et al. [21] investigated the cyclic
behavior of sandwich wall panels with EPS foam concrete as insulation wythe and found
that sandwich wall structures can work as load bearing walls in single-story buildings or
as infilled walls in multi-story buildings. To improve the degree of composite action of
sandwich wall panels, Yaman [22] and Barbosa et al. [23] developed lightweight sandwich
concrete wall panels featuring considerable thermal insulation property, which were proved
functionable under push-out tests and axial loading tests, respectively. Lu et al. [24] and He
et al. [25] conducted shaking table tests on PC sandwich wall panel structures (with XPS
and EPS boards embedded, respectively). Fragility analysis was performed additionally
to verify the reliability of the connections of walls in low-rise buildings. However, the
composite action depended considerably on the shear transferring mechanism between
concrete wythes of sandwich walls, which was generally partly achieved [20]. Thus, the
wall integrity as well as stiffness were decreased. Given the increasing building restrictions
and the composite actions of the above-mentioned wall systems, the precast braced concrete
shear (PBCS) wall system with different shapes of embedded EPS boards and RC bracings
was developed [26]. The hysteretic response of PBCS walls with various shear span ratios
(SSRs) and RC bracing types was experimentally studied and validated.

Previous research has revealed that the thermal insulation performance of sandwich
wall panels with embedded polystyrene boards [27] outperforms that of sandwich wall
panels with lightweight thermal insulation concrete as the aggregate [28]. Specifically, XPS
boards and EPS boards are generally used as the thermal insulation layer in practical engi-
neering [29,30]. The EPS board outperforms the XPS board in terms of weight reduction, as
its density is about 1/3 that of the XPS and 1/150 that of concrete [31]. The XPS board is
widely adopted in the foundations of buildings [31] and the cut sections of railways [32]
due to its low thermal conductivity and high compressive strength. However, the degree of
composite actions of walls with insulation layers is greatly affected by the adhesive bond
between the insulation and concrete wythes [33–35]. Naito et al. [36] found that wall panels
with EPS layers had higher adhesive forces compared with those of walls with XPS insula-
tion. The PBCS wall studied in this paper also used the EPS board as the insulation material.
Moreover, experimental data concluded that the thermal insulating performance [27] of
sandwich wall panels increased along with the rise in thickness of the insulation wythe,
while the axial bearing capacity [30] as well as lateral shear resistances [37–40] had an obvi-
ous decrease. Above all, the thickness of insulation would remarkably affect the structural
weight, thermal insulating performance and hysteretic behavior of sandwich shear walls.

It is obvious that increasing the thickness of triangular or rectangular lightweight
EPS boards in PBCS wall panels can not only considerably reduce concrete use but also
strengthen the thermal insulating performance of PBCS walls, which meets the tendency
of developing energy-saving buildings. However, the increase in lightweight EPS board
thickness is more likely to lead to weak shear resistance and poor ductility capacity of PBCS
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walls. The previous study mainly focused on investigating the influences of axial load ratio
(ALR) and reinforcement ratio (RR) on the cyclic behavior of PBCS walls [41]. In this paper,
the effects of EPS board thickness on the hysteretic behaviors of PBCS walls with various
SSRs and bracing types are quantified by numerical simulation methods. Moreover, the
formulae predicting the lateral bearing capacity of PBCS walls with different thicknesses of
EPS boards are developed. The upper limits of EPS board thickness ratio for different PBCS
walls are put forward to satisfy the requirement of displacement ductility. The effects of SSR
and bracing types are also taken into consideration. The finite element (FE) models of PBCS
walls considering different EPS board thicknesses are established and verified against the
test data regarding the initial stiffness. Afterward, FE models with different thickness ratios
of EPS boards are determined, established and tested under cyclic loading. The hysteretic
behaviors of PBCS walls are comprehensively discussed in terms of stiffness degradation,
load bearing capacity, energy dissipation capacity and ductility capacity. Additionally, the
thickness ratio limits for PBCS walls are obtained to satisfy the provisions on ductility of
shear walls. Finally, recommendations for the practical design of PBCS walls are addressed
based on the analytical results.

2. Experimental Work

2.1. PBCS Wall Description

The hysteretic behaviors of PBCS walls with different SSRs and bracing types were
experimentally investigated in the previous study performed by Li et al. [26]. The structural
layouts of PBCS walls with diagonal braces and cross braces embedded are listed in
Figure 1a,b, respectively. There were seven specimens, with SSRs varying from 1.0 to 2.0
(three diagonal PBCS walls, three cross PBCS walls and one monolithic cast in situ RC
wall as the counterpart). It should be noted that the number of triangular EPS boards in
diagonal PBCS walls remained constant at four, while that in cross PBCS walls ranged from
four to eight as the SSR increased, as shown in Figure 1. Diagonal PBCS walls consisted of
two diagonal braces, which intersected at the middle of the wall and expanded into the
top and bottom beams, respectively. One vertical brace and several horizontal braces were
embedded in the cross PBCS wall panels. The number of horizontal braces was determined
by the principle of equivalent volumetric ratio of the diagonal braces in the corresponding
PBCS walls with the same SSR.

  
(a) Diagonal PBCS wall. (b) Cross PBCS wall. 

Figure 1. Structural configurations of PBCS walls.

The reinforcement scheme for the two types of PBCS walls is shown in Figure 2.
The concealed columns in PBCS walls contained 6C14 steel bars (with yielding strength
fy = 410 MPa and ultimate strength fu = 610 MPa), which were connected with the base
beam to transfer the tensile forces. The concealed RC bracings consisting of 4C8 steel bars
were arranged in the panels in order to achieve a more even distribution of damage. There
were two concealed beams (6C10 as longitudinal bars) set at the top and bottom of PBCS
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wall panels, respectively. The Φ6.5 steel bars (with yielding strength fy = 420 MPa and
ultimate strength fu = 580 MPa) spaced at 150 mm were adopted in the horizontal and
vertical web reinforcement. In addition, the compressive strength of concrete in this paper
was 28.2 MPa.

 
(a) Diagonal PBCS walls. (b) Cross PBCS walls. 

Figure 2. Cutaway view of PBCS walls (SSR = 1.0).

Table 1 presents the specimen information, such as geometric dimensions and rein-
forcement configurations, in detail. The wall depth and length were 150 mm and 1500 mm,
respectively. The wall height varied between 1500 mm and 3000 mm with the increase in
SSR. The thickness of EPS boards was 50 mm for both triangular and rectangular boards
used in the experiment. The naming convention for each specimen (also applicable for the
FE models below) is illustrated in Table 1. The first two letters represent the bracing types
of PBCS walls (i.e., CW = PBCS walls with cross braces; DW = PBCS walls with diagonal
braces). The first number after the letter denotes the SSR of the specimen, and the last
number in the name indicates the thickness of embedded EPS boards in centimeters (cm)
for the sake of clarity. The thickness ratio of EPS boards in PBCS walls can be obtained from
the ratio of the thickness of EPS board to that of the wall panel. The adoption of thickness
ratio can extend the investigation to various wall thicknesses rather than being limited to a
fixed wall thickness.

Table 1. Specimen details.

Specimen
No.

SSR
(H/L)

Bracing
Type

Wall Di-
mension
H×L×T

Reinforcement Ratio
(%)

Thickness
Ratio of

EPS Board
(mm3) ρb ρh=ρv

DW1.0-5 1.0 X 1500 ×
1500 × 150

0.84
Φ8@100

0.30
Φ6.5@150

0.33

DW1.5-5 1.5 X 2250 ×
1500 × 150

DW2.0-5 2.0 X 3000 ×
1500 × 150

CW1.0-5 1.0 + 1500 ×
1500 × 150

CW1.5-5 1.5 + 2250 ×
1500 × 150

CW2.0-5 2.0 + 3000 ×
1500 × 150

Note: X = diagonal bracing; + = cross bracing. ρb = RR of concealed bracing; ρh = RR of horizontal web
reinforcement; ρv = RR of vertical web reinforcement; Φ = hot-rolled plain steel bars.
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2.2. Test Program

All specimens were fabricated at the scale of approximately 0.75 and were tested under
vertical load and lateral cyclic load (Figure 3). The ALR applying to the loading beam
herein was a constant of 0.1. The axial load was first applied to the rigid beam and remained
stable throughout the test. Then, the displacement-controlled lateral load was uniformly
increased to a drift ratio of Δy = 0.33% in five incremental levels (loaded once for every
loading level). Afterward, the lateral load increased by 0.33% of the drift ratio (loaded twice
for every loading level), and the test was finally terminated when the lateral resistances of
the specimen decreased by 15% or wall failure occurred. During the experimental process,
the lateral displacement at the top of the wall and the shear resistances at the base beam of
the wall were recorded.

 

Figure 3. Schematics of test setup.

3. Numerical Simulation Methods and Validation

As mentioned above, it is meaningful to quantify the influence of thickness ratio on
the hysteretic response of PBCS walls. However, because of the high cost, as well as the
limited number of specimens, the effect of thickness ratio is not fully discussed. This section
presents the FE models of PBCS walls based on the multi-layer shell element [42], and then,
the numerical results are verified with experimental data. On this basis, the FE models of
PBCS walls with consideration of parameters, such as the bracing type, SSR and especially
the thickness ratio of EPS board, are established, and their hysteretic behaviors are obtained
through quasi-static loading.

3.1. Description and Establishment of FE Model of PBCS Walls

The multi-layer shell element discretizes the FE model of the wall panel into several
layers with specified thicknesses and different material properties [42]. This approach is
adopted for modeling PBCS walls, since it can take into account the thickness and shape
of the EPS board. The FE models herein consist of the modeling of longitudinal reinforce-
ments and multi-layer shell elements, both of which work together and share common
nodes. The multi-layer shell elements are composed of numerous layers of cover and core
concrete, as well as stirrup layers (Figure 4). The truss element is utilized to simulate the
behaviors of longitudinal reinforcements. In particular, the stirrup layer of diagonal braces
is established with the angle between the diagonal brace and the concealed boundary
column. The horizontal and vertical web reinforcement layers are set at 0◦ and 90◦, respec-
tively. Additionally, the material properties are valued according to experimental results.
Since the density of the EPS board (16 kg/m3) is much lower than that of the concrete
(2500 kg/m3), it is suitable to simulate the EPS board as a hollow core. It should be noted
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that the constitutive models for concrete and steel adopted in this paper are PlaneStressUser-
Material [42] and Reinforcing Steel Material [43], respectively. All numerical simulation
analyses were conducted on the OpenSEES platform (V2.5.0) [44].

  
(a) Diagonal PBCS wall. (b) Cross PBCS wall. 

Figure 4. Schematics of multi-layer shell element of PBCS walls (SSR = 2.0).

The thickness ratio of PBCS walls herein refers to the ratio of EPS thickness to wall
panel thickness. As mentioned before, the thickness of the EPS board embedded in the shear
walls would dramatically affect the structural weight and concrete use. On the premise
of code compliance of the cover concrete, the thickness of the EPS board inside ranges
from 10 mm to 100 mm, with an even interval of 10 mm, which corresponds to thickness
ratios varying between 0.067 and 0.667. The concrete layer thickness in the multi-layer shell
element of PBCS walls corresponding to the embedding EPS areas is changed to achieve
the different thickness ratios. Overall, 60 FE models featuring various thickness ratios are
established, coupling the parameters of SSRs and bracing types. The hysteresis responses
of the models are quantitatively analyzed and discussed.

3.2. Validation of Numerical Models of PBCS Walls

Previous research has shown that the hysteresis behaviors, including energy dissipa-
tion capacity and lateral deformation capacity, of PBCS walls can be properly predicted by
the multi-layer shell elements. Stiffness degradation, as an important factor of the hysteretic
performance of shear walls, is taken herein to validate the accuracy of numerical models.
Secant stiffness can be obtained by Equation (1).

Ki =
|+Fi|+ |−Fi|
|+Δi|+ |−Δi| (1)

where Ki, Fi, Δi denote the secant stiffness, lateral shear resistances and lateral top displace-
ment of the ith cycle in both reverse loading directions.

Figure 5 presents the comparisons between numerical and experimental results on the
stiffness degradation of PBCS walls. It is found that the FE model can depict the stiffness
degradation of PBCS walls accurately. Nevertheless, the initial stiffness of the numerical
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model is generally greater than the experimental results. Kolozvari et al. [45] reviewed the
FE modeling approaches for RC shear walls and found that all of the models overestimated
the initial stiffness by even three times that of the experimental results. This was attributed
to the presence of initial defects in the test specimens and micro-cracking in the concrete,
which could not be properly simulated in FE modeling. However, stiffness degradation
was less affected during the loading stage. As shown in Figure 5, the stiffness degradation
curves matched well with experimental results after reaching a drift ratio of 0.67%.

  
(a) Cross PBCS walls. (b) Diagonal PBCS walls. 

Figure 5. Verification of the numerical models.

4. Results and Discussion

4.1. Concrete Use Reduction

By increasing the thickness ratio of the EPS board, the structural weight of the PBCS
wall can be efficiently reduced; the concrete use of the structure is also decreased. Figure 6
illustrates the impact of thickness ratio on weight reduction in PBCS walls. It is evident
that the volume of the embedded EPS board increases significantly with the increase in
SSR and thickness ratio, resulting in lower use of concrete. Furthermore, the volumetric
ratio of the EPS board to the entire wall is calculated to obtain the normalized curves of
weight reduction (Figure 6b). A near 20% reduction in concrete use is observed for the cross
PBCS walls, which is 11.67% higher than the maximum value of the diagonal PBCS walls.
Compared to conventional shear walls, PBCS walls have certain insulation functions with
additional filling of the walls with EPS panels. Meanwhile, the amount of concrete used in
PBCS walls can be remarkably reduced, which is beneficial for energy conservation and
emission reduction. The integrity of PBCS walls outperforms that of sandwich PC walls by
embedding EPS boards between the bracings.

4.2. Skeleton Curves

Skeleton curves can be acquired by connecting the peak points of each loading level
in the hysteretic curves. A total of 60 skeleton curves are shown in Figure 7, according to
different SSRs and bracing types. Each sub-image illustrates the skeleton curves of a PBCS
wall with a specific SSR and bracing type, under varying thickness ratios. Additionally,
Figure 7a–f scale the skeleton curve at a drift ratio of 0.67% to provide a more detailed view
of the impact of thickness ratio on the wall’s lateral shear resistances.
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(a) Volume of embedded EPS boards. (b) Normalized results of weight reduction. 

Figure 6. Effects of thickness ratio on concrete use reduction.

It is found that all numerical models can satisfy the Chinese code GB 50011-2010 [46]
when their lateral drift ratios reach 1/1000 as well as 1/120 (i.e., 0.83%), which represent
the maximum inter-story drift angle for RC shear wall structures subjected to frequent and
infrequent earthquakes, respectively. It is evident in Figure 7 that the shear capacity and
lateral stiffness of PBCS walls decrease at all loading stages as the thickness ratio of the EPS
board increases. This is because the use of concrete, which is the primary factor for bearing
and transmitting compressive stress in the wall, is directly weakened. On the contrary, an
increase in the thickness ratio leads to a slight enhancement in the ultimate displacement of
the PBCS wall (Figure 7e).

Moreover, by comparing the skeleton curves of PBCS walls with different SSRs, it
is concluded that the lateral elastic stiffness of PBCS walls with low SSRs experienced
a more significant variation than that of walls with a high SSR (Figure 7a,b). This is in
part because shear walls with low SSRs are more prone to shear failure characterized
by concrete crushing. Additionally, the increase in the thickness ratio of the EPS board
further weakens the bearing capacity provided by concrete. In addition, it is suggested in
Figure 7a,e that the thickness ratio of the cross PBCS wall with a low SSR (SSR = 1.0) has
a more noticeable impact on its hysteresis response relative to the other cases. However,
the hysteresis response of the diagonal PBCS wall is more sensitive to the escalation in
thickness ratio at a high SSR (SSR = 2.0).

The findings of the hysteresis analyses indicate that the composite actions for cross
PBCS shear walls with a high SSR of 2.0 or diagonal PBCS walls with a low SSR of 1.0 can
remain stable by increasing the thickness ratio of the EPS board. Specifically, this approach
not only reduces the consumption of concrete and the overall weight of the structure, but it
also ensures that the cyclic response of the PBCS wall will not be significantly affected by
the increased thickness ratio.

4.3. Lateral Bearing Capacity

Figure 8 exhibits the lateral bearing capacity of PBCS walls with different SSRs, bracing
types and thickness ratios of the EPS board. As shown in the figure, there is a gradual
decrease in peak forces as the thickness ratio increases for both diagonal and cross layouts
of PBCS walls. This is due to the reduction in concrete use. Nevertheless, a maximum
decline of only 4.8% and 7.9% in lateral shear resistances is observed for the diagonal and
cross PBCS walls, respectively, with a low SSR of 1.0. Additionally, it can be concluded
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from Figure 8 that the SSR outweighs the bracing type and thickness ratio in affecting the
shear bearing capacity of PBCS walls.

  
(a) Cross PBCS wall (SSR = 1.0). (b) Diagonal PBCS wall (SSR = 1.0). 

  
(c) Cross PBCS wall (SSR = 1.5). (d) Diagonal PBCS wall (SSR = 1.5). 

  
(e) Cross PBCS wall (SSR = 2.0). (f) Diagonal PBCS wall (SSR = 2.0). 

Figure 7. Skeleton curves of PBCS walls.
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Figure 8. Peak forces of PBCS walls with different thicknesses of EPS board.

The effect of the thickness ratio on the bearing capacity of PBCS walls demonstrates
an approximately linear trend. Thus, fitting surfaces are performed to predict the peak
shear resistances of PBCS walls regarding the SSR and thickness ratio. The results are listed
as follows:

PD = 992 − 311.96RS − 41.05RT (2)

PC = 980 − 319.94RS − 53.54RT (3)

where PD and PC are the bearing capacities of the diagonal and cross PBCS walls (expressed
in kN), respectively; RS denotes the SSR; and RT represents the thickness ratio of the EPS
board (in percent). The R-squares of the fitting results are 0.977 and 0.969, respectively.
The fitting equations here are shown to be applicable for accurately predicting the bearing
capacity of PBCS walls. Due to the limited sample size, this formulation is only applicable
when other parameters of PBCS walls are kept constant with the experimental setups.

4.4. Stiffness Degradation

To facilitate comparison, the stiffness–drift ratio curves of each loading level were
derived by dividing the lateral displacement by the corresponding height of the wall, as
shown in Figure 9. For simplicity, the lines presented in Figure 9 vary from light colors to
dark colors, which correspond to the thickness ratio of the EPS board from 0.067 to 0.667. It
can be observed that before the drift ratio reaches 0.67%, the stiffness in all cases decreases
rapidly. During this stage, the maximum stiffness degradation occurs at SSR = 1.0, with
stiffness of the cross PBCS wall and diagonal PBCS wall decreasing by 54.9% and 49.5%,
respectively (compared to initial stiffness). The deterioration in stiffness during this stage
is mainly attributed to the large number of concrete cracks generated in the early stage of
loading. Subsequently, the lateral stiffness of the wall gradually decreases, with stiffness
of the cross PBCS wall and diagonal PBCS wall descending, respectively, by 31.1% and
34.6% (compared to initial stiffness), from a drift ratio of 0.67%–2.0%. Stiffness degradation
during this stage is mainly due to the further cracking of concrete and the ability of steel
bars to provide resistance even after entering the plastic stage.
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(a) Cross PBCS walls. (b) Diagonal PBCS walls. 

Figure 9. Stiffness degradation of PBCS walls.

Furthermore, Figure 9 illustrates that the secant stiffness of the wall witnesses an
evident drop with the increase in the EPS board thickness ratio when the horizontal
displacement arrives at the same level, before the wall reaches its peak bearing capacity.
However, after the drift ratio exceeds 1.33%, the impact of the EPS board thickness ratio on
stiffness becomes negligible. This is due to the fact that the wall panel is full of concrete
cracking, and stress redistribution occurs when the peak force stage shows up, rendering
the EPS board ineffective as a hollow core. Additionally, the stiffness of PBCS walls with
larger SSRs is slightly affected by the EPS board thickness ratio during the entire loading
process. This can be attributed to the bending failure mode, which usually occurs in walls
with higher SSRs, characterized by concrete crushing at the wall bottom and yielding
longitudinal bars in the boundary columns. The damage to the upper and middle areas of
the wall, where the EPS board is embedded, is small in extent, resulting in minor impact of
the EPS board on stiffness.

To comprehensively investigate the influences of embedded EPS boards on the stiffness
degradation of PBCS walls, the stiffness degradation curves of cases with similar amounts
of EPS embedded are shown in Figure 10. When the thickness ratios of cross and diagonal
PBCS walls are 0.467 and 0.533, respectively, the EPS volumes of the two types of PBCS
walls are similar (with the same SSR). This means that in order to embed the same volume
of the EPS board, the diagonal PBCS wall requires a thicker EPS board than the cross PBCS
wall. Figure 10 shows that when the filling volumes are the same, the stiffness degradation
process of the two types of walls is basically the same. The diagonal PBCS wall exhibits
slightly greater stiffness than the cross PBCS wall during the loading process. This can be
attributed to the fact that the diagonal bracing layout has higher stiffness compared to the
cross bracing layout.

4.5. Displacement Ductility

Ductility of a shear wall is a crucial factor, which reflects its deformation capacity. It is
typically represented by the ratio of ultimate displacement (Δ0.85p) to yielding displacement
(Δy) of the wall. The yielding displacement of the wall is determined using the method
proposed by Park et al. [47], while the ultimate displacement is obtained when the peak
strength of the wall decreases by 15%, as illustrated in Figure 11. In this approach, α is the
load coefficient, which is taken as 0.75.
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Figure 10. Stiffness degradation of PBCS walls with similar amounts of EPS.

 
Figure 11. Feature points based on skeleton curve.

Figure 12 illustrates the yielding displacement of PBCS walls with different bracing
types. It is evident that the yielding displacement in all cases generally shows an upward
trend when the EPS board thickness ratio rises. Shear walls typically reach yielding
resistances (Fy) when the longitudinal reinforcing bar yield is reached. This depends
considerably on the sectional area of longitudinal bars in the boundary columns, which
is a constant in this study, and thus results in a stable Fy. Meanwhile, the stiffness of the
wall tails off with the thickness ratio increases. In view of this, the corresponding yielding
displacement of PBCS walls is increased to achieve the yielding resistances identified.
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(a) Cross PBCS walls. (b) Diagonal PBCS walls. 

Figure 12. Yielding displacement of PBCS walls.

The ductility capacities of PBCS walls with different bracing types are presented in
Figure 13. It can be seen that the ductility of the PBCS wall descends evidently with an
increase in the thickness ratio. This can be explained by a previous study [41], which
demonstrated that PBCS walls with high ALR are susceptible to low ductility capacities.
Specifically, the increase in the thickness of the EPS board leads to a reduction in the net
cross-sectional area of the wall. As a consequence, the ALR is improved in spite of the axial
loads remaining constant. In addition, a horizontal line μ = 3.0 is presented in the figure to
represent the code requirement that the ductility of the shear wall should not be lower than
3.0 [46]. It can be observed that the ductility of all diagonal PBCS walls can nearly meet
the code requirements as the EPS board thickness ratio changes. In particular, the diagonal
PBCS wall with SSR = 1.0 should be designed with a thickness ratio below 0.6 to satisfy the
requirements of displacement ductility greater than 3.0. In addition, the ductility of the
cross PBCS wall generally falls below the code requirements when the SSR is 1.0, indicating
that the design schemes for cross PBCS walls with SSR = 1.0 or lower should be avoided.

  
(a) Cross PBCS walls. (b) Diagonal PBCS walls. 

Figure 13. Ductility of PBCS walls.
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4.6. Energy Dissipation

The accumulated energy dissipation refers to the energy dissipated from the beginning
to the ith cycle of the loading scheme. Figure 14 demonstrates the accumulated energy
dissipation curves for PBCS walls with different thickness ratios during the loading process.
As the lateral drift ratio increases, the cumulative energy dissipation in each case exhibits a
substantial increase. It is apparent that the thickness ratio of the EPS board does not affect
the accumulated energy dissipation of the specimen until the eighth cycle, i.e., before the
drift ratio reaches 0.83%. At this stage, the energy dissipation of the wall mainly occurs
with the cracking of concrete on both sides of the boundary columns and deformation of
the steel bars. The panel zone with the EPS board embedded remains nearly undamaged.

  
(a) Cross PBCS wall (SSR = 1.0). (b) Diagonal PBCS wall (SSR = 1.0). 

  
(c) Cross PBCS wall (SSR = 1.5). (d) Diagonal PBCS wall (SSR = 1.5). 

  
(e) Cross PBCS wall (SSR = 2.0). (f) Diagonal PBCS wall (SSR = 2.0). 

Figure 14. Cumulative dissipated energy of PBCS walls.

33



Buildings 2024, 14, 55

As the loading process progresses, the impact of the thickness ratio of EPS boards on
the energy dissipation of PBCS walls becomes increasingly apparent. Concrete cracking
extends toward the area filled with EPS boards and widens as the lateral drift increases.
The greater the thickness ratio of the EPS board, the lower the resistance provided by the
concrete in this area, resulting in a reduced energy dissipation capacity.

In addition, the energy dissipation of cross PBCS walls with SSRs of 1.0 and 1.5 is more
sensitive to the variation in thickness ratio relative to diagonal PBCS walls (Figure 14a–d).
The cross PBCS wall with SSR = 1.0 saw a fall of 20.7% (from 71.8 kJ to 57 kJ) in accumulated
dissipated energy, while a decrease of only 7.8% (from 86.3 kJ to 79.5 kJ) was observed
in the diagonal PBCS wall. PBCS walls with low SSRs are especially vulnerable to shear
failure characterized by diagonal cracks, whereas the diagonal braces in PBCS walls can
effectively slow down the development of these diagonal cracks. Therefore, diagonal PBCS
walls with low SSRs behave better in terms of energy dissipation.

However, as the thickness ratio rises, diagonal PBCS walls with SSRs = 2.0 experience
a more significant decline in energy dissipation compared to cross PBCS walls. Generally,
walls with SSRs = 2.0 are more susceptible to a bending failure, with horizontal cracks
appearing in the lower part of the wall, where cross braces can play a more effective role
than diagonal ones. Therefore, for PBCS walls with SSRs of 1.0 and 1.5, diagonal braces with
high thickness ratio could be adopted to achieve comparable energy dissipation capacity.
For PBCS walls with SSRs = 2.0, it is more advisable to employ cross PBCS walls with a
higher thickness ratio than diagonal ones.

5. Conclusions and Recommendations

In this paper, the effects of the thickness ratio of the EPS board on the cyclic behaviors
of PBCS walls with different SSRs and bracing types were comprehensively investigated.
Numerical models were developed and verified against experimental data in terms of stiff-
ness degradation capacity. A total of 60 numerical cases were established with parameters
such as the thickness ratio, SSR and bracing types. The hysteretic behaviors of PBCS walls
were discussed with respect to skeleton curves, lateral bearing capacity, stiffness degrada-
tion, displacement ductility and energy dissipation. Based on the ductility requirements,
the thickness ratio limits of EPS boards in PBCS walls with different bracing types were
addressed. The main conclusions and recommendations can be summarized as follows:

1. The stiffness degradation capacity of PBCS walls can be precisely captured by numeri-
cal models based on the multi-layer shell element. Moreover, increasing the thickness
ratio of EPS boards in PBCS walls can significantly reduce the amount of concrete
used. Cross PBCS walls witnessed a roughly 20% reduction in concrete use when
the thickness ratio rose from 0.067 to 0.667, which was 11.67% higher than what the
diagonal PBCS walls achieved.

2. Based on the findings, the recommendations for determining the thickness of EPS
panels are put forward for practical design of PBCS walls. When the thickness
ratio of the EPS board increased, the lateral bearing capacity, secant stiffness and
displacement ductility of the PBCS wall experienced a consistent decline, while the
yielding displacement had a gradual upward trend. Specifically, the lateral bearing
capacity of diagonal and cross PBCS walls experienced declines of 4.8% and 7.9%,
respectively. In addition, the equations developed for predicting the bearing capacity
of PBCS walls were demonstrated to be sufficiently accurate. Furthermore, to ensure
the ductility is greater than 3.0, the diagonal PBCS wall with SSR = 1.0 should be
designed with a thickness ratio below 0.6, and a cross PBCS wall with SSR = 1.0 should
be avoided.

3. The accumulated dissipated energy of cross PBCS walls (SSR = 1.0) and diagonal
PBCS walls (SSR = 1.0) saw decreases of 20.7% and 7.8% with the EPS board thickness
ascending, respectively. A diagonal PBCS wall with high thickness ratio of the EPS
board could be adopted to achieve comparable energy dissipation capacity when the
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SSR is below 1.5. For the SSR of 2.0, cross PBCS walls are more suitable than diagonal
ones, as they dissipate more energy.

4. Owing to the limited scope of SSR involved in this study, the relevant suggestions
obtained herein are applicable to PBCS walls with frequently configured SSR, ranging
from 1.0 to 2.0. Like other RC shear wall modeling approaches, an overestimation
of initial stiffness was also observed in the FE models of PBCS walls based on the
multi-layer shell element. This is a promising study for optimizing the deficiency. A
quantitative analysis of the influence of the EPS board thickness ratio on the thermal
insulation performance of PBCS walls would be a valuable development in future
studies. Additionally, in order to achieve better weight reduction effects for PBCS
walls as well as further reduce concrete use, the adoption of new lightweight and high
strength concrete materials and embedded thermal insulation layer in PBCS walls is
also necessary.

Author Contributions: Conceptualization, H.L.; Methodology, Y.T.; Validation, Y.T.; Formal analysis,
Y.T. and H.L.; Data curation, Y.T.; Writing—original draft, Y.T.; Writing—review & editing, H.L.;
Supervision, H.L.; Project administration, H.L.; Funding acquisition, H.L. All authors have read and
agreed to the published version of the manuscript.

Funding: This research is financially supported by the National Natural Science Foundation of China
(No. 51738007).

Data Availability Statement: The data that support the findings of this study are available from the
corresponding author upon reasonable request.

Conflicts of Interest: The authors declare no conflict of interest.

References

1. Dong, Y.H.; Jaillon, L.; Chu, P.; Poon, C.S. Comparing carbon emissions of precast and cast-in-situ construction methods—A case
study of high-rise private building. Constr. Build. Mater. 2015, 99, 39–53. [CrossRef]

2. Kurama, Y.C.; Sritharan, S.; Fleischman, R.B.; Restrepo, J.I.; Henry, R.S.; Cleland, N.M.; Ghosh, S.K.; Bonelli, P. Seismic-Resistant
Precast Concrete Structures: State of the Art. J. Struct. Eng. 2018, 144, 03118001. [CrossRef]

3. Wibowo, A.; Wijatmiko, I.; Nainggolan, C.R. Cyclic Behaviour of Expanded Polystyrene (EPS) Sandwich Reinforced Concrete
Walls. Adv. Mater. Sci. Eng. 2018, 2018, 7214236. [CrossRef]

4. O’Hegarty, R.; Kinnane, O. Review of precast concrete sandwich panels and their innovations. Constr. Build. Mater. 2020,
233, 117145. [CrossRef]

5. Lombardi, R.; Jünemann, R.; Lopez, M. Experimental assessment of the behavior of expanded glass lightweight reinforced
concrete walls. J. Build. Eng. 2022, 49, 104043. [CrossRef]

6. Mousavi, S.A.; Zahrai, S.M.; Bahrami-Rad, A. Quasi-static cyclic tests on super-lightweight EPS concrete shear walls. Eng. Struct.
2014, 65, 62–75. [CrossRef]

7. Pakizeh, M.R.; Parastesh, H.; Hajirasouliha, I.; Farahbod, F. Seismic performance of CFS shear wall systems filled with polystyrene
lightweight concrete: Experimental investigation and design methodology. Steel Compos. Struct. 2023, 46, 497.

8. Xu, Z.; Chen, Z.; Yang, S. Effect of a new type of high-strength lightweight foamed concrete on seismic performance of cold-formed
steel shear walls. Constr. Build. Mater. 2018, 181, 287–300. [CrossRef]

9. Xu, Z.; Chen, Z.; Yang, S. Seismic behavior of cold-formed steel high-strength foamed concrete shear walls with straw boards.
Thin-Walled Struct. 2018, 124, 350–365. [CrossRef]

10. Xu, Z.; Chen, Z.; Dong, X.; Zuo, Y. Experimental Study on Seismic Behavior of Lightweight Concrete-Filled Cold-Formed Steel
Shear Walls Strengthened Using Horizontal Reinforcement. J. Earthq. Eng. 2023, 27, 4126–4160. [CrossRef]

11. Ximei, Z.; Jiayu, Y.; Can, C. Seismic performance and flexible connection optimization of prefabricated integrated short-leg shear
wall filled with ceramsite concrete. Constr. Build. Mater. 2021, 311, 125224. [CrossRef]

12. Chen, F.; Li, Z.; He, M.; Wang, Y.; Shu, Z.; He, G. Seismic performance of self-centering steel-timber hybrid shear wall structures.
J. Build. Eng. 2021, 43, 102530. [CrossRef]

13. Kuai, L.; Ormarsson, S.; Vessby, J.; Maharjan, R. A numerical and experimental investigation of non-linear deformation behaviours
in light-frame timber walls. Eng. Struct. 2022, 252, 113599. [CrossRef]

14. Orlowski, K.; Baduge, S.K.; Mendis, P. Prefabricated Composite Steel-Timber Stiffened Wall Systems with Post-Tensioning:
Structural Analysis and Experimental Investigation under Vertical Axial Load. J. Struct. Eng. 2021, 147, 04020325. [CrossRef]

15. Wang, R.; Wei, S.Q.; Li, Z.; Xiao, Y. Performance of connection system used in lightweight glubam shear wall. Constr. Build. Mater.
2019, 206, 419–431. [CrossRef]

35



Buildings 2024, 14, 55

16. Darzi, S.; Karampour, H.; Bailleres, H.; Gilbert, B.P.; Fernando, D. Load bearing sandwich timber walls with plywood faces and
bamboo core. Structures 2020, 27, 2437–2450. [CrossRef]

17. Hamid, N.H.; Mander, J.B. Lateral Seismic Performance of Multipanel Precast Hollowcore Walls. J. Struct. Eng. 2010, 136, 795–804.
[CrossRef]

18. Dal Lago, B.; Muhaxheri, M.; Ferrara, L. Numerical and experimental analysis of an innovative lightweight precast concrete wall.
Eng. Struct. 2017, 137, 204–222. [CrossRef]

19. Wang, W.; Wang, X. Experimental and numerical investigations on concentrated-hollow RC shear walls. Eng. Struct. 2021,
242, 112570. [CrossRef]

20. Pessiki, S.; Mlynarczyk, A. Experimental evaluation of the composite behavior of precast concrete sandwich wall panels. PCI J.
2003, 48, 54–71. [CrossRef]

21. Fernando, P.L.N.; Jayasinghe, M.T.R.; Jayasinghe, C. Structural feasibility of Expanded Polystyrene (EPS) based lightweight
concrete sandwich wall panels. Constr. Build. Mater. 2017, 139, 45–51. [CrossRef]

22. Sevil Yaman, T.; Lucier, G. Shear Transfer Mechanism between CFRP Grid and EPS Rigid Foam Insulation of Precast Concrete
Sandwich Panels. Buildings 2023, 13, 928. [CrossRef]

23. Barbosa, K.; Silva, W.T.M.; Silva, R.; Vital, W.; Bezerra, L.M. Experimental Investigation of Axially Loaded Precast Sandwich
Panels. Buildings 2023, 13, 1993. [CrossRef]

24. Lu, Y.; Chen, W.; Xiong, F.; Yan, H.; Ge, Q.; Zhao, F. Seismic Performance of a Full-Scale Two-Story Bolt-Connected Precast
Concrete Composite Wall Panel Building Tested on a Shake Table. J. Struct. Eng. 2021, 147, 04021209. [CrossRef]

25. He, J.-X.; Xu, Z.-D.; Zhang, L.-Y.; Lin, Z.-H.; Hu, Z.-W.; Li, Q.-Q.; Dong, Y.-R. Shaking table tests and seismic assessment of a
full-scale precast concrete sandwich wall panel structure with bolt connections. Eng. Struct. 2023, 278, 115543. [CrossRef]

26. Li, H.-N.; Tang, Y.-C.; Li, C.; Wang, L.-M. Experimental and numerical investigations on seismic behavior of hybrid braced precast
concrete shear walls. Eng. Struct. 2019, 198, 109560. [CrossRef]

27. Yu, S.; Liu, Y.; Wang, D.; Ma, C.; Liu, J. Theoretical, experimental and numerical study on the influence of connectors on the
thermal performance of precast concrete sandwich walls. J. Build. Eng. 2022, 57, 104886. [CrossRef]

28. Liu, P.; Gong, Y.F.; Tian, G.H.; Miao, Z.K. Preparation and experimental study on the thermal characteristics of lightweight
prefabricated nano-silica aerogel foam concrete wallboards. Constr. Build. Mater. 2021, 272, 121895. [CrossRef]

29. Xu, G.; Li, A. Seismic performance of a new type precast concrete sandwich wall based on experimental and numerical
investigation. Soil Dyn. Earthq. Eng. 2019, 122, 116–131. [CrossRef]

30. Kumar, S.; Chen, B.; Xu, Y.; Dai, J.-G. Structural behavior of FRP grid reinforced geopolymer concrete sandwich wall panels
subjected to concentric axial loading. Compos. Struct. 2021, 270, 114117. [CrossRef]

31. Kilar, V.; Koren, D.; Bokan-Bosiljkov, V. Evaluation of the performance of extruded polystyrene boards—Implications for their
application in earthquake engineering. Polym. Test. 2014, 40, 234–244. [CrossRef]

32. Niu, F.; Jiang, H.; Su, W.; Jiang, W.; He, J. Performance degradation of polymer material under freeze-thaw cycles: A case study of
extruded polystyrene board. Polym. Test. 2021, 96, 107067. [CrossRef]

33. Gombeda, M.J.; Naito, C.J.; Quiel, S.E. Development and performance of a ductile shear tie for precast concrete insulated wall
panels. J. Build. Eng. 2020, 28, 101084. [CrossRef]

34. Gombeda, M.J.; Naito, C.J.; Quiel, S.E. Flexural performance of precast concrete insulated wall panels with various configurations
of ductile shear ties. J. Build. Eng. 2021, 33, 101574. [CrossRef]

35. Choi, I.; Kim, J.; Kim, D.; Park, J. Effects of grid-type shear connector arrangements used for insulated concrete sandwich wall
panels with a low aspect ratio. J. Build. Eng. 2022, 46, 103754. [CrossRef]

36. Naito, C.; Hoemann, J.; Beacraft, M.; Bewick, B. Performance and Characterization of Shear Ties for Use in Insulated Precast
Concrete Sandwich Wall Panels. J. Struct. Eng. 2012, 138, 52–61. [CrossRef]

37. Daniel Ronald Joseph, J.; Prabakar, J.; Alagusundaramoorthy, P. Experimental studies on through-thickness shear behavior of EPS
based precast concrete sandwich panels with truss shear connectors. Compos. Part B-Eng. 2019, 166, 446–456. [CrossRef]

38. Choi, W.; Jang, S.-J.; Yun, H.-D. Design properties of insulated precast concrete sandwich panels with composite shear connectors.
Compos. Part B-Eng. 2019, 157, 36–42. [CrossRef]

39. Xu, G.; Li, A. Experimental and numerical studies on the lateral performance of concrete sandwich walls. Struct. Des. Tall Spec.
Build. 2020, 29, e1715. [CrossRef]

40. Lameiras, R.; Barros, J.A.O.; Valente, I.B.; Poletti, E.; Azevedo, M.; Azenha, M. Seismic behaviour of precast sandwich wall panels
of steel fibre reinforced concrete layers and fibre reinforced polymer connectors. Eng. Struct. 2021, 237, 112149. [CrossRef]

41. Tang, Y.-C.; Li, H.-N.; Li, C. Parametric Studies on Seismic Performance of New Precast Braced Concrete Shear Walls under Cyclic
Loading. J. Struct. Eng. 2023, 149, 04023061. [CrossRef]

42. Lu, X.; Xie, L.; Guan, H.; Huang, Y.; Lu, X. A shear wall element for nonlinear seismic analysis of super-tall buildings using
OpenSees. Finite Elem. Anal. Des. 2015, 98, 14–25. [CrossRef]

43. Kunnath, S.K.; Heo, Y.; Mohle, J.F. Nonlinear Uniaxial Material Model for Reinforcing Steel Bars. J. Struct. Eng. 2009, 135, 335–343.
[CrossRef]

44. Mazzoni, S.; McKenna, F.; Scott, M.H.; Fenves, G.L. OpenSees command language manual. Pac. Earthq. Eng. Res. (PEER) Cent.
2006, 264, 137–158.

36



Buildings 2024, 14, 55

45. Kolozvari, K.; Biscombe, L.; Dashti, F.; Dhakal, R.P.; Gogus, A.; Gullu, M.F.; Henry, R.S.; Massone, L.M.; Orakcal, K.; Rojas, F.; et al.
State-of-the-art in nonlinear finite element modeling of isolated planar reinforced concrete walls. Eng. Struct. 2019, 194, 46–65.
[CrossRef]

46. GB 50011-2010; Ministry of Housing and Urban-Rural Development, PRC. Code for Seismic Design of Buildings. China
Construction Industry Press: Beijing, China, 2016. (In Chinese)

47. Park, R.; Priestley, M.J.N.; Gill, W.D. Ductility of Square-Confined Concrete Columns. J. Struct. Div. 1982, 108, 929–950. [CrossRef]

Disclaimer/Publisher’s Note: The statements, opinions and data contained in all publications are solely those of the individual
author(s) and contributor(s) and not of MDPI and/or the editor(s). MDPI and/or the editor(s) disclaim responsibility for any injury to
people or property resulting from any ideas, methods, instructions or products referred to in the content.

37



Citation: Zhang, G.; Sun, B.; Bai, W.

Hysteretic Model for RC Columns

Based on Effective Hysteretic Energy

Dissipation with Positive and

Negative Directions. Buildings 2023,

13, 1140. https:// doi.org/10.3390/

buildings13051140

Academic Editors: Chao Li, Weiping

Wen, Jian Zhong, Xiaowei Wang and

Suiwen Wu

Received: 23 March 2023

Revised: 22 April 2023

Accepted: 23 April 2023

Published: 25 April 2023

Copyright: © 2023 by the authors.

Licensee MDPI, Basel, Switzerland.

This article is an open access article

distributed under the terms and

conditions of the Creative Commons

Attribution (CC BY) license (https://

creativecommons.org/licenses/by/

4.0/).

buildings

Article

Hysteretic Model for RC Columns Based on Effective Hysteretic
Energy Dissipation with Positive and Negative Directions

Ge Zhang 1,2, Baitao Sun 1,* and Wen Bai 1

1 Institute of Engineering Mechanics, China Earthquake Administration, Harbin 150000, China;
zhangge617@163.com (G.Z.); baiwen@iem.ac.cn (W.B.)

2 School of Automation, Harbin University of Science and Technology, Harbin 150000, China
* Correspondence: sunbt@iem.ac.cn

Abstract: Accurately simulating the nonlinear response of reinforced concrete (RC) columns under
cyclic loading is crucial in performance-based seismic design for building structures, especially
regarding strength degradation. This paper presents the description, calibration and simulation of
the hysteretic model for RC columns based on effective hysteretic energy dissipation with positive
and negative directions. During the analysis of previous experimental data, the relationship between
hysteresis energy dissipation, maximum displacement, and the effects of positive and negative load-
ing directions on strength degradation has been summarized. The proposed method for determining
the yield strength of the hysteresis loop is based on the farthest point method. Calibration of the
hysteretic models’ existing RC columns’ experimental data demonstrates that the proposed model
can simulate the main characteristics that influence deterioration.

Keywords: RC columns; strength deterioration; asymmetric loading; effective hysteresis energy
dissipation

1. Introduction

It is essential for performance-based seismic design to reasonably evaluate the perfor-
mance of structures under seismic loading [1]. Reinforced concrete (RC) columns are the
critical members bearing vertical loads and resisting horizontal loads in the actual structure.
The phenomena in the experiments and the earthquake damage indicate that the seismic
performance of the structure is related to the loading histories [2]. With the increasing
duration and strength of strong ground motions, the strength of the columns decreases
more significantly when the earthquake occurs. Therefore, the strength degradation of
RC columns should be reasonably evaluated when analyzing the seismic performance of
the structure.

Strength degradation in the cyclic loading refers to the phenomenon that the strength
gradually decreases each time as the number of cycles increases, while the load reaches the
same displacement [3]. In most seismic studies, hysteresis models that include strength
degradation are developed and form a non-deteriorating backbone curve and hysteresis
rules [4]. Park [5] and Miramontes [6] each proposed hysteresis rules for reloading paths
pointing to points with larger displacement values. Ozcebe [7] and Sivaselvan [8] developed
rules for reloading paths that point to strength-discounting points with the same displace-
ment values. In traditional RC column hysteresis tests, the force–displacement curves at
the column end sections are primarily obtained. Chalioris and his research group [9] in-
geniously arranged piezoelectric sensors at the beam–column joints to trace the structural
damage progression with high precision and fidelity. Capitalizing on the obtained data, they
simulated the cyclic lateral behavior of carbon fiber-reinforced polymer bars as a longitu-
dinal reinforcement in the beam using the finite element analysis software ABAQUS [10].
Regarding the simulation of other structural members, Thomoglou et al. [11] implemented
an intricate micro-nonlinear finite element model in ANSYS to simulate and validate the
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shear behavior of unreinforced masonry walls containing units, mortar, and fiber-reinforced
composites with their complex interactions.

The loading path is a critical factor that affects the strength degradation of RC columns.
It primarily depends on two key indicators, namely maximum displacement and hysteresis
energy dissipation. In most studies on the effect of loading path on strength degradation,
the strength degradation rate proposed by Roufaiel [12], Chung [13] and Yousseef [14] was
only related to the maximum displacement. Kunnath [15], Rahnama [16], Sucuoglu [17]
and Lee [18] summarized degradation models associated with hysteretic energy dissipation.
Qu [19] presented the concept of effective hysteretic energy dissipation, which applied the
two factors of maximum displacement and hysteretic energy dissipation together to the
hysteretic model of strength degradation. Huang [20] proposed a neural network-based
hysteresis model to characterize the relationship between lateral force and displacement of
RC columns with different properties.

When RC columns are subjected to seismic loading, both the steel rebar and concrete
exhibit complex nonlinear properties. However, previous studies mostly utilized symmetric
hysteresis experiments to simulate the response of RC columns under seismic loading,
resulting in distortion of the simulation under asymmetric hysteresis. Previous studies
have also utilized a complete hysteresis loop as the basis for their analysis, which has
been shown to result in a failure of hysteresis models to accurately reflect the strength
degradation when loading the opposite side after experiencing large deformation on one
side. The simulation model proposed in this paper fully accounts for the asymmetry in
horizontal loading procedures. It can predict the response of RC columns under seismic
loading with superior accuracy. This model provides a foundation for analyzing and
evaluating the seismic capacity of structures in the future.

2. The Proposed Hysteretic Model

2.1. Backbone Curve

The backbone curve represents the maximum strength that a structural member can
develop at a given level of deformation, resulting in an effective limit to the strength of
a member in force–deformation space [21]. The developed model includes four distinct
sections: the elastic branch, hardening branch, softening branch, and residual branch, as
illustrated in Figure 1.

Figure 1. The proposed hysteretic model. (A) Backbone curve and hysteretic rule. (B) Strength degradation.

The backbone curve is a quad-linear idealization that is defined by several parameters,
including the yield strength Fy, the residual strength Fr, the yield deformation uy, the strain-
hardening stiffness Ks, the cap deformation uc, and the residual deformation ur. In the elastic
branch, the elastic stiffness is calculated, Ke = Fy/uy, which can determine the cap strength,
Fc. During the hardening stage, the strain-hardening stiffness is calculated, Ks = αsKe. The
ratio of the cap deformation to the yield deformation can be described as the ductility capacity,
(uc/uy). The softening stage is defined by the post-capping stiffness, Kc = αcKe. The residual
strength can be defined in the model, Fr = λFy. If the deformation exceeds the residual
displacement, the load capacity of the member is not less than the residual strength.
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The above parameters of the backbone curves can be obtained from load–deformation
data from the experiments or theories of previous studies [22–26].

2.2. Hysteretic Rule

The hysteretic rule defines the load–deformation path under cyclic loading [27]. The
hysteretic rule for the developed model is shown in Figure 1A, where the load path points
to the maximum displacement of the previous cycle, based on Clough’s theory [28]. This
paper focuses on the strength degradation theory; therefore, the stiffness in the post-capping
and residual stages is assumed to be the same as the backbone curve.

2.3. Cyclic Strength Degradation

Figure 1B shows the cyclic strength degradation, which controls the amount of the
hysteretic curve that moves to the x coordinate axis with the cyclic deformation.

2.3.1. Calculation of Strength Degradation Value

In previous studies [4,19], it requires much time and effort to obtain the strength
degradation value from the experimental hysteresis data. This paper introduces a new
calculation method based on the farthest point method [29], as shown in Figure 2. The
point on the curve farthest from the line connecting the intersection of the origin and the
cap point is the yield point. As shown in the hysteretic model presented in this paper
(Figure 1A), the RC column yields at point 1 within the initial hysteresis loop and reaches
the cap response at point 2. Point 1 on the hysteresis curve represents the point that is
furthest from the line connecting the origin and point 2. If there is more than one point, the
yield point can be obtained by averaging the load values of these points and corresponding
to the curve. The method has the advantages of easy operation and accurate calculation by
programming, which can avoid the calculation error caused by manual value.

Figure 2. Farthest point method used to determine yield point. (A) Bilinear curve. (B) Without
obvious turning curve. (C) Traditional elastic–plastic curve.

The yield point can be obtained form the backbone curve based on the Equation (1).

(
Fys, uys

)
= max

(Fys,uys)=(F,u)
d =

|Fc · u − uc · F|√
Fc

2 + uc2
(1)
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where (F, u) is the coordinate of any point on the backbone curve of the component;
(Fys, uys) is the coordinate of the yield point determined by the farthest point method;
(Fc, uc) is the coordinate of the cap point; and 0 ≤ u ≤ up.

Since the reloaded hysteresis loop does not pass through the origin, the calculation is
derived as Equation (2). Since the columns are axisymmetric, it is assumed that the yield
strength in the negative direction is equal to the yield strength in the positive direction.

(
Fys, uys

)
= max

(Fys,uys)=(F,u)
d =

|(uc − uo)F − (Fc − Fo)u + uoFc − ucFo|√
(uc − uo)

2 + (Fc − Fo)
2

(2)

where (Fo, uo) is the intersection coordinate of the hysteresis loop and the coordinate
axis, and 0 ≤ u ≤ up. The positive and negative directions discussed in this paper are the
directions of force loading on RC columns. Therefore, Fo = 0 and Equation (2) can be
simplified to Equation (3), which is suitable for positive and negative directions. In some
experiments, the hysteresis loop loading did not exceed the cap point; thus, these hysteresis
loops could not be calculated.

(
Fys, uys

)
= max

(Fys,uys)=(F,u)
d =

|(uc − uo)F − Fcu + uoFc|√
(uc − uo)

2 + F2
c

(3)

Since the columns are axisymmetric, it is assumed that the yield strength in the
negative direction is equal to the yield strength in the positive direction, as shown in
Figure 3.

Figure 3. Strength deterioration.

2.3.2. Strength Deterioration Rule

The authors’ previous [30] study showed that the degradation mechanism of the RC
columns is usually considered to be the bond slip between the reinforcement and the
concrete and the spalling of the concrete protective layer, as shown in Figure 4. Positive
and negative sequential loading is the most common loading scheme in studying the
cyclic behavior of structural members. At the same time, displacement loading with
monotonically increasing amplitude is the most widely used loading path. However, the
deformation of the column in the positive and negative directions is usually asymmetrical
under the action of the ground motion.
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Figure 4. Experimental phenomenon of RC column. (A) Mortar surface of RC column. (B) Concrete
surface of RC column.

According to Takemura and Kawashima [31], two identical batch columns with the
same design parameters were applied with different hysteresis loads. The specimen
was first applied with a large displacement in the positive direction, and then, the same
displacement was applied in the negative direction, as shown in Figure 5A. The other
specimen was loaded with a large displacement in the positive direction only, and then,
the displacement was gradually reduced, as shown in Figure 5B. Figure 6A shows the
difference between the positive yield strength of 150 kN and the negative yield strength
of 110 kN. Comparing Figure 6A,B, with only positive loading, the strength of the second
hysteresis loop is significantly greater than that of both positive and negative loading.
Therefore, the column damage by positive or negative deformation causes the strength
deterioration in both negative and positive directions.

Figure 5. Loading hysteresis of Takemura and Kawashima test. (A) Positive and negative hysteretic
loading. (B) Positive hysteretic loading.
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Figure 6. Force–displacement hysteresis curve of Takemura and Kawashima’ test. (A) positive and
negative hysteretic loading. (B) positive hysteretic loading.

On the basis of the above findings, the cyclical strength deterioration rates are pro-
posed in this paper. The cyclic deterioration in excursion i is defined by the strength
degradation parameter β+/−

i , considering positive and negative directional effects. The
strength degradation is described by the following Equation (4).

F+/−
y,i =

(
1 − β+/−

i

)
Fy (4)

where F+/−
y,i is the deteriorated yield strength in negative and positive directions of ith circle.

β+/−
i and F+/−

y,i are each the time that the updated inelastic path crosses the horizontal

axis. In the proposed hysteresis model, β+/−
i must be within the limits 0 < β+/−

i ≤ 1 − λ,
due to the residual branch. If β+/−

i is outside these limits (β+/−
i > 1 − λ), RC columns

are advanced to the residual strength stage. The details of β+/−
i will be presented in

subsequent sections.

3. Effective Hysteretic Energy Dissipation with Positive and Negative Directions

Liu [32] conducted a series of constant amplitude cyclic loading tests aimed at in-
vestigating the relationship between load displacement amplitude and low cycle fatigue
life of RC members. The findings revealed that under larger displacement loading, even
a relatively small amount of hysteretic energy dissipation could cause failure of the RC
members. In light of these results and Section 2.3, Equation (5) was proposed to account
for effective hysteretic energy dissipation in both positive and negative directions, taking
into consideration the loading displacement, hysteresis energy dissipation, as well as the
positive and negative directions.

E+/−
e,i =

i

∑
j=1

⎛
⎝a · E+/−

j

⎛
⎝u+/−

j

uc

⎞
⎠

c

+ b · E−/+
j

⎛
⎝u−/+

j

uc

⎞
⎠

c⎞
⎠ (5)

where E+/−
e,i is the effective hysteretic energy dissipation up to the ith loading cycle in

positive and negative directions; u+/−
j refers to the deformation amplitude of the jth

cycle in positive and negative directions; uc is the cap deformation; E−/+
j represents the

hysteretic energy dissipation up to the ith loading cycle in positive and negative directions.
a, b and c are the model coefficients, and a + b = 2.
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The strength degradation parameter β+/−
i is suggested in Equation (6).

β+/−
i =

E+/−
e,i

kFyuc
(6)

where k is the parameter determined from the test.
Equation (6) is substituted into Equation (4). Therefore, the yield strength of each

hysteresis loop is expressed by Equation (7).

F+/−
y,i =

(
1 − E+/−

e,i

kFyuc

)
Fy (7)

In this model, the absolute value of the yield strength in negative and positive directions
of ith circle F+/−

y,i is as the value of the effective hysteretic energy dissipation E+/−
e increases.

4. The Influence Degree of Loading Directions on Strength Deterioration

4.1. Rectangular RC Column Dataset

This study aimed to determine the relative influence of positive and negative load-
ing directions on the strength deterioration of RC columns. For this purpose, 98 RC
columns with rectangular cross-sections were selected from the PEER Structural Perfor-
mance Database and the authors’ previous studies [33]. The stacked histograms in Figure 7
show the distribution of the design parameters of the RC columns, which include: (1) com-
pressive strength of concrete ( fc(MPa)), (2) yield strength of longitudinal reinforcement
( fyl(MPa)), (3) yield strength of transverse reinforcement ( fyt(MPa)), (4) axial compression
ratio (n = N/(A fc)), (5) cross-sectional area (A(mm2)), (6) length (L(mm)), (7) longitu-
dinal reinforcement ratio (ρl), and (8) Vol transverse reinforcement ratio (ρv). Different
colors indicate distinct limit zones, and these restrictions are already displayed in Figure 7.
The parameters of the database can be found in Appendix A.

Figure 7. Stacked histograms of the design parameters of the RC columns.

4.2. Proposed Regression Coefficients

In this sub-section, the rectangular RC column dataset will be analyzed in order to
determine the impact of effective hysteretic energy dissipation with positive and negative
directions on the strength degradation of RC columns. This means that by fitting the
hysteresis curves within the dataset, the most suitable values for the three coefficients (a, b,
and c) in Equation (5) can be determined.

The value a represents the magnitude of effective hysteresis energy dissipation during
one half of the hysteresis loop, and b represents the magnitude of effective hysteresis energy
dissipation during the other half. It is assumed that a takes on values between 1.02 and
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2, with an interval of 0.02, and b is defined as 2 − a. This means that b takes on values
between 0 and 0.98, with the same interval of 0.02. The variable c is used to quantify the
impact of the ratio between the maximum displacement of a half hysteresis loop and the
cap displacement on the strength degradation. The value of c is assumed to range from 0.01
to 4, with increments of 0.01. The researchers used a statistical method called least squares
linear fit [34] to process Equation (5). This method is commonly used in data analysis to
find the best-fitting straight line through a set of data points. The goal is to minimize the
sum of the squared differences between the observed values and the corresponding fitted
values on the line. R-squared (R2) is used to evaluate the performance of a regression model
in the paper, as shown in Equation (8). R2 is typically expressed as a percentage between
0% and 100%. The higher the R2 value, the better the fit of the regression model [35].

R2 = 1 − ∑ (yi − fi)
2

∑ (yi − ymean)
2 (8)

where yi represents the actual value of the ith observation, fi represents the predicted value
of the ith observation, and ymean represents the mean value of all observations.

The average R2 of the 98 reinforced concrete columns is depicted in Figure 8. When
a = 1.12, b = 2 − a = 0.88, and c = 1.85, the mean value of R2 is maximum, indicating a
better fit. Figure 9 shows the statistical information for R2, when a = 1.12, b = 0.88, and
c = 1.85. After performing the calculation, we can transform Equation (7) into Equation (9).
The degradation in strength caused by the effective hysteresis energy in the same direction is
1.27 times greater than the effect of the effective hysteresis energy in the opposite direction.
This finding aligns with and corroborates the effects of bidirectional hysteretic energy
dissipation and strength deterioration elucidated in Section 2.3.2.

F+/−
y,i =

⎛
⎜⎜⎜⎜⎜⎝1 −

∑i
j=1

(
1.12 · E+/−

j

(
u+/−

j
uc

)1.85

+ 0.88 · E−/+
j

(
u−/+

j
uc

)1.85
)+/−

kFyuc

⎞
⎟⎟⎟⎟⎟⎠Fy (9)

Figure 8. The average R2 of the 98 RC columns.
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Figure 9. The statistical information for R2.

5. Modeling of Strength Deterioration of RC Columns

The fiber beam element in ABAQUS (a software suite for finite element analysis and
computer-aided engineering) is able to simulate the applicability of bending and axial force
interactions for different cross-sectional profiles and reinforcement modeling members.
By creating fiber bundles within the cross-section of the beam, the complex stress–strain
behavior of RC columns can be captured more accurately, thus improving the accuracy of
the model [36].

The strength degradation of the RC columns is a macroscopic behavior, which can
be observed through the reduction of load-carrying capacity over time due to various
factors. The mechanisms that contribute to this degradation are complex and involve
multiple factors, including bond slip between the steel rebar and concrete and spalling of
the concrete protective layer.

The constitutive relationship of the steel rebar plays a crucial role in the behavior of
RC columns subjected to cyclic loading. Youssef [14] demonstrated that incorporating the
degradation of the load-carrying capacity of the member into the constitutive relationships
of the steel rebar can effectively simulate the load-carrying capacity degradation of RC
columns under incremental loading. Based on the above conclusions, the forces and
displacements in Equation (9) are replaced by the stresses and strains of the steel rebar, as
shown in Equation (10).

σ+/−
y,i =

⎛
⎜⎜⎜⎜⎜⎝1 −

∑i
j=1

(
1.12 · E+/−

j

(
ε+/−

j
εc

)1.85

+ 0.88 · E−/+
j

(
σ−/+

j
σc

)1.85
)+/−

kσyεc

⎞
⎟⎟⎟⎟⎟⎠σy (10)

where σy is the yield stress of the steel rebar; σ+/−
y,i is the yield stress of the steel rebar in

negative and positive directions; εc can be taken as the strain of the steel rebar when the
member is monotonically loaded to the cap deformation uc.

There are more factors affecting the value of εc. After simulation, the proposed value
of εc is shown in Equation (11).

εc = 0.15λV/n (11)

where λV = ρv fyt/ fc is the stirrup characteristic value; ρv is the vol transverse reinforce-
ment ratio; fyt is the yield strength of transverse reinforcement; fc is the yield strength of
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longitudinal reinforcement. n = F/(A fc) is the axial compression ratio, which takes the
value 0.1. If it is less than 0.1, N is the axial compression, and A is the cross-sectional area.

The hysteretic models have been calibrated by force–displacement data from 12 ex-
periments on RC columns with different design parameters and loading histories, based
on the general purpose program ABAQUS. When accounting for strength deterioration,
Equation (10) will be used to update the yield strength of the steel rebar during the analysis.

For the simulation of eight RC columns with different design parameters, the model
results and experimental results are displayed in Figures 10–13. The majority of the
experimental results were effectively simulated, including the presentation of strength
degradation. Additionally, information such as the axial compression ratio and stirrup
characteristic values was added to the figures for a better understanding of the model’s
applicability. In cases where the axial compression ratio is less than 0.5, the model simula-
tion performs exceptionally well. This indicates that when the axial compression ratio is
low, the analysis method can effectively predict the performance of RC columns. However,
some discrepancies were observed in specific cases.

Figure 10. Comparison between the analysis and experimental results of Zhang [33] and Bayrak [37].

Figure 11. Comparison between the analysis and experimental results of Ang [38] and Tanaka [39].

For instance, in Figure 10B (Bayrak and Sheikh, 1996, ES-1HT), when high-strength
concrete with a compressive strength of 72.1 MPa was used for the RC columns, the
analytical model tended to underestimate the actual strength of the columns. This could
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be attributed to the limitations of the model in capturing the behavior of high-strength
concrete or due to simplifications made in the model assumptions.

Regarding the specimens of Watson et al. 1989, No. 7 (n = 0.7) and Zhou et al. 1987, No.
223-09 (n = 0.9), where the axial pressure was relatively large, discrepancies were observed
in the compressive-bending load capacity of the simulated members compared to the
experimental results. These discrepancies could be attributed to the model’s limitations in
simulating the complex interaction between axial pressure, bending, and confinement effects.

Figure 12. Comparison between the analysis and experimental results of Azizinamini [40] and
Zahn [41].

Figure 13. Comparison between the analysis and experimental results of Watson [42] and Zhou [43].

The analytical model also demonstrates good simulation results for non-square rect-
angular columns, as evidenced by the specimens No. 40.033a and No. 40.033, as shown
in Figure 14. These specimens had dimensions of 152 mm in width and 305 mm in depth.
The accurate simulation of non-square rectangular columns is crucial, as it highlights the
model’s versatility and applicability to a wider range of column geometries.

Figures 14 and 15 effectively simulate the hysteresis performance of the column
under different loading paths. These figures demonstrate the role of effective hysteretic
energy dissipation in both positive and negative directions on the column’s strength
degradation. The ability to simulate hysteresis performance and energy dissipation is
essential in understanding the behavior of RC columns under cyclic loading, which is
commonly encountered in situations such as earthquakes.
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Figure 14. Comparison between the analysis and experimental results of Wight [44].

Figure 15. Comparison between the analysis and experimental results of Takemura [31].

Despite these discrepancies, the analytical model generally provided effective simulations
in the majority of experimental results. However, it is crucial to address these limitations
and improve the model’s accuracy to provide a better understanding of the behavior of RC
columns with different design parameters and under various loading conditions.

6. Discussion

1. In previous studies, the method of yield strengths ΔFyi reduction of the backbone
curve derived from the force reduction at the reloading point ΔFoi was proposed by Qu [19],
as shown in the Equation (12). However, that method has the disadvantage of requiring
a lot of manual processing of experimental data. The furthest point method has a wider
range of practical applications and is more convenient for converting into calculations,
resulting in significantly reduced data-processing time.

ΔFyi =
ΔFoi

1 − αs
(12)

2. Compared with the model of Qu [19], which only considers hysteretic energy
dissipation and maximum historical displacement, the model proposed in this study
considers the effects of positive and negative directions, which simulates the hysteretic
behavior of the member more accurately and improves the simulation accuracy. Hysteretic
energy is provided in the form of effective hysteretic energy, which comprehensively
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considers the effects of both directions and avoids the hysteretic energy in a single direction
from dominating the simulation results. When the displacement in the first hysteresis loop
is large, the model that considers the effects of both directions can produce more accurate
simulation results. It is difficult to accurately simulate this situation by relying solely on
the hysteretic energy of the symmetrical loading.

3. Figure 14 demonstrates the practical application of the proposed strength degrada-
tion model for non-square rectangular columns. The model can potentially be applied to
beam simulations, depending on the force distribution in the beam and the column.

4. The model may produce some errors when simulating high-strength concrete
and high axial compression ratios. Future studies could improve the accuracy of the
simulation by taking into account the effect of transverse reinforcement on the concrete
constitutive relationships.

5. During the simulation, the coefficients k differed significantly for different speci-
mens of different design parameters. In future research, a neural network algorithm can be
applied to find the relationship between the design parameters and the coefficients k.

7. Conclusions

This paper presents a hysteretic model for simulating the seismic response of RC
columns incorporating loading direction and hysteretic energy dissipation. The model
provides the following novel insights:

1. A new approach based on the farthest point method for accurately identifying yield
points in bidirectional hysteresis loops. This technique can be readily implemented for
computational efficiency.

2. An innovative hysteretic energy dissipation (effective hysteretic energy dissipation
with positive and negative directions) model that considers loading orientation and maxi-
mum displacement, in addition to cumulative hysteretic energy. This formulation more
realistically captures the damage caused by excursions in positive and negative directions
and at varying displacement amplitudes.

3. Methodologies for introducing strength degradation in fiber beam element models
to enable precise reproduction of the hysteretic behavior of RC columns, especially under
cyclic loading.

The proposed model enhances simulation capabilities for structural response under
asymmetric seismic ground motions. By incorporating salient features influencing dam-
age and strength deterioration in RC members, the model can improve predictions of
structural performance during severe earthquakes, enabling more reliable seismic design
and assessment.
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Abbreviations

The following abbreviations are used in this manuscript:

RC Reinforced concrete
A Cross-sectional area
Ee Effective hysteretic energy dissipation
E Hysteretic energy dissipation
N Axial compression
F Horizontal loading
Fc Cap strength
Fr Residual strength
Fy Yield strength
Kc Post-capping stiffness
Ke Elastic stiffness
Ks Strain-hardening stiffness
L Length
n Axial compression ratio
αs Strain-hardening stiffness ratio
αc Post-capping stiffness ratio
λ Residual strength ratio
λv Stirrup characteristic value
ρl Longitudinal reinforcement ratio
ρv Vol transverse reinforcement ratio
uc Cap deformation
uc/uy Ductility capacity
u Deformation
ur Residual deformation
uy Yield deformation
a, b, c Model coefficients
k Parameter determined from the test
fc Concrete compressive strength
fyl Yield strength of longitudinal reinforcement
fyt Yield strength of transverse reinforcement
σ Stress of steel rebar
σy Yield Stress of steel rebar
ε Strain of steel rebar
εc Cap Strain of steel rebar

Appendix A

Table A1 summarize the rectangular RC column database and provide input pa-
rameters used for model calibration. These tables are useful for understanding the key
characteristics of the database.
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Table A1. RC column database parameters.

# ID fc (MPa) fyl (MPa) fyt (MPa) n A(mm2) L(mm) ρl ρv

1 Gill et al. 1979, No.2 [45] 41.4 375 316 0.21 302,500 1200 0.0179 0.0230
2 Ang et al. 1981, No. 3 [38] 23.6 427 320 0.38 160,000 1600 0.0151 0.0280
3 Ang et al. 1981, No. 4 [38] 25 427 280 0.21 160,000 1600 0.0151 0.0220
4 Soesianawati et al. 1986, No. 1 [46] 46.5 446 364 0.1 160,000 1600 0.0151 0.0090
5 Soesianawati et al. 1986, No. 2 [46] 44 446 360 0.3 160,000 1600 0.0151 0.0120
6 Soesianawati et al. 1986, No. 3 [46] 44 446 364 0.3 160,000 1600 0.0151 0.0080
7 Soesianawati et al. 1986, No. 4 [46] 40 446 255 0.3 160,000 1600 0.0151 0.0060
8 Zahn et al. 1986, No. 7 [41] 28.3 440 466 0.22 160,000 1600 0.0151 0.0160
9 Zahn et al. 1986, No. 8 [41] 40.1 440 466 0.39 160,000 1600 0.0151 0.0200
10 Watson et al. 1989, No. 5 [42] 41 474 372 0.5 160,000 1600 0.0151 0.0070
11 Watson et al. 1989, No. 6 [42] 40 474 388 0.5 160,000 1600 0.0151 0.0030
12 Watson et al. 1989, No. 7 [42] 42 474 308 0.7 160,000 1600 0.0151 0.0130
13 Watson et al. 1989, No. 8 [42] 39 474 372 0.7 160,000 1600 0.0151 0.0070
14 Watson et al. 1989, No. 9 [42] 40 474 308 0.7 160,000 1600 0.0151 0.0230
15 Tanaka et al. 1990, No. 7 [39] 32.1 511 325 0.3 302,500 1650 0.0125 0.0210
16 Ohno et al. 1984, L2 [47] 24.8 362 325 0.03 160,000 1600 0.0142 0.0030
17 Zhou et al. 1987, No. 104-08 [43] 19.8 341 559 0.8 25600 160 0.0222 0.0070
18 Zhou et al. 1987, No. 214-08 [43] 21.1 341 559 0.8 25,600 320 0.0222 0.0070
19 Zhou et al. 1987, No. 223-09 [43] 21.1 341 559 0.9 25,600 320 0.0222 0.0180
20 Zhou et al. 1987, No. 302-07 [43] 28.8 341 559 0.7 25,600 480 0.0222 0.0070
21 Kanda et al. 1988, 85STC-1 [48] 27.9 374 506 0.11 62,500 750 0.0162 0.0040
22 Kanda et al. 1988, 85STC-2 [48] 27.9 374 506 0.11 62,500 750 0.0162 0.0040
23 Kanda et al. 1988, 85STC-3 [48] 27.9 374 506 0.11 62,500 750 0.0162 0.0040
24 Arakawa et al. 1989, OA2 [49] 31.8 340 249 0.18 32,400 225 0.0313 0.0020
25 Muguruma et al. 1989, AL-1 [50] 85.7 399.6 328.4 0.4 40,000 500 0.0380 0.0160
26 Muguruma et al. 1989, AL-2 [50] 85.7 399.6 328.4 0.63 40,000 500 0.0380 0.0160
27 Mugumura et al. 1989, AH-2 [50] 85.7 399.6 792.3 0.63 40,000 500 0.0380 0.0160
28 Muguruma et al. 1989, BL-2 [50] 115.8 399.6 328.4 0.42 40,000 500 0.0380 0.0160
29 Muguruma et al. 1989, BH-2 [50] 115.8 399.6 792.3 0.42 40,000 500 0.0380 0.0160
30 Sakai et al. 1990, B1 [51] 99.5 379 774 0.35 62,500 500 0.0243 0.0050
31 Sakai et al. 1990, B2 [51] 99.5 379 774 0.35 62,500 500 0.0243 0.0070
32 Sakai et al. 1990, B4 [51] 99.5 379 1126 0.35 62,500 500 0.0243 0.0050
33 Sakai et al. 1990, B7 [51] 99.5 339 774 0.35 62,500 500 0.0181 0.0050
34 Amitsu et al. 1991, CB060C [52] 46.3 441 414 0.74 77,284 323 0.0412 0.0090
35 Atalay et al. 1975, No. 9 [53] 33.3 363 392 0.26 93,025 1676 0.0163 0.0150
36 Atalay et al. 1975, No. 11 [53] 31 363 373 0.28 93,025 1676 0.0163 0.0150
37 Atalay et al. 1975, No. 12 [53] 31.8 363 373 0.27 93,025 1676 0.0163 0.0090
38 Umehara et al. 1982, 2CUS [54] 42 441 414 0.27 94,300 455 0.0301 0.0030
39 Azizinamini et al. 1988, NC-2 [40] 39.3 439 454 0.21 208,849 1372 0.0194 0.0220
40 Azizinamini et al. 1988, NC-4 [40] 39.8 439 616 0.31 208,849 1372 0.0194 0.0130
41 Saatcioglu et al. 1989, U1 [55] 43.6 430 470 0 122,500 1000 0.0321 0.0090
42 Saatcioglu et al. 1989, U4 [55] 32 438 470 0.15 122,500 1000 0.0321 0.0250
43 Galeota et al. 1996, BA1 [56] 80 430 430 0.2 62,500 1140 0.0151 0.0180
44 Galeota et al. 1996, BA2 [56] 80 430 430 0.3 62,500 1140 0.0151 0.0180
45 Galeota et al. 1996, BA4 [56] 80 430 430 0.2 62,500 1140 0.0151 0.0180
46 Galeota et al. 1996, CA1 [56] 80 430 430 0.2 62,500 1140 0.0151 0.0370
47 Galeota et al. 1996, CA2 [56] 80 430 430 0.3 62,500 1140 0.0151 0.0370
48 Galeota et al. 1996, CA4 [56] 80 430 430 0.3 62,500 1140 0.0151 0.0370
49 Galeota et al. 1996, BB [56] 80 430 430 0.2 62,500 1140 0.0603 0.0180
50 Galeota et al. 1996, BB4 [56] 80 430 430 0.3 62,500 1140 0.0603 0.0180
51 Galeota et al. 1996, BB4B [56] 80 430 430 0.3 62,500 1140 0.0603 0.0180
52 Galeota et al. 1996, CB1 [56] 80 430 430 0.2 62,500 1140 0.0603 0.0370
53 Xiao et al. 1998, HC4-8L19-T10-0.1P [57] 76 510 510 0.1 64,516 508 0.0355 0.0370
54 Xiao et al. 1998, HC4-8L19-T10-0.2P [57] 76 510 510 0.2 64,516 508 0.0355 0.0370
55 Xiao et al. 1998, HC4-8L16-T10-0.1P [57] 86 510 510 0.1 64,516 508 0.0246 0.0370
56 Xiao et al. 1998, HC4-8L16-T10-0.2P [57] 86 510 510 0.19 64,516 508 0.0246 0.0370
57 Xiao et al. 1998, HC4-8L16-T6-0.1P [57] 86 510 449 0.1 64,516 508 0.0246 0.0160
58 Xiao et al. 1998, HC4-8L16-T6-0.2P [57] 86 510 449 0.19 64,516 508 0.0246 0.0160
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Table A1. Cont.

# ID fc (MPa) fyl (MPa) fyt (MPa) n A(mm2) L(mm) ρl ρv

59 Sugano. 1996, UC10H [58] 118 393 1415 0.6 50,625 450 0.0186 0.0077
60 Sugano. 1996, UC15H [58] 118 393 1424 0.6 50,625 450 0.0186 0.0119
61 Sugano. 1996, UC20H [58] 118 393 1424 0.6 50,625 450 0.0186 0.0152
62 Sugano. 1996, UC15L [58] 118 393 1424 0.35 50,625 450 0.0186 0.0119
63 Sugano. 1996, UC20L [58] 118 393 1424 0.35 50,625 450 0.0186 0.0152
64 Bayrak et al. 1996, ES-1HT [37] 72.1 454 463 0.5 93,025 1842 0.0258 0.0320
65 Bayrak et al. 1996, AS-3HT [37] 71.8 454 542 0.5 93,025 1842 0.0258 0.0280
66 Bayrak et al. 1996, AS-4HT [37] 71.9 454 463 0.5 93,025 1842 0.0258 0.0510
67 Bayrak et al. 1996, AS-5HT [37] 101.8 454 463 0.45 93,025 1842 0.0258 0.0400
68 Bayrak et al. 1996, AS-6HT [37] 101.9 454 463 0.46 93,025 1842 0.0258 0.0670
69 Bayrak et al. 1996, ES-8HT [37] 102.2 454 463 0.47 93,025 1842 0.0258 0.0430
70 Saatcioglu et al. 1999, BG-2 [59] 34 455.6 570 0.43 122,500 1645 0.0195 0.0200
71 Saatcioglu et al. 1999, BG-9 [59] 34 427.8 580 0.46 122,500 1645 0.0328 0.0130
72 Saatcioglu et al. 1999, BG-10 [59] 34 427.8 570 0.46 122,500 1645 0.0328 0.0270
73 Matamoros et al. 1999, C10-05N [60] 69.6 586.1 406.8 0.05 41,209 610 0.0193 0.0100
74 Matamoros et al. 1999, C10-05S [60] 69.6 586.1 406.8 0.05 41,209 610 0.0193 0.0100
75 Matamoros et al. 1999, C10-20N [60] 65.5 572.3 513.7 0.21 41,209 610 0.0193 0.0100
76 Matamoros et al. 1999, C5-20N [60] 48.3 586.1 406.8 0.14 41,209 610 0.0193 0.0100
77 Matamoros et al. 1999, C5-40N [60] 38.1 572.3 513.7 0.36 41,209 610 0.0193 0.0100
78 Matamoros et al. 1999, C5-40S [60] 38.1 573.3 514.7 0.36 41,209 610 0.0193 0.0100
79 Aboutaha et al. 1999, ORC3 [61] 83 414 414 0.16 154,940 1829 0.0253 0.0070
80 Thomsen et al. 1994, A3 [62] 86.3 517.1 793 0.2 23,225.76 596.9 0.0245 0.0134
81 Thomsen et al. 1994, B2 [62] 83.4 455.1 793 0.1 23,225.76 596.9 0.0245 0.0152
82 Paultre et al. 2000, No. 1006025 [63] 93.3 430 391 0.28 93,025 2000 0.0215 0.0399
83 Paultre et al. 2000, No. 1006040 [63] 98.2 451 418 0.39 93,025 2000 0.0215 0.0399
84 Paultre et al. 2000, No. 10013015 [63] 94.8 451 391 0.14 93,025 2000 0.0215 0.0184
85 Paultre et al. 2000, No. 10013025 [63] 97.7 430 391 0.26 93,025 2000 0.0215 0.0184
86 Paultre et al. 2001, No. 1206040 [64] 109.2 446 438 0.41 93,025 2000 0.0215 0.0399
87 Paultre et al. 2001, No. 1008040 [64] 104.2 446 825 0.37 93,025 2000 0.0215 0.0298
88 Paultre et al. 2001, No. 1005552 [64] 104.5 446 744 0.53 93,025 2000 0.0215 0.0434
89 Paultre et al. 2001, No. 1006052 [64] 109.4 446 492 0.51 93,025 2000 0.0215 0.0399
90 Bechtoula et al. 2002, D1N30 [65] 37.6 461 485 0.3 62,500 625 0.0243 0.0109
91 Bechtoula et al. 2002, D1N60 [65] 37.6 461 485 0.6 62,500 625 0.0243 0.0109
92 Bechtoula et al. 2002, L1N60 [65] 39.2 388 524 0.57 360,000 1200 0.0169 0.0182
93 ZHANG. 2015, Z1 [33] 42.27 480 417.5 0.6 90,000 1750 0.0205 0.0180
94 ZHANG, 2015, Z2 [33] 42.27 480 417.5 0.3 90,000 1750 0.0205 0.0180
95 ZHANG. 2015, Z3 [33] 42.27 480 417.5 0.9 90,000 1750 0.0205 0.0180
96 ZHANG. 2015, Z4 [33] 42.27 480 417.5 0.9 90,000 1750 0.0205 0.0029
97 ZHANG. 2015, Z5 [33] 42.27 480 417.5 0.9 90,000 1750 0.0419 0.0180
98 ZHANG. 2015, Z6 [33] 42.27 480 417.5 0.6 90,000 1080 0.0205 0.0180
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Abstract: During strong earthquakes, structural damage usually occurs, resulting in a degradation
of the overall stiffness of the affected structures. This degradation produces a modification in the
dynamic properties of the structures, for instance, in the fundamental period of vibration (T1). Hence,
the variation of T1 could be used as an indicator of seismic structural damage. In this article, a seismic
damage assessment in four generic typologies of steel buildings was carried focused on verifying the
variation of T1. To do so, several seismic damage states were calculated using the maximum inter-story
drift ratio, MIDR, and following the Risk-UE guidelines. Then, a series of probabilistic nonlinear static
analyses was implemented using Monte Carlo simulations. The probabilistic approach allows one to
vary the main mechanical properties of the buildings, thus analyzing in this research 4000 buildings
(1000 building samples for each of the four generic typologies). The variation of T1 was estimated
using the capacity spectrum, and it was related to the MIDR for each damage state. As a main result
of this study, the expected variation of T1 for several damage states is provided. Finally, a proposal for
a seismic damage preventive “semaphore” and fragility curves are presented. These results may be
useful as parameters or criteria in the evaluation of on-site structural monitoring for steel buildings.

Keywords: fragility curves; fundamental period; maximum inter-story drift ratio; preventive
“semaphore”; steel buildings

1. Introduction

Earthquakes can cause significant consequences in exposed regions to high seismic
hazards. Some of these regions have vulnerable structures due to the low quality of
materials and construction practice. This can be related to socioeconomic conditions or the
scant interest of governments in compliance with the standards required in construction
codes. An alternative to prevent the possible effects of earthquakes in cities is to undertake
studies related to the seismic–structural vulnerability of structures [1–3]. Proper knowledge
about the vulnerability of buildings is fundamental to help engineers in assessing and
strengthening existing structures [4]. In this respect, seismic vulnerability studies allow
the performance of structures to be analyzed against expected actions. For a building, this
mainly depends on its characteristics (structural system, number of stories, among others)
and the level of seismic actions to which it will be subjected [5].

Seismic vulnerability in buildings can be reduced by complying with the performance
level control criteria of current structural codes [6,7]. Assessing code compliance can be
carried out from two perspectives: (1) evaluating and monitoring the structural health, and
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(2) structural assessment through complex numerical models. The first approach is carried
out with the instrumentation and monitoring of the building. Its objective is to verify
the behavior of the structure accurately. In brief, the Structural Health Monitoring (SHM)
process consists of measuring the evolution of representative structural parameters in a
certain period of time. To do so, strategically located sensors are placed in the structure to
be analyzed in order to collect temporary records of acceleration, velocity, or displacement,
which serve to determine the fundamental vibration frequencies of the building. In this
way, the information obtained helps plan maintenance activities, verify design hypotheses,
reduce uncertainty about the structural elements, and guarantee structural safety on the
damage control proposed by current regulations. These methodologies represent the most
accurate way to study the structural vulnerability of a building. Still, they carry a high
cost, which is why they are solutions for exceptional cases and not oriented to monitor
an entire city [8–11]. The second approach is based on the determination of the structural
response of buildings through numerical modelling using static or dynamic methods. Both
types of analyses are powerful tools for understanding and quantifying the performance of
structures for evaluating expected damage.

Current technological advances facilitate the processing and treatment of large amounts
of data in a relative simplified manner. They allow complex probabilistic numerical models
to be developed for civil structures and for nonlinear static (NLSA) and dynamic (NLDA)
analyses to be computed affordably and in a reasonable amount of time.

In probabilistic approaches, both the uncertainties of seismic actions and building prop-
erties have been incorporated in previous studies [7,12] through computational algorithms,
e.g., the Monte Carlo method [13–16]. As a result, a global view of the expected performance
of buildings is obtained considering the main uncertainties in the implied variables.

The structural design codes regulate the buildings’ structural safety, the materials’
quality and the correct application of the design criteria. They also provide the design
earthquake motion (design spectrum) and seismic parameters of the building (ductility Q,
response modification Ro, redundancy ρ, and irregularity factors α). Furthermore, they
suggest engineering demand parameters to control expected damages, e.g., the Maximum
Inter-story Drift Ratio (MIDR) [17,18]. The MIDR is calculated as the maximum absolute
difference in displacement between consecutive stories divided by the height at each
level. This parameter has been related to the expected damage of buildings in several
studies [17,19–21]. On the other hand, during strong earthquakes, structural damage
usually occurs, resulting in a degradation of the overall stiffness of the affected structures.
This degradation produces a modification in the dynamic properties of the structures, for
example, in the fundamental period of vibration (T1). In the last decade, variation of T1 has
been used as a parameter for seismic damage control, and several studies related to this
topic have been developed. Regarding reinforced concrete buildings, research based on
the evaluation of the fundamental period of undamaged and damaged structures [22–24],
correlation of structural seismic damage with a fundamental period [23], prediction of
the fundamental period of regular frame buildings [25], a fundamental-period-preserving
retrofit procedure for low-rise buildings with supplemental inerters [26], and parametric
studies on the variation of the fundamental period [27] have been carried out. As for steel
buildings, researchers have proposed modifications to current formulations to approximate
fundamental periods for seismic design of steel buildings assigned to high-risk categories
that incorporate the change in system strength [28]. Furthermore, research related to the
elongation of the period in buildings during seismic events has also been carried out [29].
These research studies show the importance of the T1 parameter as a damage indicator in
seismic evaluations of different types of buildings. From the above, establishing objective
limit values in MIDR and T1 parameters prevents damage, loss of functionality of the
building, and human and economic losses due to high-intensity seismic action. These limit
values range from moderate damage to the collapse of the building.

In line with the above, this research presents a proposal for a seismic damage preven-
tive “semaphore” and fragility curves based on variations of T1. To develop these elements,
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a seismic damage assessment considering four generic typologies of the steel buildings
located in Mexico is performed with the purpose of verifying the variation of T1. These
buildings are located in two cities in Mexico, namely, Oaxaca City in Oaxaca state, and
Tuxtla Gutiérrez City in Chiapas state. These are cities with very high and high seismic
hazards, respectively [30]. Then, different seismic damage states are estimated using the
MIDR and following the Risk-UE guidelines [31]. To do so, probabilistic nonlinear static
analyses are implemented using Monte Carlo simulations. With the probabilistic approach,
the uncertainty in the main mechanical properties of the four generic typologies of build-
ings is considered, basing this research on the study of 4000 building models (1000 building
samples for each of the 4 typologies). The variation of T1 is estimated using the capacity
spectrum, and it is related to the MIDR for each damage state.

2. Buildings

Low-rise (3-story) and mid-rise (7-story) steel buildings located in Oaxaca (OA) and
Tuxtla Gutiérrez (TG) cities in Mexico were used as case studies. These buildings were
designed for office purposes [32] following the MDOC-CFE [30] regulations for OA and TG
cities. The dead (DL) and live (LL) load criteria of the NTCDS-RCDF [33] and the design
standards ANSI/AISC 360-16 [34] were employed in the projection of these structures.
Table 1 shows the considered loads, and Tables 2 and 3 show the list of steel wide flange
sections for beams and columns. Figure 1 shows a 2-D view of the main frames (Special
Moment Frames, SMF). The SMFs satisfy the AISC criterion “strong-column–weak-beam”,
and the structural sections of the beams and columns meet the slenderness criterion of the
AISC-341-16 [34]. The beams consider continuous lateral bracing for their compression
flanges. The slabs of the buildings are considered rigid with a composite deck system
(concrete slab–steel deck with shear connectors). Connections between elements are fully
restrained (FR) [34]. The modal analysis and seismic response evaluation were performed
in SeismoStruct [35]. Table 4 shows the foremost characteristics of the modal analysis.

Table 1. Dead and live loads of the 3- and 7-story buildings.

Load Types Story Load (kN/m2)

Dead Load (DL)
Inter-story 6.5

Roof 5.0
Live Load (LL)

(Office building)
Inter-story 2.5

Roof 1.0

Table 2. Steel W-type sections of the 3-story buildings.

City
Columns Beams

C1 C2 B1

Oaxaca (OA) W14 × 74 W18 × 119 W12 × 72
Tuxtla Gutiérrez (TG) W16 × 67 W18 × 97 W14 × 48

Table 3. Steel W-type sections of the 7-story buildings.

City
Columns Beams

C1 C2 C3 B1 B2

Oaxaca (OA) W16 × 100 W18 × 192 W21 × 201 W12 × 53 W14 × 61
Tuxtla Gutiérrez (TG) W16 × 89 W18 × 119 W21 × 147 W14 × 61 W16 × 57

The modal characteristics show that the structural response of these buildings is
dominated by their fundamental period of vibration. Therefore, it was expected that
their seismic responses would be consistent using both NLSA and NLDA [7,15,36]. Based
on the above and to simplify the probabilistic approach of this study, the analyses were
carried out using the NLSA in SeismoStruct [35] and the capacity spectrum method of
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the ATC-40 [37]. The NLSA adopted are not novel like the NLDA, but that does not
detract from the validity and simplicity, especially for evaluations of regular buildings
with structural responses dominated by their first mode of vibration or fundamental
period, as the buildings analyzed here [7,15,36]. The NLDA has advantages but entails
greater complexity and high computational cost with probabilistic analysis if one does not
use a well-established computational tool. The implementation of simple tools has been
sought to carry out seismic evaluations in a practical way in the field of applied structural
engineering [15,36,38].

Figure 1. A 2-D view of the main frame evaluated of each building.

Table 4. The main characteristics of the modal analysis of the 3- and 7-story buildings.

City Stories T1 (s) * PF1 * α1 * W (kN) *

Oaxaca (OA)
3 0.51 1.30 0.89 327.38
7 0.89 1.39 0.82 831.04

Tuxtla Gutiérrez (TG)
3 0.56 1.27 0.91 325.89
7 1.04 1.33 0.84 823.95

* T1: fundamental period; PF1: modal participation factor for T1; α1: modal mass coefficient; W: total weight of
the building.

The linear and non-linear behaviors of the beams and columns were modelled fol-
lowing the fiber approach, where each fiber is associated with uniaxial stress (σ)–strain (ε)
relationships. Thus, the cross-section behavior is defined by a uniaxial bilinear σ-ε model
with kinematic strain hardening, which is commonly used in the modelling of structural
steel elements [35]. The deterministic five model-calibrating parameters used were as fol-
lows: Modulus of elasticity, Es = 2.00 × 108 kN/m2; Yield strength, fy = 396,448.54 kN/m2;
Strain hardening parameter, μ = 0.01; Fracture/buckling strain = 0.10, and Specific weight,
γ = 78.00 kN/m3. Finally, two performance criteria of the sections were defined: (1) yield-
ing of steel (εy), steel strains larger than the ratio between yield strength and modulus of
elasticity (εy = fy/Es); and (2) fracture of steel (εu), steel strains larger than the fracture
strain, which in this study was εu = 0.06.

3. Probabilistic Variables

The randomness in the mechanical properties of the cross-sections and the seismic
actions represent the variables that provide more significant uncertainty in the structural
response of buildings [16,39]. Thus, a set of probabilistic numerical models is generated
to represent the random nature of the expected behavior of the buildings. These models
consider the uncertainties in the mechanical properties of the steel W-type sections that are
relevant to the seismic response. In summary, the three variables influencing the linear and
non-linear response are (1) yield strength, fy; (2) modulus of elasticity, Es; and (3) fracture
strain, εu. Table 5 shows the mean values (μ), the coefficients of variation (CVs), and
standard deviations (σ) for each variable. The Monte Carlo method was used [40,41] to
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generate the random sets. In addition, mean values of the three variables were used to
perform and conclude about deterministic approaches.

Table 5. Mean values and coefficients of variation of the variables used for probabilistic sampling
with the Monte Carlo method.

Variable Mean (
¯
μ) *

Coefficients of
Variation (CV) * Standard Deviations (

¯
σ) *

Yield strength, fy (kN/m2) 396,448.54 0.066 26,165.60
Modulus of elasticity, Es (kN/m2) 200,000,000 0.039 7,800,000

Fracture strain, εu 0.06 0.155 0.0093
* Based on reports by Schmidt and Bartlett [42] and Bartlett et al. [43] for statistics of steel mechanical properties.

Variables shown in Table 5 follow a Normal Probability Distribution (NPD), and the
sampling was limited to a range of μ ± 2σ. Thus, overestimated, or underestimated values
of the variables were excluded. Likewise, the steel sections (beams and columns) of the
same story of the buildings were considered with a correlation of 0.65, since they could be
from the same batch of steel production [14]. Sections of different stories were considered
with null correlation. Therefore, a set of 1000 random samples for each of the three variables
was generated. Figure 2 shows an example of the NPD with a 0.65 correlation and NPD with
a null correlation of the variable fy in the beams and columns. Additionally, Figure 2 shows
the assumed NPD and truncated NPD with the histogram of the samples obtained through
the Monte Carlo method. Good agreement between the histogram of the samples and the
target NPDs can be seen. As pointed out above, 1000 structural random samples were
used. This number was determined as follows: Several random samples were generated
according to the truncated NPD. For every 100 new samples, the mean value and the
standard deviation of the overall samples were obtained. Once 1000 samples were reached,
no significant variations were obtained in their mean value and standard deviation by
adding more samples. Therefore, 1000 was considered an adequate number of samples
representing the predefined truncated NPD. This was attributed to the fact that the Monte
Carlo method is based on the Latin Hypercube Sampling (LHS) technique [44], and this
LHS technique avoids duplicating case combinations so that fewer samples adequately
represent the target NPD.

Figure 2. An example of the (a) NPD with a 0.65 correlation and (b) NPD with a null correlation of
the variable fy in the beams and columns in the low-rise (3-story) steel buildings in Oaxaca (OA).

Finally, the probabilistic models were generated assigning the 1000 random variables
of fy, Es, and εu to each of the beams and columns of the models. This process was carried
out through a special function for creating multiple files (SPF Creator) in SeismoStruct [35].
In this research, 4000 steel buildings were analyzed.
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4. Nonlinear Static Analysis

The generation of probabilistic models, the automatic execution, and the NLSA se-
quential analysis were implemented with the SeismoBatch function introduced in Seis-
moStruct [35]. Then, the output files of the analyses were extracted, and the probabilistic
capacity curves of the four buildings studied were obtained. Figures 3 and 4 show the
capacity curves of the deterministic and probabilistic cases corresponding to the 3-story
and 7-story buildings in OA and TG cities, respectively. The capacity curves were presented
in the base shear (V)—roof displacement δ) and base shear (V)—maximum inter-story drift
ratio (MIDR) formats.

Figure 3. Deterministic and probabilistic capacity curves of the 3-story buildings in OA and TG cities.

Figure 4. Deterministic and probabilistic capacity curves of the 7-story buildings in OA and TG cities.

5. Capacity Spectra and Damage States

Based on the ATC-40 [37] and by considering the values from the modal analysis
(Table 4), each capacity curve in V-δ format was transformed into the Capacity Spectrum
(CS) in Spectral Acceleration (Sa)–Spectral Displacement (Sd), where Sd = δ/PF1, and
Sa = V/(W*α1). Then, the four non-null damage states (DSnon-null) of the RISK UE guide-
lines [31] were obtained. These were determined based on the yield (Sdy) and ultimate (Sdu)
spectral displacements as follows: Slight = 0.7Sdy, Moderate = Sdy, Extensive = Sdy + 0.25
(Sdu–Sdy), and Complete = Sdu. The following equation proposed by Diaz et al. [15] was
used to calculate the yield point (Sdy and Say) of the capacity spectrum:

Sdy =
[2Asc − (Sdu·Sdu)]

[(Ki·Sdu)− Sau]
and Say = Ki·Sdy (1)

where the variables are characteristics of the capability spectrum: Ki is the initial slope, Asc
is the area under the curve, and Sdu and Sau are the ultimate capacity points.
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Finally, for the Sds of each non-null damage state, the respective MIDR value was
obtained. Figures 5 and 6 show the deterministic and probabilistic capacity spectrum
of the buildings in OA and TG cities, in Sa–Sd and Sa–MIDR formats, together with the
respective DSnon-null. Table 6 shows the minimum, mean, and maximum MIDR values
from the probabilistic and the deterministic cases for the non-null damage states following
the Risk-UE guidelines. The colors in the Tables 6–11 indicate the DSnon-nulls [31]: slight
damage (green color); moderate damage (yellow color); extensive damage (orange color)
and complete damage (red color) and, are used in the conceptualization the Preventive
“Semaphore” for Seismic Damage (PSSD) and fragility curves in the next sections.

 
Figure 5. Deterministic and probabilistic capacity spectra of the 3-story buildings in OA and TG cities
and their respective DSnon-null.

 
Figure 6. Deterministic and probabilistic capacity spectra of the 7-story buildings in OA and TG cities
and their respective DSnon-null.
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Table 6. Minimum, mean, maximum probabilistic, and deterministic values of the MIDR for each
DSnon-null from the Risk-UE guideline in the buildings.

City Stories
MIDR (DSSlight) MIDR (DSModerate)

Min Max Mean Det. Min Max Mean Det.

Oaxaca (OA)
3 0.0060 0.0083 0.0071 0.0070 0.0085 0.0118 0.0101 0.0102
7 0.0054 0.0074 0.0063 0.0063 0.0078 0.0106 0.0089 0.0090

Tuxtla Gutiérrez (TG)
3 0.0056 0.0078 0.0067 0.0067 0.0080 0.0112 0.0095 0.0095
7 0.0066 0.0089 0.0076 0.0076 0.0094 0.0128 0.0108 0.0108

City Stories
MIDR (DSExtensive) MIDR (DSComplete)

Min Max Mean Det. Min Max Mean Det.

Oaxaca (OA)
3 0.0176 0.0298 0.0237 0.0239 0.0406 0.0884 0.0647 0.0650
7 0.0168 0.0276 0.0219 0.0199 0.0399 0.0832 0.0610 0.0527

Tuxtla Gutiérrez (TG)
3 0.0175 0.0298 0.0237 0.0236 0.0424 0.0905 0.0662 0.0659
7 0.0184 0.0311 0.0224 0.0247 0.0412 0.0909 0.0664 0.0572

6. T1 Variation

The initial slope of the capacity spectrum in Sa–Sd format is directly related to the funda-
mental natural period of vibration, T1, of the building, through the following equation [37]:

Sdy =
T1

2

4π2

(
Say × g

)
(2)

where g is the gravity of acceleration. Based on the above equation, the new fundamental
period T1i for all points (Sai and Sdi) in the capacity spectrum can be obtained as follows:

T1i =

√
4π2 ∗ Sdi

Sai ∗ g
= 2π

√
Sdi

Sai ∗ g
(3)

The representation of the different structural periods in Sa–Sd format can be plotted
using diagonal lines. Each line that agrees with the initial slope of the capacity spectrum
represents the fundamental period T1 of the building. In this way, the variation of the T1
period can be observed from the non-linear zone of the capacity spectrum, which is related
to the structural damage of the building. Figure 7 shows the capacity spectrum in Sa–Sd
format for the deterministic cases with the different values of period represented with
dotted lines.

 

Figure 7. Capacity spectrum of the deterministic cases in OA and TG cities. The dotted lines represent
different periods.

Equation (3) was used in both the deterministic and probabilistic capacity spectra for
calculating the fundamental period T1i in the buildings. Figures 8 and 9 show the T1i–MIDR
relationship curves of the four buildings studied. The deterministic case (vertical lines) and
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probabilistic points of the four DSnon-null are also shown. The percentage increase in the T1i
for the four DSnon-null of the deterministic case is also displayed. Additionally, vertical lines
are plotted to indicate the MIDR of the service state (Sstate) and collapse prevention state
(CPstate) defined by the Mexican Seismic Design Guide [30]. It was observed that the Sstate
was lower than the deterministic and probabilistic cases of the DSSlight, while the CPstate
was in the range of the DSExtensive. Thus, for the buildings studied here, Sstate limited the
damage correctly, and CPstate agreed with the damage expected before collapse.

 

Figure 8. Deterministic and probabilistic T1i–MIDR relationship curves of the 3-story buildings in
OA and TG cities and their respective DSnon-null.

 

Figure 9. Deterministic and probabilistic T1i–MIDR relationship curves of the 7-story buildings in
OA and TG cities and their respective DSnon-null.

Table 7 shows the minimum, mean, and maximum values of the fundamental periods
T1i from the probabilistic and the deterministic cases for each DSnon-null of the Risk-UE guide-
lines [31]. It was observed that the deterministic case agreed with the probabilistic mean.

Table 7. Minimum, mean, maximum probabilistic, and deterministic values of the T1i for each
DSnon-null from the Risk-UE guideline in the buildings.

City Stories
T1i (DSSlight) T1i (DSModerate)

Min Max Mean Det. Min Max Mean Det.

Oaxaca (OA)
3 0.52 0.57 0.54 0.54 0.56 0.61 0.59 0.59
7 0.90 0.96 0.91 0.91 0.95 1.05 1.00 1.00

Tuxtla Gutiérrez (TG)
3 0.57 0.62 0.59 0.59 0.61 0.67 0.64 0.64
7 1.05 1.14 1.09 1.09 1.13 1.23 1.18 1.18

City Stories
T1i (DSExtensive) T1i (DSComplete)

Min Max Mean Det. Min Max Mean Det.

Oaxaca (OA)
3 0.65 0.85 0.75 0.75 0.89 1.35 1.14 1.14
7 1.14 1.46 1.30 1.25 1.52 2.33 1.96 1.82

Tuxtla Gutiérrez (TG)
3 0.73 0.96 0.85 0.85 1.03 1.55 1.30 1.30
7 1.30 1.66 1.48 1.43 1.74 2.66 2.24 2.10
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7. Preventive “Semaphore” for Seismic Damage

Considering the fundamental period of the building, T1, as the starting point of
the period variation in the capacity spectrum, the percentage increase of the period (%
T1i(DSnon-null)) could be determined for each non-null damage state (DSnon-null = Slight;
Moderate; Extensive and Complete) as follows:

% T1i (DSnon−null) =
[T1i (DSnon−null)− T1]

T1
× 100 (4)

The %T1i (DSnon-null) of the deterministic case in the buildings is shown in Figures 8 and 9.
Furthermore, the %T1i (DSnon-null) was determined for the probabilistic cases of the buildings.
Table 8 shows the obtained values.

Table 8. Minimum, mean, maximum probabilistic, and deterministic value of the %T1i for each
DSnon-null from the Risk-UE guideline in the buildings.

City Stories
%T1i (DSSlight) %T1i (DSModerate)

Min Max Mean Det. Min Max Mean Det.

Oaxaca (OA)
3 3.62 8.10 6.11 5.88 11.14 16.70 14.44 15.69
7 3.98 7.33 4.52 2.25 9.28 18.49 15.01 12.36

Tuxtla Gutiérrez (TG)
3 3.29 7.24 5.50 5.36 11.12 16.38 14.03 14.29
7 3.02 8.64 5.96 4.81 10.70 17.41 14.62 13.46

Average 3.48 7.83 5.52 4.57 10.56 17.25 14.53 13.95

City Stories
%T1i (DSExtensive) %T1i (DSComplete)

Min Max Mean Det. Min Max Mean Det.

Oaxaca (OA)
3 25.94 64.59 45.79 47.06 70.79 162.16 121.65 123.53
7 29.55 69.48 48.77 40.45 72.00 172.17 124.97 104.49

Tuxtla Gutiérrez (TG)
3 28.65 70.37 50.66 51.79 79.60 174.49 131.76 132.14
7 24.87 63.89 43.82 37.50 66.55 162.61 118.09 101.92

Average 27.25 67.08 47.26 44.20 72.24 167.86 124.12 115.52

Considering the average values of the %T1i (DSnon-null), from the probabilistic analysis
in the four buildings studied, a Preventive “Semaphore” for Seismic Damage (PSSD) was
proposed. Table 9 shows the proposal for low-rise and mid-rise steel buildings with a
structural system of “Special Moment Frames, SMF”. In the PSSD presented, the following
analogy between the DSnon-null from the Risk-UE guidelines [31] and the performance
levels defined in the Vision 2000 report [45] was proposed:

• Null damage ≈ Operational Limit (OL)
• Slight damage (green color) ≈ Immediate Occupancy (IO)
• Moderate damage (yellow color) ≈ Life Safety (LS)
• Extensive damage (orange color) ≈ Collapse Prevention (CP)
• Complete damage (red color) ≈ Complete Collapse (CC)

Likewise, a criterion of the expected damage or expected operating condition in the
buildings is established when an increase in the %T1i is detected in an SHM assessment.

Considering the relationship between T1i and MIDR (Figures 8 and 9) as a validation
parameter of PSSD, it was observed that the green color was consistent with the MIDR of the
service state (Sstate), whereas the orange color was consistent with the MIDR of the collapse
prevention state (CPstate), both defined by the Mexican Seismic Design Guide [31]. In
addition, the range of values presented by the PSSD was in accordance with the Structural
Warning System (SWS) proposed in [46,47]. The SWS is a Structural Health Monitoring
(SHM) system that has been developed in Mexico to evaluate instrumented buildings
of less than 25 stories whose dynamic response is dominated by fundamental modes of
vibration [48]. It should be noted that there is a need to perform tests in future studies to
verify the accuracy and good engineering practicability of the PSSD in comparison with
SHM in steel buildings with the characteristics of those studied here.
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Table 9. Preventive “Semaphore” for Seismic Damage (PSSD) based on the average %T1i (DSnon-null)
probabilistic of the four buildings studied.

PSSD (Risk-UE Guideline)
Null

Damage
Slight

Damage
Moderate
Damage

Extensive
Damage

Complete
Damage

PSSD (Vision 2000 Report)
Operational
Limit (OL)

Immediate
Occupancy (IO)

Life Safety (LS)
Collapse

Prevention (CP)
Complete

Collapse (CC)

Minimum values
%T1i

<3.48% ≥3.48% ≥10.56% ≥27.25% ≥72.24%
Mean values <5.52% ≥5.52% ≥14.53% ≥47.26% ≥124.12%

Maximum values <7.83% ≥7.83% ≥17.25% ≥67.08% ≥167.86%

8. Fragility Curves

MIDR and %T1i clouds from the probabilistic analysis allowed for the development
of Fragility Curves (FC) for each of the four damage states. In brief, the fragility curve
represents the probability of the DSnon-null being exceeded as a function of the MIDR or %T1i
(P[DSnon-null/MIDR or %T1i]). The FCs are obtained as follows: (i) each cloud is sorted in
ascending order, and the number of points in the cloud is normalized from 0 to 1; and (ii) a
Lognormal Cumulative Distribution function (Logncdf) is fitted using the Mean Squared
Error (MSE). Then, the Logncdf function with lower MSE is used for fitting. Each Logncdf
function corresponds to a fragility curve of each DSnon-null and is completely defined by the
μ and σ parameters; μ is the mean value of the MIDR or %T1i thresholds, and σ represents
its standard deviation. Tables 10 and 11 present the m and s parameters obtained for each
fragility curve of the studied buildings. Figures 10 and 11 show the fragility curves as a
function of the MIDR and %T1i for each DSnon-null following the Risk-UE guidelines [31].

Table 10. The μ and σ of the fragility curves (FC) as a function of the %T1i for the studied buildings.

City Stories
FCSlight FCModerate FCExtensive FCComplete

μ
(%T1i)

σ
μ

(%T1i)
σ

μ
(%T1i)

σ
μ

(%T1i)
σ

Oaxaca (OA) 3 6.13 0.12 14.50 0.06 45.53 0.18 121.58 0.15
7 4.50 0.25 15.05 0.10 48.31 0.16 124.34 0.16

Tuxtla Gutiérrez (TG) 3 5.53 0.12 14.08 0.06 50.51 0.17 131.16 0.15
7 5.94 0.16 14.67 0.07 43.42 0.17 117.61 0.15

Average 5.53 0.16 14.58 0.07 46.94 0.17 123.67 0.15

Table 11. The μ and σ of the fragility curves (FC) as a function of the MIDR for the studied buildings.

City Stories

FCSlight FCModerate FCExtensive FCComplete

μ

(MIDR)
σ

μ

(MIDR)
σ

μ

(MIDR)
σ

μ

(MIDR)
σ

Oaxaca (OA)
3 0.007 0.17 0.010 0.05 0.024 0.12 0.064 0.17
7 0.006 0.10 0.009 0.07 0.022 0.12 0.061 0.16

Tuxtla Gutiérrez (TG)
3 0.006 0.14 0.010 0.06 0.024 0.12 0.066 0.17
7 0.008 0.18 0.011 0.06 0.025 0.12 0.066 0.16

Average 0.0068 0.15 0.010 0.06 0.024 0.12 0.064 0.165
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Figure 10. Probabilistic fragility curves of the DSnon-null for the buildings in OA and TG cities as
functions of the %T1i.

Figure 11. Probabilistic fragility curves of the DSnon-null for the buildings in OA and TG cities as
functions of the MIDR.

9. Discussion and Conclusions

This article presents a probabilistic study of the fundamental period (T1) variation of
steel buildings based on seismic damage. One low-rise (3-story) and one mid-rise (7-story)
steel building located in two cities in México were studied. The seismic performance of the
buildings was obtained through probabilistic nonlinear static analyses. Uncertainties in the
yield strength, fy, modulus of elasticity, Es, and ultimate strain, εu, of the structural sections
were considered via Monte Carlo simulation. The T1 variation was estimated using the
capacity spectrum [37], and the seismic damage was defined by the maximum inter-story
drift ratio, MIDR, and damage states of the Risk-UE guidelines [31].
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In the nonlinear static analysis of the buildings, the seismic actions are not considered
as in nonlinear dynamic analysis. However, due to the number of stories and symmetry of
the buildings analyzed, the structural response is dominated by their fundamental period
of vibration. Thus, the compatibility of results between the static and dynamic approaches
is assumed to be adequate. Moreover, the NLSA was performed by implementing a proba-
bilistic approach, which provides a complete perspective of expected seismic performance
considering the randomness in the main mechanical properties of the beams and columns
of the buildings. In addition, the probabilistic clouds allow the trends and relationships
between the variables of interest in the linear and non-linear performance of buildings to
be analyzed.

Based on the classic ATC-40 equations, the T1 variation in the probabilistic capacity
spectra of the buildings can be easily obtained and related to its respective MIDR for each
DSnon-null of the Risk UE guidelines. As a result of this study, practical tools used for
seismic assessment in low-rise and mid-rise steel buildings were proposed: (1) a Preventive
“Semaphore” of Seismic Damage (PSSD), and (2) Fragility Curves (FCs). The PSSD proposes
a percentage increase of the fundamental period (%T1i) for the four DSnon-null (slight,
moderate, extensive, and complete) buildings analyzed here. The PSSD can be helpful as a
reference or criteria to determine the health of the building through structural monitoring.
Finally, the FC developed are an interesting contribution to determining the probabilities of
exceedance of the DSnon-null thresholds. These FC have a novel approach based on MIDR or
%T1i for seismic action in low-rise and mid-rise steel buildings with SMF structural systems.
It should be noted that in order to spread this methodology, it would be necessary to carry
out analyses with different structural typologies and number of stories and compare the
results with on-site measurements.
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Abstract: Carbon-fiber-reinforced polymer (CFRP) has gradually become a new material to replace
traditional steel due to its outstanding advantages. Because of its poor transverse stress performance,
there is a reduction effect on the tensile strength in the bending state. To study the mechanical
properties of CFRP tendons subjected to combined tension and bending at the saddle of a suspension
bridge, a series of bond-type anchorages were made. Specimens with different diameters of CFRP
tendons were tensioned on the device with different bending radius saddles. The test results revealed
that the tensile properties were significantly affected by the severity of the bending of the CFRP
tendons, including the failure mode, fracture force, and stress distribution. The highest reduction
in fracture force was found at the bending radius of 3 m, of up to 38.05%. Furthermore, the tensile
properties were also found to be influenced by the diameter of CFRP tendons. It was found that
increasing the bending radius was more conducive to improving the performance of CFRP tendons
with a smaller diameter. When the bending radius increased from 3 to 12 m, the efficiency coefficient
(the ratio of the fracture force to the ultimate force) of D8, D10, and D14 increased by 11.21%, 7.74%,
and 2.26%, respectively. Decreasing the bending radius leads to unevenness of the stress distribution
and increasing the diameter of the CFRP tendon leads to brittleness and difficulties in anchoring,
thus resulting in the decrease in the efficiency coefficient. In addition, the ratio of the bending radius
to the tendon diameter was less than 2.4, the efficiency coefficient of the specimen was less than
80%, and the specimen mostly suffered shear failure. Furthermore, the finite element (FE) models
validated by the test results were used to reveal the stress state and study the effect of contact friction
on the properties of CFRP tendons. The FE results show that the CFRP tendons with a smaller
bending radius presented higher shear stress concentrations. As the contact friction increased, the
load-bearing capacity of CFRP tendons decreased significantly.

Keywords: carbon-fiber-reinforced polymer (CFRP) tendons; tensile properties with bending;
efficiency coefficient; contact friction; finite element (FE) analysis; suspension bridges

1. Introduction

Carbon-fiber-reinforced polymer (CFRP) composites have gained popularity in bridge
engineering [1–3]. As the span of suspension bridges increases continuously, the ratio
of the self-weight stress of the main cable to the allowable stress increases, limiting the
load-bearing efficiency and economic benefits [4,5]. With outstanding advantages of high
strength, high fatigue resistance, corrosion resistance, and light weight, CFRP composites
are considered to be substitutes for steel cable in cable structures [6,7]. In addition, the
cable-anchored structure in suspension bridges provides a service in water environments
and a reciprocating load in actual engineering, and scholars have conducted related re-
search, which shows that the composite material has excellent characteristics in a complex
environment [8,9]. Many studies have explored the feasibility of applying CFRP cables
to extremely long-span bridges [10,11]. When CFRP tendons are employed as the main
cables in suspension bridges, the tendons in service may be used in the bending area. In
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suspension bridges, local structures, such as the main cable saddle and cable distribution
saddle, cause main cable tension, bending, lateral extrusion, and friction with the saddle.
Thus, the stress distribution of the main cable in the bending region is different from that at
other locations. Furthermore, considering the anisotropy of CFRP composites, the shear
strength of CFRP composites is far below the tensile strength [12]. It is critical to conduct
corresponding studies on the mechanical properties of CFRP tendons under combined
tension and bending.

The flexural strength of CFRP composites has been previously studied, and it was
considered a significant concern [13]. Some scholars have experimentally studied the
performance of the reinforced members with composite materials and have also conducted
parametric studies of the reinforced members by means of FEM [14,15]. In addition,
bonding of CFRP composites to the tension face of a beam has also become a significant
flexural strengthening method [16–18]. However, these studies were conducted on CFRP
straps and CFRP laminates, and they mainly focused on CFRP composites applied in
prestressed and reinforced concrete structures. Limited studies have been carried out on
the performance of CFRP tendons subjected to combined tension and bending applied
in cable structures. In addition, these studies of CFRP composites focused on composite
bending, which is different from the study of CFRP tendons under combined tension and
bending at the saddle of suspension bridges.

Some research programs have been conducted to investigate the flexural behavior of
the CFRP tendon and CFRP cables. Studies showed that CFRP cables exhibited excellent
tensile properties, but bending over a small radius could not achieve the performance
of wire rope [19,20]. Han et al. [21] studied the effect of diameter on transverse me-
chanical properties of the transverse enhanced CFRP tendon. The results showed that
increasing the diameter of the CFRP tendon reduced the transverse mechanical properties.
Arczewska et al. [22] investigated the correlation between tensile strength due to bending
and direct tensile strength. Fang et al. [23] studied the mechanical behavior of CFRP wires
subjected to combined tension and bending through transverse load tests. The test results
showed that the failure of the wires was caused by a fiber tensile fracture at the loading
position. The same conclusion was drawn by Cai et al., namely, that interfacial failure led
to a reduction in the ultimate strength of unidirectional CFRP composites under transverse
tensile loading [24]. Additionally, CFRP tendons in service inevitably contact the saddle,
which may affect the ultimate strength of CFRP tendons [25–27]. However, limited stud-
ies have been conducted on the performance of CFRP tendons under combined tension
and bending considering friction. Furthermore, shear forces from the hanger ropes may
threaten the main cable fabricated by CFRP tendons, adversely affecting the main cable.
Liu et al. [28] carried out tests to study the performance of the main cable fabricated by
CFRP wires at the cable clamp, and the test results showed that the bending efficiency of the
CFRP wire was high, with an average of 96.0%. However, the test results did not consider
the effect of transverse loads. To date, some research programs have been conducted to
investigate the flexural behavior of FRP composites through transverse load tests [29,30],
which can provide references for the research on the effects of shear loads on main cables.

The mechanical performance of the main cable fabricated by CFRP tendons is com-
plicated at saddle locations. The literature above mainly focused on the load effect on
the mechanical performance of CFRP cables. The information about CFRP tendons at
saddle locations subjected to combined tension and bending is relatively limited, especially
with friction. Moreover, the fundamental research on the CFRP tendon will also provide
references for the tensile and bending properties of the main cable fabricated by CFRP
tendons. Additionally, Xiang et al. [31] performed drop-weight tests on eight CFRP cable
specimens. The results indicated that the complete strand and a single CFRP wire presented
similar longitudinal and transverse ultimate loads and deformation capacity. Therefore, it
is essential to conduct corresponding experimental research on an individual CFRP tendon
to further study the mechanical performance of CFRP tendons at saddle locations.
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Based on the preceding statements, this study was conducted to investigate the tensile
and bending mechanical properties of CFRP tendons at saddle locations. Static load tests
were performed to investigate the fracture force, failure mode, and load–strain relationship
of CFRP tendons with different diameters and bending radii. A corresponding finite
element (FE) model was developed based on ANSYS software and validated by the test
results. The stress distributions of the CFRP tendon were then obtained, and parametric FE
analyses were conducted to study the effect of the friction at the CFRP and saddle interface
on the CFRP tendon behavior. Based on the tests and FE results, the failure mechanisms
and mechanical properties of the CFRP tendon subjected to combined tension and bending
could be analyzed. This research can help promote the widespread application of the main
cable fabricated by CFRP tendons in suspension bridges.

2. Experimental Programs

2.1. Materials

The steel pipe material examined was No. 45 steel based on GB/T 699-2015, and
its mechanical properties are shown in Table 1. The embossed CFRP tendons were used
to obtain superior anchorage performance due to the significant friction and mechanical
engagement with the bonding medium [32]. The mechanical properties of CFRP tendons
provided by the manufacturer are typical values, as shown in Table 2. The hardness and
mechanical properties of epoxy resin are similar to those of the CFRP tendon and resin
matrix, respectively [33]. Therefore, epoxy resin, which exhibited superior anchoring per-
formance, was used for CFRP tendon anchoring in the tests. According to the manufacturer,
the elastic modulus, the average bond strength, and the compressive strength of the used
epoxy resin are 2.6 GPa, 20.9 MPa, and 106.6 MPa, respectively. Both the curing temperature
and working temperature of epoxy resin are room temperature, and epoxy resin was cured
for three days.

Table 1. Mechanical properties of steel pipe.

Material
Elastic Modulus

(GPa)
Tensile

Strength (MPa)
Yield Strength

(MPa)
Elongation (%)

No.45 steel 210 600 355 16

Table 2. Material properties of CFRP tendon.

Xτ (MPa) XC (MPa) Yτ (MPa) YC (MPa) SL (MPa) Sτ (MPa) EX (GPa) Ey (GPa) GXy (GPa) GXZ (GPa) GyZ (GPa) vXY vYZ

2300 1440 57 228 71 12 150 10.5 6.2 6.2 7.1 0.27 0.02

Note: The fiber longitudinal direction was defined as material orientation X, and the other two directions
perpendicular to the fiber direction were defined as material orientations Y and Z; Xτ = tensile strength along the
fiber direction; XC = compressive strength along the fiber direction; Yτ = tensile strength perpendicular to the
fiber direction; YC = compressive strength perpendicular to the fiber direction; SL = shear strength along the fiber
direction; Sτ = shear strength perpendicular to the fiber direction; EX = elastic modulus along the fiber direction;
Ey = elastic modulus perpendicular to the fiber direction; GXy, GXZ , GyZ = shear modulus; and vXY = vXZ ,
vYZ = Poisson’s ratio.

2.2. Specimens and Preparation

A total of 48 bond-type anchorage specimens with different diameters of CFRP tendons
were prepared. The bond-type anchorage composed of steel pipe, CFRP tendon, and epoxy
resin was used, as shown in Figure 1. The nominal diameters of CFRP tendons were 5,
8, 10, and 14 mm, as shown in Figure 2. In the preparation process of specimens, the
anchoring position corresponding to the steel pipe and the tendon was firstly determined
and marked. After the tendon was positioned, one end of the steel pipe was sealed, and
the other end was poured with epoxy resin. The steel pipe oscillated continuously during
pouring to ensure the bonding and tightness between the CFRP tendon and epoxy resin.
Then the tendon was inserted from one end and stopped at the mark. The plug at the other
end was sealed when the CFRP tendon was installed at the marked position. Finally, the
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strain gauges were attached at the designated position (relative to the external radius of the
tendon). Figure 3 shows more details of strain gauges. Figure 4 shows the flow chart of the
whole preparation process.

 

Figure 1. Bond-type anchorage (mm).

 

Figure 2. CFRP tendon (mm).

 

Figure 3. Details of strain gauges.

 

Figure 4. The preparation process of specimens (mm).
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2.3. Test Setup and Procedure

The specimens were used in the static load tests conducted on the concrete device,
as shown in Figure 5. The concrete loading device was divided into the outer protective
frame and curved saddle, and its material was C40 concrete reinforcement. The curved
saddle was placed in the middle of the outer protective frame. There were three saddles
with bending radii of 3, 8, and 12 m. In addition, a set of unbent specimens were set up for
comparison. The parameters of the saddles were selected based on a practical suspension
bridge. Three slotted holes were opened on both sides of the outer protective frame for
CFRP tendon anchoring channels. The corners of the three saddles were chamfered to
prevent the CFRP tendon from being affected by local stress concentrations during loading.

 
(a) 

 
(b) 

Figure 5. Test loading device: (a) schematic; (b) photograph (mm).

The test used one hollow jack with a range of 600 kN, a maximum tension stroke
of 150 mm, and one spoke load sensor with a measuring range of 1600 kN. Before the
tensile tests, a preloading process with 5% of the ultimate tensile force was conducted. The
loading speed was based on JC/T 2404-2017 [34], and each level was loading for 30 s. The
fracture force, slippage of CFRP tendons, and strain in the free lengths of CFRP tendons
were measured. Meanwhile, different failure modes of specimens were observed.

3. Results and Discussions

3.1. General

Loading applied to all specimens was continuous until specimens failed. These
specimens showed no apparent changes at the early loading stage. With the increase in
load, the intermittent sound of fibers was heard. Then, the specimens failed with a thud
sound, and the anchorage and jack were ejected from the test device together. In order
to analyze the causes of the failure modes of the specimens, the typical failure figure of
the specimens was compared with the finite elements and shown in the finite element
part. An efficiency coefficient η was introduced to evaluate the tensile properties of CFRP
tendons in the bending state. The efficiency coefficient [Equation (1)] was used to evaluate
the reduction effect of bending on the ultimate tensile force of the CFRP tendon, where F
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is average fracture force and Fcu is ultimate tensile force. Table 3 lists the results for each
group of specimens in the static load tests.

η =
F

Fcu
(1)

Table 3. Results of testing.

R (m) D (mm) Group F1 (kN) Fcu (kN) η1 (%)

3

5 R3D5 35.12 45.16 77.78
8 R3D8 69.76 115.61 60.34
10 R3D10 104.79 180.64 58.01
14 R3D14 184.03 354.06 51.98

8

5 R8D5 33.12 45.16 73.33
8 R8D8 75.74 115.61 65.52
10 R8D10 111.78 180.64 61.88
14 R8D14 187.03 354.06 52.82

12

5 R12D5 36.13 45.16 80.00
8 R12D8 82.72 115.61 71.55
10 R12D10 118.76 180.64 65.75
14 R12D14 192.03 354.06 54.24

0

5 R0D5 46.16 45.16 102.22
8 R0D8 112.62 115.61 97.41
10 R0D10 154.69 180.64 85.64
14 R0D14 227.04 354.06 64.12

Note: R = bending radius of saddle; D = diameter of CFRP tendon; F1 = average fracture force of CFRP tendon by
testing; Fcu = ultimate tensile force of CFRP tendon; η1 = efficiency coefficient by testing = F1/Fcu.

3.2. Fracture Force of the Specimens

Figure 6 shows the average fracture force histogram of these specimens. As seen
in the figures, when compared with the unbent specimens R0, the fracture force of the
specimens with the bending radius of 3 m decreased by 23.91%, 38.05%, 32.26%, and
18.94%, respectively. In addition, the fracture force of CFRP tendons with the same diameter
increased as the bending radius increased. The test results suggest that the fracture force of
CFRP tendons was significantly reduced due to bending. In addition, the fracture force
of R3D5 (35 kN) exceeded that of R8D5 (33 kN) and R12D5 (36 kN). The abnormal data
can be interpreted as follows: the failure position was related to material defect, loading
position, stress concentrations, and steel pipe port effect; the ultimate tensile force of the
CFRP tendon with a diameter of 5 mm was low, and it had large discreteness.

 

Figure 6. Average fracture force histogram of specimens.
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3.3. The Ratio of the Bending Radius to the Tendon Diameter

Figure 7 shows the relationship between the efficiency coefficient and the ratio of
the bending radius to the tendon diameter. It can be seen that the efficiency coefficient is
linearly related to the ratio of bending radius to the tendon diameter, except the slipping
failure of the specimens with a 14 mm CFRP tendon. Moreover, combined with the failure
modes of the specimens, it was observed that the ratio of the bending radius to the tendon
diameter was below 2.4, the efficiency coefficient was less than 80%, and the failure modes
of the specimens were mostly shear failure. Therefore, it is suggested that the ratio of the
bending radius to the tendon diameter should be more than 2.4 in engineering practice.

 

Figure 7. Relationship between the efficiency coefficient and the ratio of the bending radius to the
tendon diameter.

4. Numerical Simulation

4.1. General

A finite element (FE) model was established using ANSYS version 18.2 mechanical
software to validate the test results and extend the research. Figure 8 presents the outline
of the simulation model. The critical dimensions and parameters were determined from
the experimental tests. The failure criterion for CFRP tendons uses the Tsai–Wu failure
criterion. According to the structural and mechanical characteristics of the test device, the
contact interface between the CFRP tendon and saddle should be addressed in numerical
simulation. Three features of the interface can be applied: (1) impenetrability constraints are
set between surfaces; (2) the contact interface can transmit normal pressure and tangential
friction; (3) normal tension can hardly be transmitted. The stress distributions and the
effects of the contact interface on the mechanical properties of CFRP tendons were studied
by FE analysis.

Figure 8. FE model of CFRP tendon and concrete saddle.
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4.2. Materials

Two parts of the FE model were specified as having different materials, and the CFRP
tendon was assigned with given values for each material parameter based on Table 2.
The axial and radial mechanical properties of the CFRP tendon are different. Therefore,
the anisotropic elastic material model was chosen, and the primary fiber direction was
defined as material orientation X. In addition, CFRP material is different from a traditional
steel material, because it is an anisotropic material; therefore, the maximum stress and
maximum strain criteria applied to traditional material are no longer applicable. At present,
the Tsai–Wu criterion is often used for the simulation of composite materials. The Tsai–Wu
criterion can reflect the interconnection between the damage strength X, Y, and Z, and can
more realistically reflect the damage pattern of composite materials [35,36].

4.3. Elements

Advanced three-dimensional element SOLID185 was adopted to simulate the CFRP
tendon and concrete saddle based on previous studies [37]. The CFRP tendon was dis-
cretized with axial and radial mesh sizes of 4 mm and around 1 mm, respectively, as shown
in Figure 8. A mesh sensitivity analysis was conducted before selecting the mesh sizes.
The interface (between CFRP tendon and saddle) in Figure 8 was simulated in ANSYS as
contact elements. Surface-to-surface contact pairs (CONTA 174 and TARGE 170) simulated
the interactions. The contact parameters were normal contact stiffness factor (FKN = 0.1)
and initial closure factor (ICONT = 0.1) [32]. The friction coefficient (FC) between the CFRP
tendon and concrete saddle was 0.2 based on the test results [38], preferably reflecting the
real contact state. Default settings set the other contact parameters. The contact nonlinearity
was calculated by an augmented Lagrangian contact algorithm. Therefore, it is accurate to
simulate the variable radial compression stress and tangential friction force between the
contact interface.

4.4. Boundary Conditions and Loading

The boundary conditions and loading positions are displayed in Figure 8. On the
bottom of the concrete saddle, all rotations and displacements (UX = UY = UZ = 0,
ROTX = ROTY = ROTZ = 0) were constrained. The displacement of the CFRP tendon
cross-section nodes at the anchoring end was constrained based on the actual constraint of
the anchorage. A uniform load was applied over the cross-section of the other end of the
CFRP tendon.

4.5. Model Validation

The efficiency coefficient of the FE models was compared with the corresponding test
results to validate the reliability of the FE models. Table 4 lists the results for each group of
specimens in the static load tests and FE analysis. The results suggest that the simulated
values of the efficiency coefficient for four bending radii agreed well with the corresponding
test results; in addition to the abnormal data, the maximum value of deviation (δ) was less
than 6.0%. Therefore, it can be concluded that the established FE models are reliable.

4.6. Load–Strain Curves of CFRP Tendons

Figure 9 shows the load–strain curves of typical specimens investigated experimentally
and numerically, drawn only before the fracture load. CFRP tendons with a diameter of
8, 10, and 14 m were selected as the research objects, and the rest of the specimens had
the same trend of change. CFRP tendons did not reach their total capacity due to bending.
From the strain values, the loading end had the maximum deformability. At the same time,
most load–strain curves showed linear behavior. The same trend was also observed from
the numerical simulation results, and the values were very close. The strain dispersion for
the CFRP tendons was not significant during the lower loading stage (before 20% Fcu), and
it increased with the load after that. As the load increased, significant nonlinear segments
appeared at the end part of the load–strain curves of some specimens. This is because
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as the load increased, cracks appeared on the surface of the CFRP tendon, which may
lead to the deviation in the strain gauge direction from the longitudinal direction of the
tendon. Han et al. [30] pointed out that this kind of nonlinear segment was the typical
characteristic of the splitting failure for the unidirectional-fiber-reinforced composites. In
addition, a spiral curve appeared at the lower loading stage of specimen R8D8 due to the
long continuous loading time in the experiment; thus, it may lead to anchorage loosening
or jack oil leakage in a short time. For specimen R12D10, SG1 changed significantly when
the load exceeded 90 kN. This is because many cracks appeared, and the screwed wires
lost their mutual constraint, leading the CFRP tendon to burst into multiple strands.

Table 4. Results of FE models.

R (m) D (mm) Group F2 (kN) η2 (%) δ (%)

3

5 R3D5 32.11 71.11 8.57
8 R3D8 72.75 62.93 4.29
10 R3D10 103.79 57.46 0.95
14 R3D14 179.03 50.56 2.72

8

5 R8D5 34.12 75.56 3.03
8 R8D8 77.74 67.24 2.63
10 R8D10 114.77 63.54 2.68
14 R8D14 190.03 53.67 1.60

12

5 R12D5 37.13 82.22 2.78
8 R12D8 83.72 72.41 1.20
10 R12D10 120.76 66.85 1.68
14 R12D14 200.03 56.50 4.17

0

5 R0D5 44.16 97.78 4.35
8 R0D8 114.61 99.14 1.77
10 R0D10 158.68 87.85 2.58
14 R0D14 240.04 67.80 5.73

Note: F2 = average fracture force of CFRP tendon by FE analysis; η1 = efficiency coefficient by test = F1/Fcu ;
η2 = efficiency coefficient by FE analysis = F1/Fcu ; and δ = deviation = |(η2 − η1)/ η1|.

4.7. Failure Mode

Determining the failure modes of the specimens was one of the most critical outcomes
in the research, and offered more understanding of load transfer. Figure 10 shows the
comparative analysis of the finite element and test failure modes of the specimens. It can
be seen from the figure that the failure mode is related to the stress distribution of the
CFRP tendons. For the R3 saddle, specimens R3D5 and R3D8 presented an uneven fracture
section, while for the R8 saddle, specimens R8D8 and R8D10 presented typical shear failure.
The results show that a larger bending radius led to a more uniform stress distribution
on the CFRP tendon cross-section, thus resulting in synchronous fracture of the fibers.
For the R12 saddle, specimen R12D8 presented shear fractures, while multiple parallel
longitudinal cracks were observed on the surface of R12D10 and R12D14, with lengths
ranging from 2 to 7 cm. From the stress distribution of the CFRP tendons after failure of the
finite element model, it can be seen that the surface stress distribution of the CFRP tendons
where splitting damage occurs is more uniform, and the larger the diameter of the CFRP
tendons, the more likely it is that splitting damage occurs. In addition, for the specimens
of the 14 mm CFRP tendon, the CFRP tendons finally had varying degrees of slip. This is
attributed to the fact that the CFRP tendon with a larger diameter causingmore epoxy resin
out of the steel pipe during the installation, resulting in insufficient adhesion between the
CFRP tendon and residual bonding medium. Based on the above analysis, it can be seen
that increasing the bending radius contributed to the uniformity of the stress distribution.
Additionally, increasing the diameter of the CFRP tendon made it brittle and difficult to
anchor, so the splitting failure and slipping failure were observed.
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(a) (b) 

  
(c) (d) 

Figure 9. Load–strain curves of CFRP tendons: (a) R3D10; (b) R8D8; (c) R12D8; (d) R12D10.

4.8. Parameter Evaluation
4.8.1. Effect of CFRP Tendon Diameter and Bending Radius on Stress Distribution

The stress distributions of CFRP tendons were analyzed using the FE models, as
shown in Figure 11. The von Mises cloud diagrams show that the stress was maximized at
the anchoring end (R3) and loading end (R8 and R12). With increasing bending radius, the
stress gradient along the length of the CFRP tendon decreased, and the stress distribution
was more uniform. An increase in diameter led to a reduction in peak stress, indicating
that CFRP tendons with a smaller diameter were more likely to provide the advantages of
CFRP composites.

Figure 12 shows the friction stress and contact compressive stress distribution of CFRP
tendons by numerical simulation, where SFRI is friction stress and PRES is compressive
stress. The friction and contact compressive stress distributions of CFRP tendons were
uniform except at the loading end. Although the load-bearing capacity of CFRP tendons
decreased with the decrease in bending radius, the friction stress and compressive stress
increased significantly, as shown in Figure 12a. The results show that reducing the bending
radius had significant adverse effects on the properties of CFRP tendons. The friction stress
and contact compressive stress increased with the increase in CFRP tendon diameter, as
shown in Figure 12b. However, the effect of friction stress caused by increasing CFRP ten-
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don diameter on the properties of CFRP tendons is unclear. This is because the load-bearing
capacity of CFRP tendons increased accordingly, increasing the contact compressive stress.

  
(a) (b) 

  
(c) (d) 

  
(e) (f) 

  
(g) (h) 

Figure 10. Failure mode of typical specimens: (a) R3D5; (b) R3D8; (c) R8D8; (d) R8D10; (e) R12D8;
(f) R12D10; (g) R3D14; (h) R12D14.
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(a) 

 
(b) 

 
(c) 

Figure 11. Stress distribution of CFRP tendons: (a) R3; (b) R8; (c) R12.

  
(a) (b) 

Figure 12. Friction stress and contact compressive stress distributions of CFRP tendons: (a) D10;
(b) R8.
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4.8.2. Effect of Bending Radius of the Saddle on Efficiency Coefficient

Figure 13 compares the efficiency coefficient of CFRP tendons simulated by FE analysis
with the test results. In addition to the abnormal data, the efficiency coefficient increased
nonlinearly with increasing bending radius. When the bending radius increased from 3 to
12 m, the efficiency coefficient of D8 increased from 62.93% to 72.41%, an increase of close to
10%. However, when the bending radius increased from 3 to 12 m, the efficiency coefficient
of D14 increased by only 5.96%. The results show that increasing the bending radius was
more conducive to improving the performance of CFRP tendons with a smaller diameter.

 

Figure 13. Curves of bending radius and efficiency coefficient.

Figure 14 shows the effect of saddle bending radius on the axial stress and shear
stress distributions of CFRP tendons in FE analysis. The axial stress of R3D8 reached a
minimum because the CFRP tendon was subjected to significant shear stress, which caused
the ultimate tensile force to be significantly reduced. In addition, as the bending radius
decreased, the shear stress increased sharply. It can be observed that CFRP tendons with a
smaller bending radius presented higher shear stress concentrations at both ends.

  
(a) (b) 

Figure 14. Effect of bending radius on the stress distributions of CFRP tendons: (a) axial stress;
(b) shear stress.

The test and FE results show that decreasing bending radius increased the force
perpendicular to the fiber direction, which had a significant adverse effect on the properties
of CFRP tendons. This is because the shear strength of CFRP tendons is only 7% of the
tensile strength. Combined with the failure modes in the test, CFRP tendons were extruded
by epoxy resin in the steel pipe. When the CFRP tendon extended out of the steel pipe,
the radial extrusion constraint suddenly disappeared, resulting in transverse expansion of
CFRP wires. Interface failure caused the CFRP tendon to lose load-bearing capacity due to
shear stress, and the tensile fracture of the fibers led to the final fracture. In engineering
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practice, it is suggested that bending radius of CFRP tendons should be more than or equal
to 8 m, and the shear force concentrations should be concerned.

4.8.3. Effect of Diameter of the CFRP Tendon on Efficiency Coefficient

Figure 15 compares the efficiency coefficient of CFRP tendons with different diameters
simulated by FE analysis with the test results. In addition to the abnormal data, as the
diameter of CFRP tendons increased, the efficiency coefficient of all specimens decreased
significantly. When the diameter of CFRP tendons reached 14 mm, the corresponding
efficiency coefficients of R3 and R12 were 50.56% and 56.50%, respectively, which were
very low. The results show that increasing the diameter of CFRP tendons had a significant
adverse effect on performance.

 

Figure 15. Curves of diameter and efficiency coefficient.

Figure 16 shows the effect of diameter on the axial stress and shear stress distributions
of CFRP tendons in FE analysis. As the diameter decreased, the axial stress increased
significantly, indicating that CFRP tendons with a smaller diameter were more likely to
provide the advantages of CFRP composites. The trend of the three curves in Figure 16a
was consistent due to the uniform distribution of axial stress. Although the change in
diameter had little effect on the shear stress, CFRP tendons still presented shear stress
concentrations at both ends.

  
(a) (b) 

Figure 16. Effect of diameter on the stress distributions of CFRP tendons: (a) axial stress; (b) shear stress.

The test and FE results show that CFRP tendons with a smaller diameter had superior
properties. Combined with the previous conclusion, CFRP tendons with a larger diameter
had worse flexibility, thus resulting in fracture by tension and local shear stress concentra-
tions. Therefore, CFRP tendons with a diameter smaller than or equal to 8 mm are preferred
in main cables for holding a high efficiency coefficient.
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4.8.4. Effect of Friction Coefficient (FC) on Efficiency Coefficient

Considering the limitation of the experiment, the effect of contact friction between
the CFRP tendon and saddle on the properties of CFRP tendons was studied by changing
the friction coefficient (FC) in FE analysis. The efficiency coefficient–friction coefficient
relationship of CFRP tendons is shown in Figure 17. When increasing the friction coefficient,
the efficiency coefficient decreased significantly, revealing the adverse effect of friction on
the properties of CFRP tendons. As the friction coefficient increased from 0.1 to 0.5, the
corresponding efficiency coefficient of D14 decreased from 59.84% to 25.04%, a decrease of
34.8%. Therefore, increasing the friction coefficient, especially for the CFRP tendon with a
larger diameter, degraded its mechanical properties under combined loads.

 

Figure 17. Curves of friction coefficient and efficiency coefficient.

Figure 18 shows the effect of friction on the axial stress and shear stress distributions of
CFRP tendons in FE analysis. The change in friction coefficient had little effect on the shear
stress but significantly affected the axial stress. As the friction coefficient increased, the
load-bearing capacity of CFRP tendons was significantly reduced; thus, the axial stress with
the friction coefficient of 0.5 reached a minimum. The results suggest that CFRP tendons
with a smaller friction coefficient had superior properties. Therefore, it is suggested that
some low friction materials should be coated between the CFRP tendon and saddle contact
surface to reduce the friction coefficient.

  
(a) (b) 

Figure 18. Effect of friction coefficient on the stress distribution of CFRP tendons: (a) axial stress;
(b) shear stress.

5. Conclusions

In this research, a series of static load tests were carried out to study the mechanical
properties of CFRP tendons subjected to combined tension and bending, and the research

85



Buildings 2023, 13, 988

was extended through FE simulations. Based on the results, the conclusions are summarized
as follows:

1. The fracture force and deformability of the specimens were observed to be significantly
decreased with the decrease in the bending radius. Meanwhile, the CFRP tendon
diameter also was found to have major influencing effects on the ultimate capacity of
the specimens.

2. The efficiency coefficients (the ratio of the fracture force to the ultimate force) were
found to be significantly affected by the increases in the bending radius. In the test,
the efficiency coefficients of D8, D10, and D14 increased by 11.21%, 7.74%, and 2.26%,
respectively, when the bending radius was increased from 3 to 12 m. Meanwhile,
the efficiency coefficient of D14 increased by only 2.26%. Therefore, increasing the
bending radius was more conducive to improving the performance of CFRP tendons
with a smaller diameter.

3. The failure modes were found to be influenced by the bending radius and the CFRP
tendon diameter. The test results show that increasing the bending radius contributed
to the uniformity of the stress distribution. The interface failure caused the CFRP
tendon to lose load-bearing capacity due to shear stress, and the tensile fracture of
the fibers led to the final fracture. Additionally, increasing the diameter of the CFRP
tendon made it brittle and difficult to anchor, so the splitting failure and slipping
failure were observed. The ratio of the bending radius to the tendon diameter was
below 2.4, the efficiency coefficient was less than 80%, and the failure modes of the
specimens were mostly shear failure.

4. Combined with the FE model analysis, it was shown that the CFRP tendons with a
smaller bending radius presented higher shear stress concentrations at both ends and
had a significant adverse effect on the contact friction stress. The change in friction
coefficient had little effect on the shear stress but had a significant effect on the axial
stress of CFRP tendons. As the friction coefficient increased, the load-bearing capacity
of CFRP tendons was significantly reduced, and the axial stress with the friction
coefficient of 0.5 reached a minimum. In addition, the results of the FE models agreed
well with the test results, and provided a reliable basis for CFRP composites used in
practical engineering.
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Abstract: In Chile, office buildings are typically reinforced concrete (RC) structures whose lateral
load-resisting system comprises core structural walls and perimeter moment frames (i.e., dual wall-
frame system). In the last 20 years, nearly 800 new dual wall-frame buildings have been built in the
country and roughly 70% of them have less than ten stories. Although the seismic performance of
these structures was deemed satisfactory in previous earthquakes, their actual collapse potential is
indeed unknown. In this study, the collapse performance of Chilean code-conforming mid-rise RC
buildings is assessed considering different hazard levels (i.e., high and moderate seismic activity)
and different soil types (i.e., stiff and moderately stiff). Following the FEMA P-58 methodology,
3D nonlinear models of four representative structural archetypes were subjected to sets of Chilean
subduction ground motions. Incremental dynamic analysis was used to develop collapse fragilities.
The results indicate that the archetypes comply with the ‘life safety’ risk level defined in ASCE 7,
which is consistent with the observed seismic behavior in recent mega-earthquakes in Chile. However,
the collapse risk is not uniform. Differences in collapse probabilities are significant, which might
indicate that revisions to the current Chilean seismic design code might be necessary.

Keywords: performance-based earthquake engineering; collapse assessment; mid-rise building;
Chilean RC dual wall-frame system; subduction seismicity

1. Introduction

In recent decades, Chilean reinforced concrete (RC) mid- and high-rise buildings were
subjected to strong subduction earthquakes (e.g., Mw 8.0 1985 Valparaiso, Mw 8.8 2010
Maule, Mw 8.2 2014 Iquique, Mw 8.3 2015 Illapel, and Mw 7.6 2016 Chiloe [1]), and the
seismic behavior of these buildings was deemed satisfactory. During the 2010 earthquake,
only 2.0% of RC buildings with nine or more stories and only 0.4% of buildings with three
or more stories suffered severe damage due to strong shaking [2]. In particular, this event
caused only a few partial collapses (e.g., the O’Higgins Tower) and one total collapse (i.e.,
the Alto Rio building) [3], as shown in Figure 1.

The main objective of modern seismic design codes is to prevent collapse. Structural
collapse, either partial or total, is the leading cause of casualties, injuries, and economic
losses, as well as downtime and environmental impacts [4]. For these reasons, quantification
of the collapse probability of code-conforming structures (e.g., buildings) is a very important
issue in earthquake engineering, particularly in countries where the seismic activity is high
and the seismic behavior of their buildings has not been adequately characterized [5].
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(a) (b)

Figure 1. Buildings damaged by the Mw 8.8 2010 Chilean earthquake: (a) O’Higgins office building;
(b) Alto Rio residential building.

In Chile, observations of the effects of recent earthquakes [3,6,7] indicate that the
‘collapse prevention’ target performance level of the current seismic design regulations
for buildings [8,9] was achieved. However, in these regulations the ‘collapse prevention’
limit state is defined in qualitative terms rather than in quantitative metrics. The seismic
design code NCh 433 [8] states that “although presenting damage, buildings should avoid
collapse when subjected to exceptionally intense ground motions”, but “exceptionally
intense ground motions” are not defined, and neither are the target collapse metrics. In
other words, quantitative acceptance criteria such as those defined in ASCE 7-22 [10] (i.e., a
probability of collapse in 50 years of less than 1% and a probability of collapse conditional
to the Maximum Considered Earthquake (MCE) of less than 10%) are not specified in the
Chilean regulations.

Chilean RC mid- and high-rise buildings can be characterized by two types of struc-
tural systems. On the one hand, the structural system of residential buildings consists of a
large number of shear walls, typically in a ‘fish-bone’ plan layout. This structural system
is rarely found outside Chile, which is why it is sometimes referred to as the ‘Chilean
building’. On the other hand, the structural system of office buildings consists of core
shear walls and perimeter moment frames. This structural system is commonly known
as a dual wall-frame system and is frequently used in other earthquake-prone regions.
The floor system typically consists of flat post-tensioned slabs (17–20 cm thickness) and
the span lengths are relatively large (8–10 m). The perimeter moment frames are mainly
intermediate moment frames (IMFs) designed for less than 25% of the base shear and the
core walls are special structural walls (SWs) [11]. The core walls in office buildings are
shorter and thicker than those in residential buildings but the wall density (i.e., the ratio
of the area of the walls to the total floor area) is similar in both types of buildings. As a
consequence of a commonly adopted criterion in Chilean engineering practice, the wall
density is always greater than 0.1% [12].

The level of seismic hazard is high in Chile, mainly due to subduction-type earth-
quakes, but research to quantitatively assess the actual level of seismic collapse protection
of buildings is still limited. To the best of the authors’ knowledge, the collapse probability of
Chilean RC buildings, assessed per the Performance-Based Earthquake Engineering (PBEE)
framework proposed by the Pacific Earthquake Engineering Research Center (PEER) to
implement the FEMA P-58 [13] methodology, has been analyzed in just two studies [14,15].
Within the FEMA P-58 framework, the current state-of-the-art procedure for collapse assess-
ment is based on the FEMA P695 [16] methodology. Araya-Letelier et al. [14] analyzed the
collapse risk of a code-conforming 16-story dual wall-frame building located in Santiago.
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The mean annual frequency of collapse, λc, was found to be 2.61 × 10−5 and the collapse
probability in 50 years, Pc(50), was found to be 0.13%. Cando et al. [15] analyzed the seismic
performance of a suite of four code-conforming 20-story shear-wall buildings located in
Santiago. The λc values were found to range from 2.7 × 10−4 to 6.9 × 10−4 and the values of
Pc(50) were found to range from 1.3% to 3.4%. The latter probabilities were not only higher
than those calculated by Araya-Letelier et al. [14] but also exceeded the 1% in 50 years
target collapse probability indicated in ASCE 7-22 [10]. According to Cando et al. [15],
these relatively high Pc(50) values may be related to the assumed soil type (soil type B
in [14], soil type C in [15], as defined by the Chilean seismic design code [9]) and small
differences in the seismic hazard model. It must be noted that in each of these studies,
only a single building archetype located at a particular location on a specific soil type was
analyzed. In other words, the potential influence of different seismicity levels and soil
types on the collapse probability when buildings are subjected to subduction earthquakes
was not accounted for. Moreover, since these studies focused on the performance of tall
buildings, the quantitative collapse performance of mid-rise dual wall-frame RC office
buildings in Chile remains unclear.

The potential impact of these and other relevant variables (e.g., structural system,
building height, modeling parameters, seismicity source, etc.) on the building’s seismic
performance has been evaluated to a limited extent. Some studies have analyzed buildings
of different heights [17–20]. For instance, Dabaghi et al. [19] found that the collapse capacity
decreases as the number of stories increases. Terzic et al. [20] examined low- and mid-rise
office buildings and found that, although the seismic response (e.g., floor accelerations,
story drifts, and residual drifts) is smaller in shorter buildings than in taller structures,
shorter buildings suffer significantly higher levels of structural and nonstructural damage,
which of course leads to higher repair costs per floor. In addition, Marafi et al. [21] pointed
out that modeling assumptions (e.g., deformation capacity) and the level of axial load on
the walls have a significant influence on the collapse risk of dual wall-frame buildings.
Few studies have focused on subduction ground motions [22–24]. For example, Medalla
et al. [24] revealed that the collapse probability of mid- and high-rise steel moment-frame
(MF) buildings in subduction-prone locations could be up to two times higher than that
in crustal-prone locations. The seismic response of dual wall-frame buildings on soft soils
that are subjected to subduction ground motions has received relatively little attention.
In one of these studies, Marafi et al. [25] analyzed the seismic performance of buildings
considering the Seattle basin effects and Cascadia subduction earthquakes. High collapse
probabilities were found due to the simultaneous effects of spectral acceleration, spectral
shape and duration, and basin effects. This research review shows that some variables (e.g.,
type of seismic demand, height of the building, soil type, etc.) have a direct influence on
the seismic performance of buildings, especially on the collapse potential, which needs to
be further evaluated.

It is clear then that despite acceptable behavior during recent earthquakes, the collapse
capacity of RC buildings subjected to Chilean subduction ground motions is still largely
unknown. This is the main motivation for the present study, which aims at quantitatively
characterizing the collapse capacity of Chilean RC dual wall-frame buildings. Emphasis
is placed on mid-rise buildings, which represent a relevant proportion of current office
buildings. The objective of this paper is to provide more insights into the collapse capacity
of RC mid-rise dual wall-frame buildings by taking into account the influence of the level
of seismic hazard and soil type. In particular, this paper focuses on post-2010 Chilean
buildings subjected to Chilean subduction ground motions. To the best of the authors’
knowledge, the collapse capacity of the class of buildings analyzed in this paper has not
yet been quantitatively characterized. Even though such collapse capacity is expected to
be acceptable (the empirical evidence indicates that pre-2010 buildings performed well
when subjected to a huge earthquake and post-2010 buildings are expected to perform
even better), quantitative characterizations are nevertheless necessary. The methodology
used to evaluate the collapse capacity is described in Section 2. The specific research
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objectives are (1) to select a structural layout representative of Chilean RC dual wall-frame
buildings (Section 3); (2) to design and model a suite of four building archetypes located
in different seismic zones (i.e., high and moderate seismicity) and on different soil types
(i.e., very stiff and moderately stiff soil), following post-2010 seismic provisions (Section 3);
(3) to select and scale hazard-consistent ground motions (Section 4); and (4) to develop
collapse fragilities and combine them with the respective hazard in order to assess the
seismic collapse capacities (Section 5). The seismic behavior was evaluated using the well-
established FEMA P-58 methodology [13] by performing Incremental Dynamic Analysis
(IDA) [26] of 3D nonlinear structural models. The record-to-record (RTR) variability was
accounted for by sets of carefully selected Chilean subduction ground motions. Values
of several collapse-related metrics (i.e., probability of collapse conditional to the MCE,
Collapse Margin Ratio (CMR), λc, Pc(50)) were calculated. Finally, all relevant findings are
discussed in Section 6.

2. Collapse Assessment Methodology

Despite significant advances in the structural design and analysis of buildings, deter-
ministic predictions of building collapse under earthquake shaking are still not possible.
Rather, the evaluation of the seismic collapse performance should be addressed through
probabilistic criteria [27]. For this research, probabilistic seismic collapse assessments were
developed using the FEMA P-58 methodology [13] within the PBEE-PEER framework. The
principal result was the earthquake-induced building-specific collapse fragility function,
which is the probability of triggering a structural collapse based on a specific ground-
motion (GM) intensity measure (IM). The collapse fragility functions were developed based
on the IDA [26] and the IM adopted was the pseudo-spectral acceleration ordinate at the
fundamental period of the structure, Sa(T1). Based on recent studies, Sa(T1) is still an
adequate predictor of collapse for stiff RC structures whose seismic response is dominated
by the fundamental vibration mode [28,29] (e.g., mid-rise RC dual wall-frame buildings).
Consequently, for each archetype building model and GM record, nonlinear response
history (NLRH) analyses at increasing Sa(T1) levels were performed until collapse. Further
details of this methodology are provided in the following subsections.

2.1. Estimation of Sa(T1) Intensities That Trigger Collapse

Initially, all possible (global or local) building collapse types were identified. Current
state-of-the-art studies describe alternatives that can be used to identify earthquake-induced
structural collapse [13,16,26]. In this study, both non-simulated and simulated collapses
were assessed (further details can be found in Sections 3.3 and 3.4). Subsequently, mathemat-
ical 3D models, which capture all failure modes of the structures, were developed. These
models took into account the effects of material deterioration on strength and stiffness, as
well as geometric nonlinearities (P-delta effects).

In the next step, structural 3D models were subjected to NLRH analyses using sets
of subduction GM records (from Chile) that were scaled to increasing Sa(T1) values at
0.05 g steps until collapse. The sets of subduction GM records represented the aleatory
uncertainty of the seismic hazard (called RTR variability), which is the dominant source
of uncertainty compared to epistemic uncertainty (i.e., modeling uncertainty) [13]. Still,
important epistemic uncertainty, such as damage and material decay due to, for example,
climate factors, should be incorporated in future studies. To reduce the significant compu-
tational costs, the IDAs were performed only along the shorter horizontal plan direction,
i.e., the direction along which the collapse fragility was greater. The lowest Sa(T1) value at
which either the global or local structural collapse criteria were met was recorded for each
structural model and each GM. Since earthquake-induced collapse should be evaluated in
a probabilistic way, the dispersion of the Sa(T1) collapse intensity values was calculated to
develop the respective building-specific collapse fragility functions.
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2.2. Estimation of Collapse Fragility Functions

Earthquake-induced building-specific collapse fragility functions provide the prob-
ability of structural collapse based on the GM intensity Sa(T1), which is represented by
P(C|Sa(T1), and assume a lognormal probability function (PF) [30–32]. These PFs are
defined by two parameters: (1) the median (i.e., median collapse capacity, θ̂); and (2) the
logarithmic standard deviation (i.e., dispersion, β̂). Both parameters were estimated using
the Maximum Likelihood Method (MLM) [33]. Then, Kolmogorov–Smirnov (K–S) and
Lilliefors goodness-of-fit tests, both at a 5% significance level, were used to evaluate the
quality of the lognormal PFs. The K–S test is a distribution-free (non-parametric) test
used for continuous distributions [34], whereas the Lilliefors test, recommended by FEMA
P-58 [13], is a more severe (compared to the K–S test) test and is recommended when the
parameters are not specified but estimated from the sample [35].

2.3. Collapse Performance Metrics: P(C|Sa(T1)MCE), CMR, λc, and Pc(50)

The probability of collapse based on the MCE hazard level, P(C|Sa(T1)MCE), is ob-
tained from the collapse fragility curves. This collapse performance metric is used to assess
safety considerations, for instance, US code-conforming buildings must not have values
greater than 10% [10]. Another collapse performance metric is the Collapse Margin Ratio
(CMR), which is defined by FEMA P695 [16] as the median collapse capacity θ̂ divided by
Sa(T1)MCE, as shown in Equation (1).

CMR =
θ̂

Sa(T1)MCE
(1)

A complementary collapse performance metric is the mean annual frequency of col-
lapse, λc, which represents the average number of earthquake-induced structural collapses
of a given structure per year. This λc value is a combination of the product of the collapse
fragility and the seismic hazard (Equation (2), where dλSa/dSa is the derivative of the
seismic hazard curve).

λc =

∞∫
0

P(C|Sa(T1) )·
∣∣∣∣dλSa

dSa

∣∣∣∣·dSa (2)

Finally, the probability of one earthquake-induced collapse in 50 years, Pc(50), is
obtained using Equation (3) and assumes a Poisson process. This performance metric is
the collapse potential in 50 years and is also used to analyze safety considerations. For
instance, US code-conforming buildings must not have Pc(50) values greater than 1% [10].

Pc(50) = 1 − e−λc·50 (3)

2.4. Deaggregation of λc

Lastly, the contribution of each Sa(T1) value to λc is obtained through the deaggregation
of λc. Deaggregated λc values based on Sa(T1) are obtained using Equation (4), whose terms
have been previously defined.

Deaggregated λc(Sa) = P(C|Sa(T1) )·
∣∣∣∣dλSa

dSa

∣∣∣∣·dSa (4)

3. Methodology to Define Code-Conforming Archetype Buildings

3.1. Statistical Evaluation of Chilean RC Buildings

The archetype buildings were selected based on a statistical analysis of the available
data on RC buildings in the Chilean national database of buildings [36]. The database
contains disaggregated information on buildings with at least 3 stories that were built
between 2002 and 2020 (both years included) such as the location, construction material
used, number of stories, equivalent floor area, etc. In more detail, there are 8078 RC
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buildings of which roughly 10% are office buildings and roughly 90% are residential
buildings. Of these, 470 are office buildings located in the Metropolitan Region (MR-
Region) and 62 are office buildings located in the Valparaiso Region (V-Region), which are
the most densely populated regions in the country. Figure 2a presents the classification of
these office buildings as a function of the number of stories. The International Building
Code (IBC) [37] defines a high-rise building as a building that is more than 22.86 m (75 ft)
above the lowest level (Figure 2b). Considering an average story height of 2.5 m, this
may correspond to a building of 10 stories or more. Therefore, a mid-rise building can be
defined as a building that has more than 3 stories but no more than 9 stories. In Figure 2a,
it is noted that 359 office buildings are classified as mid-rise buildings, whereas 173 office
buildings are classified as high-rise buildings (i.e., ~70% and ~30%, respectively).

(a) (b)

mid rise
buildings

Figure 2. (a) Chilean RC buildings 2002–2020: number of office buildings and number of sto-
ries. (b) Definition of high-rise building from IBC-2021 [37]. MR-Region = Metropolitan Region;
V-Region = Valparaiso Region.

This research focused on mid-rise buildings for two reasons. First, the seismic response
of mid-rise buildings can be expected to be dominated by the fundamental mode of
vibration. Such a response generates a somewhat uniform distribution of story drift ratios,
which may affect the collapse performance and economic losses [38]. Second, most of
the existing RC office buildings are mid-rise buildings (roughly 70%), which makes them
of great interest on a regional level in terms of their collapse performance. Furthermore,
recent research [39] has also highlighted the need to study the actual seismic performance
of mid-rise RC shear-wall buildings, which are a typical structure in Chile. From the
database [36], it is also noted that the equivalent floor area is independent of the number of
stories for RC office buildings, with an average value of 1000 m2.

The influences of the hazard level and soil type were also assessed due to their impact
on seismic design requirements, seismic hazard, and, possibly, collapse performance.
Hence, two different cities, Santiago and Vina del Mar, were considered. Based on the
Chilean seismic design provisions for buildings [8], Santiago and Vina del Mar are located
in seismic zones 2 (moderate seismicity zone) and 3 (high seismicity zone), respectively.
Furthermore, two different soil types were considered based on the Chilean seismic soil
classification code [9], i.e., soil types B and D. In more detail, soil type B is fractured rock
or very dense/firm soil, whereas soil type D is moderately dense/firm soil (soil type D
is softer than soil type B). For the archetypes the naming convention of Bld-07-zX-sY was
used, where 07 designates the number of stories, zX denotes the seismic zone (i.e., z2 or z3),
and sY represents the soil type (i.e., sB or sD). For example, Bld-07-z3-sD denotes a 7-story
archetype building located in seismic zone 3 on soil type D.

94



Buildings 2023, 13, 880

3.2. Structural Layout and Code-Conforming Design Procedure of the Archetype Buildings

The structural layout adopted was a minor simplification of the actual layout of a
representative mid-rise office RC building. This building was selected because its geo-
metric characteristics (i.e., height and equivalent floor area) and dimensions, as well as
the arrangement of its structural elements (i.e., basement walls, shear walls, beams, and
columns), were consistent with the results of the statistical survey and Chilean practices.
In this sense, the archetype buildings have seven stories and three basement levels. The
typical floor dimensions are 24 m × 40 m (960 m2), whereas the beam span lengths are
8.0 m. The underground levels are surrounded by 20 cm thick perimeter walls. Figure 3a
shows a typical floor plan view and Figure 3b shows a typical underground floor plan
view. Likewise, Figure 3c depicts the lateral transverse view and a 3D view is provided in
Figure 3d.

(a) (b)

(c) (d)
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Figure 3. Archetype buildings. (a) Typical floor plan view. (b) Underground floor plan view.
(c) Lateral transverse view. (d) 3D view.

The slabs are post-tensioned slabs with thicknesses of 22 cm and 20 cm in the under-
ground and other levels, respectively. The story height of the underground stories and
the first story is 3.50 m, whereas the story height of the remaining stories is 3.20 m. The
structural system comprises two core C-shaped SWs and IMFs at the perimeter. Core walls
are continuous walls from the foundation to the top. Chilean professional engineering
practices and prescriptive code-based procedures were considered in the design of the
archetype buildings [12]. The design was developed using the software ETABS [40], a

95



Buildings 2023, 13, 880

commercial software that is used for structural design [41]. Concrete and steel bars with a
nominal strength (f’c) of 35 MPa and nominal yield strength (fy) of 420 MPa, respectively,
were assumed. A dead load of 2 kPa and a live load of 3 kPa were used for the under-
ground levels, whereas 5 kPa and 2 kPa were considered for the typical stories and the
roof, respectively.

The design process was based on the current Chilean seismic code NCh 433 [8], which
was updated after the 2010 earthquake [9]. Therefore, the archetype buildings considered
in this study are, in a strict sense, representative of post-2010 buildings. However, the
statistical survey described in Section 3.1 provides data on characteristics (e.g., number
of stories and floor area) that were not influenced by the 2010 earthquake. Hence, these
data are representative of both pre- and post-2010 buildings and, consequently, so is the
architectural layout of the archetypes.

The code-confirming design process was based on a modal response spectrum analy-
sis. Seismic forces are provided by an elastic spectrum divided by an effective response
modification factor (Reff). The initial estimate of the response modification factor (R*)
depends exclusively on the building’s fundamental period, the structural system, and the
soil type. If the base-shear demand, Vb, divided by the seismic weight of the building, W,
(normalized base-shear demand, C) satisfies both the upper (Cmax) and lower (Cmin) limits
(i.e., Cmin ≤ C ≤ Cmax), then Reff = R*. Or else, R* is modified so that Cmin ≤ C ≤ Cmax,
and in this case, Reff is set equal to the modified value of R*. The relevant design factors are
summarized in Table 1.

Table 1. Design parameters.

Archetype
Transverse Direction Longitudinal Direction Cmin

T (s) R* Reff C (%) T (s) R* Reff C (%) (%)

Bld-07-z2-sB 0.923 8.6 6.5 5.0 0.465 6.2 6.2 6.0 5.0
Bld-07-z2-sD 0.835 6.1 6.1 7.0 0.426 3.7 3.7 11.2 6.0
Bld-07-z3-sB 0.913 8.6 6.5 6.7 0.464 6.2 6.2 8.1 6.7
Bld-07-z3-sD 0.673 5.9 5.9 9.8 0.357 3.6 3.6 15.7 8.0

T = fundamental period; R* = response modification factor; Reff = effective response modification factor;
C = normalized base-shear demand.

It must be noted that in the transverse direction, the seismic design of the archetypes
on soil type B (i.e., Bld-07-z2-sB and Bld-07-z3-sB) was controlled by the minimum base-
shear requirement (Cmin), which depends on the importance factor (equal to 1.0 due to
occupation category II), seismic zone, and soil type. As explained later, the design of the
remaining archetypes in the transverse direction (i.e., Bld-07-z2-sD and Bld-07-z3-sD) was
controlled by the axial deformation demand on the RC core walls. Figure 4 shows the
elastic and reduced code-conforming design spectra (NCh 433) for each archetype building.
The vertical dashed lines indicate the fundamental period of vibration (T1) in the transverse
direction (i.e., the direction of analysis). The reduced values of Sa(T1) used in the design of
the structural members are indicated in each figure.

96



Buildings 2023, 13, 880

(a) (b)

(c) (d)

Figure 4. Comparison of elastic NCh 433 and reduced design spectra (transverse direction). (a) Bld-
07-z2-sB; (b) Bld-07-z2-sD; (c) Bld-07-z3-sB; (d) Bld-07-z3-sD. Note: in all subfigures, dashed lines
and continuous lines represent the elastic NCh433 spectrum and reduced spectrum, respectively.

Moreover, the Design-Basis Earthquake (DBE) uniform hazard spectra (UHS) (i.e.,
UHS with a 10% probability of exceedance in 50 years) and elastic code (NCh 433) spectra
are shown in Figure 5 for each archetype for comparison purposes. As a reference, the
DBE-UHS Sa(T1) values are indicated in each figure. The UHS and elastic NCh 433 spectra
of the archetype buildings on soil type B (Figure 5a,c) have similar spectral shapes but
differences in the values of the spectral ordinates are evident. On the other hand, the
UHS and elastic code spectra of the archetype buildings on soil type D (Figure 5b,d) have
dissimilar spectral shapes but the corresponding spectral ordinates are very close to each
other at the fundamental period. It is worth mentioning that the elastic spectra specified
in the current Chilean seismic code [8,9] are not probabilistic in nature but calibrated for
the structural demands observed in recent earthquakes (1985 and 2010 earthquakes [12]).
Therefore, differences between the DBE-UHS and elastic code spectra were expected. The
process used to obtain the UHS spectra is explained in Section 4.

The member dimensions are summarized in Table 2. The length of the web and flanges
of the core walls are the same in all archetype buildings (see Figure 3). The corresponding
thicknesses were defined so that wall densities were greater than 0.1% in all stories (common
Chilean engineering practice [12]). Beams and columns were designed per the Chilean
standard DS 60 [11], which refers to ACI 318-08 [42]. Perimeter frames are IMFs because
they were designed for less than 25% of the story shear at all stories. As required by the
current Chilean codes, boundary elements (special, SBE, and ordinary, OBE) were provided
at the ends of the flanges of the core walls of all archetypes. SBEs were provided only at the
first two stories below ground level and at the first three (archetypes on soil type B) and
two (archetypes on soil type D) stories above ground level. As commonly implemented in
Chilean practice, the thickness of the shear walls was set to be constant along the entire
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height. Regarding the IMFs, all beams at all stories had the same cross-section. All columns
from the third underground story to the second story had the same cross-section and all
columns from the third story to the top story also had the same cross-section (Table 2). It is
noted that archetypes Bld-07-z2-sB, Bld-07-z2-sD, and Bld-07-z3-sB had similar member
sections and, hence, similar fundamental periods (T1 values of 0.92 s, 0.84 s, and 0.91 s,
respectively). On the other hand, archetype Bld-07-z3-sD had larger member sections
(walls, beams, and columns) and was a significantly stiffer structure (T1 = 0.67 s).

(a) (b)

(c) (d)

Figure 5. Comparison of DBE-UHS and elastic NCh 433 spectra. (a) Bld-07-z2-sB; (b) Bld-07-z2-sD;
(c) Bld-07-z3-sB; (d) Bld-07-z3-sD. Note: in all subfigures, dot lines and dashed lines represent the
DBE-UHS spectrum and the elastic NCh433 spectrum, respectively.

Table 2. Member cross-sections.

Archetype

Core Walls Beams Columns

Flanges Webs (b × h) (b × h)

l t l l us3–s2◦ s3◦–s7◦

Bld-07-z2-sB 4.2 0.35 16.0 0.25 0.6 × 0.5 0.7 × 0.7 0.6 × 0.6
Bld-07-z2-sD 4.2 0.45 16.0 0.30 0.6 × 0.5 0.7 × 0.7 0.6 × 0.6
Bld-07-z3-sB 4.2 0.35 16.0 0.25 0.6 × 0.5 0.7 × 0.7 0.6 × 0.6
Bld-07-z3-sD 4.2 0.55 16.0 0.40 0.7 × 0.6 1.0 × 1.0 0.8 × 0.8

l = length; t = thickness; b = width; h = height; us3 = third underground story; s2◦ = second story; s3◦ = third
story; s7◦ = top story. Note: all dimensions are in meters.
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3.3. Modeling Details

The software Perform-3D [43] was used to create the 3D mathematical models, taking
into account the latest nonlinear (NL) modeling guidelines [44–50]. Perform-3D was
chosen because it provides an adequate balance between accuracy and computational costs.
Very recent studies (e.g., [51,52]) used Perform-3D to analyze RC shear-wall buildings,
indicating that this software is adequate for the seismic analysis of the archetype buildings
considered in this investigation. Figure 6a shows a typical Perform-3D model of the
archetype buildings. The expected values of the material strength and member stiffness
were considered in the structural models. The ‘shear wall’ element (Figure 6b) was used to
model the shear walls because the walls were slender and had no openings. This macro-
element (4 nodes and 24 degrees of freedom) is typically used in engineering practice and
research studies [53,54] to model the NL response of flexure-controlled RC walls subjected
to both lateral and vertical loading.

(b)

(a) (c)

frame

elements
shear wall

elements

fiber based plasticity regions

Lp Lp

Figure 6. Perform-3D modeling. (a) 3D archetype; (b) shear-wall element; (c) frame element.

The ‘shear wall’ macro-element integrated three models to simulate the RC wall behav-
ior: (1) a fiber-type section model, including NL steel and concrete fibers, which simulated
the in-plane axial-flexural response; (2) a uniform shear layer, with a one-dimensional NL
shear model that simulated the in-plane shear response; and (3) a uniform linear-elastic
plate-bending model that simulated the out-of-plane response. In the ‘shear wall’ element,
the bending and axial effects were coupled, whereas the bending and shear effects were
not. As indicated by recent modeling recommendations [53], the NL material properties of
the wall cross-section fibers were defined based on the uniaxial constitutive relationship
(i.e., stress vs. strain backbone curve) YULRX (Y: yielding; U: ultimate; L: loss; R: residual;
X: maximum).

As recommended by engineering practice [48], the nominal reinforcing steel and
concrete strengths were multiplied by 1.17 and 1.3, respectively. Furthermore, the material
cyclic response (i.e., unloading and reloading stiffnesses degradation) was included by
defining an energy dissipation factor for concrete material and energy dissipation and
stiffness factors for reinforcing steel material [53]. The shear layer was defined by an elastic-
perfectly plastic shear stress vs. shear-strain backbone curve that considers the potential
nonlinear shear behavior of the walls. The expected shear strength of the walls was set to
1.5 times the nominal shear strength, as defined by ACI 318-08 [42], whereas the effective
shear stiffness was set to 10% of the uncracked shear stiffness (Gc

eff A = 0.1 Gc A, where
Gc = 0.4 Ec, A is the cross-section, and Ec is the elastic modulus) [45]. This procedure is an
indirect way to consider shear cracking because the shear-wall element captures neither
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nonlinear shear deformations nor coupling with nonlinear flexural deformations under
cyclic loading. Figure 7 presents examples of the constitutive functions of the concrete and
steel fibers of the core walls of archetype Bld-07-z3-sD.

(a) (b)

(c) (d)

Figure 7. Archetype Bld-07-z3-sD: material models for the shear walls. (a) Confined concrete.
(b) Unconfined concrete. (c) Steel. (d) Wall shear. SBE = special boundary element; OBE = ordinary
boundary element; h = story height; e = number of vertical shear-wall elements per story.

It is important to note that the concrete materials (both confined and unconfined)
incorporated regularization derived from the theory of constant compressive crushing
energy [55]. The effect of regularized materials for confined and unconfined uniaxial
YULRX curves was exemplified for the SBEs and OBEs (Figures 7a and 7b, respectively).
For reinforcing steel fibers, the steel materials indirectly incorporated the buckling of steel
bars for when the cover concrete material reaches the crushing point (i.e., R in YULRX
curve), as shown in Figure 7c. The shear layer constitutive relationships are shown in
Figure 7d. The results of the experimental tests of slender walls with different types
of cross-sections (planar [56] and T-shaped [57]) were used to validate the number of
shear-wall elements per story, the material regularization, and the number of fibers in
the cross-sections, among other modeling aspects. This validation, not presented here for
brevity, was essentially identical to that performed in previous studies [45,53,58].

Beams and columns were modeled using ‘frame-type’ elements (see Figure 6c) with
fiber-based plasticity regions of length Lp at both ends and a linear-elastic region in be-
tween. YULRX backbone functions were also adopted to represent the uniaxial stress–strain
relationships between steel and concrete materials. Length Lp was determined following
recommendations found in the literature [59] (Lp = 0.5 h, where h is the depth of the
element). Geometric nonlinearity was also implemented to consider the P-delta effects in
the columns and walls. As indicated in previous studies [60,61], long-span post-tensioned
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slabs in core-wall buildings were considered so as not to substantially affect the building
response. Thus, these elements were not explicitly modeled. In its place, rigid diaphragms
were implemented at all floor levels and the self-weight and mass of the slabs were incor-
porated into the models. Lastly, energy dissipation was mostly modeled directly by the
hysteretic force–deformation response of the structural components. Modal damping was
set to 2.4% for all modes and the additional Rayleigh damping was set to 0.1% at 0.2 T1 and
1.5 T1 [43,44].

3.4. Seismic Collapse Criteria

Predictions of seismic collapse require the identification of all possible collapse modes
and the evaluation of structural seismic collapse through simulated and non-simulated
collapse modes. Figure 8 schematizes the collapse criteria adopted in the analyses.

Figure 8. Structural collapse criteria.

The simulated failure criteria considered the local response parameters derived from
the axial-bending demands on the walls. Collapse due to fracture of the reinforcement bars
was assumed to occur when the tensile strains in the longitudinal reinforcement exceed
0.05, as indicated by Gogus and Wallace [17]. Moreover, collapse due to longitudinal
reinforcement buckling and concrete crushing was assumed to occur when the concrete
compressive strains exceed the crushing limit (the point where the post-peak descending
branch of the concrete stress–strain curve reaches 20% of the peak stress of the confined
concrete or 0.1% of the peak stress of the unconfined concrete [17]). In the case of non-
simulated criteria, on the other hand, collapse is related to either axial wall failure or slab-
column failure. As indicated by Kim and Foutch [62], slab-column failure was assumed to
occur when a story drift ratio (SDR) exceeds 5% at any story. In addition, axial wall failure
was assumed to occur when the roof drift ratio (RDR) exceeds 5% [17]. Other collapse
measures, such as numerical instability or excessive increases in story drift demands for
small increases of the ground motion IM (Sa(T1)), were not detected.

3.5. Pushover Analyses

Initially, pushover analyses (nonlinear static analyses) were implemented to evaluate
the seismic response of each archetype building in terms of strength, stiffness, and the type
and location of the damage. First, the gravitational loads (100% of dead loads plus 25%
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of live loads) were applied. Second, a first-mode lateral force pattern, as recommended
by ASCE 41-17 [63], was applied in the transverse direction (i.e., the same direction along
which the NLRH analyses were performed), both positive and negative. Figure 9 shows
the pushover curves of the archetype buildings, along with some points of interest.

(a) (b)

(c) (d)

positive dir.

positive dir.

negative dir.

negative dir.

Figure 9. Capacity curves (pushover). (a,b) Base shear vs. roof displacement. (c,d) Base-shear
coefficient versus roof-drift ratio.

In more detail, Figure 9a,b show the pushover curves in terms of the base shear
versus the roof displacement, whereas Figure 9c,d present the same curves in terms of the
base0shear coefficient (i.e., base shear divided by the structural weight) versus the RDR.
The base shear Vb was evaluated at the ground level (see Figure 3) and normalized by the
seismic weight of the stories above. The capacity curves in the positive direction were not
equal to those in the negative direction due to the asymmetric plan layout of the core walls
(see Figure 3a). Moreover, Figure 9 depicts some points of interest: (1) the first fiber at any
wall that reached steel yielding, concrete crushing, shear strength, and steel fracture; and
(2) the SDR reaching 5% at any story.

The pushover curves show some interesting features. Firstly, archetype Bld-07-z3-sD
had considerably more stiffness and strength than the other archetypes, likely because of
the increased cross-sections of the shear walls, beams, and columns. Secondly, in all cases,
the maximum base-shear capacity (Vmax) was reached at roughly the same value of the
RDR (≈1.5~2.0%). Finally, there was always a clear drop in strength after the first concrete
crushing when the seismic loads were applied in the positive direction. It is interesting to
note that this first concrete crushing occurred at the SBEs of the walls located at the first
story, where the shear and moment demands were expected to be more significant, and at
RDR values higher than 2.5% (i.e., excessive drift demands).
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The overstrength factor (Ω), i.e., the ratio of Vmax to the design base shear Vdes, was
calculated. Table 3 summarizes the pushover analysis results, where the ratios of Vdes (also
above ground level) and Vmax to the seismic weight are also shown. Along the positive
transverse direction, the Ω+ values ranged from 2.4 to 4.4, with an average value of 3.3.
Along the negative transverse direction, on the other hand, the Ω− values ranged from
2.5 to 3.7, with an average value of 3.0. Again, the high values of Vmax for archetype
Bld-07-z3-sD (2918 tonf for Vmax+, and 3149 tonf for Vmax−) were consistent with the larger
cross-section dimensions of the structural members, resulting in an archetype that had
more strength.

Table 3. Summary of pushover analyses.

Archetype
Vdes Vdes/W Vmax+ Vmax+/W

Ω+ Vmax− Vmax−/W
Ω−

(tonf) (%) (tonf) (%) (tonf) (%)

Bld-07-z2-sB 348 4.7 1524 20.4 4.4 1283 17.2 3.7
Bld-07-z2-sD 826 10.7 2036 26.3 2.5 2038 26.3 2.5
Bld-07-z3-sB 464 6.2 1827 24.4 3.9 1495 20.0 3.2
Bld-07-z3-sD 1231 15.1 2918 35.7 2.4 3149 38.5 2.6

Referring to the location of the damage, the first nonlinear incursions of the concrete
and steel fibers of the shear-wall elements appeared at the stories immediately above
and below ground level. As expected, these stories were among the stories where the
seismic code requires the inclusion of SBEs. As previously mentioned, when pushover was
applied in the positive direction (i.e., boundary elements of the walls in compression), the
first concrete crushing in the boundary elements was observed to occur at the first story,
where the shear and moment demands were expected to be more significant. An example
(archetype Bld-07-z2-sB) of this behavior can be seen in Figure 10, where the concrete fiber
strains of SBEs are shown for two RDR values (1.5% in Figure 10a and 3.0% in Figure 10b).
In addition, a schematic representation of the uniaxial constitutive relationship ‘YULRX’ is
depicted in Figure 10c, where the colors represent the aforementioned regions of interest.

(a) (b) (c)

positive dir. 

Figure 10. Strains at the boundary elements of archetype Bld-07-z2-sB (pushover along the positive
transverse direction) (a) at Vb

max (RDR ≈ 1.5%), and (b) at the first concrete crushing point R
(RDR = 3.0%). (c) Schematic YULRX curve: color scale.

4. Seismic Hazard Analyses and Selection of Subduction Ground Motions

4.1. Seismic Hazard Analyses

Probabilistic seismic hazard analysis (PSHA) was used to integrate the rupture scenar-
ios defined in a recent Chilean seismic source model (SSM) with current Chilean ground-
motion models (GMMs). The seismicity model defined by Poulos et al. [64] and the GMMs
proposed by Montalva et al. [65] and Idini et al. [66] were integrated into the compu-
tational platform SeismicHazard [67] to assess the PHSA. Calculations were performed
incorporating the GMM epistemic uncertainties using a logic tree with equal weights of
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1/2. Figure 11a depicts the calculated seismic hazard curves in terms of the Sa(T1) versus
the mean annual frequency of exceedance, λSa(T1), and Figure 11b depicts the Sa(T1) versus
the mean return period, Tr. Horizontal lines are also drawn to represent the traditional
λSa hazard levels related to return periods of 2475, 475, and 72 years, i.e., the maximum
considered earthquake (MCE), design-basis earthquake (DBE), and service-level earthquake
(SLE), respectively.

(a) (b)

Figure 11. Seismic hazard curves plotted as a function of (a) the annual probability of exceedance,
λSa(T1), and (b) the return period, Tr.

The Sa(T1) values for the different hazard levels are presented in Table 4, along with the
values of both the Chilean code elastic design spectra, Sa(T1)des,e, and the reduced design
spectra, Sa(T1)des,red, (see Figure 4). It is noted that there were relatively small differences in
terms of the Sa(T1)SLE, Sa(T1)DBE, and Sa(T1)MCE values between the archetypes on soil type
B (i.e., Bld-07-z2-sB and Bld-07-z3-sB), which had very similar values of T1. On the other
hand, the Sa(T1) values for the archetype Bld-07-z3-sD were almost 1.5 times higher than
those for archetype Bld-07-z2-sD, indicating a considerable increase in seismic demand. It
is interesting to note that the values of Sa(T1)des,e were different from those of Sa(T1)DBE.
These differences were expected because the elastic design spectra of the Chilean seismic
design code NCh 433 [8,9] are not uniform-hazard spectra. In addition, the Chilean code
does not explicitly define the SLE and MCE hazard levels. These levels were defined as
indicated in ASCE 7-22 [10].

Table 4. Summary of IM = Sa(T1).

Archetype Sa(T1)SLE (g) Sa(T1)DBE (g) Sa(T1)MCE (g)
Sa(T1)des,red

(g)
Sa(T1)des,e (g) P(%) in 50 y Tr (y)

Bld-07-z2-sB 0.16 0.41 0.81 0.040 0.261 24 180
Bld-07-z2-sD 0.34 0.86 1.63 0.155 0.943 8 600
Bld-07-z3-sB 0.19 0.52 0.99 0.054 0.348 22 200
Bld-07-z3-sD 0.55 1.31 2.36 0.233 1.377 9 530

P(%) in 50 y = probability of exceedance in 50 years (as a percentage); Tr = mean return period.

For comparison purposes, Table 4 also shows the probability of exceedance in 50 years
and the related return period of the spectral ordinates Sa(T1)des,e (i.e., spectral ordinates of
the Chilean code elastic design spectra). For the archetypes on soil type D, the probabilities
of exceedance in 50 years were nearly 10% (Tr ~475 years), which is a worldwide standard
for the DBE hazard level. For the archetypes on soil type B, on the other hand, the
probabilities of exceedance in 50 years were higher than 22% (Tr ~200 years). In other
words, the hazard level associated with the elastic design NCh 433 spectra for soil type B
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was smaller than that associated with the DBE. These observations are consistent with the
previous results shown in Figure 5.

4.2. Selection of Ground Motions

Special care was taken to obtain sets of Chilean subduction ground motions consistent
with the IM-based seismic hazard at different sites of different seismicity levels and different
soil types. First, from the hazard curves obtained in the preceding section, uniform hazard
spectra (UHS) were calculated at different levels of seismic hazard. A single UHS represents
the acceleration spectral values for the same probability of exceedance (uniform) in a given
exposure time (50 years, commonly used). For each site–soil case, the UHS with a 10%
probability of exceedance in 50 years (DBE hazard level) was constructed based on the
hazard curves obtained from the ‘SeismicHazard‘ platform [67] (see Figure 5). Then,
the UHS with a 2% probability of exceedance in 50 years was constructed. For each
archetype, a Conditional Spectrum (CS) was rigorously constructed and defined as a target
spectrum in this study. The approach proposed by Baker [68] was adopted to define the
hazard-consistent target Sa(T) distribution (with conditional mean and conditional standard
deviation at each period within the range of interest). The CS calculations considered
the target Sa(T1) for the 2%—50-year hazard level and the mean causal magnitude M,
distance R, and epsilon ε obtained from the PSHA deaggregation, where each GMM
was considered separately. The mean and standard deviation of logarithmic Sa(T) also
considered the correlation model proposed by Candia et al. [69] for the Chilean subduction
zone, where the correlations are generally higher than those for other subduction zones
such as Japan. Finally, single GMM calculations were combined using assumed logic-tree
weights, following method 2, which was suggested by Lin et al. [70], to obtain the composite
CS of each case. Although logic-tree weights are not rigorously correct, it was considered a
convenient approximation for this investigation.

Using the Chilean strong motion database ‘SIBER-RISK’ [71], for each archetype, a
hazard-consistent ensemble of 44 subduction ground motions (a typical number of records
used in research [41]) was selected and scaled to match the target mean, variance, and
correlations of the spectral acceleration values, Sa(T), at a period between 0.2 T1 and 2.0 T1,
following the procedure proposed by Baker and Lee [72]. Since NLRH analyses of the 3D
archetypes were performed only in the transverse direction, each ground motion was a
horizontal component. Following current selection guidelines [16,73], these components
met the selection criteria and the objectives of consistency, representativeness, and statistical
sufficiency to permit the statistical evaluation of the RTR variability in the structural
response. To avoid bias in the probability of collapse when Sa(T1) was used as the IM, the
amplitude scaling factor that modifies the ground motions to achieve the desired intensity
level was limited to a maximum value of 5.0, as suggested by recent studies [74,75] where
the spectral shape was appropriately accounted for in the selection process.

Following this procedure, 4 different sets of 44 GM records were selected and scaled
(i.e., a set for each archetype), which were consistent with the respective deaggregated M,
R, ε, and soil type. Figure 12 shows the spectra, mean, and dispersion of the four ground
motion sets (one for each archetype building) and the respective target composite CS.
The dispersion of the spectral ordinates, Sa(T), was higher for archetypes on soil type
D (Figure 12b,d) than for those on soil type B (Figure 12a,c). This variability was inher-
ited from the Chilean GMMs used in the PSHA and may impact the variability of the
structural response.
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(a) (b)

(c) (d)

Figure 12. Ground-motion selection. (a) Bld-07-z2-sB; (b) Bld-07-z2-sD; (c) Bld-07-z3-sB; (d) Bld-
07-z3-sD. Note: the 3rd, 4th, 5th and 6th series in the legend of subfigure (a) also apply for the
other subfigures.

5. Response and Collapse Assessment Results

5.1. IDAs, Collapse Fragility Functions, P(C|Sa(T1)MCE), and CMR

The results from the structural analyses are summarized in Figure 13, which shows
the median Peak Story Drift Ratios (PSDRs) considering different intensity levels. As a
reference, the three main intensity levels (i.e., MCE, DBE, and SLE) are explicitly indicated
in the legends with the corresponding values of the Sa(T1) level. As expected, the median
PSDRs increased with an increasing return period (i.e., increasing hazard level). For
comparison purposes, the response for a ~50,000-year return period is also presented.
Although this is an extremely large return period, the corresponding Sa(T1) values were
close to the median Sa(T1) collapse values (units of gravity, g) that are presented later.

For each archetype, the Sa(T1) values that triggered a collapse and the collapse mode
(i.e., either simulated or non-simulated) were identified and recorded for each ground
motion. The collapse modes were found to depend on the archetypes. For instance, more
than 60% of collapses of archetypes Bld-07-z2-sB, Bld-07-z3-sB, and Bld-07-z2-sD were
due to local collapse criteria. Concrete crushing and, at the same time, steel buckling at
the wall boundary elements when the buildings were loaded in the positive transverse
direction (i.e., boundary elements in compression) were mostly observed. On average,
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40% of collapses occurred in the negative transverse direction (i.e., boundary elements in
tension) due to the global collapse criteria (SRD ≥ 5%). On the other hand, 70% of the
collapses of archetype Bld-07-z3-sD were due to the global collapse criteria (in either the
negative or positive transverse direction).

(a) (b)

(c) (d)

Figure 13. Median values of Peak Story Drift Ratios (PSDR). (a) Bld-07-z2-sB; (b) Bld-07-z2-sD;
(c) Bld-07-z3-sB; (d) Bld-07-z3-sD.

Figure 14 shows the collapse assessment results. For brevity, the IDA curves present
information about one of the EDPs (i.e., RDR) as an indicator of the global structural
seismic response. In more detail, Figure 14a–d show the IDA results for each building,
plotted as the RDR values against the Sa(T1) values. The figures also present the 50th
collapse percentile (median), as well as the 16th and 84th collapse percentiles (equal to one
logarithmic standard deviation below and above the mean when a lognormal distribution
is assumed). Moreover, Figure 14e–h shows the estimated lognormal collapse fragility
curves and the values of the Sa(T1) collapse intensity.
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(a) (e)

(b) (f)

(c) (g)

(d) (h)

Figure 14. IDA results: (a) Bld-07-z2-sB; (b) Bld-07-z2-sD; (c) Bld-07-z3-sB; (d) Bld-07-z3-sD. Collapse
simulation results and estimated collapse fragility functions: (e) Bld-07-z2-sB; (f) Bld-07-z2-sD; (g) Bld-
07-z3-sB; (h) Bld-07-z3-sD. Note: the 1st, 2nd and 4th series in the legend of subfigure (a) also apply
for subfigures (b–d); and the 2nd, 3rd and 4th series in the legend of subfigure (e) also apply for
subfigures (f–h).
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These figures also exhibit both the estimated median (θ̂) and dispersion (β̂) values
(obtained using the MLM) and the results of the K–S and Lilliefors goodness-of-fit tests,
both at a 5% significance level. The fragility functions passed both tests, indicating a proper
representation of the Sa(T1) collapse intensity data. In more detail, seismic zone 2 Bld-07-
z2-sB had Sa(T1) collapse values that ranged from 1.40 g to 3.95 g, with θ̂ = 2.21 g, whereas
Bld-07-z2-sD had Sa(T1) collapse intensity values ranging from 1.75 g to 6.85 g, with a
greater θ̂ of 3.49 g. On the other hand, seismic zone 3 Bld-07-z3-sB exhibited Sa(T1) collapse
values that ranged from 1.00 g to 4.00 g, with θ̂ = 2.10 g, whereas Bld-07-z3-sD exhibited
Sa(T1) collapse intensities ranging from 2.90 g to 9.70 g, with a significantly greater θ̂ of
5.72 g. In particular, the θ̂ results were consistent with the seismic design code strength
requirement (i.e., θ̂ = 2.21 g for Bld-07-z2-sB (Vb

des = 0.05 W) was smaller than θ̂ = 5.72 g
for Bld-07-z3-sD (Vb

des = 0.10 W)).
In terms of dispersion, the archetype buildings had quite similar values of β̂, which

were less than 0.40. Dispersion values of 0.28, 0.40, 0.35, and 0.36 were estimated for
archetypes Bld-07-z2-sB, Bld-07-z2-sD, Bld-07-z3-sB, and Bld-07-z3-sD, respectively. Al-
though the dispersion of the Sa(T1) collapse values seemed to be rather high, the estimated
values of β̂ were either equal to or smaller than those recommended by FEMA P-58 [13].

The estimated values of θ̂ and β̂ as well as the results of the goodness-of-fit tests, are
presented in Table 5. In terms of the effect of the seismic zone, the θ̂ value of archetype
Bld-07-z2-sB (stiff soil, moderate seismic activity) was slightly higher than that of archetype
Bld-07-z3-sB (high seismic activity, also stiff soil), whereas the θ̂ value of archetype Bld-07-
z2-sD (moderate seismic activity, moderately stiff soil) was smaller than that of archetype
Bld-07-z3-sD (high seismic activity, moderately stiff soil). In other words, there was no clear
relationship between the level of seismic activity and θ̂. The effect of the soil type was more
relevant on the archetype buildings located in seismic zone 3 (θ̂ = 2.10 g for Bld-07-z3-sB
and θ̂ = 5.72 g for Bld-07-z3-sD) than on those located in seismic zone 2 (θ̂ = 2.21 g for
Bld-07-z2-sB and θ̂ = 3.49 g for Bld-07-z2-sD).

Table 5. Summary of collapse fragility analysis.

Archetype
θ̂ β̂ K–S Lilliefors P(C|Sa(T1)MCE)

CMR
(g) Test? Test? (%)

Bld-07-z2-sB 2.21 0.28 Pass Pass 0.02 2.7
Bld-07-z2-sD 3.49 0.40 Pass Pass 2.78 2.1
Bld-07-z3-sB 2.10 0.35 Pass Pass 1.58 2.1
Bld-07-z3-sD 5.72 0.36 Pass Pass 0.66 2.4

Based on the results shown in Table 5 it can be stated that (i) the values of β̂ for
archetype buildings located on soil type D were greater than those for archetype buildings
located on soil type B, and (ii) there was no clear relationship between the β̂ values and
the seismic zone. Additionally, the effect of the soil type seemed to be more relevant than
that of the seismic zone. Higher values of β̂ for archetype buildings located on soil type
D could be the result of a greater dispersion of the CS spectral ordinates, as mentioned in
Section 4.2.

The collapse fragility curves of each archetype building (plotted as a function of Sa(T1))
are presented in Figure 15a and it can be observed that the fragility curves of archetypes Bld-
07-z2-sB and Bld-07-z3-sB are quite similar to each other, whereas those of archetypes Bld-
07-z2-sD and Bld-07-z3-sD are situated far to the right. At first glance, this observation could
suggest that the latter archetype buildings have a superior seismic collapse performance,
but it is important to note that for a specified Sa(T1) value, the corresponding λSa(T1) value
may differ significantly for different archetype buildings depending on the fundamental
period, seismic zone, and soil type. Thus, a direct comparison of the fragility functions
expressed in terms of Sa(T1) can be misleading [38]. Consequently, Figure 15b shows
the collapse fragility curves but plotted as a function of the corresponding λSa(T1) values,
where vertical lines at different hazard levels (i.e., probabilities of exceedance equal to 2%,
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10%, and 50% in 50 years, or, in other words, return periods of 72, 475 and 2475 years,
respectively) are also shown.

(a) (b)

Figure 15. Collapse fragility curves plotted as a function of (a) Sa(T1); (b) λSa(T1).

By looking at Figure 15a,b it is clear why a direct comparison of the collapse fragility
functions plotted as functions of Sa(T1) was misleading. For instance, the Sa(T1) collapse
fragility curve of archetype Bld-07-z2-sB was located to the left of the remaining curves in
Figure 15a (which may have been misunderstood as being inferior performance), whereas
the corresponding λSa(T1) collapse fragility curve was located to the right of the other
curves, which indicates a superior collapse performance (relative to that of the archetypes
on soil type D). Although fragility functions plotted as a function of λSa(T1) may not provide
sufficient information to quantitatively rank the earthquake-induced collapse performance
of different buildings (as opposed to the information provided by λc, for example), this
analysis provides a useful tool to compare different buildings to each other.

Figure 15b shows that each archetype building had negligible collapse probability val-
ues at hazard levels of 10% and 50% in 50 years (i.e., SLE and DBE earthquakes, respectively).
Likewise, at the MCE earthquake (i.e., hazard level of 2% in 50 years) archetypes Bld-07-
z2-sB and Bld-07-z3-sD had negligible collapse probability values. Instead, archetypes
Bld-07-z2-sD and Bld-07-z3-sB had small but non-negligible collapse probability values
(2.8% and 1.6%, respectively). Table 5 shows the collapse probability value of each archetype
building at their respective MCE intensities, and it can be observed that each archetype
building met the 10% conditional probability target indicated by ASCE 7-22 [10]. The latter
was consistent with the satisfactory collapse prevention performance exhibited by modern
Chilean RC buildings in recent earthquakes [3,6,7]. In terms of the effect of the soil type
and seismic zone, the results shown in Figure 15b do not show a clear pattern. Lastly, the
CMR values are also shown in Table 5 and it can be seen that these values ranged from
2.1 to 2.7 (average of 2.3) and were higher (i.e., lower collapse risk) than those indicated
in FEMA P695 for RC structures, whose design seismic response coefficients and collapse
uncertainties are similar to those of the archetype buildings assessed in this study [16].

5.2. Values of λc and Pc(50)

The estimated values of λc and Pc(50) are presented in Table 6 and it can be observed
that these values ranged from 2.17 × 10−5 to 7.24 × 10−5 and from 0.11% to 0.36%, respec-
tively. The estimated values of Pc(50) were small and consistent with the seismic response
of modern Chilean RC buildings empirically observed in recent earthquakes. In addition,
the target maximum probability of collapse of 1% in 50 years indicated by ASCE 7-22 [10]
was achieved by each archetype building and, therefore, post-2010 Chilean RC mid-rise
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dual wall-frame buildings are expected to reach the collapse prevention limit state (at least
at the locations and soil types considered in this study).

Table 6. Summary of values of λc and Pc(50).

Archetype λc (1/Year) Pc(50) (%) λc(λSa(T1) = 10−4)/λc (%)

Bld-07-z2-sB 2.17 × 10−5 0.11 5.4
Bld-07-z2-sD 7.24 × 10−5 0.36 42.1
Bld-07-z3-sB 6.31 × 10−5 0.31 32.6
Bld-07-z3-sD 3.56 × 10−5 0.18 25.7

There was no clear pattern in terms of the influence of the soil type and seismic zone
on the Pc(50) values. For soil type B, the Pc(50) value for seismic zone 3 was higher than
that for seismic zone 2. Specifically, the Pc(50) values for archetypes Bld-07-z3-sB and
Bld-07-z2-sB were 0.31% and 0.11%, respectively. In contrast, for soil type D, the Pc(50)
value for seismic zone 3 was smaller than that for seismic zone 2. Specifically, values of
Pc(50) for archetypes Bld-07-z3-sD and Bld-07-z2-sD were 0.18% and 0.36%, respectively.
Regarding the influence of the soil type, the Pc(50) values for archetypes Bld-07-z2-sB and
Bld-07-z2-sD were 0.11% and 0.36%, respectively, whereas those for archetypes Bld-07-z3-sB
and Bld-07-z3-sD Pc(50) were 0.31% and 0.18%, respectively. Although the effect of the
seismic zone and soil type on the Pc(50) values may appear counter-intuitive (even chaotic),
it is important to highlight that Chilean seismic design codes are mostly prescriptive and
do not include explicit PBEE design targets. Given that normalized design base shears,
Vdes/W, for the archetype buildings on soil type D were higher than those for the archetype
buildings on soil type B (see Table 3), higher Pc(50) values for the soil type D archetype
buildings seemed to indicate that the difference between the actual demand and the design
demand was greater on soil type D than on soil type B. Since current Chilean design codes
are prescriptive and lack PBEE design targets (such as uniform collapse risk on different
soil types), the substantial differences observed in the Pc(50) values may be expected (which
does not make them less unacceptable).

5.3. Deaggregation Values of λc

The deaggregation curves of λc based on the Sa(T1) intensity values are shown in
Figure 16a, and it can be observed that the areas below the curves for archetypes Bld-07-z2-
sD and Bld-07-z3-sB are significantly greater than those for archetypes Bld-07-z2-sB and
Bld-07-z3-sD, which was expected because these areas represent the values of λc that were
summarized in Table 6. Moreover, the deaggregation curve of archetype Bld-07-z3-sB is
located more to the left, which indicates that the contribution of small Sa(T1) values to λc
was greater for this archetype building than for the remaining buildings. Consequently,
archetype Bld-07-z3-sB was more susceptible (in terms of collapse during its lifetime)
to small/medium Sa(T1) intensities. In contrast, the deaggregation curve of archetype
Bld-07-z3-sD is located more to the right, which indicates that the contribution of high
Sa(T1) values to λc was greater for this archetype building than for the remaining buildings.
Consequently, archetype Bld-07-z3-sD was more susceptible (in terms of collapse during its
lifetime) to high Sa(T1) intensities. Figure 16a also shows three sets of lines that indicate the
values of θ̂, values of Sa(T1) at 50% of λc, and values of Sa(T1) at 75% of λc.

It is worth mentioning that the values of θ̂ were always higher than the Sa(T1) intensity
values at 50% of λc but were always smaller than the Sa(T1) intensity values at 75% of λc.
For instance, for archetype Bld-07-z2-sD, θ̂ = 3.49 g was 28% higher than the Sa(T1) value
at 50% of λc (= 2.73 g), whereas for archetype Bld-07-z3-sB, θ̂ = 2.10 g was 17% higher
than the Sa(T1) value at 50% of λc (= 1.80 g). Although the precise characterization of the
collapse fragility functions is necessary for the entire range of the Sa(T1) intensity values,
these observations indicate that this characterization is needed more at Sa(T1) intensities
smaller than θ̂ because these Sa(T1) values contribute the most to λc (and, as a result, also
to Pc(50)), which is in agreement with previous studies [22,38].
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(a) (b)

Figure 16. Deaggregation of λc plotted as a function of (a) Sa(T1); (b) λSa(T1).

As shown previously, a direct comparison of the collapse fragility functions for the
different archetype buildings (with different soil types and fundamental periods) may be
misleading, and this reflection can be extended to the assessment of the λc deaggregation
curves for different archetype buildings. The deaggregation curves of λc as a function
of the corresponding λSa(T1) values are shown in Figure 16b, where vertical lines indicate
the previously defined λSa(T1) hazard levels. At the SLE level, each archetype building
presents small (almost negligible) values of deaggregated λc and this is in agreement
with the observed seismic performance of Chilean RC dual wall-frame buildings in recent
earthquakes. Regarding the DBE level, apart from archetype Bld-07-z2-sD, the remaining
archetype buildings exhibited negligible values of deaggregated λc, whereas at the MCE
level, only the archetype Bld-07-z2-sB showed negligible values of deaggregated λc. As
seen in Figure 16b, the deaggregation curves of archetypes Bld-07-z2-sD and Bld-07-z3-sB
are located more to the left, which shows that the influence of high λSa(T1) values on λc
was greater for these archetype buildings than for the remaining ones, indicating that
the former archetype buildings were more susceptible (in terms of collapse during their
lifetime) to more frequent ground motions (small and medium intensities). It can also be
observed that, again, the influence of the seismic zone and soil type on the deaggregated λc
curves is unclear. For example, at λSa(T1) = 10−4, the area under the deaggregation curve
is 42.1% of λc for archetype Bld-z2-sD but only 25.7% of λc for archetype Bld-z3-sD (see
Table 6). On the other hand, at λSa(T1) = 10−4, the area under the deaggregation curve is
5.4% of λc for archetype Bld-z2-sB but 32.6% of λc for archetype Bld-z3-sB (see Table 6).
Therefore, it cannot be concluded that archetype buildings located in a high seismicity
zone are less susceptible to collapse during their lifetime (e.g., 50 years) to more recurrent
ground motions than those in a moderate seismicity zone. As a summary, Figure 17 shows
a bar plot, where the λc and Pc(50) values are plotted for the four archetype buildings.

Figure 17. Bar graph of λc and Pc(50).
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6. Summary and Closing Remarks

This paper assesses the seismic collapse performance of a group of four mid-rise RC
dual wall-frame archetype Chilean office buildings subjected to Chilean subduction ground
motions. To the best of the authors’ knowledge, quantitative characterizations of the seismic
collapse performance are absent from the literature. The archetype buildings (representative
of Chilean mid-rise office buildings) are code-conforming buildings that meet the minimum
requirements imposed by current Chilean seismic design codes, including the amendments
introduced after the Mw 8.8 2010 Chilean earthquake. This group of archetype buildings is
characterized by two site locations (i.e., a high seismic zone and a moderate seismic zone,
which are denoted as seismic zones 3 and 2, respectively), two soil types (B and D, where
the latter is less stiff than the former), and one building height (i.e., 7 stories). The archetype
buildings use the naming convention of Bld-07-zX-sY, where X is the seismic zone (i.e.,
2 or 3) and Y is the soil type (i.e., B or D). The assessment of the collapse performance
was obtained by implementing the latest advances in PBEE proposed by the PEER Center,
following the well-established FEMA P-58 methodology. The seismic collapse assessment
was evaluated through 3D nonlinear finite-element models subjected to IDAs using 44
carefully chosen and scaled Chilean subduction ground-motion records. The collapse
performance of the archetype buildings was characterized by the estimation of (1) the
collapse fragility functions; (2) the probability of collapse at the Maximum Considered
Earthquake (MCE) intensity, P(C|Sa(T1)MCE); (3) the collapse margin ratio, CMR; (4) the
mean annual frequency of collapse, λc; (5) the probability of collapse in 50 years, Pc(50);
and (6) the deaggregation of λc. In summary, the following conclusions can be drawn:

• The lognormal distribution is an adequate representation of the collapse fragility
function of the archetype buildings since each collapse fragility function passed the
Kolmogorov–Smirnov and Lilliefors goodness-of-fit tests, both at a 5% significance
level. Other distribution functions can be tested in further studies.

• The estimated median collapse (θ̂) and logarithmic dispersion (β̂) values were 2.21 g,
3.49 g, 2.10 g, and 5.72 g, and 0.28, 0.40, 0.35, and 0.36, for archetype buildings Bld-07-
z2-sB, Bld-07-z2-sD, Bld-07-z3-sB, and Bld-07-z3-sD, respectively.

• The analysis and comparison of the collapse fragilities based on λSa(T1) (as an alterna-
tive to Sa(T1)) generated meaningful information since adequate direct comparisons
of the conditional collapse probability can be obtained at different hazard levels such
as the SLE, 50%—50 years; DBE, 10%—50 years; and MCE, 2%—50 years. Specifically,
all archetype buildings had a negligible collapse probability at the SLE and DBE levels.
At the MCE level, the archetype buildings Bld-07-z2-sD and Bld-07-z3-sB had non-
negligible collapse probabilities (2.78% and 1.58%, respectively). However, all these
MCE collapse probabilities were smaller than the 10% target defined in ASCE 7-22.
Consequently, current Chilean seismic design standards seem to provide adequate
levels of collapse prevention, which is in agreement with the observed performance of
modern RC buildings in recent earthquakes.

• The calculated values of the CMR (i.e., θ̂ divided by the MCE intensity) ranged from
2.1 to 2.7, with a mean of 2.3. This mean value was higher (i.e., lower collapse risk)
than the values stated in previous studies on RC frame buildings designed using
US seismic codes and subjected to crustal ground motions. No clear influence of the
seismic zone and soil type on the CMR was identified.

• The estimated values of λc and Pc(50) were 2.17 × 10−5, 7.24 × 10−5, 6.31 × 10−5,
and 3.56 × 10−5, and 0.11%, 0.36%, 0.31%, and 0.18% for archetypes Bld-07-z2-sB,
Bld-07-z2-sD, Bld-07-z3-sB, and Bld-07-z3-sD, respectively. The values of Pc(50) largely
fulfilled the maximum 1% target collapse probability in 50 years stated by ASCE 7-22,
indicating, once more, the adequate level of collapse prevention provided by current
Chilean seismic design standards.

• Non-negligible differences were found between the values of Pc(50) for the different
archetype buildings but no clear influence of the seismic zone and soil type on Pc(50)
was observed. Although Chilean seismic design codes are mostly prescriptive and do
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not include explicit PBEE design targets, the collapse risk should nevertheless be more
uniform, suggesting that current Chilean seismic design codes (particularly the design
spectra) might require a revision.

• Lastly, the deaggregation of λc (as a function of λSa(T1), which allows adequate direct
comparisons between the deaggregation functions) showed that the values of θ̂ were
always higher than the Sa(T1) values at 50% of λc. In other words, in terms of the col-
lapse risk, the contribution of the Sa(T1) values at the Sa(T1) < θ̂ range was greater than
that of the Sa(T1) values at the Sa(T1) > θ̂ range. This observation means that, contrary
to intuition, the accurate characterization of collapse fragilities is more important at
the Sa(T1) < θ̂ range than at the Sa(T1) > θ̂ range.

In summary, although current Chilean seismic design codes for buildings appear to
provide a satisfactory collapse prevention level for mid-rise RC dual wall-frame buildings,
the results indicate that the collapse risk is not uniform. This lack of uniformity may
indicate that a more thorough calibration of the current Chilean seismic design code is
necessary. These results should be used with caution, as further research is required to
evaluate the effects of different construction materials, structural systems, plan layouts, or
building heights (i.e., low- and high-rise buildings) on the collapse capacity.
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Abstract: In this study, finite element analysis (FEA) has been conducted for an improved grouted
corrugated duct (GCD) connection design with a reserved recess in bridge footing. This study aims to
understand the damage progression mechanism and to evaluate the contribution of each component
in the improved GCD connection design. Numerical model based on the experimental results are
first created, validated and calibrated. It is found that the confining effect (support and friction force)
provided by recess sidewall keeps the connection in good integrity. It also prevents early deformation
and early development of transverse cracks along the connection interface, which further avoids
the damage concentration at connection joint, transfers the plastic hinge region. Parametric study is
then carried out by considering different recess depths, cushion thicknesses, recess diameters, and
mortar strengths. The effect of recess details on mechanical behavior is thus studied. Recess depth
can be designed as 6–20% of the column section size to ensure a higher upper limit of overall strength
and ductility, and it also influences the stress distribution area of the joint local. The stiffness and
strength of recess control the local damage, while has limited impact on the overall performance. In
addition, preliminary suggestions on the GCD design of recess depth, thickness of mortar cushion,
recess diameter, the strength of mortar are proposed.

Keywords: precast pier; grouted corrugated duct connection; finite element analysis; parametric
analysis; plastic hinge

1. Introduction

With the development of prefabrication technology, grouted corrugated duct (GCD)
connection has attracted wide attention in several practical engineering application, such as
HfL projects in Iowa [1] and Washington [2], as well as S6, S7 and G320 Highways in Shang-
hai [3]. There are mainly three types of GCDs, including plastic duct, galvanized metal duct,
and improved cold formed duct [4]. GCD connection takes advantage of anchoring force of
high strength mortar and transfers the force from inserted rebar to the duct. The anchorage
of GCDs has been studied in various cases: with large-diameter rebar [5], with additional
stainless energy dissipation bars [6], with bundled bars [7], under low temperature [8], or
under cycling loading [9]. Formulas on anchorage length and several anchoring measures
were also proposed, to prevent pull-out failures. Quasistatic tests [3,10–13] and shaking
table tests [14] further confirmed the reliability of GCD connection.

For a precast bridge pier, the GCDs can be placed in cap beam or footing, accommo-
dating the protruding rebars of pier column. Under earthquake input, the GCDs need to
make sure internal force can be effectively transferred along the designed path, and failure
of connection do not occur prior to the appearance of plastic hinge, which is emulative of
cast-in-place (CIP). Experimental studies found the precast pier with GCD connections had
more concentrated plastic hinge region than CIP pier. Pang et al. pointed out a remarkable
difference between the precast and CIP columns from deformation distribution [10]. The
plastic length of GCD was found to be approximately equal to half the column section
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depth and that for CIP was approximately equal to section depth [3,11,13]. In addition,
an improved GCD connection design with shallow recess in the footing was developed
for better integrity [4], and the spalling height was approximately equal to column sec-
tion depth, which coincided with precast pier hinge length with socket connection [12,15]
and CIP hinge length. While this showed that such design improved the overall seismic
performance and durability, it is difficult to probe the mechanism from the experimental
results alone.

Finite element analysis (FEA) can capture certain characteristics of some hard-to-
observe parameters from the test. FEA was carried out for the quasistatic test of conven-
tional reinforced concrete piers and reinforced concrete column with shape steel, respec-
tively [16,17]. Li et al. studied the shear resistance of precast piers with different connection
joint under quasistatic loading by FEA [18]. More studies utilized FEA to understand the
performance of posttensioned segmental piers. Zhong et al. studied the seismic resilience
of precast composite link beam connected to bridge piers (Seismic fragility and resilience
assessment of bridge columns with dual-replaceable composite link beam under near-fault
GMs) [19]. Ou et al. studied the seismic performance of segmental precast unbonded post-
tensioned concrete bridge columns, considering the joint contact, geometric nonlinearity,
and confine effect on concrete by a discrete reinforcement model [20]. Finite element mod-
els were used for comparison and calibration of the proposed simplified analysis model.
Dawood et al. conducted a pushover analysis on segmental unbonded posttensioned pier,
using a confined concrete stress–strain model [21]. It was found that the numerical analysis
could simulate the early damage development and the general behavior, but postyield
strength was not well tracked. Nikbakh et al. modeled the segmental posttensioned pier,
compared with CIP model, and studied the energy absorption effect by shape memory
alloy or mild steel through the segment interface [22,23]. Leitner and Hao numerically
analyzed the performance of fiber-reinforced-polymer wrapped rocking pier [24]. Zhong
et al. simulated the hysteretic behavior, damage states and seismic demands of aging bridge
piers [25]. The strength degradation behavior, energy dissipation capacity and residual
displacement were well simulated by FEA, but the strength and stiffness could not be sim-
ulated simultaneously. Compared to the simplified or fiber models, the three-dimensional
(3D) solid finite element model is able to represent the failure mechanism more accurately
and to simulate the nonlinear shear effects more effectively [26].

The methodology of FEA simulating the experimental results followed by further
parameter sensibility analysis was adopted by some studies, including the previously
mentioned studies [21,23,24]. Moon et al. conducted FEA of the cast-in-steel-shell pile to
reinforced concrete pier connection [27]. A monolithic pushover loading was performed.
Compared with cycling test results, the stiffness and peak strength of model were similar.
The parametric study analyzed five parameters from 40 models, and the weight and
dispersion of the influence of each parameter were compared. Design suggestion was
proposed following the comparison with existing design code.

Many studies have been developed for the rocking pier, while the simulation of
precast piers that are emulative performance of CIP columns with plastic damage under
earthquakes are scarce. To the authors’ knowledge, the analysis on the effect of the recess
design details on overall performance of precast pier with GCD connection has never been
performed. FEA is thus needed to better quantify the improved design via parametric
analysis. Therefore, this paper presents 3D finite element models of the improved GCD
connection design, based on physical experimental data. Section 2 briefly introduced
the experiment. The models are first calibrated and validated based on the results of
experimental investigations in Section 3, to explain the mechanism that improved design
had a better performance found in the experiment. The effects of recess depth and diameter,
mortar cushion thickness, and mortar strength are then parametrically investigated in
Section 4, to provide better references for such new design.
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2. Experimental Investigation

In this section, the experimental investigation (Wang et al., 2020 [4]) is briefly intro-
duced. The test consists of two 1/2.8-scale bridge columns: one with the improved GCD
connection design (#1) and its CIP reference #0. The two column specimens are with the
same segment design in terms of dimension and reinforcement arrangement, as shown in
Figure 1. The pier segment is 500 mm in diameter and 2700 mm in height. The total height
from the applied lateral loading is 2900 above the column-to-footing interface, yielding the
aspect ratio of 5.8. The longitudinal reinforcements are 12 mm-diameter hot-rolled ribbed
bars with nominal yield strength of 400 MPa (HRB400), and the hoops are 8 mm-diameter
hot-rolled plain bars with nominal yield strength of 300 MPa (HPB300). Compressive
strength of concrete is averaged to be 42.2 MPa, and that of high-strength mortar is 66 MPa.
Joint detail is also given in Figure 1, and there is a 50 mm deep recess added to the con-
nection, along with the new GCD connecters. The new GCD connector design is given in
Figure 2, which improves the material strength and the effectiveness of grouting.

(a) (b)

Figure 1. Test (a) specimen design (unit: mm); (b) setup.

In terms of test setup, the footing of specimens is fixed to the strong floor. Vertical load
of 370 kN was applied with a 50-ton hydraulic jack to simulate superstructure mass. Lateral
load was applied with the MTS 793 actuator. The specimens were test by a predefined
load protocol under displacement control. The displacement level is designed as 2 mm,
5 mm, 10 mm, 15 mm, 20 mm, 25 mm, 30 mm, 40 mm and then 60 mm, 80 mm, etc. with
the increment of 20 mm until the specimen felled. Each displacement level consisted of two
cycles of current loading displacement and a cycle of previous displacement.

Based on the comparison of drift ratios, ductility values and residual displacements of
the two column specimens, it is found that the deformation mechanism, energy dissipation
potential and self-centering capability are similar between the precast and CIP specimens.
This concludes that the new connection design forms an effective confinement to the column
segment, and the precast column with such design is as good as, if not better than, the
CIP reference.

120



Buildings 2023, 13, 227

1: Inlet

2: Outlet

3: Cap

4: Bottom Plate

Figure 2. The new GCD connection design.

3. Numerical Simulation

3.1. Finite Element Model

3D solid finite element models are created using ANSYS to ensure the effectiveness of
simulating the (1) crushing and cracking behavior of concrete and (2) mechanical behavior
of the recess. The models are based on the experimental results conducted by Wang et al. [4].
Here, monotonic pushover loading is applied to the finite element model instead of cyclic
loading, due to the reason that solid finite element models can hardly converge under
cyclic loading in this case (especially with crushing and cracking simulation), and therefore
monotonic pushover is currently the only choice to conduct the following parametric study
to balance computational feasibility and analytical accuracy. The major focus of seismic
behavior in practical engineering is the pushover curve, which would not lose necessary
information if satisfactorily simulated for design references.

To be specific, Solid65 element is used for the concrete and mortar of pier column and
upper layer (close to the recess) of footing, for crushing and cracking simulation. Solid45
element is used for cap beam and lower layer of footing. Link180 element, which can
transmit uniaxial tension and compression, is used for the stimulation of longitudinal rebars.
Conta173 and Target170 elements can be used to define pair-based contact, presenting the
state of contact or sliding between surfaces. The interface of column and footing is thus
stimulated by Conta173 and Target170.

The material property of concrete is defined according to Mander’s concrete stress–
strain model (Mander et al., 1988) as shown in Figure 3a, with key parameters obtained
from sample tests. In addition, multilinear kinematic hardening (KINH) material model
with the associated von Mises yield criterion is adopted, and Willam and Warnke’s criterion
for failure is used to account for cracking and crushing. Mander’s model is also utilized
for high-strength mortar simulation, due to similar stress–strain relation. Sliding and
opening at the joint interface have been observed from the tests, and therefore detailed
approach needs to be taken for simulating the joint behavior. Pair-based contact is used to
simulate the axial and friction forces at the interface, where Conta173 is for the concrete
column surface and Targe170 belongs to the upper surface of mortar. The Mohr–Coulomb
model is used for regulating the contact behavior, and coefficient of the isotropic friction
(MU) is 0.6. Maximum friction stress (TUMAX) is equal to the concrete shear strength of
σy/

√
3 = 24 MPa, and the cohesion (COHE) is set to 0 as default.
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(a) (b)

Figure 3. Stress–strain relation used in the FE model: (a) concrete and mortar; (b) rebar.

The obtained axial yield and ultimate strength of longitudinal bars are 550.5 MPa and
684.4 MPa, respectively. Longitudinal rebars are subjected to cycling loading during the
test, with plastic development (Bauschinger effect) and buckling. However, only monotonic
loading is applied to the finite element model due to the consideration of computational
efficiency and convergence. Rebars need to be simulated with possible causes of specimen
softening. Low cycle fatigue leads to plastic accumulation of the local and plastic capacity
reduction of rebar, which is represented by shorter plastic plateau and earlier descending
strength. Buckling of the reinforcement and the softening of the concrete under cyclic
loading further complicate the degradation of the specimen capacity. The relation is
modified based on ideal elastoplastic model, as shown in Figure 3b. It is determined by
iterative adjustment under two conditions: (1) the numerical force–displacement monotonic
loading curve agrees with backbone curve of the test result, especially the same slope of
descending region; (2) at the ultimate displacement of 160 mm, the stress of the outmost
tensional longitudinal rebar reduces to zero (fracture). Such definition of the constitutive
model agrees with the low-cycle fatigue of longitudinal rebars reflected in the test.

There are two specimens tested in the experiment, and they are CIP reference #0 and
precast specimen #1 with the same design. The precast specimen #1 is with the improved
GCD connection between precast column and footing. There exists a 20 mm thick mortar
as bonding material. The finite element model created based on specimen #1 is shown in
Figure 4. Mesh size in the model is 50 mm, while the thickness of the grouted duct is 2 mm.

3.2. Validation with Test Results

Numerical model (precast model with recess, PMR) of precast specimen #1 is estab-
lished following the details given in Section 2, and force–displacement curves are compared
in Figure 5. Prior to yielding, the numerical model is with slightly lower stiffness, and
maximum difference of strength is 8.69% at 20 mm. The specimen reaches the peak load of
77.4 kN, while the numerical model is 78.5 kN, which is off by 1.4%. At 65 mm, a minor
hardening appears in the model curve, which is contributed by that the concrete material
cannot perfectly express the triaxial behavior.
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(c)

(a) (b) (d)

Figure 4. Numerical model of test specimen #1: (a) overall view; (b) longitudinal rebars; (c) recess
and the mesh of profile; (d) contact and the mortar element.

Figure 5. Force–displacement curve of PMR and the backbone curve in the test.

The contour plots of principal compressive stress and concrete cracking and crushing
are shown in Figure 6. The compressive region is mainly concentrated at longitudinal
reinforcement and the recess from far side of applied load. The cracks are developed along
the height of 1.8 m above the footing. This is similar to the visible cracks in test specimen
#1 (1.6 m), as given in Figure 6c. The crushing region covers the height of 60 cm above
footing, which is higher than the test result (40 cm). As shown in Figure 7, a series of
outermost rebar stress diagrams indicates that the maximum strain of longitudinal rebar
is at 175 mm above the footing. It is consistent with the test results that the most severe
spalling is 160 mm above the footing (Figure 6c).

123



Buildings 2023, 13, 227

(a) (b) (c)

Figure 6. PMR’s simulation diagram, at the final stage: (a) PMR’s principal compressive stress
(unit: MPa); (b) PMR’s crack and crushing; (c) Post-test damage of #1 for comparison (cracks are
intentionally marked).

(a) (b) (c) (d)

Figure 7. PMR’s outmost rebar stress diagrams at the displacement of (unit: MPa): (a) 20 mm; (b) 40 mm;
(c) 90 mm; (d) 120 mm.

3.3. Plastic Hinge Development

Typical precast model (TPM) without the recess design and cast-in-place model (CIPM)
are also created with the same necessary elements and material as PMR, and corresponding
force–displacement relations are given in Figure 8. The peak load of TPM is 70.8 kN,
while those of PMR and CIPM are 78.5 kN and 80.5 kN. Postyielding capacity of TPM
decreases earlier and faster than PMR, and rebar of TPM also fractures at early stage
(120 mm). The yielding load values of CIPM and specimen #0 (around 50 mm) are differed
by 11.4% (79.71 kN and 71.58 kN), which is larger than 8.5% of difference in concrete
strength (43.9 MPa and 40.5 MPa). A more rapid decrease of force in specimen #0 is found
around 100 mm.
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Figure 8. Force–displacement curves of TPM, CIPM and PMR.

Stress distribution of longitudinal rebar in three models are shown in Figure 9. Stress
distribution in TPM is more concentrated at the column-to-footing interface, which leads to
more rapid increase of strain, resulting in earlier failure than others. The maximum strain
of rebar in PMR is located 175 mm above the footing, which is the same as CIPM.

(a) (b) (c)

Figure 9. Rebar stress diagrams at each final state of (unit: MPa): (a) TPM (120 mm); (b) PMR (160 mm);
(c) CIPM (160 mm).

As given in Figure 10, crushing regions of PMR and CIPM form a rectangular shape
with wider distribution area, while the that of TPM is concentrated at pier bottom with
triangular regions, indicating that joint of TPM is more susceptible to failure. As illustrated
in Figure 11, the inclined cracks start to be formed at the neutral axis, then extended to both
sides. Inclined cracks and transverse cracks together define the plastic hinge region, while
vertical cracks lead to spalling. A right triangle shaped plastic hinge is formed for TPM,
while the bottommost transverse cracks of PMR and CIPM extend more slowly, and still
hold shear transferring capacity. The inclined cracks of PMR and CIPM are more likely to
start from the end of horizontal cracks at a certain height above the column bottom instead
of bottommost, which ensures more uniform development of transverse cracks along the
pier column and plastic deformation to appear at the later stage.
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(a) (b) (c)

Figure 10. Crushing diagram of the cover concrete (a) PMR; (b) CIPM; (c) TPM.

(a) (b)

Figure 11. Schematic diagram about force transferring and hinge formation in the pier (a) with initial
horizontal defect; (b) without initial horizontal defect.

3.4. Local Deformation Development at Recess Joint

For the convenience of discussion, several terms are defined in Figure 12. Lifting
displacement is the relative vertical displacement between the outermost node on the
surface of the column tension side. Gap distance means the maximum gap distance of the
contact elements at the bottom of the recess.

Figure 12. Illustration about joint deformation discussion (Section 3.3) and key parameter of recess.
(Section 4).
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Contact statuses of PMR at 50 mm and 160 mm are shown in Figure 13. Confinement
effect provided by the recess keeps some elements in contact even at the displacement level
of 160 mm. For the rim surface, some elements that are already in NearContact at 50 mm
state return to Sticking state at 160 mm, where the upper movement of column segment
makes column tip stuck to the rim surface at the near side of loading.

(a) (b)

Figure 13. PMR’s contact status diagrams at the displacement of (a) 50 mm and (b) 160 mm.

Figure 14a shows the lifting displacement and gap distance about lateral displacement
of PMR. The lifting displacement decreases with lateral resistant force at 100 mm, while
gap distance keeps increasing from 0.367 mm below lifting displacement to 0.041 mm
above. This indicates that the joint gap distance is mainly related to the elongation of the
longitudinal rebar after crack initiation. Figure 14b shows PMR’s gap distance distribution
at the displacement of 160 mm, and the maximum value is 1.84 mm, where friction from
the recess rim restricts the local deformation. TPM’s maximum gap distance of 15.6 mm is
much larger than PMR, as shown in Figure 15a. Different from PMR, and the joint opening
of TPM varies almost linearly along the loading direction, due to the lack of constraints
(Figure 15b).

(a) (b)

Figure 14. PMR’s (a) joint deformation curves; (b) gap distance at the displacement of 160 mm. (unit: mm).
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(a) (b)

Figure 15. TPM’s (a) joint deformation curves; (b) gap distance of at the displacement of 120 mm.
(unit: mm).

In general, the deformation development of pier with recess can be divided into two
stages (Figure 16). At the first stage, initial deformation is developed by small opening of
joint and the shear deformation of recess rim, where column remains elastic. After column
cracking (the second stage), tension force is transferred from concrete and mortar in the
recess to longitudinal reinforcement. Shear force and corresponding deformation on recess
rim start to decrease, while strain of longitudinal reinforcement and gap distance continue
to increase until rebars yield.

(a) (b)

Figure 16. Schematic diagram about deformation in the precast pier with recess: (a) Initial state;
(b) Severely cracked.

4. Parametric Analysis

To fully understand the recess design, numerical models with different recess depths,
diameters, cushion thicknesses, and mortar strengths are investigated for parametric analy-
sis (illustrated in Figure 12). All the unstated dimensions and materials of the following
models remain the same as PMR.

4.1. Effect of Recess Depth (RDe)

Six precast models with RDe values s of 30, 70, 100, 120, 150 and 200 mm are created and
compared, along with PMR (RDe = 50 mm) and TPM (RDe = 0 mm). Force–displacement
curves are compared in Figure 17along with the models of TPM and PMR. Most perfor-
mance indices (e.g., initial stiffness, stiffness after cracking, yielding stiffness and yielding
load) are within 10% in difference beyond RDe of 50 mm, representing enough confinement.
The other two models (RDe = 0, 30 mm) are with lower peak load and shorter yield plateau,
along with sudden drop of resisting force caused by excessive local stress.
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Figure 17. Force–displacement relation with different recess depths.

Ultimate displacements (the displacement when loading capacity decreases to 85% of
its maximum value) of all models are listed in Table 1. Ultimate displacement of models
with RDe values over 50 mm is approximately twice of models with 0 mm and 30 mm
depth. Generally, the ultimate displacements of the models increase with recess depth,
gradually approaching CIPM’s value. Table 1 also gives the comparison of resisting forces.
The lateral strength of pier keeps rising with the recess depth until 50 mm. Compared with
CIPM, strengths of the models with RDe values over 50 mm are only off by 5%.

Table 1. Ultimate displacements and forces of the models with different recess depths.

Recess
Depth/mm

Ultimate Dis-
placement/mm

Difference Maximum Lateral
Loading/kN

Difference

CIPM PMR CIPM PMR

0 (TPM) 71.79 −55.13% −51.05% 70.86 −12.04% −9.77%
30 68.39 −57.26% −53.37% 76.62 −4.89% −2.43%

50 (PMR) 146.66 −8.34% \ 78.53 −2.52% \
70 144.91 −9.43% −1.19% 78.43 −2.64% −0.13%

100 160 * 0.00% * +9.10% * 77.93 −3.26% −0.76%
120 136.11 −14.93% −7.19% 77.18 −4.20% −1.72%
150 141.16 −11.78% −3.75% 77.93 −3.26% −0.76%
200 152.39 −4.76% +3.91% 76.68 −4.82% −2.36%

CIPM 160 * \ +9.10%* 80.56 \ +2.58%

* the strength of model has not decreased to 85% of ultimate strength yet at the displacement of 160 mm.

The lifting displacement of pier at 160 mm becomes smaller when recess depth gets
larger, as shown in Figure 18. Recess depth has greater influence on the lifting displacement
within 70 mm, where more significant drop is found. RDe of 100 mm divide the models
into two categories of joint deformations (RDe < 70 mm and RDe≥ 100 mm) (Figure 19).
For RDe < 70, lifting displacement is with more gradual initial increase and subsequent
decrease, and gap distance has greater impact on the lifting displacement. For RDe ≥ 100,
sharp linear increase of lifting displacement is found, with more significant postpeak
drop, indicating the presence of plastic hinge. No decrease of gap distance is observed in
this category, and therefore the decrease of lifting displacement is more closely related to
sidewall shear deformation in deeper recess.
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Figure 18. Lifting displacement with different recess depths.

(a) (b)

Figure 19. Joint deformation with different recess depths: (a) RDe ≤ 70 mm; (b) RDe ≥ 100 mm.

The mortar stress can tell the local failure of pier column or footing. The relation of
maximum principal compressive stress of mortar to loading displacement of each model is
shown in Figure 20. The mortar stresses of all models are less than their ultimate strengths,
and the stress level of models with over 50 mm recess depth is approximately 30% lower
than that of TPM. The curves of models with RDe = 50, 100, 150, 200 mm are selected to
analyze the influence of different recess depth to initial stress, as shown in Figure 21. The
mortar stresses of deeper recess (RDe = 150, 200 mm) increase faster. When the mortar
stresses of these two curves increase to 35 MPa, the concrete is damaged, resulting in
decrease of mortar stress. In the models with shallow recess (RDe = 50, 100 mm), the mortar
stresses increase more slowly with less fluctuation.

Figure 22 shows the stress distribution of the recess with various depths. In general,
the stress variations of cushion mortar and sidewall mortar with the increase of recess
depth are opposite, where maximum stress is at mortar cushion in shallow recess or at
sidewall in deep recess. As the depth of the recess increases, the area with high stress
transfers to sidewall mortar from cushion mortar. For RDe = 50 mm (PMR), the stress of
mortar stays relatively small. For RDe = 70 mm, the stress of mortar cushion increases
much faster, and the cushion is damaged first, following the decrease of mortar stress and
supporting force. For RDe = 100 mm, the effect of cushion becomes less significant as
deeper recess, so the constraint provided by sidewall is not as good as shallower recess. For
RDe = 150 and 200 mm, the high stress regions are mainly at the sidewall, and the overall
performances become a common socket connection.
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Figure 20. Mortar maximum stress with different recess depths.

Figure 21. Mortar maximum stress with different recess depths before the displacement of 70 mm.

From the above analysis, the performance of recess is contributed by two parts: the
cushion and the sidewall. When the recess is shallow, the cushion and the rebars provide
the major supporting and anchoring forces to column. In deep recess cases, the column
is constrained by the sidewall, and therefore the cushion is unable to fully perform its
function. When the recess depth is larger than 50 mm, the overall performance of model
experiences substantial improvement, and such performance becomes stable afterward.

4.2. Effect of Cushion Thickness (CT)

To investigate the effect of mortar CT on pier performance, thickness is set to 20 mm
and 50 mm. Figure 23 shows two groups of force–displacement curves with different RDe
levels (RDe ≤ 100 mm and RDe > 100 mm). The models with the same effective RDe (RDe
minus CT) exhibit similar overall performance, while shallow recess is more sensitive to
cushion thickness.
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(i) RDe = 50 (ii) RDe = 70 (iii) RDe = 100 (iv) RDe = 120 (v) RDe = 150 (vi) RDe = 200
(a)

(i) RDe = 50 (ii) RDe = 70 (iii) RDe = 100 (iv) RDe = 120 (v) RDe = 150 (vi) RDe = 200
(b)

Figure 22. Mortar compressional stress with different recess depths (unit: MPa): (a) at the lateral
displacement of 50 mm; (b) at the lateral displacement of 160 mm.

(a) (b)

Figure 23. Force–displacement relation of different cushion thicknesses: (a) shallow recess; (b) deep recess.

Figure 24 shows the joint deformation development with various CTs but the same
effective RDe. Thicker mortar cushion yields less strain penetration of rebar. Rebar defor-
mation is concentrated above the cushion, resulting in larger gap distance. For shallower
recess, the maximum differences between the two models for lifting displacement and gap
distance are 0.058 mm and 0.049 mm at the displacement of 33 mm. For the deeper recess,
maximum difference of gap distance is increased to 0.072 mm at 33 mm, while that of lifting
displacement reaches 0.074 mm at the displacement of 53 mm. This indicates that cushion
deformation in deeper recess is more difficult to occur.

Development of maximum mortar stress is given in Figure 25. For shallower recess,
maximum mortar stress is decreased from 42.89 MPa to 32.57 MPa by 24%, when the
thickness of cushion is increased by 30 mm. Larger CT provides more uniform distribution
of stress. In addition, the two models with deeper recess become stable with limited differ-
ences in stress, as mortar cushion in deep recess is of little contribution to the distribution
of mortar stress.
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(a) (b)

Figure 24. Joint deformation curves of different cushion thicknesses: (a) shallow recess (effective
RDe = 50 mm); (b) deep recess (effective RDe = 100 mm).

(a) (b)

Figure 25. Maximum mortar stress of different cushion thicknesses: (a) shallow recess; (b) deep recess.

The cushion acts as the medium that transfers the stress from column to footing.
Though thicker cushion may slightly cause larger joint deformation and lower ductility,
it is more beneficial for thicker cushion in the shallow recess in terms of local stress, to
improve the robustness of joint. Considering size effect, effective RDe is more suitable than
absolute depth for the design of the improved GCD connection in actual full-scale bridge.
Based on the simulation results in this section, the ratio of effective RDe to the maximum
column size is recommended to be within 0.06 and 0.2.

4.3. Effect of Recess Diameter (RDi)

Larger RDi brings better convenience tolerance in segment assembly, but structural
integrity of precast column can be affected if it is too large. RDi in PMR is 540 mm, including
a 20 mm wide gap between column and footing. Models with 600 mm RDi (gap of 50 mm)
are also created for comparison. The models analyzed in this section are also divided into
two groups based on recess depth (Figure 26). For depth of 50 mm, larger RDi improves
the strength and ductility, where the maximum resisting force is increased from 78.53 kN to
83.20 kN. For depth of 100 mm, RDi has limited impact on the structural performance.
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(a) (b)

Figure 26. Force–displacement relation of different recess diameters: (a) shallow recess (RDe = 50 mm,
CT = 20 mm); (b) deep recess (RDe = 100 mm, CT = 20 mm).

Larger recess diameter means longer horizontal distance between nodes and higher
relative displacement under the same shear angle, and joint deformation with different RDi
values are shown in Figure 27. Joint deformation of the models with shallower recess is
more sensitive to RDi variation. For deeper recess, gap distance changes little with RDi
increase, while lifting displacement of the model with larger RDi is higher than that with
smaller RDi due to geometry change.

(a) (b)

Figure 27. Joint deformation with different recess diameters: (a) shallow recess (RDe = 50 mm,
CT = 20 mm); (b) deep recess (RDe = 100 mm, CT = 20 mm).

Variations of maximum mortar stress are shown in Figure 28. Little change is found
with diameter increase for shallow recess, and concrete of the footing exceeds its ultimate
strength at peak stress of mortar. However, stress level is reduced for deep recess by 11% for
the two different RDi values in the case of deep recess, and no local compressive damage
at footing concrete is found. As the strength of mortar is higher than concrete, stress is
more uniformly transferred from thicker mortar, preventing concrete from local failure. The
maximum stress values at displacement level of 160 mm are close (33.60 MPa and 33.44 MPa,
respectively) in the case of shallow recess. Larger RDi moves compressive stress of the rim
closer to the near side, giving better column support and pry-out restriction. Therefore,
stiffer and higher strength boundary around the column bottom is recommended.
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(a) (b)

Figure 28. Maximum mortar stress curves with different recess diameters: (a) shallow recess
(RDe = 50 mm, CT = 20 mm); (b) deep recess (RDe = 100 mm, CT = 20 mm).

4.4. Effect of Mortar Strength (MS)

Two models with different MSs are established and compared with PMR. PMR’s
mortar compressive strength is 68.71 MPa (M60). The mortar strengths of the other two
models are obtained by scaling to 45.8 MPa (M40) and 91.6 MPa (M80). As shown in
Figure 29, higher strength and ductility are only observed in the model with M80, while
the other two models are with close variation. Figure 30 shows maximum stress variation
of different mortar grades. The maximum stress values are 32.83 MPa for M40, 34.90 MPa
for M60, and 38.06 MPa for M80. The larger the mortar strength, the higher stress of mortar
is, while corresponding ultimate strengths are not reached in all cases. In addition, the
maximum stress values are also close to each other in the three models (32.9 MP, 33.60 MPa
and 34.40 MPa, respectively). Figure 31 also shows that MS has limited influence on
the joint deformation, gap distance, and lifting displacement. In general, the stiffness
of mortar alters the stress distribution in shallow recess, and higher stiffness improves
structural integrity.

Figure 29. Force–displacement relation with different mortar grades.
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Figure 30. Maximum mortar stress with different mortar grades.

(a) (b)

Figure 31. Joint deformation curves with different mortar grades: (a) Lifting displacement;
(b) Gap distance.

5. Discussion

It is highly time-consuming and difficult to converge to simulate FE model with the
state of high nonlinearity. In the existing articles [21,23,24], 3D solid FE analysis mainly
simulates the rising region of force–displacement backbone. In this study, monotonic load-
ing is selected, same as [18,27], to balance computational efficiency and convergence, and it
may be a better option to modify the damage state by user defined material. However, the
material simulation in this study is only a rough adjustment, the constitutive relationship
of reinforcement needs to be further studied along with concrete material.

The FE model of test specimens with circular cross-section is mainly discussed in this
study. It is worth noting that the findings can be extended to the situation with square
cross-section, full scaled pier or the pier with pile foundation.

In the parametric analysis, the influence of the recess sidewall stiffness (mortar strength
and sidewall thickness) on the column confinement is qualitative, and the relationship
between recess stiffness and the size or material properties of column, cushion and footing
is not given, so further research is needed.

6. Conclusions

Calibrated and validated by test results, finite element models are established to com-
pare the performance differences among precast pier with recess design, typical precast pier
and cast-in-place pier, thus clarifying the mechanism of this improved design’s efficiency.
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The parameter sensibility of recess to the pier performance is analyzed, so that the contri-
bution and design method are discussed. Based on the study, the following conclusions
can be drawn:

• The precast pier with recess (grouted ducts in the footing) can reach an equivalent
seismic performance to cast-in-place pier, due to the constraint of joint deformation by
the extra support and friction force from the rim. The shear resistance of connection
joint does not decrease rapidly with loading, reducing the inclined cracks at column
bottom. This ensures a well-distributed transverse and inclined cracks development
at the plastic hinge region.

• Recess depth has the most significant influence on the performance of the pier. Above
a certain depth (50 mm) of recess, enough confinement is formed, and the strength
and ductility of pier can reach a value close to the cast-in-place pier. With the increase
of recess depth, the lifting displacement of pier bottom gradually decreases, the
components of lifting displacement redistribute, joint gap distance decreases, and
sidewall shear deformation becomes more significant.

• The cushion for shallow recess and the rim for deep recess are the major part that stress
is concentrated on, and the corresponding mortar should be appropriately thickened to
distribute the stress. Too shallow (less than 30 mm) or too deep (greater than 100 mm)
recess may produce local failure of footing. Appropriate recess depth (between 50 and
100 mm) and adequate stiffness of recess will ensure full support and confinement to
the column.

• According to the study, the precast pier with recess can be designed for general case
by existing code, ensuring no pullout failure of grouted duct. The detailed design for
prevention of pry-up failure is achieved by the following rules:

(1) Recess depth is suggested to be taken 6–20% of the column diameter for
circular section.

(2) Mortar is suggested to select 20 MPa higher than adjacent concrete.
(3) Local enhancement of footing reinforcement is needed.
(4) The recess also retains the potential to avoid the effect of cold joints of cast-in-

place piers.

• The improved GCD connection design is worth studying in the condition with different
section shapes or foundation constraints, and further design codes are needed for
quantification with mathematical formulation.
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Abstract: Recent earthquake events have highlighted the importance of critical infrastructure (CI)
resilience, as a strong correlation was found between economic loss and severity of CI damage.
CIs are characterized by a complex structure composed of sub-components that are essential for
the continuous performance of the system. CI owners and governments allocate ample resources
to retrofitting and upgrading CI systems and components to increase the resilience of CIs and
reduce risk in case of seismic events. Governments and decision makers must manage and optimize
the retrofitting efforts to meet budget and time constraints. This research presents a probabilistic
methodology for CI seismic risk mitigation and management. The risk expectancy is appraised
according to an FTA-based stochastic simulation. The simulation includes the development of
exclusive fragility curves for the CI and an examination of the expected damage distribution as a
function of earthquake intensity and fragility uncertainty of the components. Furthermore, this
research proposes a novel RMIR (risk mitigation to investment ratio) indicator for the priority
setting of seismic mitigation alternatives. The RMIR is a quantitative indicator that evaluates each
alternative’s cost-effectiveness in terms of risk expectancy mitigation. Following the alternative’s
RMIR value, it is possible to prioritize the alternatives meeting budget and time constraints. This
paper presents the implementation of the proposed methodology through a case study of a generic
oil pumping station. The case study includes twelve mitigation alternatives examined and evaluated
according to the RMIR indicator.

Keywords: critical infrastructures; earthquake; risk mitigation; risk management

1. Introduction

Damage or disruption to critical infrastructures (CIs) can have a significant adverse
effect on the economy, safety, and well-being of the public and private sector [1]. Recent
earthquake events have highlighted the importance of critical infrastructure resilience, as a
strong correlation was found between economic loss and the severity of CI damage [2,3].
Furthermore, along with the development of CIs, gradual increasing of essential services has
depended on the continuous performance of multiple critical infrastructures such as energy,
power supply, water supply, communications, etc. Typical CIs are nuclear power plants,
desalination plants, bridges, security, and governance facilities characterized by complex
systems architecture with a need to combine robustness, resilience, and redundancy in the
design for continuous performance [4–11].

CI systems are characterized by a complex structure that is composed of various essen-
tial components (e.g., building, pumps, electro-mechanical equipment, and power supply
in an oil pumping station) and subcomponents (e.g., building and pump foundations).
The full functionality of the system requires a continuous performance of all components.
Subsequently, the CI resilience is derived from the resilience, robustness, and redundancy
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of its core components and subcomponents. Studies show that there is a consistent interde-
pendency across sectors of CI systems, as most of the CIs are connected and dependent
on each other, and damage to one critical infrastructure will, most likely, lead to other CI
failures [12–14]. Consequently, a failure of a single CI component can lead to a series of
propagating disruptions of other CIs and affects a wide range of consumers from different
sectors. The CI systems’ interdependent structure increases vulnerability for cascading and
rippling effects that increase the impact and the magnitude of each damage or disruption
by initiating multi-hazard events [15]. The growing dependency on CIs, interdependencies
between different infrastructures, and the growing number of infrastructures significantly
increase CI seismic risk. Therefore, there is a vital need to protect and ensure the continuous
performance and resilience of CI systems and assets after extreme seismic events.

In general, risk is defined as a measure of the probability and severity of adverse
effects [16,17]. In the case of seismic risk, it should reflect the value of the potential conse-
quences resulting from possible earthquakes throughout a defined duration of time [18].
Since the risk is calculated for CI in a specific location, the occurrence probability of possible
earthquakes should be represented as the exceedance probability for a certain severity of
IM in the location of interest. The deterministic approach focuses on a single earthquake, a
small number of earthquakes, or a specific ground motion value [19–21]. This approach is
useful for worst-case scenario analysis and for particular seismic scenarios. Several studies
for seismic risk assessment were carried out based on deterministic approach [22–24]. How-
ever, the deterministic approach does not consider the uncertainties of the time, location,
and magnitude of possible earthquakes. Moreover, targeting the retrofit efforts based on
deterministic risk assessment may mislead the decision makers due to potential ignoring
of possible events and subsequently avoiding the optimal alternative. Probabilistic Seismic
Hazard Analysis (PSHA) is aimed at considering all possible earthquake scenarios and
ground-motion levels that can occur in the system’s location. The PSHA process produces
a hazard curve that presents the annual rate of exceedance for any value for IM [25,26].
The probabilistic approach has been widely used to assess risk and develop seismic hazard
maps [27–31].

Consequences are the outcome and the effects of an earthquake event. An exami-
nation of previous earthquakes reveals inconsistency in the severity of post-earthquake
consequences [1]. For a specific earthquake event, there is a wide range of damage levels
observed in similar types of structures and infrastructures in the same place. Many pa-
rameters can influence actual consequences, such as integrated maintenance and seismic
retrofit frameworks [32–34], quality of materials reducing partial seismic capacity due to
poor materials, quality of construction, degree of supervision during construction, and
more. In [35], the authors presented the influence of different levels of corrosion on the
seismic performance of concrete bridges.

Fragility curves are traditional damage functions to evaluate the expected damage
distribution of CIs due to earthquake events [36–46]. A variety of generic fragility curves
for CI systems and components are presented [47–50]. However, generic fragility curves
do not necessarily reflect the actual system layout and components. In [51], the authors
presented a comprehensive methodology for developing exclusive fragility curves for CIs
by decomposing the system into subcomponents and a fault tree analysis to determine the
system’s failure mechanisms. Moreover, the condition of CI components will affect the
seismic performance of the CI.

CI private sector owners and the public sector (governments) allocate ample resources
in retrofitting and upgrading CI systems and components to improve the resilience of CIs
and reduce risk in case of seismic events. However, governments and decision makers have
to consider several possible mitigation strategies and choose the best solution to reduce
risk under budget constraints, i.e., the optimal mitigation strategy/alternative. Several
fundamental questions must be addressed in this process: how many earthquakes and what
intensities should be considered for risk assessment, what are the exceedance probabilities
of a certain intensity in a specific location, what are the expected consequences for a given
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earthquake, how to assess the effectiveness of a mitigation alternative, and more. However,
no comprehensive and universal framework offers a systematic decision support tool for
CI seismic risk assessment and risk mitigation.

There is a lack of risk-based key performance indicators in the literature. Several
studies have offered approaches to measure risk management performance and risk man-
agement indices [52]. The model proposed by [53] evaluates and quantifies the performance
indicators by the opinion of local experts. Hence, the values are based on expert opinions
and are not fully objective parameters. In [54], prioritizing risk reduction is proposed
according to the disaster risk management index (DRMi), physical risk factors, and aggra-
vating coefficient. However, in their study, the DRMi was also evaluated by a survey of
experts and not by fully objective values and parameters. Furthermore, Ref. [55] proposes
a scenario-based model to evaluate the effectiveness of earthquake emergency manage-
ment by simulations of possible earthquake disaster scenarios. However, this model is
scenario-based, that is, it does not cover all possible seismic threats and therefore may
present a limited risk assessment that depends on the selected scenario. In [56], the authors
developed a technological platform for resource allocation under budget limitations in
order to achieve the optimal seismic risk mitigation.

This paper presents a comprehensive and efficient framework for CI seismic risk
assessment and management. The proposed framework intends to address three key issues:
(1) seismic risk assessment; (2) quantification of mitigation alternative effectiveness; and
(3) prioritization of alternative mitigation strategies.

2. Methodology

A four-step methodology is proposed: (1) determination of the seismic scenarios;
(2) calculation of CI system vulnerability; (3) quantitative assessment of risk; (4) implemen-
tation of risk-mitigation alternatives and prioritization of risk-mitigation alternatives.

2.1. Determination of the Seismic Scenarios

The first step of the risk appraisal process is the definition of the threat scenarios that
critical infrastructure (CI) components are exposed to. In our case, this is an occurrence
of an earthquake event and its subsequent effects on the CI. An earthquake can occur
at various locations and with different intensities. However, the on-site ground motion
will determine the impact on a specific CI system after the earthquake. In this research,
the seismic scenarios are defined by a hazard curve. The seismic hazard curve is derived
using a PSHA [57], and it determines the annual probability of exceeding a peak ground
motion in a specific location. Theoretically, the hazard curve represents possible seismic
scenarios and their occurrence probabilities. The hazard curve can be derived based on
the probabilities of exceedance of 10%, 5%, and 2% in 50 years or by producing a complete
PSHA process.

2.2. Definition of System Seismic Vulnerability

The seismic vulnerability of the system is represented by an exclusive fragility curve.
The fragility curves express the probability of reaching or exceeding different damage states
for a given level of ground intensity motion (e.g., PGA, PGV, and PGD). The exclusive
fragility curve allows for a customized, in-depth risk analysis and later examination of the
effectiveness of various retrofit alternatives. The exclusive curves are derived following the
methodology presented in [51].

The fragility curves for CI systems are formed as a lognormal cumulative distribution
function (CDF) that expresses the probability of reaching or exceeding a certain damage
state (DS) for a given level of ground motion intensity (e.g., PGA, PGV, and PGD). This
fragility function is defined by the median capacity to resist the damage state i (θi) and the
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standard deviation of the capacity (βi), as formulated in Equation (1). Then, Equation (2)
calculates the probability of exceeding a specific damage state:

P[DS ≥ ds|IM = x] = Φ
(

ln(x/θds)

βds

)
; ds ∈ {1, 2, . . . NDS} (1)

P(DS = dsi|IM) =

⎧⎨
⎩

1 − P(DS ≥ dsi|IM)
P(DS ≥ dsi|IM)− P(DS ≥ dsi+1|IM)

P(DS ≥ dsi|IM)

i = 0
1 ≤ i ≤ NDS − 1

i = NDS

(2)

where P stands for a conditional probability of being at or exceeding a damage state (DS)
for a given seismic intensity, and x is defined by the earthquake intensity measure (IM).
Furthermore:

DS—Damage state of a particular component {0, 1,... NDS}.
dsi—A particular value of DS.
NDS—Number of possible damage states.
IM—Uncertain excitation, the ground motion intensity measure (i.e., PGA, PGD, or PGV).
x—A particular value of IM.
Φ—Standard cumulative normal distribution function.
θds—The median capacity of the component to resist damage state DS measured in terms

of IM.
βds—The logarithmic standard deviation of the uncertain capacity of the component to resist

damage state DS.

2.3. Quantitative Assessment of Risk

The product of this step is a seismic risk curve that expresses the expected annual risk
for any given value of IM. Since risk represents the potential impact and loss and is defined
as the product of the occurrence probability and the expected consequences, this curve is
constructed by multiplying the annual rate of the exceedance curve by the direct damage
curve by matching between the IM values in both curves and correlating the expected
consequence and its probability to occur. This matching produces a curve that correlates
the annual risk expectancy and the IM value.

The total risk expectancy for a T-years lifespan TRET (Equation (4)) expresses the over-
all risk to which the system is exposed to earthquake events during the system’s lifespan.
The TRET is calculated based on possible seismic scenarios, their occurrence probability,
and the expected consequences. The RU (Equation (3)) expresses the overall consequences
that are expected in case of complete damage to the system, which is expressed in terms of
cost (USD).

RU =
(
∑ CR + ∑ CD

)·CI (3)

where:

CR—Repair cost (USD).
CD—Direct loss (USD).
CI—Indirect loss coefficient.
RU—Overall consequences (USD).

TRET =

[
∑
IM

(
∑N

i=1 P(dsi|IM)·DRdsi

)
·PEA(IM)

]
·RU ·T (4)

where:

TRET—Total risk expectancy for T years.
DRdsi

—Damage rate of damage state i.
P(dsi |IM)—Conditional probability of being in a certain damage state i for a given IM.
T—Design life cycle.
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PEA(IM)—Annual rate of exceedance of a given IM.

2.4. Implementation of Risk-Mitigation Alternatives and Prioritization of the
Risk-Mitigation Alternatives

Based on the derived risk curve and the total risk expectancy (TRE), mitigation al-
ternatives are considered to find the most beneficial one. The mitigation alternatives
are examined to predict their cost-effectiveness on the preparedness level of the CIs by
quantifying the reduction of risk. Each alternative has different effects on the robustness
and resilience of the system, which is reflected through the fragility curve parameters.
The change in the fragility parameters will subsequently affect the system’s level of risk;
therefore, evaluating mitigation strategies according to risk reduction level is proposed.
To examine the cost-effectiveness of the mitigation alternative, a novel risk mitigation to
investment ratio (RMIR) performance indicator is proposed. The RIMR is a quantitative
indicator that attempts to calculate the overall value of the examined alternative (Equation
(5)). The RMIR is the ratio of the expected risk mitigation along T years of service life
(ERMT), expressed in monetary terms, to the estimated mitigation cost (EMC). The RMIR
aims to examine and prioritize the alternatives. If an alternative has an RMIR greater than
1.0, the alternative is expected to be efficient in terms of cost–benefit analysis. On the other
hand, if the alternative has an RMIR lower than 1.0, the alternative is considered to be inef-
ficient, meaning that the investment is higher than the expected benefits of risk mitigation.
Moreover, it is possible to prioritize the mitigation alternatives based on their RMIR value.
The higher the value of RMIR, the higher the cost-effectiveness of the mitigation alternative.
Figure 1 presents the general flowchart of the risk-mitigation alternative’s evaluation and
prioritization process.

RMIR =
ERMT

EMC
(5)

where:

RMIR—Risk mitigation to investment ratio.
ERMT—Expected risk mitigation along T years of service life.
EMC—Estimated mitigation cost for the alternative.

Figure 1. Critical infrastructure risk mitigation flow chart.
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3. Case Study

3.1. Introduction

This section presents an implementation of the methodology through a pumping
station facility case study. This case study is based on the generic pumping station presented
in [51]. The generic pumping station is composed of four main subcomponents that are
vital for the functionality of the pumping station: building, pumps, electro-mechanical
equipment, and power supply. In this example, the original pumping station is composed
of a one-story RC concrete moment frame building, one horizontal pump, mechanical and
electrical equipment, and the electric power supply is based on the external commercial
power grid. The derived exclusive fragility parameters and curves are as proposed by [51]
presented in Figure 2. The probability of damage states (1–4) is derived from the median
fragility and the standard deviation.

 

Figure 2. The exclusive fragility curves that were derived for an oil pumping station (based on [51]).

3.2. Risk Appraisal

The risk appraisal processes were carried out for two seismic zones in Israel: Be’er
Sheva region and Bik’at HaYarden region. The Be’er Sheva region is considered an area
with low seismic risk, while the Bik’at HaYarden region is considered an area with relatively
high seismic risk. The selected ground-motion intensity measure for the pumping station
is peak ground acceleration (PGA). The hazard curves for those regions (Figure 3) were
approximated to exponential function according to the Geophysical Institute of Israel (GII)
data of annual rate ground motion for 2%, 5%, and 10% probability of exceedance in
50 years [58]. The PGA values of 2%, 5%, and 10% probability of exceedance in 50 years
for the Be’er Sheva region are 0.09 g, 0.07 g, and 0.06 g and for Bik’at HaYarden are 0.41 g,
0.30 g, and 0.23 g.

The full repair cost of the station was calculated as the cost of constructing a new
station, estimated at USD 1.5 million. The direct loss is calculated according to disruption
to the average daily capacity in barrels for seven consecutive days. In this scenario, the
indirect loss was estimated by an indirect-damage coefficient of 2.5. Moreover, in the case
of CI such as a pumping station, the facility is not occupied with stuff permanently, and
there will not be human casualties.
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Figure 3. Hazard curve for Be’er Sheva and Bik’at HaYarden regions.

Following the methodology, the risk curves for each region were yielded (Figure 4). The
yielded risk curves are the composition of the rate exceedance and expected damage of a
specific value of the PGA. Afterward, according to Equation (4), the total risk expectancy for a
life span of 50 years (TRE50) was calculated. The TRE50 for the Be’er Sheva region is estimated
at USD 364,721, and the TRE50 for the Bik’at HaYarden region it is estimated at USD 2,913,852.
The difference between the values is consistent with the assumption that the seismic risk in
the Be’er Sheva region is significantly lower than in the Bik’at HaYarden region.

Figure 4. Risk curve for Be’er Sheva and Bik’at HaYarden regions.
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3.3. Examination of Possible Mitigation Alternatives

In the risk management process, the mitigation alternatives are aimed at reducing the
vulnerability of the sub-component and subsequently decreasing the vulnerability of the
pumping station. The examined mitigation alternatives are focused on the sub-components
of the station: pump layout (single pump or two pumps), the power supply (power grid
only, power grid and diesel backup generator without seismic isolation, and power grid and
a diesel backup generator with seismic isolation), and the building type (concrete moment
frame building (C1L) or concrete shear walls building (C2L)). The fragility parameters for
the components are based on [47,49,51].

In total, twelve alternatives were examined for each site to find the most beneficial
one. The mitigation alternatives are composed of different combinations of sub-component
layouts. Table 1 presents the sub-component layouts in each alternative and the estimated
costs of the alternative.

Table 1. Alternative mitigation strategies.

Alternative No. Building Pump Power Supply Estimated Cost (USD)

1 C1L Single pump Only Grid -
2 C1L Single pump Grid + Generator w/o 70,000

3 C1L Single pump Grid + Gen with
Isolation 80,500

4 C1L Two pumps Only Grid 250,000
5 C1L Two pumps Grid + Generator w/o 320,000

6 C1L Two pumps Grid + Gen with
Isolation 330,500

7 C2L Single pump Only Grid 100,000
8 C2L Single pump Grid + Generator w/o 170,000

9 C2L Single pump Grid + Gen with
Isolation 180,500

10 C2L Two pumps Only Grid 350,000
11 C2L Two pumps Grid + Generator w/o 420,000

12 C2L Two pumps Grid + Gen with
Isolation 430,500

The risk management process is intended to indicate the optimal mitigation alternative.
The optimal alternative weighs the contribution of the alternative to risk-mitigating and
the cost of the alternative.

3.4. Results and Discussion

For each region, a dozen proposed mitigation alternatives have been implemented
and investigated. Table 2 presents the total risk expectancy for a 50-year designed life
cycle (TRE50), the estimated risk mitigation (ERM50), and the calculated RMIR for each
alternative. Figures 5 and 6 present the risk mitigation and risk mitigation to investment
(RMIR) ratios. Alternative number one, the generic station, is used as a default alternative
for the examination of risk reduction.
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Table 2. Total risk expectancy for 50-year designed life cycle (TRE50), estimated risk mitigation
(ERM50), and calculated RMIR for different mitigation alternatives.

Mitigation Alternative Be’er Sheva Region Bik’at HaYarden Region

#
Estimated

Mitigation Cost
(USD)

TRE50 ERM50 [% (USD)] RMIR TRE50 ERM50 [% (USD)] RMIR

1 - 364,721 0% (USD 0) - 2,913,852 0% (USD 0) -

2 70,000 292,256 19.9% (USD
72,465) 1.035 2,731,600 6.3% (USD

182,252) 2.604

3 80,500 291,842 20% (USD
72,879) 0.905 2,725,695 6.5% (USD

188,156) 2.337

4 250,000 364,692 0% (USD 30) 0 2,913,062 0% (USD 789) 0.003

5 320,000 292,208 19.9% (USD
72,514) 0.227 2,730,594 6.3% (USD

183,257) 0.573

6 330,500 291,772 20% (USD
72,949) 0.221 2,724,603 6.5% (USD

189,249) 0.573

7 100,000 267,820 26.6% (USD
96,901) 0.969 2,601,564 10.7% (USD

312,288) 3.123

8 170,000 177,057 51.5% (USD
187,665) 1.104 2,303,721 20.9% (USD

610,131) 3.589

9 180,500 176,453 51.6% (USD
188,268) 1.043 2,294,304 21.3% (USD

619,548) 3.432

10 350,000 267,810 26.6% (USD
96,911) 0.277 2,600,415 10.8% (USD

313,437) 0.896

11 420,000 176,955 51.5% (USD
187,766) 0.447 2,301,969 21% (USD 611,882) 1.457

12 430,500 176,380 51.6% (USD
188,341) 0.437 2,292,495 21.3% (USD

621,356) 1.443

 

Figure 5. Analysis of the mitigation alternatives by the percentage of risk mitigation and RMIR case
of the Be’er Sheva region.
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Figure 6. Analysis of the mitigation alternatives by the percentage of risk mitigation and RMIR case
of the Bik’at HaYarden region.

In the case of the Be’er Sheva region, alternatives 8, 9, 11, and 12 reduce the risk by
51.5%, 51.6%, 51.5%, and 51.6%, respectively. Those alternatives include the building retrofit
and an addition of a backup generator, while alternatives 11 and 12 include the addition
of a redundant pump. However, the ERM change is minor, indicating that the redundant
pump’s marginal benefit to the risk mitigation is minor. Alternative number four, which
included the addition of a backup pump, has a negligible effect on the risk mitigation
and the RMIR value is zero. Accordingly, it can be concluded that the pump’s influence
on the station’s seismic vulnerability is very low. Therefore, it is not beneficial to retrofit
this component. The efficiency of the alternatives can be analyzed by the proposed RMIR
indicator, which evaluates the alternative’s cost-effectiveness in terms of risk expectancy
mitigation. Alternatives two, seven, and nine have an RMIR value higher than 1.0 (1.035,
1.104, and 1.043, respectively). Therefore, it can be determined that only these alternatives
are economically viable. However, the values of the RMIR are only slightly higher than
1.0, which makes the efficiency of the alternative uncertain. That is, it is possible that if
the cost of the alternative turns out to be higher than planned, the alternative’s viability
will turn negative in terms of cost–benefit analysis. Therefore, in cases where the RMIR
value is close to 1.0, it is advisable to perform an additional estimate of the retrofit costs.
In addition, it is important to note that alternatives 11 and 12, which have a high value of
ERM, are unviable according to the RMIR cost–benefit analysis.

In the case of the Bik’at HaYarden region, alternatives 8, 9, 11, and 12 have the
highest values of ERM at 20.9%, 21.3%, 21.0%, and 21.3%, respectively. These results were
expected since these alternatives had the highest ERM values in the Be’er Sheva region. The
mitigation alternatives improve the seismic vulnerability of the station, which depends only
on the components of the station. On the other hand, the alternative’s effectiveness highly
depends on the station location since it is analyzed according to the risk. Alternatives
2, 3, 7, 8, 9, 11, and 12 have RMIR values higher than 1.0, that is, these alternatives are
economically justifiable according to RMIR cost–benefit analysis. Alternative number eight
has the highest value of RMIR (3.589), meaning that this alternative achieves the best
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risk-mitigation percentage per money. Alternative number nine has the second-best value
of RMIR (3.432), with an ERM of 21.3%, which is higher than alternative eight (20.9%). This
alternative achieves higher risk mitigation but lower cost–benefit efficiency. In addition, the
RMIR value enables budget-based considerations. In case of budget constraints, alternatives
two and three present good values of RMIR (2.604 and 2.337, respectively) and can be
considered for implementation.

4. Conclusions

This research introduces a comprehensive methodology for seismic risk appraisal and
management. The proposed methodology examines the preparedness of critical infrastruc-
tures through an appraisal of the risk that CIs are exposed to in case of extreme seismic
events. This research establishes a probabilistic quantitative model that assesses the total
risk expectancy of CIs to extreme earthquake events and produces a decision support tool
that allows decision makers to manage and analyze alternative courses of action in order to
mitigate the risk considering a wide range of risk scenarios. The proposed methodology
was illustrated through a case study of an oil pumping station. In this case study, three al-
ternative mitigation strategies were examined: additional pump installation (redundancy),
installation of a diesel generator with and without seismic isolation (redundancy), and a
building retrofit (robustness).

Twelve possible combinations of those strategies were examined. It was found that
an additional pump (pump redundancy) yields only a minor contribution to the risk
mitigation, whereas the building retrofit yields the most significant impact on the risk
mitigation and cost-effectiveness. The pump sub-component is not vulnerable to low
accelerations; therefore, it has a low impact on the overall risk. In contrast, according to the
structure’s sub-component fragility curve, it is vulnerable to low-to-moderate acceleration
intensities; consequently, its impact on overall risk reduction is high.

In addition, this study proposes the RMIR (risk mitigation to investment ratio) as
a novel quantitative indicator in order to examine and prioritize alternative mitigation
strategies. The proposed RMIR indicator evaluates alternative mitigation strategies based
on cost-effectiveness of the mitigation strategies, considering integrated probabilities of all
damage states and all possible seismic scenarios. This indicator is unbiased and depends
on quantitative values and objective estimates of the seismic risk, CI resistance, and derived
effectiveness of the mitigation alternative. Moreover, the proposed RMIR indicator covers
all possible seismic scenarios due to the PSHA approach that is implemented systematically
in the methodology. The RMIR examines and prioritizes the alternatives based on the
risk mitigation to investment ratio. If an alternative has an RMIR greater than 1.0, the
alternative is expected to be efficient in terms of risk mitigation. On the other hand, if the
alternative has an RMIR lower than 1.0, the alternative is considered to be inefficient in
terms of risk mitigation, meaning that the investment is higher than the expected benefits of
risk mitigation. In addition, the higher the value of RMIR, the higher the cost-effectiveness
of the mitigation alternative. The benefits of the proposed indicator were illustrated in the
case study. The indicator allows us to examine the cost-effectiveness of the alternatives and
prioritize the mitigation alternatives according to decision-maker policies. The research’s
novelty focuses on a synthesis of the fragility and morphology of the system into the
risk expectancy and derives a coherent indicator for seismic risk mitigation in critical
infrastructures. This contribution can be used for stimulating the preparedness of energy-
related CI for extreme events and can be extended to risk mitigation of other hazards such
as storms, floods, shocks, and blasts [10,59].

The presented methodology considers damage as a result of a single earthquake (i.e.,
mainshock) and does not consider sequential seismic events (aftershocks and foreshocks).
Furthermore, the maintenance levels and wear and tear of the CI components are usually
not reflected in the fragility curves. Moreover, adjustments will be required in order
to include unique seismic retrofit solutions [32,60,61]. These issues can be addressed in
follow-up studies.
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Abstract: This paper proposes a prefabricated frame rocking wall (PFRW) structure system in which
beams, columns, and rocking walls are all prefabricated components. The rocking wall and the
frame are connected by energy-dissipating connectors, and three prestressed tendons are arranged
inside the rocking wall. A quasi-static test for the PFRW structure and a conventional frame (CF)
structure was conducted. The research results show that the seismic load-resisting capacity of the
PFRW structure is increased by about 190% relative to the CF structure, and the energy dissipation
coefficient of the PFRW structure is increased to twice that of the CF structure.

Keywords: prefabricated structure; rocking wall; experimental study; quasi-static test; seismic per-
formance

1. Introduction

A rocking wall structure is a structure in which the restraint provided at the base of
the wall (connection with foundation) is relaxed or softened. Based on the restraint release
and the characteristics of the resulting permitted motion, two types of structure result:
In the first, the restraints in the vertical degrees of freedom at the wall base are relaxed,
allowing the wall to ‘lift’ in a vertical direction under the action of an earthquake. The
second approach is to relax the rotational degree of freedom at the wall base. While the
first approach permits rotation to develop, the second does so without lifting under the
action of an earthquake [1]. A rocking wall structure system can change the deformation
modes of a structure under earthquake action, mitigating the likelihood of concentrated
damage [2]. Rocking wall structures can also affect self-centering functionality, resulting in
little or no post-earthquake lateral drift.

Various rocking wall systems have been proposed. Kurama et al. [3] used full wall-
height, vertically-oriented unbonded post-tensioned tendons to anchor precast reinforced
concrete walls to their foundation. The resulting system allowed the walls to rock under
lateral seismic loads, although damage to the system tended to accumulate locally at the
wall toes. Ajrab et al. [4] proposed a rocking wall-frame structure in which the shear wall
component of the structure was a rocking wall. Ajrab et al. proposed using vertically-
draped post-tensioned tendons forming an X-arrangement over the height of the wall.
These ‘damping cables’ were shown to improve the seismic response of the structure.
Hitaka et al. [5] proposed a rocking joint shear wall system in which the deformation
under the action of an earthquake is mainly concentrated in the wall boundary element
consisting of steel coupling beams, reinforced concrete wall limbs, and concrete-filled steel
tube side columns.

Because of the nature of the rocking wall mechanism, these systems exhibit relatively
low energy absorption [6]. To improve the energy absorption capacity, viscous dampers [7],
metal dampers [8,9], and energy-dissipating connectors [10–12] have been proposed for
use with rocking wall structures. To mitigate the concentration of damage at the wall
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base (primarily the wall toes) associated with rocking [13], Cui et al. [14] proposed an
arrangement of steel plates at the bottom of the wall and rubber blocks at the wall toes.
Tagliafierro et al. [15] proposed and evaluated the effect of a novel seismic isolation system
on seismic control for a steel storage pallet racking system. To improve the self-centering
performance of rocking wall structures, a disc spring self-centering device [16] and shape
memory alloy self-centering devices [17] have been proposed.

Rocking wall systems have been used in practice. Wada et al. [2] report a rocking
wall system used to reinforce an eleven-story building at the Tokyo Institute of Technology,
which employed a V-shaped pin support between the base of the rocking wall and the
foundation. The support affects an essentially single-pin unrestrained rotational degree of
freedom at the wall base. Wu et al. [18] report a rocking wall system used to reinforce a
hospital building. In this case, the base of the wall has a connection that limits horizontal
lateral movement, while self-centering was realized through post-tensioned tendons.

Extant research on rocking walls primarily focuses on their use in retrofitting existing
structures. However, as prefabricated components, rocking walls are particularly well
suited for inclusion in prefabricated structures. This results in frame-rocking wall structures
having a high prefabrication rate and opens the possibility for the industrialization of such
building systems. This paper proposes a prefabricated frame rocking wall (PFRW) system.
The beams, columns, and rocking walls are all prefabricated components, while the cast-in-
place joint regions of frame components are made robust and ductile through the use of
engineered cementitious composites (ECC). Finally, the connection between the rocking
wall and frame is made with energy-dissipating connectors. The failure behavior, hysteretic
performance, backbone curves, energy dissipation capacity, and residual deformations of
the resulting PFRW structure were studied through a pseudo-static reversed-cyclic load test.

2. Experimental Program

Under the lateral load, the frame and the rocking wall in the structure belong to a
parallel relationship. Namely, the reaction forces of the frame and the rocking wall in
the PFRW are superimposed to resist external loads. The comparison between the single
frame without any extra added walls (the CF) and PFRW can better analyze the role played
by the rocking wall. Meanwhile, the deformation capacities of the CF and the PFRW are
similar due to the constraint between the bottom of the rocking wall, and the base is usually
released. Therefore, two concrete structures were fabricated (Figure 1).

The CF structure was entirely cast-in-place (CIP). The PFRW structure consisted
of prefabricated components and CIP beam-column connections. Each half-scale frame
has three 1500 mm stories and consists of three 1800 mm long bays. Frame CF is the
‘control’ specimen and the basis of comparison for the second PFRW frame. Precast
concrete columns (Figure 1c) are 200 mm square and reinforced with eight 16 mm bars
(reinforcing ratio, ρ = 0.04), and confined with 8 mm ties spaced at 100 mm. Precast
beams (Figure 1d) are 200 mm × 120 mm having two 12 mm bars on top and bottom
(ρ = 0.017) and 8 mm ties spaced at 100 mm. Column and beam reinforcing bars are
made continuous through joint regions using grouted splice sleeves. At the end of beams
and tops of columns, straight bar extensions are anchored into extensions of each joint
region, as seen in Figure 1a,b. The CIP joint regions are enclosed ECC to enhance the
durability and ductility of these regions.

The PFRW specimen replaces the middle frame bay with a 120 mm thickness precast
rocking wall (Figure 1b,f). The wall has thirty 8 mm diameter vertical bars (ρ = 0.010)
arranged in two layers through the wall thickness, 8 mm horizontal bars at spacings of
50 mm (near the base of the wall), and 100 mm (elsewhere). The reinforcing arrangement
also provides eight 8 mm cross ties through the wall thickness coinciding with the horizontal
bars. The vertical reinforcement is welded to a continuous steel plate at the base of the
wall. Three 15.2 mm diameter unbonded post-tensioning tendons are also provided in the
middle region of the wall (Figure 1f); these will provide self-centering capacity for the wall.
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Figure 1. Test specimen dimensions and reinforcement (unit: mm). (a) Geometry of CF; (b) Geometry
of PFRW; (c) frame column; (d) frame beam; (e) typical cast-in-place beam-column connection
(connecting node 1); (f) rocking wall.

When placed on the foundation, 50 mm tall, 220 mm long neoprene rubber pads are
placed at each wall toe. The remaining 860 mm long middle region of the connection is
filled with a 50 mm thick course of high-strength cementitious grout. Once assembled, each
of the three post-tensioning tendons is stressed to 0.6 fptk, resulting in a total measured axial
prestress force of 442 kN.

The rocking wall is connected to the adjacent frames with the H-shaped energy-
dissipating connectors, as shown in Figure 2. The connector is fabricated from a hot-rolled
Grade Q235 plate and is designated H100 × 80 × 8 × 8 mm. The H-beam is fully welded to
15 mm end plates and bolted to pre-threaded 25 mm plates embedded in each column-beam
joint. The connectors are inserted and secured with six 14 mm diameter bolts at each end
plate. Due to the small specimen scale, high-strength cap screws were used in this study
rather than high-strength structural (hex) bolts.
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Figure 2. Details of energy-dissipating connector in PFRW (unit: mm). (a) Schematic diagram of
connecting node; (b) Section view of 1–1; (c) Photo of connecting node.

2.1. Material Properties

The measured material properties of the concrete, ECC, and high-strength grout used
in the specimens are given in Table 1. The ECC had a volume ratio of polyvinyl alcohol
(PVA) fiber of 2.5%.

Table 1. Measured cementitious material properties.

Compression Strength/MPa Tension Strength/MPa Tensile Elongation

CF precast columns and beams 38.9 - -
PFRW columns and beams 40.8 - -

PFRW rocking wall 43.4 - -
wall base grout 120.4 - -

ECC 30.5 3.91 0.025

The rubber blocks had a Shore A hardness of 59, a tensile strength of 20 MPa, a
compression modulus of 4.5 MPa, and an elongation at break of 545%. Measured strengths
of all reinforcing bars are given in Table 2. The nominal tensile strength of the steel tendon
was fptk = 1860 MPa, and the measured tensile strength and modulus were 1960 MPa and
202 GPa, respectively. The 1000-h relaxation was measured to be 1.54%.

Table 2. Measured strength of reinforcing bar and steel plate.

Yield Strength/MPa Ultimate Strength/MPa

6 mm reinforcing bar 408 619
8 mm reinforcing bar 319 520

12 mm reinforcing bar 433 602
16 mm reinforcing bar 411 597
Q235 steel H-section 273 402

2.2. Specimen Loading Protocol

The loading arrangement used is shown in Figure 3. Vertical loads of 143 kN were
applied at the top of each column using hydraulic rams. This load is approximately
30% of the column design capacity determined from GB 50010-2010 [19]. This load is
applied through a sliding block to remain constant during horizontal load applications.
The horizontal load is applied using two servo-hydraulic actuators: one actuator acts at the
centerline of the third story beam (i.e., 4400 mm above the foundation block), and the other
acts on a distribution beam loading the first and second floor frame beams. The distribution
beam is arranged such that it loads the second story beam in a ratio of 2:1 to the first story
beam. Both actuators are run at the same load level resulting in a distribution of load to the
third:second:first stories = 1:0.66:0.33.
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Figure 3. Constant axial load—reversed cyclic lateral load test apparatus. (a) Diagram of test loading
apparatus; (b) Photo of loading apparatus.

Displacement-controlled reversed-cyclic lateral loads are applied to the frames. The
third story horizontal displacement is the reference displacement, and the loading sequence
is shown in Figure 4. The values in Figure 4 (and elsewhere in this paper) are given in terms
of roof drift. The height of the control displacement is H = 4400 mm. In all data, positive
represents the actuator “pulling” and negative is “pushing”. The first excursion to each
displacement level was in the positive direction.

Figure 4. Loading scheme.

The initial cycles to drifts of H/2000 and H/1000 were used to capture the initial
cracking state of the frames. Only one loading cycle to these displacements is performed.
For the remainder of the test, three fully-reversed cycles for each roof drift were performed.

2.3. Instrumentation

An array of 18 displacement transducers (Figure 5) was used to measure (a) horizontal
displacements at each story level, (b) rotation at the base of each column (using vertical
transducers at either side of the column), and (c) displacements of the foundation block. For
the PFRW specimen, (d) vertical displacement at both rocking wall toes, and (e) horizontal
sliding at the base of the rocking wall were also measured. The force in each of the
three post-tensioned tendons was also monitored using force sensors in line with the
tendon anchorage. Forces in all actuators were also recorded.
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Figure 5. Instrumentation (PFRW shown).

3. Experimental Observations and Comparisons

The total applied horizontal load versus roof drift hysteresis of both frames is shown
in Figure 6. The load F is the sum of the actuator forces. Thus, the applied lateral load at
the roof level is F/2, on the second story: F/3, and on the first story: F/6.

Figure 6. Hysteresis curves of specimens. (a) CF structure; (b) PFRW structure.

The hysteretic response of the CF structure exhibits a ‘pinched’ response characterized
by limited energy dissipation and large residual displacements as the lateral loading passes
through zero. This behavior is well known and reported for reinforced concrete and precast
concrete frame systems.

The PFRW structure is, unsurprisingly, stiffer than the CF structure and exhibits little
pinching until the final cycles at ±H/30, indicating improved energy dissipation of the
structure. The hysteretic response also exhibits a degree of self-centering as the lateral
loading passes through zero: from the peak load, the structure initially shows little elastic
rebound upon unloading. As the lateral load falls, the self-centering effect of the vertical
post-tensioning is seen as a ‘horizontal pinching of the hysteresis, as shown in Figure 6b.

3.1. Behavior of CF Structure

The lateral load-roof drift hysteresis of CF is shown in Figure 6a. At a roof drift of
±H/1000, short vertical cracks developed in the tension zone at the beam ends of the
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first story. At a drift of ±H/400, horizontal cracks developed at the base of each column.
Damage progressed in a relatively uniform manner with continued cycling. The peak
lateral load capacity was observed at ±H/40, although this was relatively constant from
±H/50 to ±H/30. At a drift of ±H/25, concrete spalling initiated at the beam ends and
column bases (Figure 7a,b), and evidence of buckling of the longitudinal beam bars was
seen at the face of the second story exterior column A2 (Figure 7a). At a drift of ±H/20,
the lateral load capacity had fallen to 85% of its peak, and the test was ended. A view of
frame CF at the –H/20 is shown in Figure 7c, and the final cracking patterns are recorded
in Figure 7d. The failure mechanism is dominated by flexural hinges forming in the first
and second story beams and at the base of each column.

Figure 7. Damage of CF structure. (a) damage at second story beam end at face of column A at –H/25;
(b) damage at base of column A at –H/25; (c) overall view of CF at –H/20; (d) final crack distribution.

3.2. Behavior of PFRW Structure

The lateral load-roof drift hysteresis of PFRW is shown in Figure 6b. As expected,
replacing the middle bay beams with a rocking wall resulted in a considerably stiffer
lateral load-resisting system. Initially, at a roof drift of −H/2000, two short vertical cracks
developed at the right end (face of column B) of the beam spanning between columns A
and B at the first story. At a drift of ±H/550, a crack developed at the base of column B. At
a drift of ±H/100, the rocking wall lifting from the foundation at the tension toe, and the
energy-dissipating connectors were obviously deformed. Horizontal cracks were evident at
the upper and lower edges of the 25 mm embedded steel plates anchoring the connectors.
The peak lateral load capacity was observed at ±H/40. By the time a drift of ±H/30 was
achieved, all the connectors were significantly damaged (Figure 8a). The concrete at the
base of the two middle columns, B and C, was crushed and severely damaged (Figure 8b);
the maximum crack width of the column was 3.5 mm. The energy-dissipating connectors
were seriously damaged (Figure 8c). The base of the rocking wall exhibited significant
uplift, spalling, and cracks up to 0.9 mm wide at the edge of the rubber insert at the wall toe
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(Figure 8d). The peak lateral load capacity was observed at ±H/30; the lateral load capacity
had fallen to 85% of its peak, and the test ended. A view of frame PFRW at +H/30 is shown
in Figure 8d, and the final cracking patterns are recorded in Figure 8f. Due to the similar
drift levels, damage to the frame elements was similar to that observed in the CF tests. The
energy-dissipating connections of the rocking wall to the frame at each story introduced
additional damage at the beam column joints at which the connections were made. Damage
to the wall on the second story, primarily to the rocking wall, was also observed but was
relatively minor.

Figure 8. Damage of PFRW structure. (a) damage of first story beam at face of column A at +H/30;
(b) damage at base of column C at +H/30; (c) damage to first story energy-dissipating connector at
−H/30; (d) uplift and spalling at the base of the rocking wall at −H/30; (e) overall view of PFRW at
−H/30; (f) final crack distribution.

3.3. Backbone Curves

A comparison of the backbone curves drawn through the first cycle peaks of frames
CF and PFRW is shown in Figure 9. The corresponding key response parameters are
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summarized in Table 3. In Table 3, the yield point is determined according to the energy
equivalent method [20], K = Fy/Δy is the secant stiffness of the frame defined at the yield
point, and μ = Δu/Δy is the displacement ductility at the ultimate load—defined at 85% of
the peak load attained.

Figure 9. Backbone curves.

Table 3. Key response parameters of the backbone curves.

Initial Cracking Yield Peak Load Ultimate Load at 0.85 Fmax

Fcr
/kN

Δcr
/mm

Fy
/kN

Δy
/mm

K = Fy/Δy
/kN/mm

Fmax
/kN

Δmax
/mm

Fu
/kN

Δu
/mm μ = Δu/Δy

CF
48.3 4.5

(H/1000) 186.7 54.2
(H/80) 3.4 225.2 110.4

(H/40) 191.4 202.6
(H/20) 3.74

−47.4 −4.5
(H/1000) −174.4 −52.2

(H/80) 3.3 −212.7 −109.2
(H/40) −180.8 −204.8

(H/20) 3.93

PFRW
65.1 3.0

(H/1500) 519.6 60.2
(H/70) 8.6 628.1 107.6

(H/40) 587.3 149.3
(H/30) 2.48

−80.2 −4.5
(H/1000) −529.1 −52.0

(H/80) 10.2 −633.1 −110.0
(H/40) −534.6 −149.1

(H/30) 2.87

Although the stiffness of the PFRW frame increased significantly with the inclusion of
the rocking wall—2.8 times based on secant stiffness at yield—the deflections at yield were
similar. The rocking wall, therefore, increased the yield load 2.9 times. This observation indi-
cates that the rocking wall was behaving as intended and served to couple the two exterior
frames. Had the wall behaved as a shear wall, the stiffness would have been increased, but
the yield displacement would likely have fallen due to the limited displacement capacity
of conventional shear walls. The significant damage to the energy-dissipating connectors
(Figure 8c) reinforces the larger displacements of the rocking wall behavior.

At the peak behavior, observed at the same drift ratio (H/40) in each frame, the
capacity of frame PFRW remained about 2.9 times that of frame CF. However, the behavior
of the frames near their peak load was different. CF exhibited an extended plateau near its
peak load, extending from a drift ratio of approximately H/50 (88 mm) to H/30 (145 mm).
In contrast, PFRW exhibited a more defined peak and more ‘brittle’ behavior, reaching
a peak and abruptly losing capacity. The apparent ductility of CF was approximately
1.4 times greater than PFRW.
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3.4. Stiffness Degradation

The stiffness degradation of each specimen is calculated as follows:

Ki = ∑n
j=1 Fi

j,max/ ∑n
j=1 Δi

j (1)

where Ki is the stiffness of the cycle, Fi
j,max and Δi

j are the peak load and corresponding roof
displacement, respectively, for the j-th cycle (j = 1 to 3) at the i-th load level. The initial
stiffness of each specimen, K0, is determined for each frame in its pre-cracked state. The
evolution of frame stiffness and the degradation curves normalized by K0 are shown in
Figure 10a,b, respectively.

Figure 10. Stiffness degradation of frames. (a) evolution of secant stiffness of each frame, Ki;
(b) stiffness degradation normalized by K0 for each frame.

Although PFRW is considerably stiffer than CF (Figure 10a), the rate of stiffness
degradation is very similar in both specimens. At H/50, lateral stiffness has fallen to about
20% of the initial uncracked stiffness in each frame.

3.5. Energy Dissipation

The energy dissipation of the structure is measured by the area enclosed by the
hysteresis curve (i.e., Aloop) shown in the inset of Figure 11. The equivalent elastic damping
coefficient, β, given by Equation (2), is a measure of the energy absorption characteristics
of the hysteresis and is normalized to permit direct comparison [21]. A larger value of
β indicates a greater ability to dissipate energy. The maximum theoretical value of β,
corresponding to an elastic-perfectly plastic hysteresis, is 2/2π = 0.318.

β = Aloop/2πAe (2)

where Aloop is the area contained with a single hysteresis loop; and Ae is the area of the
triangles defined by the equivalent elastic stiffness to the peak load and displacement of
each cycle i; i.e., Ae

i = 0.5 [Fi+Δi+ + Fi−Δi−].
Figure 11a plots the evolution of energy dissipation with cycling, i.e., the accumulation

of Aloop. Figure 11b shows the evolution of β with cycling. The upper limit of each band is
the first cycle at each drift ratio, and the lower limit is the third. Thus, the width of the data
band indicates the deterioration of energy dissipation with cycling.

The absolute energy dissipation of PFRW clearly exceeds that of CF (Figure 11a), as
does the rate of increase of energy dissipation of the PFRW structure. The equivalent elastic
damping of PFRW also exceeds that of CF (Figure 11b). The equivalent elastic damping
coefficient of the PFRW structure levels off at about 110 mm (H/40) lateral deflection, and
the difference between the first and third cycles increases substantially. This decay reflects
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the rapid deterioration of the energy-dissipating connector (Figure 8c). It is also seen as the
dramatic drop in capacity in the hysteresis curve of PFRW at H/30 (Figure 6b).

Figure 11. Energy dissipation performance of specimens. (a) Cumulative energy dissipation;
(b) equivalent elastic damping.

3.6. Wall Rocking and Residual Displacements

In the PFRW structure, the post-tensioned tendons are the only reinforcement passing
across the interface at the base of the wall, connecting the wall with the foundation. Ar-
ranged in the middle third of the wall panel, these tendons provide limited resistance to
overturning and therefore permit rocking of the wall. Additionally, the post-tensioning
force provides a degree of elastic self-centering to the wall. Each tendon was instrumented
to monitor the change in load in the tendon throughout the test (Figure 12). The initial
force in each tendon was marginally different, as seen in Figure 12: from left to right, the
tendons had initial forces of 147 kN, 140 kN, and 154 kN. As seen in Figure 12, these forces
increased as the wall toe nearest the tendon experienced tension and eventually uplift (note
that the forces for the left and right tendons are out of phase and the middle tendon exhibits
less variation). At a roof drift of H/50, the maximum tendon stress has increased by about
25% (right tendon); by failure at H/30, the increase is about 32%. Nonetheless, all tendons
remained below 0.8 fptk. The marginal loss is tendon force during the H/30 cycles reflects
the spalling of the wall (Figure 8d) approaching the location of the strand resulting in some
relaxation of the strand during the compression cycle.

Figure 12. Internal force-time histories of post-tensioning tendons.

The tendons have the effect of self-centering the wall. However, in a wall-frame
system, this is ‘resisted’ by the frame with no self-centering capacity. In the PFRW, the
post-tensioned cables are located in the middle third of the wall, giving them a short
lever arm and, therefore, a limited ability to generate restoring moments. Only once
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the surrounding frames deteriorate significantly, beyond a drift of about H/50, do the
effects of self-centering become evident. The restoring moment has not increased; rather,
the resistance to self-centering has decreased. Table 4 summarizes the greatest residual
deflection observed during selected load cycles. The improved hysteretic behavior of PFRW
results in more robust hysteretic loops (Figure 6) and greater relative energy dissipation
(Figure 11b). However, the same behavior results in large residual deflections at zero lateral
loads. Only as the structure deteriorates, at drifts exceeding H/50, does the benefit of
self-centering become apparent, reducing the residual deformation by about 30% at drifts
of H/30.

Table 4. Largest residual deformation observed at selected load cycles (unit: mm).

Roof Displacement Drift H/550 H/300 H/100 H/50 H/40 H/30

CF 1.2 1.4 6.9 33.5 52.0 86.4
PFRW 3.2 5.4 11.2 38.7 45.6 61.2

This last observation has ramifications for PFRW design, indicating a tradeoff between
the energy dissipation possible through rocking action and the self-centering capability of
the post-tensioned wall pier. That is, efficient self-centering will place the post-tensioned
tendons as far from the rocking axis as possible; however, this restrains the rocking behavior.

4. Conclusions

A hybrid precast frame-rocking wall (PFRW) structure is proposed, and a prototypical
half-scale model tested under reversed cyclic pseudo-dynamic loading. This structural form
was envisioned for new construction but also has the potential for a seismic upgrade retrofit
of existing frame structures. To facilitate assembly and reduce the damage to the frame
component of the system, engineered cementitious composite (ECC) material was used to
form cast-in-place joints between precast beams and columns. The rocking wall component
was connected to the frame column using energy-dissipating connectors consisting of short
steel beam sections. Three vertical post-tensioning tendons, located in the middle third of
the rocking wall, provided a degree of self-centering capacity to the system. The proposed
PFRW system was experimentally compared to a frame having the same precast details but
no rocking wall component. The following conclusions were drawn:

1. Compared with the CF structure having no rocking wall, the lateral load capac-
ity of the PFRW structure was significantly improved. The greater stiffness of
the structure, however, results in marginally reduced drift capacity and reduced
displacement ductility;

2. The rocking action engages the energy-dissipating elements connecting the rocking
wall to the frame. As a result, the hysteretic response of the PFRW was more robust
than that of the frame alone, resulting in not only proportionally greater energy
dissipation but (relatively) improved energy dissipation characteristics;

3. In the PFRW, only the rocking wall has self-centering capacity. In this study, only after
significant degradation of the frame component was the self-centering evident for
the structure itself. The residual displacements of both the PFRW and CF structures
were comparable through roof drifts of H/50. Only beyond this—as the frame was
damaged—were the residual deformations of the PFRW notably improved;

4. The combination of conclusions 2 and 3 highlights the compromise the designer must
make between the energy dissipation possible through rocking action and the self-
centering capability of the post-tensioned wall pier. That is, efficient self-centering
will place the post-tensioned tendons as far from the rocking axis as possible; however,
this restrains the rocking behavior.
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Abstract: In this paper, research on dynamic behaviors of RC structural members was reviewed
using experimental, theoretical and numerical perspectives. First, in a basic overview, measurement
methods, main conclusions and current limitations of available dynamic loading tests were pre-
sented. Then, theoretical studies on the dynamic constitutive models of RC materials, the dynamic
increase factor (DIF) model for concrete and reinforced steel and proposed modified models of
dynamic behavior parameters at the structural member level were summarized. Finally, the available
modeling approach and method for incorporating dynamic effects in numerical simulations of RC
structures were reviewed. Moreover, the work involved a brief introduction to a dynamic hysteretic
model established using experimental data, which was designed to provide an alternative approach
to the commonly-used DIF method for considering these dynamic effects. This paper, therefore,
aimed to provide a valuable reference for experimental studies and numerical simulations on the
dynamic behaviors of RC structures—while also putting forward issues that need to be addressed by
future work.

Keywords: reinforced concrete members; dynamic effect; experimental test; dynamic modified model;
numerical modelling

1. Introduction

Reinforced concrete (RC) is one of the most widely-used building construction ma-
terials in civil engineering. In addition to static loads, RC structures may be subjected
to different types of dynamic loads during their service life, such as explosion, impact,
earthquake and wind load, etc. In past decades, a large number of RC structures have
been damaged or even collapsed due to seismic hazards. Damage phenomena relating
to different RC structures, e.g., public, residential and industrial buildings and bridges
subjected to earthquake loads, are shown in Figure 1. According to statistical data, more
than 10,000 people are impacted by earthquakes annually. This impacts are accompanied
by economic losses totaling billions of U.S. dollars [1]. In order to reduce these human
and economic losses, civil engineers and researchers have made great efforts to continu-
ally enhance the seismic performances of RC structures and to accurately evaluate their
mechanical behaviors under earthquake load during the structural design, operation and
maintenance stages.

It has been widely accepted that reinforcement and concrete exhibit different mechan-
ical properties under static and dynamic loads, namely the strain rate sensitivity of the
materials [2]. Consistent research findings concluded that, as the loading rate increased,
the tensile strength and compressive strength of concrete—as well as the yield strength and
ultimate strength of reinforcement were magnified. The elastic modulus and the strain,
corresponding to the compressive strength of concrete, were also affected by the loading
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rate [3]. As for structural members consisting of RC materials, such as columns [4–7],
beams [8–15], shear walls [16–19] and joints [20–24], changes in mechanical behaviors
and failure patterns were observed for specimens under various loading rates, namely
the dynamic effect at the member level. Different damage phenomena of RC structural
members have been observed in response to seismic hazards, as shown in Figure 2. To
acquire a better understanding of the dynamic behaviors of RC structural members under
earthquake excitation, their performance must be comprehensively investigated, along
with considerations of the seismically-induced loading rate. In the past half century, a
number of dynamic loading tests have been carried out to deepen researchers’ under-
standing of the mechanical behaviors of RC structural members that have been subjected
to dynamic (i.e., blast, impact and seismic) loading rates. In addition, many researchers
have performed numerical studies on the dynamic behaviors of RC structural members,
specifically considering dynamic effects [25–28]. The advantages of numerical simulations,
in relation to experimental tests, lie in the comparatively lesser manpower and material
resources required for their execution. Additionally, they can more feasibly be applied
to a wider range of structural parameters and loading rates. However, current seismic
codes and most structural seismic analyses do not specifically consider the strain rate
sensitivity of RC materials. The application of the dynamic increase factor (DIF) to modify
the mechanical properties of RC materials, suggested by the CEB-FIP Model Code [29]
and some other scholars [30–32], provided a common approach to consideration of the
dynamic effects. Nevertheless, it should be noted that researchers have yet to achieve a
deep understanding of the mechanisms by which the macro-mechanical behaviors of RC
structural members under dynamic loads might be explained. To close the gap in this
research area, several attempts have been made by scholars to establish dynamic modified
models to consider dynamic effects at the member level, based on either experimental or
numerical results [4,33,34].

  
(a) (b) 

  
(c) (d) 

Figure 1. Damage phenomena of RC structures under real earthquake load. (a) Damage to residential
building; (b) Damage to public building; (c) Damage to industrial building; (d) Damage to bridge.
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(a) (b) 

  
(c) (d) 

Figure 2. Damage patterns in RC structural members after seismic hazards. (a) Damage to joint ele-
ments; (b) Damage to column elements; (c) Damage to wall elements; (d) Damage to beam elements.

In this paper, the existing research works were systematically summarized from exper-
imental, theoretical and numerical perspectives. Additionally, prospective directions for
future efforts were also outlined. This review paper aimed to provide a significant reference
for seismic design and analysis works, thereby improving the seismic performances of
RC structures.

2. Experimental Studies on Dynamic Behaviors of RC Structural Members

2.1. Overview of Dynamic Loading Tests on Structural Members

In the civil engineering field, several methods for testing the dynamic behaviors of
RC structural members have been adopted by scholars, including the pseudo-static test,
the pseudo-dynamic test, the shaking table test and the earthquake observation test [3].
Among these test methods, the pseudo-static test method is the most commonly used. By
employing monotonic or cyclic loading schemes, the dynamic behaviors of RC structural
members in the elastic stage, the plastic stage and the final failure stage can be obtained.
However, one shortcoming of this method is that it cannot reasonably reflect the influences
of strain rates or loading rates on the mechanical behaviors of RC structural members. Of
the dynamic test methods, the shaking table test method provides the most accurate and
reliable results; as such, it is often used to evaluate the dynamic responses and failure
mechanisms of structural members and systems under earthquake excitations. However,
it requires significant time and financial resources. In the earthquake observation test,
seismic instruments need to be installed onsite, i.e., on a building, in order to measure the
building’s structural dynamic response under real earthquake conditions. In contrast, the
pseudo-dynamic test method is often used to obtain information on the seismic actions of
structures using the controlling approach through computational analysis [35].
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At present, most available tests on RC structural members are carried out using static
loading rates. In recent years, with advances in experimental techniques and improve-
ments in our base of empirical knowledge, a number of dynamic loading tests have been
performed on different RC structural members. Figure 3 shows the strain rate range for RC
structures under different loads. The most significant difference between the dynamic load-
ing tests (10−4/s <

.
ε < 101/s) and the pseudo-static loading tests (10−6/s <

.
ε < 10−5/s)

was the magnitude of strain, or loading rate, exerted on the specimens.

 
Figure 3. Strain rate range for RC structure under different dynamic loadings [36].

As an earthquake is a kind of dynamic load, dynamic loading tests provide results
that more closely match the real-world seismic behaviors of RC structural members. Recent
research on dynamic behaviors of RC structural members under impact and blast load-
ing rates has been comprehensively reviewed [37–40]. However, research reviews of RC
structural members upon subjection to seismic loading rates are, by comparison, lacking.
Therefore, this paper mainly focused on dynamic loading tests of RC structural members
carried out under earthquake-induced loading rates. Basic information on available dy-
namic loading tests (i.e., member type, specimen number, loading rate and scheme) is
summarized in Table 1.

Table 1. Summary of dynamic loading tests performed on RC structural members subjected to
earthquake loading rates.

No. Reference Type Number Loading Rate
Loading
Scheme

1 Bertero et al. [41] Beam 6 0.1, 10/s Mono, cycl
2 Kulkarni and Shah [42] Beam 14 0.0071–380 mm/s Mono
3 White et al. [43] Beam 4 0.0167–36 mm/s Mono, Cycl
4 Zhang et al. [44] Beam 36 1.05 × 10−5, 1.25 × 10−3/s Mono
5 Marder et al. [13] Beam 17 100 Hz Mono, Cycl
6 Yan [45] Beam / 1 × 10−5–1 × 10−3/s Cycl
7 Xiao et al. [46] Beam 5 0.1–10 mm/s Mono
8 Li and Li [11] Beam 16 0.05–30 mm/s Mono, Cycl
9 Zhou et al. [47] Beam 7 0.06 mm–66 mm/s Mono
10 Otani et al. [48] Beam 8 0.1, 100 mm/s Cycl
11 Guo [49] Beam 12 0, 2, 6 m/s Mono
12 Wu et al. [50] Beam 3 87.89–135.8 Hz Mono
13 Song et al. [5] Beam 5 3.5–6 m/s Mono
14 Adhikary et al. [8,10,15] Beam 24 4 × 10−4–2 m/s Mono
15 Adhikary et al. [51] Beam 30 0–5.6 m/s Mono
16 Zeng [52] Beam 6 10−2/s–8.85 m/s Mono
17 Feng et al. [53] Beam 10 3–7.7 m/s Mono

18 Mutsuyoushi and
Machida [54] Beam 14 0.1, 10, 100 cm/s Mono, Cycl

19 Fukuda et al. [55] Beam 48 4 × 10−4–2 m/s Mono
20 Yuan and Yi [56] Beam 18 3.5 × 10−4–1 m/s Mono
21 Ye et al. [57] Beam 14 0.8 m/s Mono
22 Fujikake [14] Beam 6 5 × 10−4 m/s, 2 m/s Mono
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Table 1. Cont.

No. Reference Type Number Loading Rate
Loading
Scheme

23 Xiang et al. [58] Column 7 / Mono
24 Gutierrez et al. [59] Column 3 0.02–1 Hz Cycl
25 Bousias et al. [60] Column 12 / Cycl, Biax
26 Li et al. [61] Column 30 0.000011–0.0167/s Mono
27 Witarto et al. [6] Column 4 0.05–5 Hz Cycl
28 Perry et al. [62] Column 4 0.7 × 10−4–0.7 × 10−3/s Mono, Cycl
29 Yan [45] Column / 10−5–10−2/s Mono
30 Zou et al. [63] Column / 10−5–10−2/s Mono

31 Wang et al. [64] Column 30 0.1–50 mm/s Mono, Cycl,
Biax

32 Jiang [65] Column 12 0.1–20 mm/s Mono, Cycl,
Biax

33 Ghannoum et al. [35] Column 10 0.25–1061 mm/s Cycl
34 Liu et al. [66] Column 10 0, 4.85, 6.86 m/s Mono
35 Liu et al. [67] Column 13 / Mono
36 Lee et al. [68] Column 6 / Cycl
37 Wei et al. [69] Column 6 4.95–5.42 m/s Mono
38 Fan et al. [70] Column 8 6.86, 5.42 m/s Mono
39 Orozco and Ashford [71] Column 3 0.22–1 m/s Cycl
40 Shah et al. [72] Joint 3 2.5 × 10−3–1.0 Hz Cycl
41 Chung and Shah [20] Joint 12 0.0025–2.0 Hz Cycl
42 Gibson et al. [73] Joint 4 0–405 mm/s Cycl
43 Pan [23] Joint 10 0.1–10 mm/s Cycl
44 Fan et al. [74] Joint 3 0.4–40 mm/s Cycl
45 Wang et al. [75] Joint 8 0.4–40 mm/s Cycl

46 Zhang [17] Shear
wall 7 10−5–10−3/s Cycl

47 Xu et al. [16] Shear
wall 2 1–10 mm/s Cycl

48 Chiu et al. [76] Infill
wall 6 0–0.4 g Cycl

49 Yilmaz et al. [77] Slab 9 4.43, 4.95, 5.42 m/s Mono
Note: No information is provided in the original literature, which is represented by “/” in the table; ‘Mono’ and
‘Cycl’ denote the monotonic and the cyclic loading schemes, respectively; ‘Biax’ denotes the specimen is loaded in
two horizontal directions, as opposed to the default situation in the table, i.e., the specimen is loaded in a single
horizontal direction.

From the summarized results, it was noted that there were fewer dynamic loading
tests, as compared with static loading tests, and that the investigations primarily focused
on beam and column members [5,8,35,54,59,72]. The majority of tests were conducted using
electro-hydraulic servo loading systems. A few were carried out using drop-hammer impact
testing machines. As earthquake loads are multidimensional in nature, it is reasonable to
experimentally study the seismic performances of RC members and structures in space [9].
Wang et al. [78] studied the multidimensional dynamic behaviors of RC columns using
two horizontal, and one vertical, electro-hydraulic servo actuators. Due to the difficulty of
multi-axis loading testing and the higher requirements for testing equipment, the available
literature and experimental data of multi-axis dynamic loading tests were inadequate [60,65].

2.2. Measurement Methods for Dynamic Loading Test

In dynamic loading tests, the observed quantities upon which researchers have fo-
cused include bearing capacity, displacement, strain, failure mode and cracks that can be
directly measured or observed, as well as stiffness, ductility, damage and energy dissipation
capacities—which need to be acquired indirectly. In the following sections, measurements
of the test data were summarized in detail. Figure 4 shows the primary measured quantities
of RC structural members in the dynamic loading tests.
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Figure 4. Measured quantities of RC structural members in dynamic loading tests.

To measure the force–displacement relationships between RC structural members,
mechanical sensors, inside or outside of the loading device, have commonly been used
to collect test data. For example, Wang et al. [78] used the force sensor and displacement
sensor of a servo hydraulic actuator to measure the horizontal top displacement and bottom
reaction force of the column specimens. Gutierrez et al. [59] used a mechanical sensor,
installed in series with the piston rod of a servo device, to measure force, and used an LVDT
sensor to determine displacement. In the dynamic loading test performed by Shunsuke
et al. [48], a laser displacement sensor was used to measure lateral displacement and a
strain gauge was used to measure deformation at a plastic hinge region.

In order to measure material strain on RC members, strain gauges are generally pasted
either on the surfaces of structural members or on reinforcement inside them (Kenneth
et al. [7], Wang [64], Long [79], Adhikary et al. [8]). Zhang [80] used a fiber Bragg grating
strain sensor to measure concrete strain and further derive the real-time strain rate during
the whole loading process. An acceleration sensor was employed to measure the horizontal
and vertical acceleration of floors. Perry et al. [62] installed LVDT sensors between the
two frames of a servo hydraulic testing machine to measure the longitudinal strain of
columns members.

A few novel methods have been used by researchers to measure the displacement
of RC structural members. For example, Liu [81] used planar trusses of LVDT sensors,
arranged outside of the column specimen, to measure displacement. By using geometrical
transformation, the flexural, shear and bond-slip deformation components of column
specimens were indirectly determined. However, to the best of the authors’ knowledge,
few works have been reported on the changes in deformation components of RC structural
members under dynamic loading rates. Zhang [17] arranged force and displacement meters
at the four corners, as well as the bottom, of shear wall specimens in order to measure the
displacement and shear deformation of the specimens under dynamic loading rates.

In general, failure modes and crack patterns in RC structural members can be directly
observed with naked eyes [6,41,64,71]. However, in some dynamic loading tests, in which
crack development was not feasibly or easily measurable, high performance measuring
equipment has been employed as alternatives. For example, Adhikary et al. [51] used
digital photography and high-speed cameras to capture the crack development and fracture

171



Buildings 2023, 13, 1359

process of RC beams during a drop hammer impact test. A similar approach was adopted
by Ye et al. [57] who investigated the failure pattern and crack development of RC column
members during impact loading.

Aside from the above physical qualities, which can be measured directly, damage and
energy dissipation capacities are generally obtained using indirect methods. In most of
the available dynamic tests, the hysteretic curve of force–displacement can be acquired
by measuring the bearing capacity and displacement of structural members during the
process of cyclic loading. The degradation of bearing capacity and stiffness, as well as
the seismic damage and energy dissipation capacity, can be further derived by analyzing
the test data of hysteretic loops [4,20,48,72]. By using a self-developed carbon nanofiber
aggregate (CNFA) as an internal sensor—which was able to accurately capture the transient
changes of structural force and stiffness with almost no time delay—Witarto et al. [6]
detected seismic damage in RC column specimens under various loading rates.

2.3. Summary of Experimental Findings

As both concrete and reinforcing steel are rate-sensitive materials, their tensile and
compressive mechanical properties are closely relevant to the loading rate. Consequently,
the mechanical behaviors of RC structural members under different loading rates differ,
which has been demonstrated by many experiments. Bertero et al. [41] experimentally
studied the mechanical behaviors of RC simply-supported beams under high loading
rates. They found that, with increased loading rates, the yielding bearing capacities of the
members increased, whereas the ultimate bearing capacity did not change significantly.
Additionally, the strain rate had a minor influence on the energy dissipation capacity, while
members at higher loading rates were more likely to enter into brittle shear failure mode.
Mutsuyoushi and Machida [54] found that, with increased loading rates, the failure of RC
members tended to change, from flexural failure to shear failure. Kulkarni and Shah [42]
carried out dynamic tests on RC simply-supported beams at different loading rates. As
the loading rates increased, the failure modes of some specimens changed from shear to
bending failure, contrary to the conclusions obtained by most researchers. Shah et al. [72]
conducted cyclic loading tests of beam-column joints under different strain rates. It was
observed that, with increased loading rates, the number of cracks lessened, while the
damage intensified and the plastic deformation increased.

Available dynamic loading tests have shown that the mechanical properties of com-
ponents under different loading rates are closely related to structural parameters. Chung
and Shah [20] carried out experimental studies on cantilever beam members at different
loading rates, considering the effects of shear span ratio and longitudinal reinforcement
ratio. They determined that bearing capacity increased, while cracks and ductility de-
creased for specimens at higher loading rates. Additionally, the strain rate effect was
more significant for specimens with lower reinforcement ratios. Li et al. [61] studied the
mechanical behaviors of RC column members with different longitudinal reinforcement
ratios, transverse stirrups and cross section shapes under uniaxial dynamic loading. It
was observed that, with increased loading rates, the dynamic effects grew less obvious for
specimens with higher strength concrete, while the influence of the cross-sectional shape
was minor. Zhang et al. [44] conducted an experimental study on the fracture behavior
of RC beams under different strain rates, considering the effects of the size of the speci-
mens. The experimental results showed that the strain rate sensitivity values of specimens
increased with increased specimen size. Fukuda et al. [55] conducted dynamic tests on
48 RC beams with varied shear span ratio and reinforcement ratio under different loading
rates. It was found that the influence of the loading rates on the ultimate bearing capacity
of specimens was more significant for shear failure specimens than for flexural failure
specimens. Adhikary et al. [8,10,15] carried out tests on a large number of RC beams at
different loading rates, concluding that the dynamic effects grew more pronounced along
with decreasing longitudinal reinforcement ratios or increasing shear span ratios. A large
number of dynamic tests were carried out on reinforced concrete beams and columns by
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various authors [4,11,78,82,83]. They concluded that increased material strength and stirrup
ratios would lead to decreased dynamic effects. Moreover, the strain rate sensitivity of the
monotonic loading member was more significant than that of the cyclic loading member,
and the areas of concrete crushing and falling off, as well as reinforcement buckling, were
more localized.

2.4. Discussion on Dynamic Loading Tests

According to the available dynamic loading tests, the following consistent conclusions
can be obtained: (1) with increases of the loading rate, the bearing capacity, stiffness and
energy dissipation capacity of members are enhanced, while ductility may be reduced
and the degradation of stiffness and bearing capacity may be aggravated. However,
existing research works suffered from the following shortcomings: (1) in most of the
dynamic loading tests, specimens were tested under nonaxial loading conditions. In
order to more accurately reveal the dynamic behaviors of RC structural members, further
experimental studies would be required, under multidimensional loading conditions;
(2) Currently, the primary physical quantities measured in dynamic loading tests are stress,
strain, displacement and force. There has not been sufficient experimental study of the
influence of dynamic effects on the deformation and failure mechanisms of structural
members; (3) As dynamic loading tests are inadequate, compared to traditional static
loading tests, in-depth research will be needed to elucidate the influence of dynamic effects
on the seismic behaviors of structural members with various structural parameters.

3. Theoretical Studies on Dynamic Behaviors of RC Structural Members

3.1. Dynamic Modified Model at Material Level

The influence of loading rates on the mechanical properties of concrete [84–98] and
reinforcing steel [30,99–103] has been investigated by a large number of experimental
studies. The rate sensitivity of concrete materials are influenced by many factors, includ-
ing: (1) internal causes, such as dispersion in material properties, humidity [104–107]
and the temperature [108,109]; (2) exterior causes, such as test loading method [110,111],
equipment instability and measurement error, etc. After collecting test data on concrete
under a wide range of loading rates (Figure 5), Pajak [110] found that the ratio of dynamic
compressive strength to the corresponding static strength reached 3.5, whereas the dynamic
tensile strength to the corresponding static strength reached 13. Moreover, it was pointed
out by Bischoff [112] that the ratio of strain of the dynamic compressive strength to the
corresponding static strain was in the range of 70~140%.

As a multiphase composite material, the constitutive relationship of concrete is highly
complex. Based on different theoretical backgrounds, i.e., the visco-elastic theory, visco-
plastic theory, damage mechanics theory and fracture mechanics theory, a variety of dy-
namic concrete constitutive models have been established [113–119]. To reflect the influ-
ences of loading rates on the mechanical properties of concrete (e.g., the enhancement of
compressive and tensile strength [2], the more brittle behavior for the descending branch
of stress–strain curve [110]), the dynamic increase factor (DIF), which has been defined as
the ratio of the mechanical behavior parameters of concrete under dynamic loading to the
corresponding values under static loading, has become the most widely used. Notably,
a few researchers removed the lateral inertia force and the end friction force of concrete
specimens when obtaining DIF models [120,121]. Table 2 summarizes the commonly used
models of dynamic increase factor (DIF) for concrete.
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Figure 5. Statistical diagram of dynamic increase factor (DIF) for concrete tensile and compressive
strength with variation in strain rate [110].

Table 2. Commonly used models of dynamic increase factor (DIF) for concrete.

Model
Range of Dynamic Strain

Rate
Quasi-Static Strain Rate Type of Formula Modified Parameters

CEB model [29] 3.0 × 10−5 /s ∼ 300/s 3.0 × 10−5/s (compression)
3.0 × 10−6/s (tension)

Exponential fcdEcd εc f d ftd Etd

Malvar model [122] 10−6 /s ∼ 160/s 1.0 × 10−6/s Exponential ftd
Tedesco and Ross model [123] 10−7 /s ∼ 102/s 10−7/s Linear logarithmic fcd ftd

Yan model [89] 10−5 /s ∼ 10−2/s 10−5/s Linear logarithmic fcdEcd ftd Etd.
Xiao and Zhang model [124] 10−5 /s ∼ 10−1/s 10−5/s Linear logarithmic fcdεc f d

Li model [31] 10−5 /s ∼ 10−2/s 10−5/s Linear logarithmic fcd

Note: The values of quasi-static strain rate
.
ε0 for compressive and tensile parameters are the same if not otherwise

specified. The modified parameters fcd and ftd denote the dynamic compressive and tensile strength of concrete;
Ecd and Etd denote the elastic modulus of concrete under dynamic compressive and tensile loading conditions;
εc f d denotes the dynamic strain, corresponding to the ultimate compressive strength of concrete.

To reflect the enhancement of yielding and ultimate strength under dynamic loading
rates, researchers have established various dynamic constitutive models for reinforcing
steel. For example, Johnson and Cook [125] developed the dynamic constitutive model of
reinforcement, considering the combined influences of strain rate c effect and temperature.
Morquio et al. [126] developed the predicted model for mechanical properties of reinforce-
ment, considering strain rate sensitivity and size. Based on the thermo-visco-plastic theory,
a dynamic constitutive model of reinforcement, applicable for a wide range of loading
rates, was proposed by Rodríguez–Martínez [127]. Compared with the above models,
the DIF models based on dynamic loading experimental results have been more widely
employed. Table 3 summarizes commonly-used models of dynamic increase factor (DIF)
for reinforcing steel.

As shown in Tables 2 and 3, the DIF models considered a variety of material strength
degradation properties and a wide range of loading rates. Mechanical behavior parameters
for dynamic modification include compressive strength ( fcd), tensile strength ( ftd), elastic
modulus of concrete (Ecd and Etd), and the yielding strength ( fyd) and ultimate strength ( fud)
of reinforcing steel. Generally, the exponential or linear logarithmic expressions are used for
calibrating the DIF formulas. By modifying the quasi-static behavior parameters of material
using the DIF models, the dynamic behavior parameters of material can be obtained. They
can then be used to establish dynamic constitutive models. More importantly, dynamic
modified models at the material level can be utilized to determine the influences of dynamic
effects on RC structural members.
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Table 3. Commonly-used models of dynamic increase factor (DIF) for reinforcing steel.

Model
Range of Dynamic

Strain Rate
Quasi-Static
Strain Rate

Type of
Formula

Modified
Parameters

CEB model [29] 5.0 × 10−5 /s ∼ 10/s 5.0 × 10−5/s
Linear

logarithmic fyd. fud fnd

Malvar model [122] 10−4 /s ∼ 10/s 3.0 × 10−4/s Exponential fyd fud

Lin Feng model [30] < 2/s 3.0 × 10−4/s
Linear

logarithmic fyd fud

Li and Li model [103] 2.5 ×
10−4 /s ∼ 0.1/s

2.5 × 10−4/s
10−5/s

Linear
logarithmic fyd fudεhd

Note: The modified parameters fyd, fud and fnd denote the dynamic yielding, ultimate and breaking strength of
reinforcing steel; εhd denotes the dynamic strain at initial point of strain hardening stage.

3.2. Dynamic Modified Model at Member Level

Consensus was reached, among scholars, regarding the influence of loading rates on
the mechanical behaviors of RC structural members. However, few works have focused
on the mechanisms of the dynamic effects exhibited in experimental tests. These could
be explained from different perspectives: (1) strain rate-sensitivity of materials, i.e., the
physical mechanism of rate-sensitive concrete is attributed to the viscosity effect of the
cement matrix [110]. (2) Inertial effects of member (Figure 6)—based on kinetic theory, the
structural inertial force is magnified with the increasing loading rate and the constraints on
the interior material are also intensified, resulting in the enhancement of macro bearing
capacity and stiffness of structural members [128]. (3) Evolution of micro-cracks: due
to limitations on time and space at higher loading rates, the probability of transfers of
internal force in structural members and occurrences of bond-slip between concrete and
reinforcement through stronger regions is increased [110].

  
(a) axial compression (b) axial tension (c) horizontal load 

Figure 6. Schematic diagram of inertial effect for RC structural members under dynamic loading.

Due to the non-negligible dynamic effects on the mechanical behaviors of RC structural
members, RC structural members exhibit different mechanical properties under static and
dynamic loading (i.e., maximum bearing capacity, stiffness, ductility factor and hysteretic
behavior). As scholars have done more comparative experiments on bearing capacities
under various loading rates, the work counted dynamic increase factor (DIF) for bearing
capacities of RC structural members with variations in strain rates, as shown in Figure 7.
Data were taken from [5,8,10,11,14,15,17,19,23,45,47,49,51,52,55,56,64,65,67,74,129].

From the summarized results, it can be observed that, with increased loading rates, the
dynamic increase factors (DIF) for the bearing capacities of RC structural members were
enhanced. Additionally, as the orders of magnitude for strain rate increased, the increases
for DIF for bearing capacities grew more and more significantly. However, different scholars
studied different types of RC structural members (i.e., beams, columns and shear walls)
with different design parameters. As such, there were certain disparities in the summary
results. In addition, as bearing capacity impacts the macro-mechanical behavior of RC
structural members, it was difficult to determine the influences of dynamic effects on the
mechanical behaviors of RC structural members at the member level.
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Figure 7. Statistical diagram of dynamic increase factor (DIF) for bearing capacity of RC structural
members with variations in strain rates.

Scholars have made attempts to establish dynamic modified models to aid in con-
sidering dynamic effects at the member level. Zhan et al. [130] developed the dynamic
modified model to predict the maximum and residual deflection of RC beam members
based on a significant quantity of experimental data. Adhikary et al. [8] developed a
dynamic modified model to evaluate the ultimate bearing capacity for RC beam members
based on a large quantity of numerical simulation results utilizing the LS-DYNA software.
They also studied the influences of longitudinal reinforcement ratios and transverse stir-
rup ratios on the dynamic modified factors of RC beam members. By using the dynamic
modified material constitutive model, Wang et al. [64] established a finite element model of
RC column members using the OpenSees software. Accordingly, the expressions of DIF
(i.e., the ratios of dynamic mechanical behavior parameters to the corresponding static
parameters at the member level) for ultimate bearing capacity of columns, considering axial
load ratios, concrete strength and longitudinal reinforcement ratios, were obtained. Fan
et al. [22] derived the calculation equations for shear strength of concrete and developed a
modified model for predicting the dynamic shear bearing capacity of RC joints through
multiple linear regression analyses of test data, considering the influences of dynamic
effects and axial forces. Based on the dynamic loading test database of RC column members
and the Bayesian update theory, Li et al. [33] proposed a probabilistic model of DMC
(dynamic modified coefficient) to evaluate the yielding and ultimate bearing capacity, effec-
tive stiffness and displacement ductility ratios for RC column members under dynamic
loading. The proposed modified models were able to accurately and reliably predict the
mechanical behaviors of column members under seismic loading rates. Table 4 lists some of
the representative dynamic modified models for RC structural members developed using
finite element (FE) simulation or experimental results.
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Table 4. Dynamic modified models for mechanical behavior parameters of RC structural members.

Reference Equations of Dynamic Modified Model Model Type

Adhikary et al. [8]

Maximum resistance of RC regular beams
(1) With transverse reinforcements

DIF =[
1.89 − 0.067ρg − 0.42ρv − 0.14(a/d)

]
e[−0.35−0.052ρg +0.179ρv +0.18(a/d)]δ

(2) Without transverse reinforcements
DIF =

[
0.004ρg + 0.136(a/d)− 0.34

]
loge δ +[

0.009ρg + 0.41(a/d) + 0.157
]

FE simulation results-based
(Deterministic)

Adhikary et al. [15]

Maximum resistance of RC deep beams
(1) With transverse reinforcements

DIF =[
1.25 − 0.04ρg − 0.13ρv + 0.05( a

d )
]
e[0.22−0.03ρg−0.17ρv+0.03(a/d)]δ

(2) without transverse reinforcements
DIF =

[
0.45 + 0.09 + 0.48( a

d )
]
e[0.30−0.05ρg−0.05(a/d)]δ

FE simulation results-based
(Deterministic)

Wang [64]

Ultimate bearing capacity of RC columns
(1) Different axial load ratio

DIF = 1.0 + cnlg
.
εd.
εs

cn = 0.1426n2 − 0.0614n + 0.0337
FE simulation results-based

(Deterministic)
(2) Different concrete strength conditions

DIF = 1.0 + c f lg
.
εd.
εs

c f = 1 × 10−4 f 2
c − 0.068 fc + 0.153

(3) Different longitudinal reinforcement ratios

DIF = 1.0 + cρlg
.
εd.
εs

cρ = 0.0129ρ2 − 0.0643ρ + 0.1182

Li et al. [33]

Mechanical behavior parameters of RC columns (including
yielding and ultimate bearing capacity, effective stiffness and

ductility coefficient)

DMCj(x, Θ) =
6
∑

i=1
θihi(x) + σε

= θ1 fy/ f ′c + θ2n0 + θ3λ + θ4ρl + θ5ρs + θ6lg
( .
εd/

.
ε0
)
+ σε

Experimental date-based
(Probabilistic)

Fan [74]
Shear bearing capacity of RC joints

DIF = 0.99679 + 0.1536n + 0.02326lg
.
ε.

ε0

Experimental date-based
(Deterministic)

Yan [45]

Elasticity modulus of RC beams
(1) With transverse reinforcements

Ed
Es

= 1.3247(
.
ε)

0.027

(2) Without transverse reinforcements
Ed
Es

= 1.2486(
.
ε)

0.0213

Experimental date-based
(Deterministic)

Song [5]

Dynamic increase factor in flexural strength of RC column

DIFm ≈ DIFs ×
1− 1

2
σy
fc

DIFs
DIFc

ρs+ 1
2

σ′y
fc

ρ′s−η

1− 1
2

σy
fc

ρs+ 1
2

σ′y
fc

ρ′s−η

FE simulation results-based
(Deterministic)

Rouchette et al. [34]
Simplified formula for mid-span deflection of RC beams under

impact loading
Di = Ds × (1 + 1.77E+18

c2 V2)

FE simulation results-based
(Deterministic)

Note: the meaning of symbols in the each dynamic modified model can be referred from the relevant references.

3.3. Discussion on Dynamic Modified Models

To accurately evaluate the dynamic behaviors of RC structural members, quite a large
number of research works have focused on the establishment of dynamic constitutive mod-
els and DIF models of concrete and reinforcing steel materials, as well as the development
of dynamic modified models at the member level. Strictly speaking, many of these studies
were carried out using methods that were partially theoretical and partially empirical. As
such, they cannot be separated from experimental tests. Drawbacks of the available re-
search works included: (1) The most commonly used method to determine dynamic effects
on RC structural members is to modify static constitutive model parameters using DIF
models at the material level. However, whether dynamic modification at material levels can
effectively reflect dynamic effects on the mechanical behaviors of structural members has
not been adequately verified. (2) The usage of dynamic modified models proposed at the
member level provides a direct and efficient approach, reflecting the influences of dynamic
effects on the mechanical behaviors of RC structural members. Due to inadequate test
data, the suitability and accuracy of the models need to be improved. (3) The mechanisms
underlying the dynamic effects on the mechanical behaviors of structural members remains
an unsolved problem; it must be thoroughly investigated.
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4. Numerical Studies on Dynamic Behaviors of RC Structural Members

4.1. Overview of Numerical Studies Considering Dynamic Effect

To date, the dynamic behaviors of RC structural members and structures have been
numerically investigated, considering dynamic effects, by many researchers. The merits of
numerical simulations, with respect to experimental tests, are primarily that they require
fewer human and material resources, that they are repeatable, and that they can be applied
to a broader range of structural parameters and loading rates. The computational accuracy
and reliability of numerical results are directly dependent on the methods used to simulate
structural dynamic behaviors.

Two currently-available methods through which to consider dynamic effects in nu-
merical simulation of RC structures, i.e., the dynamic constitutive model (DCM) method
and the dynamic increase factor (DIF) method [28]. The DCM method requires tedious
and time-consuming computation; thus, it is used less frequently in engineering practice
and research. The DIF method has been more frequently adopted by researchers. Quite
a few studies have used this method to investigate the influences of dynamic effects on
the seismic behaviors of RC members and structures [131–139]. The disadvantages of the
DIF method include [28]: (1) it cannot fully reflect the adverse impacts of dynamic effects
on the structural displacement ductility and performance degradation; (2) the influence
of dynamic effects on the shear and bond-slip behaviors of RC structural members has
generally been neglected.

Moreover, due to randomness in structural members (e.g., geometric sizes, material
properties and reinforcement conditions) and external dynamic loads, a few attempts
have been made to consider dynamic effects in a probabilistic manner [140]. Simplified
or alternative methods for considering strain rates in materials have been proposed by
researchers [25,141,142]. Through numerical simulations, the effectiveness and reliability
of the proposed numerical models and methods have been validated with test data, and
the influences of dynamic effects on the seismic behaviors of RC members and structures
have been more comprehensively investigated.

4.2. Numerical Model for Simulating Structural Dynamic Behaviors
4.2.1. Finite Element Model Considering Dynamic Effect

To aid in developing reasonable FE models for RC structural members, different
materials, element types and modeling techniques have been adopted by researchers, based
on available FE software or self-compiled programs. Table 5 summarizes basic information
on FE models (i.e., member type, element type, parameter and numerical effectiveness) of
RC structural members subjected to dynamic loading rates.

Table 5. Summary of FE models on RC structural members subjected to varying loading rates.

Reference Type Elements Parameter Effectiveness

Wang [64] Column Solid element and
truss element Strain rates

Correlation between strain and
strength under unidirectional
dynamic loading test.

Wang [26] Column
Three-dimensional fiber
beam and birth–death
element

Loading scheme
Strain rate

User material subroutine for RC
structural members considering
the strain rate effect of materials.

Liu and Li [27] Column
Three-dimensional fiber
beam and
birth–death element

Strain rates
Damage

The dynamic behaviors of RC
beams and column members.

Adhikary et al. [10] Beam Solid and beam element

Strain rates
Inertia
Longitudinal
reinforcing ratio
Stirrup ratio
Shear span ratio
Dynamic shear resistance

The dynamic shear resistance of
RC deep beams was found to
increase as the loading rates
were increased.
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Table 5. Cont.

Reference Type Elements Parameter Effectiveness

Zhao et al. [139] Beam Solid and Hughes–Liu
beam elements

Strain rates
Beam span
Shear
Impact mass
Reinforcement ratio
Sectional dimension

The resistance characteristics of
localized shear failure of RC beam
members subjected to varying
loading rates.

Wang [64] Column
Fiber beam-column
element with
plastic hinges

Strain rates
Shear
Bond-slip
Axial compression ratio
Longitudinal
reinforcement ratio
Shear span ratio
Concrete strength

Reflected the bearing capacity and
stiffness degradation of structural
members under different
loading rates.

Shi et al. [143] Column One-dimensional slide
line model

Strain rates
Shear
Slip
Damage

The blast-induced dynamic
responses of RC column members
considering the bond shear
modulus, maximum elastic slip
strain and damage curve
exponential coefficient.

Rouchette et al. [34] Beam
3-D spar element, solid
element, bond-link
element

Strain rates
Corroded steel bar
Flexural
Bond-slip
Impact mass
Beam geometry
Concrete strength
Reinforcement ratio
The solicitation force

Simulated the flexural behavior of
reinforced concrete beams
considering the bond between
concrete and steel bar under
impact loading.
The accuracy of the FE numerical
model could be improved, as
compared with the
no-bond-slip model.

Valipour et al. [131] Beam Fiber element
Strain rates
Shear
Impact mass

Dynamic analysis of reinforced
concrete beams subjected to high
strain rate loads considering the
possible failure of shear.

Guner and Vecchio
[144] Shear wall Secant-stiffness-based

finite-element algorithm
Strain rates
Shear

A simplified method for the
dynamic analyses of shear-critical
RC frame members under impact
and seismic load.
The influences of dynamic effects
and the shear effect were
incorporated based on the DIF
models and the rotating smeared
crack approach.

Jia et al. [137] Beam 2DOF model

Strain rates
Flexural
Shear
Impact mass
Reinforcement ratio
Concrete strength

Predicted the possible failure
modes (i.e., the punching shear,
shear, flexure, flexure-shear and
instability) of RC structural
members subjected to low-velocity
impact load.

Adhikary et al. [15] Beam Hughes–Liu beam
element and solid element

Strain rates
Shear
Bond-slip
Impact mass

The relationship between failure
mode and impact mass of RC
beam members under impact load.

Li et al. [145] Beam
Hughes–Liu beam
element with 2 × 2
Gauss quadrature

Strain rates
Impact energy
Inclination angle of
drop weight
Concrete strength

Investigated the dynamic behavior
of beams subjected to impact
loading rates.
The influences of dynamic effects
and excessive distortion due to
large deformations under impact
loads were incorporated, based on
the DIF models and a method to
automatically remove the distorted
elements, based on predefined
criteria.
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Table 5. Cont.

Reference Type Elements Parameter Effectiveness

Yang [138] Shear wall Solid and truss element

Strain rates
Shear span ratio
Reinforcement ratio
Failure mode

Mechanical property and failure
mode subjected to dynamic
loading rates.

Song and Zhang [18] Shear wall Solid and truss element
Strain rates
Shear span ratio
Axial compression ratio

The response of RC shear wall
with different shear span ratios
and axial compression ratios under
quasi-static load and dynamic load
with high strain rate.

A summary is shown in Table 5, above, demonstrating finite element models of RC
structural members subjected to varying loading rates. Most scholars drew unanimous
conclusions with their experiments. Similar to the experiment, beam and column members
are mostly investigated. Otherwise, RC structural members exhibited different failure
modes, cracking patterns, and damages upon being subjected to static and dynamic loading
rates. Many scholars have paid attention to these behaviors. Studies, like those above, have
also demonstrated the efficacy of numerical analyses.

Based on the ABAQUS software, the detached model of RC column members was
established by one of the authors [64], using the solid element and the truss element, respec-
tively, to simulate concrete and reinforcing steel. The dynamic effects were included through
modification of static material parameters in the damage plastic model of concrete and the
ideal elastoplastic model of reinforcement with the corresponding DIF models [29,30]. For
simplicity, the measured strain of longitudinal reinforcement at the bottom was used to
derive the strain rate of the whole column member. Wang et al. [26] developed the user
material subroutine for concrete and reinforcement, considering the strain rate effects of
the materials. It was suitable for use with the three-dimensional fiber beam element on
the ABAQUS software and could be further applied to nonlinear dynamic analyses and
progressive collapse assessments of RC and steel structures. On the basis of this research
work, the model was refined by Liu et al. [27], who incorporated the strength and stiffness
deterioration levels induced by accumulated damage to the material. These have been
shown to provide better simulation results for dynamic behaviors of RC beams and column
members. The effectiveness of the subroutine and the proposed beam-column element
(Figure 8a) were also verified by Zhang et al. [136], who numerically simulated the dynamic
responses of a shaking table test frame structure. The DIFs of micro-concrete and iron
wire, developed on the test data (Figure 8b), were used to represent the material dynamic
properties in the beam-column models. Based on the ABAQUS software, the responses
of RC shear walls with different shear span ratios and axial compression ratios, under
quasi-static load and dynamic load with high strain rate, were studied. The failure modes
and bearing capacities of shear walls under various shear span ratios, axial compression
ratios and strain rates were also compared (Figure 9) by Zhang [17].
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(a) 

(b) 

Figure 8. Schematic plot of dynamic fiber model for RC beam-column members employing the
user material subroutine. (a) The proposed fiber beam-column element; (b) Stress–strain curves of
micro-concrete and iron wire at different strain rates [136].

Figure 9. Damage to RC shear wall obtained from test and simulations [17].

Using LS-DYNA software, Adhikary et al. [8,15] established a three-dimensional
numerical model for simulating the dynamic behaviors of RC beam members subjected to
varying loading rates. The solid element and the beam element were adopted, respectively,
for concrete and reinforcement. The material models in the software were used with
the further incorporation of strain rate effects. Through numerical modeling, the load
versus mid-span deflection and the cracking patterns of RC beam members were captured
(Figure 10). Due to the assumption of complete compatibility of strains between concrete
and steel, the bond-slip was not considered in this study. A similar method for development
of dynamic numerical modes was proposed by Zhao et al. [139]. Moreover, a simplified
three-degree-of-freedom (TDOF) model was proposed to facilitate investigation of the
dynamic shear behavior of RC beam members subjected to impact loading.
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Figure 10. Comparisons between numerical and test results on cracking patterns for RC beam
members under different loading rates [8].

It was noted that, for most of the numerical models considering dynamic effects,
perfect bonds between the concrete and reinforcement materials were generally assumed.
A few studies were conducted based on the establishment of dynamic numerical models for
RC structural members. Using OpenSees software, a serial element model was developed
by the authors of [64], using a fiber beam-column element with plastic hinges. The dynamic
numerical model incorporated the shear and bond-slip springs. It was able to accurately
reflect the bearing capacity and stiffness degradation values of structural members under
different loading rates. Using LS-DYNA software, a one-dimensional slide line contact
model was proposed by Shi et al. [143] that focused on modeling the blast-induced dynamic
responses of RC column members, considering the bond-slip effect (Figure 11). A 3-D
mesoscale numerical model was established by Jin et al. to investigate the impact resistances
of RC beams under different combinations of mass and velocity [146]. The effects of the
combination of impact mass and velocity on the failure modes of RC beams were simulated
and compared with experimental results (Figure 12). Based on the available material
models in the LS-DYNA software, Rouchette [34] further incorporated the strain rate effect
and used two orthogonal springs to simulate the bond-slip between concrete and steel. It
was found that the accuracy of the FE numerical model, as compared with the no-bond-slip
model, left room for improvement.

In addition to the above mentioned research works, several scholars focused on
modeling the shear failure of RC structural members under dynamic loading rates. Valipour
et al. [131] used a fiber element to establish a numerical model and investigate the dynamic
responses of RC beams and columns. DIF models were adopted to consider dynamic
effects at the fiber level, and the shear cap was introduced at the section level to consider
possible shear failure (Figure 13). Guner and Vecchio [144] developed a simplified method
for dynamic analyses of shear-critical RC frame members under impact and seismic loads.
In this study, the influences of dynamic effects and the shear effect were incorporated based
on the DIF models and the rotating smeared crack approach, respectively. Recently, after
introducing the combined dynamic flexural and shear resistance function, an improved
two-degree-of-freedom (2DOF) model (Figure 14) was proposed by Jia et al. [137] that
aimed to predict possible failure modes (i.e., punching shear, shear, flexure, flexure-shear
and instability) of RC structural members subjected to low-velocity impact loads.
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(a) 

(b) 

Figure 11. Schematic plot of numerical model for RC column members considering the dynamic effect
and bond-slip between concrete and steel. (a) Sketch of fictitious spring between master and slave
nodes in one-dimensional slide line model. (b) Detached numerical model for RC columns [143].

Figure 12. Failure patterns of RC beams obtained from tests and simulations [146].

Figure 13. Comparison of experimental results and numerical simulations of mid-span deflection
versus support reaction for RC beam [131].
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(a) 

(b) 
Figure 14. Schematic plot of 2DOF model for RC structural members considering the dynamic effect
and different failure modes. (a) 2DOF numerical model; (b) Combined dynamic flexural and shear
resistance function [137].

4.2.2. Hysteretic Model Considering Dynamic Effect

The hysteretic model was obtained by describing the load-deformation curve with
skeleton and loading and unloading rules. Classical models include Clough [147], Takeda
model [148], Ozcebe model [149], Park model [150], Bouc-Wen model [151] and others. With
the continuous in-depth research on restoring force characteristics of structural members,
researchers have determined that the degradation of bearing capacities and stiffness caused
by material damage under cyclic dynamic loads significantly affects the structural seismic
performance [33]. Many hysteretic models have been proposed which considered different
degradation effect factors, including strength degradation, stiffness degradation, pinching
effect and negative stiffness segment. A summary is shown in Table 6.
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Table 6. Available hysteretic model considering different degradation effect factors.

Degradation Effect Factors Relevant Studies

Single factor

• Stiffness degradation
Clough [147], Takeda [148], Wen [151], Takayanagi and
Schnobrich [152], Saatcioglu et al. [153], Xu [154], Qu and
Ye [155],

• Pinching effect Ambrisi and Filippou [156]

Multiple factor

• Stiffness degradation
• Strength degradation

Gu et al. [157], Zheng et al. [158], Zheng et al. [159],
Erberik [160], Wang et al. [161]

• Stiffness degradation
• Strength degradation
• Pinching effect

Park and Ang [150], Ozcebeand Saatcioglu [149], Dowell
et al. [162], Mostaghel and Byrd [163], Yan et al. [164],
Wang et al. [165], Yu et al. [166], Sezen and
Chowdhury [167], Leborgne and Ghannoum [168], Chao
and Loh [169], Guo and Yang [170], Yu et al. [171], Cai
et al. [172], Zhao and Dun [173], Huang et al. [174]

• Stiffness degradation
• Strength degradation
• Negative stiffen
• Pinching effect

Song and Pincheira [175], Ibarra et al. [176], Guo and
Long [177], Li [33]

In addition to the above models of macroscopic force-displacement, hysteretic models
of RC structural members reflecting different deformation mechanisms have been proposed
by researchers [178,179]. It should be mentioned that the available hysteretic models were
basically developed without consideration of dynamic effects. Under dynamic loading,
hysteretic behaviors of RC structural members differ greatly from those under static loading.
To consider the influences of dynamic effects, an effective approach might be to establish
dynamic hysteretic models based on available dynamic loading test data. Li et al. [28]
developed a damage index-based dynamic hysteretic model for RC column members
(Figure 15), taking into account dynamic effects as well as different degradation modes (i.e.,
strength degradation, stiffness degradation, pinching effect and negative stiffness segment).
Combined with the usage of concentrated plastic hinge elements, the numerical model
could be applied to structural dynamic analyses considering the real-time dynamic effects
and seismic degradation of members.

  
(a) (b) 

Figure 15. Illustration of hysteretic model for RC structural members considering dynamic effects
and different degradation modes. (a) Static and dynamic skeleton models; (b) Hysteretic rules [28].

4.3. Discussion on Numerical Simulation Works

According to numerical simulation results involvingRC structural members under
dynamic loading [64,129,132,134,136,180], it was concluded that, with increased loading
rates, bearing capacities and stiffness values of structural members were enhanced, whereas
deformation ductility were likely to be decreased. These numerical findings were in good
agreement with available dynamic loading test observations. It has also been shown,
in multiple studies, that cracking patterns, damage and failure modes can be accurately
reflected through numerical analysis [64,134,137,144]. Moreover, parametric studies have
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been carried out to investigate the influences of structural parameters on the dynamic
behaviors of RC structural members [16,64,129,133].

As for numerical analyses at overall structural levels, it was demonstrated by available
studies that the measured dynamic responses of RC structures in experiments could be
more accurately predicted if dynamic effects were included for consideration [136,181].
More importantly, dynamic effects could exert significant influence on seismic responses,
collapse assessments and fragility analyses of RC structures [1,25,135,182–185].

In terms of numerical simulation, some shortcomings remain: (1) most of the FE
numerical models have failed to effectively consider the shear and bond-slip behaviors
between concrete and reinforcement of RC structural members. Due to the lack of relevant
models for RC members under dynamic loading rates, there is a need to develop numerical
models of RC structural members that effectively considering dynamic effects on shear
and bond-slip behaviors. (2) The development of hysteretic models is largely dependent
on limited dynamic loading test data and mathematical simplification. Thus, it will be
necessary to improve model applicability and computational efficiency. (3) Employing
refined numerical models and methods that consider the dynamic effects, further works
must be undertaken to reveal the seismic damage evolution and failure mechanisms of RC
structural members and structures.

5. Concluding Remarks

As RC buildings have been widely constructed and used in civil engineering, en-
hancing their seismic performances and improving the accuracy of seismic evaluations
would play a very important role in reducing the huge human and economic losses in-
duced by earthquakes. The relatively large strain rates found in RC materials may be
observed in structural members under seismic load and compared with those observed
under static load. Meanwhile, the strain rate-sensitivity of materials could result in changes
in the dynamic behaviors of RC structural members—changes that must not be neglected.
However, most current seismic designs and dynamic analyses of RC structures have been
based on a large number of quasi-static experimental results without considering dynamic
effects. Moreover, there is still a lack of consensus regarding whether the dynamic effects
of RC members need to be considered for more reliable structural design and analysis. To
date, a large number of experimental and numerical studies have focused on the dynamic
behaviors of RC structural members under impact and blast load. During the past few
decades, many research works have focused on the dynamic behaviors of RC structural
members subjected to seismic-induced loading rates. In this paper, research progress on
this topic was comprehensively reviewed from experimental, theoretical and numerical
perspectives. The main conclusions have been summarized as follows:

(1) According to the statistical results of available experiments on RC structural members
under dynamic loading rates and seismic load, many tests have been performed
on RC beams and column members under uniaxial loading schemes and static and
dynamic loading rates. As compared with high loading rate tests, the experiments
under median loading rates have been inadequate.

(2) In several experimental studies, structural parameters were designed to be different
in order to facilitate investigation of their influences on the dynamic behaviors of
RC structural members. Most dynamic loading tests measured bearing capacity,
displacement, strain, crack development and failure patterns. In addition, seismic
damage and energy dissipation were indirectly acquired in a number of experiments.

(3) Based on the results of available dynamic loading tests, the following conclusion
was reached: with increased loading rates, the bearing capacity, stiffness and energy
dissipation capacity of members were enhanced, while ductility might be reduced,
and the degradation of stiffness and bearing capacity aggravated. As for failure mode,
research findings have not led to consistency or consensus.

(4) To reflect the influences of loading rates on the mechanical properties of RC materials,
the DIF models established on the dynamic loading tests have been the most widely
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used. By summarizing the DIF models for concrete and reinforcing steel, it was de-
termined that the mechanical behavior parameters for general dynamic modification
included compressive strength, tensile strength, elastic modulus of concrete and the
yielding strength and ultimate strength of reinforcing steel.

(5) The mechanism of dynamic effects on RC structural members under seismic load
could be explained by the strain rate-sensitivity of materials, the inertial effects of
members and evolutions of micro-cracks. However, few research works have focused
on this issue. Dynamic modified models for mechanical behavior parameters of RC
structural members have been developed using finite element (FE) simulation or
experimental results. These models considered the influences of loading rates and
different structural parameters, and could be directly applied to estimate the dynamic
behaviors of RC structural members.

(6) Base on available FE software and self-compiled programs, various numerical meth-
ods have been undertaken by researchers to establish FE models to simulate the
dynamic behaviors of RC structural members under different loading rates. Moreover,
the dynamic hysteretic model established on the dynamic loading test data provided
an effective approach to reasonably consider the influences of dynamic effects.

(7) Through comparison with the test data, it was noted that more accurate results could
be obtained using numerical models and methods that considered dynamic effects. In
a few studies, cracking patterns, damage and failure modes of RC structural members
were accurately captured through numerical simulations. Moreover, numerical studies
could be applied to a broader range of structural parameters and loading rates,
facilitating parametric analyses of the dynamic behaviors of RC structural members.

Given the research gaps in the available literature, the following could be suggested
directions for future research:

(1) For dynamic loading tests, more research on RC structural members subjected to
multidimensional dynamic loads should be carried out. Moreover, more tests should
focus on the influence of dynamic effects on the deformation and damage mechanisms
of structural members. Furthermore, in-depth studies are required to elucidate the
influence of dynamic effects on structural members with different parameters and
failure modes.

(2) Among dynamic modified models, DIF models are the most commonly used to con-
sider the impact of dynamic effects on RC structural members. Due to randomness
in structural members and external dynamic loads, the capability of dynamic modi-
fication, at the material level, to reliably reflect dynamic effects at the member level
should be verified. In addition, the suitability and accuracy of the models proposed at
the member level need to be improved based on supplementary data test data and
advanced theoretical methodologies.

(3) For numerical simulation analysis, researchers should refine the available FE numeri-
cal models of RC structural members by incorporating shear and bond-slip behaviors
with their consideration of dynamic effects. Moreover, more effort should be applied
to improving model applicability and computational efficiency. Furthermore, the
seismic damage evolution and failure mechanisms of RC structural members and
structures must be deeply investigated, utilizing refined models and methods for
numerical simulation.
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