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1. Genesis and Motivation

The changing landscape of building technology, seismic engineering understanding,
data, innovative rehabilitation strategies, and computing efficiency have morphed the field
of structural earthquake engineering and closely allied fields into one of the most dynamic
and vibrant fields of civil engineering, both in research and practice. From seismic code
compliance in design to high-fidelity predictions through human–artificial intelligence
hybrid applications, rapid changes have occurred over the past decade. Recent earthquakes,
on the other hand, have provided a momentous understanding of the seismic behavior of
various structural forms, which should serve as the basis for understanding and innovation.
This Special Issue aims at gather cutting edge innovations and state-of-the-art knowledge
to encourage a more robust understanding for beaconing the future on the topic of seismic
impact on building structures. The scope of the Special Issue is seismic vulnerability to loss
assessment, damage quantification to rehabilitation, and forensics to intelligent predictions
and designs. This gives rise to a one-stop solution for researchers, practitioners, and general
practitioners in terms of understanding and advancements.

2. Seismic Impact on Buildings: A Bird’s Eye View

This Special Issue encompasses 14 cutting-edge research papers from different parts
of the world. Xu et al. [1] propose an ontology-based seismic risk assessment approach
for building structures. Through the hybridization of ontology and semantic web rule
language, the proposed method is justified to be capable of predicting consequences.
The implications are generalized for decision making and risk assessment applications.
Bessason et al. [2] create vulnerability models using loss data recorded after the notable
earthquakes of 2000 and 2008 in Iceland. They conclude that the near-field mean loss will
be constrained to 5% of the replacement value for timber and reinforced concrete buildings.
Considering notable earthquake scenarios, Ademovic et al. [3] shed light on historical
constructions during the Zagreb earthquake. Using visual inspection, in situ testing, and
numerical modeling, they report grave improvements in the ultimate load capacity after
FRCM interventions as opposed to non-strengthened structures. Biglari et al. [4] adopt
two common index-based formulations to assess the damage index spectra of a case study
school building. Their findings highlight the importance and acceptance of damage index
spectra in swift vulnerability assessment campaigns of masonry buildings in active seismic
regions. Papazafeiropoulos and Plevris [5] used strong motion and structural damage
paradigms to underline the devastating impact of the 2023 Mw 7.8 Kahramanmaraş—
Gaziantep earthquake in Turkiye. They infer that the affected structures had inferior
capacity compared to the seismic excitation they observed during the earthquake. They
highlight the occurrence of strong vertical shaking in damage aggravation. Based on the
observations, construction improvements and seismic code updating are recommended as
the way forward.

Buildings 2024, 14, 1545. https://doi.org/10.3390/buildings14061545 https://www.mdpi.com/journal/buildings1
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Biglari et al. [6] assemble empirical and numerical modeling outcomes to compare
fragility functions for reinforced concrete (RC) and steel buildings. Based on the hybrid
approach, they conclude that the Iranian RC and steel building stocks are seismically more
vulnerable than the prevalent code assumes. On the other hand, Isik et al. [7] address a very
pertinent issue of the short column effect in RC buildings through numerical modeling.
Using both force- and deformation-based approaches, they conclude that the short column
formation notably enhances plastic rotation demand and shear force in the columns. In
the meantime, the first story drift was found to be decreased because of the band type
window and slope effect. Tresnjo et al. [8] conducted an experimental dynamic campaign
and integrated that with a seismic assessment for a historical minaret. The comparison
between experimental and eigen analyses shows a good agreement in terms of dynamic
characteristics. Beside this, the applied element method was deployed in nonlinear time
history analysis (NLTHA) for seismic assessment. Their results note that the transition
regions observed stress concentration. Beam–column joints were noted as one of the most
critical components of RC buildings. Owing to the severity and widespread concern,
Ahmad et al. [9] proposed a computationally efficient approach to model the nonlinear
behavior of beam–column joints in a substandard RC construction. They further reinforce
the numerical modeling proposal with a full-scale quasistatic cyclic test. Congregating
numerical and experimental results, they concluded that the collapse likelihood of a sub-
standard RC under design earthquake increases from 4.20% to 29.20%. Phan et al. [10]
integrated regression and classification schemes to predict shear strength and failure modes
in rectangular RC columns. Using 541 experimental datasets, they concluded that the
K-nearest neighbor (KNN) outperformed any other classifier or regressor. They highlighted
the importance of machine learning applicability in addressing structural engineering, and
also developed a graphical user interface (GUI) for shear strength prediction and failure
characterization.

Despite addressing damage, vulnerability, and risk, strengthening and seismic improve-
ments are also incorporated into the themes of this Special Issue. Shreekeshava et al. [11] used
half-scaled samples to assess the efficacy of strengthened and non-strengthened masonry
infilled RC frames under cyclic lateral in-plane loading. They concluded that the maximum
drift can be lowered by 24% under in-plane actions if geo-fabric is used to strengthen the
infill–frame interfaces. Sharifi Ghalehnoei et al. [12] reported the outcomes of numerical
modeling for RC beams strengthened by carbon-fiber-reinforced polymer grid-strengthened
engineering cementitious composites. They compared analytical and numerical results
and concluded that the difference between these approaches is not significant. Moreover,
their findings highlight that the shear capacity of strengthened beams is around 35–50%
more than that of common RC beams. Wu et al. [13] assessed the performance of active
and passive control techniques and concluded that the multiple active tuned mass damper
with an inerter system surpasses its peers in controlling structural response and stroke
of devices. They also highlighted the capacity of the multiple active tuned mass damper
system with an inerter system in checking structural and environmental fluctuations, which
leads to superior robustness and stability. Finally, Avinash et al. [14] provide a comprehen-
sive review of sliding isolation systems considering several dimensions of base isolation
systems. They incorporated hybrid and active isolation systems, shedding light on passive
sliding isolation systems.

3. Précis and a Way Forward

Recalling the famous quote by Prof. Nick Ambraseys, “earthquakes do not kill people-
building do”, the evolution of structural earthquake engineering focusing on the seismic
impact on buildings has remained spurious throughout, particularly due to the contri-
butions and lessons from a vast swath of resources pivoted to damage, loss, fatalities,
innovations, etc. The progress made to achieve a particular milestone is usually stirred by
occasional devastating earthquakes, so the field has remained greatly dynamic. The congre-
gation of empirical, numerical, experimental, analytical, heuristic, and hybrid approaches
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in the era of high-performance computing can be streamlined to check the devastation
during one of the most destructive phenomena of nature. The collective conclusion of
the published papers highlights the need for cross-border and cross-field collaboration in
knowledge exchange and rational solutions. Although much has already been done, Barry
Schwartz’s famous insight, “more is less”, holds true in structural earthquake engineering
under the unprecedentedly large dimensions of the propagating issues. The structural
earthquake engineering field, as addressed in this Special Issue, awaits more rational,
innovative, economical, versatile, and globally localized solutions to protect humankind
from earthquake impacts.

Conflicts of Interest: The authors declare no conflict of interest.
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7. Işık, E.; Ulutaş, H.; Harirchian, E.; Avcil, F.; Aksoylu, C.; Arslan, M.H. Performance-Based Assessment of RC Building with Short
Columns Due to the Different Design Principles. Buildings 2023, 13, 750. [CrossRef]
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Scenario-Based Seismic Risk Assessment for the Reykjavik
Capital Area
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2 Natural Catastrophe Insurance of Iceland, 201 Kópavogur, Iceland; jon@nti.is
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Abstract: About two-thirds of the population in Iceland lives in the Reykjavik capital area (RCA),
which is close to active volcanoes and seismic zones. In the period 1900–2019, a total of 53 earthquakes
of Mw ≥ 5.0 struck in these zones. The two largest events in the Reykjanes Peninsula, Mw6.36 and
Mw6.12, occurred in 1929 and 1968, respectively. Both events were less than 20 km from the outskirts
of the RCA. Late in the year 2020, the seismicity on the peninsula greatly increased due to magma
intrusion and volcanic activity, which has so far resulted in three eruptions, in 2021, 2022, and 2023, and
six earthquakes of Mw ≥ 5.0. Based on historical and geological data, the ongoing activity is probably
the initial phase of an active period ahead that could continue for many decades, and has the potential
to trigger larger earthquakes like those in 1929 and 1968. Further east, in the South Iceland Seismic
Zone, two earthquakes of Mw6.52 and 6.44 struck in June 2000, and in May 2008, a Mw6.31 earthquake
occurred. In both cases, around 5000 buildings were affected. Insurance loss data from these events
have been used to develop empirical vulnerability models for low-rise buildings. In this study, the loss
data are used to calibrate seismic vulnerability models in terms of the source-site distance. For a given
magnitude scenario, this provides a simpler representation of seismic vulnerability and is useful for
emergency planning and disaster management. These models are also used to compute different types
of scenario risk maps for the RCA for a repeat of the 1929 earthquake.

Keywords: disaster preparedness; emergency planning; seismic vulnerability; seismic fragility;
risk maps

1. Introduction

Seismic resilience is crucial for communities and infrastructure exposed to seismic
hazards. It is defined as the ability of a system to withstand, adapt to, and recover from de-
structive earthquakes. Strengthening infrastructure, improving building codes, enhancing
emergency preparedness, and increasing educational and knowledge level can collectively
reduce the potential consequences of seismic events. To formulate strategies and policies
aimed at increasing seismic resilience, it is vital to have knowledge of the seismic risk for
the community in question [1–3]. This study focuses on a vulnerability assessment and a
scenario-based seismic risk assessment for the Reykjavik capital area (RCA) in Iceland. A
known past Mw6.36 earthquake is used as a scenario event, representing one of the most
damaging scenarios for the RCA among all known earthquakes in its vicinity.

In addition to seismic hazard and exposure models, the seismic vulnerability of struc-
tures and infrastructures is a key factor in seismic risk assessment. Vulnerability models
can be based on (1) judgement-based methods [4,5]; (2) analytical simulations and experi-
ments [6,7]; (3) empirical methods using loss data from post-earthquake surveys [8–10]; and
(4) hybrid methods with combinations of two or more of these methods. All these methods
have their advantages and drawbacks. When local loss datasets exist, they always offer
valuable information to learn from, and to use to predict losses for similar future events.

Buildings 2023, 13, 2919. https://doi.org/10.3390/buildings13122919 https://www.mdpi.com/journal/buildings4
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In this century, three destructive, shallow (5–8 km), strike-slip earthquakes have oc-
curred in the South Iceland Seismic Zone (SISZ). On 17 and 21 of June 2000, Mw6.52 and
Mw6.44 earthquakes hit in the eastern part of the zone [11,12]. Both were on north–south-
oriented faults approximately 16 km apart (Figure 1). The fault rupture lengths shown in the
figure are based on the post-earthquake micro seismicity. These earthquakes affected nearly
5000 low-rise residential buildings [13]. Then, the western part of the zone was hit on 29 May
2008 by a Mw6.31 earthquake [14,15]. This event also affected nearly 5000 buildings.

 

Figure 1. South Iceland Seismic Zone (SISZ). The map shows the epicentre and fault rupture of the
two South Iceland earthquakes of 17 June 2000 ( Mw = 6.52) and 21 June 2000 ( Mw = 6.44), and the
Ölfus earthquake of 29 May 2008 ( Mw = 6.31).

The monetary losses of all damaged buildings caused by the 2000 and the 2008 earth-
quakes were collected and compiled for insurance claim settlements. Two loss datasets
were created and named the 2000 and 2008 datasets. These datasets have, to some extent,
been analysed, and advanced empirical vulnerability models have been developed inde-
pendently for each dataset [13,16,17]. In all these studies, the peak ground acceleration
(PGA) has been used as an intensity measure (IM) using a local ground motion prediction
model (GMPM) reported in [18]. Bessason et al. [17] report differences for the same building
typologies in the vulnerability models derived from the two datasets and suggest that the
model calibrated from the 2000 dataset is used for events in the Mw range 6.4–6.6, while
the one based on the 2008 dataset is used for quakes in the Mw range 6.2–6.4. The scenario
event of Mw6.36 is just below the magnitude range covered by the 2000 dataset, but within
the range covered by the 2008 dataset.

The applied local GMPM used in recent local vulnerability assessments [13,16,17]
predicts the PGA using three variables, as follows:

PGA = f
(

Mw,RJB, S
)

(1)

where Mw is the moment magnitude. RJB is the Joyner–Boore distance [19], which is the
distance from the site to the surface projection of the rupture plane. For a vertical fault
plane like in the June 2000 and 2008 strike-slip earthquakes, this is the distance to the
surface trace of the causative fault (see Figure 1). Finally, S is a site factor which is taken as
0 for rock sites and 1 for stiff soil conditions. Based on geological maps from the Icelandic
Institute of Natural History [20], all the main settlements and almost all the built areas
affected by the May 2008 earthquake are rock or lava sites (see also [21]). For the affected
areas in June 2000, most of the building sites are also rock or lava sites, although some
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areas along the coast, mainly east of the Thjórsá River and south of the town of Hella (see
Figure 1), contain sediments and can be classified as stiff soil sites [20]. For simplicity, rock
site conditions are considered for all the building sites in this study. This means that the
PGA estimated at each site is only a function of Mw and RJB (see Equation (1)). Therefore,
for a fixed Mw and S = 0 (rock site), the PGA and RJB are linked and fully correlated using
the GMPM.

While vulnerability models based on ground shaking intensity such as the PGA are
more commonly used in the literature because of their application in probabilistic risk
studies, scenario-based studies can benefit from alternative models. For example, for a
given magnitude scenario, vulnerability models based on the source-to-site distance can be
useful. They are easier to comprehend as they relate directly to the expected damage zone.
In areas which are characterised by earthquakes of a similar characteristic size, vulnerability
models based on the source-site distance are suitable for scenario-based risk assessment.
Although this parameter is not, in the true sense, a ground motion intensity measure, it can
be thought of as a proxy for it for a given magnitude.

The first main objective and novelty of the present work is to independently calibrate
vulnerability models for the 2000 dataset (∼ Mw6.5) and the 2008 dataset (∼ Mw6.3) as
a function of RJB. The benefits of using RJB instead of the PGA is twofold. Firstly, it is
easier in emergency planning for stakeholders, civil defense officials, decision-makers,
and politicians with a limited technical and/or earthquake engineering background to
understand and use vulnerability and fragility curves as functions of distance rather than
functions of the PGA or some other complicated intensity measure. Secondly, GMPMs that
estimate ground motion intensity measures tend to evolve over time with new data and
are associated with significant uncertainties. In this aspect, the use of a median intensity
measure predicated using a GMPM in calibrating vulnerability models fails to capture
this inherent uncertainty. On the other hand, for a well-understood tectonic environment,
with reliable seismic scenarios, the source-site distance is relatively well defined. It is,
nevertheless, associated with certain uncertainties regarding the length of rupture and
location of the epicentre on the fault, but the same uncertainties are also associated with
the PGA. Such uncertainties in scenario modelling can be considered by defining different
potential scenarios. This approach also makes the vulnerability model independent of a
GMPM. Despite the suggested simple presentation of the explanatory variable, calibration
of the model is nevertheless based on advanced statistical modelling, such as that reported
by [13,17].

The second novel objective of this study is to prepare different types of scenario
risk maps for the RCA. The considered scenario is a repeat of the 1929 earthquake in the
Reykjanes Peninsula. This quake was probably the most damaging scenario for buildings
in the RCA of all known earthquakes in its vicinity. Given the heightened and ongoing
volcanic and earthquake activity in the Reykjanes Peninsula, as described in the next
section, these risk maps can be employed to enhance the seismic resilience of the Reykjavik
capital area (RCA).

The upcoming section discusses the seismic hazards for the RCA and outlines the
exposure data for residential buildings. This is followed by a section describing the 2000 and
the 2008 loss datasets, along with the theoretical background for the empirical vulnerability
model. The concluding section encompasses the results and discussion, divided into two
parts. The first part presents calibrated vulnerability and fragility curves as functions of the
Joyner–Boore distance. The second part focuses on presenting scenario-based risk maps for
the RCA.

2. Seismic Hazard and Exposure Data

2.1. Seismic Hazards in the Reykjanes Peninsula

About two-thirds of the population of Iceland lives in the Reykjavik capital area (RCA).
The capital area is in the north-east part of the Reykjanes Peninsula, which is an active
seismic and volcanic zone (Figure 2) [22]. In a new harmonised earthquake catalogue

6



Buildings 2023, 13, 2919

for Iceland covering the instrumental period from 1900–2019, a total of 53 earthquakes of
magnitude Mw ≥ 5.0 are reported in the Reykjanes Peninsula and Ölfus, the western part
of the South Iceland Seismic Zone (SISZ) (Figure 2) [12]. Of these, three earthquakes had a
magnitude greater than six: Mw6.36 in 1929, 6.12 in 1968, and 6.31 in 2008. The first two
had an epicentral distance of less than 20 km from the outskirts of the RCA. In addition,
three historical earthquakes in the period 1700–1900, all with an estimated Mw6.1, struck in
Ölfus in 1706, 1766, and 1896, respectively (Figure 2) [12].

The main characteristic of the seismicity on both the Reykjanes Peninsula as well as
in the SISZ are shallow (5–10 km), strike-slip earthquakes with N–S faulting and vertical
fault planes (dip angle ~90◦) [23]. The estimated upper magnitude bound for earthquakes
in the Reykjanes Peninsula is Mw6.5. This is supported by historical and instrumentally
recorded earthquakes as well as geological evidence. Further east, in the SISZ, bigger
events are known to occur [12]. In that area, the crust is thicker and capable of storing
larger seismic strains. The fault lengths shown in Figure 2 are based on models by Wells
and Coppersmith [24], and the epicentre is placed in the middle of the fault.

 

Figure 2. Reykjanes peninsula. Red thin lines show the road system and thicker red lines can be used
to identify settlements and towns. Instrumental recorded earthquakes in the period from 1900–2019
with Mw ≥ 5.0 and three historical earthquakes from 1700 to 1900 with Mw ≥ 6.0 in the Ölfus region
are shown [12]. The largest events (red stars) are marked with the year they struck. The black lines
indicate computed surface fault rupture and the dotted brown lines the subsurface rupture based
on the rupture model by [24]. Eruptions in the period 2021 to 2023 are marked with violet triangles
and year.

Late in the year 2020, the seismic activity greatly increased in the western part of
the Reykjanes Peninsula due to magma intrusion and volcanic activity, which has so far
resulted in three eruptions. The first eruption started on 19 March 2021 and lasted for a
few months. The second eruption, which began on 3 August 2022, was relatively brief,
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lasting only two weeks. The third eruption initiated on 10 July 2023 and endured for
few weeks (Figure 2). Intense seismicity preceded all these eruptions. In the period from
October 2020 to October 2023, six earthquakes of Mw ≥ 5.0 occurred in the area close to
the eruptions. The largest event was Mw = 5.6 on 24 February 2021 [25]. Historical and
geological information indicate that the incipient volcanic and associated seismic activity
in the region might last for many decades to come [26]. The seismicity in the period
prior to the eruptions caused discomfort among the residents in the small towns closest to
eruption, mainly in Grindavik, which was the closest, but also in Vogar and Njardvik. The
ground shaking was also clearly felt in the RCA. Nevertheless, these events only caused
minor damage related to cosmetic and non-structural losses (objects falling on flooring,
etc.). In total, 25 insurance claim payouts were made by Natural Catastrophe Insurance of
Iceland [27], which is a public institution that oversees the insurance of buildings and other
properties in Iceland against natural disasters like earthquakes. In Iceland, all real estate
is mandated by law to be insured against natural disasters. At present, the deductible is
EUR ~2600 for each property for a given damaging event. This means that although the
losses in the above 25 cases were minor, they were nevertheless higher than the deductible.
The ongoing activity in the area has the potential to trigger larger tectonic earthquakes in a
magnitude range like those in 1929 and 1968 (see Figure 2).

2.2. Exposure Data

The building stock in the Reykjavik capital area (Reykjavík, Kópavogur, Gardabær,
Hafnafjördur and Seltjarnarnes) has quite a different composition than the building mass
in the SISZ contained in the two datasets (see Section 3.2). In Figure 3, the dwellings in
RCA are classified according to the building material, number of storeys, and code level.
Around 95% of the dwellings are in buildings made of concrete or concrete+other material,
whilst only 1% of the dwellings are in masonry buildings. Around 26% of dwellings are in
1–2-storey buildings and 56% are in 3–5-storey buildings. Finally, 62% of the dwellings are
buildings designed in the moderate-code and high-code period (see Table 1). The lateral load
resisting system for most of the building stock is structural walls like in the SISZ. The RCA has
expanded in recent decades. Therefore, most of the moderate-code and high-code buildings
are in the suburbs of the municipalities closest to the fault rupture of the scenario event of 1929
(Figure 2). Apartment buildings are common in the new districts and all the storey classes in
Figure 3b can on the other hand be found almost everywhere within the RCA.

Figure 3. Classification of dwellings in the Reykjavik capital area, according to; (a) building material,
(b) number of storeys, and (c) code level. The data behind “material” and “number of storeys” are
from the official property database in Iceland accessed in August 2023 [28].
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Table 1. Status of seismic design codes in Iceland for different construction periods.

Status Description Comment Period

CDN No-code No seismic design code <1958
CDL Low-code First generation of seismic codes 1958–1975
CDM Moderate-code Second generation of seismic codes 1976–2001
CDH High-code Latest generation of seismic codes ≥2002

3. Loss Data and Empirical Vulnerability Model

3.1. Loss Data

It is mandated by law in Iceland to have insurance against destructive natural events.
This includes events like earthquakes, landslides, avalanches, floods, etc. The insurance
is a part of the fire insurance terms. If a property has fire insurance, it also has natural
disaster insurance. The insurance is managed by Natural Catastrophe Insurance of Iceland
(NCI) [27]. After the June 2000 earthquakes, the repair cost of damaged properties was
estimated by trained assessors to fulfil insurance claims. The affected area is an agricultural
region with farms, settlements, small towns, and all the infrastructure assets of a modern
society. The two events in June 2000 occurred within only four days, and therefore the
observed damage may include accumulate damage from both events. The distance between
the fault ruptures of the 17 June and 21 June events is approximately 16 km (Figure 1). The
attenuation of wave propagation is high in Iceland due to a geologically young and cracked
volcanic bedrock and layered lava fields. In [13], it was argued that almost all the damaged
buildings in June 2000 were only affected by the earthquake closest to the building in
question. Only very few buildings were in the middle area at a similar distance from each
fault, and thereby affected “equally” by both events (Figure 1). In the 2000 dataset, each
loss unit refers to a “building” where a building is defined from a street address (see [16]
for more details).

After the May 2008 earthquake, similar methods as for the 2000 earthquakes were
used to assess repair cost to establish the 2008 loss dataset. In the 2008 dataset, the loss
unit is a “dwelling”. In 2000 and 2008, the insurance deductible was low (EUR 650 per
dwelling). This low value encouraged all owners to report damage to their properties
to receive insurance payback. This is the main reason for the assumption that both the
2000 and the 2008 datasets are complete and include all affected buildings in the region
(PGA > 0.05 g) which is rare to find in other studies [29]. The deductible has now been
raised to EUR ~2600 per dwelling.

The two datasets cover the loss estimates for both structural and non-structural el-
ements. The term “non-structural elements” includes cladding, flooring, fixtures, and
technical systems (electrical installations, plumbing, etc.). Damage to the building content,
that is, loose household items like furniture, TVs, computers, etc., is not included. In
this study, the presented vulnerability models are assessed for the combined losses of
the structural and non-structural damage given in the datasets. A damage factor, DF, is
computed for each building unit, which is defined as:

DF =
Estimated repair cost
Fire Insureance Value

=
ERC
FIV

(2)

where ERC is the combined estimated repair cost. The fire insurance value (FIV) is obtained
from an official property database. The FIV is estimated as the depreciated replacement
value (DRV) plus the cost of dismantling and transporting the debris. The dismantling
and transport cost is taken as 12% of the DRV. The DRV is based on age, construction
material, and general condition. The FIV is used by NCI to define the maximum payback
that a building owner can receive for a dwelling/building with “total damage” or total
“loss” (DF = 1). In practice, damage equivalent to “total loss” was assigned to most of the
buildings that suffered an estimated repair cost of more than 70% of their FIV value in
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the 2000 dataset. In the 2008 dataset, total loss was estimated on a case-by-case basis for
dwellings with an estimated loss in the range 50–70% of their FIV.

3.2. Building Taxonomy of the Loss Data

The Property Registry in Iceland [28] maintains a detailed property database for all
building units in Iceland. It contains information on the construction material, year of
construction, number of storeys, usage (residential, service, industry, etc.), floor area, street
address, GPS coordinates, fire insurance value, etc. It does not include information on
the lateral load resting system or main structural system, nor about the site conditions
(bedrock, soil, etc.). In this study, the GEM taxonomy was used to classify all the building
units in the datasets [30]. Only residential buildings were considered. The 2000 dataset is a
building-by-building set, while in the 2008 dataset is a dwelling-by-dwelling set. Most of
the buildings in the datasets are one or two storeys, and in such cases, building units and
dwelling units are the same.

In the 2000 dataset, 54% of the residential buildings were built of concrete (C), almost
all cast-in-place (CIP); 37% were timber buildings (W) made of light wood (WLI); 9.3%
unreinforced masonry buildings (MUR + CBH + MOC) built before 1976 when seismic
codes were first implemented in Iceland; and the rest, 0.3%, used other construction
material. Only 23 buildings, mostly made of timber, were built before 1900 and the oldest
building was built in 1875. Regarding height, 68% of the buildings were one-storey, 23%
two-storey, 7.9% three-storey, and 0.3% four-storey. No buildings were higher. In the
2008 dataset, where all losses refer to dwellings, 45% of them were in buildings built of
concrete, 48% in timber buildings, and 7.6% in masonry buildings. Furthermore, 74% of the
dwellings were in one-storey buildings, 19% in two-storey, 5.9% in three-storey, and 0.5%
in four-storey buildings. In the 2008 dataset, 19 dwellings were in buildings built before
1900, and the oldest one was constructed in 1875.

Since only a low fraction of the affected buildings are three-storey or higher in both
datasets, they were excluded in the modelling and the evaluated models therefore only
consider one- to two-storey buildings. These buildings were combined and the class marked
with HBET:1,2 according to the [30] taxonomy.

The lateral load resisting system for almost all the buildings in the two datasets are
structural walls. Based on the GEM taxonomy, LWAL is therefore used to identify the
structural system. In both datasets, the masonry buildings are built of unreinforced, hollow
concrete blocks using light-weight pumice as the main aggregate (high-porosity volcanic
rock). The foundations and the bottom slabs in both timber and masonry buildings are
usually made of reinforced concrete. Concrete frame buildings with stone or brick infills,
which are common in South Europe, do not exist in Iceland. For more details of the building
characteristic, see [17].

Crowley et al. [31] classified the status of seismic design codes in different European
countries, including Iceland, into four categories based on the construction period (Table 1).
In [17], it was concluded that no-code and the low-code (CDN + CDL) buildings could be
combined into one class, and the moderate-code and the high-code (CDM + CDH) buildings
into one class. However, in the 2000 dataset, no building belongs to the high-code period,
which started in 2002. Only one class, CDN + CDL, is available for masonry buildings, as
most of them, 98%, were built before 1976. The 2% remainder were not used in the model
calibration. Table 2 sums up how the building units in the two loss datasets are distributed
into the five building typologies used in this study.
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Table 2. Classification of residential buildings affected by the June 2000 and May 2008 earthquakes.

Short
Name

GEM Building Taxonomy
2000 Dataset 2008 Dataset

Number (%) Number (%)

C-NL CR + CIP/LWAL/HBET:2,1/CDN + CDL 1665 35 1112 23
C-M or
C-MH 1 CR + CIP/LWAL/HBET:2,1/CDM + CDH 907 19 1003 21

W-NL W + WLI/LWAL/HBET:2,1/CDN + CDL 692 15 649 14
W-M or
W-MH 1 W + WLI/LWAL/HBET:2,1/CDM + CDH 1047 22 1623 34

M-NL MUR + CBH + MOC/LWAL/HBET:2,1/CDN + CDL 443 9.3 359 7.6

Total sum 4754 100 4746 100
1 C-M and W-M refer to the 2000 dataset since that dataset includes no high-code buildings, whilst C-MH and
W-MH refer to the 2008 dataset.

3.3. Vulnerability Model

In the June 2000 and May 2008 earthquakes, a high proportion of the buildings/dwellings
in the affected area (PGA > 0.05 g) had no losses, DF = 0, whilst buildings with total losses,
DF = 1, were rare in both datasets. In between these extremes are a number of building units
with some loss, that is, a DF in the range 0 to 1. Since the loss dataset includes “zero” and
“one” values and then many values in between, it is preferable to use a mixed continuous–
discrete regression to model the data, that is, discrete models to cover the DF = 0 and DF = 1
cases, and then continuous regression for loss data in the range (0, 1). The beta probability
distribution is flexible and can take a wide range of shapes. It is also bounded in the
interval (0, 1) and is therefore suitable to cover the continuous regression in the model. Beta
distribution was used in ACT-13 [4,5] to model losses, where judgement-based methods
were applied. In the GEM guidelines for empirical vulnerability assessment [29], beta
regression is mentioned as potential future method. In this study, where the data include a
high fraction of zero-loss incidents but only small number of total losses, a zero-inflated
beta regression model is well suited [32]. This is an improved beta regression model to take
care of zeros. The discrete modelling of the total loss buildings (DF = 1) is excluded, but
instead the DF for these buildings is assigned a value less than 1. This model has been used
earlier to model both the 2000 dataset and the 2008 dataset using the PGA as the intensity
measure in a five-parameter model for each building typology [13,17].

A two-step regression process is used to construct the vulnerability model. This
approach is explained schematically in Figure 4 using the PGA as intensity measure and
the loss data from the 2000 dataset for the C-NL class (1665 datapoints, see Table 2). The
PGA can be replaced with any other desired intensity measure or its proxy, like for instance,
the Joyner–Boore distance, RJB, as in Section 4. In Figure 4a, the loss data (raw data) are
shown. Each point indicates the estimated DF based on Equation (2) for the given building
unit and the computed PGA at the property site in question. In Figure 4b, the loss data
are transformed into binomial variables, i.e., Y = 0 if DF = 0 and Y = 1 if DF > 0. The data
points are jittered in the range [−0.05, 0.05] for Y = 0 and in the range [0.95, 1.05] for Y = 1
to better show the density of the data points. A logistical regression model (LM), which is a
type of generalised linear model, is then used to analyse the relationship between Y and
the PGA, that is, to model the probability of obtaining loss as a function of the PGA. The
logistical model for each building typology is given as:

loge

(
p

1 − p

)
= β0 + β1 · PGA (3)

where β0 and β1 are regression parameters and p is the probability of sustaining losses
(DF > 0) (Figure 4b). The parameters of the model are computed using the general linear
model package, glm, in R [33].
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Figure 4. Flowchart that explains the main steps in the zero-inflated beta regression model: (a) loss
data form the 2000 dataset for C-NL (black dots); (b) logistical regression model (LM); (c) conditional
beta regression model (BM); (d) vulnerability model (VM) obtained by combining the LM and BM;
(e) probability density function for the DF for PGA = 0.4 g; (f) fragility functions based on predefined
DF bins (see Table 3).
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Table 3. Definitions of damage states in this study.

Damage State Description DF Bins

DS0 No damage DF = 0
DS1 Slight damage 0.00 < DF ≤ 0.05
DS2 Moderate damage 0.05 < DF ≤ 0.20
DS3 Extensive damage 0.20 < DF ≤ 0.50
DS4 Complete damage DF > 0.5

A beta regression [34] is carried out for the data points with a DF > 0 to model the
continuous loss distribution (Figure 4c). The beta probability density function (PDF) is
given as:

f (x; μ, ϕ) =
Γ(ϕ)

Γ(μϕ)Γ(1 − μ)ϕ
xμϕ−1(1 − x)(1−μ)ϕ−1 (4)

where x is the random variable in the range (0, 1); μ is the mean; ϕ the precision; and
Γ(·) is the gamma function. The mean and precision of the beta PDF are related to the
linear predictors η1 and η2 using link functions, g1(·) and g2(·). The linear predictors are a
function of the ground shaking intensity measure or its proxy. The link functions must be
strictly monotonic and differentiable twice. The logit link function was adopted for μ, and
the log link function for ϕ:

g1(μ) = logit(μ) = log
(

μ

1 − μ

)
= η1 (5)

g2(ϕ) = log(ϕ) = η2 (6)

The first predictor is a function of the intensity measure while the second is a constant:

η1 = θ0 + θ1 · loge(PGA) (7)

η2 = θ′0 (8)

where θ0, θ1, and θ′0 are regression coefficients. The beta regression is carried out in
R [33] using the betareg package. Finally, the logistical model and the conditioned beta
model are combined to obtain the vulnerability model (Figure 4d). Hence, for a given
building typology, five parameters

{
β0, β1, θ0, θ1, θ′0

}
define the vulnerability model.

The expected value and the variance of the DF for the combined model are given as:

E[DF] = p · μ (9)

Var[DF] = p · μ · (1 − μ)

ϕ + 1
+ (1 − p) · p · (μ)2 (10)

The total probability theorem can then be used to compute the desired prediction interval:

P[X < x] = 1 + p · (FX(x, μ, ϕ)− 1) (11)

where FX(x,μ,ϕ) is the beta cumulative distribution function (CDF) for a given building
typology, which is a function of the PGA. Hence, from the vulnerability model, it is possible
to directly compute the PDF for the random variable DF for any given PGA. An example of
this is shown in Figure 4e for a PGA = 0.4 g. Finally, by defining bins for different damage
stages, fragility curves can be constructed using Equation (11). The loss bins and the verbal
description of every damage state here are based on [35] (see Table 3). Fragility curves
based on the procedure are shown in Figure 4f. For more details, see Bessason et al. [17].
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4. Results and Discussion

4.1. Vulnerability Curves and Fragility Curves

By replacing the PGA in Equations (3) and (7) with the Joyner–Boore distance, RJB, a
new set of model parameters were estimated for the ZIBR model. To account for outliers
in the two datasets, as applied in previous studies [13,17], all data points with a DF > 0.85
were replaced with a max value of DFmax = 0.85. This was carried out for 15 concrete,
5 timber, and 13 masonry buildings in the 2000 dataset, and for 4 concrete, 7 timber, and
12 masonry dwellings in the 2008 dataset. Furthermore, the same type of data weighting
was performed as in [13,17]. The model parameters are given in Table 4 for the building
typologies defined in Table 2. The vulnerability curves using RJB as an intensity parameter
are shown in Figure 5 for five building typologies for each dataset (Table 2). For the 2000
dataset, corresponding to a Mw6.5 event, the mean DF is down to 0.01 (1% loss) at a less than
20 km distance for all the four concrete and timber building classes (Figure 5a,c,e,g) and at
23 km for the masonry buildings. For the 2008 dataset, corresponding to a Mw6.3 event, the
mean DF is at 0.01 at less than 15 km for all the five building typologies (Figure 5b,d,f,h,j).
In Figure 6, the fragility curves computed directly from the vulnerability model using the
damage state definitions given in Table 3 and Equation (11) are shown. As an example,
at a 20 km fault distance (RJB), the probability of exceeding DS1 (slight damage) is less
than 5% for all the 1–2-storey concrete and timber buildings based on the model from the
2000 dataset. For the 2008 dataset, the corresponding distance is 15 km. Similarly, the
probability of exceeding DS2 (moderate damage), that is, when the DF exceeds 0.20 (20%
loss), is approximately zero at a Joyner–Boore distance of 20 km or more for no-code and
low-code concrete buildings based on the 2000 dataset (Figure 6a). For the 2008 dataset and
the same building typology, the probability of exceeding DS2 at a 10 km distance or more
(Figure 6b) is approximately zero. In all cases, the probability of exceeding DS4 is very low.

Table 4. Estimated model parameters for the ZIBR model using the Joyner–Boore distance as intensity
measure. See Table 2 for definition of building typologies.

Dataset
Building
Typology

β0 β1 θ0 θ1 θ’
0

2000 C-NL 1.748 −0.202 −1.798 −0.148 1.592
2000 C-M 0.800 −0.167 −2.505 −0.155 2.648
2000 W-NL 1.147 −0.192 −1.490 −0.215 1.480
2000 W-M 1.098 −0.268 −2.765 −0.029 2.371
2000 M-NL 1.823 −0.191 0.0075 −0.616 0.964

2008 C-NL 2.551 −0.388 −2.327 −0.201 2.851
2008 C-MH 2.018 −0.386 −2.928 −0.204 3.756
2008 W-NL 0.764 −0.185 −2.389 −0.020 2.395
2008 W-MH 0.748 −0.175 −2.997 −0.160 3.635
2008 M-NL 2.094 −0.302 −1.307 −0.247 1.185

An indicator of the reliability of the vulnerability models in Figure 5 can be measured
by using them to simulate both the mean DF, and the accumulated loss in the 2000 and 2008
earthquake and compare the results to actual observations. The result of this simulation
for each building typology and each dataset is shown in Table 5. The ratios are within
reasonable limits: the lowest ratio for RDF is 0.81 and the highest is 1.18. For RLoss, the
lowest ratio is 0.98 and the highest is 1.17. This indicates that the ZIBR model calibrated for
the Joyner–Boore distance provides acceptable results which are comparable to the results
obtained using the PGA as an intensity measure (see [17]).
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Figure 5. Raw data (black dots) and fitted vulnerability functions for 1–2-storey buildings/dwellings
based on the ZIBR model with the Joyner–Boore distance as intensity measure for no- and low-code
concrete buildings/dwellings in (a) the 2000 dataset and (b) the 2008 dataset; (c) moderate-code
concrete buildings in the 2000 dataset; (d) moderate- and high-code concrete dwellings in the 2008
dataset; no- and low-code timber buildings/dwellings in (e) the 2000 dataset and (f) the 2008 dataset;
(g) moderate-code timber buildings in the 2000 dataset; (h) moderate- and high-code timber dwellings
in the 2008 dataset; and no- and low-code masonry buildings/dwellings in the (i) 2000 dataset and
(j) in the 2008 dataset.
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Figure 6. Fragility functions for one- to two-storey buildings/dwellings based on the ZIBR model with
the Joyner–Boore distance as intensity measure for no- and low-code concrete buildings/dwellings
(a) in the 2000 dataset and (b) in the 2008 dataset; (c) moderate-code concrete buildings in the 2000
dataset; (d) moderate- and high-code concrete dwellings in the 2008 dataset; no- and low-code
timber buildings/dwellings in (e) the 2000 dataset and (f) the 2008 dataset; (g) moderate-code timber
buildings in the 2000 dataset; (h) moderate- and high-code timber dwellings in the 2008 dataset; and
no- and low-code masonry buildings/dwellings in the (i) 2000 dataset and (j) in the 2008 dataset.
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Table 5. Ratio of simulated mean DF to actual mean DF from loss data (RDF), and ratio of simulated
accumulated loss to actual accumulated loss (RLoss) for the five building typologies.

Dataset C-LN
C-M or
C-MH

W-NL
W-M or
W-MH

M-NL Mean

RDF 2000 0.94 0.99 0.81 0.90 0.87 0.90
RDF 2008 1.07 0.98 1.09 0.94 1.18 1.05

RLoss 2000 1.17 1.06 1.12 1.11 1.11 1.11
RLoss 2008 1.06 0.99 1.00 1.03 1.13 1.04

4.2. Scenario-Based Risk Maps

By using the vulnerability functions in Figure 5, scenario risk maps can be constructed.
The Mw6.36 earthquake on 23 July 1929 with an epicentre 21.75◦ W and 63.95◦ N [12] is
used as the scenario (see Figure 1). This event can be considered to have the most effect
in the RCA of all known historical and instrumentally recorded events in the vicinity
of Reykjavik. The subsurface rupture model by Wells and Coppersmith [24] is used to
estimate the projected fault line on the surface (brown dotted line in Figure 1), which is
then used to compute the Joyner–Boore distance. It is assumed that the epicentre lies at the
centre of the fault. Since the residential building stock in the RCA mainly (>92%) consists
of concrete buildings (Section 2.2), only such buildings are considered. Figure 7 shows risk
maps in the form of the mean damage factor for one- to two-storey residential concrete
buildings. Contours for the mean loss are shown for no-code and low-code buildings in
Figure 7a using the vulnerability functions from the 2000 dataset and in Figure 7b for the
vulnerability curves based on the 2008 dataset. Figure 7c shows the contours for mean
damage for moderate-code concrete buildings based on the 2000 dataset and Figure 7d for
moderate- and high-code buildings based on the 2008 dataset. If the dataset from 2000 is
considered as representative for an Mw6.5 event and the dataset from 2008 as representative
for an Mw6.3 event, it is clear how the magnitude affects the extent of the damage. The
effect of the seismic code level is also clearly distinguished.

The maps in Figure 7 give useful information on the mean losses, which is important
for disaster insurance purposes, but they provide no information on the distribution of
the losses at different sites, which is important for emergency management. For instance,
information on how many buildings (in percentage) are undamaged and how many are
extensively damaged is not available in this representation. This information can be
displayed by constructing scenario risk maps for damage states based on the fragility
curves in Figure 6. In Figure 8, risk maps for one- to two-storey concrete residential
buildings designed in the no-code and low-code period, i.e., before 1976, are shown for
damage states DS0, DS1, DS2, and DS3 based on the 2000 dataset corresponding to an
event of Mw6.5. As an example, Figure 8a shows the probability of exceeding DS0 (no
damage). For the greatest part of the RCA, the probability of sustaining losses is 40–60%.
For central Reykjavik, the probability is between 20–40%. On the other hand, the probability
of exceeding DS3 and obtaining more than a 50% loss is in all cases less than 2% (Figure 8d).
In Figure 9, corresponding risk maps are shown for the same building typology, except now
the results are based on fragility curves calibrated from the 2008 dataset, corresponding to
an event of Mw6.3. From Figure 9c, the probability of exceeding DS2 with more than a 20%
loss is less than 2% in all cases.

In Figure 10, scenario risk maps are shown for one- to two-storey concrete residential
buildings designed in the moderate-code period after 1976, for damage states DS0 and
DS1, based on the 2000 dataset (Mw6.5). As an example, the probability of exceeding DS1
(minor damage) is close to 20% for the most exposed building sites (Figure 10b). Finally, in
Figure 11, risk maps for one- to two-storey concrete residential buildings designed in the
moderate-code and new-code period, i.e., after 1976, are shown for damage states DS0 and
DS1, based on the 2008 dataset (Mw6.3). The probability of exceeding DS1 (minor damage)
is close to 10% for the most exposed building at the outskirts of the RCA.
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(a) NL-code—2000 dataset  (b) NL-code—2008 dataset  

  
(c) M-code—2000 dataset  (d) MH-code—2008 dataset 

Figure 7. Scenario risk map showing predicted mean damage factor for one- to two-storey concrete
buildings based on the vulnerability functions in Figure 5: (a) no- and low-code buildings based
on the 2000 dataset (Mw6.5); (b) no- and low-code buildings based on the 2008 dataset (Mw6.3);
(c) moderate-code buildings based on the 2000 dataset (Mw6.5); and (d) moderate- and high-code
buildings based on the 2008 dataset (Mw6.3).

  
(a) Prob(D > DS0)  (b) Prob(D > DS1)  

  
(c) Prob(D > DS2)  (d) Prob(D > DS3) 

Figure 8. Scenario risk map for one- to two-storey, no-code and low-code, reinforced concrete
buildings, C-NL (built before 1976) based on a vulnerability model from the 2000 dataset (Mw6.5).
The maps show the probability that the damage state will (a) exceed DS0; (b) exceed DS1; (c) exceed
DS2; and (d) exceed DS3.
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(a) Prob(D > DS0) (b) Prob(D > DS1)  

  
(c) Prob(D > DS2)  (d) Prob(D > DS3) 

Figure 9. Scenario risk map for one- to two-storey, no-code and low-code, reinforced concrete
buildings, C-NL (built before 1976) based on the vulnerability model from the 2008 dataset (Mw6.3).
The maps show the probability that the damage state will (a) exceed DS0; (b) exceed DS1; (c) exceed
DS2; and (d) exceed DS3.

  
(a) Prob(D > DS0) (b) Prob(D > DS1) 

Figure 10. Scenario risk map for one- to two-storey, moderate-code, reinforced concrete buildings,
C-M (built after 1976) based on the vulnerability model from the 2000 dataset (Mw6.5). The maps
show the probability that the damage state will (a) exceed DS0 and (b) exceed DS1.

19



Buildings 2023, 13, 2919

  
(a) Prob(D > DS0) (b) Prob(D > DS1) 

Figure 11. Scenario risk map for one- to two-storey, moderate-code and high-code, reinforced concrete
buildings, C-MH (built after 1976) based on the vulnerability model from the 2008 dataset (Mw6.3).
The maps show the probability that the damage state will (a) exceed DS0 and (b) exceed DS1.

5. Conclusions

In this study, advanced empirical vulnerability models and fragility functions for
low-rise, one- to two-storey residential buildings are presented. The building typology is
defined in terms of the main building material (concrete, timber, and masonry) as well as
the level of seismic codes, where no-code and low-code buildings are grouped together,
and moderate-code and high-code buildings are grouped together. The vulnerability model
based on zero-inflated beta regression was calibrated for two loss datasets, independently.
One of the datasets is from two ~Mw6.5 strike-slip shallow earthquakes in 2000 and other
one is from an Mw6.3 strike-slip shallow event in 2008. Both datasets are from South
Iceland, where the earthquakes affected buildings with similar characteristics. In this study,
the Joyner–Boore distance, RJB, is used as a proxy for an intensity measure, instead of
the commonly used measures like the PGA, Sa, AvgSa, etc. This approach makes the
vulnerability model independent of a particular ground motion prediction model (GMPM)
and is well suited for scenario-based applications where the earthquake size is fixed, and
the intensity is mainly a function of the source-site distance. The application is valid for
uniform site conditions, and local amplifications are not accounted for directly. However, if
data allows, local effects could be incorporated by creating separate vulnerability models
for different site conditions, which is not the case in this study. This representation of
seismic vulnerability is simpler and more comprehensible to important stakeholders such
as emergency planners, civil protection authorities, and decision-makers in risk reduction
and management operations. It is also well suited for demarking spatial zones of differ-
ent risk levels for a given earthquake scenario, and is therefore valuable for emergency
response planning.

The presented vulnerability models show that at a distance of 10 km or more (RJB)
from the fault rupture, the mean loss is less than 5% of the replacement value for concrete
and timber buildings, but higher for masonry buildings. The fragility curves show that
the probability of exceeding DS2, i.e., moderate damage and exceeding losses greater
than 20% of the fire insurance value, is very low (<4%) at all distances for moderate-code
and high-code concrete and timber buildings. These results are valid for both Mw6.3 and
Mw6.5 earthquakes.

Scenario seismic risk maps, based on the most damaging earthquake scenario in
the vicinity of the RCA, that is the July 1929 Mw6.36 earthquake, were computed for
low-rise concrete buildings, showing both the predicted mean loss and probability of
exceeding different damage states. Although there is a lot of uncertainty about fault
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lengths, magnitude size, exact epicentre, as well as wave propagation and attention, the
maps give a useful indication of what damage can be expected for earthquakes in the range
6.3 to 6.5 for one- to two-storey buildings. The study shows that there is considerable
difference in the expected damages for 6.3 and 6.5 events. Furthermore, the code levels
used in the design are easily visible on the maps. Here, it should be kept in mind that the
newer buildings, which are moderate-code or high-code buildings, are generally located
in the outskirts of the RCA (Reykjavik, Kopavogur, Gardabær, and Hafnafjördur), and
therefore closest to the active seismic zones on the Reykjanes Peninsula.

The two complete datasets from the 2000 and the 2008 South Iceland earthquakes
mainly contain one- to two-storey residential buildings (>90%) and therefore the available
local empirical vulnerability models only cover these types of buildings. Nearly 60% of
dwellings in the RCA are in three- to five-storey concrete apartment buildings, where
the lateral load resisting system is structural walls. It is therefore a great challenge and
a subject for further research to develop reliable vulnerability models for such buildings.
An analytical approach based on non-linear numerical modelling of structures is a viable
alternative for such research.
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Abstract: The interfaces between masonry infill and reinforced concrete (MI-RC) frames are identified
as the weakest regions under lateral loads. Hence, the behavior of such frames under lateral loads
can be understood mainly through experimental investigations. The deformation demands induced
by horizontal loads on RC frames with infill masonry walls change due to contact losses between
the infill masonry and the RC frames. This can be controlled by providing proper reinforcements
at the interfaces. In the present experimental investigation, three half-scaled models subjected to
reversed cyclic lateral in-plane loads were tested. In detail, the specimens considered are the MI-RC
frame model, an MI-RC frame with geo-fabric reinforcement at the interface and an MI-RC frame
with geo-fabric reinforcement at interfaces with an open ground story. The models were subjected
to reversed cyclic lateral in-plane loads, and the post-yield responses of the models with respect to
stiffness degradation, drift, energy dissipation, ductility and failure mode have been discussed.

Keywords: geo-fabrics; stiffness; ductility; energy dissipation; lateral drift; strengthening

1. Introduction

The masonry infill (MI) plays a significant role under lateral loads on reinforced
concrete (RC) frames. All major codes have ignored, in the past, the contribution of MI
to strength and stiffness by treating it as non-structural elements [1]. Different types of
MI used worldwide. The brick masonry has been widely used in construction of high-
rise buildings because of huge benefits it has when compared with other types of MI.
Masonry behavior under the action of lateral loads showed poor performance because of
its insufficient shear and flexure strengths. The brittle nature of masonry creates a lot of
damage to the structure and life of humans under heavy lateral loads [2].

The damage to buildings during past earthquakes reveals that unreinforced infill ma-
sonry may exhibit a poor performance under the action of lateral loads, and it also depends
on several factors, such as workmanship and design factors adopted in construction. In
recent studies, several researchers focused on strengthening the masonry in seismic areas
to increase the strength and stiffness of the structure to resist lateral loads [3,4].

The strengthening of infill masonry elements may play a crucial role in avoiding in-
plane and out-of-plane failure in masonry elements. Several researchers reported the merits
and demerits observed under different reinforcing techniques. The use of fiber-reinforced
polymer with organic (epoxy-resin-based) composites for applications in masonry struc-
tures is discouraged because of the drawbacks pertaining to diminished performance at
elevated temperatures, requirements of protective coatings, degradation of mechanical
properties after continuous exposure to certain environmental surroundings [5], lack of
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compatibility between the resin and masonry surface, production of toxic gases associated
with the use of FRP resin in epoxy application and relatively higher level of care and
supervision required in application [6,7]. To overcome these drawbacks, environmentally
friendly, thermal-resistant, non-corrosive composite material is used to reinforce walls by
replacing FRPs with geo-fabric materials [8–10], and results showed that these geo-fabrics
help to increase the shear and flexural capacity [11,12].

The behavior of MI-RC frames under critical combinations of lateral loads is very
complex. Analytical studies conducted on MI-RC frames by modelling masonry using
different methods have illustrated the importance of MI in enhancing the lateral stiffness of
the frame [13]. The change in the lateral stiffness and mass will change the dynamic charac-
teristics of the frame. Hence, to account for the composite action between the RC frame
and MI, proper analytical models need to be developed to design MI-RC structures [14,15].
Recent studies conducted on MI-RC frames being subjected to pseudo-dynamic tests have
indicated an increased structural response with respect to load-carrying capacity and
stiffness when the connectivity of MI-RC frames is improved [16,17].

The analytical models developed to predict the structural response of infilled rein-
forced RC frames must consider the geometric and material non-linearity. The developed
analytical models can only be validated through experimental studies. Interfacial behavior
between MI and RC also plays a major role in the case of MI-RC frames. In the Indian
context, there are scant studies, especially related to the interfacial strengthening of MI-RC
frames subjected to in-plane lateral loads. Further, the increased strength and lateral stiff-
ness contributed by MI influence the post-yield response significantly. These structural
responses can be well understood through experimental investigations. This paper deals
with the behavior of the lateral load responses of MI-RC frames with and without polyester
geo-fabric reinforcements at interfaces subjected to in-plane reversed cyclic lateral loads.
This experimental investigation aims to describe the influence of brick MI with and without
geo-fabric on the lateral-load-carrying capacity and in-elastic behavior of the MI-RC frame.

2. Experimental Program

2.1. Test Specimens

In the present experimental investigations, three geometrically half-scaled reinforced
concrete frames have been considered. The specimen indicates the following three cases:

− Single-bay two-story conventional MI-RC frame.
− Single-bay two-story MI-RC frame with geo-fabric reinforcements at interfaces.
− Single-bay two-story MI-RC frame with geo-fabric reinforcements at interfaces with

an open ground (soft) story.

The columns and beams in RC frames have 100 mm × 100 mm cross-sectional dimen-
sions along with 8 mm high yield strength deformed bars with 6 mm mild steel stirrups
at 50 mm center to center, as shown in Figure 1. The steel reinforcement in the framed
section conformed to IS 1390-1993 [18], and using locally available table-molded bricks,
brick masonry in cement mortar 1: 6 was used as the infill wall.

2.2. Characteristics of Materials Used in the Experimental Program

Due to the scaled structures, the RC-framed structures had closely spaced reinforce-
ments and were also small in dimension. Hence, to facilitate the placement of concrete,
self-compacting concrete (SCC) was used to avoid the vibrations of concrete. Ordinary
Portland cement (OPC 53 grade) conforming to IS: 12269-1987 [19] requirements was used.
Manufactured sand (M-sand) was used as fine aggregate, and ground granulated blast slag
(GGBS) was used as filler material. The coarse aggregates used were 12.5 mm downsize,
and a dosage of 1.15% super-plasticizer Master glenium-Sky 8233 was used to achieve the
target strength of 40 MPa after 28 days of curing, as per IS 10262:2019 [20]. The GGBS was
used as a partial replacement of cement at about 35%, and the workability of SCC flow
was maintained at between 700 mm and 800 mm. A cement content of 300 kg/m3 and
water–cement ratio of 0.6 was adopted, as per IS 456:2000. This mix was used to prepare
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all three MI-RC models cast in this study. However, the concrete cubes which were tested
at the time of the cyclic loading test of MI-RC frames indicated a cube strength crushing
strength of 46.22 MPa, which was slightly more than the target strength.

Figure 1. Details of test specimens.

Standard molded bricks available in the South Indian Bangalore region were used in
this experimental study, having a unit strength of 7.6 MPa. Brick masonry was constructed
using cement mortar 1:6 along with a water–cement ratio of 1.2. The brick masonry
assemblages were cast, cured for 28 days and tested under compression to evaluate the
properties of masonry assemblages. The SCC and cement mortar were tested, and the
material characteristics used in the models are tabulated in Table 1.

Table 1. Material characteristics used in the models.

Sl. No. Material Compressive Strength/Tensile Strength (MPa)
Modulus of Elasticity (MPa) (Initial

Tangent Modulus)

1 Brick masonry
f m = 2.55

(Corrected prism compressive strength)
1560

(Panel test)

2 Concrete fck = 46.22
(Cube crushing strength)

27,109
(Compressive tests on cylinders)

3 Cement mortar 5.02
(Cube crushing strength)

6477
(Compressive tests on cylinders)

4 Reinforcing steel
in columns

HYSD bars—425
(Tensile Strength)
Mild steel—262

(Tensile strength)

HYSD bars—2,00,102
Mild steel—2,10,101

5 Polyester
geo-fabric

129
(Tensile strength)

14,989
(Tensile test)

2.3. Estimation of Failure Lateral Load

The capacity moment of RC members can be computed for the test specimens with
the achieved strength of concrete using the ultimate load method. Here, the bending
compressive stress distribution of concrete is assumed to be parabolic with a maximum
compressive strength of 0.67 fck for the achieved grade of concrete, and the strain was
assumed to be linear across the depth of the section. The yield stress of corresponding steel
used was taken as 415 MPa. Using these parameters, the ultimate moment capacity of the
RC section under flexure was assessed to be 3249 N-m for the achieved strength of concrete
grade which has been reported in Table 2.
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Table 2. Estimated failure lateral load of the models.

S. No. Type of Model
Ultimate Moment of Resistance

of the Frame Section (N–m)

Max Bending Moment in
the Frame as per Linear
Static Analysis (N–m)

Base Shear
Applied (N)

1 MI-RC frame
3249.0 3253.0 55,500.0

2 MI-RC frame with geo-fabric
reinforcement at interface

3
MI-RC Frame with geo-fabric

reinforcement at interfaces
with open ground story

3249.0 3250.0 6975.0

The prime focus of this present experimental investigation was to study the behavior
of the lateral load response of MI-RC frames reinforced with geo-fabric at interfaces under
in-plane lateral loads. The lateral load capacity of any model which was also equal to
respective base shears was estimated using the equivalent lateral load method conforming
to IS 1893:2016 [21]. For the present experimental models, including the MI-RC frames,
MI-RC frames with geo-fabric at interfaces and MI-RC frames reinforced with geo-fabric
interfaces with a soft story, the base shear and equivalent lateral loads were estimated using
the fundamental period of vibration and response spectra of the models.

Eigen value analysis of the models was performed on three models; the fundamental
period of vibrations was found to be 0.05 s, 0.045 s and 0.13 s for MI-RC, MI-RC with
geo-fabric as interface reinforcement and MI-RC with geo-fabric as interface reinforcement
with an open ground story (soft story), respectively. In this present study, only dead loads
due to concrete and brick masonry infill have been considered, and the calculated seismic
weight on the frame was found to be 13.1 kN. The corresponding spectral acceleration
co-efficient (sa/g) for all three models as per IS 1893:2016 [22] was worked out as 2.5. The
calculated design base shear of all the models was 55,000 N, and based on the design base
shear, the calculated design load forces of the first and second stories were found to be in
the ratio of 0.5:1.

Static lateral load analysis of the models subjected to the combination of loads (dead
+ lateral) was carried out. The lateral load was applied to the models in the ratio of 0.5:1
on the first and second stories of the frame. Further, through a trial-and-error method,
the magnitude of the lateral load which could produce the maximum bending moment
in beam–column joints equal to the ultimate moment of resistance of the sections was
determined. Here, the frame was analyzed using standard FEM software where the column
and beam were considered as line elements, MI was considered as a four-noded shell
element and the interfacial element was considered as a rigid element. The theoretical
evaluation of the base shear was conducted to have a rough estimation of the maximum
lateral load that might cause failure of infilled frames, and no redistribution was considered.

The expected bending moments developed at the beam to column joints due to
applications of lateral loads for the considered MI-RC frames are shown in Figures 2 and 3.
The summations of lateral loads (base shear) applied to models are estimated as theoretical
failure lateral loads for respective models, and the same has been represented as respective
cycles of increasing magnitude, as shown in Figures 4–6.
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Figure 2. Bending moments (N-m) in MI-RC frame models with and without geo-fabric reinforce-
ments at interfaces.

Figure 3. Bending moments (N-m) in MI-RC frame model with an open ground story along with
geo-fabric reinforcement at interfaces.

Figure 4. Loading history for the MI-RC frame model.
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Figure 5. Loading history for the MI-RC frame model with geo-fabric reinforcements at interfaces.

Figure 6. Loading history for the MI-RC frame model with an open ground story along with geo-fabric
reinforcement at interfaces.

2.4. Experimental Setup and Proceedings

The RC frames were provided with RC flanges of 450 mm in length on either side of
the column having a cross section of 100 mm × 100 mm to facilitate the fixity conditions at
the base. The RC flanges were firmly fixed with the help of mild steel channels and plates
which were welded at the base of the loading frame. The bottom flanges were clamped at
the base using lipped channels, which were anchored using 12 mm diameter anchor bolts.
Fixity was provided at the bottom of the RC frame. To ensure the proper application of
in-plane lateral loads on the MI-RC frame, the frame was connected with suitable restraint
arrangements with the help of an I-section and a roller hung at the top of the beam. The
restraints helped to control the probable out-of-plane deformation of MI-RC models and
also helped to ensure that the models were subjected to only in-plane lateral loads. All
three models were checked in same way and tested under a 2000 kN loading frame for
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reversed cyclic lateral loads. The testing models along with the experimental setup are
shown in Figures 7–9.

Figure 7. Test setup for the MI-RC model.

Figure 8. Test setup for the open ground (soft) story.

Figure 9. Providing column fixity with plates and a channel section.

29



Buildings 2023, 13, 1495

The loads were applied to the RC frame with the help of manually operated jacks
which were mounted at each story level. The jacks were mounted with proving rings at
each story level, and the lateral loads were applied at the bottom and top stories at a rate of
0.5:1. The maximum base shear of each cycle shown as per loading history (Figures 4–6)
was applied using the equivalent static lateral load method to each model. The loads were
increased stepwise up to the maximum value, and later, the lateral load was unloaded in a
similar fashion. During sequential loading, the corresponding story drift and deflection
of beams were recorded using digital dial gauges. The directions of the in-plane lateral
loads were reversed from the other end of the model, and the corresponding story drift and
deflections were recorded for the applied loads at each story level. In each first half of the
cycle of loading, the lateral loads were gradually applied up to the maximum value, and
the same procedure was repeated in the second half of the cycle of loading by reversing the
loading direction for the same magnitude of lateral loads.

The specimen fabrications were conducted under the 2000 kN loading frame. In the
first stage, reinforcement skeletal frames were constructed, and SCC was used to cast the
RC frames. In the case of conventional construction, brick masonry was constructed after
water curing the RC frame for 28 days. All three specimens were allowed to cure for 28 days
with the help of gunny bags after the completed construction of the MI-RC frames.

Before the construction of masonry panels, the locations on column faces connecting
the geo-fabric were identified using a rebar locator. After identifying the locations, the geo-
fabrics were connected with the help of washers and 3 mm diameter bolts using mechanical
drill bits. At every course along the bed joints, 400 mm lengths of geo-fabrics were laid and
connected at the interface of the column. The length of the geo-fabric was restricted because
the provision of openings in infill may be possible practically, and the prime focus of this
study is the interfacial study of RC and infill panels. The casting technique of geo-fabric
reinforcement and the construction of the MI-RC model is shown in Figure 10a–f.

Flexible polyester geo-fabric is used as a reinforcing material at the interface of the
MI and RC frame. Polyester-type geo-fabrics are very easy to handle, non-corrosive
and extensively used in the field of soil reinforcements. Hence, an attempt is made in
this present experimental investigation to study the behavior of an MI-RC frame using
polyester geo-fabric as an interfacial reinforcing material.

(a) (b)

Figure 10. Cont.
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(c) (d)

(e) (f)

Figure 10. Frame Construction. (a) Reinforcement adopted for MI-RC frames; (b) column and beam
with shuttering; (c) top and bottom of column and beam with shuttering; (d) using a drill bit to drill
into columns in a safe region of the RC frames for connecting geo-fabric; (e) geo-fabric connected
to RC frame interfaces using mechanical anchors; (f) MI-RC frame with geo-fabric reinforcement at
interface model.

3. Results and Discussion

One-bay two-story MI-RC frames are considered in the present experimental inves-
tigation. An MI-RC frame reinforced at interfaces with geo-fabric on both stories was
considered in the first model, and reinforcement at the interface of MI-RC with geo-fabric
only on the top story and provided bottom soft story (open ground story) was considered
in the second model. The third model is a conventional MI-RC frame with only brick MI on
both the top and bottom stories. The three types of models are investigated for their story
drift, stiffness degradation and ductility; energy dissipation and modes of failure when
subjected to cyclic in-plane lateral loads have been discussed in the following section.

3.1. Microstructural Behavior of SCC Used in RC Frames

The SCC was prepared using GGBS as a filler material. The hydration of cement
plays a major role in attaining target strength, and microstructural observations help us
to know the actual behavior of the cement paste. To know the behavior of the cement
paste in all three MI-RC frames, microstructural images were considered to observe the
internal morphology of cement paste. The concrete cubes which were tested at the time
of the cyclic loading test of the MI-RC frames were subjected to microstructural analysis
after the test. The test specimens were extracted after the cube strength test. The size of
the specimens considered for the analysis was 10 mm × 10 mm, and the microstructural
images considered in each frame samples are shown in Figures 11–13.
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Figure 11. SEM image of MI-RC Frame-01 cube sample.

Figure 12. SEM image of MI-RC Frame-02 cube sample.

Figure 13. SEM image of MI-RC Frame-03 cube sample.

The hydrated cement paste microstructures of frames presented in the figures above
are considered at a five-micron level for each frame. It can be observed that mix M40 has
sufficient hydrated phases in its microstructure. There are a few un-hydrated components
observed as bright spots in all of the microstructural images. In comparison with Figures 11
and 12 with concrete frames, the microstructure of concrete exhibits similar phases of
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hydrated and un-hydrated cement mass in its microstructure. All the three RC frame mixes
resulted in the uniformity of microstructure with an observable presence of capillary voids.

The overall SEM studies showed consistency in the mix quality of the prepared grade
of concrete (M40) in terms of its microstructure. There was not a considerable variation or
presence of anomalies from the point of observation of all three RC frame concrete mixes.

3.2. Story Drift

The relative displacement of the frame with respect to one level to another level above
or below the story is referred to as story drift. Generally, drift has been defined as the
total lateral displacement at the top of the building, and the relative lateral displacement
between the consecutive story levels is termed as inter-story drift. Top story drift plays a
major role in the case of analysis and design of high-rise buildings, and they are subjected
to this mainly under lateral loads.

The conventional unreinforced MI-RC frame was subjected to maximum base shear of
27,000 N in the sixth cycle. During the fourth cycle of loading, the MI lost contact with the
RC frame at the interfaces of the bottom story. It was observed that in the fifth load cycle,
the MI in the bottom story failed by indicating horizontal shearing of mortar bed joints.
Further, larger values of lateral drifts were observed from the fourth to the sixth cycles of
loading due to separation of the MI from the RC frame. After reaching maximum story
shear in the sixth load cycle, the top story drift increased gradually, and the base shear
reduced to around 50% of the maximum value in the subsequent cycles of loading.

The MI-RC frame with geo-fabric reinforcement at the interfaces model was subjected
to a maximum of 11 load cycles with a maximum base shear of 44,000 N. The first crack
appeared on the interfaces in the 5th cycle of loading, but the cracks widen after the 10th
cycle. The geo-fabric’s contribution to holding the MI and frame together as a single integral
unit was observed between the 5th and 10th cycles of cyclic in-plane lateral loading of
frames. Horizontal bed joint failure was observed in the MI in the 10th cycle of loading at
the bottom story, and a horizontal crack on the face of the columns was also observed at the
bottom story of the frame. Plastic hinge deformation was observed at the beam–column
junction in the 10th cycle, and lateral drift was observed to be slightly increased between
the 7th and 10th cycles of loading. The interface connection was lost in the 11th cycle of
loading, and horizontal bed joint sliding was observed on the top story of MI in the same
cycle of loading.

The MI-RC frame reinforced with geo-fabric at interfaces in the top story with open
ground story model was subjected to a maximum base shear of 6050 N in the ninth cycle
of loading. It has been observed that during the maximum cycle of loading, MI was not
detached at interfaces of the top story, and only open ground story columns failed because
of less stiffness. After the ninth cycle of loading, the model loses its lateral-load-resisting
ability, and crushing of the column is observed at the bottom of the soft story due to the
development of larger moments. A horizontal crack was also noticed on the face of the
column at the bottom story, and X-type cracks were observed at the beam–column junction
in the 10th cycle of loading.

Figure 14 shows the top story drifts of the MI-RC frames for the ultimate story shear
with respective models. It indicates that the model with an open ground story exhibited the
highest amount of top story drift, while the model reinforced with geo-fabric at interfaces
of MI-RC exhibited the least. It can be noted that expectedly, the deformation of the
open ground story model was two times that of the geo-fabric reinforced at interfaces
model. Hence, from the experimental studies, it is noticed that geo-fabric reinforcement
at interfaces of MI-RC helps to improve lateral-load-carrying capacity and controls lateral
drift effectively under in-plane lateral loads.
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Figure 14. Comparison of peak story shear v/s top story drift.

3.3. Stiffness Degradation

The slope of the load deflection was used to measure the stiffness of the models. An
initial stiffness of 10,000 N/mm was observed for the conventional MI-RC and reinforced
MI-RC models, while the open ground story model exhibited an initial stiffness of only
2065 N/mm. The stiffness of the MI-RC model decreased gradually after the 3rd cycle, and
the residual stiffness recorded at the end of the cycle was 1090 N/mm. The bottom story
MI suffered with failure cracking of the horizontal bed joint and stepped crack failure in
the fourth cycle of loading, and hence, the stiffness of the MI-RC model decreased because
of the failure of the masonry infill.

Expectedly, the geo-fabric reinforced at interfaces MI-RC model performed better than
the conventional MI-RC model. In the 5th cycle of loading, the interface failure mechanism
was observed in both the models, but the geo-fabric-reinforced model showed better
consistent performance in stiffness up to the 8th cycle, and even the residual stiffness was
1340 N/mm, which is high when compared with the MI-RC model. The presence of geo-
fabric enhanced the stiffness behavior of the MI-RC frame. The bed joint failure mechanism
was observed in the ninth cycle of loading at the bottom story in the unreinforced bed
joint regions.

The MI-RC model reinforced with geo-fabric with open ground story model is rela-
tively very flexible at the bottom story such that initial stiffness was 2065 N/mm, which is
only 10.5% of the initial stiffness of the other 2 models. The stiffness steadily decreased up
to the fifth cycle and thereafter at a faster rate because the RC frame had developed X-type
cracks at the beam–column junction, and shear cracks were also noticed in the columns.
The residual stiffness of the frame at the end of 10th cycle of loading was 90 N/mm, which
is much lower than that of the other types of models.

Figure 15 shows the stiffness degradation of all the three types of MI-RC models tested
corresponding to in-plane reverse cyclic loading. It can be noted that conventional MI-RC
and geo-fabric-reinforced MI-RC models’ initial stiffness is 80% more than that of the open
ground story model. This clearly indicates that the infill plays a major role in contributing
stiffness under lateral loads. The open ground story model exhibited lesser stiffness; even
the top story MI was reinforced with geo-fabric at interfaces.
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Figure 15. Comparison of stiffness degradation chart.

3.4. Ductility

Ductility is a measure of the material’s ability to undergo permanent deformation
without fracture. In all three MI-RC frame models, the ductility factor is considered for
evaluation, and it is the ratio of failure displacement to yield displacement. In the present
section, top story drift was considered for the evaluation of ductility factor, and calculated
cumulative ductility factor is defined as the total sum of ductility factor at maximum base
shear levels in each cycle up to the load cycles considered.

The conventional MI-RC frame model exhibited an appreciable top story drift during
the 4th cycle of loading, and a drift of 3.37 mm is considered as the yield drift of the MI-RC
frame. The load–displacement behavior of the MI-RC frame model is shown in Figure 16,
and it is evident from the chart that the frame has displaced more after the fourth cycle of
loading. In the same loading phase, the MI separated from the RC frame at interfaces, and
crack sizes increased in the MI of the bottom story.

Figure 16. Load–displacement behavior of the conventional MI-RC frame model.

The MI-RC reinforced with geo-fabric at interfaces model had a yield drift of 1.9 mm
in the 5th cycle of loading, which was much lower than that of the conventional MI-RC
frame. Figure 17 shows the load–displacement behavior of the model subjected to in-plane
cyclic loads. It is evident from the load–displacement chart that the geo-fabric helped to
control the lateral drift of the model by making the MI and RC frame an integral unit by
strongly connecting them at the interfaces.
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Figure 17. Load–displacement behavior of the geo-fabric-reinforced MI-RC frame model.

For the open ground story model, the yield drift was noticed in the 5th cycle of loading
at a magnitude of 11.6 mm. Subsequently, cumulative ductility factors were evaluated,
and the model lost its ability to resist deformation in the 10th cycle because of plastic
deformation observed at beam–column junctions. It was observed that the presence of
geo-fabric reinforcement at the interfaces of the top story and open ground story model
did not have much impact on load-carrying capacity or on the prevention of lateral drift
deformation. The load–displacement behavior of this case is presented in Figure 18.

Figure 18. Load–displacement behavior of the geo-fabric-reinforced MI-RC frame with open ground
story model.

A generic comparison using the hysteretic curves for the three specimens is presented
in Figure 19.The cumulative ductility factor is presented in Figure 20, and it is observed
that after the eighth cycle of loading, the model lost its ability gradually, and this resulted
in maximum deformation/drift.
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Figure 19. Comparison of hysteretic curves for the three specimens.

Figure 20. Cumulative ductility chart.

3.5. Energy Dissipation

The energy dissipation in the case of the models tested is defined as the area enclosed
by the lateral load displacement of the hysteresis loop for the in-plane cyclic lateral loads.
It is considered as an important aspect to study the behavior of MI-RC frames under
in-plane lateral loads. The main parameter used to study the energy dissipation is the
load–displacement relationship. The energy dissipated by the conventional MI-RC frame
model in the initial 1st cycle was 0.96 kN-mm, while the cumulative energy dissipated in
the final 6th cycle of loading was 1306.75 kN-mm. The energy absorbed by the geo-grid
reinforced MI-RC model in first cycle was 0.38 kN-mm, and the final cumulative energy
dissipated at the end of the 10th cycle was 3990.68 kN-mm. It is also noted that in the
case of the open ground story model, the energy dissipation was much lower. It had an
initial cumulative energy dissipation of 0.46 kN-mm in the 1st cycle and 934.39 kN-mm at
the end of the 10th cycle of loading. The cumulative energy dissipation chart is presented
in Figure 21.

The total energy dissipated by geo-fabric-reinforced MI-RC frames was about 2.5 times
higher than that of the conventional MI-RC frames and 4.27 times more than that of the
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open ground story model. Geo-fabric reinforcement had no significance in the open ground
story models.

Figure 21. Cumulative energy dissipation chart.

3.6. Mode of Failure

The first crack was observed in the case of the MI-RC model between the interfaces of
MI and RC at the bottom story of the frame under the base shear of 22,500 N during the
5th cycle of loading, as shown in Figure 22. After the interface detachment at the bottom
story, the infill failed in a stepped way along with horizontal bed joint sliding. The various
types of failures in MI such as sliding and bed joint failure were observed in the 6th cycle
of loading at 25,600 N of base shear. In the same cycle of loading, the shear cracks were
observed in columns and the X-type of failure was observed in the beam–column junction.
On further loading, the frame experienced permanent deformation, and this resulted in a
maximum drift of 20.01 mm.

(a) (b)

Figure 22. Cont.
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(c) (d)

Figure 22. MI-RC model: (a) interfacial cracks appeared in the bottom story at a base shear of 22,500
N; (b) stepped cracks observed in the bottom story of the MI-RC frame model; (c) horizontal and
stepped cracks in the MI-RC frame model; (d) final deformed shape of the MI-RC model.

The different failures that occurred in different cycles of loading are presented in
Figure 22. During subsequent cycles of loading, the frame lost its lateral-load-resisting
ability, and the cracks widened at the MI. This resulted in maximum drift and eventually
failure of the frame. There was a sufficient increase in the lateral-load-resisting ability of
the geo-fabric-reinforced MI-RC frame model. The model exhibited a better performance
between the fifth and ninth cycles of loading. Because of interfacial strengthening, the MI
resisted the lateral loads with better energy dissipation capacity. The first interfacial cracks
were observed in the fifth cycle of loading, and after the ninth cycle of loading, horizontal
bed sliding and stepped cracks developed at the bottom story of MI. The final deformed
shapes along with the different failure patterns observed under different cycles of loading
are shown in Figure 23.

(a) (b)

Figure 23. Cont.
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(c) (d)

Figure 23. Geo-fabric-reinforced MI-RC frame model: (a) interfacial crack appeared in the geo-fabric-
reinforced MI-RC frame model; (b) horizontal and stepped cracks in the geo-fabric-reinforced MI-RC
frame model; (c) shear cracks in columns of the geo-fabric-reinforced MI-RC frame model; (d) final
deformed shape of the geo-fabric-reinforced MI-RC model.

The geo-fabric-reinforced MI-RC model with open ground story showed decreased
lateral-load-resisting capacity compared with the other two types of models. The bottom
story experienced the lowest stiffness due to the open ground story, and the upper story,
which was reinforced with geo-fabric, exhibited rigid body displacement in the initial cycles
of loading. Initially, a horizontal crack was observed in the bottom of the column when
base shear was 3600 N in the 8th cycle of loading. Upon further loading, cracks developed
at the beam–column junction, and shear cracks were observed at the bottom of the columns.
It was also observed that there was no major crack observed in the geo-fabric-reinforced
MI interfaces at the top story. The final deformed shape along with the different types of
failures is shown in Figure 24.

(a) (b)

Figure 24. Cont.
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(c) (d)

Figure 24. Open ground story geo-fabric-reinforced MI-RC model: (a) initial cracks in columns;
(b) shear cracks in columns; (c) final crack at beam–column junction; (d) final deformed shape.

In the MI-RC frame with an open ground story, geo-fabric reinforcement does not
help to increase the lateral load capacity of the frame. The beam–column joints fail mainly
because of a large moment developed because of MI at the junction. Further, these kinds of
failures can be controlled by increasing stiffness in open ground story columns.

4. Summary and Conclusions

The three half-scaled models considered in this present study are the MI-RC frame
model, the MI-RC frame reinforced with geo-fabrics at interfaces model and the MI-RC open
ground story reinforced with a geo-fabric element. Based on experimental investigations,
the following set of conclusions has been drawn.

The peak base-shear capacities of the conventional MI-RC frame model and the geo-
fabric-reinforced MI-RC frame model were 27,000 N and 44,000 N, respectively. This
indicates that the peak base shear capacity of the MI-RC frame with geo-fabric reinforcement
is 163% of that of the conventional MI-RC frame model. The corresponding theoretically
computed value is 55,000 N for both the models. Further, the peak base shear of the open
ground story model reinforced with geo-fabric at the interfaces of the top story was 6050
N, compared to the theoretically computed value of 6975 N. It is clear that the presence of
infill strengthened the interfaces of MI-RC, helping to enhance the lateral load capacity of
MI-RC frames.

The maximum top story drift observed in the case of the conventional MI-RC frame
model and geo-fabric-reinforced MI-RC frame model was 42 mm and 32 mm, respectively.
It was observed that the maximum top story drift of the geo-fabric-reinforced MI-RC frame
model was 76% of that of the conventional MI-RC frame model. Further, the maximum
top story drift of the frame with an open ground story was 74 mm, which indicates the
influence of masonry infill on the lateral drift of the model.

The initial stiffness of the MI-RC frame model and geo-fabric-reinforced MI-RC frame
model showed a similar value of 10,000 N/mm, but after the 5th cycle of loading, the MI-RC
frame completely lost its resistance against lateral loads. The geo-fabric-reinforced model
showed consistent stiffness between the fifth and the eighth cycles of loading. Hence, this
indicated that the presence of geo-fabric as a reinforcement at interfaces helps to enhance
the stiffness and lateral-load-carrying ability of the MI-RC frame. However, in the case of
the open ground story model, the initial stiffness was 2065 N/mm, which is 5 times less
than that of the MI-RC frame model. This illustrates the influence of infill in enhancing the
stiffness of the frame.

The geo-fabric-reinforced MI-RC frame model exhibited higher post-yield ductility,
while the open ground story model exhibited that lowest post-yield ductility. Further, the

41



Buildings 2023, 13, 1495

energy dissipated in the geo-fabric-reinforced MI-RC frame model was 300% of that of
the conventional MI-RC frame model. This is because of the performance of geo-fabric
at interfaces, which helped to enhance the bonding behavior between the RC frame and
the masonry infill. The energy dissipation capacity of the MI-RC frame model drastically
decreased after the failure of the masonry infill.

In the case of the conventional MI-RC frame model, interfacial failure was observed in
between the MI and RC frame. A brittle fracture of the masonry resulted in an increase in
lateral loads on columns, which lead to shear failure at the lower story of the columns. In
the case of the geo-fabric-reinforced MI-RC frame models, masonry failure was observed
in a stepped pattern in unreinforced regions. Minor cracks were initiated at interfaces in
the initial loading stages, but the geo-fabric reinforcement at interfaces helped to prevent
the MI-RC interfacial failure. A horizontal shear crack was observed in the final cycles of
loading due to large stiffness degradation of MI at the bottom story of columns.

The open ground story model failed at the bottom ground story because of lower
stiffness. In the upper story, the MI did not develop any cracks, and it is to be noted that the
upper story exhibited rigid body translation behavior. This mechanism led to shear–flexure
cracks in the columns at the bottom story.

The presence of geo-fabric reinforcements clearly maintains the contribution of the
infill wall to the RC structure, improving the global load-carrying capacity of the frame.
One the main issues related to infilled structures is that the infilled walls can protect the
structures for lower seismic demands; the use of geo-fabric reinforcements may increase
this protection capacity.
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Abstract: Seismic codes were developed to reduce the structural vulnerability and risk associated with
earthquakes in earthquake-prone regions of the world. The effectiveness of the code in preventing
damage is dependent on the performance level defined and the construction technology employed.
The seismic fragility curves for two recent versions of the seismic code of Iran are determined by
using the hybrid method. The probability of damage levels is visualized by these curves. To develop
these curves, only the assumptions of the code are taken into account. These curves are compared
with the empirical fragility of the recent devastating earthquake in Iran. The results indicate that,
despite a similar probability of damage to the different seismic-resistant systems, steel-braced frames
pose a greater risk of collapse. Concerning earthquake damage, the steel and RC moment-resisting
frames have shown higher damage probability than expected from the code.

Keywords: capacity curves; fragility curves; code-based approach; steel and RC buildings; Iranian
earthquake code

1. Introduction

Seismic regulations are developed to ensure that all buildings that are at risk of being
damaged by an earthquake are safe. Meanwhile, economic prosperity and technological
advancement in construction are expected to have an impact on seismic code performance.
Seismic regulations generally aim to minimize casualties from each earthquake event.

Other factors, such as complexity and diversity of site stratification, the quality of
materials used, design and execution errors, past seismic experience, and maintenance
throughout the structures, are also factors that determine earthquake damage to structures.
Despite all of the above, seismic codes for each building accept damage even when all the
design rules have been observed. Recommended assessment methods offered by different
seismic codes were investigated in [1]. They compared the fragility curves of existing
low- to mid-rise RC buildings designed with four seismic codes of TEC-2007 [2], TBEC-
2018 [3], EC8/3 [4], and ASCE 41-17 [5] and showed that different code methods give
remarkably different damage estimations under similar seismic demand levels. However,
implementing the code design rules reduces the damage rate.

The seismic fragility curves provide an estimate of the likelihood of reaching or
exceeding a specific damage level at each acceleration level for different limit states. The
research focus is on determining seismic fragility curves for constructed buildings, rather
than relying on assumptions in seismic codes. There are several ways to calculate seismic
fragility curves: empirical, analytical, expert judgment, or a hybrid method. To propose the
empirical method, an extensive database of peak ground motion parameters is required.
The database is primarily accessible through the collection of information from strong
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earthquakes [6–9]. The empirical fragility curves are widely used in urban-scale seismic
vulnerability assessment [10]. The analytical seismic fragility curves are developed by
modeling and analyzing structures statically or dynamically. The ground motion records
should exhibit a wide range of low to high PGA values in the dynamic analysis. During
the pioneering research, incremental dynamic analysis methods were used by scaling a
ground motion record to various peak accelerations [11]. Therefore, only the amplitude
of the record changes, and other parameters such as frequency content and duration
are not scaled. Other researchers used a set of unscaled natural ground motion records
with a wide range of amplitudes for the dynamic analysis, e.g., [12]. In the absence
of natural ground motion records corresponding to the seismo-tectonic conditions of a
region, stochastic ground motion records have been used to propose probabilistic seismic
fragility curves [13] and three-dimensional consistent hazard–fragility curves considering
multiple capacity–demand uncertainties [14]. Modeling requires a good understanding of
the material properties and geometry. Many researchers followed the analytical method
for fragility curves, e.g., [15–18]. Expert judgment-based methods are based on human
opinions and are used to replace the process of numerical modeling or observed data.
However, this method should be verified by the observed data or analytical methods.
The pioneer of this method was the Applied Technology Council (funded by the Federal
Emergency Management Agency (FEMA)), as summarized in ATC-13 [19]. The hybrid
method combines the analytical results with the empirical parameters to establish damage
limit state definitions. The RISK-UE Project [20] employed this method to determine seismic
fragility curves for the Unified Building Code [21].

This research utilizes hybrid fragility curves based on seismic code considerations,
independent of earthquake-resistant configuration systems, retrofitting, and maintenance
interventions. Therefore, seismic code users are informed of the code-based fragility curves
used to evaluate the seismic vulnerability of the structure. This paper presents capacity and
hybrid seismic fragility curves for residential buildings designed following Iranian seismic
code IRSt2800 [22,23] based on the methodology presented in Figure 1. These curves are
not included in seismic standards.

Figure 1. Methodology flowchart.
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The Iranian seismic code has four versions. The third [22] and fourth [23] versions
were considered in this research. These versions differ in the parameters used to calculate
the base shear coefficient. The effects of these differences will be observed in the fragility
curves later. The third version was considered because it was used for nine years to
renovate residential, commercial, and administrative buildings in most major Iranian
cities. Therefore, many existing steel (ST) buildings and reinforced concrete (RC) buildings
were built based on this version of the seismic code. Furthermore, regarding the recent
catastrophic earthquake in Iran, which occurred on 2017 November 12th in Sarpol-e-zahab,
most of the exposed buildings were constructed according to the third version of the Iranian
seismic code [22]. Therefore, the fragility curves of the third version can be compared with
the existing empirical seismic fragility curves. Furthermore, the fragility curves provided in
the fourth version of the seismic code [23], the most recent version, were utilized to assess
the seismic performance of new buildings.

2. Building Typology and Damage Grades

The selected building typology matrix includes buildings built in the last 20 years
based on the Iranian seismic code. The buildings’ typologies are characterized by four fac-
tors: the seismic code, the building height, the construction frame material, and the seismic-
resistant system.

Buildings are divided according to their seismic code version into two general cat-
egories: moderate code and high code. Buildings of the moderate code are constructed
based on the third version (V3) of the Iranian seismic code [22], while high-code buildings
are constructed based on the fourth (latest) version (V4) of the Iranian seismic code [23].
Tables 1 and 2 show the building typology matrices for moderate-code and high-code
buildings, respectively. There are two sub-groups of buildings: low-rise (L) buildings (9 m
in height or with three stories) and mid-rise (M) buildings (18 m in height or with six sto-
ries). In terms of construction materials, they are divided into two categories: steel (ST)
buildings and reinforced concrete (RC) buildings. Each of these buildings has a different
type based on the seismic-resistant system. Steel buildings are divided into three sub-
categories: braced frames (including eccentric/concentric), moment-resisting frames (in-
cluding special/intermediate), and a combination of moment-resisting and braced frames.
The reinforced concrete buildings are divided into two sub-categories: moment-resisting
frames (including special or intermediate) and a combination of moment-resisting frames
and shear walls (including special or intermediate). The seismic-resistant system is named
based on the seismic code system of Iran to be able to match with the code more easily.
The last columns of Tables 1 and 2 contain the name of each building type. Subsequently,
the studied structures are divided into 50 types (24 for moderate code and 26 for high
code). For each of these 50 types, the fragility curves are presented based on the parameters
introduced in the seismic code.

Table 1. The building typology matrix for moderate-code (V3) buildings.

Main Type Description Height No. of Stories Type Name

Steel (ST)

Braced frames

Eccentrically (EBF)
Low-rise (L) 3 B5-ST-L-V3

Mid-rise (M) 6 B5-ST-M-V3

Concentrically (CBF)
Low-rise (L) 3 B6-ST-L-V3

Mid-rise (M) 6 B6-ST-M-V3

Moment-resisting
frame

Special (SMF)
Low-rise (L) 3 P4-ST-L-V3

Mid-rise (M) 6 P4-ST-M-V3

Intermediate (IMF)
Low-rise (L) 3 P5-ST-L-V3

Mid-rise (M) 6 P5-ST-M-V3
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Table 1. Cont.

Main Type Description Height No. of Stories Type Name

Combination of
moment-resisting

frame and
braced frame

SMF + EBF
Low-rise (L) 3 T4-ST-L-V3

Mid-rise (M) 6 T4-ST-M-V3

SMF + CBF
Low-rise (L) 3 T5-ST-L-V3

Mid-rise (M) 6 T5-ST-M-V3

IMF + EBF
Low-rise (L) 3 T6-ST-L-V3

Mid-rise (M) 6 T6-ST-M-V3

IMF + CBF
Low-rise (L) 3 T7-ST-L-V3

Mid-rise (M) 6 T7-ST-M-V3

Reinforced
concrete (RC)

Moment-resisting
frame

Special (SMF)
Low-rise (L) 3 P1-RC-L-V3

Mid-rise (M) 6 P1-RC-M-V3

Intermediate (IMF)
Low-rise (L) 3 P2-RC-L-V3

Mid-rise (M) 6 P2-RC-M-V3

Combination of
moment-resisting

frame and RC
shear wall

SMF + Special
shear walls

Low-rise (L) 3 T1-RC-L-V3

Mid-rise (M) 6 T1-RC-M-V3

IMF + Intermediate
shear walls

Low-rise (L) 3 T2-RC-L-V3

Mid-rise (M) 6 T2-RC-M-V3

Table 2. The building typology matrix for high-code (V4) buildings.

Main Type Description Height No. of Stories Type Name

Steel (ST)

Braced frames

Eccentrically (EBF)
Low-rise (L) 3 B5-ST-L-V4

Mid-rise (M) 6 B5-ST-M-V4

Concentrically (CBF)
Low-rise (L) 3 B8-ST-L-V4

Mid-rise (M) 6 B8-ST-M-V4

Moment-resisting
frame

Special (SMF)
Low-rise (L) 3 P4-ST-L-V4

Mid-rise (M) 6 P4-ST-M-V4

Intermediate (IMF)
Low-rise (L) 3 P5-ST-L-V4

Mid-rise (M) 6 P5-ST-M-V4

Combination of
moment-resisting

frame and
braced frame

SMF + EBF
Low-rise (L) 3 T5-ST-L-V4

Mid-rise (M) 6 T5-ST-M-V4

IMF + EBF
Low-rise (L) 3 T6-ST-L-V4

Mid-rise (M) 6 T6-ST-M-V4

SMF + CBF
Low-rise (L) 3 T7-ST-L-V4

Mid-rise (M) 6 T7-ST-M-V4

IMF + CBF
Low-rise (L) 3 T8-ST-L-V4

Mid-rise (M) 6 T8-ST-M-V4

Reinforced
concrete (RC)

Moment-resisting
frame

Special (SMF)
Low-rise (L) 3 P1-RC-L-V4

Mid-rise (M) 6 P1-RC-M-V4

Intermediate (IMF)
Low-rise (L) 3 P2-RC-L-V4

Mid-rise (M) 6 P2-RC-M-V4
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Table 2. Cont.

Main Type Description Height No. of Stories Type Name

Combination of
moment-resisting

frame and RC
shear wall

SMF + Special
shear walls

Low-rise (L) 3 T1-RC-L-V4

Mid-rise (M) 6 T1-RC-M-V4

IMF + Special
shear walls

Low-rise (L) 3 T2-RC-L-V4

Mid-rise (M) 6 T2-RC-M-V4

IMF + Intermediate
shear walls

Low-rise (L) 3 T3-RC-L-V4

Mid-rise (M) 6 T3-RC-M-V4

The ground type is assumed to be rocky (type I based on IRSt2800 [22,23]). Similar
to the area affected by the Sarpol-e-zahab earthquake, the hazard zone is considered a
high-risk area (peak ground acceleration of PGA = 0.3 g based on IRSt2800 [22,23]). The
results are therefore comparable with the existing empirical fragility curves presented in [9].

Based on the LM2 methodology of the RISK-UE project [20], the damage state is
assessed following the FEMA/NIBS [24] guidelines. It uses four labels of DS (S = 1 to 4)
which distinguish the no-damage building state from D0 (Table 3).

Table 3. Damage grading description.

Damage
Grade

Damage
Grade Label

Structural
Damage

Non-Structural
Damage

Description

None D0 No No No

Minor D1 No Slight Fine cracks in plaster over frame members or in walls
at the base. Fine cracks in partitions and infills.

Moderate D2 Slight Moderate

Cracks in columns and beams of frames and
structural walls. Cracks in partition and infill walls;

fall of brittle cladding and plaster. Falling mortar
from the joints of wall panels.

Severe D3 Moderate Heavy

Cracks in columns and beam–column joints of frames
at the base and joints of coupled walls. Spilling of
concrete cover, buckling of reinforced rods. Large

cracks in partition and infill walls, failure of
individual infill panels.

Collapse D4 Heavy and
very heavy

Very heavy and
total collapse

Large cracks in structural elements with compression
failure of concrete and fracture of rebars; bond failure

of beam-reinforced bars; tilting of columns. The
collapse of either a few columns or a single upper

floor. The collapse of the ground floor or parts
(e.g., wings) of buildings.

3. Capacity Spectra

It is necessary to obtain capacity curves from the code parameters for each type of
building to develop code-based seismic fragility curves. This method estimates the expected
first-mode peak response of a building at a given demand. The first mode of vibration of
buildings is assumed to be dominant. Iranian seismic code-based bilinear capacity curves
are based on yield and ultimate structural strength levels. The values are obtained from the
prescribed values of the code for each type of seismic-resistant system.

Equations (1) and (2) define the coordinates for the yield capacity and the ultimate
capacity points of the capacity curves, respectively. From Fajfar [25], period and ductil-
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ity are assumed, and spectral acceleration and displacement are all determined in these
two equations for four unknown quantities in the force-based design method.

Yield capacity point (Say, Sdy) :

{
Say = Ω0

Cs
α1

g

Sdy =
Say
4π2 T2 = Ω0

Cs
α1

T2

4π2 g
(1)

Ultimate capacity point (Sau, Sdu) :

{
Sau = λSay = λΩ0

Cs
α1

g

Sdu = λμSdy = λμΩ0
Cs
α1

T2

4π2 g
(2)

where Say and Sau are spectral acceleration for yield and ultimate points, respectively.
Sdy and Sdu are spectral displacements for yield and ultimate points, respectively. Cs is
the base shear coefficient corresponding to the design strength of the first plastic hinge
(Figure 2). According to the seismic code of Iran [22,23], Cs is the ratio of ground spectral
acceleration from the standard design spectra of the code (Figure 3) and the code strength
reduction factor, R (Table 4) (i.e., Cs = Sag/R). The code recommends that this coefficient
be multiplied by the coefficient of the importance of structures. This coefficient is equal
to 1 for residential buildings considered in this research. Ω0 is an over-strength factor
equal to 2.8 for the V3 of [22] and 2 for the V4 of [23]. λ = 1 + kpl where kpl is the slope
of the plastic branch considered here based on expert judgment equal to 20%. α1 is an
effective mass coefficient that Freeman [26] suggested adopting as between 0.75 to 0.83 for
most multi-story buildings. Milutinovic and Trendafiloski [27] estimated 0.71 to 0.73 for
RC frame and RC dual-system buildings. Here, α1 is considered equal to 0.75 and T is a
typical elastic period of the building that may be estimated using empirically developed
formulas from the code presented in Table 4 for various structural typologies. μ is the
ductility demand calculated by bilinear Equation (3) (e.g., [28,29]) from the representation
of the code strength reduction factor R.{

μ = (R − 1) TC
T + 1 T < TC

μ = R T ≥ TC
(3)

where TC is a characteristic period of the ground motion, typically defined as the cor-
ner period at the beginning of the constant velocity range. A typical value of TC, for
IRSt2800 [22,23] for a rocky site, is equal to 0.4 s.

Figure 2. Bilinear idealization of capacity curve.
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Figure 3. Standard design spectra of the codes [22,23] for a 475-year return period.

Table 4. Empirical formula for fundamental period of the building and the code strength reduction
factor R of V3 [22] and V4 [23].

Typology
V3 V4

T (s) R T (s) R

Steel

EBF
0.05H0.75

7
0.05H0.75

7

CBF 6 5.5

SMF
0.08H0.75

10
0.08H0.75

7.5

IMF 7 5

SMF + EBF

0.05H0.75

10

0.05H0.75

7.5

SMF + CBF 9 7

IMF + EBF 7 6

IMF + CBF 7 6

Reinforced
concrete

SMF
0.07H0.75

10
0.05H0.9

7.5

IMF 7 5

SMF + Special shear walls

0.05H0.75

11

0.05H0.75

7.5

IMF + Special shear walls - 6.5

IMF + Intermediate shear walls 8 6

The capacity model parameters based on moderate code and high code for all 50 build-
ing typologies are presented in Tables 5 and 6, respectively. This presentation format
of the demand spectrum is known as the acceleration–displacement response spectrum
(ADRS) [30].

In both seismic codes, the capacity spectra for buildings with the same height show
that steel moment-resisting frame buildings have the most significant spectral displacement
(P4 and P5). Buildings with steel-braced frames (B5 and B8) have the lowest values of
spectral displacement. However, values of spectral displacement in steel and RC combined
frames are also close to those of steel-braced frames with a slight difference. The values
presented in the capacity curves were determined by the parameters introduced in the
seismic codes. If the drift of the floor surpasses the allowable value in the code, the designer
will reduce the assumed ductility for the next attempt.
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Table 5. Parameters of the capacity curves for moderate-code steel and RC buildings.

Building
Typology

Yield Point Ultimate Point

Sdy (cm) Say (cm/s2) Sdu (cm) Sau (cm/s2)

B5-ST-L-V3 0.94 549.36 11.54 659.23

B6-ST-L-V3 1.10 640.92 11.44 769.10

P4-ST-L-V3 1.68 384.55 20.20 461.46

P5-ST-L-V3 2.40 549.36 20.20 659.23

T4-ST-L-V3 0.66 384.55 11.72 461.46

T5-ST-L-V3 0.73 427.28 11.67 512.74

T6&T7-ST-L-V3 0.94 549.36 11.54 659.23

P1-RC-L-V3 1.29 384.55 16.85 461.46

P2-RC-L-V3 1.84 549.36 16.79 659.23

T1-RC-L-V3 0.60 349.59 11.76 419.51

T2-RC-L-V3 0.82 480.69 11.61 576.83

B5-ST-M-V3 2.66 549.36 22.32 659.23

B6-ST-M-V3 3.10 640.92 22.32 769.10

P4-ST-M-V3 3.28 265.03 39.37 318.04

P5-ST-M-V3 4.69 378.62 39.37 454.34

T4-ST-M-V3 1.86 384.55 22.32 461.46

T5-ST-M-V3 2.07 427.28 22.32 512.74

T6&T7-ST-M-V3 2.66 549.36 22.32 659.23

P1-RC-M-V3 2.75 289.71 32.95 347.65

P2-RC-M-V3 3.92 413.87 32.95 496.64

T1-RC-M-V3 1.79 369.29 23.57 443.15

T2-RC-M-V3 2.46 507.77 23.57 609.32

Table 6. Parameters of the capacity curves for high-code steel and RC buildings.

Building
Typology

Yield Point Ultimate Point

Sdy (cm) Say (g) Sdu (cm) Sau (g)

B5-ST-L-V4 0.48 280.29 5.89 336.34

B8-ST-L-V4 0.61 356.73 5.80 428.07

P4-ST-L-V4 1.72 392.40 15.46 470.88

P5-ST-L-V4 2.58 588.60 15.46 706.32

T5-ST-L-V4 0.56 327.00 7.38 392.40

T7-ST-L-V4 0.60 350.36 7.36 420.43

T6&T8-ST-L-V4 0.70 408.75 7.29 490.50

P1-RC-L-V4 1.30 392.40 12.76 470.88

P2-RC-L-V4 1.94 588.60 12.67 706.32

T1-RC-L-V4 0.59 345.42 7.80 414.51

T2-RC-L-V4 0.68 398.56 7.74 478.28

T3-RC-L-V4 0.74 431.78 7.71 518.13

B5-ST-M-V4 1.35 280.29 11.39 336.34

B8-ST-M-V4 1.72 356.73 11.39 428.07
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Table 6. Cont.

Building
Typology

Yield Point Ultimate Point

Sdy (cm) Say (g) Sdu (cm) Sau (g)

P4-ST-M-V4 2.78 224.51 25.02 269.42

P5-ST-M-V4 4.17 336.77 25.02 404.13

T5-ST-M-V4 1.58 327.00 14.23 392.40

T7-ST-M-V4 1.69 350.36 14.23 420.43

T6&T8-ST-M-V4 1.98 408.75 14.23 490.50

P1-RC-M-V4 2.68 232.85 24.12 279.42

P2-RC-M-V4 4.02 349.27 24.12 419.13

T1-RC-M-V4 1.67 345.42 15.03 414.51

T2-RC-M-V4 1.93 398.56 15.03 478.28

T3-RC-M-V4 1.97 408.21 14.21 489.85

4. Fragility Curves

Seismic fragility curves indicate the probability of P[DS|Sd] reaching or exceeding a
specific damage state DS under a given ground motion parameter (e.g., peak ground accel-
eration PGA, spectrum displacement Sd, intensity I). The LM2 hybrid method introduced
in RISK-UE [20] was employed to extract the seismic fragility curves for a given spectrum
displacement Sd, as defined in Equation (4) [31]:

P[DS|Sd] = Φ
[

1
βDS

ln
(

Sd
SdDS

)]
(4)

where Φ is the standard normal cumulative distribution function, SdDS is the median value
of spectral displacement at which the building reaches the threshold of the damage state,
DS, and βDS is the lognormal standard deviation of spectral displacement for the damage
state DS.

The median values introduced by LM2 of the RISK-UE method [20] for damage limit
states, depending on Sdy and Sdu, are used in Equations (5)–(8):

SdD1 = 0.7Sdy (5)

SdD2 = Sdy (6)

SdD3 = Sdy + 0.25(Sdu − Sdy) (7)

SdD4 = Sdu (8)

The lognormal standard deviation of spectral displacement for damage state DS pre-
sented in LM2 of the RISK-UE method [20] as a function of ductility μ is as in Equations (9)–(12):

βD1 = 0.25 + 0.07 ln(μ) (9)

βD2 = 0.20 + 0.18 ln(μ) (10)

βD3 = 0.10 + 0.4 ln(μ) (11)
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βD4 = 0.15 + 0.5 ln(μ) (12)

Tables 7 and 8 show the parameters of hybrid fragility curves for the moderate-code
buildings and the high-code buildings, respectively. Likewise, spectral displacement curves
corresponding to moderate-code low-rise, high-code low-rise, and high-code mid-rise
buildings are shown in Figures 4–7.

Table 7. Parameters of fragility curves for moderate-code steel and RC buildings.

Building Properties Spectral Displacements, Sd (cm)

Typology
Height

(m)

D1 D2 D3 D4

Median Beta Median Beta Median Beta Median Beta

B5-ST-L-V3

9

0.66 0.41 0.94 0.62 3.59 1.03 11.54 1.31

B6-ST-L-V3 0.77 0.40 1.10 0.59 3.68 0.96 11.44 1.23

P4-ST-L-V3 1.18 0.41 1.68 0.61 6.31 1.02 20.20 1.30

P5-ST-L-V3 1.68 0.39 2.40 0.55 6.85 0.88 20.20 1.12

T4-ST-L-V3 0.46 0.44 0.66 0.69 3.42 1.18 11.72 1.50

T5-ST-L-V3 0.51 0.43 0.73 0.67 3.47 1.14 11.67 1.44

T6&T7-ST-L-V3 0.66 0.41 0.94 0.62 3.59 1.03 11.54 1.31

P1-RC-L-V3 0.90 0.42 1.29 0.63 5.18 1.05 16.85 1.34

P2-RC-L-V3 1.29 0.39 1.84 0.56 5.58 0.91 16.79 1.16

T1-RC-L-V3 0.42 0.45 0.60 0.70 3.39 1.22 11.76 1.55

T2-RC-L-V3 0.57 0.42 0.82 0.64 3.52 1.09 11.61 1.38

B5-ST-M-V3

18

1.86 0.39 2.66 0.55 7.57 0.88 22.31 1.12

B6-ST-M-V3 2.17 0.37 3.10 0.52 7.90 0.82 22.32 1.05

P4-ST-M-V3 2.30 0.41 3.28 0.61 12.30 1.02 39.37 1.30

P5-ST-M-V3 3.28 0.39 4.69 0.55 13.36 0.88 39.37 1.12

T4-ST-M-V3 1.30 0.41 1.86 0.61 6.97 1.02 22.32 1.30

T5-ST-M-V3 1.45 0.40 2.07 0.59 7.13 0.98 22.32 1.25

T6&T7-ST-M-V3 1.86 0.39 2.66 0.55 7.57 0.88 22.32 1.12

P1-RC-M-V3 1.92 0.41 2.75 0.61 10.30 1.02 32.95 1.30

P2-RC-M-V3 2.75 0.39 3.92 0.55 11.18 0.88 32.95 1.12

T1-RC-M-V3 1.25 0.42 1.79 0.63 7.23 1.06 23.57 1.35

T2-RC-M-V3 1.72 0.40 2.45 0.57 7.73 0.93 23.57 1.19

Table 8. Parameters of fragility curves for high-code steel and RC buildings.

Building Properties Spectral Displacements, Sd (cm)

Typology
Height

(m)

D1 D2 D3 D4

Median Beta Median Beta Median Beta Median Beta

B5-ST-L-V4

9

0.33 0.41 0.48 0.62 1.83 1.03 5.89 1.31

B8-ST-L-V4 0.43 0.39 0.618 0.57 1.91 0.93 5.80 1.18

P4-ST-L-V4 1.20 0.39 1.72 0.56 5.15 0.91 15.46 1.16

P5-ST-L-V4 1.80 0.36 2.58 0.49 5.80 0.74 15.46 0.95

T5-ST-L-V4 0.39 0.42 0.56 0.63 2.27 1.06 7.38 1.35
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Table 8. Cont.

Building Properties Spectral Displacements, Sd (cm)

Typology
Height

(m)

D1 D2 D3 D4

Median Beta Median Beta Median Beta Median Beta

T7-ST-L-V4 0.42 0.41 0.60 0.62 2.29 1.03 7.36 1.31

T6&T8-ST-L-V4 0.49 0.40 0.70 0.59 2.35 0.96 7.29 1.23

P1-RC-L-V4 0.91 0.40 1.30 0.58 4.16 0.94 12.76 1.20

P2-RC-L-V4 1.36 0.37 1.94 0.50 4.63 0.78 12.67 1.00

T1-RC-L-V4 0.41 0.42 0.59 0.63 2.39 1.06 7.80 1.35

T2-RC-L-V4 0.48 0.41 0.68 0.60 2.45 1.00 7.74 1.27

T3-RC-L-V4 0.52 0.40 0.74 0.59 2.48 0.96 7.71 1.23

B5-ST-M-V4

18

0.95 0.39 1.35 0.55 3.86 0.88 11.39 1.12

B8-ST-M-V4 1.21 0.37 1.72 0.51 4.14 0.78 11.39 1.00

P4-ST-M-V4 1.95 0.39 2.78 0.56 8.34 0.91 25.01 1.16

P5-ST-M-V4 2.92 0.36 4.17 0.49 9.38 0.74 25.02 0.95

T5-ST-M-V4 1.11 0.39 1.58 0.56 4.74 0.91 14.23 1.16

T7-ST-M-V4 1.186 0.39 1.69 0.55 4.83 0.88 14.23 1.12

T6&T8-ST-M-V4 1.38 0.37 1.98 0.52 5.04 0.82 14.23 1.05

P1-RC-M-V4 1.88 0.39 2.68 0.56 8.04 0.91 24.12 1.16

P2-RC-M-V4 2.81 0.36 4.02 0.49 9.04 0.74 24.12 0.95

T1-RC-M-V4 1.17 0.39 1.67 0.56 5.01 0.91 15.03 1.16

T2-RC-M-V4 1.35 0.38 1.93 0.54 5.20 0.85 15.03 1.09

T3-RC-M-V4 1.38 0.37 1.97 0.52 5.03 0.82 14.21 1.05

For an elastic system with a single degree of freedom, the spectral acceleration Sa
associated with the first mode-dominated period T is converted into the corresponding
spectral displacement Sd, as shown in Equation (13):

Sd(T) =
Sa(T)
4π2 T2 (13)

The corresponding fragility curves can be proposed in terms of spectral acceleration
and damage discrete distribution. Figure 8 shows the fragility curves and damage distri-
bution for high-code mid-rise buildings at Sa = 300 cm/s2 (high relative seismic hazard
zone). This shows the accepted damage by the IRSt2800 seismic code [23] for mid-height
engineered buildings.

Figure 4. Cont.
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Figure 4. Fragility curves for moderate-code low-rise (9 m tall) steel and RC buildings: (a) steel-braced
frame, (b) steel moment-resisting frame, (c) combination of moment-resisting frame and braced frame,
(d) RC moment frame, and (e) combination of moment-resisting frame and RC shear wall.

 

Figure 5. Cont.

55



Buildings 2023, 13, 1361

Figure 5. Fragility curves for moderate-code mid-rise (18 m tall) steel and RC buildings: (a) steel-
braced frame, (b) steel moment-resisting frame, (c) combination of moment-resisting frame and braced
frame, (d) RC moment frame, and (e) combination of moment-resisting frame and RC shear wall.

 

 

Figure 6. Fragility curves for high-code low-rise (9 m tall) steel and RC buildings: (a) steel-braced
frame, (b) steel moment-resisting frame, (c) combination of moment-resisting frame and braced frame,
(d) RC moment frame, and (e) combination of moment-resisting frame and RC shear wall.
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Figure 7. Fragility curves for high-code mid-rise (18 m tall) steel and RC buildings: (a) steel-braced
frame, (b) steel moment-resisting frame, (c) combination of moment-resisting frame and braced frame,
(d) RC moment frame, and (e) combination of moment-resisting frame and RC shear wall.

Different types of damage probability curves were evaluated by comparing their
D4 damage level (collapse). For the low-rise and mid-rise buildings of the third version
of the code, the highest probability of D4 damage in constant spectral displacement is
related to the steel-braced frames and the combined steel and RC frames (Figure 4a,c,e and
Figure 5a,c,e). However, according to the assumptions of the fourth version of the code,
steel-braced frame buildings (Figures 6a and 7a) have the highest probability of D4-level
damage in constant spectral displacement. Furthermore, the steel moment-resisting frame
building type has the lowest probability of D4 damage in constant spectral displacement in
both code versions and heights (Figures 4b, 5b, 6b and 7b).

Figure 8. Cont.
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Figure 8. Fragility curves in terms of spectral acceleration and the discrete damage distribution
referring to Sa = 300 cm/s2 for high-code mid-rise (18 m tall) steel and RC buildings: (a) steel-braced
frame, (b) steel moment-resisting frame, (c) combination of moment-resisting frame and braced frame,
(d) RC moment frame, and (e) combination of moment-resisting frame and RC shear wall.

The results of the discrete damage distribution at constant spectral acceleration in
mid-rise buildings of the fourth version of the code show that although the damage of
different types is close at each level, the probability of D4 damage is slightly higher in the
steel-braced frame. As shown in Figure 8, at a constant spectral acceleration of 0.3 g for
different systems, the damage probability for D1 is about 5% to 13%, that of D2 is about
52% to 57%, that of D3 is about 21% to 29%, and that of D4 is estimated at 9% to 13%.
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5. Comparison with Empirical Fragility Curves

The proposed code-based fragility curves (solid lines) are compared to the empirical
fragility curves proposed in [9] (dashed lines) for buildings with the same seismic-resistant
system, that were damaged during the 2017 Sarpol-e-zahab earthquake, in Figure 9. The
proposed empirical fragility curves, based on the beta distribution of collected data, are
regenerated to facilitate better comparisons since the empirical fragility curves are based
on five levels of damage (D1 to D5) for LM1 of the RISK-UE method (Milutinovic and
Trendafiloski, 2003). To achieve this, we assume that the D4 and D5 damage grades for
LM1 of RISK-UE [20] will be the same as the collapse level (or D4 damage level) of LM2 of
the method, based on the damage scale correlation of LM2 of the RISK-UE method [20].
It is also important to note that the curves at low spectral accelerations do not match
up because the probability distribution functions are different (i.e., the beta distribution
for the empirical fragility curves and the normal distribution for the code-based fragility
curves). Furthermore, the height of the structures in the database of empirical fragility
curves was not necessarily 18 m. According to a previous study [32] the demand estimation
approaches can affect the performance of structures as well as the capacity estimation
methods. Therefore, the observed discrepancies may also be attributed to assumptions
underlying capacity and demand determinations.

 

 

Figure 9. Comparison between moderate-code fragility curves proposed herein (solid line) and the
empirical fragility curves developed by Biglari et al. [9] (dashed line) in terms of PGA for steel and
RC buildings: (a) steel-braced frame, (b) steel moment-resisting frame, (c) combination of moment-
resisting frame and braced frame, (d) RC moment frame, and (e) combination of moment-resisting
frame and RC shear wall.
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The results show that the damage probability at a high damage level (i.e., D4) in the
real condition is higher than what the seismic code would expect. This poor performance
is due to weaknesses in construction technologies and materials, as well as neglect of
maintenance of structures. In RC buildings with a combination of moment-resisting frames
and RC shear walls (Figure 9e) and steel-braced frames (Figure 9a), this difference is less
than in the other seismic-resistant systems. This shows that these types of seismic-resistant
systems work better with construction technologies in Iran. In the meantime, buildings
with steel and RC moment frames (Figure 9b,d) have greater inconsistencies with the
probability of code-expected damage. It is recommended to increase the technical controls
of these buildings due to the increased demand for this seismic-resistant system in Iran.

6. Conclusions

The default values in seismic codes can be seen as a fragility curve, which gives
seismic code developers a visual way to understand the seismic performance of different
buildings and adjust them to meet real social and economic needs. These curves also
help to plan seismic risk mitigation interventions for new code-based buildings, which are
generally assumed to be invulnerable. This is specifically a comparison of codes and other
parameters, such as the quality of materials, the construction methodology, the supervision
of construction, and the maintenance during operation, which are other influential factors
that will control the final seismic behavior of the structure.

The methodology employed in this study relies exclusively on the assumptions con-
tained in the two latest Iranian seismic codes. These pure code-based seismic fragility
curves have not been proposed to date. However, it is essential to consider the possibility of
simulated damage in seismic codes. The limitation of this method is that it ignores design
changes during deformation control. This issue occurs mostly with tall structures, and this
effect cannot be considered in this method.

These two versions of the seismic design code recommended values for the minimum
amount of nonlinear deformation and, therefore, the ductility factor for steel buildings
with braced frames. However, steel buildings with special moment-resisting frames had
the highest seismic capacity. Furthermore, the hybrid fragility curves for all typologies of
the studied buildings were proposed. Seismic fragility curves are useful for figuring out
how good codes are and how strong they are. These curves are not presented in seismic
codes. Upon comparing the fragility curves of the third and fourth editions of the seismic
code of Iran, it was found that the severe damage probability (D4) of the fourth version
is higher than that of the third version. This comparison used a similar approach and
only considered the assumptions included in the standard. The curves showed that steel
buildings with braced frames had the highest probability of collapsing at constant spectral
displacement, and steel buildings with moment-resistant frames had the lowest probability.
Steel-braced frame buildings have the highest collapse probability in constant spectral
acceleration among mid-rise buildings.

A comparison of results with empirical values showed that the steel-braced frames
and RC buildings with a combination of moment-resisting frames and RC shear walls
are more compatible with construction technologies in Iran. However, the steel and RC
moment frames of buildings are incompatible. It is recommended to increase the technical
controls on these buildings.

Determining these curves for other seismic codes and consciously changing the seismic
codes could reduce the probability of D3 and D4 damage and, consequently, reduce the
vulnerability of newly built structures. Further investigation is needed to find the most
effective seismic code parameters to reduce the probability of high damage levels.
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Abstract: The effects on structures of the earthquake with the magnitude of 7.8 on the Richter scale
(moment magnitude scale) that took place in Pazarcık, Kahramanmaraş, Türkiye at 04:17 a.m. local
time (01:17 UTC) on 6 February 2023, are investigated by processing suitable seismic records using
the open-source software OpenSeismoMatlab. The earthquake had a maximum Mercalli intensity
of XI (Extreme) and it was followed by a Mw 7.5 earthquake nine hours later, centered 95 km to the
north–northeast from the first. Peak and cumulative seismic measures as well as elastic response
spectra, constant ductility (or isoductile) response spectra, and incremental dynamic analysis curves
were calculated for two representative earthquake records of the main event. Furthermore, the
acceleration response spectra of a large set of records were compared to the acceleration design
spectrum of the Turkish seismic code. Based on the study, it is concluded that the structures were
overloaded far beyond their normal design levels. This, in combination with considerable vertical
seismic components, was a contributing factor towards the collapse of many buildings in the region.
Modifications of the Turkish seismic code are required so that higher spectral acceleration values can
be prescribed, especially in earthquake-prone regions.

Keywords: earthquake; Türkiye; design; collapse; ductility; reinforcement; concrete

1. Introduction

An earthquake with the magnitude (Mw) of 7.8 took place in Pazarcık, Kahraman-
maraş, Türkiye at 04:17 a.m. local time (01:17 UTC) on 6 February 2023. The earthquake had
a maximum Mercalli intensity of XI (Extreme) and it was followed by a Mw 7.5 earthquake
nine hours later, centered 95 km to the north–northeast from the first. According to infor-
mation available as of 22 February 2023, and a press release of the Turkish government [1],
42,310 people lost their lives in Kahramanmaraş, Gaziantep, Şanlıurfa, Diyarbakır, Adana,
Adıyaman, Osmaniye, Hatay, Kilis, Malatya, and Elazığ, and 448,010 people have been
evacuated from the earthquake zone. A total of 7184 aftershocks occurred, and a total
of 5606 buildings have reportedly been destroyed in Türkiye [2]. In Türkiye and Syria
combined, more than 6500 buildings have collapsed due to the two main shocks. As of
6 February 2023, a three-month state of emergency is in place in provinces directly affected
by the earthquake in Türkiye [3]. The details of the earthquake event (from now on referred
to as the Mw 7.8 event) are shown in Table 1 [4].
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Table 1. Details of the main Mw 7.8 earthquake event [4].

Magnitude 7.8 (Mw)

Location Pazarcık (Kahramanmaraş),
26 km ENE of Nurdağı, Türkiye

Date and time 6 February 2023, 01:17:34 UTC
Latitude 37.225◦ N

Longitude 37.021◦ E
Depth 10.0 km

2. Literature Review

Many studies in the literature have attempted to quantify the impact of earthquakes
on structures. One of the most important quantities that can describe the destructive
effects of an earthquake is the seismic energy that is absorbed from the structures which
respond to seismic excitation, as well as its distribution inside the structure, e.g., among
its stories in the case of buildings [5]. In addition, there is strong evidence that taking
the seismic energy absorbed from structures into account leads to the development of
more realistic acceleration time histories that can be used for more rigorous structural
design [6]. More recently, attempts have been made to use computational intelligence
methods for predicting seismic damage on structures through energy-related measures
for quantification of the seismic damage, such as the Park–Ang index [7]. Apart from
the seismic energy considerations above that apply to all earthquakes in general, a more
specific presentation regarding particularly the 6 February 2023 earthquakes in Türkiye are
pursued in the following paragraphs, and the results of the various studies are emphasized.

Lu [8] attempted a preliminary assessment of the damage of the 6 February 2023
Türkiye earthquake on buildings. The author tried to explain why building damages due to
this earthquake were so severe and whether Chinese structures would be strong enough to
resist an earthquake of this magnitude. The RED-ACT system [9] was used to analyze the
recorded ground motion of the 1st (Mw 7.8) earthquake event which gave “collapse” results
for the ground motion input of Station 3138. Following this, the earthquake ground motions
were input to typical individual and urban buildings in Türkiye to assess the damage. Low-
and high-rise reinforced concrete frame models were analyzed and subjected to the ground
motion recorded at station 3123, and the results showed that there were large inter-story
drifts at the lower stories in all cases, resulting in the collapse of all three frames analyzed.

A recent study has pointed out some noticeable facts about the buildings’ design
and construction and the impact that they had on the devastation in the aftermath of the
earthquake [10], for example, (i) there was low concrete quality, inadequate reinforcement,
and/or poor detailing, which led to either heavily damaged or collapsed structures [11];
(ii) the extensive building collapse can be attributed to a variety of reasons, including
the old age of buildings, some of which were built according to previous versions of the
Turkish seismic code, and the improper application of the current Turkish seismic code [10].
In addition, some peculiar phenomena have been observed, such as the fact that a newly
constructed housing estate in Antakya municipality extensively collapsed killing many
people, yet in nearby Erzin there were no collapses at all [12]. It has also been argued that
the ongoing war in Syria may have played its role, where conflicts have made building
standards impossible to enforce and some war-damaged buildings have been rebuilt using
low-quality materials or “whatever materials are available” [13].

In another study, researchers have tried to identify the main features of the earth-
quake sequence and also to present various spectra of near-source ground motion data
and ground motion data with pulse-like features [14]. In this study, it was concluded that
the seismic actions were generally challenging for the structures, based on the response
spectra of stations close to the source. Relatively large near-source pulses were also iden-
tified, whereas their attribution to rupture phenomena (e.g., forward directivity) needs
further nvestigation.
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The generalized continuous wavelet transform (GCWT) method proposed by
Chen et al. [15] has been applied to identify pulse-like ground motions in the February
2023 earthquakes in Türkiye [16]. This method applies three criteria for the identification of
pulse components which establish lower thresholds for the following quantities: (1) PGV,
(2) the ratio of the energy of the pulse part of the ground motion to the energy of the original
ground motion, and (3) the Pearson correlation coefficient between the pulse part of the
ground motion and the time history of the pulse model. A total of 99 pulse-like ground
motions were discovered that occurred in the February 2023 Türkiye earthquakes, with two
of them containing more than one pulse. In addition, by examining four intensity measures,
i.e., Arias intensity, cumulative Fourier spectrum, 5% damped pseudo-spectral velocity,
and 5% damped pseudo-spectral acceleration, it was concluded in the same study that
the response spectra, as well as the PGA, PGV and energy-frequency parameter (defined
in [17]) values of pulse-like motions, are larger than those of non-pulse like motions.

A preliminary analysis of the acceleration time histories of the first earthquake of
6 February 2023 has appeared in [18]. It was shown there that the different rupture episodes
appeared distinctly at the recordings of the stations closest to the epicenter (e.g., TK.2712
and TK.4615), whereas at stations farther away, such as TK.4406, the different rupture
episodes are no longer distinguishable, and the PGA is lower. Far-field stations, such as
TK.3145 sensed the rupture episodes at a considerable time delay from the time point of
their occurrence.

Another preliminary report was presented by Garini and Gazetas [19]. Seismological
and acceleration time history information was presented in this report for both earthquakes
of the doublet, followed by an extensive analysis of the main reasons for the collapses of
the buildings that happened. The acceleration time histories of the TK.4614 and TK.3123
recorded during the first mainshock were analyzed. In addition, their acceleration spectra
were extracted, where it was observed that the TK.4614 record has increased spectral
acceleration values for periods lower than roughly 0.6 s, whereas the TK.3123 record has
increased spectral acceleration for periods larger than 0.6 s.

A preliminary analysis of strong ground motion characteristics has been made in [20].
In this report, a variety of aspects of ground motions recorded during the Türkiye earth-
quakes of February 2023 have been addressed as follows: (1) procedures for strong motion
data processing have been presented, along with the types of nonstandard errors usually
met in real raw acceleration data; (2) ground motion intensity measures, such as peak
ground motion amplitudes, significant duration, and Arias as well as Housner intensity
values of the recordings within distance from rupture lower than 100 km, are provided.
Furthermore, acceleration time histories, Fourier amplitude spectra, and the 5%-damped
acceleration response spectra of the recorded accelerations at the stations TK.2708, TK.3126,
TK.3138, TK.4615, and TK.4624 are presented and discussed. Besides the aforementioned
ground motion data, the spatial distribution of peak and spectral accelerations and soil
amplifications and Horizontal-to-Vertical Spectral Ratio (HVSR) analyses are discussed
in detail.

The characteristics of the soil and geological conditions where a building is located
can greatly influence the amount of shaking that the building experiences during an
earthquake [21,22]. Parameters such as soil type (rock foundations, earth foundations, etc.),
soil depth, geological features, and site amplification can significantly affect the response
of a building in an earthquake event. In the case of a soil foundation, different grain
gradation [23], pore ratio, and water content [24] will also lead to a different structural
response. Sun and Huang [23] presented a particle discrete element method that can be
used to calculate the soil particle gradation, while Sun [24] investigated soil porosity and
attempted to calculate the permeability of particle soils under soil pressure.

Apart from the aforementioned factors, various additional parameters mainly of seis-
mological nature can be considered for the evaluation of the Kahramanmaraş–Gaziantep,
Türkiye Mw 7.8 earthquake on 6 February 2023. For example, in [25], kinematic rupture
models from a joint inversion of High Rate Global Navigation Satellite System (HR-GNSS)
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and strong motion data sets of the two events in the 6 February 2023 Türkiye earthquake
doublet have been developed, and it is shown that the Mw 7.8 earthquake nucleated on
a previously unmapped fault before transitioning to the East Anatolian Fault (EAF), rup-
turing for ~350 km; the maximum rupture speeds were estimated to be 3.2 km/s for the
same event. In another study [26], a long-period coda moment magnitude method was
used to measure the moment magnitudes of the two large mainshocks. It was found that
the magnitude of the first event (with one standard error of the magnitude estimation) is
7.95 ± 0.013. Results about the tectonic setting, the seismicity and its temporal evolution as
well as the seismic moment release rate in the region have been presented in [27], whereas
various issues about seismic forecasting are discussed in [28].

In the present study, various seismic parameters of the Mw 7.8 earthquake are calcu-
lated and assessed in an effort to provide some explanations about the large destructiveness
of the earthquake and the devastating effects it had on buildings. A building-oriented
evaluation of the earthquake impact is performed not only by extracting its various peak
and cumulative parameters but also by calculating various types of linear and nonlinear
(isoductile) seismic spectra. Furthermore, incremental dynamic analysis (IDA) [29] is per-
formed for various simplified cases of buildings in an effort to estimate the response that
they would exhibit during the earthquake. To the best of the authors’ knowledge, such a
detailed investigation has not been conducted in the literature for the Mw 7.8 earthquake
event. It is examined if the isoductile seismic spectra, the IDA curves, and the other cal-
culated parameters can provide some hints about the destructiveness of the earthquake
and how the buildings could be designed to be able to resist such earthquakes in the
future. The objective of the study is to highlight various particular characteristics of the
Mw 7.8 event through the investigation of all the aforementioned strong ground motion
data processing results.

3. Record Data

There are two main earthquake monitoring networks currently operating in Türkiye:
(i) the Turkish Civil Defense Network (AFAD, Republic of Türkiye, Ministry of Interior
Disaster And Emergency Management Presidency, code TK) and (ii) the Kandilli Observa-
tory and Earthquake Research Institute (Boğaziçi University, code KO). Two representative
seismic recording stations were selected for obtaining acceleration time history data of
the Mw 7.8 earthquake event, one from each network: (i) Station No 3137, TK Network
(Lat.: 36.69293◦, Long.: 36.48852◦) and (ii) KHMN Station, KO Network KO (Lat.: 37.3916◦,
Long.: 37.1574◦); both are shown in Figure 1, together with the epicenter of the earthquake
event. For the processing of the acceleration time histories, the open-source Matlab code
OpenSeismoMatlab [30] was used, which has been developed by the authors and is quite
reliable since it has been successfully verified in several cases in the literature [31–33]. The
software uses an advanced time integration algorithm first presented in [34].

Figure 2 shows the two horizontal acceleration components of the TK.3137 station
record, while Figure 3 shows the corresponding vertical acceleration component. Similarly,
Figure 4 shows the two horizontal acceleration components of the KO-KHMN station
record, and Figure 5 shows its vertical acceleration component. The severity of the ground
motions is obvious since the TK.3137 record reached a peak ground acceleration (PGA) of
0.75 g during ground shaking, whereas the KO-KHMN record reached PGA values as high
as 0.60 g. Another observation is that the duration of the shaking was quite large, reaching
about 1.5 min in the case of the TK.3137 station.
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KO-KHMN 
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TK3137 
Station

70km
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Mw 7.8 
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Figure 1. Locations of the two stations (No 3137 of TK Network and KHMN of KO Network) and the
epicenter of the Mw 7.8 earthquake.

Table 2 shows the peak values recorded for each station, namely the PGA as well as
the peak ground velocity (PGV) and the peak ground displacement (PGD) for both records,
for the horizontal (EW, NS) and the vertical (UD) components.

Table 2. Peak seismic parameters of the Mw 7.8 earthquake based on the two recordings.

Station TK.3137 KO-KHMN

Component
PGA

(m/s2)
PGV
(m/s)

PGD
(m)

PGA
(m/s2)

PGV
(m/s)

PGD
(m)

EW Horizontal 7.47 0.75 0.50 5.09 1.08 0.61
NS Horizontal 4.26 0.76 1.15 6.06 0.89 0.50

UD Vertical 4.46 0.40 0.16 4.79 0.45 0.34

3.1. Cumulative Energy, Arias Intensity, and Significant Duration Data

A significant measure of the destructive effect of an earthquake on structures is the
amount of energy that it releases. This energy, after having been released by the earthquake,
is partly absorbed by the structures in the area and this results in their gradual damage
or even collapse. Energy-based design theory (EBDT), which introduces energy demand
as the critical parameter to evaluate structural damage, has gained attention around the
world in recent decades. According to this approach, each structure must be designed to be
capable of absorbing a certain amount of energy. It is noted that the EBDT concept accounts
for the cumulative damage and the effective duration of earthquakes in a theoretically
sound manner. The effects of the latter factors are not taken sufficiently into account in
traditional force-based design approaches. In this section, the data for the total cumulative
energy, Arias intensity, and significant duration are presented for the two records.
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(a) 

(b) 

Figure 2. Earthquake acceleration time histories of the Mw 7.8 earthquake recorded at the TK.3137
station: (a) east–west component, (b) north–south component.

Figure 3. Earthquake acceleration time history of the Mw 7.8 earthquake recorded at the TK.3137
station: vertical component.
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(a) 

(b) 

Figure 4. Earthquake acceleration time histories of the Mw 7.8 earthquake recorded at the KHMN
Station: (a) east–west component, (b) north–south component.

Figure 5. Earthquake acceleration time histories of the Mw 7.8 earthquake recorded at the KHMN
Station: vertical component.

A summary report is given in Table 3, where Ecum denotes the cumulative energy,
Arias denotes the Arias intensity, td5–95 denotes the time needed for the 90% of the seismic
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energy to be released (5–95% interval), and td5–75 denotes the time needed for the 70% of
the seismic energy to be released (5–75% interval). These quantities are calculated using
the following equations:

Ecum =

td∫
0

a(t)2dt (1)

Arias =
π

2g

td∫
0

a(t)2dt (2)

where td stands for the time duration of the strong motion record of the earthquake. The
time durations are given as follows:

td5−95 = td95 − td5 (3)

td5−75 = td75 − td5 (4)

where for td5, td75, and td95 the following conditions hold:

td5∫
0

a(t)2dt = 0.05Ecum (5)

td75∫
0

a(t)2dt = 0.75Ecum (6)

td95∫
0

a(t)2dt = 0.95Ecum (7)

Table 3. Cumulative seismic parameters of the Mw 7.8 earthquake event.

Station TK.3137 KO-KHMN

Component
Ecum

(m2/s3)
td5–95

(s)
td5–75

(s)
Arias
(m/s)

Ecum
(m2/s3)

td5–95

(s)
td5–75

(s)
Arias
(m/s)

EW Horizontal 22.755 16.27 8.26 3.6 21.220 12.145 5.88 3.4
NS Horizontal 22.232 16.79 9.58 3.6 28.743 10.28 4.64 4.6

UD Vertical 13.932 16.68 9.71 2.2 13.731 16.59 5.44 2.2

The main trend, apart from the relatively high Arias intensity and cumulative energy
values, is that the seismic energy was released in a small fraction of the total duration of the
earthquake. For example, for station TK.3137, it took only 16 s for 90% of the seismic energy
to be released, whereas only roughly 8 s were needed for 70% of it to be released. If these
time durations are compared to the total duration of the earthquake, which is larger than
80 s, it becomes apparent that the Mw 7.8 event was an event of large seismic power. This
fact played a critical role in the intensity of the shaking that was experienced by structures
and could provide some indirect hints explaining the large number of structural collapses.
The aforementioned points become obvious by observing the normalized cumulative
energy time histories shown in Figure 6 [35].

3.2. Elastic Response Spectra

A response spectrum is a plot that shows the maximum response of a structure to a
ground motion as a function of frequency (or equivalently the period). The elastic response
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spectra simulate a single degree of freedom (SDOF) system and the way that it would
respond to the time history of a given earthquake. We are interested both in the peak and the
cumulative spectral response of an SDOF system for an earthquake. Typical spectral quantities
of the first category are spectral acceleration and pseudo-acceleration, spectral velocity and
pseudo-velocity, and spectral displacement. Typical spectral quantities of the latter category
are the seismic input energy equivalent velocity [36], absolute and relative. It is noted that
the seismic input energy equivalent velocity is a measure of the seismic energy that is input
to a structure by an earthquake, not the energy that is released by the earthquake itself. In
structural analysis, response spectra are utilized in response spectrum modal analysis (RSMA),
a method commonly used in the design of buildings, bridges, and other structures that are
critical to public safety. By analyzing the structure’s response to different ground motion
records, given the uncertainties involved, the engineers can hope that the structure will not
experience excessive deformation or failure during an earthquake.

(a) 

(b) 

Figure 6. Normalized cumulative energy that was released by the recorded Mw 7.8 earthquake, as
recorded at the TK.3137 and the KO–KHMN stations: (a) Horizontal components, (b) Vertical components.

The spectral displacement, velocity, and acceleration are shown in Figures 7–9, re-
spectively, for the two records and their different components (the two horizontal and
the vertical). Similarly, Figures 10 and 11 show the spectral pseudo-acceleration and the
spectral pseudo-velocity, respectively. All diagrams have been generated for damping
ratio ζ equal to 5% and their horizontal axis is in logarithmic scale. In Figure 9, it can
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be observed that the NS component of the KO-KHMN station record reached very high
spectral accelerations, around 2.35 g, whereas the vertical component of the same record
reached a maximum spectral acceleration close to 1.7 g. These spectral acceleration values
are extraordinarily high. On the other hand, it is seen from Figure 8 that at the high period
range the spectral velocity of the record of the TK.3137 station is generally larger, with
some exceptions, for both its horizontal and vertical components. This is an important ob-
servation that may explain the large casualties that occurred in the Hatay region, although
it is far away from the epicenter of the main earthquake, especially in comparison to Kahra-
manmaraş. The TK.3137 station, which gave higher spectral velocities than the KO-KHMN
station, is much closer to the Hatay region, as shown in Figure 1. This may imply a stronger
relationship between the destructive effects of an earthquake and its spectral velocity rather
than its spectral acceleration. While the spectral acceleration has been traditionally taken
into account for the design of buildings according to various seismic norms worldwide
(including the Turkish seismic code), the spectral velocity is generally ignored, although it
may be a better index in determining seismic hazard for taller buildings and it can serve as
a parameter from which to estimate the macroseismic intensity and structural damage [37].
This is a well-known issue, and the Mw 7.8 earthquake may provide an incentive for further
improvements to the seismic codes in this direction [35].

(a) 

(b) 

Figure 7. Spectral displacement (ζ = 5%) for the Mw 7.8 earthquake, as recorded at the TK.3137 and
the KO–KHMN stations: (a) horizontal components, (b) vertical components.
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(a) 

(b) 

Figure 8. Spectral velocity (ζ = 5%) for the Mw 7.8 earthquake, as recorded at the TK.3137 and the
KO-KHMN stations: (a) horizontal components, (b) vertical components.

(a) 

Figure 9. Cont.
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(b) 

Figure 9. Spectral acceleration (ζ = 5%) for the Mw 7.8 earthquake, as recorded at the TK.3137 and
the KO–KHMN stations: (a) horizontal components, (b) vertical components.

(a) 

(b) 

Figure 10. Spectral pseudo-acceleration (ζ = 5%) for the Mw 7.8 earthquake, as recorded at the
TK.3137 and the KO–KHMN stations: (a) horizontal components, (b) vertical components.
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(a) 

(b) 

Figure 11. Spectral pseudo-velocity (ζ = 5%) for the Mw 7.8 earthquake, as recorded at the TK.3137
and the KO–KHMN stations: (a) horizontal components, (b) vertical components.

3.3. Isoductile response spectra

Seismic energy can be absorbed in structures in two main forms: (i) as elastic strain
energy and (i) as hysterically dissipated energy. The former approach requires that the
structure remains in the elastic region and resists the entire earthquake load, as high as
its peak value, elastically. The latter approach permits the design of structures based on
reduced earthquake loads (lower than those of the former case, which correspond to the
maximum acceleration that the structure experiences during the seismic event) by relying
on ductility and over-strength of the materials used. A structure that responds in an
elastoplastic way through its ductile character experiences lower acceleration during an
earthquake and its design becomes more economical, although damages may be expected in
case of high accelerations. The basic ductile design philosophy is that the structure should
survive the main shock through controlled damage but without collapse. The constant
ductility (or isoductile) spectra assume that an SDOF system responds in an elastoplastic
(i.e., elastic—perfectly plastic) way with constant ductility, which is defined as the ratio of
the maximum displacement to the yielding displacement. The yielding displacement is
the displacement that corresponds to the yield limit of the SDOF system. In other words,
we are interested in the response of SDOF systems for varying eigenperiods, similar to
the elastic spectra considered in the previous section, but for a specific ductility ratio. The
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isoductile spectral displacement, velocity, and acceleration are shown in Figures 12–14,
respectively, for the two records and their two components.

(a) 

(b) 

Figure 12. Isoductile spectral displacement (ζ = 5%, μ = 2) for the Mw 7.8 earthquake, as recorded at
the TK.3137 and the KO-KHMN stations: (a) horizontal components, (b) vertical components.

(a) 

Figure 13. Cont.
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(b) 

Figure 13. Isoductile spectral velocity (ζ = 5%, μ = 2) for the Mw 7.8 earthquake, as recorded at the
TK.3137 and the KO–KHMN stations: (a) horizontal components, (b) vertical components.

(a) 

(b) 

Figure 14. Isoductile spectral acceleration (ζ = 5%, μ = 2) for the Mw 7.8 earthquake, as recorded at
the TK.3137 and the KO–KHMN stations: (a) horizontal components, (b) vertical components.
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Similarly, Figures 15 and 16 show the isoductile spectral pseudo-acceleration and
spectral pseudo-velocity, respectively. All diagrams correspond to damping ratio ζ equal
to 5% and ductility μ equal to 2, and their horizontal axis is in logarithmic scale. As
expected, the comparison between the linear elastic and the isoductile spectra reveals
that the maximum responses in the isoductile spectra are generally lower than those in
the elastic spectra. For example, the maximum spectral acceleration of the horizontal
components of the Mw 7.8 event is equal to 2.35 g as shown in Figure 9, whereas the
corresponding value for the isoductile spectra is equal to 1.4 g as shown in Figure 14. The
difference in the maximum spectral acceleration implies a substantial difference in the
applied seismic forces, and this shows the importance of structural ductility. The collapses
due to the Mw 7.8 earthquake showed in many cases a nonductile, brittle behavior, which
in the case of reinforced concrete (RC) structures is closely related to under-reinforced
structural elements. These structures, having limited ductility, responded in a more linear
elastic-wise manner, and thus experienced much larger accelerations, which explains many
of the building collapses [35].

(a) 

(b) 

Figure 15. Isoductile spectral pseudo-acceleration (ζ = 5%, μ = 2) for the Mw 7.8 earthquake, as recorded
at the TK.3137 and the KO–KHMN stations: (a) horizontal components, (b) vertical components.
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(a) 

(b) 

Figure 16. Isoductile spectral pseudo-velocity (ζ = 5%, μ = 2) for the Mw 7.8 earthquake, as recorded
at the TK.3137 and the KO-KHMN stations: (a) horizontal components, (b) vertical components.

An important observation can be made based on the elastic and isoductile seismic
response spectra: the maximum acceleration which is experienced by the elastoplastic
ductile structures is substantially lower than that experienced by elastic structures. For
example, in Figure 14, the maximum isoductile spectral acceleration for ductility μ = 2
is roughly 1.4 g and 0.97 g for the horizontal and vertical components, respectively. The
corresponding values for linear elastic nonyielding structures can be seen in Figure 9,
which are 2.35 g and 1.7 g for the horizontal and vertical components, respectively. In the
horizontal direction, an increase from 1.4 g to 2.35 g accounts for 68% higher horizontal
acceleration values for the nonductile structures. Low accelerations are directly related to
low seismic forces, through Newton’s second law, and thus lower requirements on behalf
of the structure to resist these forces. Therefore, it becomes evident that ductility is an
important aspect of seismic design since reduced seismic loads result in more economical
designs. Apart from this, a structure of increased ductility is generally safer since it can
accommodate large deformations which cannot go unnoticed by the occupants and act as
a warning for the imminent failure of the structure. This can save some critical time in
difficult situations for the occupants when evacuation is required and could potentially
save their lives.
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3.4. What Does the Turkish Seismic Code Provide?

It is interesting to compare the effect of the earthquake event on the structures with
the requirements of the Turkish seismic code in the region. The comparison is made with
reference to the records of the TK.3137 and the KO-KHMN stations and it is shown in
Figure 17 for the cases of linear elastic response spectra. Based on the comparison, the
major conclusion is that the earthquake struck mainly at the low period range, where the
design acceleration was 1.4 g and the maximum acceleration observed was roughly equal
to 2.4 g. This is a significant difference, not only in the acceleration magnitude but also
in its period content. Even for site class I, which contains the lowest period content (i.e.,
corresponds to stiff rock), there was a significant acceleration below the lowest reference
period. Therefore, suitable adjustments need to be made in the design spectrum of the
Turkish code so that rare events, such as the one (Mw 7.8) considered in this study, can be
taken into account.

(a) 

(b) 

Figure 17. Design spectrum of the Turkish seismic code vs. actual acceleration response spectra for
the Mw 7.8 earthquake (ζ = 5%), as recorded at TK.3137 and KO–KHMN stations: (a) linear scale,
(b) logarithmic scale.

3.5. Does the High Spectral Acceleration in the Low Period Range Occur Only for the Two
Examined Records or Is It a General Trend?

At this point, we need to check whether the trend that appears in Figure 17 is a general
trend or if it is specific only to these two recordings. For this purpose, more earthquake
acceleration records need to be taken into account. In Figure 18 the acceleration spectra
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of several earthquake records are shown and compared to the provisions of the Turkish
seismic code (linear elastic response spectra). It is shown that there are higher spectral
acceleration values for a broader range of eigenperiods for many of the recordings. Based
on the envelope spectrum, a maximum spectral acceleration of 5.35 g is observed, which is
extremely high and is responsible for the many collapses due to the earthquake event. A
need for a revision of the seismic code standards seems to exist, i.e., higher acceleration
values for the design spectra must be proposed [35].

(a) 

(b) 

Figure 18. Design spectrum according to the Turkish seismic code vs. actual acceleration response
spectra (ζ = 5%) of various records for the Mw 7.8 earthquake: (a) linear scale, (b) logarithmic scale.

In Figure 18, 76 recordings have been taken into account in total, namely the two
horizontal components (EW and NS) from the following 38 stations: TK_0201, TK_0213,
TK_1213, TK_2308, TK_2708, TK_2715, TK_2718, TK_3115, TK_3117, TK_3123, TK_3124,
TK_3125, TK_3126, TK_3129, TK_3131, TK_3132, TK_3133, TK_3134, TK_3135, TK_3136,
TK_3137, TK_3138, TK_3139, TK_3141, TK_3142, TK_3143, TK_3145, TK_3146, TK_4617,
TK_2703, TK_2712, TK_4615, TK_4616, TK_4624, TK_4629, TK_4630, TK_4632, and TU_NAR.

4. Structural Incremental Dynamic Analysis

The effect of an earthquake on structures can be quantified in various forms such
as by using the various peak and cumulative seismic parameters as well as the response
spectra that were described in the previous sections. However, the engineer is often
interested in monitoring the peak or cumulative structural response due to a seismic record,
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while varying a suitable intensity measure which is taken by appropriately scaling an
earthquake record. This procedure is called incremental dynamic analysis (IDA) and it
involves performing multiple nonlinear dynamic analyses of a structural model under a
ground motion record scaled to several levels of seismic intensity. The scaling levels are
appropriately selected to force the structure through the entire range of behavior, from
elastic to inelastic [29]. OpenSeismoMatlab [30] is capable of performing IDA analysis for a
single record and an SDOF structure. Such IDA curves contain useful information about a
seismic record, from a structural point of view.

Normally, IDA involves performing multiple nonlinear dynamic analyses of a struc-
tural model under a suite of ground motion records, each scaled to several levels of seismic
intensity. The scaling factors are selected in a way that the structural model being analyzed
experiences the entire range of behavior, from linear elastic to inelastic global dynamic in-
stability, where the structure collapses. The procedure is intended to provide an estimation
of the seismic risk for a given structure. However, various approximate methods define
SDOF systems with which the static pushover curves of MDOF systems are calculated to
reduce the computational effort required for the IDA to calculate various seismic demand
measures for the structures [38–40]. The last approximation is attractive in cases of a large
variety of structures existing in urban densely populated areas, for the evaluation of the
seismic risk. In addition to this, the various effects of a given (actual) earthquake on build-
ings are more easily conceivable when applied in the context of an SDOF system rather
than MDOF systems, since the former is defined in terms of a much smaller number of
independent parameters. Finally, performing IDA analysis in SDOF systems is a usual
practice, as reflected in the relevant literature, e.g., [41,42].

4.1. Spectral Acceleration–Ductility Curves

In Figures 19 and 20 the IDA curves of an SDOF system for the horizontal components
of the records TK.3137 and KO-KHMN, respectively, are shown. These curves plot the
spectral acceleration as an intensity measure (IM) and the ductility demand of the structure
as a damage measure (DM). It is shown in Figure 19 that for structures with low-yielding
deformation, there is a higher ductility demand to withstand the same spectral acceleration
(if possible). This trend is also observed in Figure 20. In addition, stiffer structures (with
lower eigenperiods) seem to be more capable of withstanding higher spectral acceleration,
as engineering intuition dictates. An important observation is the possibility of the fact
that a structure can withstand more than one spectral acceleration for a single value of
ductility (for example for T = 1.5 s and uy = 0.1 m in Figure 19a, or T = 1 s and uy = 0.1 m in
Figure 19b). This is a common observation for structures responding in the elastoplastic
regime. A general trend of the IDA curves is that with increasing intensity measure (spectral
acceleration), the damage measure generally increases as well [35].

(a) 

Figure 19. Cont.
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(b) 

Figure 19. IDA—spectral acceleration vs. ductility curves for the TK.3137 record and for various
combinations of yield displacement (uy) and small strain eigenperiods (T) for the Mw 7.8 earthquake:
(a) EW component, (b) NS component.

(a) 

(b) 

Figure 20. IDA—spectral acceleration vs. ductility curves for the KO–KHMN record and for various
combinations of yield displacement (uy) and small strain eigenperiods (T) for the Mw 7.8 earthquake:
(a) EW component, (b) NS component.
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4.2. Peak Ground Acceleration–Ductility Curves

In Figures 21 and 22, IDA curves are presented regarding PGA versus ductility of
an SDOF system for the horizontal components of the records TK.3137 and KO-KHMN,
respectively. The same trends as in the previous section can be observed. In addition, it is
noted that in Figure 21a, the curves for T = 0.5 s and uy = 0.01 m and T = 2 and uy = 0.1 m
are nearly identical. This means that a stiff structure with low yield deformation can be
equivalent to a flexible structure with moderate yield deformation. This has important
implications for structural design. The latter type of structure is preferable since it is more
economical. Therefore, reduced stiffness should be accompanied by moderate levels of
yield deformation to ensure that a structure will be able to withstand high earthquake
acceleration levels.

(a) 

(b) 

Figure 21. IDA—PGA vs. ductility curves for the TK.3137 record and for various combinations
of yield displacement (uy) and small strain eigenperiods (T) for the Mw 7.8 earthquake: (a) EW
component, (b) NS component.
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(a) 

(b) 

Figure 22. IDA—PGA vs. ductility curves for the KO–KHMN record and for various combinations
of yield displacement (uy) and small strain eigenperiods (T) for the Mw 7.8 earthquake: (a) EW
component, (b) NS component.

5. Distributions of Several Earthquake Characteristics

The distributions of several characteristic seismic parameters are investigated in this
section. For this purpose, the previously mentioned 76 acceleration time histories (i.e., the
two horizontal components from 38 stations) are considered and their seismic parameters
are calculated and then plotted in the form of statistical distributions. These distributions
demonstrate the severity of the earthquakes that occurred on 6 February 2023 in Türkiye
and indirectly may provide some explanations about the increased number of buildings
that collapsed. The seismic parameters that are plotted include peak measures as well as
cumulative measures. These are the PGA (plotted in Figure 23), effective PGA (EPGA,
according to [43], plotted in Figure 24), PGV (plotted in Figure 25), spectral intensity de-
fined according to [44] (plotted in Figure 26), spectral intensity according to [45] (plotted
in Figure 27), Arias intensity (plotted in Figure 28), and significant duration (plotted in
Figure 29). All the aforementioned parameters have been calculated using the OpenSeis-
moMatlab software [30], only for horizontal strong ground motion components. It is noted
that the μLN and σLN parameters of the lognormal distribution that appear in the legends
of the histogram plots are different from the mean value and standard deviation of the data
being plotted. The increased mean values of the plotted seismic parameters denote the
increased impact of the 6 February 2023 Türkiye Mw 7.8 earthquake event.
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Figure 23. Histogram plot of the PGA values of the various acceleration time histories of the Mw 7.8
earthquake and lognormal distribution fit.

Figure 24. Histogram plot of the EPGA values [45] of the various acceleration time histories of the
Mw 7.8 earthquake and lognormal distribution fit.

Figure 25. Histogram plot of the PGV values of the various acceleration time histories of the Mw 7.8
earthquake and lognormal distribution fit.
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Figure 26. Histogram plot of the spectral intensity according to Housner (1952) [43] of the various
acceleration time histories of the Mw 7.8 earthquake and lognormal distribution fit.

Figure 27. Histogram plot of the spectral intensity according to Nau and Hall (1984) [44] of the
various acceleration time histories of the Mw 7.8 earthquake and lognormal distribution fit.

Figure 28. Histogram plot of the Arias intensity of the various acceleration time histories of the Mw

7.8 earthquake and lognormal distribution fit.

87



Buildings 2023, 13, 1194

Figure 29. Histogram plot of the significant duration (5–95%) of the various acceleration time histories
of the Mw 7.8 earthquake and lognormal distribution fit.

More specifically, it is apparent from Figure 26 that the spectral intensity calculated
according to [43] has average and maximum values equal to 2.14 m and 6 m, respectively.
Comparison of these values with the Housner intensities that are calculated for major
earthquake events in the past reveals the severity of the Mw 7.8 earthquake event that
occurred in Türkiye on 6 February 2023. For example, from Figure 5 of the work of Garini
and Gazetas [46], where 99 recorded ground motions are selected to cover many of the
well-known accelerograms from earthquakes of the last 30 years, and to include motions
bearing near-fault characteristics (directivity and fling effects), it can be deduced that the
Housner intensity values ranges roughly from 1 m to 6 m. In the study of Massumi and
Gholami [47], a set of 85 far-field ground motion records from 17 earthquake events with
moment magnitudes ranging from 5.9 to 7.6 and recorded for type II soil (Vs = 360–750 m/s)
were processed. Figure 2 of this study shows the Housner spectral intensity ranging from
0 to 2.5 m. Since the range of the Housner intensities of the earthquake considered in
this study is closer to that of [46], it is concluded that it can be highly possible that the
earthquake considered in this study contains directivity and fling step phenomena, whereas
it is confirmed that it was a severely strong event.

In addition, when the Arias intensities of the earthquake under consideration in this
study and of various other major earthquakes are compared, similar observations can be
made, as described above. For example, in Figure 2 of [46], it is observed that the Arias
intensity values range roughly from 0.5 m/s to 12 m/s, whereas the mean and average
values of the Arias intensity of the 6 February 2023 Mw 7.8 Türkiye earthquake are noted
from Figure 28 to be equal to 6.29 m/s and 70 m/s, respectively. The fact that the average
value falls into the middle of the aforementioned range shows the severity of the Mw 7.8
earthquake once again.

Similar observations can be made about the other seismic measures that are presented
in this section.

6. Conclusions

The earthquake with the magnitude of Mw 7.8 that hit the Kahramanmaraş–Gaziantep
regions in southern Türkiye on 6 February 2023, was a rare event of extremely large
seismic power; as shown in Section 3.1, where the total cumulative energy as well as its
time history are calculated. This fact played a critical role in the intensity of the shaking
that was experienced by structures and could provide some indirect hints explaining
the large number of structural collapses. The acceleration spectral values of the seismic
records that are calculated in Section 3.2 were found to be substantially larger than the
design acceleration spectrum values according to the Turkish seismic code. Moreover, this
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difference between the design and the actual response spectra covered a large interval of
periods, which includes the eigenperiods of most common buildings.

It has been shown in this study that the maximum spectral acceleration of isoductile
spectra is much lower than that of the corresponding linear elastic spectra, which implies a
substantial difference in the seismic forces experienced by the structures and shows the
importance of structural ductility for proper seismic design. Many post-earthquake surveys
have shown that many concrete buildings were under-reinforced, which denotes that
they had low ductility and therefore responded in a more linear elastic-wise manner, thus
experiencing much higher accelerations and forces, which may have led to their collapse.

A close examination of the IDA curves that exhibit the seismic demand of the Mw 7.8
earthquake on SDOF structures can provide strong evidence that a relatively stiff structure
with low yield deformation could be equivalent to a flexible structure with moderate yield
deformation. This implies that reduced structural stiffness, which is the usual outcome
of pursuing a more economical design, should be accompanied by moderate and not low
levels of yield deformation to ensure that the structure will be able to withstand high
earthquake acceleration levels. Under-reinforced concrete structures possess a low lateral
stiffness combined with a low yield deformation, and this could explain the large number of
collapses during the earthquake event when considering the much larger seismic damage
imposed on SDOF systems with similar characteristics that are obvious in the various IDA
curves presented in Section 4.

Spectral velocity appears to be an important parameter describing the destructive
effects of an earthquake, as shown in Section 3, apart from the spectral acceleration which
is adopted in most seismic codes worldwide (including the Turkish seismic code) for
structural design against earthquake loading.

In Section 5 of this study, it has been shown that the Mw 7.8 earthquake was indeed
severely strong by comparing its various peak and cumulative seismic parameters to the
corresponding seismic parameters of strong motion datasets from other major earthquakes
in the past.
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//reliefweb.int/report/turkiye/afad-press-bulletin-about-earthquake-kahramanmaras-8-entr (accessed on 23 February 2023).

3. UN High Commissioner for Refugees. UNHCR Türkiye Emergency Response to Earthquake (23 February 2023). 2023. Available
online: https://reliefweb.int/report/turkiye/unhcr-turkiye-emergency-response-earthquake-23-february-2023 (accessed on 23
February 2023).

4. USGS Earthquake Hazards Program. M 7.8-26 km ENE of Nurdağı, Turkey. 2023. Available online: https://earthquake.usgs.
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Abstract: This study investigates the shear behavior of reinforced concrete (RC) beams that have
been strengthened using carbon fiber reinforced polymer (CFRP) grids with engineered cementitious
composite (ECC) through finite element (FE) analysis. The analysis includes twelve simply supported
and continuous beams strengthened with different parameters such as CFRP sheets, CFRP grid
cross-sectional area, and CFRP grid size. To conduct the analysis, FE models of the RC beams were
created and analyzed using ABAQUS software. Research results show that the strengthened RC
beams with CFRP grids and ECC had approx. 30–50% higher shear capacity than reference RC beams.
The composite action of CFRP grids with the ECCs also showed a significant ability to limit diagonal
cracks and prevent the degradation of the bending stiffness of the RC beams. Furthermore, this study
calculated the shear capacity of the strengthened beams using an analytical model and compared it
with the numerical analysis results. The analytical equations showed only a 4% difference from the
numerical results, indicating that the analytical model can be used in practice.

Keywords: shear strengthening; CFRP grid; ECC; RC beams; finite element analysis

1. Introduction

The deterioration of reinforced concrete (RC) structures has become increasingly se-
vere in recent years [1,2] The deterioration not only compromises the serviceability of
the structure but also poses serious safety risks for humans [3–5]. Corrosion, overload,
fatigue, and other negative conditions have a direct impact on the performance of RC
structures. Under extreme circumstances, traditional RC beams may be prone to damage
and collapse, resulting in significant financial losses. Retrofitting damaged or strengthening
weak RC structures with shear defects has become a major challenge in the construc-
tion sector [6–9], as it is crucial to enhance the durability and safety of these structures.
As a result, developing techniques for strengthening damaged structures to increase the
sustainability and durability of existing RC structures is of great practical and scientific
importance [10]. In recent years, the application of Fiber-Reinforced Polymer (FRP) for re-
pairing, strengthening, and retrofitting RC structural elements such as beams and columns
has been increased [7,11–17] due to its lightweight, high-strength, strong corrosion resis-
tance, and high-durability features. Bonding FRP laminates with adhesive to concrete
surfaces is a common solution for external strengthening. An adhesive such as epoxy resin
serves as a connector at the interface between the concrete surfaces and FRP laminates that
transfers stress to the FRP laminates.

Buildings 2023, 13, 1034. https://doi.org/10.3390/buildings13041034 https://www.mdpi.com/journal/buildings92
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Shear strengthening of RC beams can be achieved by using different materials and
methods. In recent decades, a great deal of attention has been paid to the shear strengthen-
ing of RC beams using FRP materials by either wrapping FRP or attaching the CFRP to the
side of beams using adhesives such as epoxy resin [18–22]. However, epoxy resin has a few
drawbacks including poor fire resistance, low glass transition temperature (Tg), sensitivity
to UV radiation, and quick degradation in wet environments [6,23]. To overcome these
shortcomings, the carbon-FRP (CFRP) grid with different cementitious materials such as
UHPC for RC structures is a new strengthening method [6,24–26]. For example, the FRP
grid improves the ultimate loading capacity and ultimate tensile capacity of the UHPC
beams [24]. The FRP grid also enhances the shear and ductility of the UHPC beams [26].

Generally, several factors affect the shear strengthening of RC beams using FRP
materials, as listed in Table 1. The failure mode of RC beams strengthened by FRP sheets
is generally debonding, while BFRP grids prevent premature debonding failure at the
interface of the concrete [6]. Meanwhile, the epoxy resin provides better bond performance
at the interface of the BFRP gird with the concrete as compared with PCM. Azam et al.’s [27]
comparative study concluded that the CFRP grid with cement-based mortar was slightly
more effective than the CFRP sheets with epoxy resin in the shear strengthening of RC
beams. Moreover, the grid size of the CFRP significantly influences the shear strength
of the RC beams [28]. Guo et al. [29] investigated the application of CFRP grids with
polymer-cement-mortar (PCM) shotcrete for the shear strengthening of RC beams. The
shear capacity of the beam strengthened by the CFRP grids was 30–40% larger than that
of the PCM-reinforced and unreinforced beams. Therefore, the effect of PCM shotcrete on
the shear strength was insignificant and the CFRP grid sufficiently improved the shear
capacity of the beam. Generally, the CFRP grids primarily contributed to improving the
shear strength [30]. Cai et al. [31] used CFRP grids with epoxy mortar to improve the
shear behavior of RC beams. The study results showed that the shear capacity of the RC
beams increased up to 56%. The vertical grids of CFRP primarily contributed to the shear
capacity improvement while the horizontal grids controlled the crack propagation and
improved the bond behavior. Nevertheless, the RC beams strengthened with smaller grid
dimensions have a better shear performance than the beams strengthened with larger grid
dimensions [29]. In addition, the shear strength depends on the concrete strength and
the shear span ratio of the beam [6,29]. Chen et al. [32] used CFRP meshes with UHPC
for shear strengthening of corroded RC beams. The composite action between the CFRP
and UHPC layer was very strong as there was no debonding during the loading test. The
experimental results showed that this method substantially improves the shear capacity
and crack resistance of the corroded RC beams. Nevertheless, increasing the number of
layers does not necessarily increase the shear strength of the beam but leads to better ductile
behavior [32].

In recent years, a new composite material named Engineered Cementitious Composite
(ECC) has been developed by the mixing of cement, fine sand, other admixtures, and
shortcut fibers randomly distributed in the matrix. The ECC has excellent tensile strength,
high ductility, toughness performance, and durability. Studies on the mechanical properties
of ECC showed that the ultimate tensile strain of ECC is much greater than 2%, which is
about 200 times larger than normal concrete [33–36]. Further, the ultimate compressive
strain of the ECC is twice larger than normal concrete. Meanwhile, the compressive strength
of ECC is similar to normal concrete; however, the elastic modulus of ECC is about half of
that of normal concrete because of the absence of coarse aggregates. Therefore, the ECC
as a shear-strengthening material for RC beams is ineffective or has very low efficiency as
compared with other methods.

Given the fact that FRP grids are able to improve the shear capacity of the RC beams,
and to take the advantage of features of ECC, a new composite material was proposed
in this study for the shear strengthening of RC beams. In this method, FRP grids were
attached on both sides, and the soffit of the RC beam was within layers of ECC, as shown
in Figure 1. The ECC layers have two purposes: (i) to make a much stronger bond between
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the FRP grids to the substrate concrete, and (ii) to strengthen the RC beam. For this purpose,
a simply supported beam and a continuous RC beam were selected from the literature [37]
for shear strengthening through numerical analysis. The selected RC beams were modeled
with ABAQUS Finite Element (FE) software [38]. The models were then analyzed and
validated with the results of the experiments [37]. Thereafter, the effectiveness of CFRP
grids with ECC for shear strengthening of the RC beams was studied using the validated
models. Further, the effect of different parameters including CFRP grid size, and CFRP
grid cross-sectional area were studied and compared with the reference beams and beams
strengthened with CFRP sheets. Lastly, calculation formulae for the shear capacity of the
RC beam strengthened with the proposed composite material were given and compared
with the numerical analysis.

Table 1. General parameters and their effects using FRP materials for the shear strengthening
RC beams.

Ref. Type of Shear Strengthening of Beams Parameters Effect

[6] BFRP grid with epoxy resin Epoxy resin
• Improve the bonding interface between the BFRP gird and

the concrete interface
• Control the diagonal cracks

[6] BFRP sheets or BFRP gird with epoxy resin BFRP sheets
BFRP gird

• BFRP sheets fail due to premature failure debonding, while
BFRP grids prevent the premature failure

[6] BFRP grid Grid orientation
(0◦ and 45◦)

• Increasing the grid angle to 45◦ significantly improves the
shear performance in terms of crack resistance and
maximum shear capacity

[29] CFRP grid with PCM shotcrete CFRP Grid size • Smaller grid interval leads to higher shear strength

[27] CFRP sheet with epoxy and CFRP gird
with mortar

CFRP sheet
CFRP grid
Mortar and epoxy

• Mortar able to better control the diagonal cracks
• CFRP gird with mortar offers better ultimate shear strength

[28] CFRP grid with MBC Grid size • Smaller grid size leads to higher ultimate shear strength

 

Figure 1. Details of the strengthening beams by CFRP grids with the ECC method.
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2. Methodology

2.1. Experimental Study [37]

Pellegrino and Modena [37] investigated the shear behavior of RC beams strengthened
with CFRP wraps. In total, 12 RC beams were tested in the laboratory including 3 reference
beams and 8 beams with externally bonded U-wrapped CFRP. The CFRP was wrapped on
both sides and the soffit of the beams. Figure 2 shows the detailed dimensions of the beams,
steel reinforcements, and stirrups as well as the location of loads and supports. Four steel
bars of 30 mm diameter were used for the tensile and compressive reinforcement of the
beam. Steel bars of 8 mm diameter were used for stirrups with a spacing of 170 mm for both
types of beams, as illustrated in Figure 2c. As shown in Figure 2, two configurations, i.e., a
simply supported beam (Figure 2b) and a continuous beam (Figure 2a) were considered for
shear testing of the beams in order to maximize the shear and bending moment acting at
support. In other words, the beams were designed to fail due to shear before flexural failure.
A 500 kN hydraulic jack was used for the three- or four-point flexural tests. Two strain
gauges were installed on the beams in vertical and horizontal directions and one strain
gauge was installed at a 45-degree inclination with respect to the horizontal direction,
as shown in Figure 2a,b. More details of the experimental work can be found in the
reference [37]. In the current study, eight of the twelve beams with the details shown in
Table 2 were selected for FE modeling, validation, and further comparisons. These beams
were further used for strengthening by the CFRP grid with ECC.

 
(a) 

 
(b) 

 
(c) 

Figure 2. Schematic diagram of the loading position, support conditions, and the reinforcement
detailing of the beams [37].

Table 2. Details of beams in the experimental work (adapted with permission from [37]; copyright
2006 American Concrete Institute). (Unit: mm.)

No. Beam
Tension

Reinforcement
ρ Stirrup

Diameter
Stirrup
Spacing

ρw
Strengthening

Layer
a/d Beam Configuration

1 A-C-17 4ϕ30 mm 0.075 8 170 0.00392 - 3 Continuous
2 A-S-17 4ϕ30 mm 0.075 8 170 0.00392 - 3 Simply supported

3 CR-C-17 4ϕ30 mm 0.075 8 170 0.00392 CFRP 3 Continuous
4 CR-S-17 4ϕ30 mm 0.075 8 170 0.00392 CFRP 3 Simply supported
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2.2. Beams’ Details

In this research, a total of 12 RC beams were used for shear behavior investigations,
as listed in Table 3. Two of these beams, namely, A-C-17 and A-S-17 were the reference
beams, which had the same detailing as the experimental work (see Table 2). Two beams,
namely, CR-C-17 and CR-S-17 were strengthened with CFRP sheets, which also had the
same detailing as the experimental work (see Table 2). For shear strengthening of RC beams
using CFRP grids with ECC, two parameters, i.e., CFRP grid size and cross-sectional area
of CFRP grids were considered, as shown in Table 3. The procedure for strengthening the
RC beams using the CFRP grid with ECC is as follows: (i) after cleaning the surface of the
RC beams from the dirt and dust, a 10 mm thick layer of ECC was applied to the surface
of the concrete; (ii) then, the CFRP grid was cut based on the dimension of the beam and
placed on the beam; and (iii) another 10 mm thick layer of ECC was applied on the beam,
as shown in Figure 1 [23,29]. Therefore, in total, 8 beams were strengthened by a CFRP
grid with ECC and categorized as Series II to Series V in Table 3. It should be noted that
the same strengthening scheme was used for both the continuous beams and the simply
supported beam. The CFRP grid having square meshes with untwisted yarns, continuous
carbon fiber, and impregnated with thermoset epoxy resin was used for strengthening. The
nominal dimensions of the CFRP grid were 50 mm × 50 mm and 100 mm × 100 mm.

2.3. Numerical Modeling

The general purpose of ABAQUS FE software [38] was used for FE modeling and
analysis. This section describes the numerical modeling of the beams in detail.

2.3.1. Geometric Modeling and Boundary Conditions

The concrete beams with dimensions shown in Figure 1 were modeled with three-
dimensional solid elements. The steel reinforcements, stirrups, and CFRP grids were
modeled with two-dimensional wire elements. The CFRP sheets with a thickness of
0.165 mm were modeled with three-dimensional shell elements. In addition, the ECC layer
with a thickness of 20 mm was modeled with three-dimensional solid elements. The same
loading and boundary conditions of the experiment were used in the FE modeling, as
shown in Figure 3.

  
(a) (b) 

Figure 3. Loading and boundary conditions of (a) continuous beam, and (b) simply supported beam
models in the FE software.
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2.4. Material Modeling

The Concrete Damage Plasticity (CDP) was employed to model the concrete behavior
under tension and compression [38,39]. The Poisson’s ratio and Young’s modulus were
used for determining the linear elastic and isotropic behaviors of concrete in tension and
compression. Nonlinear behavior was definable concerning inelastic strains as well as
the associated yield stresses. Figure 4a,b shows the stress–strain relation of concrete used
for the material modeling. The compressive and tensile strengths of the concrete were
41.4 MPa and 3.76 MPa, respectively [37]. As shown in Figure 4c, the bilinear isotropic
hardening model was used to simulate the behavior of steel reinforcements, which is ideal
for elastic-plastic materials. Steel material with the mechanical properties given in Table 4
was used for modeling the steel sections.

 

Figure 4. Constitutive material models used in FE modeling [40,41].

Table 4. Mechanical properties of steel reinforcement.

Bar Dia.
(mm)

Area
(mm2)

Yield Stress
(MPa)

Ultimate Strain
(%)

Ultimate Stress
(MPa)

Modulus of
Elasticity (GPa)

30 706.5 534 0.15 717 193
8 50.24 534 0.15 717 193

The material of CFRP sheets had an elastic modulus of 230 GPa, an ultimate strength
of 3.45 GPa, and a Poisson’s ratio of 0.26 [37]. Two grades of CFRP grids CR5 and CR8 were
selected based on the product datasheet provided by the manufacturer [42]. The difference
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between the two grades is the area of the cross-section of the CFRP grids. The linear elastic
model, as shown in Figure 4c, was used for the CFRP sheets and girds. Both grades of the
CFRP grids had an elastic modulus of 100 GPa and a tensile strength of 1400 MPa. The
cross-sectional area of CR5 was half of CR8. The mechanical properties listed in Table 5
were used to model the CFRP grid materials in the FE software [23,43].

Table 5. Mechanical properties of CFRP girds used in the simulation [23,43].

Grade
Cross-Sectional

Area of Bar
(mm2)

Interval of
Grids, S

(mm × mm)

E11

(GPa)
G12

(GPa)
υ12

XT

(MPa)
XC

(MPa)
YT

(MPa)
YC

(MPa)
SL

(MPa)
ST

(MPa)

CR5 13.2
50 × 50

100 4 0.29 2000 600 1200 150 50 50100 × 100

CR8 26.4
50 × 50

100 4 0.29 2000 600 1200 150 50 50100 × 100

Notes: E11: longitudinal elasticity modulus, G12: shear modulus, υ12: Poisson’s ratio, XT: tensile strength in fiber
direction, XC: compressive strength in fiber direction, YT: tensile strength in matrix direction, YC: compressive
strength in matrix direction, SL: longitudinal shear strength, and ST: transverse shear strength.

As a cement-based material, ECC also has the same compressive behavior as a concrete
material. However, no unified relation is currently available to define the stress–strain
relationship of the ECC. Therefore, the compressive stress–strain relation of concrete was
chosen for modeling the ECC material. As Figure 4d shows, a bilinear stress–strain curve
was used for modeling the ECC based on the mechanical properties given in Table 6 [40,41].

Table 6. Mechanical properties of ECC (adapted with permission from [23]; copyright 2018 Elsevier).

Material
Tensile

Strength
(MPa)

Elastic
Modulus

(GPa)

Maximum
Strain (%)

Compressive
Strength (MPa)

ECC 3.8 16.9 3.04 30.2

2.4.1. Mesh Discretization

An eight-node linear brick element with reduced integration and hourglass control
(C3D8R) was used for solid elements, i.e., concrete and ECC. A two-node linear truss
element with three degrees of freedom in each node (T3D2) was used for the wire elements,
i.e., rebars, stirrups, and CFRP grids. In addition, the quadrilateral shell element (S4R)
with reduced integration was used for the shell element, i.e., CFRP sheets. In order to
maximize the convergence rate and minimize the computational time, a convergence study
was performed. For this purpose, one of the reference beam models (A-S-17) was selected
and its ultimate load at vertical, horizontal, and 45-degree inclination was compared with
the experimental results [37]. As a result, the mesh size of 30 mm was found to be optimal
and used for all the beam models for consistency. Figure 5 shows the general view of the
mesh detailing of beam models in the FE software.

 

Figure 5. Mesh detailing of the reference beam model in FE software.

99



Buildings 2023, 13, 1034

2.5. Validation of the FE Models

In order to evaluate the accuracy numerical model, the force-deformation curves and
tensile crack pattern of the FE analysis were compared and validated with the experimental
results [37]. Figure 6 compares the load-axial deformation curves of one of the reference
beams (A-S-17) obtained from the FE analysis with the experimental results. In the experi-
ment, the axial deformations were directly collected from the strain gauges (See Figure 2).
As Figure 6 demonstrates, numerical curves of the load and axial deformations closely
followed the experimental curves. The obtained yield loads from the numerical analysis
in three directions of deformations, i.e., 45◦ deformation (ε45), horizontal deformation (εh),
and vertical deformation (εv) were very close to that of the experimental tests. The yield
forces at the inclined deformation angle of 45 of this beam from the experiment and FE
analysis were 195 kN and 182 kN, respectively. The ultimate load of the numerical model
at the 45-degree inclined deformation was 314 kN, which was close to 308 kN obtained
from the experimental results. The obtained yield loads at the horizontal direction from
the FE analysis and experiment were 226 kN and 227 kN, respectively. Meanwhile, the
ultimate loads at the horizontal direction obtained from the FE analysis and experiment
were 326 kN and 317 kN, respectively, which shows about 2.8% differences. Further, the
yield forces in the vertical direction from the numerical and experimental analyses were
185 kN and 180 kN, respectively (about a 3% difference). The obtained ultimate load at the
vertical direction from the numerical and experimental analyses were 325 kN and 316 kN,
respectively, which indicates a 2.9% difference.

  
(a) Inclined of 45 degrees (b) Horizontal deformation 

 
(c) Vertical deformation 

Figure 6. Comparison of the load-axial deformation curves of the reference beam (A-S-17) obtained
from numerical analysis and the experiment [37].
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Figure 7 compares the curves for the shear force against the shear deformation of the
A-S-17 beam obtained from the FE and the experimental analyses. The shear deformation
was calculated using the following equation [37]

γ = 2ε45 − εh − εv (1)

Figure 7. Comparison of the shear force-shear deformation curves of the reference beam (A-S-17)
obtained from numerical analysis and the experiment [37].

It can be seen from Figure 7 that the curve trend of the shear force deformations
calculated based on numerical and experimental analyses was almost the same. The
yield shear force obtained from the experiment and FE analysis was 165 kN. Further, the
maximum ultimate shear strengths calculated by the FE analysis and experimental results
were 198 kN and 193 kN, respectively, which only indicate a 3% difference.

The results of the shear strength of the reference beams and beams strengthened with
CFRP sheets obtained from the FE analysis were also compared with the experimental
results, as shown in Table 7. As this table shows, the difference between the shear capacity
of the beams obtained from the FE analysis and the experimental study was relatively small.

Table 7. Comparison of the shear strength of the beams from the numerical and experimental [37].

Beams VFEM (kN) VEXP (kN) Difference (%)

A-C-17 183.57 185.2 0.9
A-S-17 192.74 198.1 2.71

CR-C-17 231.50 238.1 3
CR-S-17 253.02 247.3 2.26

Figure 8 compares the crack patterns of the FE analysis and the experimental results
for the A-C-17 and A-S-17 beams (reference beams). In the experimental study, the A-
C-17 beam with continuous beam configuration had a major diagonal crack and several
other diagonal (with 45◦ angle) cracks originated from the loading positions to the nearest
support [37]. This failure mechanism is a typical shear-tensile failure in RC beams. Similarly,
in the FE analysis diagonal cracks were also observed between the support and loading
locations, as shown in Figure 8a. For the A-S-17 beam having the simply supported
configuration, the diagonal cracks were almost the same and were mainly started from
loading to the nearest support in the experimental test. The crack pattern of this beam in
the FE analysis was also the same as the experiment, where several closed space diagonal
cracks were started from the support and extended to the loading location, as shown in
Figure 8b. Therefore, it can be concluded from the load-deformation curves, shear strength,
and failure mechanism of the beams that there is a good agreement between the FE analysis
and the experimental tests.
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Figure 8. Concrete crack patterns of (a) A-C-17, and (b) A-S-17 beams.

3. Results and Discussion

This section explains the results for the reference beams and five types of shear-
strengthened beams (see Table 3) to evaluate the effectiveness of the shear strengthening
by the CFRP grids and ECC. The results include the failure mechanism, load-axial defor-
mations curves, and shear force-shear deformation curves. In addition, the shear capacity
calculation formulas for RC beams strengthened with CFRP grids and ECC are given.

3.1. Failure Mechanism

In order to comprehensively study the failure mechanism of the beams, the crack
patterns (tensile crack) and stress results of the numerical analysis are briefly discussed in
this section. Since the shear behavior of simply supported beams was more profound, only
the results of the simply supported beams are presented here. Figure 9 shows the crack
patterns of a reference beam and beams strengthened with different methods at the ultimate
load. The CFRP sheets slightly reduced the shear diagonal cracks and some of the flexural
cracks, as shown in Figure 9b. In general, CFRP grids and ECC not only reduced the
shear cracks but also reduced the flexural cracks of the beams, as shown in Figure 9c–f. By
comparing the CRG5-S-17 beam with the CRG′5-S-17 beam (Figure 9c,e) and the CRG8-S-17
beam with the CRG′8-S-17 beam (Figure 9d,f), it can be seen that the beams with the larger
CFRP grid size had a lesser number of shear cracks and smaller crack widths. Further, the
beams strengthened with the larger cross-sectional area of CFRP grids (CRG8-S-17 and
CRG′8-S-17) had smaller shear cracks as compared with those beams strengthened with
the smaller cross-sectional area of CFRP grids (CRG5-S-17 and CRG′5-S-17). It is worth
mentioning that the flexural cracks significantly reduced for the beam with the largest
cross-sectional area of CFRP grids and smallest grid size (CRG8-S-17) as compared to other
strengthened beams.
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(a) 

 
(b) 

 
(c) 

 
(d) 

 
(e) 

 
(f) 

Figure 9. Concrete crack patterns of (a) A-S-17, (b) CR-S-17, (c) CRG5-S-17, (d) CRG8-S-17, (e) CRG′5-
S-17, and (f) CRG′8-S-17 beams.

Figure 10 shows the stress distributions of the reference and strengthened simply
supported beams in detail. For the reference beam, the stresses in the concrete diagonally
span from the loading position to the supports (in both shear and moment areas), as shown
in Figure 10a. Similarly, the stress concentration for reinforcements of the reference beam
was at the stirrups and tensile bars below the loading position, as shown in Figure 10e.
However, for the beam strengthened with CFRP sheets (CR-S-17), the stress distributions
in the concrete (Figure 10b) and reinforcements (Figure 10f) were significantly reduced in
shear and moment areas. The stress distributions in concrete and steel bars of the beams
with CFRP grids and ECC (CRG5-S-17 and CRG8-S-17) were further reduced as compared
to the reference beam (A-S-17) and beam with the CFRP sheet (CR-S-17). This indicated that
the combined action of the CFRP grids with the ECC layers enhanced the shear capacity of
the reinforced beams, and effectively limited the spread of concrete cracks. For the CFRP
sheet of the CR-S-17 beam, the stress was diagonally distributed from the loading to the
support, and the maximum stress was located in the vicinity of the support, as shown in
Figure 10i. Further, the stress distributions of the CFRP grids of CRG5-S-17 and CRG8-S-17
beams were relatively similar; however, the maximum stress of CFRP grids of the CRG8-S-
17 beam was about 12% larger than the CRG5-S-17 beam, as shown in Figure 10j,k. This is
because the cross-sectional area of the CFRP grids of the CRG8-S-17 beam was larger than
the CRG5-S-17 beam, which led to higher loading bearing capacity and stresses.
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(a) Concrete section of A-S-17 beam 

 
(b) Concrete section of CR-S-17 beam 

 
(c) Concrete section of CRG5-S-17 beam 

 
(d) Concrete section of CRG8-S-17 beam 

 
(e) Steel reinforcements of A-S-17 beam 

 
(f) Steel reinforcements of CR-S-17 beam 

Figure 10. Cont.
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(g) Steel reinforcements of CRG5-S-17 beam 

 
(h) Steel reinforcements of CRG8-S-17 beam 

 
(i) CFRP section of CR-S-17 beam 

 

 

 

 
(j) CFRP grids of CRG5-S-17 beam (k) CFRP grids of CRG8-S-17 beam 

 

 

 

 
(l) ECC section of CRG5-S-17 beam (m) ECC section of CRG8-S-17 beam 

Figure 10. Stress distribution of reference and strengthened beams.
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3.2. Load-Deformation Response

Figure 11 shows the load-deformation curves of reference and strengthened beams.
It can clearly be seen that all of the strengthened beams had higher strength than the
reference beam. The CRG8-S-17 and CRG5-S-17 beams had better load-deformation re-
sponses as compared with other beams. This means that the CFRP grid size is a governing
factor in this shear-strengthening method. The load-deformation response of the beam
improved as the CFRP grid size was reduced. Nevertheless, the load-deformation re-
sponse of the CRG8-S-17 beam outperformed the CRG5-S-17 beams due to the larger
stiffness of the CFRP girds. The maximum ultimate load of the CRG5-S-17 beam was
46.2%, 37.68%, and 37.68% larger than the reference beam at 45◦, horizontal, and verti-
cal deformations, respectively. Comparatively, the ultimate load of the CRG8-S-17 beam
at 45◦, horizontal, and vertical deformations was 2.5%, 2.4%, and 2.4% larger than the
CRG5-S-17 beam, respectively, while the cross-sectional area of the CFRP gird of CRG8-
S-14 was double that of CRG5-S-17. Although the load-deformation responses of the
beam strengthened by CFRP sheets (CR-S-17) were better than the reference beam, its
responses were less significant as compared with beams strengthened with CFRP grids
and ECC. By comparing Figure 11a with Figure 11b,c, it can be seen that the effect of
the gird size of CFRP girds was more profound for the load-deformation response at a
45-degree inclination than the horizontal and vertical deformation. The ultimate load of
the CRG5-S-17 beam at a 45-degree inclination, horizontal, and vertical deformation was
7%, 4%, and 3%, respectively.

  
(a) Inclined of 45-degree (b) Horizontal deformation 

 
(c) Vertical deformation 
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Figure 11. Load-axial deformation curves of the reference and strengthened beams.
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Table 8 summarized the results of the flexural cracking load (Pcr), the shear cracking
load (Vcr), the ultimate load at an incline of 45 degrees, vertical, and horizontal defor-
mations, and their corresponding strain values. For the continuous beam configuration
(A-C-17), the flexural and shear cracking loads were slightly smaller than the simply sup-
ported beam (A-S-17). In addition, the ultimate shear loads of the continuous beam were
smaller but with larger strains (in three directions) than the simply supported beam. In
other words, the failure mode of the continuous beam failed flexural-shear failure. After
strengthening the continuous beam with different configurations, the flexural and shear
cracking loads were found to be larger than that of the simply supported strengthened
beams. On the other hand, after strengthening beams with different schemes, the ultimate
shear forces (in three directions) of the simply supported beam were larger than that of
the continuous beam. This means that the shear strengthening of the continuous beam
improves its serviceability state better than the ultimate state. Among all the strengthen
schemes, the flexural and shear cracking loads as well as the ultimate loads were the largest
for the strengthened beams with the largest cross-sectional area of CFRP grids and the
smallest CFRP grid size (CRG8-C-17 and CRG8-S-17 beams). When the CFRP grid size
increased (from 50 mm to 100 mm), the flexural and shear cracking loads as well as the
ultimate loads of the beam decreased. However, when the cross-sectional area of the CFRP
grid increased, the loading response of the beam also increased.

Table 8. Summary of loads and strain of the beams.

Beam Pcr (kN) Vcr (kN) Pu45 (kN) εu45 Puv (kN) εuv Puh (kN) εuh

A-C-17 113.00 157.00 293.03 0.00987 311.09 0.01128 314.47 0.00236
A-S-17 119.00 165.00 308.46 0.00940 326.36 0.01074 326.33 0.00225

CR-C-17 130.78 218.30 327.06 0.00921 342.04 0.01101 336.34 0.00221
CR-S-17 128.67 210.47 403.00 0.00923 418.86 0.01010 426.69 0.00225

CRG5-C-17 197.50 300.40 380.79 0.00789 404.05 0.00900 367.48 0.00190
CRG5-S-17 168.00 257.00 450.96 0.00725 449.33 0.00829 449.29 0.00175

CRG8-C-17 215.00 318.50 383.46 0.00781 405.85 0.00889 406.91 0.00186
CRG8-S-17 183.00 270.00 462.19 0.00710 460.53 0.00809 460.48 0.00169

CRG′5-C-17 180.00 274.00 346.89 0.00823 369.51 0.00940 361.27 0.00199
CRG′5-S-17 130.00 226.87 420.87 0.00815 431.83 0.00942 435.55 0.00197

CRG′8-C-17 199.00 294.00 356.04 0.00783 378.17 0.00923 400.76 0.00193
CRG′8-S-17 144.50 215.00 428.07 0.00786 437.03 0.00813 440.51 0.00187

Figure 12 presents the shear force relationship with the shear deformation derived
from Equation (1). Practically, there is shear deformation until the yield load is negligible
and after this point, cracks develop on the concrete. Once the beams enter the strain
hardening stage, the shear reinforcement yields, and eventually plastic deformation occurs
until failure. It can be seen from Figure 12 that the shear strength of all strengthened beams
was much larger than the reference beam at yield as well as the plastic stage. Similar to the
load-axial deformation curves, the shear force-shear deformation curve of the CRG8-S-17
beam outperformed other strengthened beams. In addition, the beams strengthened with
smaller CFRP grid sizes (CRG8-S-17 and CRG5-S-17) had higher shear capacity than the
beams with bigger CFRP grid sizes (CRG′8-S-17 and CRG′5-S-17).

Table 9 summarizes the shear capacity and load contribution of each strengthening
method for all the beams. In general, the improvement of the shear capacity of the sim-
ply supported beams strengthened with different schemes was more profound than the
continuous beams. This was mainly because the simply supported beams were subjected
to a pure shear load while the continuous beams were subjected to a shear-flexural load.
The maximum increase in the shear force of the beam strengthened with CFRP sheets
(CR-S-17) was about 31%. However, the maximum improvement of the shear for the beams
strengthened with CFRP grids and ECC (CRG8-S-17) was 49%. As this table indicates, the
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effect of CFRP grid size was more profound in improving the shear capacity of the beam
than the cross-sectional area of CFRP grids.

 
Figure 12. Shear force-shear deformation curves of reference and strengthened beams [37].

Table 9. Summary of shear capacity of beams.

Beam
VTotal
(kN)

Shear Span
Ratio, (a/d)

Increase in Shear
Strength (%)

VFRP grid + ECC
(kN)

VFRP (kN)

A-C-17 183.57 3 - - -
A-S-17 192.74 3 - - -

CR-C-17 231.50 3 26.12 - 47.93
CR-S-17 253.02 3 31.28 - 60.28

CRG5-C-17 240.54 3 31.04 56.97 -
CRG5-S-17 280.93 3 45.75 88.19 -

CRG8-C-17 245.71 3 33.86 62.15 -
CRG8-S-17 287.93 3 49.38 95.19 -

CRG′5-C-17 238.54 3 29.95 54.98 -
CRG′5-S-17 265.35 3 37.8 72.61 -

CRG′8-C-17 240.20 3 30.85 56.64 -
CRG′8-S-17 268.71 3 39.42 75.97 -

3.3. Analytical Model

Generally, the total shear capacity of concrete structures externally strengthened is
simply the summation of the shear contribution of the concrete (VCON), the available shear
of the steel shear reinforcement (VST), the shear contribution of externally bonded CFRP
grid (Vg), and shear carried by the ECC (VECC):

V = Vcon + Vst + VECC + Vg (2)

The shear carrying capacity of concrete (Vcon) is [44,45]:

Vcon(VECC) =
βdβpβn fvcdbwd

γb
(3)

where, γb is the safety factor (γb = 1.3), and d is the effective height of the beam. The value
for coefficient βn relies on the bending moment and the stress caused by the axial forces
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and since no axial compressive force is applied in this research, βn = 1, and fvcd, βd, and βp
can be obtained from the following equations:

fvcd = 0.20 3
√

f ′c (4)

βd =
4

√
1000

d
(5)

βp = 3
√

100Pw (6)

Pw =
A f
/

(bwd) (7)

where, f
′
c is the compressive strength of the concrete, Pw is the longitudinal reinforcement ratio,

bw is the width of the section, and Af is the cross-sectional area of the tension reinforcement.
The shear capacity of ECC-reinforced structural members can be calculated as [46,47]:

Vecc = Vc,ecc + Vf,ecc (8)

where, Vc,ecc is the shear carried by the member, and Vf,ecc is the shear carried by fibers. The
shear capacity equation of the ECC-reinforced members is similar to the shear capacity
equation of concrete; however, with a smaller coefficient, which is 0.7. This is mainly due
to the absence of coarse aggregates in ECC that weaken the interlocking of the aggregates.
Accordingly, Vc,ecc and Vf,ecc are calculated as:

Vc,ecc = 0.7 × 0.2 3
√

f ′ecc × 4
√

1/d × 3
√

100ρw × t × d (9)

Vf ,ecc =

(
ft,ecc
/

tanβu

)
× t × z (10)

where, f
′
ecc and ft,ecc are the compressive and tensile yield strength of ECC, respectively, t

is the ECC thickness, βu is the angle between the diagonal crack on the surface with the
member axis and it is generally taken as 45 degrees. z is the distance between the location
of the resultant compressive stress and the centroid of the tensile steel, which is generally
equal to d/1.15.

The shear capacity of the stirrups is

Vst =
Aw fy(sin α + cos α)z

S × γb
(11)

where, fy is the yield strength of the shear rebar, Aw is the total cross-sectional area of the
stirrups, α is the angle between the shear rebar with member axis, S is the stirrup spacing,
and generally the γb coefficient is 1.15.

Moreover, an analytical model for the shear capacity of FRP grids can be calculated by
an analytical model given in the references [29,30]. The analytical model accounts for the
shear contribution of the horizontal and vertical CFRP grids as well as the shear span ratio
of the RC beams. The equation of for shear capacity of CFRP is:

Vg =
2·EW ·[ρv·εuv·(sin αv + cos αv) + K·εuh(sin αh + cos αh)]·Z

γb
(12)

where, αv and αh are angles between vertical and horizontal grids with axial orientation,
respectively, ρv and ρh are the cross-sectional areas in vertical and horizontal grids per unit
of length, respectively, k is the ratio between the shear contribution of vertical grids and
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horizontal grids, EW is the Young’s modulus of CFRP grids, d is the effective height of the
beam, the value of the coefficient γb is 1.15. εuv, and εuh are the effective strains of vertical
and horizontal grids, respectively, which are:

εuv = (
1

0.0352ρv + 0.0079
)

2
× 10−6 (13)

εuh = k·εuv (14)

where, k is the comparing coefficient related to the contribution of the shear between vertical
and horizontal grids and it is:

k = e−0.612 (a/d)+0.365 ≥ 0.23 (15)

where, a is the shear span of the beam.
A comparison of the shear force of the strengthened beams obtained by the numerical

analysis and the theoretical models [29,46] is made in Table 10. The shear capacity of the
strengthened beams from the numerical analysis was relatively close to those obtained
from the theoretical models. The average ratio of shear capacity of the beams obtained by
the numerical analysis and the above analytical model was 1.04, which was close to unity.
Further, the average ratio of shear capacity of the beams obtained by the numerical analysis
and above analytical model by the Japan Society of Civil Engineers (JSCE) [46] was 1.07,
which was also close to unity. Given that the analytical models slightly overestimate the
shear capacity of the strengthened beams, it is safe to use them for design calculations.

Table 10. Comparison of the shear capacity of beams obtained by the theoretical model and
numerical analysis.

Beam VFEM (kN) V [29] (kN) V [46] (kN) VFEM/V [29] VFEM/V [46]

CRG5-C-17 240.54 230.28 221.93 1.05 1.08
CRG5-S-17 280.93 266.88 259.86 1.05 1.08

CRG8-C-17 245.71 240.41 229.40 1.02 1.05
CRG8-S-17 287.93 269.21 269.21 1.07 1.10

CRG′5-C-17 238.54 229.54 220.86 1.04 1.08
CRG′5-S-17 265.35 260.12 252.49 1.04 1.05

CRG′8-C-17 240.20 233.99 228.42 1.03 1.05
CRG′8-S-17 268.71 265.80 257.53 1.01 1.04

4. Conclusions

This paper studies the shear capacity of RC beams strengthened with CFRP grids
within externally bonded ECC layers through numerical analysis. For this purpose, two
RC beams were selected from the literature [37] and modeled in Abaqus FE software [38].
Thereafter, the application of the proposed strengthening method for shear strengthening of
the beams was investigated in terms of failure mechanism and load-deformation responses.
Lastly, the analytical model for calculating the shear capacity of beams strengthened by this
method was given. Based on the obtained results, the following conclusions are drawn:

1. The CFRP grids and ECC were effective in delaying and reducing the diagonal shear
crack as well as the flexural cracks in the RC beam. Comparatively, the CFRP grids and
ECC controlled the diagonal shear cracks in the beams better than the CFRP sheets.
Stress analysis showed that the CFRP grid was the primary strengthening member
for improving shear performance, while ECC layers mainly acted as bonding agents.

2. The effect of the shear strengthening of the simply supported beam with the proposed
method was more profound as compared with the continuous beam. It was primarily
due to the failure mechanism of the beams that the simply supported beam was
designed to fail due to shear while the mode of the continuous beam was a shear-
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flexural failure. Nevertheless, the proposed shear strengthening also reduced the
flexural cracks in the continuous beam.

3. The load-deformation responses of beams strengthened with CFRP grids and ECC
showed significant improvement compared to reference beams and those strengthened
with CFRP sheets. The shear capacity of the RC beams was greatly improved from
30% to 50% after strengthening with the CFRP grids and ECC.

4. The main governing factor for increasing the shear capacity of the beam with the pro-
posed method was the CFRP grid size. The shear capacity of simply supported beams
strengthened with smaller CFRP grid sizes was 8% and 10% larger than the simply
supported beams strengthened with larger CFRP grid sizes, respectively. Therefore,
as the CFRP grid size increased, the ultimate shear strength of the beam reduced.

5. The shear capacity of the beam strengthened by the CFRP grids and ECC was calcu-
lated using the analytical model and the Japan Society of Civil Engineers (JSCE). The
average shear capacity ratios of the numerical results with those calculated based on
the analytical model and JSCE were 1.04 and 1.07, respectively. While the analytical
models slightly overestimated the shear capacity (compared to numerical results),
they were deemed safe for design purposes.

6. In summary, this numerical study demonstrated the effectiveness of the proposed
strengthening method in improving the shear behavior of RC beams. Future research
should explore the application of this method in experimental studies.
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Abstract: Many factors affect the earthquake vulnerability of reinforced concrete (RC) structures, consti-
tuting a large part of the existing building stock. Short column in RC structures is one of the reasons for
earthquake damage. Significant damages may occur due to brittle fractures in structural elements when
the shear resistances are exceeded under the effect of high shear stress in short columns formed due to
architectural and topographic reasons. This study created structural models for three situations: the hill
slope effect, band-type window and mezzanine floor, which may cause short column formation. The
structural analyses by SAP2000 were compared with the reference building model with no short columns.
Structural analyses were performed separately according to strength-based and deformation-based
design approaches in the updated Türkiye Building Earthquake Code (TBEC-2018). Short column
formation; the effects on soft-storey irregularity, the relative storey drifts, column shear force, plastic
rotation in columns, roof displacement, base shear force and column damage levels were investigated.
As a result of the analysis, it was determined that the relative drifts from the first floor of the building
decreased significantly due to the band-type window and slope effect, which caused the second storey
to fall into the soft-storey status. In addition, short-column formation caused a significant increase in
both plastic rotation demand and shear force in short columns.

Keywords: short column; seismic behaviour; reinforced-concrete; design principles

1. Introduction

The first step in protecting a settlement from an earthquake disaster is to form and
possess a theoretical prediction of the consequences: structural damage and socio-economic
losses that may happen after the earthquake. In fact, it is crucial to assess the effects of any
potential earthquake to prepare for management during a catastrophic situation. As well
as anticipating and taking appropriate measures to reduce the vulnerability and expected
losses on the part of guaranteeing urban resilience [1–3].

In order to reduce the impact of an earthquake in settlement areas, existing design
codes must be applied strictly. The robustness of earthquake defence mechanisms of build-
ings is in inverse proportion to the presence of negative parameters in the buildings. The
more negative parameters mean a weaker defence mechanism for the building. Therefore,
it is essential to avoid negative parameters as much as possible. These parameters that
cause building damage and total collapse are usually included in seismic design codes.
The factors that would reduce buildings’ performances under the impact of earthquakes
are also available in rapid visual safety evaluation and damage classification of present
structures. These negative criteria include short columns, the hill-slope effect, the year of
construction, a weak/soft storey, a lateral or vertical discontinuity and a visible building’s
quality. Filling RC frames with half-height infill walls, creating band windows and using
inter-mediate beams on stairwells are the primary causes of short-column formation. If
the building is clearly on a hill or a slope with a high slope (more than 30◦), it increases
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the effects of earthquakes to a certain extent. The differences in stiffness and strength
between stories and the variation in storey height within a building are considered in
the soft storey/weak storey parameter. Vertical irregularity can be considered as the case
of a substantial change in the stiffness, mass and dimensions or interruption of vertical
structural elements, such as columns or lateral resisting systems. The performance of
workmanship and material quality during and after the construction process reveals the
quality of the building. These parameters are included in the Turkish Rapid Assessment
Method, the Canadian Seismic Screening Method, the Japanese Seismic Index Method
and similar rapid assessment methods [4–10]. This study investigated the short-column
effect in detail according to two different design principles in the updated Türkiye Building
Earthquake Code.

Short column damage is one of the common types of damage observed after earth-
quakes [11,12]. In particular, the decrease in the effective height of the column due to many
effects, especially architectural reasons, causes the shear force on the column to increase
too much, and the column reaches its bending capacity [13]. Suppose no prediction was
made for this decrease in the free height of the column during the design phase. In that
case, sudden and brittle shear damage occurs, especially in the column with insufficient
reserve shear capacity. Particularly in the case of brittle damage to the short columns in
the basement and lowest floor, they may cause a total collapse of the structure [14,15].
Therefore, in cases where it is not possible to eliminate the factors causing the short column,
the effect of these columns on the structural performance should be evaluated in detail,
and precautions should be taken if necessary.

In order to determine the structural performance, member-based damage conditions
must be evaluated first. The earthquake performance of a building can be defined as “the
building safety condition determined in connection with the level and distribution of the
damages that may occur in that building under earthquake effect”. In recent earthquakes,
it has been reported that structures with columns that suffered shear force damage could
not dissipate enough energy during the earthquake and collapsed altogether [16–18]. The
number, distribution and location of columns likely to exhibit brittle behaviour in buildings
are also very important for global performance.

Experimental and analytical studies in the literature emphasised that short columns
are a very important parameter for structural performance. Meral [19] determined the
effects of short column behaviour on reinforced concrete structures with non-linear inelastic
time history analysis, and the base shear force demands were higher in short column mod-
els compared to the reference buildings, while the displacement demands were calculated
as low. Şeker and Bedirhanoğlu [20] investigated the behaviour of short columns with
insufficient shear strength with representative samples produced in the laboratory. As
expected, the samples produced brittle collapse with shear damage, and the experiments
explained the behaviour of such short columns under lateral loads. Balık and Bahadır [21]
investigated the effects of window spacing on short-column behaviour using different
reinforcement methods. They discussed the results of producing seven reinforced concrete
frames with two floors, 1/5 scale and single span. Işık et al. [22] examined the formation
of short columns in reinforced concrete structures built on sloping soils and revealed that
plastic hinges formed earlier in short columns. Haji et al. [23] conducted experimental
studies using three different methods for reinforcing the reinforced concrete circular short
columns. They observed a good correlation between analytical values and experimental re-
sults. Chen et al. [24] investigated the behaviour of reinforced concrete short columns under
constant compression loading experimentally and theoretically. Moretti and Tassios [25]
presented experimental results on eight full-scale reinforced concrete short columns. The
relative performance of the tested samples was evaluated according to various ductility cri-
teria. As a result of these studies, it was observed that the stiffness of the columns increased
with decreasing effective length. Therefore, the initial stiffness and load-carrying capacity
of the structure increased slightly in the global behaviour of the structure. However, it
has been reported that the structure could not achieve the desired ductile behaviour due
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to shear damage in the columns. In addition, short-column damages come to the fore in
studies on damage caused by destructive earthquakes in different parts of the world [26–29].
Moreover, short-column effects are clearly identified in studies using rapid assessment
methods used for reinforced concrete structures [30–32].

Within the scope of this study, first of all, short column formation is explained with
theoretical details. In other words, the effects of short column formation, which negatively
affects the earthquake performance of the building, are examined in detail. Then, in addition
to three different structural models that may cause short column formation, including the
hill slope effect, the band-type window, and the mezzanine floor, a total of four different
models were created, including a structural model without any short columns, in order
to make comparisons. Structural analyses were performed using SAP2000 software v20.
The band-type window is placed on the outer axes in the x calculation direction in the
SAP2000 model, the hill slope effect is placed on the two adjacent axes in the x direction,
and the mezzanine floor is placed on three storeys. The band-type window, slope effect
and mezzanine floor are modelled as bar members in SAP2000 models with short column
lengths of 0.7 m, 1.5 and 2 m, respectively, to be closest to the actual formation. In the
structural model, only the short-column effect is considered a variable. The results were
compared among themselves and those obtained for the reference building model without
short columns. In the study, most possible scenarios that may cause the formation of
short columns are remarked on. Depending on these scenarios, changes in storey drifts
(especially in soft-storey formation) and column shear force distributions in the structural
model, changes in plastic rotation demands and capacities in columns, damage distribution
and global changes in building performance were examined, different structural parameter
results that were not included in previous studies were taken into account. The main novelty
of the study is that the short column effect is revealed according to both strength-based
and deformation-based design approaches specified in the Turkish Building Earthquake
Code (TBEC-2018), which is currently in place in Türkiye.

2. Short Column in RC Structures

The two main components of the works performed to estimate the effect of earthquakes
are detecting earthquake hazards and determining buildings’ vulnerability. Determining
the vulnerability of building systems is generally possible by examining and classifying
the current building stock and other structures and obtaining the damage potential curves.
These potential damage curves are used in the preparation of earthquake scenarios [33].
While obtaining these curves, it is necessary to consider the aspects of the building stock
that are peculiar to the region.

Knowing buildings’ characteristics that may negatively affect their earthquake be-
haviour in areas where strong seismic motions can be expected will enable setting forth
more serious approaches to mitigate hazard risk levels. Being aware of the negative param-
eters both in terms of the designs of new buildings to be constructed and of examining the
current building stock constitutes a significant part of reducing vulnerability.

Vertical load-bearing elements in framed system structures consist of columns. Columns
have two essential roles in such systems. The first is safely transferring all the vertical
and lateral loads that act on the structure to the foundation system. The second role is to
keep the relative storey drifts caused by lateral loads within the allowed limits [34]. In
brief, while designing columns that serve as vertical load-bearing elements in building
systems, it has to be taken care that the set forth limits are not exceeded in terms of load
and deformation [35].

Columns as vertical load-bearing elements may involve some negative parameters
that would weaken the defence mechanism of the building. One of these parameters is
short columns that may form in time. Short columns have formed in different ways. Short
columns may occur either because the original column length-to-depth ratio is small or
due to an obstacle along a certain height of the column (e.g., low brick masonry wall), in
which case the effective length of the column is reduced. The sudden and explosive nature
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of shear failure in a short column was first pointed out by Yamada and Furui in 1968 [36].
Although considerable experimental and theoretical research has been conducted on this
subject, especially in the 1970s and ’80s, neither a generally accepted way of predicting the
behaviour of short columns exists nor special provisions concerning the design of such
elements are included in the majority of codes [37].

The term short column refers to columns shorter than the other columns in the same
storey and expected to be subjected to brittle shear fractures [38]. Short column effects
appear during earthquakes, particularly on the exterior walls of buildings where the walls
do not extend up to the top floor and on the parts of the columns that are not covered
by the wall. Typically, in industrial buildings, some gaps are left on the outer walls of
the buildings, and some are left on the outer walls to leave space for windows and take
light in. If these walls do not extend along the column height, particularly if they are not
separated from the frame, the columns may suffer heavy damage during the earthquake.
These effects, known as short-column behaviour, can also be seen in Türkiye as they occur
worldwide. Many parameters have a role in the formation of a short column. Some of
these are wall height, the gaps left on the frame wall and inadequate shear reinforcements.
However, one of the primary parameters that cause this behaviour is the vertical gaps left
on the frame wall. The shear force generated on the short column is inversely proportional
to the short column height [39,40]. Due to the ribbon windows placed on both sides of the
columns without any extra measures taken, the calculated height of the column shortens,
and the shear force is received at a much higher level than the calculated strength.

Having both long and short columns in the same storey of the building causes these
columns to be subjected to different shear forces during the earthquake due to the height
difference. Earthquake loads primarily affect long and flexible columns and then affect
short columns, where they cause energy accumulation. Due to this accumulation, X-shaped
shear cracks occur at both the lower and upper ends of the column. Long and short columns
with the same cross-sectional area suffer the same displacement (Δ) under earthquake load
(Figure 1). However, short columns are more rigid than long ones, so they are subjected to
more earthquake load. This is referred to as the short-column effect and is a point that needs
to be considered in the early phases of architectural design [41]. Short column formations
in the buildings are given in Figure 2.

Figure 1. Behaviour of short and regular columns [42].

Figure 2. Short column formations.

One of the most significant causes of damage observed as a consequence of earth-
quakes is short-column formation. Short columns are subjected to high shear stress, and
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when the shear resistance is exceeded, brittle collapses take place on these elements. The
early strength loss that takes place in these elements also limits the displacement capacity
of the building. In turn, brittle collapses become inevitable in buildings with short columns
that cannot meet the displacements forced by the earthquake. In addition, since the lateral
load capacities of these elements are limited by shear capacities, their bending capacities
also cannot be utilized fully [43,44]. Different levels of damage occur due to short columns
in earthquakes occurring in different countries of the world [45–47]. Figure 3 presents some
short-column damages observed in earthquakes.

 
(a) (b) (c) 

Figure 3. Short column damages: (a)-24 January 2020 Elazığ earthquake [48], (b)-25 January 1999
Armenia Colombia earthquake [49], (c)-26 January 2001 (Bhuj) India earthquake [50].

3. Performance-Based Assessment and Design Principles

Following numerous destructive earthquakes worldwide, the significance of research,
studies and earthquake prevention has recently increased. Due to the vulnerability of both
rural and urban building stock, earthquake damages grow. The magnitude of the earth-
quakes and the poor structural characteristics increase the size of the damage. Knowing
the characteristics of buildings that will be adversely affected by their behaviour under
earthquakes will reduce damage risk after earthquakes. Determining how well structures
perform is the first step in minimizing earthquake damage. After earthquakes in Türkiye,
particularly in the past 30 years, protecting existing buildings has become increasingly im-
portant. For RC structures already in existence, performance-based assessment procedures
are frequently applied. A building’s susceptibility to earthquake damage is known as its
seismic vulnerability. Seismic vulnerability relationships make an effort to forecast, for a
variety of building classes, the severity and scope of damage at specific seismic demand
levels [51].

Using the performance-based design and evaluation technique, it is feasible to calculate
the quantities of damage levels caused by design ground motion inside the structural
system elements. It is examined whether this damage remains below the permitted damage
thresholds for each pertinent element. Reasonable damage limits are established in a
way that is consistent with the anticipated performance goals at different earthquake
levels [52,53]. The evaluation process aims to calculate the required earthquake force at
which the building would meet its performance goals. The highest reaction that a building
gives against seismic action during an earthquake is displayed on the demand spectrum
used to assess the system performance of the building [54].

Two essential performance-based design and assessment parameters are earthquake
demand and capacity [55,56]. Static pushover and capacity curve serve as representations
of structural capacity. This capacity curve is created by plotting the relationship between
the base shear force and the displacement of the building’s roof. The building system is
calculated with gravity loads and lateral forces that increase proportionately up to the
target point where structural capacity ends. The non-linear static method’s actual goal is to
calculate a building’s target displacement, which is then used to do a final pushover analysis
by increasing lateral loads until the target displacement is reached. In conclusion, demand
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values such as strains, displacements, internal forces and rotations are calculated, and
the behaviour of the analysed section is measured for different cross-section performance
levels by comparing the strains obtained from the total curvature of the section with the
determined upper bound strains [57–59].

In this paper, structural analysis was performed by using static pushover analy-
sis while determining the earthquake performance of the reference RC structure model.
Pushover analysis is a typical method for determining seismic demand in building designs
and evaluations [60]. The pushover curve is calculated using the static multiplier that
was produced by applying the theorem of virtual works while considering the mechanism
under study’s various kinematic configurations at large displacements [61]. Pushover
analysis is one of the most frequently used methods to estimate the non-linear behaviour
of buildings [62]. In addition to the target displacement, stress-strain relationships for the
material are also important factors in the structural analysis [63].

The building performance of the building model with a short column was determined
separately according to two different methods using static pushover analysis. Design and
evaluation methods were used according to the strength and deformation in the earthquake
code currently used in Türkiye [64].

The strength-based design approach is one of the two main approaches for designing
structural systems under the influence of earthquakes: (a) Reduced seismic loads corre-
sponding to the ductility capacity of the structural system defined for a certain predicted
performance target are determined. (b) Linear earthquake calculation of the bearing system
is made under reduced seismic loads. The strength demands are obtained by combining the
reduced internal forces of the element found from this calculation with the internal forces
of other loads, taking the excess strength into account when necessary. (c) Member strength
demands are compared with the internal force capacities (strength capacities) defined
for the anticipated performance target. (d) The relative storey drifts obtained from the
earthquake calculation are compared with the allowable limits. (e) The design is completed
by showing that the strengths are below the strength capacities and, simultaneously, the
relative storey drifts are below the permissible limits. Otherwise, the frame sections are
changed, and the calculation is repeated.

The deformation-based design approach is the other main approach for structural build-
ing systems under the influence of earthquakes: (a) Internal force-deformation relations
compatible with non-linear modelling approaches of existing or previously pre-designed
structural systems are determined. (b) Under the earthquake ground motions selected per the
predicted performance targets, the structural system’s static or time history analysis is calcu-
lated with dynamic incremental methods, and deformation demands of non-linear ductile
behaviour and strength demands of brittle behaviour are attained. (c) Obtained deformation
and internal force demands are compared with defined deformation and strength capacities
by the anticipated performance targets. (d) For existing buildings, the assessment according to
deformation is completed by showing that the deformation and strength demands are below
or exceed the corresponding deformation and strength capacities. (e) If the deformation and
strength demand for new or existing buildings to be strengthened are below the corresponding
deformation and strength capacities, the design is completed according to the deformation-
based design approach. Otherwise, the frame sections are changed, the calculation is repeated
and re-evaluated and the design is finalised according to the deformation.

As in countries with high earthquake risk, earthquake-resistant building design rules
have been developed and updated in Türkiye over time. With the current code, design and
evaluation principles have been adopted according to both strength and deformation.

This study compared the strength-based design approach, the changes in relative storey-
drift, soft-storey formation and column shear force. Additionally, with the deformation-based
design approach, roof displacement, capacity curves, and damage to the structural elements
and plastic rotations were compared. Therefore, this study allowed a very detailed comparison
of the short-column effects.
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4. Structural Models and Analysis Results

4.1. Description of the Numerical Model

The chosen RC frame building comprises seven storeys, each of which is 3 m high.
The blueprint of the sample RC building is shown in Figure 4. The sample RC building has
been designed in accordance with TEBC-2018 principles.

 
Figure 4. The blueprint of the sample RC building (all dimensions are in cm).

The structural features considered for the RC building selected as an example are
shown in Table 1.

Table 1. Sample RC model features.

Number of storeys 7
Storey height 3 m
Concrete grade C25
Reinforcement grade B420C
Dead load (g) 4.5 kN/m2

Live load (q) 2 kN/m2

Location of the structure (Latitude-Longitude) 37.73534–30.305906
Infill wall load (g) 4 kN/m
Column stirrup reinforcement * Φ8/100 (mm)
Beam stirrup reinforcement * Φ8/100 (mm)
Local soil class ZD
SDS 1.0721
SD1 0.4786
Live load reduction coefficient (n) 0.3

* In confinement region.

In this study, since two different design approaches in the current seismic design in
Türkiye are taken into account, the design spectrum used in this country has been taken
into account. For this purpose, the design spectrum obtained for any geographical location
in Burdur province was used. Along with the earthquake hazard map currently used in
Türkiye, map spectral acceleration coefficients (SS, S1) have been used for the first time.
By multiplying these coefficients with the local soil effect coefficients (Fs, F1), the design
spectral acceleration coefficients are obtained separately for a short period (0.2 s) (SDS) and
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a long period (1.0 s) (SD1). These values are directly obtained with the help of the Türkiye
Earthquake Hazard Maps Interactive Web Application [65], which has been implemented
with the current earthquake code. This study used this application was used for the location
where the building will be built. The design spectrum used in structural analysis is shown
in Figure 5.

 
Figure 5. Design spectrum for structural analyses.

The cross-section and dimensions of the beams and columns used in the reinforced
concrete structure chosen as an example are shown in Figure 6. All columns and beams
have the same size and reinforcement in the sample RC building model. In the calculations,
the effect of slabs on the stiffness of the beams is neglected, and slabs are considered
only as loads. As can be seen in Figure 6, a reinforcement selection was made in the
columns according to the minimum longitudinal reinforcement ratio (0.01) allowed for the
columns of TBEC-2018. In addition, by using crossties with stirrups, the maximum spacing
requirement between stirrup arms has been reduced below 25 × Øtransverse. In beam
supports, the tension reinforcement is above the minimum reinforcement ratio (0.8 fctd/fyd)
and below the maximum reinforcement ratio (ρb, ρmax etc.) given in TS-500-2000 and
TBEC-2018. In addition, the compressive reinforcement/tensile reinforcement ratio of the
beams in the supports was kept above 0.5and the ductility condition of the beam support
section specified for SDS > 0.75 in TBDY-2018 was also met.

The reference building model and short column formation models considered in the
study are shown in Figure 7. Red-coloured columns are modelled as short columns. Only the
appearance of the first 2 storeys is shown for a better understanding of the structural models.

Figure 6. Cross-sections of columns and beam support.
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Reference building model Hill slope effect 

  
Band-type window Mezzanine floor 

Figure 7. Four different structural models considered in the study.

Considering the common situations that cause short column formation, a total of
four different structural models, including the reference model where no short column
formation is expected and three different models where potential short column effects may
occur due to the hill slope effect, band-type window and mezzanine floor, were created
using SAP2000 software [66]. In the structural models, the blueprint of the sample RC
building has not been changed; the short column lengths and their axes are given in Table 2.
All other columns not included in this table are considered non-short columns. While
creating the structural models, separate short columns were created for the three cases
that caused the formation of short columns and were considered in the study. Structural
features were kept constant in order to reveal the short-column effect.

The fundamental natural periods of all structural models were obtained by eigenvalue
analysis. The periods are given in Table 3. Since the short column heights will increase the
stiffness values due to the short column formations, the period values have taken lower
values in the short column structural models.

Table 2. Short columns length and their axes.

Hill Slope Effect Band-Type Window Mezzanine Floor

Axes with a short column All columns on the 4th and 5th
axes of the 1st storey

All columns on the 1st and 5th
axes of the 1st storey All axes of the 2nd storey

Short column length 1.5 m 0.7 m 2 m
Number of short columns/

total columns (%) 5.71% (10/175) 5.71% (10/175) 14.29% (25/175)

Table 3. The periods of the structural models.

Model Reference Model Band-Type Window Hill-Slope Effect Mezzanine Floor

Period (s) 0.989 0.868 0.928 0.903
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4.2. Investigation of Short Column Effect by the Strength-Based Design Approach

In order to take into account the possible uncertainties in the stiffness and mass distri-
bution of the structural system of the building under the influence of earthquake ground
motion, the earthquake calculation was made by considering the additional eccentricity of
±5% for each of the X and Y directions. For each storey, X direction +0.05 additional eccen-
tricity (Ex+), x direction −0.05 additional eccentricity (Ex−), Y direction +0.05 additional
eccentricity (Ey+), y direction −0.05 additional eccentricity (Ey−) earthquake calculations
were made using four different earthquake directions/eccentricities, and the findings are
given below.

4.2.1. Investigation of the Change in Relative Storey Drifts

Considering the highest values obtained from four different earthquake loadings
(Ex+, Ex−, Ey+, Ey−) for each storey, the relative drifts in the X direction depending on the
storey are shown in Figure 8.

 

Figure 8. Comparison of the highest relative storey drifts for each storey.

Short columns formed due to the band-type window formation reduced the relative
drifts of the ground storey by 88% compared to the reference model. The short columns
formed due to the hill-slope effect reduced the relative drifts of the first storey by 31%
compared to the reference model. The short columns formed due to the formation of the
mezzanine floor reduced the relative drifts of the second storey by 43% compared to the
reference model. Considering the maximum relative drifts of all floors, the highest relative
drifts occurred in the band-type window, the hill-slope effect, the reference model and the
mezzanine floor model building, respectively.

4.2.2. Investigation of Soft-Storey Formation

Whether there is a soft storey irregularity in a building under investigation is deter-
mined by looking at the stiffness irregularity coefficient (ηki). The coefficient of stiffness
irregularity (ηki) is obtained by dividing the average storey drift ratio at any i-th storey
by the average relative storey drift ratio at an upper or a lower storey for either of two
perpendicular earthquake directions. The calculation of the stiffness irregularity coefficient
(ηki) for the calculation direction X is shown in Equation (1).

ηki,(lower) =
Δ(X)

i (mean)/hi

Δ(X)
i−1(mean)/hi−1

(1)
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ηki,(upper) =
Δ(X)

i (mean)/hi

Δ(X)
i+1(mean)/hi+1

(2)

ηki in Equation (2) is the stiffness irregularity coefficient obtained by dividing the
average relative storey drift ratio of the i-th storey by the average relative storey drift ratio
of a lower ((i − 1) storey; ηki (upper)) expresses the stiffness irregularity coefficient obtained
by dividing the average relative storey drift ratio of the i-th storey by the average relative
storey drift ratio of the upper ((i + 1) storey).

Stiffness irregularity coefficients were obtained for each storey’s four different earth-
quake types (Ex+, Ex−, Ey+, Ey−). The highest soft-storey irregularity coefficients obtained
from four different earthquake types were determined as the soft-storey irregularity coeffi-
cient of the relevant storey, shown in Figure 9. According to the TBEC-2018, Inter-storey
Stiffness Irregularity (Soft Storey) coefficients (nki) were obtained for each of the two or-
thogonal earthquake directions and four different earthquake types (Ex+, Ex−, Ey+, Ey−) of
each storey by considering the effects of ±5% additional eccentricities.

Figure 9. Stiffness irregularity coefficients (nki) of RC building models.

According to TBEC-2018, if the stiffness irregularity coefficient (nki) is more than 2
on any storey, it is stated that there is a soft storey irregularity in the building. Since the
stiffness irregularity coefficients in the second storey of the band-type window and the
hill-slope effect models were obtained as 4.6 and 2.3, respectively, soft storey irregularity
occurred on these storeys. Therefore, due to the band-type window and the hill-slope effect,
the storey where the formation of short columns occurs is considerably more rigid than
the upper storey. This causes stiffness irregularity between adjacent storeys. Since the
height of the second storey of the structural model, including the mezzanine storey, is lower
than that of the reference model, it was a more rigid storey than the second storey of the
reference model, which caused the relative drifts of the mezzanine storey to be lower than
that of the reference model. Therefore, the mezzanine storey model’s soft-storey irregularity
coefficient is less than the reference model’s second storey. Since the stiffness irregularity
coefficient was less than 2 in the reference and mezzanine models, soft storey irregularity
was not observed in these models.

4.2.3. Investigation of Column Shear Force Variation

In order to examine the effect of short column formation on the column shear force, the
shear forces of the columns in the first and second storeys were obtained for four earthquake
types (Ex+, Ex−, Ey+, Ey−), and these values are shown in Figure 10. When the shear force
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of the columns on the first storey is examined, the models with the highest increase in
shear force compared to the reference model are the band-type window and the hill-slope
effect models, respectively. Shear forces in the first storey columns of the mezzanine floor
and reference models were close. When the column shear forces on the second storey are
examined, the model with the highest shear force increase is the mezzanine floor model.
The shear forces on the second-storey columns of the band-type window and the hill-slope
effect models were close to the reference model.

 

Figure 10. Column shear forces.

While there was an average increase of 261% in the short columns in the band-type
window model compared to the same columns in the reference model, there was a decrease
of 49% in the regular columns (non-short) in the same storey compared to the same columns
in the reference model. On the other hand, while there was an average of 122% increase
in the short columns in the hill-slope effect building model compared to the reference
model, there was a 71% decrease in the regular columns on the same storey compared to the
reference model. In other words, short columns had to carry the shear- force of non-short
columns on the same storey due to the formation of short columns. In the mezzanine floor
model, some columns increased by 30% compared to the same columns in the reference
model, while a decrease of around 92% occurred in columns S210, S220 and S225.

4.3. Investigation of the Short Column Effect by the Deformation-Based Design Approach

In order to examine the effect of short column formation on section damages, a non-
linear behaviour model of each of the reference models, the hill-slope effect, the band-type
window and the mezzanine floor models were created. Plastic rotation limits were obtained
for the Damage Limitation (DL), the Controlled Damage (CD) and Prevention of Collapse
(PC) performance levels conditions given for the lumped plastic hinge model of columns
and beams modelled as bar elements in TBEC-2018. After the plastic hinge sections of
each structural element were determined, these hinges were assigned to both ends of the
column and beam elements. M3 plastic hinge is used for beams, and P-M2-M3 plastic
hinge is used for column sections. Moment-curvature analyses obtained plastic hinge
properties of the sections. In these analyses, the unwrapped Mander stress-strain diagram
was used for the shell concrete and the wrapped concrete for the core concrete. In the
moment-curvature analyses, the yield unit strain of reinforcement steel is 0.0021, the tensile
strain of reinforcement steel is 0.1, the yield strength of reinforcement steel is 420 MPa
and the tensile strength is 550 MPa. A P-joint definition for shear power consumption
has not been made, as necessary precautions have been taken regarding shearing in the
elements. Second-order effects are neglected in the structural analyses. Horizontal loads
were applied to the story mass centers of the model buildings according to the values
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obtained by multiplying the mode shape amplitude of the X-direction of the floors, and the
masses and static pushover analyses were performed. The capacity curves obtained for the
X direction are given in Figure 11.

 

Figure 11. Comparison of capacity curves.

It is seen that the buildings with the highest ratio of base shear force to building weight
are the band-type window, the hill-slope effect, the mezzanine floor and the reference model,
respectively. The ratio of the highest base shear force to the weight of the building was
obtained in the band-type window with the most rigid behaviour model. So, it can be said
that the building with the most rigid behaviour is the band-type window, and the building
with the least rigid behaviour is the reference building. In order to determine the damage
to the columns and beams, the building should be subjected to a static pushover analysis
until the roof displacement demand. Therefore, obtaining the roof displacement demands for
each model building in the X direction is necessary. In order to obtain the roof displacement
demands of the models, the modal capacity spectrum and the demand spectrum must intersect.
The modal capacity spectrum is obtained by axis conversion of the capacity curve obtained
as a result of the pushover analysis. The purpose of the axis conversion process is to bring
together the capacity curve and the demand spectrum on the same graph. With the axis
conversion process, the y-axis of the capacity curve is converted from shear force (Vt) to
spectral acceleration (Sae), and the x-axis is converted from roof-floor displacement (Δ) to
spectral displacement (Sde). Obtaining the loft displacement request for the reference modal
building is given in Figure 12.

 
Figure 12. Obtaining the roof displacement demand for the reference model building.

The slope of the initial tangent shown in black in Figure 12 is calculated by the square
of the dominant angular frequency of the reference model building (ω2). The modal
displacement demand is found by intersecting the initial tangent drawn from the modal
capacity curve with the demand spectrum (Sde(T1)). The solid roof displacement demand
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is obtained by multiplying the modal displacement demand with the modal participation
factor. The roof displacement demands obtained for all models are given in Figure 13.

 

Figure 13. Comparison of roof displacement demands.

Since the structural models with short columns show a more rigid behaviour, the roof
displacement demands are lower than the reference model. The band-type window model
with the most rigid behaviour obtained the lowest roof displacement demand. Each of the
model buildings was subjected to static pushover analysis until the target displacement
demand in order to determine the damage in the structural elements. The blue-colored
plastic hinge formed in the structural elements, the plastic rotation occurred in the section
as a result of the static push-over analysis remains between the limits given for the Damage
Limitation (DL) and the Controlled Damage (CD) in TBEC-2018, so it is in the obvious
damage zone. The turquoise-coloured plastic hinge indicates that the plastic rotation in the
section is between the Controlled Damage (CD) and Prevention of Collapse (PC) plastic
rotation limits, that is, in the advanced damage zone. Section damage limits and specified
zones are given in Figure 14. The results for damage situations are shown in Figure 15.

Figure 14. Section damage limits and damage zones [64].
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Reference building model Hill slope effect 

  
Band-type window Mezzanine floor 

Figure 15. Damages in the structural elements.

In all models, the columns remained in the zone of either obvious damage or damage
limitation zone. The number of columns remaining in the obvious and damage limitation
zone for the first and second floors of each structural model is given in Figure 16.
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Reference building model Hill slope effect 

  
Band-type window Mezzanine floor 

Figure 16. Column damage zones of the structural models.

The damage zones where the columns are located in the reference and mezzanine
models are the same. In other words, the short column formed due to the mezzanine
floor did not change the damage zone where the column was located. All the columns,
which became short columns due to the band-type window and slope effect, remained
in the obvious damage zone as in the reference model. However, in the hill-slope effect
and band-type window models, all non-short columns (regular column) are in the damage
limitation zone in these models, while they are in the obvious damage zone in the reference
model with the effect of the short columns on the same storey. As it can be understood
from this, since the roof displacement demands of the short column models are lower than
the reference model, these models were subjected to less thrust up to the roof displacement,
which contributed positively to the damaged zones of the hill-slope effect, the band-type
window and the and non-short columns (regular columns).

As a result of the pushover analysis, the plastic rotations occurring in the short columns
increased considerably compared to the reference model. However, since these rotations
did not exceed the controlled damage plastic rotation limit in the regulation, the damaged
zone in the columns remained the same. Therefore, in order to better understand the
short-column effect, it would be more appropriate to compare the plastic rotation of the
structural elements instead of the damaged zone where the structural elements are located.
The rotations on the first-floor columns are given in Figure 17.
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Figure 17. Comparison of plastic rotations.

Columns with zero plastic rotation are not included in Figure 17. For example, since
plastic rotation does not occur in any of the non-short columns in the band-type window
model, there is no data on these columns in the figure. The highest plastic rotations were
obtained in band-type window models. The plastic rotations occurring in the columns in
the hill-slope effect model were close to the band-type window. The rotations occurring
in the mezzanine floor model were, on average, 24% higher than in the reference model.
Especially in buildings with band-type windows and buildings under the effect of hill
slope effect, the increase in plastic rotation demands in columns between S101 and S110
has increased the damage level.

5. Conclusions

(a) Earthquake codes in Türkiye have been updated over time, and the last earthquake
code came into force in 2019. In this code, designs can be made according to strength
and deformation. In this study, short column effects were tried to be revealed for four
different structural models using both methods. The structural models were created
for three different situations: the hill slope effect, band-type window and mezzanine
floor, which may cause short column formation. The results obtained from the structural
analyses using SAP2000 were compared with the reference building model with no short
columns. The findings obtained from the study are summarised below;

(b) According to the Strength-based Design Approach:

(1) Short columns formed due to the band-type window formation reduced the
relative drifts of the ground storey by 88% compared to the reference model. The
mentioned ratio decreased to 31% in buildings with a hill-slope effect. However,
the mezzanine floor reduced the second-floor relative drifts by 43% compared
to the reference model. It is clear that these effects are related to the increase in
rigidity with the decrease in column lengths. In addition to these, the maximum
relative drifts of all floors and the highest relative drifts occurred in the band-type
window. The displacements are inversely proportional to the column’s stiffness
(especially the length of the column). However, while the stiffness increases in
short columns, the shear forces obtained by dividing the moments occurring at
the column ends by the column length increase significantly;

(2) It was determined that the relative drifts from the first floor of the building decreased
significantly due to the band-type window and slope effect, which caused the
second floor to fall into the soft-storey status. The soft storey phenomenon is
related to the average relative storey drifts of the floors. If the stiffness irregularity
coefficient, which is found by dividing the average storey drift ratio in the floor in
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the direction of the earthquake direction, by the average relative storey drift ratio of
one upper or lower storey, is greater than 2.0, soft storey irregularity is observed;

(3) According to TBEC-2018, the stiffness irregularity coefficient (nki) can be more
than 2, especially in buildings with band-type windows. This indicates that
the irregularity referred to as B2 may be critical for these buildings. A similar
situation exists in models with a hill-slope effect, albeit limited. In the case of
this irregularity, some limitations have been introduced for the application of the
Equivalent Seismic Load Method;

(4) When the changes in the shear forces in the columns are examined, it is seen that
the highest increase occurs in the first and fifth axes of the Band-Type buildings
and in the first and second axes of the buildings having the hill-slope effect.
However, these increases were not at a level that could cause shear damage to
the columns. Considering the frequency of stirrups and crossties used, concrete
compressive strength and column sections, it is seen that the shear demand does
not exceed the shear capacity of the columns.

(c) According to the Deformation-based Design Approach;

(1) Changing stiffness has also changed the period of the buildings and the dis-
placement demand. Here, it is seen that the building with the least ductility
requirement is the buildings with Band-Type type short columns. However, it
should not be forgotten that the demand for shear force increases in this model
inversely proportional to the displacement;

(2) Especially in buildings with the hill slope effect, the increase in plastic rotation
demands 4–5 times compared to the reference building has significantly increased
the bending damage of the columns in this building. Similarly, in buildings with
band-type windows, the plastic rotation demands increase 2–3 times in the
relevant axes compared to the reference building. The increase in plastic rotation
demands, especially on critical floors, may cause increased column damage and
insufficient global performance of the building;

(3) Since the period decreases with the increase in stiffness in short-column models,
the roof displacement demands of these models are lower than the reference
model. In this situation, it is incorrect to think that the short column models’
performance is better than the reference model. Because of the short column
formation, the plastic rotation of the short columns increases considerably, even
with low roof demands. In the short-column models created within the scope of
the study, the plastic rotations occurring in the short columns increased signif-
icantly, but since these values did not exceed the controlled damage limit, the
performance status of the models did not change. However, in different buildings
with different storey numbers, blueprints and material properties, the plastic
rotations increasing in this size in short columns can change the performance
status of the buildings.

The Strength-Based Design Approach and Deformation-Based Design Approach
showed that short column formation is an important parameter in structural behaviour.
Although there are many studies on this subject in the literature, it has been shown in this
study that the most critical short column performance is in buildings with band windows,
and the most innocent short columns are in buildings with mezzanine floors. The build-
ings considered in this study are modelled according to the strict design rules given in
TBEC-2018. Therefore, none of the vulnerabilities mentioned in this article caused shear
damage. However, changes in the models related to rotation and displacement demands
have affected the structural performance. The authors plan future and ongoing studies
to include structural defects in the models in question. For example, it is estimated that
the presence of some parameters that reduce the shear capacity, such as the low concrete
strength and the absence of stirrup confinement, will affect the global performance more.
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38. Bal, İ.E.; Tezcan, S.S.; Gülay, G.F. P25 rapid screening method to determine the collapse vulnerability of r/c buildings. In

Proceedings of the Sixth National Conference on Earthquake Engineering, Istanbul, Turkey, 16–20 October 2007; pp. 661–674.
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Abstract: Minarets, tall structures, connected or not to the mosque attract attention due to their
specific architectural features. Vulnerability to seismic damage has been witnessed throughout
history on tall and slender structures after earthquake ground motions. In that respect, it is of
the utmost importance to investigate the dynamic characteristics and resilience of historical stone
minarets. This paper aims to provide the results of an on-site dynamic investigation of a stone minaret
in Mostar and deliver its seismic assessment. The minaret is part of the Tabačica mosque built at
the turn of the 16th and 17th century in the City of Mostar, Bosnia and Herzegovina. The on-site
investigation comprised dynamic identification of the minaret by ambient vibration testing and
qualitative estimation of the masonry wall by sonic pulse velocity testing. Besides the modal analysis
a time-history analysis was performed by using the Applied Element Method (AEM), considered an
appropriate tool for assessing the behavior of historic masonry structures. A good match is found
between the first natural frequency obtained by the on-site investigation and the modal analysis
which is a solid basis for further seismic assessment of the minaret as a slender tower-like structure.
The concentration of stresses is observed at the transition zones.

Keywords: minaret; seismic assessment; modal analysis; stone masonry; historic structures; applied
element method; dynamic testing

1. Introduction

Preserving cultural heritage structures as well as passing knowledge to future genera-
tions is of the utmost importance for the history of a certain region regarding the social life
of the communities of a given period and the construction technologies utilized at that time.
Many of these structures have been exposed to various extreme natural hazards (wind,
earthquakes, etc.), inadequate maintenance, and sometimes they have even been neglected.
Regardless of all of these negative impacts and influences, they have survived which shows
the magnificent engineering work conducted by famous masons centuries ago without the
application of any high-level technology [1].

Assessment of cultural heritage buildings has gained a lot of attention in the last
decades and numerous researchers have dedicated their investigations in this direction.
Analysis of these structures is a rather complex and multidisciplinary task as it requires the
involvement of various engineers, architects, conservators, historians, etc. Once collected,
the data has to be analyzed by a team of experts from different fields to make a correct
decision regarding the potential preservation measures and strengthening techniques. Most
of these structures, constructed several centuries ago are made of traditional materials
such as stone, brick, and adobe (masonry buildings), and are vulnerable to seismic effects.
It is important to state that at the time of construction there were no seismic codes, but
structures were constructed based on the knowledge of individual masons. Earthquake
destruction triggered the development of seismic codes and their enforcement in different
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countries. With the development of different software packages, numerical modeling of
historic masonry buildings became possible. Each modeling technique has its advantages
and disadvantages, as well as field of application. According to D’Altri et al. [2], there are
four main classes of numerical strategies for masonry structures. The first class is when
the structure is modeled utilizing a block-by-block definition. Masonry is conceived as
an assembly of blocks linked together by mortar joints. Page [3] was the first researcher
who applied nonlinear analysis to masonry structures. The advantage lies in the abil-
ity to model the actual masonry texture and the structural detail; however, in historical
structures this is commonly an unknown parameter. This method is typically used for
small-scale experimental tests. However, it has been applied for several historical struc-
tures [4,5], but this is not common due to its high computational time. This method has
been further developed leading to five sub-classes: Interface element-based approaches;
Contact-based approaches; Textured continuum-based approaches; Block-based limit anal-
ysis approaches; and Extended finite element (FE) approaches. For more details, please
see D’Altri et al. [2]. The second class represents the continuum models with the appli-
cation of adequate homogeneous constitutive laws. As the mesh is not connected to the
size of masonry elements the computational time is greatly reduced. Description of the
masonry’s constitutive laws could be undertaken by direct approaches or homogenization
procedures and multiscale approaches. The direct approach was used for modeling the
historical church by Pantò et al. [6] and complex masonry structures by Abbati et al. [7].
The smeared crack, damage, and plastic-damage models found a massive application in
the assessment of masonry structures due to their implementation in various software,
and the fact that only a few mechanical characteristics of masonry are needed as input,
significantly reducing computational time. In this way anisotropy of masonry is neglected
but masonry is modeled as an isotropic material. Several researchers applied this modeling
procedure to model historic towers [8–12]. Homogenization procedures and multiscale
approaches are mainly used for small-scale elements. The shortcoming of models based
on the finite element method is that it is not possible to simulate the mechanical interac-
tion between multiple bodies, which is important in the analysis of structures exposed
to impact loads as well as in the analysis of the progressive collapse of structures. With
macroelement models, the structure is composed of piers and spandrels, and rigid elements.
There are generally two approaches—equivalent beam-based and spring-based approaches.
Finally, in the geometry-based models, the masonry structure is determined as a rigid body.
Additionally, a discrete element method (DEM) as a micro modeling approach is able to
provide adequate masonry representation on the level of masonry elements and joints.
In that respect, only limited research is available on the application of this methodology
for masonry structures, such as the work done by de Felice [13], Pulatsu et al. [14], and
Lemos [15]. The mechanical behavior of block-based masonry walls is well represented
by DEM as presented in [16–18]. The application of DEM was used as well by [19] for
modeling the infilled masonry frames. Dimitri and Zavarise [20] explored the application
of DEM in Gothic buttresses of trapezoidal and stepped shapes. It has been concluded
that this procedure is useful in the prediction process of the first-order seismic behavior of
unreinforced masonry (URM) structures in terms of collapse load and collapse mechanism.
The model was able to predict in an accurate manner the dynamic response of the structure.
Alexakis and Makris [21] elaborated on the application to masonry arches. An interesting
work was presented by [22] for an aqueduct in Portugal and a multi-leaves arch-tympana
of a church in Italy. Models based on the DEM were developed for the analysis of problems
in which there is a mechanical interaction between multiple bodies that can have large
displacements and rotations. The main characteristic of the DEM is the modeling of the
structure as a set of discrete elements interconnected by contact elements, which enabled
its application in the analysis of structures with complex heterogeneous compositions (ma-
sonry structures). This approach makes it possible to simulate the collapse of the structure
due to rotation, sliding, and impact loading. A major disadvantage of this method is its
inability to describe the state of stress and deformation within discrete elements, which
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is especially important when analyzing the appearance, development and propagation
of cracks.

A new modeling philosophy has emerged which combines both the finite element
method (FEM) and the discrete element method (DEM), and is known as the applied ele-
ment method (AEM). It was originally developed for the simulation of structural demolition
of reinforced concrete buildings in a controlled manner [23–25]. This new method uses the
advantages of both approaches, meaning the accuracy of the FEM until elements separate
and DEM when the elements become detached. The advantage of this method is that it is
able to automatically simulate the separation of the elements and follow up all stages until
the collapse of the structure and can predict the falling debris. With more than two decades
of continuous research and development, AEM has been proven to be the only method
that can track structural collapse behavior passing through all stages of loading; elastic,
crack initiation and propagation in tension-weak materials, element separation, element
collision (contact), etc. The advantage is seen in its implicit time-integration frameworks
as opposed to DEM which uses explicit solvers and direct integration. Malomo et al. [26]
utilized AEM for the assessment of a full-scale URM prototype representative of a typical
Dutch detached house which was experimentally investigated on a shaking table. A good
relation was obtained between the experimental data and the numerical model. The general
positive impression of the behavior of the numerical model was additionally supported by
the damage evolution. The model was capable of capturing the fractures’ propagation. The
global behavior of the structure was correctly captured in the model. Hadhoud et al. [27]
modeled a Margherita Palace with the application of the AEM modeling procedure. The
heritage masonry Margherita Palace was built two centuries ago and was heavily damaged
by the strong 2009 L’Aquila earthquake. The model was able to capture the damage to the
structure caused by the earthquake and the damage pattern was very similar to the one
observed on the structure after the earthquake. The weakest point of the structure was
detected leading to the need for remedial and strengthening measures. Diana et al. [28]
used the AEM model to validate the results obtained from the simplified approach of
the LV1-church form (the mechanism related to the belfry) and by a kinematic approach.
It was noted that the non-linear verification was reasonable and true with the damage
pattern obtained by the AEM model and then by the simplified procedures. Evidently, the
AEM is capable of simulating both the in-plane and out-of-plane failure modes in masonry
structures and their individual components exposed to either static or dynamic actions [29].
As many buildings throughout the world are constructed as masonry-infilled reinforced
concrete structures, their seismic performance with the application of the AEM models
was explored [30]. A structure with eight storeys was exposed to time history analysis
taking into account four different configurations: one including a soft storey, then this soft
storey was retrofitted, an RC bare frame, and RC with masonry infill in all floors. The AEM
modeling was used as well to evaluate strengthening measures for a URM building [31].

After the 2011 Van earthquake, an extensive campaign was conducted in order to
determine the dynamic characteristics of eleven minarets in Turkey [32]. Three techniques
and three excitation levels were used for the determination of the dynamic characteristics.
Seven frequencies were determined with the application of FDD, EFDD, and SSI techniques.
In this specific case, seven minarets were modeled using a FEM without the mosque.
Research on minarets, but this time those beside historic, contemporary, and combined
minarets was conducted by Çaktı et al. [33]. Additionally, the Mihrimah minaret was
modeled utilizing a discrete element method and ten various time history accelerations
were used for non-linear dynamic analysis [33]. The Grand Mosque in Bursa was modeled
with the application of FEM and seismic performance analyses were conducted on four
different models. Model 1 took into account most details while the most simplified model
was the fourth one. It has been noted that the stairs have to be taken into account as their
influence cannot be neglected in the numerical analysis, although other elements could be
neglected [34]. How geometrical characteristics affect the dynamic behavior of the minarets
was investigated by Livaoğlu et al. [35]. The dynamic characteristics were determined
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by the ambient vibration tests and with the application of Enhanced Frequency Domain
Decomposition (EFDD) and then this data was used for validation of the numerical model.
In total, seven minarets in Bursa were investigated. A simple equation was proposed for
the determination of the natural period which is a function of the cross-sectional area, outer
diameter, inner diameter, height, and material density of the minaret as a result of OMA
investigations and numerical models. However, additional investigations have to be done
in order to take into account the stiffness of the boot, the ratio between different segments
of the minaret, and the boundary conditions, as their influence cannot be neglected and
have to be taken into account in the calculations [35].

Döven et al. [36] investigated the Yeşil Mosque (Green Mosque) in Kütahya and the
changes in the dynamic behavior of the structure in case the balcony of the minaret is
open or covered. A comprehensive study of the Mustafa Pasha Mosque located in the
central part of the city of Skopje (Macedonia) was performed in 2011 by Portioli et al. [37].
The model of the mosque was scaled to 1:6 with respect to the length and a shaking ta-
ble test was performed. A numerical model of the mosque was created. The structure
was exposed to various seismic loads and the results of the numerical models were cal-
ibrated and validated with the results obtained on the shaking table test. Details of the
experimental investigation can be found in Krstevska et al. [38] and Tashkov et al. [39].
Additionally, a strengthening procedure was proposed to avoid the propagation of cracks
in the directions of the maximum principal stresses, out-of-plane failure, and other types of
damage that were observed as results of the numerical modeling; for details, please see
Krstevska et al. [38]. A vulnerability assessment of the Al-Askari Shrine exposed to gravity
loading as well as seismic loads with the application of the finite element method was
conducted by Yekrangnia and Mobarake [40]. The investigation of the gravity loads was
needed to check the capacity of the supporting piers to take over the load of the newly
constructed dome, as the original dome was destroyed by blast loading. In view of possible
earthquake damage to the Al-Askari Shrine, it was required to conduct this analysis as well.
Due to the complex geometry and material characteristics, macromodeling was carefully
chosen as the modeling method. The whole mosque and the minaret were elaborated
and again one of the most critical parts to be identified was the lower part of the minaret;
thus, cracks might propagate through the base of the minaret. Calculations due to seismic
actions revealed the vulnerability of the structure in the form of crack widening in the
piers, leading to asymmetrical movement and finally to the formation of diagonally rising
cracks in the dome. Additionally, it was the new minarets that were identified as the most
vulnerable elements requiring strengthening (Yekrangnia and Mobarake [40]).

The most remarkable and glorious historic fired brick 12th-century Islamic structure,
Gonbad-e Qābus in Iran, was assessed by Ebrahimiyan et al. [41]. There was very little
data regarding the material properties; only the average compressive strengths of three
masonry bricks were available. Behavior in compression and tension was chosen to be
represented by the Concrete-damaged plasticity model. As in the case of Al-Askari Shrine,
macromodeling was selected as an adequate modeling procedure. In this specific case,
the equivalent static force method was used for obtaining the nonlinear behavior of the
structure exposed to gravity and seismic loads. The results of the calculation showed
that the collapse-prevention level is satisfied meaning that there is no fear of collapse
and structure overturning. Nevertheless, it was noted that adequate measures should be
considered regarding the strengthening of the structure (Ebrahimiyan et al. [41]). Five
timber minarets in the city of Sakarya (Turkey), located in one of the most seismically prone
zones (North Anatolian Fault Zone) were researched by Bağbancı et al. [42]. The two most
devasting earthquakes which caused significant damage to the structures or even collapse
were the 1999 Düzce (Ms = 7) and Kocaeli earthquakes (Ms = 7.8), the 1967 Sakarya-Akyazı
earthquake (Ms = 7.8), and the 1943 Sakarya-Hendek earthquake (Ms = 6.6) [43]. As a
result of experimental tests and measurements conducted on the site, Bağbancı et al. [42]
proposed a new equation for obtaining the natural frequency; besides being a function of
height, cross-sectional area, and material, this became a function of construction techniques
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of the outer walls of the minarets. The application of this proposed new equation led to an
error of less than 10% which may be considered acceptable.

Işık et al. [44] determined the material characteristics of the local Bitlis stone that was
used for the construction of the Five minarets (Ulu Mosque Minaret, Şerefiye Mosque
Minaret, Meydan Mosque Minaret, Kalealtı Mosque Minaret, and Gökmeydan Mosque
Minaret); these represent one of the most famous treasures of Bitlis (Turkey), referenced
in the famous folk lyrics “Five Minarets in Bitlis”. Once the material parameters were
determined, modal analysis and the minarets’ seismic performance were obtained with
the application of the Turkish Building Earthquake Code. Further work and investigation
of the Ulu Mosque’s minaret in Bitlis (Turkey) was performed by Işık et al. [45]. The
assessment of the minaret was conducted by applying the current and previous seismic
code in Turkey, enabling the comparisons of the minaret’s behavior. As well, the calculation
was performed for five different geographical locations in the same earthquake hazard
zone and four different earthquake ground motion levels (DD-1, DD-2, DD-3, and DD-4),
with the probability of exceedance in 50 years. As in previous cases, the macromodelling
technique was selected.

A comprehensive investigation and seismic assessment of a reconstructed mosque,
which was originally built in the early 1800s within the Bigali castle was done by
Gunes et al. [46]. After the on-site (visual inspection) and laboratory tests (mechanical,
chemical, and mineralogical analyses) to obtain as much as possible information regarding
the structure and its ruins, it was necessary to propose a reconstruction procedure and
perform adequate numerical analysis. Due to the specific features of this case study and its
importance three different levels of structural analysis were conducted (linear, kinematic,
and pushover analysis). In this case also, the minaret was modeled separately from the
mosque. The proposed methodology can be applied to the evaluation of similar cultural
heritage buildings. Devastation and damage to the minarets after the earthquake which hit
the Sivrice district of Elazig city on 24 January 2020 was investigated by Yetkin et al. [47].
The sections where the damage occurred in the minarets were determined, and the reasons
for this damage were evaluated. Commonly, the soil effects in the calculations are neglected,
leading to potentially incorrect results in soft and loose soils, although this approach may
provide adequate results in stiff soil types [48]. Haciefendioğlu et al. [49] concluded that
the soil-structure interaction affects the dynamic characteristic of the scaled reinforced
concrete minaret. As the soil type changed from sand to clay-gravel the frequency of
the minaret increased. Altiok and Demir [50] investigated the effect of the soil structure
interaction on the seismic behavior of the Lala Mehmet Pasha minaret, located in Manisa
(Turkey). They used the OMA method to calibrate the model, leading to a significant
reduction of the initial Young’s modulus, and the difference in the first mode frequency of
only 0.03%. Linear type history (LTH) and nonlinear type history (NLTH) analyses were
conducted to obtain a reliable formulation of the damage pattern on the structure exposed
to significant earthquake motion. The sixth-largest mosque in the world, Faisal Mosque,
located in Islamabad (Pakistan) was studied by Akhlaq et al. [51]. The four minarets are
completely separated from the mosque. The total length of the reinforced concrete minaret
is 90 m. Application of the OMA was utilized and the three identification techniques were
used to determine the modal properties. This data was used for calibration of the FEM
model by manually correcting the updating of the modulus of elasticity and correcting the
weight of the nonstructural elements. Işık et al. [52] proposed a new empirical formula for
determination of the minaret’s periods as a function of heights. Additionally, estimation of
the ten natural periods as a function of various materials (thirteen taken into account) were
estimated with the application of the Artificial Neural Network (ANN) model. There was
excellent agreement between the values obtained by experiment and the values estimated
by ANN (less parameters were used).

There are several aims of the paper. For the first, the time horizontal to vertical
spectral ratio (HVSR) method was utilized to determine the dynamic characteristics of the
minaret. These results were compared with the frequently used operational modal analysis
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(OMA) and a certain consistency was noted. Additionally, the quality of the three-leaf
stone masonry used for the mosque building and the minaret base was determined using
the sonic velocity test revealing its solid quality. The goal was to determine the seismic
behavior and performance of one of the significant minarets in Bosnia and Herzegovina.
For this aim, for the first time, the applied element method was used for the nonlinear
seismic assessment of the minaret located in Mostar, Bosnia and Herzegovina.

The paper is organized into several sections. Section 2 is devoted to the historical
background of the Tabačica mosque as one of the significant and unique monuments of
Islamic sacred architecture in Mostar. Geometrical and architectural features are presented
in detail together with experimental results for the “tenelija” stone. Section 3 is dedicated
to the new experimental study that was conducted in 2022. Utilizing non-destructive
techniques, the experimental work aimed to determine the natural frequencies and damping
ratios. This was done with the application of two methods, the horizontal-to-vertical
spectral ratio (HVSR) method and the operational modal analysis method (OMA). The
obtained parameters are used later for the calibration of the numerical model. Secondly,
to determine the quality of the masonry, the sonic velocity test (SPVT) was performed.
Section 4 is devoted to the modeling of the minaret. For the first time, a nonlinear model
that is based on AEM, a derivative of the FEM and DEM, is utilized. The connection
between the elements in the AEM is provided by springs, meaning that the plastic hinges
come as a result of the analysis and not as input as in FEM. The first modal analysis was
conducted and a comparison was made with the experimental results. As previously
mentioned, this was used for the validation of the model. Nonlinear time history analysis
of the minaret exposed to artificial earthquakes is described in the second part of Section 4.
Maximum lateral displacement in X and Y directions, maximum and minimum principal
stress contours under the earthquake ground motion for the three sets are presented. The
article concludes that there is a good consistency between the experimentally obtained
frequency and the numerical model. The sonic velocity test revealed that the masonry is of
solid quality. Once again, the transitional regions were identified as the most vulnerable
points once the minaret is exposed to seismic loading.

2. Historical Background of Tabačica Mosque

Traditional minarets in Bosnia and Herzegovina dating from the period of Ottoman
rule from the 15th to 19th century can be categorized into three groups or types. Type
I are stone masonry minarets of predominantly polygonal outer shape; type II are stone
masonry minarets of predominantly squared outer shape and type III are timber structured
minarets of polygonal outer shape [53]. The most representative and common type is the
type I which is the subject of the research presented in this paper. Minarets of this type in
Bosnia and Herzegovina are usually constructed with one balcony, as for the minaret in
Tabačica mosque (Figure 1a). The cross-section of this minaret is presented in Figure 1b.
Similar-looking minarets with more than one balcony also made of stone masonry may be
found in other historic areas of the Ottoman empire [54].

As far as it is known, 36 mosques and masjids were built in Mostar, and they typically
bear the names of their founders, except Tabačnica. It was built on the river Radobolja,
vaulted with two stone vaults, which is why it is known as “the mosque where the imam is
on dry land and the congregation is on water”. This mosque was built at the turn of the 16th
and 17th centuries at the request of Hadži-Kurt, representative of one of the oldest families
in Mostar. It is located on the right bank of the Neretva, about a hundred meters from
the Old Bridge, next to “Tabhana”, a neighborhood where leather was tanned, processed,
and sold.
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a  b  

Figure 1. Tabačica mosque in Mostar (a) Photo of the mosque from 2022 (author’s photo);
(b) cross-section of Tabačica minaret.

The Tabačica mosque is one of the most important monuments of Islamic sacred
architecture in Mostar. Its architecture differs in some details from the architecture of other
Mostar mosques. The architectural specificity was mostly influenced by the place and
environment in which it was built (Figure 1a). It is located directly in front of the “Tabhana”,
a leather processing complex, and was mostly visited by members belonging to that society.
In Bosnia and Herzegovina, leather tanners built mosques in front of “tabhanas” in five
cities (Sarajevo, Mostar, Banja Luka, Visoko, and Tešanj). The name Tabačica was derived
from “Tabhana”, and became so familiar to the people of Mostar that over time the name of
its founder was completely forgotten. It is said that eighty leather tanners used to worship
in it, which would speak of the number of the leather guild in Mostar. Towards the end of
Ottoman rule, the Tabačica mosque was repaired and painted inside by Hadji Arif Effendi
Kajtaz with his resources. The next conservation and restoration works were carried out in
1954. During the aggression against Bosnia and Herzegovina, the Tabačica mosque suffered
massive damage (Figures 2 and 3). The minaret was completely destroyed. The Tabačica
Mosque was reconstructed and re-equipped for prayer in 2000 [55].
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Figure 2. Demolished roof structure after a war [56]. Reproduced with permission from
CIDOM, 2022.

 

Figure 3. Demolished minaret in a war [57]. Reproduced with permission from Mufti Unit in Mostar,
Islamic Community in Bosnia and Herzegovina, 2022.

The minaret was reconstructed using the “Tenelija” stone extracted from the nearby
quarry. The present condition of the reconstructed minaret after 2000 is shown in Figure 1a.

2.1. Climate and Seismicity Investigation

In the period from 1858 to 2018, the average annual temperature in Mostar was 16 ◦C.
The warmest month of the year is July, with an average temperature of 26 ◦C, and the
coldest is January, with an average temperature of 5 ◦C. The highest precipitation is in
November and the lowest precipitation is in July, with a difference of 47 mm. The month
with the highest relative humidity is February (85%) and the lowest relative humidity
is August (62%). Mostar typically receives about 93.95 cm of precipitation and annually
has 141.13 rainy days. The average hourly wind speed in Mostar experiences significant
seasonal variation during the year. The direction of the wind varies over the year. The
wind blows for the majority of the year from the east, for two months from the south, and
less than two months from the north. In the period from 1990 to 2022, several earthquakes
occurred near Mostar. During past years in Mostar, moderate earthquakes with magnitude
5.0–5.9 on the Richter scale were observed. Several earthquakes had a magnitude in the
range of 4.0–4.9 on the Richter scale. The city of Mostar is located in a seismically active zone
with a peak ground acceleration (PGA) equal to 0.26 g for the return period of 475 years [58],
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and according to the calculations conducted by Ademović et al. [59], vulnerability of the
buildings in Mostar is very high.

During the visual inspection of the minaret, damage due to ascending and descending
moisture has been noted as illustrated in Figure 4a,b respectively. Several dead pigeons
were noted in the staircase of the minaret as once they entered the staircase, they were not
able to exit. The birds did not cause any damage to the structure and no threats by insects
were noted.

a  b  

Figure 4. (a) Ascending moisture and biological attack (author’s photo, 2023). (b) Descending
moisture (author’s photo, 2023).

There are no signs of damage on the minaret itself after the reconstruction except for
a minor biological attack at the bottom of the base (Figure 5). However, plaster spalling
on the side of the mosque building is visible along the vertical joint between the minaret
and the mosque building (Figure 6), which was not present shortly after the reconstruction
(Figure 7). The metal grounding rod runs vertically along the joint, which might have been
generating this damage over a period of 20 years.

 
Figure 5. Biological attack at the base of the minaret (author’s photo, 2023).
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a  b  

Figure 6. Plaster spalling along the vertical joint between the minaret and the mosque building (a)
view (author’s photo, 2023). (b) detail, (author’s photo, 2023).

 

Figure 7. Vertical joint between the minaret and the mosque building, no plaster spalling visible
shortly after reconstruction (author’s photo, 2020).

There are smaller damage impacts visible on the mosque building due to moisture
(Figure 4a) and biological attack (Figure 4b). There is damage to the stone roof slabs at the
eaves (Figure 8), and a vertical crack can be seen on the western façade of the attached shop
building (Figure 9).
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Figure 8. Damaged stone roof tiles at the southern eaves (author’s photo, 2023).

a  b  

Figure 9. Vertical crack at the western façade of the attached shop building: (a) view (author’s photo,
2023); (b) detail (author’s photo, 2023).

2.2. Geometry and Materials

A minaret is typically positioned at the right corner of the front façade. The base of
the minaret can be separated from the mosque and in this way have its own foundation, or
it can be built on the same foundations as the mosques. Regarding the minaret’s height,
several typical parts may be noted, moving upwards (Figure 1b) [60]:

• Part A: The base starts from the masonry footing which may be of polygonal or squared
shape. The inner space of the base may be either hollow or filled with rubble masonry
which depends on the starting height of the inner spiral staircase. This staircase is
supported by a self-forming central column and by the minaret’s outer wall.
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• Part B is the longest part of the minaret. It is the central shaft where the outer shape is
commonly a 12, 14, or 16-sided polygon and the inside is cylindrical.

• Part C is the balcony (in Turkish “sherefe”) located at the end of part B. At this location,
the inner spiral staircase ends.

• Part D is the upper shaft. It is above the balcony with a door opening providing the
exit to the balcony and is typically narrower than the central shaft.

The minaret ends with Part E which is a roofed part. It usually ends with a conical
hood made of copper, lead, or confined stone slabs supported by the timber structure.

The materials which were selected for the construction of minarets were usually
abundant in the local areas. Limestone ashlar was used for the construction of the mosque,
the minaret, and the spiral stairs. The base wall is typically constructed as a three-leaf
wall consisting of outer leaves made of ashlars and the inner core made of rubble stone
with hydrated lime. For the connection of the ashlars, hydrated lime with thin-layer joints
was used, while hydrated lime mortar with normal joints was used for the rubble stone.
Horizontal connection was done by iron cramps, which were fixed by the lead poured at
the upper side of blocks in previously prepared holes. Timber was used for the construction
of the hood structure and it was covered with copper or lead sheets, or with shaped stone
slabs, additionally confined with iron hoops.

Numerous structures in the Herzegovina region, are constructed of stone known as
“tenelija” or “miljevina”. A significant number of experiments were conducted in order to
determine the physical and mechanical properties of the “tenelija” stone due to its extensive
applicability in the past and in the reconstruction of the famous Stari Most (Old Bridge) in
Mostar [61]. Tenelija has been comprehensively investigated during the reconstruction of
Stari Most and Karagöz Bey Mosque in Mostar [61,62]. The minaret of the Tabačica mosque
was built from the same “tenelija” stone, from a quarry which is located in Mukoša near
Mostar. The “tenelija” stone is very easy to shape, which is why more elegant, delicate,
and refined buildings were built from it. However, due to its insufficient resistance to frost,
the use of “tenelija” in the exterior is limited to the Mediterranean climate [63]. Masonry
with “tenelija” is a tradition of the Mostar climate. During construction, “tenelija” can be
found in various forms: in blocks weighing several tons (arch of the Old Bridge—Stari Most
in Mostar), in smaller cubes and corners for building walls, cut slabs of various formats
for interior and exterior cladding, in broken pieces as filling of walls, in various forms of
tombstones, for columns and decorative masonry fences, and as a model stone for making
sculptures [64].

Microscopic investigation of “tenelija” and “mukoša” blocks from the Stari Most has
been conducted [65]. Besides the difference in texture and structure, these two domestic
stone varieties differ in their mineralogical, petrographic, and chemical composition [61].
The most significant feature of “tenelija” limestone is its oolite structure [66]. Utilizing a
scanning electron microscope (SEM) showed that “tenelija” stone is made of grain size up
to 0.2–0.5 mm, classifying it into the oosparit stone class. In “tenelija” ooids are somewhat
condensed and, in some places, there is a space between them [61].

For civil engineering applicability, the most important characteristics are physical
and mechanical. Physical parameters of interest include, but are not limited to, density,
open porosity, and water absorption, while mechanical properties of interest include, but
not limited to, uniaxial compressive strength (UCS), tensile strength, Poisson’s ratio, and
modulus of elasticity. Hahamović and Tufegdžić were the first researchers who tested the
“tenelija” stone from the Mostar’s Stari Most. The density that was obtained was of a rather
wide range, from 1700–2270 kg/m3, and 2070–2320 kg/m3, respectively [64]. After that,
the most important in situ and laboratory tests were carried out during the renovation of
the Stari Most in Mostar in the period from 1998 to 2002. Additional tests were performed
in various periods and for various purposes. Some of the results are presented in Table 1. It
should be noted that some tests were conducted in line with the ex-Yugoslavian standards
and others in line with the European standards. Additionally, some researchers used cube
samples and others cylinders, and the number of samples varied; thus, direct comparisons
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cannot be done. As can be seen, the results have a wide range. Some of the results are
presented here for an informative purpose so that the readers can get an idea about the
characteristics of this stone type.

Table 1. Test values of physical and mechanical characteristics of “tenelija” stone.

Tufegdžić
(1956) [64]

Hahamović
(1960) [64]

“LGA”
(2000) [62]

“IGH”
(2002) [67]

RGGF—Tuzla
[68]

“IGH”
(2016) [62]

Density
[g/cm3] 2.56–2.63 2.27–2.57 2.64–2.67 2.62 2.56 2.669–2.674

Unit weight
[kN/m3] 20.3–22.75 16.67–22.26 19.4–19.8 19.39 17.76–20.09 17.7–20.3

Compressive
strength [MPa] 30–48.8 12.9–57.1 11.0–45.1 32.86–45.0 21.5–23.2 18.5–27.2

Bending
strength [MPa] - - - - 4.82 4.1–6.27

Shear strength - - - -

angle of
internal friction

υ = 34◦
cohesion
c = 0 MPa

-

Modulus of
elasticity [MPa] - - 16,539–17,976 - 1636–5563 -

Poisson’s ratio - - 0.25 - - -

3. On-Site Experimental Investigations

Geophysical tests, as part of the site investigation at the location of the minaret of
the Tabačica mosque in Mostar, were carried out in July 2022 by Terra Compacta d.o.o.
from Zagreb. The main goal of the research was to determine the fundamental vibration
frequencies of the minaret and the surrounding soil using non-destructive methods and to
determine the qualitative parameters of the mosque wall (speed of propagation of P-waves
through the wall).

3.1. Determination of the Dynamic Characteristics

For the determination of the dynamic characteristics of the elaborated structure,
two methods were applied, the horizontal to vertical spectral ratio (HVSR) method and the
operational modal analysis (OMA). These parameters are necessary in order to calibrate
the numerical model. Besides being non-destructive methods, the data is collected under
the operational conditions of the structure.

The HVSR method was widely spread by Nakamura [69]; however, it was first devel-
oped by Nogoshi and Igarashi [70]. It is commonly used to estimate the resonant frequency
of sedimentary layers on top of bedrock, by means of gathering the subsurface data from
single station measurements by comparing the Fourier spectrum of horizontal components
to the vertical components. This ratio is a function of the frequency that will produce
the H/V curve. The biggest advantage of this method is the efficient estimation of the
frequency at which the effect of seismic amplification will occur, being independent of
input parameters. The method is almost independent of the source excitation and gives
results for both earthquakes and microseismic tremors. This method was initially used
by [69,71] to investigate the risk of seismicity in Japan. The usage of this method is limited
to structures.

According to Nakamura [69], the microseismic tremors measured at a location are
amplified by soft layers on a solid half-space. It is assumed that the horizontal components
of microtremors are amplified by multiple reflections of transverse (S) waves in the upper
soil layers, while the vertical component is amplified by multiple reflections of longitudinal
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(P) waves. It is assumed that P-wave amplification is not significant in the frequency range
of interest; this assumption is satisfied in most cases.

The transfer function ST of surface layers is usually defined by the Equation (1):

ST =
SHS

SHB
(1)

where SHS and SHB are the horizontal tremor spectrum on the surface of the soil and
the horizontal tremor spectrum incident from the substrate to surface layers (S—surface,
B—bedrock). According to Nakamura [69], the SHS spectrum can be affected by Rayleigh
waves propagating through the surface layers of the soil. The influence of Rayleigh waves
should also be visible in the vertical component of a microseismic tremor on the surface,
SVS, but it is not expected in the vertical component of a microseismic tremor at the level
of the bedrock (because Rayleigh waves exist in the layer above the half-space—bedrock),
SVB.

Assuming that the vertical component of motion is not amplified by surface layers,
Nakamura [69] suggests that the influence of Rayleigh waves can be written in the form:

ES =
SVS

SVB
. (2)

If there is no Rayleigh wave, then ES = 1. Assuming that the influence of Rayleigh
waves is equal for the vertical and horizontal components, Nakamura [69] suggests using a
more reliable transfer function, STT:

STT =
SHS/SVS

SHB/SVB
=

RS

RB
.ST =

SHS

SHB
(3)

RS and RB are the spectral ratios of the horizontal and vertical components of the
microseismic tremor at the surface (RS) and the bedrock level (RB).

It has been experimentally shown that RB ∼= 1 is valid for wide frequency ranges.
Therefore it follows that STT = RS. This means that the transfer function can be estimated
using only the tremor from the surface measurements; the vertical tremor on the surface
maintains the horizontal tremor’s parameters.

Empirical research has shown that the spectral spike that appears on the HVSR curves
is a very good estimate of the fundamental frequency of the location (soil or object) where
the microseismic tremor is measured. The amplitude of the curve, in contrast, cannot be
used as a measure of the seismic amplification of a site.

In the work conducted by Triwulan et al. [72], it has been stated that the HVSR method
is able to describe the geological parameters of the elaborated area, the building’s structural
characteristics and the correlation between them if the recording is done outside and inside
the building. By this kind of application, they obtained the values of the natural frequency,
the index of vulnerability, and the amplification factor. This means that the method may
provide information regarding two very important things: to determine how far apart are
the frequencies of the structure and the surface layer, and to determine the value of the
amplitude of this frequency.

Luo et al. [73] studied how subway trains impact the ambient noise in reinforced
concrete buildings. During the study, they were able to obtain information on the build-
ing’s eigenfrequency, the frequency that resulted from the train traffic near the elaborated
building, and the fundamental frequency of the area where the structure is built.

Pentaris [74] used the HVSR method to obtain the resonance frequency of movement
for two concrete buildings constructed of different materials and constructed in different
years. It was noted that with the age of the building and crack visibility there is an
increase in the values obtained by HVSR. As well, HVSR also indicated higher differential
acceleration from floor to floor and higher structural vulnerability. Results indicate that the
HVSR process using acceleration data proves to be an easy, cost-effective, and fast method
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for assessment of the fundamental frequency of structures; it also provides estimates on the
building’s vulnerability, as an assessment method for building vulnerability estimation.

On the other hand, operational modal analysis (OMA) is frequently used for the
determination of the natural frequencies, mode shapes, and damping of structures. In the
literature, several names are allocated to this method, from output-only modal analysis, and
ambient modal identification, to in-operation modal analysis [75]. Applying the enhanced
frequency domain decomposition (EFDD) method provides higher accuracy in relation to
the frequency domain decomposition (FDD). The EFDD is capable of estimating within a
high degree of accuracy the closely spaced modes [75]. OMA has been used by numerous
researchers for the determination of the dynamic characteristics of mosques and minarets.
For the determination of the dynamic features of the Küçük Fatih mosque in Trabzon before
and after the rehabilitation, the OMA was applied. After the strengthening, the structure
became more rigid, with an increase of the frequencies [76]. Nohutcu et al. [77] with the
application of OMA determined the frequency, damping ratios, and mode shapes of the
Hafsa Sultan mosque in Manisa. The difference between the OMA and numerical results
was up to 10% which was reduced in a stepwise manner by the reduction of the modulus
of elasticity in the FEM model and in this way the model was calibrated. Demir et al. [78]
improved the initial elasticity module of the historical Hafsa Sultan mosque by using the
OMA method; once the model was calibrated, the damage to the structure was represented
in a more accurate manner. Haciefendioğlu et al. [49] used OMA to determine how the
type of soil impacts the natural frequencies of the scaled reinforced concrete minaret.

At the location of the Tabačica mosque, the microseismic tremors were measured at
six locations within the minaret and the mosque, and the seventh was located in front
of the mosque outside the influence of the building. The measurement in the mosque is
marked as T-1. There were five measurements in the minaret, marked as T-2 at the base of
the minaret, T-3 at the 25th stair, T-4 at the 40th stair, T-5 at the 56th stair, and T-6 at the
70th stair. Measurement T-7 was taken in the ground in front of the mosque outside the
influence of the building (Figures 10 and 11).

 

Figure 10. Locations of microtremors from T-1 to T-7.
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Figure 11. Locations of microtremors from T-2 to T-6 in the minaret.

The measurements were performed with the equipment shown in Figure 12. The
Seismograph GEA24 16077, compact-sized with 24 channels, was used. It is suitable for
all applications and is very reliable. GEA24 can acquire data using geophones with any
resonance frequency (even 1 Hz). In this specific case, a three-component geophone with a
resonant frequency of 2 Hz was used.

 

Figure 12. Geophysical equipment for seismic surveys (author’s photo).

Two microtremor measurements were performed at each location. The recordings
were filtered with a low-pass filter that passes frequencies lower than 30 Hz. All three
components of a single record are divided into time windows of 60 s with a five percent
overlap, and the mean of the horizontal components is determined for each window;
the spectrum of the mean of the horizontal components is divided by the spectrum of
the vertical component. The results of individual windows are averaged. The resulting
curve was then smoothed using the Konnoi–Ohmachi function [79] in the software Geopsy,
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developed in the frame of the SESAME program (Site Effects assessment using Ambient
Excitations). The results are shown together with the standard deviations (dashed line in
Figure 13).

f = 6.17 Hz ± 0.83 
(floor of the mosque)

f = 5.96 Hz ± 0.29 
(base of the minaret)

f = 7.09 Hz ± 0.7 
(25th stair)

f = 5.75 Hz ± 0.58 
(40th stair)

 

f = 5.54 Hz ± 0.27 (56th stair) f = 5.51 Hz ± 0.20 (70th stair)
f = 1.22 Hz ± 0.21 (the 
ground in front of the 

mosque)

T-1 T-2 T-3 T-4 

T-5 T-6 T-7 

Figure 13. First frequency values using the HVSR method [80]. Reproduced with permission from
Terra Compacta, 2022.

Data were also elaborated by employing an OMA-specific analysis software [81],
relying both on time domain—UPC SSI—and frequency—sEFDD—based identification
methods. From the analyses carried out, there emerges a strict coupling of the bending
modes of the minaret. The first frequency of the minaret using the OMA method test results
was 1.85 Hz in all test setups (bending in the Y direction), very close to the second identified
frequency, equal to 1.91 Hz (bending in the X direction), while the second bendings were
found, respectively, at about 5.53 and 5.67 Hz. A supposed torsional mode was located at
7.40 Hz, and the successive coupled bending modes were identified at 9.20 (Y) and 9.40
(X) Hz, and again at 12.90 (Y) and 13.40 (X) Hz. Since no reference sensors were employed,
it is not possible to present the graphical depiction of the identified modes. Results are
reported as a graph in the frequency domain (Singular Value Decomposition—Figure 14)
and numerically in Table 2 The average damping values for F1 to F4 are consistent with
the level of vibration and are within the reported ranges under operational conditions as
defined in manuals for civil engineering and seismic design [82,83]. A significant value of
damping has been detected for the torsional mode indicating that it may be affected by
biases, as reported by Karatzetzou et al. [84].
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Figure 14. Singular value decomposition of the acquired data in positions T3 to T6.

Table 2. Eigenvalues and related damping derived from the acquisition configurations in the minaret
(T6 to T4).

T6 T5 T4 T3

EFDD UPC EFDD UPC EFDD UPC EFDD UPC

F1—1st bending Y 1.84 1.84 1.85 1.85 1.85 1.84 1.86 1.86
damping 1.62% 0.63% 1.72% 0.73% 1.99% 1.05% 2.03% 1.22%

F2—1st bending X 1.92 1.91 1.92 1.90 1.92 1.91 1.92 1.91
damping 1.76% 2.28% 1.64% 0.72% 1.60% 0.45% 1.65% 0.84%

F3—2nd bending Y 5.52 5.51 5.53 5.55 5.50 5.53 - - - - - -
damping 1.04% 0.73% 0.70% 1.47% 0.50% 3.49%

F4—2nd bending X 5.71 5.68 5.61 5.61 5.66 5.62 - - - - - -
damping 0.72% 1.11% 0.47% 1.16% 0.67% 2.16%

F5—torsion 7.33 - - - 7.41 - - - 7.44 - - - 7.49 7.54
damping 0.92% 1.31% 1.00% 0.94% 8.22%

F6—3rd bending Y 9.21 9.17 9.28 9.11 8.80 - - - - - - - - -
damping 1.23% 1.44% - - - 2.68%

F7—3rd bending X 9.46 9.37 9.38 9.31 9.33 - - - - - - - - -
damping 1.73% 2.49% 0.45% 2.30% 0.45%

F8—4th bending Y 12.89 12.83 13.14 - - - - - - - - - - - - - - -
damping 0.71% 3.06% 0.31%

F9—4th bending X 13.27 - - - 13.44 - - - 13.46 - - - - - - 13.31
damping 0.71% 0.46% 1.98% 6.93%

In addition to the values indicated in Figure 13, the resonance at approximately 1.93 Hz
is visible also in the HVSR curves at T-2, T-3, and T4. The first and second frequencies
according to the OMA method are 1.85 Hz and 1.91 Hz, respectively.

3.2. Sonic Pulse Velocity Test (SPVT)

The second test that was conducted was the sonic velocity test (SPVT). The SPVT is
based on measuring the travel time of elastic longitudinal P-waves (acoustic waves, “sonic
waves”) through a given material. The speed of acoustic waves is determined according
to the length of the path and the calculated propagation time of the wave. The obtained
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results provide useful information about the quality and consistency of the investigated
element. The speed is affected by the composition of the material as well as the presence
of substances, voids, and damage. It is a non-destructive method frequently used for
diagnosing existing masonry and evaluating the effectiveness of interventions.

As per Binda et al. [85], there are two aims for the implementation of the sonic tests in
masonry structures. Based on the morphology of the wall section it is possible to quantify
masonry, as well as locate cracks and determine the damage pattern. This method enables
the detection of voids and eventual flaws in the masonry. Once a structure is repaired, the
sonic tests provide information that can be used to check the effectiveness of the remedial
injection measures. The pulse sonic velocity is individual for each masonry typology and
no generalization is possible. These tests provide qualitative information and are combined
with other non-destructive tests and minor-destructive tests.

Sonic testing could not be performed on the walls of the minaret due to inaccessibility,
so the testing was performed on the wall of the mosque, which is built from the same
stone as the minaret and built in the same way as the base of the minaret. The testing was
carried out in a grid of 0.9 × 0.9 m, with 16 test micro-locations spaced at 30 cm along the
horizontal and vertical axis (Figure 15).

 
Figure 15. Gird of test micro-locations (sonic test).

The emission of acoustic waves was done with a rubber hammer. The hammer applies
an impulse on the surface of the wall and generates a sonic wave. The arrival times of
the P-waves were recorded on an accelerometer which is connected to the instrument
on the opposite side of the wall (Figures 16 and 17). This enables the transformation of
the mechanical energy into acoustic-vibration energy and enables the wave to propagate
through the material. A receiving sensor (monoaxial accelerometer) is responsible for
recording and transmitting to the acquisition system the response of the material to the
propagation of the signal in the section.

Evaluation of the characteristics of the walls of historic masonry buildings by using a
sonic pulse velocity method has been performed by numerous researchers, see, e.g., [86–90].

The results of the SPVT test are shown in Table 3 and Figure 18. The table contains
the serial numbers of the recording points with the associated digital record number; the
wall thickness in cm; X and Y coordinates of the position of initiating the elastic wave;
and recording with the accelerometer, propagation time, and calculated speed of P-wave
propagation through the wall.
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Figure 16. The emission of acoustic waves with a rubber hammer (outside) (author’s photo, 2022).

 

Figure 17. Receiving waves using an accelerometer (inside) (author’s photo, 2022).

Table 3. Results of the Sonic Pulse Velocity Test (SPVT) [80].

Point No. Record
Wall

Thickness
(cm)

x (cm) y (cm) dt (s) v (m/s)

1 164406 80 0 90 0.0016 5000.0

2 165409 80 30 90 0.0015 5333.3

3 165952 80 60 90 0.0017 4848.5

4 170605 80 90 90 0.0017 4705.9

5 171209 80 0 60 0.0017 4848.5

6 171921 80 30 60 0.0017 4705.9
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Table 3. Cont.

Point No. Record
Wall

Thickness
(cm)

x (cm) y (cm) dt (s) v (m/s)

7 172410 80 60 60 0.0016 4848.5

8 173031 80 90 60 0.0015 5333.3

9 173656 80 0 30 0.0017 4705.9

10 174133 80 30 30 0.0019 4102.6

11 174701 80 60 30 0.0017 4705.9

12 175107 80 90 30 0.0021 3809.5

13 175610 80 0 0 0.0017 4571.4

14 180020 80 30 0 0.0019 4210.5

15 180456 80 60 0 0.0018 4444.4

16 180859 80 90 0 0.0019 4210.5

 

Figure 18. Distribution of P-wave propagation velocities through the tested wall of the minaret in the
Tabačica mosque [80]. Reproduced with permission from Terra Compacta, 2022.

Figure 18 shows the distribution of P-wave propagation speeds through the examined
wall. Velocity values are approximately in the range of 3800 to 5300 m/s, which indicates
the high compactness and quality of the wall. Slightly lower velocities (3800 to 4500 m/s)
were found in the first half of the wall (from the height Y = 0 to about 50 cm), which
indicates that sporadic, localized discontinuities are possible in that part of the wall, or that
the lower part of the wall is made of material with different characteristics.

4. Nonlinear Dynamic Structural Analysis

In this specific case, it was decided to use the nonlinear model that is based on AEM, a
derivative of the FEM and DEM which is utilized in the Extreme Loading for Structures
(ELS) software. With this software, it is possible to study the behavior of structures through
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the continuum phase and the discrete phase of loading, which is of the utmost importance
when the structure collapses. Seismic assessment of existing structures using ELS software
was done by several researchers [27,91–93].

In AEM, along their connecting surfaces, the elements are connected with a set of
normal and shear springs that are responsible for the transfer of normal and shear stresses
among adjacent elements. Each spring denotes stresses and deformations of a certain vol-
ume of material. Two elements are separated from each other if the springs connecting them
are broken (failed). In AEM, elements may automatically be separated, re-contacted, or con-
tacted with other elements. When elements are connected with the contact springs at contact
points, different types of element contact can be formulated as shown in Figure 19a,b [27].

 
 

(a) (b) 

Figure 19. (a) Corner-to-face or corner-to-ground contact [27]; (b) Edge-to-edge contact [27]. Repro-
duced with permission from Salem, H. 2022.

The AEM is found to be much more user-friendly for modeling solid elements for
non-linear structural analysis than the FEM. First of all, nodal completability is not needed
which makes meshing much easier. AEM connects elements through springs which are
located between the solid elements. There is no need for an a priori definition of hinge
locations. This means that the AEM gives the plastic hinges as results and not as input data.
Modeling of masonry units is very easy and all types of masonry patterns and mortar joints
can be implemented. This technology allows modeling of the existing structures with true
detailing of connections. This includes applying weakening at sections with existing cracks
(crack width and custom shapes of cracks). Due to all the above, it was decided that the
AEM is the most representative numerical tool for this research.

4.1. Description of the Structural Model

The minaret of Tabačica mosque was modeled as a stand-alone structure. According to
earlier research by Karatzetzou et al. [84] analyzing the dynamic properties of the Suleiman
Mosque in the city of Rhodes in Greece, it was concluded that there were no significant
changes in the frequency values between the model of the minaret only and the model of
the minaret together with the mosque.

The minaret is made of stone elements which are disseized by the number of small
elements connected with mortar springs at the interface between the elements. For the
units, the principal stress failure criterion is implemented while Mohr–Coulomb’s friction
model with tension cut-off is used to represent the interface behavior with mortar. The
shear behavior in the tensile regime is represented through the softening regime once the
cohesion is lost and debonding takes place. The elements are connected by the strings and
the constitutive properties of the area material in the particular area of the representations
are formulated in these springs. Frequencies were extracted from a linear model, while the
material nonlinearity was taken into account in the time-history analysis.

The minaret of Tabačica was modeled in ELS software [94] and it has a total of 23,302
quadrilateral elements and 1,856,800 springs. The exact dimensions were determined by
on-site measurements of the minaret. The 3D models developed in the ELS software are
shown in Figure 20. The stairs were taken into account in the model and drawn together
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with the outer wall to avoid possible problems in the mesh creation and intersection. The
mechanical properties of the minaret are shown in Table 4.

  

Figure 20. 3D minaret models in ELS software.

Table 4. Mechanical properties of the minaret.

Mechanical Properties Value [MPa]

Compressive strength 3.66
Tensile strength 0.366

Modulus of elasticity 3660
Poisson’s ratio 0.25

The natural frequencies of a structure are obtained as the result of modal analysis and
are presented in Table 5.

Table 5. Modal analysis results of the minaret model.

Mode
Frequency

(Hz)
Period (s)

Mass Participation
(X)%

Mass
Participation

(Y)%

Total Mass
Participation

(X)%

Total Mass
Participation

(Y)%

1 1.96 0.509 0.02 45.91 0.02 45.91
2 2.12 0.498 45.66 0.02 45.68 45.93
3 4.45 0.225 0 25.87 45.68 71.80
4 4.55 0.220 26.86 0 72.54 71.80
5 6.58 0.152 0.05 0 72.59 71.80

The first period obtained for the minaret of the Tabačica mosque is compared with
the values obtained by four empirical formulas as suggested in the literature [95–100]. The
empirical formulas are shown in Table 6 and it can be concluded that the first period of the
minaret is in good agreement with the empirical formulas provided in the literature.
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Table 6. Empirical formulas for calculating the period of vibration.

Empirical Formula
Period of Oscillation

Minaret
Description References

T1 = Ct·H0.75 T1 = 0.544 Ct = 0.05;
H: total height [95–97]

f1 = Y·(H/B)−z T1 = 0.932 Y = 8.03; z = 0.86 [98]

T1 = 0.0187·H T1 = 0.450 H: total height [99]

T1 = 0.01137·H1.138 T1 = 0.425 H: total height [100]

The largest difference between the experimental and numerical frequencies is about
9.54% for the first five modes (Table 7), which can be considered acceptable.

Table 7. Comparison between experimental frequencies and frequencies of the AEM model.

Frequency [Hz]
Vibration m Ode

1 2 3 4 5

Experimental (OMA
method) 1.85 1.91 5.53 5.67 7.40

AEM model 1.93 2.04 5.32 5.40 8.18

ε [%] 4.14 6.37 3.95 5 9.54

The mode shapes obtained from the analysis in the software ELS of the minaret are
shown in Figure 21. The first four mode shapes are longitudinal, but in the fifth mode,
torsion has occurred, as can be seen in Figure 21. In the work done by Işık et al. [44],
Işık et al. [45], and Mutlu and Sahin [34], the fifth mode was torsional as well. Ural and
Çelik [101] investigated the seismic behavior of seven single balcony minarets. In this
case as well, the fifth mode was one of torsion. Interestingly, the analysis of five timber
minarets investigated by Bağbancı et al. [42] revealed the torsional mode as the fifth mode.
In the work of Altiok and Demir [50] the torsional mode was identified as the sixth. For
the reinforced concrete minaret, located in Islamabad, the dominant-torsional was also
identified in the fifth position [51].

    
Mode 1 Mode 2 Mode 3 Mode 4 Mode 5 

Figure 21. Mode shapes for the first five modes.
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4.2. Non-Linear Time History Analysis

In the nonlinear analysis of the earthquake records, two main approaches for the
generation of an accelerogram can be used; real earthquake records or synthetic (artificial
accelerograms). Very often artificial accelerograms are used for numerical simulations and
the same will be applied in this case. According to Eurocode 8 [102], several requirements
have to be fulfilled for seismic analysis. It is necessary to use at least three accelerograms
and the same accelerogram cannot be implemented at the same time in both horizontal
directions. In the case when site-specific data are not available, the minimum duration of
the stationary part of the accelerograms (Ts) should be 10 s, which is the case here as well.

The artificial acceleration records were used to determine the seismic resistance of the
Tabačica mosque minaret. According to the National Annex of Bosnia and Herzegovina [58]
and the accompanying interactive seismic map of Bosnia and Herzegovina, the peak ground
acceleration (PGA) for Mostar is 0.26 g for the return period of 475 years. Taking this data
into account, together with the soil type B and 5% damping, three sets of three artificial
accelerograms were obtained as presented in Figure 22. An example of the artificial
accelerograms are applied for X, Y, and Z directions.

(a) 

(b) 

Figure 22. Cont.
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(c) 

Figure 22. (a) Accelerogram in the X direction. (b) Accelerogram in the Y direction. (c) Accelerogram
in the Z direction.

Nonlinear analysis of the minaret under the first set of accelerograms shows that the
maximum lateral displacement values are 16.2 cm and 15.3 cm in the X and Y directions,
respectively (Figure 23 a and b). The total response of the structure is the highest in the
range from around 2.5 s to 6 s. It is interesting to note that in the range from eight to 15 s,
there is a reduction of the displacement, and then at 15 s the displacement reaches the value
of 9.02 cm.

The critical maximum and minimum principal stress contours under the earthquake
ground motion are presented in Figure 24 a and b respectively.

Analyzing the distribution of the principal stresses, maximum and minimum principal
stresses occurred in the same location, above the transition from the base to the shaft, and
were obtained as 2.186 MPa and 1.706 MPa, respectively (Figure 24a,b). The concentra-
tion of stresses is located at the contact of the base and the shaft (transitional region) as
indicated in [95], which is usually the location where the failure of the minaret is to be
expected [54,103–105].

  
(a) (b) 

Figure 23. Cont.
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(c) 

Figure 23. (a) Maximum displacement in the X direction [m]. (b) Maximum displacement in the Y
direction [m]. (c) Total displacement of the top minaret element during the earthquake.

(a) (b) 

Figure 24. (a) Maximum principal stresses [kgf/m2]. (b) Minimum principal stresses [kgf/m2].

The time histories of total displacements above the transition from the base to the shaft
(Figure 25a) are presented in Figure 25b. The largest value of the displacement is 0.0164 cm
at 4.81 s. The same response pattern is observed in the case of the top displacement of the
minaret. Formation of the horizontal crack is observed at the transition from the base to the
shaft (Figure 25c).
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(a) (b) 

 
(c) 

Figure 25. (a) Location at the transition from the base to the shaft. (b) Total displacements above the
transition from the base to the shaft. (c) Horizontal crack.

The total displacement of the top minaret element during the two other artificial
accelerograms is shown in Figure 26a,b.

(a) 

(b) 

Figure 26. Total displacement of the top minaret element during (a) the second artificial accelerogram
earthquake; (b) the third artificial accelerogram earthquake.
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For the second set of accelerograms, slightly lower values are obtained. The maximum
lateral displacement value for the X direction is 15.1 cm and 15.2 cm for the Y direction. For
the third set of accelerograms, similar values are obtained as for the first set, except that
the displacement in the Y direction is higher than the displacement in the X direction. The
maximum lateral displacement value for the X direction is 15.7 cm and 16.1 cm for the Y
direction. Maximum X and Y displacements for all three sets of accelerograms are shown
in Table 8.

Table 8. Comparison of the maximum displacements for all three sets of the accelerograms.

Maximum Displacement Set 1 Set 2 Set 3

X direction [cm] 16.2 15.1 15.7

Y direction [cm] 15.3 15.2 16.1

The values of principal stresses for the second and third sets are shown in Table 9.
The concentration of stresses is located at the contact of the base and the shaft (transitional
region).

Table 9. Comparison of the maximum and minimum principal stresses for all three sets of the
accelerograms.

Principal Stresses Set 1 Set 2 Set 3

Maximum [MPa] 2.186 1.911 2.311

Minimum [MPa] 1.706 1.476 1.888

In the aftermath of the 1999 Duzce/Bolu earthquake, Doğangün et al. [54] reported the
collapse of two more than 500-years old minarets at the location of the transition segments
due to extreme values of tensile stresses at these locations. Çaktı et al. [33] identified three
zones with potential excessive deformation and stresses. Two locations were identified
in the transition segments and the third location was identified at the mid-height of the
body. The concentration of the tensile stresses was noted in the transition zone between
the square base and the circular section. The maximum tensile stress values were in the
range of 2.17 MPa to 10.46 MPa, which was significantly above the tensile strength of the
minarets (around 0.4 MPa) [101]. The same location of the damage was determined by
Döven et al. [36]. In the aftermath of the 2020 earthquake that hit the Sivrice district of
Elazig city, damage was noted on the transition section in several minarets [47], as well as
propagation of cracks and in some cases even collapse in the cone section and cracks in the
pulpit section were detected. Transition zones, as one of the most vulnerable regions, were
also identified by Altiok and Demir [50] in their study of one of the most famous minarets
in Turkey, the minaret of the Lala Mehmet Pasha Mosque. During the detailed elaboration
and assessment of the Ulu Mosque’s minaret, Işık et al. [45] identified the concentration of
stresses at the location of the balcony and the connection of the squared base and circular
body of the minaret. It was interesting to note that the obtained stresses once the structure
was exposed to earthquake actions were, as per new Turkish regulations, lower than the
allowable Bilitis stone’s strength.

This may be connected to the change in the cross-section and the difference in the
stiffness. Additionally, the second concentration is located at the second transition zone
where the balcony is located, as found by [95]. It is likely that under much stronger
earthquakes, the minaret will be significantly damaged in the transitional region.

5. Conclusions

The first frequency of the minaret obtained by the ambient vibration test is 1.85 Hz, and
the one obtained by the modal analysis is 1.96 Hz. There are also four empirical formulas
for calculating the first period of vibration for slender structures. It may be concluded
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that there is a good match between the results of the on-site investigation and the modal
analysis. For the first time, two methods were used for the determination of the eigen
frequency, the horizontal-to-vertical spectral ratio (HVSR) method and the operational
modal analysis (OMA). However, there is a need for fine calibration of the model in order
to get the results even closer to those obtained by on-site investigation. In this connection,
it is necessary to perform the parametric analysis to determine the influence of certain
factors. These factors may include material properties, connection joints, attachment of
the minaret to the mosque building, foundation soil, etc. It has been indicated that there
is a good agreement between the different methods utilized for the determination of the
dynamic characteristics.

The on-site investigation included a qualitative assessment of the three-leaf masonry
wall of the mosque building by sonic pulse velocity test. Obtained velocities between 3800
and 5300 m/s indicate a solid quality of the masonry wall which is similar to the one at the
base of the minaret.

The nonlinear analysis of three sets of accelerograms revealed and confirmed once
again the weak point of the minaret being the transitional regions, the location where
geometry changes from a rectangular to a circular shape, and the location of the balcony.
Above the transition from the base to the shaft, for all three sets of accelerograms, a
horizontal crack appears after the earthquake. Under stronger earthquakes, this crack
would widen and other cracks would appear, which potentially would lead to the collapse
of the minaret. Tabačica minaret is vulnerable to earthquakes of moderate intensity due to
its slenderness and material characteristics.

The elegant pencil-shaped minarets built in classical Ottoman style are susceptible to
damage by moderate earthquakes due to their particular geometry and height, in addition
to the deterioration of their construction materials as a result of the aging process and
environmental conditions.

In addition to the aforementioned parametric analysis, further work on the subject
should comprise the structural analysis for stronger seismic excitation with vanishing
tensile strength of masonry. Special care regarding the possible change of the structural
system should be taken in case the strengthening of the minaret is considered.
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54. Doğangün, A.; Sezen, H.; Tuluk, Ö.İ.; Livaoğlu, R.; Acar, R. Traditional Turkish masonry monumental structures and their
earthquake response. Int. J. Archit. Herit. 2007, 1, 251–271. [CrossRef]
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Abstract: After a long period of no excessive ground shaking in Croatia and the region of ex-
Yugoslavia, an earthquake that woke up the entire region was the one that shook Croatia on
22 March 2020. More than 25,000 buildings were severely damaged. A process of reconstruc-
tion and strengthening of existing damaged buildings is underway. This paper presents proposed
strengthening measures to be conducted on a cultural-historical building located in the city of Zagreb,
which is under protection and located in zone A. After a detailed visual inspection and on-site
experimental investigations, modeling of the existing and strengthened structure was performed in
3Muri. It is an old unreinforced masonry building typical not only for this region but for relevant
parts of Europe (north, central, and east). The aim was to strengthen the building to Level 3 while
respecting the ICOMOS recommendations and Venice Charter. Some non-completely conservative
concessions had to be made, to fully retrofit the building as requested. The structural strengthening
consisted of a series of organic interventions relying on—in the weakest direction—a new steel frame,
new steel-ring frames, and FRCM materials, besides fillings the cracks. Such intervention resulted in
increasing the ultimate load in the X and Y directions, respectively, more than 650 and 175% with
reference to the unstrengthened structure. Good consistency was obtained between the numerical
modeling, visual inspection, and on-site testing.

Keywords: masonry cultural heritage building; strengthening; pushover analysis; FRCM; 3MURI;
earthquake; Venice Charter; ICOMOS recommendations; ambient testing; numerical modeling

1. Introduction

Earthquakes are one of the natural hazards which can have a dreadful influence on ex-
isting buildings, population, economy, and community as a whole. Multiple consequences
of the ground shaking can lead to the devastation of complete districts and even some
small villages can be completely erased by destructive earthquakes, such as the case of
the village of Onna in Italy in 2009. On 22 March 2020, around half past seven in the
morning, an earthquake woke up the citizens of Zagreb. The earthquake was of magnitude
ML = 5.5, Mw = 5.3, and the intensity in the Zagreb Metropolitan area was measured as
VII-VIII according to the Medvedev–Sponheuer–Karnik scale [1]. Additionally, the fact
that this was a shallow earthquake having a depth of only 10 km influenced the degree
of the building’s damage. The measured peak ground acceleration (PGA) for the leading
North-South direction was 0.22 g [2]. This main shock was followed by numerous after-
shocks and the ground continued to shake for several months. It was 142 years before that
Zagreb was shaken by an earthquake, known as the Great Zagreb earthquake, with an
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estimated magnitude (ML = 6.3) [3], according to macroseismic observations, which had
caused tremendous damage. In the building’s assessment report, it was stated that 1758 res-
idential buildings were damaged and out of that 27.6% were heavily damaged (Figure 1a).
Numerous buildings of various usage (residential buildings, public buildings, medical
facilities, historical monuments, etc.) were damaged by the 2020 Zagreb earthquake, having
different levels of damage from minor damage to severe damage, and even partial collapse
of buildings (Figure 1b). The most affected area was in the vicinity of the epicenter, the
Lower Town of the city of Zagreb, constituted of cultural heritage buildings. Additionally,
buildings constructed in the late 19th and 20th centuries, mainly unreinforced masonry
structures were damaged to a great extent. It is estimated that up to 25,000 buildings were
affected by this earthquake. Luckily, not many human fatalities were registered (one human
life was lost) and this can be connected to the COVID-19 restrictions at that time.

  
(a) (b) 

Figure 1. Building devastation after: (a) 1880 Zagreb earthquake [4] Reproduced with permission
from Zagreb City Museum, 2022.; (b) 2020 Zagreb earthquake (author’s figures).

Based on the available statistical census data [5], the percentage of dwellings con-
structed before 1945 was 13.3%, from 1946 to 1970 was 29.1%, from 1971 to 1980 was
22.1%, from 1981 to 1990 was 16.8%, from 1991 to 2005 was 13.6%, and after 2006 was 5.1%.
The first group can be subcategorized into a period before 1919 (7.63%) and from 1919 to
1945 (5.78%). The categorization of building according to construction age (six groups) is
connected with the introduction, revision, and upgrading of seismic codes in ex-Yugoslavia
which were applied to Bosnia and Herzegovina [6], Croatia, and other ex-Yugoslavian
Republics. For the city of Zagreb, a very similar trend is observed for certain construction
periods (13.3%; 30.4%; 17.8%; 14.7%; 15.2; and 8.8%, respectively) [7]. Unreinforced ma-
sonry structures (URM) mainly constructed between 1860 and 1920 make up the historical
cores of Croatian cities, so does the city of Zagreb as well, where this percentage is 3.9. It
was all until 1920 that the floors were made with timber flexible floors which were not well
connected to the walls and the connection of the wall was poor and inadequate. Buildings
constructed until 1948 were built during the period when there were no standards regard-
ing seismic actions in this region. The first official document which had minimum seismic
requirements was the PTP2 (1948) [8], having no limitation on the height of the various
masonry building, which would be modified in 1964 regulations PTP-GuSP64 [9].

During the 19th century, the material which was mainly used for construction was
adobe, stone, brick, timber, and steel profiles to a minimum extent. Family buildings
(an example of the considered case study) in this period (until 1920) were constructed as
URM structures with wooden floors, except for the basement ceilings which were very
often constructed with iron beams and segmental brick vaults. This is the case as well
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for residential multistorey buildings. These structures usually have an adequate load-
bearing capacity for standard loads except for seismic loads. It was in 1930 that the timber
floors were starting to be replaced by the semi-prefabricated ribbed reinforced concrete
floor, having a concrete layer of around 6.5 cm which could be considered as a rigid
diaphragm [10]. Buildings with rigid floors had a smaller level of damage compared
to the ones with wooden floors. After II World War, until 1964, monolithic reinforced
concrete floors started to be introduced in the building’s construction. After the 1963 Skopje
earthquake, confined masonry was massively implemented in this region. This was as well
an era of construction of residential buildings made of reinforced concrete load-bearing
systems in line with the regulations for 1964 and then later stricter regulation regarding
seismic actions enforced in 1981 after the 1979 Montenegro earthquake. Eurocodes were
introduced in a step-by-step sequence firstly having a pre-standard status for the duration
of 6 years (1992–1998) and then with a full EN label from 1998. The final implementation of
Eurocode standards started in 2005 [7].

After the 2020 Zagreb earthquake, it was necessary to collect information about the
type and level of damage. As there were no post-earthquake forms for Croatia, it was
decided to use the Italian forms and adjust them to Croatia [11]. After conducting the
preliminary inspection, each inspected building was marked with the appropriate color
and label. Buildings were categorized into three usability categories marked with three
colors. The green color indicated that the building is usable either with limitations (U1)
or with recommendations (U2). Buildings marked with a yellow sticker indicated that
they are temporarily unusable: either that a detailed inspection is required (PN1) or that
short-term countermeasures are required (PN2). Unusable buildings either due to external
risk (N1) or due to damage (N2) were marked with red color.

Several papers have been published regarding the rehabilitation of damaged buildings
after the 2020 Zagreb earthquake. One building of the infantry barrack of Prince Rudolf
(built from 1887 to 1889) located in the Lower Town of the city of Zagreb was researched
by [12]. It is listed as one of the Protected Cultural Heritage buildings being located within
the A protection zone of the Historical and Urban Entity of the city of Zagreb. The building
is representative of a typical URM structure, where the load-bearing walls are made of
Austro-Hungarian solid bricks of the old standard (14 × 6.5 × 29 cm). The thickness of
the walls reduces from the basement to the upper floors. The ceiling floor is made of a
brick vault while the other floors are made of wooden and steel beams. In order to increase
the capacity of the brick load-bearing walls, fibre reinforced cementitious matrix (FRCM)
strengthening system or concrete jacketing was proposed. Additionally, the removal of
brick partition walls was proposed and replacement with a drywall system. In order to
increase the stiffness of the wooden floors, a thin reinforced concrete compression slab
was proposed [12]. Moreover, two additional strengthening ideas proposed a new steel
equivalent system and seismic isolation. A step further was conducted in [13], where three
possible ways of strengthening a URM structure used for education purposes built in the
19th century were elaborated. Strengthening was proposed solely by FRCM, shotcrete,
and then their combination. The analyses were implemented through the application of
the static nonlinear method in 3Muri software. Besides the increase of the load-bearing
capacity, the estimation of the expected cost and environmental impact of each proposed
remedial measure was investigated. The lowest cost and the highest capacity increase
were obtained for strengthening the structure with shotcrete; however, its application was
proven to be too invasive for cultural heritage structures [13]. The FRCM system had a
much smaller emission of CO2 than the shotcrete application.

A remarkable building located at Matice Hrvatske 2 Street in Zagreb, identified as
one of the most significant structures in the whole of Croatia [14], was investigated in the
paper [15]. The building was constructed in 1887 and during its life, several adaptations
were conducted. It is an L-shaped corner building within an old masonry building block.
The vertical loadbearing system is composed of Austro-Hungarian solid bricks connected
with lime mortar. This structure is as well under heritage protection. The building was
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modeled as a stand-alone structure due to a lack of information regarding the adjacent
buildings. Good consistency was obtained between the modeling and the noted damage
after the 2020 Zagreb earthquake.

Our paper is structured in the way that in Section 2 a description of the methodology
which has been applied is briefly explained and discussed. The intention was to emphasize
the importance of the application of the ICOMOS recommendations [16] and the principles
of the Venice Charter when reconstructing buildings of cultural heritage. Section 3 is
dedicated to the selected case study building Ribnjak 44, a building located within the
protection zone “A”. The section opens with the historical information which was obtained
about the buildings, and the defined classification of the building after the 2020 Zagreb
earthquake according to the EMS-98 classification. In Section 3.3, a detailed explanation is
provided about the conducted visual inspection of the buildings and crack pattern survey.
Once the visual inspection was conducted, it was necessary to make on-site investigations
and perform tests required for the determination of the in-situ compressive stress level
as well as deformability characteristics of masonry (modulus of elasticity) and dynamic
characteristics of the structure (Section 3.4). Section 4 is dedicated to the modeling of the
existing structure, taking into account all the data provided in the previous sections. The
nonlinear static analysis (pushover analysis) was performed in the 3Muri software. Once
the results were obtained, it was concluded that the structure does not possess adequate
capacity, requiring it to be strengthened. This leads to Section 5 which elaborates on various
strengthening procedures and their modeling in the 3Muri software. An adequate choice
of various strengthening procedures had to be selected in order to follow and respect the
recommendations regarding material compatibility with existing materials, application
of reversible methods as much as possible, and methods that are least invasive and most
compatible with heritage values, matching the need for safety and durability. Section 6
compares the results of the unstrengthened and strengthened structure and indicates
the effectiveness of the strengthening techniques. The paper closes with a conclusion
and provides several recommendations and explains the contributions of the research to
knowledge in the European context. It indicates some encountered challenges and provides
suggestions on how to overcome these issues.

2. Applied Methodology

In order to propose and design a suitable intervention and strengthen the existing
buildings, proper investigation and diagnosis are the key factors. The importance of investi-
gations for the determination of structural diagnosis (including historical aspects, materials,
and structures) is emphasized in the Venice Charter (1964). Investigations must take into
account a variety of different aspects including the typology of the building, the type of
masonry elements, connections between elements, characteristics of materials, etc. Each
structure has unique characteristics and the investigations must be planned and executed to
ensure that an adequate understanding of the structure is obtained [17]. The methodology
can be divided into two phases. In the first phase, it is necessary to gather as much informa-
tion as possible regarding the structure (historical information, description of the building,
survey and description of the damage pattern, and in-situ and laboratory experimental
tests). The second phase is devoted to the numerical analysis where it is necessary to select
what is the most effective modeling type (block-based models, continuum homogeneous
models, geometry-based models, or equivalent frame models) and type of analysis (linear
or nonlinear). Once numerical modeling is conducted, based on the obtained results it is
necessary to determine appropriate interventions for strengthening the structure. The use
of this phased multidisciplinary procedure is essential for an in-depth understanding of
structures. This kind of analysis allows the performance of knowledge-based structural
analysis and thus defines with more confidence the strengthening interventions. It can as
well prevent the execution of intrusive repair works. Its application gains special interest
when structures are located in areas with high seismic risk [18].
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ICOMOS [16] has published and approved the Recommendations for the Analysis,
Conservation and Structural Restoration of Architectural Heritage. To make a decision
regarding which remedial measures will be selected and applied, it is required to apply a
methodology (Figure 2) which is an iterative process between the tasks of data acquisition,
structural behavior, and diagnosis and safety [19]. The correct interpretation of the diagno-
sis and safety from a qualitative and quantitate perspective is of the utmost importance as
it will lead to the type and degree of remedial measures.

Figure 2. Flowchart with the methodology for structural interventions proposed by [16,19]. Repro-
duced with permission from Lourenço, P.B., 2022.

Comprehensive and in-depth knowledge of the structure and material characteristics,
state of damage, and crack pattern with the causes is a prerequisite for adequate and
correct rehabilitation of the structure. It is only once an accurate diagnosis of the structure’s
damage stated has been determined that adequate prevention and rehabilitation measures
can be effectively conducted. Incorrect diagnosis may lead to inadequate strengthening rec-
ommendations, which may be more harmful [20]. This methodology has been used for the
assessment of several buildings [17,19,21–26]. The research conducted by Ademović [17]
and Ademović et al. [21] applied this methodology in the seismic assessment of a typical
residential building constructed in Sarajevo (Bosnia and Herzegovina) in 1957. Iterative
procedure in the view of various strengthening procedures was investigated in [22]. In this
work, three strengthening proposals were given: the addition of new walls, the addition
of new walls and a tie, and the addition of new wall and fiber reinforced polymers (FRP)
on the ground floor. It was noted that the inclusion of ties provides a higher capacity of
the global structure in relation to the strengthening by FRP. However, this did not solve
the issue of localized damage on the ground floor, which was fixed with the inclusion
of FRP. The mode of failure transformed from shear failure to bending damage, being a
more tolerable failure mode for masonry structures. The recommended iterative process
proposed in the ICOMOS methodology was implemented for the assessment of the his-
torical structures of the Monastery of Jerónimos in Lisbon [19]. From the gathered results,
it was proposed to conduct additional on-site experimental investigations and additional
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monitoring. This is all with the goal to obtain as much information as possible that leads
to the application of the least invasive and most adequate strengthening measures. It
has been emphasized that a correct and adequate choice of strengthening methodology
and techniques in cultural heritage buildings requires an iterative approach. In [23], the
Cathedral of Porto dating back to the middle of the 12th century was investigated. The
absence of a suitable preliminary diagnosis was recouped with excessive multidisciplinary
activity during the execution period. The work conducted by Lourenço et al. [24] presents
all the above-mentioned steps for a building from the 1930s. The case study highlights the
importance of suitable methodologies that allow a clear understanding of the behavior
of complex structures; correct assessment of the need for structural strengthening; and
analysis of the economic implications of different strengthening interventions in the spe-
cific case. The instrumental case of Julianos Church in Umm el-Jimal [25] elaborates on
the influence of the local construction material and techniques that have been used for
construction on the arrangement of complex roofing structures. The data obtained from
comprehensive historical research is combined with structural engineering reconstruction
leading to the generation of 2D and 3D digital reconstruction models. The archaeological
complex of “Chokepukio” in Cusco and the church “San Pedro Apostol de Andahuaylillas”
were assessed in the same city [26] with the application of a modern scientific approach or-
ganized in an iterative manner and phases. Combining aerial photogrammetry with in-situ
operational modal analysis and IR thermography is beneficial as more precise information
is obtained regarding geometry, material, and state-of-damage. This information is then
used as input data for numerical modeling. In this specific case, equivalent static nonlinear
analyses were conducted. The obtained failure patterns interpreted correctly can lead to
less invasive strengthening interventions [26].

3. Case Study-Building in the Street Ribnjak

The building considered as a case study in this paper is located on the eastern side
of Ribnjak street in Zagreb, in a building row. It was constructed at the end of 1904. In
1904, the cluster construction method was prescribed, together with semi-open and open-
mode construction [27]. This residential building (Ribnjak 44) is located in the area of the
protection zone of the cultural property of the Republic of Croatia, within the area of the
cultural-historical complex of the city of Zagreb, Protection Zone—A (Figure 3a). This zone
represents an area of extremely well-preserved and particularly valuable historical struc-
tures. By valorization, the protection zone ‘A’ has been established for urban settlements or
their parts with pronounced urban-architectural, cultural-historical, landscape, or ambient
values of emphasized significance for the narrower and wider picture of the city, with a
preserved architectural structure of high monumental value. It is interesting to mention
that the famous Villa Peroš is located at Ribnjak 46 which belongs to the built structure “in
the group”, which together with the buildings at house number 42 and 44 forms a series
of one-story houses in accordance with the so-called cluster construction method. This
represents a transitional form from the closed (Lower Town block) to the open way of
building in the northern areas. More details about the history of Villa Peroš and damage
after the 2020 Zagreb earthquake can be found in [28].

A complete preservation procedure of the historic urban structure, spatial and land-
scape features, and individual buildings are applied in this zone [29]. The register of all
cultural assets that have been damaged in the Zagreb 2020 earthquake in the protection
zone area A is shown in Figure 3b.
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(a) 

 
(b) 

Figure 3. (a) Location of the elaborated building—Zone A; (b) register of cultural assets-damages in a
plan. Data source: Geoportal of cultural assets, Ministry of culture and media, 2020. Prepared for the
needs of the complete reconstruction of the historical urban area of the city of Zagreb—authors of the
study, Urban model of the reconstruction, Faculty of Architecture—Department of Urban Planning,
Spatial Planning and Landscape Architecture [30]. Reproduced with permission from Institute for
Spatial Planning of the City of Zagreb, Program cjelovite obnove povijesne urbane cjeline grada
Zagreba, prijedlog za javnu raspravu 22_ožujak 2022, 2022.

3.1. Historic Information

As the building under investigation is a building of cultural-historical importance, it is
of the utmost importance to follow the procedure explained previously. Historic buildings,
regardless of their importance (famous monuments or so-called “minor”), characterize a
vital part of our cultural heritage [31] that have to be preserved as testimonies of our past
for future generations.

175



Buildings 2022, 12, 2024

First of all, it was necessary to obtain the archive drawings from the State Archives in
Zagreb (Figure 4a–c). As can be seen from the drawings, the design was created in 1901.
Since its construction, the building has undergone several reconstructions and upgrades.
The first one was conducted in 1937 when several walls were demolished and a new lodge
in the courtyard was constructed (Figure 4b,c). Demolition of the façade load-bearing walls
looking at the courtyard additionally decreased the loadbearing capacity of the structure
in the X direction. To make a wider open space, the construction of the new walls did not
follow the position of the existing walls on the ground floor causing the change in load
transfer. The reconstruction of the apartments was not synchronized causing a change in
the global behavior of the structure. In 1998, several reconstructions were conducted on
the first floor, while in 2015, in the apartments, several steel girders have been constructed.
The demolishment of the longitudinal walls, as will be proved later on by the calculations,
caused a lot of difficulties in the reconstruction process. A new lodge was constructed (see
Figures 4c and 5b) founded on new steel columns. The constructed lodge is not adequately
connected to the existing structure, the steel columns do not have adequate foundations,
and this additionally modified the behavior of the structure.

   
(a) (b) (c) 

Figure 4. Investigated buildings Ribnjak 44: (a) original drawings from the State Archives in Zagreb;
(b) reconstruction-demolished walls shown in red color State Archives in Zagreb; (c) construction of
new walls and a lodge [32]. Reproduced with permission from State Archives in Zagreb, 2022.

 
 

(a) (b) 

Figure 5. Investigated buildings Ribnjak 44: (a) street view (building in the middle); (b) courtyard
view [32]. Reproduced with permission from Projekt na kvadrat d.o.o., 2022.
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The present state of the unreinforced masonry (URM) buildings is presented in
Figure 5a,b. It is a row building (the yellow one) located between two buildings of the same
height (on the north and the south side). The building has a regular shape with dimensions
14.5 × 17.20 m in plan, the floor plan of the building is 217 m2, and the gross construction
area is equal to 799.07 m2. The structure consists of a basement, two storeys (ground floor
and first floor), and an attic.

Due to the undergone changes, and the fact that not all these changes and upgrades
have been documented, it was of the utmost importance to make a point cloud laser
scanning of the building in order to obtain the correct geometry of all the elements of the
buildings. Laser scanning imaging was used to form a point cloud of the exterior and
the interior of the entire building. The 3D point cloud and 3D vector digital model of the
existing building were constructed as presented in Figure 6a,b. The height of the basement
floor is 3.48 m, the height of the ground floor is 4.10 m, and the height of the first floor is
4 m. The height of the attic varies and the one looking at the street is 1.1 m while the one
towards the courtyard is 0.5 m (Figure 6b). The load-bearing walls are built with solid “old
format” brick (29 × 14 × 6.5 cm). Load-bearing walls (longitudinal and transverse) have
different thicknesses and range from 30 to 75 cm. The largest thickness is in the basement
and the smallest is in the attic.

 

(a) (b) 

Figure 6. (a) 3D point cloud; (b) 3D vector digital model of the existing building. Reproduced with
permission from GO2BIM d.o.o. Zagreb, 2022.

The ceilings of the basement are made of brick vaults, supported on load-bearing
walls and brick arches, while the ceilings of the ground floor and first floor are made of
wooden beams. One concrete beam with dimensions 45/50 cm was identified on the first
floor above the newly constructed lodge.

3.2. Description of the Current State of the Building

Based on the preliminary (quick) assessment of the damage to the building, an as-
sessment of the carrying capacity and stability was conducted along with the first risk
assessments and the need to evacuate the building in the event of an emergency repeated
earthquake. Inspection and assessment of damage to the building after the earthquake
was carried out according to the EMS-98 classification for brick buildings. It was marked
with a yellow label and PN1 (temporarily unusable) meaning that a detailed inspection is
required. PN1 means that the building has moderate damage with no danger of collapse.
The bearing capacity of the building is partially violated. It is not recommended to stay
in the building, that is, citizens stay at their own risk in such a building. A shorter stay in
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the building is possible, with the advice of the structural experts related to the necessary
measures and the restriction of stay (depending on the danger). A structural expert makes
recommendations to eliminate hazards.

3.3. Visual Inspection of the Buildings and Crack Pattern Survey

A detailed visual inspection of the building was performed on 28 June 2021. During
the inspection, minor to moderate damage was noted. There was no damage observed in
the basement. The most pronounced damage to the structure was observed at a gable wall,
as it partially collapsed (Figure 7a). On the roof, the rotation of the purlins towards the outer
part of the wall was observed. This is visible in several purlins where the rotation of the
purlin located at the corner is minimal, whereas the maximum rotation is observed on the
seventh purlin (Figure 7b). The chimney collapsed and immediately after the earthquake
the roofing has been rehabilitated.

   
(a) (b) (c) 

 

 

 

(d) (e) (f) 

Figure 7. (a) Partial collapse of a gable wall; (b) oration of purlin’s; (c) damage in the spandrels;
(d) cracks at the contact of the ceiling; (e) vertical crack at the contact of two walls; (f) vertical crack
along the wall [32]. Reproduced with permission from Projekt na kvadrat d.o.o., 2022.

The interpretation of the crack pattern can be of substantial assistance in under-
standing the structure’s state of damage, its possible causes, and the type of survey to
be performed [33]. Cracks were observed on the largest number of lintels, both vertical
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and diagonal in one direction and cross (diagonal) cracks (Figure 7c). Moreover, minor
diagonal and X-pattern cracks are visible in the walls at the lintels (above the doors) and
parapets between the windows on the façade. These are minor cracks that indicate that
there has been an exceedance of the shear strength, but since the width of the cracks is
small, it enables the transfer of forces through friction. Additionally, vertical cracks were
observed on the lintels near the openings. These are mostly minor cracks that are located
at the top and bottom of the walls. The appearance of these smaller cracks in most cases
is caused by arch action and indicates that the tensile strength has been exceeded. This
represents characteristic damage to such structures. Some of the cracks were repaired
after the earthquake. In any case, it is necessary to determine the exact width of the
cracks and, depending on the degree of damage, the decision will be made regarding
an appropriate rehabilitation method (injection of crack or installation of spiral reinforce-
ment bars). The observed horizontal cracks, which were recorded at the bottom and top
of the walls between the openings, occur mainly due to stress concentration along the
corners of the opening. These are mostly minor cracks that can be rehabilitated with the
injection process.

The floors of the ground and first floor of this URM building are made of light and
flexible timber so the appearance of cracks in the ceiling structure was expected, as most
probably there is no good connection between the floors and the wall and between the walls
(Figure 7d,e). This is an additional parameter that makes these structures vulnerable to
earthquakes. More severe damage was noted in wooden ceilings, load-bearing walls, and
connection between the load-bearing walls and the ceiling. The cracks extend throughout
the entire height of the wall at the connection of the two walls Figure 7e and along the
height of the wall Figure 7f.

In this case, as the floor is flexible, the loads on the walls are transferred in relation
to their surface, and not as per their stiffness as in the case of the structures with rigid
floors which exhibit a “box” behavior [21]. The appearance of horizontal cracks located at
the level of the floors and the gable wall was also observed. Generally, when it comes to
very small movements (which is not the case here) sliding occurs on the surfaces between
the wall and the floor structures, and in this case, it is a damage of a minor degree. In
case the cracks are followed by dislocations in the value of several mm, it is a serious slip
between the floor structure and the wall. In this case, it is necessary to carry out appropriate
rehabilitation strengthening of the floor structure, and appropriate connection of the floor
and the walls.

During the preparation for the flat-jack testing, the type of masonry and its units
were determined, as well as the quality of mortar. As is usually the case in these types of
structures, bricks are found to be in a good shape and of good quality, while the mortar is
of very bad quality.

Damage was observed to the steel columns located on the western façade (courtyard
side). One of the columns was displaced from its original position, and under the second
column damage to the concrete part was observed. All the damages were photographed
and described in detail which became a part of the report on the assessment of the existing
state of the building structure which was conducted by this team [32].

3.4. Onsite Testing

Accurate diagnosis results from comprehensive on-site and laboratory experimental
tests. In cultural-heritage buildings, the on-site tests should be non-destructive as much
as possible, or at least minor destructive [31,33]. Identification of geometry, details, and
materials of the structural elements (type of masonry units, types of floors, geometry, con-
nections between elements, joints, etc.) was carried out in accordance with the provisions
defined in points C.1 and C.2 of the standard EN 1998-3 [34].

To define the in-situ compressive stress level as well as deformability characteristics of
masonry (modulus of elasticity), the flat-jack technique [35–37] was employed. Tests were
carried out in the basement walls, with one wall in the longitudinal and the other in the
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transversal direction. A test layout is presented in Figure 8a and the measurement of the
stress-strain relationship is shown in Figure 8b. It is seen that the load-bearing walls are
built with “old format” solid bricks (29 × 14 × 6.5 cm), assembled with lime mortar which
was a common material used in the late 19th and at the beginning of the 20th century.

 

(a) (b) 

Figure 8. (a) 3D Sensors’ layout; (b) Stress-strain relationship measured at different sensors.

The tests were made in accordance with the ASTM C1197-14a [38]. The maximum
attained stress values were in the range of 2.4 to 2.7 N/mm2. Maximum values were limited
also for the great deformability encountered in masonry. The modulus of elasticity at the
first and second sampling positions were in fact 554 and 470 N/mm2 at the beginning of
the loading paths (between 0.00 and 0.30 N/mm2), and tests were carried out almost until
material plasticization or strong Young’s modulus reduction of masonry. The obtained
values are rather low compared to the suggested values found in the literature, and this
may be explained by the relatively thick joints and by a very deformable mortar. It has
also to be stressed that maximum tests values do not correspond to the material strength,
since the tests induced “compaction” in the material (seen in the hardening effect at the
end of the second test) and that almost no cracks—indicating masonry crushing—were
noticed throughout the tests. This once again emphasizes the importance of on-site testing
and the fact that each building represents a case study of its own and has to be separately
examined. The values that were selected as input in the numerical modeling were cautiously
defined as fm = 2.2 N/mm2 for the compressive strength of masonry and the modulus of
elasticity E = 500 N/mm2.

As the floors are made of wooden beams, it was necessary to determine their dimen-
sions and direction. The direction of the beams was from east to west. Dimensions of
the wooden beams on the first floor and the attic were 14 × 24 cm placed 0.80 m and
0.85 apart, respectively, with a 2.4 cm thick wooden plank over them. The built-in timber is
of good quality. The load is carried in one direction by these types of floors. Several steel
beams were noted at the ceiling of the first floor where the removal of the walls took place
during the 2015 reconstruction. The dimensions of all openings (doors and windows) were
accurately determined by the laser scanner technique.

Operational modal analysis (OMA) was used to define the dynamic features of the
investigated structure (natural frequencies, mode shapes, and damping) as a means of
verification of the structural behavior and integrity of a building. The obtained informa-
tion was used for the calibration of the numerical model. OMA determines the modal
properties of a structure based on vibration data collected when the structure is under its
operating conditions. It is as well-known as output-only modal analysis, ambient modal
identification, and in-operation modal analysis [39]. Data are elaborated with ARTEMIS
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MODAL 7.2.0.0/2022 licensed software, using enhanced frequency domain decomposition
(EFDD) method. This method enables the determination of the damping ratios which is
not the case with the frequency domain decomposition (FDD). Additionally, the accuracy
of dynamic identification is higher compared to FDD. It is able to estimate closely spaced
modes with good accuracy [39]. The vibrations were measured on two different setups
(1–2). Sensors are placed to identify global modes acquiring the vibrations mainly at the
attic level, at the building corners, and on the long side. Reference sensors no.1 and 2 (in
blue) are in the S–W corner of the building—ch. 1 dir. N-S (Y), ch. 2 dir. E–W (X) sensors
no.3–6 moved from the South to the North side (Figure 9a). Sensor no.7 was used only in
setup 2, at a lower level (Figure 9b). The singular value decomposition of the acquired data
is shown in (Figure 9c).

   
(a) (b) (c) 

Figure 9. (a) Set up no. 1; (b) Set up no. 2; (c) Singular value decomposition of the acquired data.

The obtained measured data for the first two modes is given in Table 1.

Table 1. Identifies measured dynamic properties.

Mode Frequency [Hz] Damping [%]

1 4.09 3.23
2 4.99 2.52

The first two modes were out-of-plane modes, the first one in bending and the second
one translational (Figure 10a,b) both in the Y direction.

  
(a) (b) 

Figure 10. (a) 1st mode; (b) 2nd mode.
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4. Numerical 3D Model of the Existing Buildings

It was decided to construct a 3D model in 3Muri software [40] based on a macro-
element approach. This software has been used by numerous researchers [17,21,41–51]
and many others. The benefits of this approach are its simplicity, adequate precision, low
computational complexity, and computational unpretentiousness [17,52,53]. The non-linear
response is determined in masonry macro-elements, composed of piers and spandrels and
rigid elements that connect the piers and the spandrels; for more details, see [40]. The 3D
model of the building is presented in Figure 11a,b. It was decided to model the building
as a single building because there was no information regarding the characteristics of
the adjacent buildings and the location of their load-bearing walls. It is clear that this is
a conservative approach, and if the structure was to be looked at as being a part of the
aggregate there would be stiffness and resistance increase [54].

 
(a) (b) 

Figure 11. (a) The 3D model; (b) 3D equivalent frame of the elaborated building.

The non-linear static pushover analysis became a popular tool for the seismic assess-
ment of existing and new structures. It provides adequate information on seismic demands
imposed by the design ground motion on the structural system and its components. It
is a performance-based methodology, which is based on constant gravity loads and an
incremental increase of the horizontal force distribution on a structure. An envelope of
all the responses derived from the non-linear dynamic analysis is obtained as a result
that represents the structural behavior [21]. Both load distributions which are available
in 3MURI (uniform pattern and modal pattern) were elaborated. It was seen that the
modal pattern distribution (horizontal loads proportional to the first vibration mode shape)
prevails. For the existing structures and the type of cracks, it was appropriate to choose the
Turnsek–Cacovic law.

4.1. Geometry and Materials

The exact geometrical data was obtained through laser scanning and this was im-
plemented in the model. Regarding the material characteristic, the input data used was
the one obtained from the flat-jack tests, while the other data required for the input was
calculated according to the suggested formulas provided in the literature and based on
engineering judgment. Masonry mechanical properties that were taken in the analysis
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are given in Table 2. The damage conditions were treated as existing taking into account
stiffness reduction.

Table 2. Masonry mechanical properties.

Mechanical Property Abbreviation Value

Compressive strength of masonry fm 2.2 N/mm2

Specific weight of masonry γm 18 kN/m3

Modulus of elasticity E 500 N/mm2

Shear modulus G 200 N/mm2

Concrete class C20/25 was chosen for the concrete element with the mean values
as proposed in Eurocode 2 [55]. Reinforcement for the tie beams was taken to be equal
to B420 with a characteristic yield strength of 420 N/mm2. During the visual inspection,
it was noted that the timber was of good quality and the strength class was determined
based on engineering judgment. The one-way timber floor with a single wood plank of
2.4 cm was selected for the floor structure having a strength class of C24 according to
EN 338:2016 [56] meaning that the type of timber is softwood having a bending strength of
24 N/mm2 in the major axis. This material is considered new. The newly constructed lodge
is supported by steel columns made of structural steel S235 with a modulus of elasticity of
E = 210,000 N/mm2 and yield strength of 235 N/mm2.

4.2. Conducted Analysis and Their Results

A new Law on Reconstruction of Earthquake-Damaged Buildings in the city of Zagreb,
Krapina-Zagorje County, and Zagreb County [57] was enforced after the 2020 Zagreb earth-
quake. The law clearly stated which return periods have to be taken into account for certain
locations and levels of strengthening. In this specific case, in order to check the state of the
structure, the return period of 475 years representing the limit state of significant damage
(SD) and the 95 years return period representing the limit state of damage limitation (DL)
was examined. Regarding the strengthening procedure, Level 3 which envisaged strength-
ening the building to the return period of 225 years which corresponds to a probability of
exceedance of 20% in 50 years was selected. So, in Table 3, PGA values for different limit
states are presented.

Table 3. Peak ground accelerations for various return periods for the selected location.

Return Period [Years] PGA

95 0.128 g
225 0.183 g
475 0.255 g

According to the latest geological research of the city of Zagreb, the soil is classified
as soil type C. The seismic analysis was conducted in line with EN 1998-1 [58] and EN
1998-3 [34]. The building belongs to the importance class III (buildings whose seismic
resistance is of importance in view of the consequences associated with a collapse) [58]
and the recommended value of the importance factor is 1.2. According to the available
data from the original drawings, conducted laser scanning, and on-site experimental tests,
Knowledge Level 2 was assumed with the confidence factors (CF) equal to 1.2.

As in any calculations, first of all, static analyses are conducted. Due to very low
masonry characteristics, many of the elements had already bending damage and did
not possess adequate capacity to take over the gravity loads as indicated in Figure 12.
According to the calculation, 32 out of 75 elements did not possess adequate vertical load
resistance. This had a direct effect on the seismic capacity of the walls.
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Figure 12. Damage stated due to static loads.

The second calculation which was conducted was the modal analysis which pro-
vides information regarding the eigenfrequencies and eigenmodes of the structure. Here,
only the dominant global modes in the Y (mode 1) and X (mode 2) directions are given
in Table 4.

Table 4. Modal analysis information.

Mode Frequency [Hz] Period [s] Mx [%] My [%] Mz [%]

1 3.41 0.29317 0.08 74.58 0
2 2.49 0.40236 24.83 0 0

A rather good consistency is obtained between the measured and modeled eigenfre-
quency in the Y direction by which the valuation of the model was performed.

In order to correctly implement the nonlinear static pushover analysis, several pa-
rameters have to be correctly chosen. First of all, the correct choice of the seismic load
pattern is required; secondly, the selection of the correct control node is required for the
optimization of the numerical convergence. Finally, representative displacement is to be
considered in the pushover curve [59]. This is of great importance when the structures
are irregular and with flexible diaphragms, which is the case in this building. In this case,
both uniform and modal load distribution were elaborated together with various levels
of eccentricities leading to 12 pushover analyses in the X and 12 pushover analyses in
the Y direction. The correct choice of the control node in-plane was a very sensitive task
as the results are a function of different stiffnesses and strengths of masonry walls. The
control node was selected in the wall that had the largest displacement, which would
first collapse [59]. An average displacement of all nodes at the same level, weighted by
the seismic nodal mass, was chosen instead of the displacement of the control node as
proposed by [59]. This provides a generalized explanation of the structure behavior, in-
dependent from the different stiffnesses and strengths of the walls, identifying a single
failure point.

As a result, capacity curves are obtained for all the cases as presented in Figure 13.
The structure has rather inferior resistance in the X direction, the appearance of the first
crack was observed already at 95.70 kN, while the maximum reached load was 204.17 kN.
The structure has rather superior resistance in the Y direction, with the first crack occurring
at the force 13.30 times larger, and the maximum load reached was equal to 1468.35 kN,
being 7.19 times larger than in the X direction. This can be connected to a large number of
openings and a much lower percentage of load-bearing walls in the X direction.
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Figure 13. Capacity curves in X and Y directions.

The type of damage at the maximum displacement capacity for X and Y directions is
presented in Figures 14 and 15a. The predominant damage in the walls is caused by bending
(pink). A rather similar situation is observed in the Y direction; however, additionally,
one of the walls experienced shear failures (orange color) and bending failure (red color)
(Figure 15b). The bending damage above the windows in the lintels is clearly observed on
the façade wall (Figure 15c) and the visible cracks on the walls due to bending have been
presented in Figure 7f.

Figure 14. Damage at maximum displacement capacity for pushover in the X direction.

According to the obtained results, not even one of the twenty-four conducted analyses
fulfilled the requirements. The parameter (α) is used for the seismic vulnerability evaluation.
It is defined by Equation (1).

αPGA = PGA/agR (1)

where: PGA represents the peak ground acceleration and agR limit capacity acceleration
of the given building, which represents the ratio between the limit capacity acceleration
of the given building and the reference PGA. For the representative analysis in the X
and Y directions, these values were α(SD) = 0.373, α(DL) = 0.311 and α(SD) = 0.521,
α(DL) = 0.771, respectively. This means that the limit state of significant damage (SD) for
the return period of 475 years and the limit state of limited damage (DL) for the return of
95 years was exceeded requiring the strengthening of the existing structure.
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(a) (b) 

Figure 15. Damage at maximum displacement capacity for pushover in the Y direction; (a) shear failure
of the wall: (b) bending failure of the wall; (c) bending damage above the windows in the lintels.

Besides checking the global in-plane behavior of masonry structures, it is as well
necessary to check the out-of-plane behavior which is basically the first mode of failure
in traditional URM structures, especially the ones with flexible diaphragms. The timber
floors are usually not well connected to the walls and the connection of the walls is not
constructed in a proper way, not providing a “box” behavior of the structure and leading
to out-of-plane failures. As expected, the façade wall looking at the courtyard did not
pass the out-of-plane verification (Figure 16). The failure mode is consistent with the 1st
eigenfrequency mode.

 

Figure 16. Local mechanism out-of-plane failure of the façade wall.

5. Numerical 3D Model of the Strengthened Buildings

As already mentioned in Subsection 4.2, Level 3 as defined in [57] was chosen as
the adequate level for strengthening this masonry building. Modeling was conducted in
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3Muri with the inclusion of the strengthening elements. Due to the very low mechanical
characteristics of the masonry, several strengthening measures had to be taken in order to
improve the seismic resistance of the existing building. First of all, it was necessary to add
a new steel moment frame structure inside the existing masonry building with the goal to
increase the horizontal resistance, as presented in Figure 17a. This has been identified as one
of the most popular methods due to its several advantages such as its reversibility, which is
one of the requirements provided in the Charter of Venice [60], fast and easy construction,
strength and stiffness increase, and minimal spatial disruption. Additionally, with this
kind of strengthening there is no significant increase in the building self-weight [61]. In
their work, Karantoni and Sarantitis [62] investigated the influence of constructing steel
and concrete frames every 2 m at the floor level on masonry walls. It was noted that this
kind of strengthening procedure increases the shear strength and decreases the bending
deflection. Steel frames can be connected or not connected to the existing masonry load-
bearing structure. Papalou [63] investigated how the masonry structure behaves once the
steel frames are connected to the masonry walls. Special care in the modeling procedure
was devoted to the connections as they have been considered as hinges not permitting the
transfer of the bending moment. Improvement of the seismic behavior is obtained once a
close space connection of the steel frame with the masonry wall is created opposed to the
situation if a gap is left between the steel structure and the load-bearing wall. Besides the
bare frames in several locations, braced frames were envisaged as more rigid elements. In
this way, the load-bearing of the whole structure has been increased as well as its ductility.
This is foreseen in the location of full masonry walls without openings not affecting the
physical and visual access Figure 17b.

During renovations, very often new perforations are created for new windows or doors,
affecting the strength and stiffness of the wall and the seismic behavior of the whole structure.
Recently, only several researchers conducted studies in this domain. Proença et al. [64] and
Billi et al. [65] focused on experimental and numerical modeling of steel ring-frame around the
openings. The inclusion of the steel frame affects the mode of failure. Once a steel ring-frame
has been installed, the mechanism of solid masonry changes from a shear mechanism to a
mixed shear-rocking mechanism with a spread cracking pattern [64]. In order to reestablish
the wall’s stiffness, it is necessary to use a steel profile with a very large moment of inertia.
In-plane strength and ductility will be considerably increased only if a perfect connection
between the wall and the steel frame is established [65]. A very comprehensive and in-
depth experimental and numerical analysis in line with the work conducted by [64,65] was
conducted by Oña Vera et al. [66]. It was shown that it is quite acceptable to select a steel
profile with a smaller moment of inertia and their choice was (HEA140) which was capable
of re-establishing the in-plane lateral load and the displacement capacity of the elaborated
solid wall. Maximal wall stiffness that could be restored amounts to 50% of the original wall
regardless of the steel profile size [66]. This was taken into account in the steel profile selection
for strengthening the openings (Figure 17c).

The second measure consists of strengthening the walls with FRCM, a material that
has been introduced recently for strengthening masonry and concrete structures. This
material has pushed aside FRP as the usage of polymeric resins showed to be mechanically,
physically, and heritage preservation incompatible with the existing masonry structures [67].
Contrary to FRP, the FRCM uses a thick layer of inorganic plaster as opposed to polymer
resins which are used in FRP. The chemical and physical properties of FRCM composites are
very similar to masonry, especially in the case of Basalt and AR-glass fibers. This material
in the literature is known by other names such as fibre reinforced mortar (FRM) and textile
reinforced mortar (TRM). The experimental investigation and numerical modeling of FRCM
are still ongoing [68–74] with several applications in practice [75,76]. In our case, some walls
were strengthened on both sides and some only on one side. The number of strengthened
layers varied depending on the level of damage and capacity of the walls Figure 17d.
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(a) (b) 

 

 
(c) (d) 

 
(e) (f) 

Figure 17. 3Muri 3D strengthened model (a) steel structure; (b) braced frame; (c) steel ring-frame
around the doors; (d) Strengthening of the walls with FRCM; (e) Strengthening of the walls with OSB;
(f) Connection of the timber beams with load-bearing walls.
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One of the main flaws of traditional timber floors is their low in-plane stiffness and
lack of effective connections to the load-bearing masonry walls leading to out-of-plane
local failures [77]. The decision on which kind of strengthening technique will be selected
was guided by the fact that many researchers indicated the important decisive role of the
in-plane stiffness of timber diaphragms, and emphasized that disproportionate stiffening
of the floors could even have a negative effect on the seismic behavior of the existing
building [78–81].

Strengthening and replacement of timber slabs with reinforced concrete slabs have
been proven to be unproductive and even worsen the behavior of buildings made of low
masonry quality as reported by on-site aftermath earthquake investigations in Italy [82–84].
Using a thin concrete layer would increase the in-plane stiffness if properly connected;
however, additional weight would be added consequently increasing the seismic loads on
the existing structure.

Gubana and Melotto [82] conducted comprehensive experimental testing of oriented
strand board (OSB) panels and it was noted that there was an increase of the initial secant
stiffness associated with the top displacement of about six times regardless of the panel
orientation in relation to the joists. The initial stiffness of the floor increased seven times
with the application of screws for fastening the OSB panels. The increase of strength was
from six to nine times with the application of OSB panels which were connected with nails,
while with the application of screws, the strength increased 15 times [82], both connection
types being reversible and minimally invasive as requested per [60]. This all gives a good
basis for the proposal of this kind of strengthening of the URM buildings in seismic-prone
areas. In that respect, to improve the in-plane stiffness of the slabs, but still keep the same
behavior of the structure, was the purpose to strengthen the timber slabs with OSB having
a thickness of 18 mm and laid in two layers (Figure 17e). In order not to open the slab from
the upper side as the apartments are all occupied and in usage, it was proposed to construct
the strengthening from the lower side of the slab. This strengthening procedure has several
benefits, from its low mass and thin thickness to irreversibility and minimum invasiveness,
which is in agreement with the requirements for cultural-heritage buildings [60].

Connection of the existing timber slab with the walls will be conducted with the
application of the L steel profiles as presented in Figure 17f. It is well known that increasing
the in-plane stiffness of the floor has the largest impact on the improvement of the seismic
behavior of the existing traditional masonry building. This enables the “box” behavior
of the structure (to some degree) and the transfer of the loads to the walls according to
their stiffness.

If the crack width is relatively small (e.g., less than 10 mm) and the wall thickness is
relatively small, cracks that occur may be sealed with injection material. This was selected
as a strengthening measure for walls with small cracks. Around the crack, it is necessary
to remove the plaster (preferably traditional, not using electric tools, in order to avoid
vibrations and their negative impact on the walls), the area around the crack and inside the
cracks has to be cleaned, the cracks will be sealed with grouting material, and a new layer
of plaster will be applied.

After several iterations, the final strengthening procedures were adopted.
Examples of the proposed strengthening measures are shown in Figures 18–20.
The capacity curves in the X and Y directions of the strengthened existing URM

structure are presented in Figure 21. The first crack is noted at the value of 1152 kN in the
X direction while the ultimate load reached 1345 kN. In the Y direction, the structure has
a much larger capacity, and the occurrence of the first crack is noted at 2423 kN and the
ultimate load reached 2549 kN.
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Figure 18. Strengthening measures of the floor at the ground floor level.

Figure 19. Strengthening measures of the walls at the ground floor level.
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Figure 20. Cross-sections 1-1 and 2-2, Strengthening measures.

Figure 21. Capacity curves in the X and Y directions of the strengthened structure.

The modal parameters of the strengthened structure are presented in Table 5.

Table 5. Modal analysis information—strengthened structure.

Mode Frequency [Hz] Period [s] Mx [%] My [%] Mz [%]

1 4.06 0.24648 0 82.47 0
2 2.87 0.34845 92.06 0 0

For the representative analysis in the X and Y directions, these values were
α(SD) = 1.188, and α(SD) = 1.068, respectively. This means that the limit state of significant
damage (SD) for the return period of 225 years was satisfied and that the strengthening
methodologies are effective.

6. Comparison of Results

In order to see the effectiveness of the proposed strengthening methods, it is feasible
to compare the capacity curves of the unstrengthened and strengthened existing URM
structure under consideration. With the application of all given strengthening procedures,
it was possible to increase the seismic capacity of the building in both directions. The
inferior X direction was now upgraded so that the occurrence of the first crack happened
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at a load that is 12.04 times larger than for the unstrengthened structure. The increase in
initial stiffness in the X direction was 6.4 times, while in the Y direction it was 1.4 times.
Additionally, the ultimate reached load in the X direction is more than 6.5 times larger
compared to the unstrengthened structure. The ultimate load reached in the Y direction
increased by 75% in relation to the unstrengthened structure. It is important to state that the
global eigenmodes did not change significantly and this is beneficial, as there should not be
a major difference in this aspect. It was observed that now the mode shape in the X direction
is translational, while in the unstrengthened structure there were unequal movements of
the nodes. In this way, better structural behavior was obtained. The strengthened structure
passed all the seismic verification. The value of α was greater than 1 for all the conducted
analyses and limit states. The effect of the strengthening is shown in Figure 22 for the
two load distribution patterns.

  

(a) (b) 

Figure 22. Comparison of α values for the original building and strengthened building for (a) uniform
load distribution; (b) modal load distribution.

7. Conclusions

Earthquakes are one of the most devastating natural forces that cause damage to
structures, human fatalities, and economic loss. Several variables affect the level of dam-
age on different buildings, such as structural type, type of soil, maintenance, buildings’
age, and many others. The aftermath of the 2020 Zagreb earthquake was more than
25,000 damaged buildings mainly located in the historic part of the city of Zagreb. An
example of the strengthening procedures which follow the principles of ICOMOS and
the Venice Charter have been suggested for the damaged building in Ribnjak 44 street,
in order not to jeopardize the cultural character of the building, which would be done if
invasive strengthening techniques were proposed. In this study, the aim was to strengthen
the building to Level 3 (225 years return period) as per the Law on Reconstruction by
Earthquake-Damaged Buildings in the city of Zagreb, Krapina-Zagorje County, and Zagreb
County. The recommended strengthening procedures were the inclusion of a new steel
frame, steel ring-frames, strengthening with FRCM, and injection of the cracks. The behav-
ior of the buildings being located in a building row (clustered construction method) or as
aggregates is affected by numerous parameters which leads to rather complex behavior.
Due to the lack of information regarding the adjacent buildings, it was decided to model
the building as a single building. In that respect, a perfect match between modeling and ex-
perimental data was not obtained; however, the obtained results were more than adequate
and acceptable.

The study intended to show the behavior of a cultural-historical building exposed to
the 2020 Zagreb earthquake. After a detailed visual inspection, a crack pattern was created,
identification of damage was performed, and material characteristics and global behavior
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of the structure were determined by Ambiental investigations, leading to numerical model-
ing and proposed strengthening methods respecting the principles of ICOMOS and the
Venice Charter.

During the modeling of the building, it was necessary to overcome several issues.
First of all, it was necessary to select an adequate modeling strategy, which in this case
was the equivalent frame model, substantially the one used by engineers in practice. The
benefits are seen in its modeling simplicity, ease of application, and limited computational
effort. The next challenge was how should the Ribnjak 44 building be modeled, as a
single building or with the entire cluster taken into account. Due to a lack of information
about the adjacent buildings, it was decided to model the structure as a single building,
taking special care regarding the interpretation of the results and their comparison with
the in-situ investigations. In order to overcome this issue, it would be feasible to conduct a
simplified procedure for seismic vulnerability assessment of masonry building aggregates
as proposed by [56] and model the entire cluster if time and cost permit such activity to
be conducted.

Masonry construction is one of the most common construction typologies not only
in Europe but in the world and even in zones of significant seismic hazard. Brickwork
masonry structures with timber floors are widely geographically distributed throughout
most urban and rural settlements in Europe with some specific features for each region.
The paper provides a comprehensive example of the selected strengthening methods of
a cultural-historic URM building in a seismically active area, avoiding overly invasive
interventions that do not jeopardize the historical value of the architecture, which can find
its application in different European countries.
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6. Ademović, N.; Kalman Šipoš, T.; Hadzima-Nyarko, M. Rapid assessment of earthquake risk for Bosnia and Herzegovina. Bull.

Earthq. Eng. 2020, 18, 1835–1863. [CrossRef]
7. Kalman Šipoš, T.; Hadzima-Nyarko, M. Seismic Risk of Croatian Cities Based on Building’s Vulnerability. Technical Gazette 2018,

25, 1088–1094. [CrossRef]
8. PTP2 (1948) Provisional technical regulations (PTP) for loading of structures, part 2, no. 11730, 12 July 1948—PTP2. Official Gazette

of FNRY, 17 June 1948; No. 61/48.
9. PTP-GuSP64 (1964) Provisional technical regulations for construction in seismic regions. Official Gazette of SFRY, 19 September

1964; No. 39/64.
10. Drysdale, R.G.; Hamid, A.A.; Baker, L.R. Masonry Structures: Behaviour and Design, 2nd ed.; The Masonry Society: Boulder, CO,

USA, 1999; pp. 1–809.
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Protected Prince Rudolf Infantry Barracks in Zagreb after Major Earthquake. Buildings 2021, 11, 508. [CrossRef]
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32. Čizmar, D.; Ademović, N.; Toholj, M.; Radović, D. Elaborat ocjene postojećeg stanja grad̄evinske konstrukcije; Report on the state of the
structure; Projekt nakvadrat d.o.o.: Zagreb, Croatia, February 2022. (In Croatian)

33. Binda, L.; Cardani, G.; Cantini, L.; Tiraboschi, C. On site and laboratory detection of the quality of masonry in historic buildings.
In Proceedings of the International Symposium on Studies on Historical Heritage, Antalya, Turkey, 17–21 September 2007;
pp. 667–674, ISBN 978-975-461-433-6.

34. EN 1998-3:2005+AC:2010; Eurocode 8: Design of Structures for Earthquake Resistance—Part 3: Assessment and Retrofitting of
Buildings. European Union: Brussels, Belgium, 2005. Available online: https://www.phd.eng.br/wp-content/uploads/2014/07/
en.1998.3.2005.pdf (accessed on 10 September 2022).

35. Cescatti, E.; Dalla Benetta, M.; Modena, C.; Casarin, F. Analysis and evaluations of flat jack test on a wide existing masonry buildings
sample. In Brick and Block Masonry—Trends, Innovations and Challenges, 1st ed.; Modena, C., da Porto, F., Valluzzi, M., Eds.; Taylor and
Francis Group: London, UK, 2016; pp. 1485–1491.

36. Simões, A.; Bento, R.; Gago, A.; Lopes, M. Mechanical Characterization of Masonry Walls With Flat-Jack Tests. Exp. Tech. 2016,
40, 1163–1178. [CrossRef]

37. Gregorczyk, P.; Lourenço, P.B. A Review on Flat-Jack Testing. Engenharia Civil. 2000, 9, 39–50.
38. ASTM C1197-14a; Standard Test Method for in situ Measurement of Masonry Deformability Properties using the Flatjack Method.

American Society for Testing and Materials: West Conshohocken, PA, USA, 2020.
39. Zahid, F.B.; Ong, Z.C.; Khoo, S.Y. A review of operational modal analysis techniques for in-service modal identification. J. Braz.

Soc. Mech. Sci. Eng. 2020, 42, 398. [CrossRef]
40. S.T.A. DATA. 3 Muri Program 12.5.0. Available online: http://www.stadata.com (accessed on 15 September 2021).
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Abstract: The paper discusses how joint damage and deterioration affect the seismic response of
existing reinforced concrete frames with sub-standard beam–column joints. The available simplified
modeling techniques are critically reviewed to propose a robust, yet computationally efficient, tech-
nique for simulating the nonlinear behavior of substandard beam–column joints. Improvements over
the existing models include the simulation of the cyclic deterioration of joint stiffness and strength, as
well as pinching in the hysteretic response, implemented considering a deteriorating hysteretic rule.
A fiber-section forced-based inelastic beam–column element is developed, considering improved
material models and fixed-end rotation due to bond failure, rebars-slip, and inelastic extension, to
simulate the deteriorating cyclic behavior of existing pre-cracked beam–column members. For the
assessment of frames with substandard exterior beam–column joints, a nonlinear model for the
exterior joint is developed and validated through a full-scale quasi-static cyclic test performed on
a substandard T-joint connection. The proposed model allows considering structural performance
in risk assessment while accounting for true inelastic mechanisms at the joints. An assessment of
a five-story RC frame revealed that the activation of the joint shear mechanism increases the chord
rotation demand on the connecting beam members by up to 85%, with increases of up to 62% (mean
drift) and 89% (mean + 1.std.) on the lower floors when determining the inter-story drift demand,
and the collapse probability of structures subjected to design base ground motions increased from
4.20% to 29.20%.

Keywords: beam–column joint; fiber-based section modeling; joint shear hinge; substandard beam–
column joints; stiffness and strength deterioration; reinforced concrete; seismic vulnerability; risk

1. Introduction

A beam–column joint in a reinforced concrete moment-resisting frame is a most critical
component; it experiences high axial and vertical/horizontal shear stresses during earth-
quakes, and its behavior has a significant influence on the building seismic response. If not
adequate, joint shear failure can result. However, if a joint is assumed to be stiff throughout
the analysis during the assessment process, this may be overlooked. The shear failure of the
beam–column joint often has a brittle character, which does not provide an adequate level
of structural performance, particularly under extreme seismic actions [1,2]. There have
been several reports of catastrophic building collapses during strong earthquakes (Figure 1),
which have been linked to beam–column joint failure, including those that occurred in
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the 1999 earthquakes in Chi-Chi, Taiwan, and Izmit, Turkey, and in the 1994 Northridge
earthquake in California, USA [3]. Therefore, it is crucial to comprehend joint behavior in
nonlinear building response analysis in order to make an informed judgment regarding the
evaluation of building damages.

Figure 1. Partial collapse of buildings documented during large damaging earthquakes: from left to
right: 1999 Izmit earthquake in Turkey, 1999 Chi-Chi earthquake in Taiwan, and 1994 Northridge
earthquake in the USA.

Over the past several decades, a number of studies have focused on understanding
how beam–column joints respond to seismic actions [4–11]. Moreover, several international
seismic codes of practice have undergone repeated improvements to put the findings
into practice. The most recent ACI joint design recommendations [12] account for inelastic
deformation in the joint panel. The present joint design procedures and detailing provisions
offer resistance to the gravity loads, seismic actions, and the interaction of multidirectional
forces applied to the joint from surrounding frame elements. To ensure an improved cycle
behavior and a minimum plastic deformation capacity, sufficient development length and
confinement in the joint panel are provided.

Recent research on the quantification of the seismic risk of existing reinforced concrete
structures has focused on frames with the substandard beam–column joints that are prevail-
ing in most seismically active countries. This paper focuses on comprehending the primary
mechanism influencing the seismic nonlinear response of beam–column connections and
presents a simplified nonlinear numerical modeling technique, which is crucial for assess-
ing the seismic building’s response. With particular reference to bond failure and rebar
slip (resulting in member fixed-end rotation) and joint shear strength deterioration, this
research studied the effects of exterior joint nonlinear behavior and underlines the crucial
factors that influence structural performance, which is fundamental for risk assessment
and repair cost estimation.

The experimental reference specimen of the exterior beam–column joint under consid-
eration was designed in accordance with the previous building code of Pakistan but lacked
seismic details and incorporated deficiencies prevalent in the typical beam–column joint in
existing RC structures [13]. The test specimen was initially subjected to force-controlled
cyclic loading in order to induce cracks in the specimen and simulate the pre-cracked
condition of the current RC frame. The main finding is presented in terms of damage
observations and the connection’s force–displacement hysteretic response to guide nu-
merical modeling. The study is unique in that it takes into account pre-cracking in the
substandard exterior beam–column joints that exhibit deterioration in the stiffness and
strength of the connection.

2. Critical Review of Simplified Nonlinear Modeling Techniques for RC
Beam–Column Joints

Modeling frames with weaker joints for nonlinear seismic analysis has been attempted
using different simplified techniques (Figure 2). These are briefly reviewed here to serve as
a basis for the development of a more robust, yet simplified and computationally efficient,
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analytical model of reinforced concrete frames that incorporates both shear and bond
mechanisms behavior of beam–column joints and fixed-end rotation of connecting members
due to pre-cracked beam–column members common to existing buildings and that can be
used for both local and global damage evaluation to help guide retrofitting efforts.

Figure 2. Existing simplified analytical models for the nonlinear modeling of reinforced concrete
beam–column joint. (a) EI-Metawally and Chen (1988) [14]. (b) Alath and Kunnath (1995) [15].
(c) Biddah and Ghobarah (1999) [16]. (d) Lowes and Altoontash (2003) [17]. (e) Youssef and Ghobarah
(2001) [18]. (f) Shin and LaFave (2004) [19]. (g) Altoontash (2004) [20]. (h) Ning et al. (2016) [21].
(i) Elmorsi et al. (2000) [22]. (j) Pampanin et al. (2003) [23]. (k) Sharma et al. (2011) [24].

The flexural strengths of the beams and columns framing the joint were decreased by
Kunnath et al. [25] to take into consideration the insufficient joint shear strength capacity.
However, such implicit models are incapable of accounting for the additional deformation
resulting from the joint bond mechanism and the pinching effects on the frame hysteretic
response due to joint shear stiffness and strength deterioration. Neverthless, the model
is promising for the assessment of global performance. El-Metwally et al. [14] used a
zero-length spring with nonlinear behavior to model the shear deformation of the joint
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panel. Through the use of rotational springs, Biddah and Ghobarah [16] modeled joint
shear and bond-slip deformations. Later, Ghobarah and Biddah [26] utilized the model
to demonstrate that joint deformations led to greater flexibility and drifts under seismic
actions. The models were promising for frames with joints with stable behavior; however,
these models were unable to accurately simulate the joint shear stiffness and strength
deterioration essential for substandard joints. Alath and Kunnath [15] used a rotational
spring model to explicitly simulate the joint shear deformation, with deteriorating hysteresis
being established empirically, but this has the drawback that it must repeatedly be calibrated
for various beam–column joints. Pampanin et al. [23] proposed a similar simplified model
with a moment–rotational spring and deteriorating hysteretic response. The spring’s
properties were directly deduced from the corresponding principal tensile stress vs. shear
deformation curve, which, in turn, was based on a large experimental database [27], using
the equilibrium consideration. This, however, falls short of accurately simulating the
deterioration of joint shear strength. Sharma et al. [24] improved upon this approach
by including additional shear springs in the joint panel to account for the panel’s shear
deformation and to take strength degradation into consideration. The model still does
not adequately account for stiffness and strength deterioration, i.e., cyclic deterioration
(number-of-cycles effect), which is essential for substandard beam–column joints. The same
is true for the method proposed by Khan et al. [28].

Adding an extra infinitely stiff bar attached to the plastic beam sub-element with
plastic hinges at the ends, Filippou et al. [29] and Filippou and Issa [30] developed an
explicit model to simulate the fixed-end rotations and the sliding due to shear at the beam–
column interface. Although promising in simulating the rotational and bending-moment
resistance of a beam–column joint, it is unable to simulate the joint shear deterioration and
the pinching that results in the hysteretic response of the frame.

Youssef and Ghobarrah [18] developed a 14-spring element assembly for a beam–
column joint that included two diagonal springs to simulate joint shear deformation and
twelve translational springs placed at the panel zone interface to represent the inelastic
mechanisms of connecting beam/column members. It models the shear strength deteri-
oration but implicitly considers rebar slip and rebar inelasticity. A model developed by
Ning et al. [21] included one spring for the panel zone and eight springs for the rebar-slip
and employed the Bouc–Wen–Baber–Noori model [31] to simulate the hysteretic behavior
of the panel zone. The model, however, is unable to truly replicate the cyclic strength and
stiffness deterioration that often occurs at substandard beam–column joints.

Another model suggested by Elmorsi et al. [22] involved idealizing beams and columns
as elastic elements connected to the joint by the intervention of non-linear transitional
elements, modeled using other elements made up of 12 parts. The model takes into account
the effects of bond-slip and joint shear deformations and can simulate the deterioration
of bonds and eventual pullout of reinforcing bars during extreme cyclic loads. However,
the model is clumsy and computationally expensive when a large number of analyses are
required for building performance assessment.

A 4-node 12-degree-of-freedom joint panel was proposed by Lowes and Altoon-
tash [17] that constitutes a panel zone component with a zero-length rotational spring
simulating the shear deformation of the joint with four additional zero-length shear springs
for simulating the interface–shear deformations. A total of eight zero-length translational
springs were included to simulate the bar slip. The panel zone’s shear stress–strain re-
lationships were determined using the modified compression field theory (MCFT) [32].
Later, Lowes et al. [33] attempted to simulate the interface-shear based on experimental
data; this work anticipated an interface-shear response that was stiff and elastic. Moreover,
specimens with at least a minimal degree of transverse reinforcement in the panel zone
were included in the experimental data for validation, which is compatible with the model’s
intended usage. However, they did not include joints that lack transverse reinforcement;
therefore, it could not be used to analyze the weaker joints of frames that lack transverse
reinforcement. The model proposed by Lowes and Altoontash [17] was further simplified
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by Altoontash [20] by adding four rotational springs to member ends to simulate the bar-
slip phenomenon and a rotational spring that was defined in the panel zone to simulate
the shear distortion of the joint. However, it is still insufficient for the analysis of joints
lacking transverse reinforcement and members exhibiting large fixed-end rotation due to
pre-cracked beam–column members.

Shin and LaFave [19] proposed an analytical model for a beam–column joint wherein
the joint panel was made up of stiff elements along the panel zone’s edges and three parallel
rotational springs provided in one of the four hinges connecting the parallelogram’s sides.
The MCFT was used to anticipate the joint shear stress–strain response envelope while the
cyclic response was calibrated using experimental data. Two rotating springs (in series)
were positioned at the interfaces between the beam and the joint to separately simulate
the member-end rotations produced by the bond-slip behavior of the longitudinal beam
reinforcement and plastic hinge rotations induced by the inelastic behavior of the beam. The
model is robust in simulating joint shear deterioration, bond mechanisms, and fixed-end
rotation. However, the joint rotational springs needs simplification.

The assessment of beam–column joints without transverse reinforcement presents
some difficulties for most of the modeling techniques discussed above. Some of these,
for example, are computationally inefficient and need simplification in order to be imple-
mented in the available finite element-based programs for large analysis, while others
are only appropriate for joints that have been seismically designed and detailed and less
accurate when applied to substandard beam–column joints with pre-existing cracks in the
structural members. The goal of the present study is to propose a more robust modeling
technique that would still be computationally efficient and capable of modeling the deterio-
ration of stiffness and strength common to existing pre-cracked beam–column frames with
substandard beam–column joints subjected to cyclic loading.

3. Proposed Nonlinear Modeling Technique for RC Substandard Beam–Column Joints

3.1. Mechanics of Exterior Beam–Column Joints

Figure 3 illustrates the internal forces and reactions acting on a reinforced concrete
exterior beam–column joint under seismic actions. If it is assumed that the points of the
zero bending moment are located at the half-height of the column and the half-span of the
beam, respectively, then it can be assumed that column shear Va = Vc and column moment
Ma = Mc. The reversal of the moment across the joint necessitates that the reinforcement
of the beam is in compression on one side and at a tensile yield on the other. The internal
horizontal tension Tb, compression Cb, and vertical beam shear Vb forces introduced by
the beam to the column are shown. Making the approximations that Cb = Tb, the required
horizontal column shear force Vjh across the joint region based on the equilibrium of free
body is:

Vjh = Tb − Vc (1)

Tb =
Mb
jb

(2)

Tb =
Vblb

jb
(3)

where Mb is the beam moment, lb is the length of beam, hc is the depth of column, and
jb is the internal level arm between the tensile force and the centroid of the compressive
forces. This can be determined by moment-curvature analysis of the beam or approximated
as follows:

jb = db − d′b (4)
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where db is the effective depth of beam and d′b is the effective cover to compression
reinforcement. The column top load Vc can be calculated corresponding to the beam
moment extended linearly to the centerline of the joint:

Vc =
Vb(lb + 0.5hc)

lc
(5)

where lc is the length of column. Substituting Equations (5) and (3) in Equation (1), the
following expression is obtained for horizontal joint shear force Vjh:

Vjh = Vb

(
lb
jb
− lb + 0.5hc

lc

)
(6)

Figure 3. Internal forces and reactions in beam–column joints under lateral loads.

The resulting horizontal and vertical shear stress, vjh and vjv, at the mid-depth of the
joint core is:

vjh = vjv =
Vjh

h′cb′c
(7)

where h′c and b′c are the length and width of joint core. The joint region is subjected to
horizontal and vertical shear stresses that are typically many times greater than those in the
adjacent beams and columns. However, the stresses are also dependent on the joint aspect
ratio α:

α =
Vjv

Vjh
=

hb
hc

(8)

Moreover, the axial compressive stress fa at the mid-depth of the joint core due to
vertical force Nc acting on the column is:

fa =
Nc

h′cb′c
(9)

The joint shear and axial stresses lead to the diagonal compression and tension prin-
cipal stresses in the joint core. The principal compression stress fc and tension stress ft at
mid-depth of the joint core can be found using Mohr’s circle:

ft,c =
fa

2
±
√(

fa

2

)2
+ v2

jh (10)
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Once the joint core develops diagonal tension cracks, the joint core’s diagonal com-
pression strut and truss mechanism, consisting of a concrete diagonal compression field
and horizontal and vertical reinforcement, transfers the beam and column forces across
the joint core (Figure 4). A beam-column joint may experience various damage or failure
mechanisms as a result of the adopted structural detailing. It has been demonstrated that
the use of poor-quality concrete, a lack of transverse reinforcement in the joint region, and
inadequate anchoring details all constitute potential causes of a highly brittle failure mecha-
nism. Because the shear and bond mechanisms that control the joint response have poor
hysteretic properties, as a result, the joint’s rotational resistance degrades rapidly [34,35].

Figure 4. Principal stresses developed in the joint core, and the resulting cracking of the joint, bond,
and bearing forces developed after the initiation of diagonal cracks.

3.2. Modeling of Joint Shear Panel

Figure 5 illustrates the proposed analytical model for a substandard RC external beam–
column joint subjected to seismic actions. A simplified flowchart is given in Appendix A
(Figure A1) to help guide the preparation of a numerical model of structural systems. The
beam elements and the column elements are located at the beam mid-depth and the column
mid-depth, respectively. The assembly is envisaged, as the same is tested experimentally.
The joint panel distortion is modeled by four rigid link elements arranged along the edges
of the joint panel and one nonlinear rotational spring is incorporated in one of the four
hinges connecting the adjacent rigid elements. The failure of an exterior joint is primarily
related to the principal tensile stress developed in the joint core.

The critical parameter is the principal tension stress within the joint core, and joint
cracking begins at a stress of 0.29 (fc′)0.5 MPa. In the case of exterior joints lacking trans-
verse reinforcement, the experimental data support the highest principal tension stress of
0.42 (fc′)0.5. Joint shear strength deterioration is governed by the gradual reduction of the
effective joint principal tension stress [27,36]. The principal tensile stress vs. shear deforma-
tion envelope curve illustrated in Figure 6a is used to directly deduce the moment–rotation
properties of the joint spring based on the equilibrium considerations. The nonlinear rota-
tional spring at the joint is assigned a multilinear deteriorating hysteretic rule [37] to simu-
late the joint stiffness and strength deterioration and pinching in the hysteretic response
(Figure 6b), which is crucial for the shear failure of substandard beam–column joints.
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Figure 5. Nonlinear FE-based numerical model for an exterior beam–column joint.

Figure 6. (a) Joint shear strength degradation model for exterior and corner joints [27,36]. (b) Hysteretic
rule used to model joint stiffness and strength deterioration.

The joint shear strength in the present model is only dependent on the concrete
compressive strength, with no regard for the influence of additional factors such as the
joint aspect ratio or longitudinal reinforcement of connecting elements. Although more
contemporary shear strength models [10,38,39] can be used, the considered model is simple,
requires less input information, and provides conservative estimates, which is useful for
assessing existing RC frames.

3.3. Modeling of Beam–Column Connecting Members

The flexibility-based element formulation, such as that developed by Spacone et al. [40],
which is an extension of the Ciampi and Carlesimo [41]-proposed consistent flexibility-
based method for formulating frame members, is established using the framework of the
mixed method formulation [42]. The element formulation strictly satisfies the equilibrium
of bending moments and axial force along the element using force interpolation functions
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rather than displacement interpolation functions. The element state determination relies
on a nonlinear iterative method based on residual deformations [42] that continuously
maintain equilibrium within the element and finally converge to a state that satisfies the
element constitutive relation within a set tolerance.

The element stiffness matrix is obtained by inverting the element flexibility matrix.
The use of improved material models to simulate the element’s deteriorating hysteretic
response owing to pre-existing cracks in the member, the rigid body fixed-end rotation due
to rebars slip and inelastic extension, and geometric nonlinearity are improvements in the
present model over the original formulation of Spacone et al. [40]. This solution technique is
especially well suited for the study of the highly nonlinear deteriorating hysteretic behavior
of the substandard reinforced concrete elements.

The fiber-based approach, in which each fiber is assigned a uniaxial stress–strain
relationship, is used by the frame beam–column element to simulate the cross-section
behavior. The nonlinear uniaxial stress–strain response of the individual fibers into which
the section has been divided is then integrated to provide the sectional stress–strain state.
Because the material constitutive models already specify hysteretic response, a fiber section-
based element has the advantage of not requiring prior moment-curvature analysis and
calibration. Moreover, it directly simulates the stiffness and strength interactions between
an axial load and a bending moment, as well as the interactions between flexural strength
in orthogonal directions. The discrete number of the controlling sections along the element
that are used for the numerical integration is the only approximation in this formulation,
and it does not actually impose any restrictions on the displacement field of the element,
this formulation is always “exact”: regardless of the degree of inelasticity, the force field is
always exact. To prevent under-integration, a minimum of 3 Gauss–Lobatto integration
sections are necessary and in general 5–7 integration points (IPs) are utilized [43,44] to
adequately model the spread of inelasticity.

3.3.1. Beam–Column Element Formulation

Model assumptions:

• Beam–column element in local reference system x, y, z (Figure 7a)
• A discrete number of cross sections placed at control points of the numerical integration
• Beam–column member geometry is linear.
• Plane sections remain plane and are normal to the longitudinal axis throughout the

deformation history.
• Strains and stresses act parallel to the longitudinal axis.
• Member behavior in torsion is linearly elastic and uncoupled from flexure and axial

response.

Figure 7. Beam element in the local reference system: subdivision of cross-section into fibers.
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Vectors of element forces and deformations and the corresponding section forces and
deformations are given below:

Q = {Q1, Q2, Q3, Q4}T (11)

q = {q1, q2, q3, q4}T (12)

D(x) =
{

Mz(x), My(x), N(x)
}T (13)

d(x) =
{

Xz(x), Xy(x), ε(x)
}T (14)

where Q is the element force vector, q is the element deformation vector, D(x) is the section
force vector, d(x) is the section deformation vector, X(x) is the section curvature about the
reference axis, and ε(x) is the axial strain at the reference axis. With the use of a simple
geometric transformation matrix, the fiber strains are related to section deformations. The
section forces and deformations are related to element forces and deformations using the
force and deformation interpolation functions:

Δd(x) = a(x)Δq (15)

ΔD(x) = b(x)ΔQ (16)

where matrix a(x) is the deformation interpolation function, matrix b(x) is the force interpo-
lation function, and Δ is the increments of the corresponding quantities. The linearization
of the incremental section constitutive relation is according to the Equation (17):

Δdj(x) = f j−1(x)ΔDj(x) + rj−1(x) (17)

where f j−1(x) is the section flexibility and rj−1(x) is the residual deformations from the
previous iteration. The residual deformation rj−1(x) is the linear approximation to the
deformation error that results from linearizing the section force-deformation relation.
Equation (17) may be presented in the integral form as given:

∫ L

0
δDT(x)

[
Δdj(x)− f j−1(x)ΔDj(x)− rj−1(x)

]
dx = 0 (18)

Substituting Equations (15) and (16) in Equation (18) gives:

TΔqj − Fj−1 ΔQj − sj−1 = 0. (19)

where T is the matrix dependent on the interpolation functions, F is the element flexibility
matrix, and s is the element residual deformation vector given as follows:

T =
∫ L

0
bT(x)a(x)dx (20)

F =
∫ L

0
bT(x) f (x)b(x)dx (21)

s =
∫ L

0
bT(x)r(x)dx (22)

Furthermore, the virtual displacement principle is used to obtain the integral form of
the equilibrium equation:

∫ L

0
δdT(x)

[
Dj−1(x) + ΔDj(x)

]
dx = δqTQj (23)

where Dj−1(x) + Dj is the new internal force distribution and Qj is the corresponding vector
of nodal forces in equilibrium. Substituting Equations (15) and (16) in Equation (23), results
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in the following matrix expression, which is equivalent of the integral form of the element
equilibrium equations:

TTQj−1 + TT ΔQj = Qj (24)

The combination of Equations (19) and (24) results in the following expression:

[−Fj−1 T
TT 0

]
=

{
ΔQj

Δqj

}
=

{
sj−1

Qj − TTQj−1

}
(25)

Solving the first equation for ΔQj and substituting it in the second equation results in
the following expression:

TT
[

Fj−1
]−1(

TΔqj − sj−1
)
= Qj − TTQj−1 (26)

Assuming T = I, as peculiar to the proposed Bernoulli beam, where I is a 3 × 3 identity
matrix, the above equation is simplified as:

[
Fj−1
]−1(

Δqj − sj−1
)
= ΔQj (27)

where ΔQj is the element force increment, (Δqj − sj−1) is the corresponding deformation
increment including the residual deformation sj−1 that results from the linearization of
the section’s non-linear constitutive relations, and [Fj−1]−1 is the element stiffness matrix
obtained by inverting the flexibility matrix.

The element forces provide the most difficulty since they cannot be easily calculated
from the section forces, even if the element stiffness matrix is obtained by inverting the
element flexibility matrix. The procedure outlined in Spacone et al. [42] constitutes an
iteration scheme at the element level that is similar to the Newton–Raphson method utilized
for the structural level solution of the equilibrium equations. Force increments are applied
to the structural degrees of freedom, and Newton–Raphson iterations are used to reduce the
imbalanced forces down to acceptable levels at each load step. The structural level solution
of these equations results in displacement increments at the end nodes of each element.
The algorithm’s iterations during the element state determination phase intend to reduce
the deformation residuals to levels that are acceptable. In step i of the Newton–Raphson
algorithm at the structural degrees of freedom, Figure 8 illustrates the relationship between
element and section state determination. The following describes the iteration scheme used
to determine the incremental element forces:

Figure 8. Determination of element resisting forces Qi corresponding to element deformations qi

using the element and state determination for a flexibility-based element.
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At point A, i = 1 and j = 0:

element deformation qi = qi−1 + Δqi (28)

iteration starts, j = 1

element force increment ΔQj=1 =
[

Fj=0
]−1

Δqj=1 (29)

initial element tangent stiffness matrix
[

Fj=0
]−1

=
[

Fi−1
]−1

element deformation increment Δqj=1 = Δqi

section deformation increment Δdj=1(x) = f j=0(x)ΔDj=1(x) (30)

f j=0(x) = f i−1(x)

ΔDj=1(x) = b(x)ΔQj=1

section deformation dj=1(x) = dj−1(x) + Δdj=1(x) (31)

Equation (31) provides the updated section deformation that corresponds to point B
in Figure 8; this updated section deformation is used as the basis to determine the section
stiffness and resisting forces. Assuming that plane sections remain plane and normal to the
longitudinal axis, it is straightforward to determine the strain distribution in a section. The
stress and tangent modulus of the section is obtained using the constitutive equations of
the steel and concrete fibers, which are integrated over the cross-sectional area to determine
the section’s resisting forces and tangent stiffness matrix.

section stiffness matrix kj=1(x) =
∫

A(x)
IT(y, z)E(x, y, z)I(y, z)dA (32)

section resisting forces Dj=1
R (x) =

∫
A(x)

IT(y, z)σ(x, y, z)dA (33)

geometric vector I(y, z) = {−y z 1}
The Gauss-Lobatto numerical integration scheme is used to solve Equations (32) and (33).

The section stiffness is inverted to produce the flexibility matrix f j = 1(x). The difference
between the applied and resisting forces gives the unbalanced forces at the section.

unbalanced forces at the section Dj=1
U (x) = Dj=1(x)− Dj=1

R (x) (34)

residual section deformations rj=1(x) = f j=1(x)Dj=1
U (x) (35)

residual element deformations sj=1 =
∫ L

0
bT(x)rj=1(x)dx (36)

second iteration, j = 2

updated element forces Qj=2 = Qj=1 + ΔQj=2 (37)

compatibility corrective element forces ΔQj=2 = −
[

Fj=1
]−1

sj=1

updated section forces Dj=2(x) = Dj=1(x) + ΔDj=2(x) (38)

updated section deformation dj=2(x) = dj=1(x) + Δdj=2(x) (39)

force increment applied at all IPs ΔDj=2(x) = b(x)ΔQj=2

deformation increment induced at all IPs Δdj=2(x) = rj=1(x) + f j=1(x)ΔDj=2(x)

rj=2(x) = f j=2(x)Dj=2
U (x) (40)
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At the completion of the second iteration, the state of the element and the sections
corresponds to point C in Figure 8. The section flexibility matrices and section residual
deformation vectors are determined at each control IPs. The new element flexibility matrix
is obtained by integrating the section flexibility matrices in accordance with Equation (21).
The residual section deformations are then integrated to yield the residual element defor-
mations. The third and subsequent iterations adhere to this iteration scheme. When the
specified element convergence criterion is satisfied, convergence is achieved. The measures
of energy are used for the purpose [45].

3.3.2. Material Models

The solution of Equations (32) and (33) necessitates the definition of suitable material
models since a numerical solution algorithm should include stress–strain relations for con-
crete and reinforcing rebars for computing the section resisting forces and stiffness matrix.

The [46] nonlinear model, as updated by Filippou et al. [29] to include isotropic strain
hardening, has been used in the present study to characterize the stress-strain relation
of the reinforcing steel. This is the most appealing since it has the best agreement with
experimental data and is computationally efficient. The stress-strain model takes on
the following form to describe a curved transition from a straight-line asymptote with
slope E0 to another asymptote with slope bE0, and allowing a good representation of the
Bauschinger effect:

σ∗ = bε∗ + (1 − b)ε∗[
1 + (ε∗)R

] 1
R

(41)

σ∗ = (σ − σr)

(σ0 − σr)

ε∗ = (ε − εr)

(ε0 − εr)

Rn = R0 −
a1ξn

p(
a2 + ξn

p

)
ξn

p = εn
r − εn

y

where σ* and ε* are the normalized stress and strain, σo and εo are the stress and strain at
first yielding, b is the strain hardening, σr and εr indicate the stress and the strain at the
point of the last strain reversal where the stress of equal sign took place, R is the curvature
parameter, R0 is the value of R during the first loading, a1 and a2 are experimentally de-
termined parameters, and ξn

p is the plastic excursion at the current semicycle (Figure 9).
Fragiadakis et al. [47] provide more in-depth information on the model’s numerical imple-
mentation that also takes into consideration the buckling of steel bars.

In order to compute the concrete compressive forces, the cross-section can be divided
into layers, and the distribution of concrete strain is determined assuming a linear distri-
bution of concrete strain increments and strain increment compatibility between steel and
concrete. For this purpose, a nonlinear constant confinement concrete model (Figure 10),
which is a uniaxial nonlinear model that is based on the constitutive relationship proposed
by Mander et al. [48] with modifications made by Martinez-Rueda and Elnashai [49] for
the purpose of maintaining numerical stability under large deformations, has been used to
determine the stress in each layer. The ratio of the compressive stress of confined concrete
to unconfined concrete defines the constant confinement factor. Given the effective confined
concrete core area Ae (mid-way through two consecutive stirrups) and area of concrete core
Acc, the effective confinement factor Ke is determined:

Ke =
Ae

Acc
=

Ae

Ac(1 − ρcc)
(42)
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Ae =

(
bcdc −

n

∑
i=1

(
w′

i
)2

6

)(
1 − s′

2bc

)(
1 − s′

2dc

)

where ρcc is the ratio of area of longitudinal reinforcement to the area of the core section, Ac
is the area of the core of the section enclosed by the center lines of the perimeter tie, bc and
dc are the core dimensions to the centerlines of the perimeter lateral tie, w′

i is the ith clear
distance between adjacent longitudinal bars, s’ is the clear vertical spacing between lateral
ties. Figure 11 illustrates a concrete model for both confined and unconfined concrete based
on the stress–strain relation proposed by Mander et al. [48], which gives the longitudinal
compressive concrete stress:

fc =
f ′ccxr

r − 1 + xr (43)

x =
εc

εcc

εcc = εco

[
1 + 5

(
f ′cc
f ′co

− 1
)]

r =
Ec

Ec − Esec

Esec =
f ′cc
εcc

Ec = 5000
√

f ′co MPa

Figure 9. Stress–strain relationship of the reinforcing steel material models used in inelastic beam–
column members.

Figure 10. Stress–strain relationship of confined and unconfined concrete material models used in
inelastic beam–column members.
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Figure 11. Analytical model for a beam–column element with fixed-end rotation: (a) concentrated
plasticity hinges at beam ends and (b) a proposed moment–rotation relationship based on experimen-
tal studies performed on full-scale beams [50].

The cover concrete has been designated as unconfined concrete, and the stress–strain
behavior of the segment of the falling branch in the area where εc > 2εco is considered to be
a straight line that reaches zero stress at the spalling strain εsp.

The confined compressive strength f ′cc is determined, assuming the confined concrete
core is placed under triaxial compression with equal effective lateral confining forces f ′l
from lateral ties:

f ′cc = f ′co

⎛
⎝−1.254 + 2.254

√
1 +

7.94 f ′l
f ′co

− 2
f ′l
f ′co

⎞
⎠ (44)

f ′lx = Keρx fyh

f ′ly = Keρy fyh

ρx =
Asx

sdc

ρy =
Asy

sbc

where fyh is the yield strength of the transverse reinforcement, Asx and Asy are the total area
of transverse bars running in the x and y directions respectively, f ′lx and f ′ly the effective
lateral confining stresses in the x and y directions respectively. In tension, a linear stress-
strain relationship is assumed up to the tensile strength, provided the tensile strength
has not been exceeded. However, it can be ignored for pre-cracked member with zero
tensile strength. The cyclic loading stress-strain response is assumed to be enclosed by the
monotonic loading stress-strain curve (Figure 10).

When the transverse reinforcement confining the core fractures, it is regarded as
the ultimate limit to confined concrete compression strain. This may be determined by
comparing the increase in the strain energy absorbed by the concrete over the value suitable
for unconfined concrete to the strain-energy capacity of the confining steel. The following
equation for the ultimate compression strain for confined concrete may be derived by
assuming that the ultimate strain of the unconfined concrete is 0.004:

εc,dc = 0.004 + 1.4
ρv fyhεsu

f ′cc
(45)

where εsu is a strain value at fracture of lateral confining ties, and ρv is the volumetric
confinement ratio, which is the sum of ρx and ρy.
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3.3.3. Geometric Nonlinearity

Large displacements, large rotations, and large independent deformations relative
to the chord of the frame element cause nonlinearities in kinematic quantities, and these
sources of nonlinearity are referred to as geometric nonlinearities, also known as p-delta
effects. These nonlinearities are negligible under normal load conditions, but they become
significant in the presence of extreme loads and in large/slender structures. The internal
forces demand is amplified under large lateral deflections, which results in a reduction
in the effective lateral stiffness. The potential capacity of the structure to resist lateral
loads decreases as internal forces rise, resulting in a drop in the structure’s effective lateral
strength. Since they may eventually result in the loss of lateral resistance, ratcheting, and
dynamic instability, this warrants consideration in numerical models [51].

A total co-rotational formulation developed by Correia and Virtuoso [52] is used to
take into account the large displacements/rotations and large independent deformations
relative to the chord of the frame elements in the model. The total co-rotational formulation
makes use of an exact description of the kinematic transformations associated with large
displacements and three-dimensional rotations of the element. As a result, the independent
deformations and forces of the element are correctly defined, and the effects of geometric
non-linearities on the stiffness matrix are naturally defined. The use of this formulation
takes into account small deformations in relation to the element’s chord without losing its
generality, despite the existence of large nodal rotations and displacements.

3.4. Modeling of Fixed-End Rotation

The fixed-end rotation at the interface of the beam and column caused by bond failure,
longitudinal rebar-slip, and inelastic extension is simulated for each element using a single
nonlinear rotational spring located at the beam–column member ends (Figure 11a), and a
concentrated plasticity hinge with a nonlinear moment–rotational behavior (Figure 11b,
Table 1) is used to model the rigid-body rotational deformation of the member. The for-
mulation developed herein for fixed-end rotation is similar to the rigid-bar rotation model
proposed by Filippou and Issa [30], with the improvement including a more realistic rep-
resentation of the moment–rotation relationship developed recently by Ahmad et al. [50]
based on quasi-static cyclic tests performed on full-scale beams exhibiting fixed-end rota-
tion. A trilinear force–deformation envelope is proposed to model inelastic mechanisms
(cracking, yielding, and rocking) with a deteriorating hysteretic rule for model stiffness
and strength deterioration and pinching behavior. Due to its high initial stiffness, the hinge
may only contribute marginally before the beam yields but contributes significantly after
the rocking mode is initiated.

Table 1. Proposed moment–rotation values for fixed-end rotational spring to model beam–column
member rigid-body rotational deformation [50].

Parameter θcr (rad) Mcr/Mmax * θy (rad) My/Mmax * α = K3/K1

Value 0.00091 0.27 0.01177 0.76 0.055
* Mmax is the beam maximum moment capacity.

The flexibility matrix’s off-diagonal components may simply be demonstrated to be
zero in this situation and as a result, the flexibility matrix of the element is given:

FFER =

[
fi 0
0 f j

]
(46)

where fi is the flexibility coefficient of the rotational spring at the end i and fj is the flexibility
coefficient of the rotational spring at end j. Assuming that the point of inflection remains
fixed and lies in the middle of the beam throughout the loading history, in this case, each
half of the member can be viewed as a cantilever beam and the flexibility coefficients can
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be easily formulated. The problem can be further simplified, ignoring gravity load, this
corresponds to a cantilever beam subjected to load P (Figure 12).

Figure 12. Mechanical parameters of fixed-end rotation beam–column member, considering only the
rigid-body rotation mode of the beam.

To determine the flexibility coefficients of the concentrated hinge, the rotation at the
cantilever’s root (beam ends) caused by the curvature distribution is first determined for
various values of the load P, and if the moment-curvature relation is known, this can
be simplified. The moment-rotation relationship proposed (Figure 11b) is trilinear, due
to which the approach produces a nonlinear flexibility coefficient of the corresponding
concentrated spring. The stiffness of the hinge can be determined as:

Ki =
Mcr

θcr
0 ≤ M ≤ Mcr (47)

K2 =
My − Mcr

θy − θcr
Mcr ≤ M ≤ My (48)

K3 =
M − My

θ − θy
My ≤ M (49)

where Ki is the initial stiffness, K2 is the post-cracking stiffness, and K3 is the post-yield
stiffness of the hinge. The limit state values of moment (M) and rotation (θ) are given in
Table 1.

It is typical to represent the flexibility matrix of a rotational spring stiffness K in terms
of the prismatic beam element’s elastic stiffness for convenience:

Ki =
4.EI
γ.L

(50)

K2 = β1
4.EI
γ.L

(51)
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K3 = β2
4.EI
γ.L

(52)

where γ, β1, and β2 are coefficient vary as a function of the moment-rotation demand. The
experimental data suggests β1 = 0.165 and β2 = 0.055, and γ = 0.406 if EI is based on the
nominal moment and yield curvature of the beam section [50]. The flexibility matrix can be
formulated as given:

FFER,1 =
L

6EI

[
1.5γi 0
0 1.5γj

]
0 ≤ M ≤ Mcr (53)

FFER,2 =
L

6EI.β1

[
1.5γi 0
0 1.5γj

]
Mcr ≤ M ≤ My (54)

FFER,3 =
L

6EI.β2

[
1.5γi 0
0 1.5γj

]
My ≤ M (55)

This concentrated plasticity model has the advantage of being computationally simple
can be readily implemented in a finite element computer program and can accurately
represent the hysteretic response of RC members whose behavior is controlled by fixed-end
rotation. The flexibility matrix of the element is calculated by simply adding the flexibility
matrices of the constituent elements (i.e., beam-column inelastic member and concentrated
plasticity hinge), since the plasticity hinge element and the inelastic beam-column member
act in series.

3.5. RC Beam–Column Frame Member Shear Strength
3.5.1. Basics of RC Member Shear Strength

A key element of nonlinear modeling is including the most probable inelastic de-
formation mechanisms; therefore, the model should specify aspects for evaluating the
performance of RC frames, especially when the shear failures of columns can anticipate
the failure of the buildings. A comparison of the beam/column members’ flexural and
shear strengths is required to ascertain if flexural or shear failure is predicted. If individual
member shear deformation is negligible, less detailed modeling is appropriate, provided
that members do not develop shear forces that overwhelm the capacity of the member, as
this will result in a brittle mechanism and the rapid deterioration of the member’s stiffness
and strength. Although shear damage was not noticed in the beam and column members
for the present test specimen, since the members had sufficient shear strength and the
mechanism of joint shear occurred owing to joint-region weakness, the member shear
modeling is included for completeness.

It is advised that member shear strength be determined using more suitable equations
that illustrate the dependence of shear strength on flexural ductility. The seismic shear
strength model of columns proposed by Priestley [27] is discussed, which presents shear
strength as the product of the concrete strength contribution (VC), a truss mechanism of the
transverse steel (VS) assuming a 30◦ angle between the diagonal compression struts and
the longitudinal axis of the column, and an arch mechanism for the axial load (VP):

Vn = VC + VS + VP (56)

VC = 0.8Agk
√

f ′c (57)

VS =
Av fyh(D − c)

s
cot 30◦ (58)

VP = P tan α (59)

tan α =
D − c

2a
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where Ag is the gross area of section, k is the degradation factor dependent on the curvature
ductility, fc′ is the compressive strength of concrete, D is the depth of the section, c is
the neutral axis depth, Av is the total area of transverse reinforcement, s is the spacing
of the lateral ties, fyh is the yield strength of the transverse reinforcement, and a is shear
span or distance from the maximum moment to the point of inflection. The value of k
varies approximately from 3.50 [psi units] to 1.20 [psi units] as the member displacement
ductility varies from one to three for bi-axial loading and two to four for uni-axial loading,
respectively. As a result, the concrete contribution drops to as little as one-third of its initial
value as the displacement ductility increases. The magnitude of the member flexural and
shear strengths influence whether shear or flexural failure occurs and consequently, the
ultimate section curvature ductility. The initial and residual shear strengths are represented
by the two limiting values, Vni and Vnd, respectively. Brittle shear failure happens when the
shear force Vf, related to the initial flexural strength, is greater than Vni. If Vf < Vnd, which
ensures a ductile flexural response, the detailing of the flexural confinement determines the
maximum section ductility. A shear failure is anticipated at a certain curvature ductility
when Vnd < Vf < Vni. Although the shear strength given by Equation (56) has been rather
extensively used for column sections, with no axial load, it would appear that there
should not be much conceptual difference between a beam and a column, and therefore
Equation (56) should also immediately apply to beams. For simplicity, using Equation (57),
with k = 2.40 [psi units] for curvature ductility < 3 and k = 0.60 [psi units] for curvature
ductility > 7, determine the shear strength of a negative moment plastic hinge in beams.

3.5.2. Shear Strength Model Implementation

For implementation in nonlinear modeling, the shear capacity of an RC column is
determined according to ASCE 41-17 [53], whereas the shear capacity of the beam section is
determined according to ACI 318-19. For columns, the shear strength VCol [psi units] shall
be permitted to be calculated as:

VCol = knlVCol0 (60)

VCol0 = αCol

(Av fytL/Ed
s

)
+ λ

⎛
⎜⎝ 6

√
f ′cL/E

MUD/VUDd

√√√√1 +
NUG

6Ag

√
f ′cL/E

⎞
⎟⎠0.8Ag (61)

where knl = 1.0 for displacement ductility demand is less than or equal to 2, 0.7 for dis-
placement ductility greater than or equal to 6 and varies linearly for displacement ductility
between 2 and 6, λ = 1.0 for normal-weight aggregate concrete, NUG is the axial compres-
sion force, MUD/VUDd is the largest ratio of moment to shear times effective depth for
the column under design loadings but shall not be taken as greater than 4 or less than 2,
αCol = 1.0 for s/d ≤ 0.75, 0.0 for s/d ≥ 1.0, and varies linearly for s/d between 0.75 and 1.0.

Equation (22.5.1.1) of ACI 318-19 is used to calculate the shear capacity of beam
sections: Equation (22.5.8.5.3) of ACI 318-19 computes the shear strength provided by
transverse reinforcement, and Section 22.5.5.1 of ACI 318-19 provides equations for the
shear strength provided by concrete:

VC =

[
2λ
√

f ′c +
Nu

6Ag

]
bwd Av ≤ Av,min (62)

VC =

[
8λ(ρw)

1
3
√

f ′c +
Nu

6Ag

]
bwd Av ≤ Av,min (63)

VC =

[
8λSλ(ρw)

1
3
√

f ′c +
Nu

6Ag

]
bwd Av < Av,min (64)

The shear strength equations (Equations (60)–(64)) were implemented in the Seis-
moStruct program and used to determine if the member has reached its shear capacity
at each time step of the analysis. When the limit was reached, the member was assigned
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a residual strength (10% to 20% of maximum resistance) or remained inactive with no
residual strength.

4. Validation of the Proposed Modeling Technique

4.1. Quasi-Static Cyclic Testing of Tee Beam–Column Joint
4.1.1. Description of Test Specimen

A low-rise building was considered as a prototype for choosing the geometric and
reinforcement detailing of a typical substandard beam–column joint [13] in order to study
the behavior of deteriorating joints and serve as a benchmark for testing and validating
the proposed numerical modeling technique. Several deficiencies were discovered during
the field survey of reinforced concrete building stock in Pakistan [13]. Because it was not
possible to include all of the defects in the experimental models due to time and financial
constraints, it was decided to analyze just those deficiencies that would have a significant
influence on the seismic performance of the reinforced concrete buildings in Pakistan.

The selected beam–column joint subassembly (Figure 13) included columns that were
12 inches wide and 12 inches deep and a beam that was 12 inches wide and 18 inches
deep. This model took into account all deficiencies found between design standards and
actual reinforced concrete building constructions in Pakistan. These deficiencies included:
spacing of ties—double of specified spacing, lack of seismic hooks, location of splice-near
beam–column joint, lap length-reduced by 45%, 20% reduction in the diameter of rebars,
lack of ties in the beam–column joint core (except a single tie), concrete having compressive
strength of 2000 psi, and rebars having yield strength of 40,000 psi. The model’s beam
was reinforced with 3#5 bars at the top and bottom to represent the use of undersized
reinforcing bars in constructions. A #3 stirrup was used as the lateral tie in the beam,
positioned uniformly at 6 inch on centers. There were no seismic hooks, and the ties were
closed at a 90-degree angle.

Figure 13. Geometric and reinforcement details of substandard beam–column joint.
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4.1.2. Experimental Program and Specimen Behavior

Figure 14 illustrates the selected test setup and loading of the beam–column joint. The
load was applied directly at the point of the contra flexure of the beam (i.e., free end of
T-joint). Boundary conditions were selected to accurately reflect the end restraints of a
two-dimensional frame. A hinge support was used to pin-connect the bottom of the column:
pins were firmly fastened to a steel girder, and that steel girder was in turn fastened to
the strong floor. The top of the column was provisioned with a roller support to enable
unrestricted movement in a vertical direction, while lateral movement was restricted.

Figure 14. Schematic representation of test specimen setup and loading.

A permanent gravity load of 26 tons (20% of the gross-section capacity) was applied
at the top of the column. A reverse cyclic load was applied at the beam end of the beam–
column assembly. To simulate the pre-cracked conditions, initially the assembly was tested
under force-controlled loading. First, three tons of load was determined to be the theoretical
yield capacity (Fy) of the system. This was used to guide load control testing; the force
was applied in four equal increments: 0.25 Fy, 0.5 Fy, 0.75 Fy and Fy, and each increment
was repeated three times. This was followed by displacement-controlled testing till the
specimen attained extensive damages (Figure 15). Initially, the assembly was tested under
force-controlled loading to simulate the pre-cracked conditions of existing buildings. The
system’s theoretical yield capacity, Fy, was first determined to be 2.76 tons. The force was
applied in four equal increments—0.25 Fy, 0.5 Fy, 0.75 Fy, and Fy—and each increment was
repeated three times during the load control tests. Displacement controlled testing was
conducted afterwards until the specimen had sustained extensive damages (Figure 15).

Diagonal cracks initiated in the beam–column joint and vertical cracks appeared at
the beam–column interface at a drift demand of 1.0%. The existing cracks in joints became
aggravated, and additional multiple cracks appeared with increasing drift demand from
1.5% to 3.0% drift. Consequently, a concrete wedge mechanism was initiated. Upon further
increasing drift demand, the width of existing cracks widened, while a concrete wedge was
detached from the joint at a drift demand of 5.0%. This failure mechanism is especially
brittle, and the bearing load capacity was lost as a result of the pushing out of a concrete
wedge; therefore, the test was terminated.

4.2. Comparison of the Numerical and Experimental Prediction

The analytical model illustrated in Figure 5 was generated using the nonlinear finite
element SeismoStruct program. The analytical model is composed of the inelastic beam and
column members modeled as inelastic fiber-section-based elements that use the force-based
formulation with the improved materials models discussed earlier. The material model
for rebars is a uniaxial steel model that was first developed by Monti et al. [54] and can
comprehend the post-elastic buckling behavior of reinforcing bars in compression. It makes
use of the stress–strain relationship presented by Menegotto and Pinto [46], as well as
the isotropic hardening rules of Filippou et al. [29] and the buckling rules of Monti and
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Nuti [55]. For increased numerical stability/accuracy under transient seismic stress, it
considers a further memory rule suggested by Fragiadakis et al. [47]. The material model
for concrete is a uniaxial nonlinear constant confinement model described earlier that was
first developed by Madas [56] and that adheres to the stress–strain relationship established
by Mander et al. [48] and the cyclic rules proposed by Martinez-Rueda and Elnashai [49].
The Mander et al. [48] rule, which assumes continuous confining pressure over the whole
stress–strain range, integrates the confinement effects offered by the lateral transverse
reinforcement.

Figure 15. Damages observed in a beam–column joint with increasing drift demand. (a) represents
the west-side face of damages at 3.0% drift (b) represents the east-side face of damages at 3.0% drift.
(c) represents the west-side face of damages at 5.0% drift (d) represents the east-side face of damages
at 5.0% drift.

To simulate fixed-end rotation, a concentrated plasticity hinge was introduced at the
beam end using a zero-length link element. The link element connected two contemporane-
ous structural nodes and necessitated the development of a separate force–displacement
(or moment–rotation) response curve for each of its local six degrees of freedom. An in-
finitely stiff elastic force–displacement rule was assigned to all degrees of freedom, except
the in-plane rotational dof that was assigned with the multilinear moment–rotation rule
(Figure 11b) featuring pinching in the hysteretic force–displacement behavior to simulate
the opening/closing of a vertical crack at the beam end. The selected hysteresis loop is
described in Sivaselvan and Reinhorn [57], which is capable of simulating the deterioration
of strength, stiffness, and bond slip. The vertical dof of the beam element and the horizontal
dof of the column element were assigned with linear force–displacement behavior to ideal-
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ize the member shear deformation. However, the shear strength limit criteria described
earlier were used to identify member shear failure.

Four stiff link elements were positioned along the edges of the panel to idealize the
joint panel, and one nonlinear moment–rotation spring was introduced at one corner hinge.
The backbone moment–rotation curve represents the behavior for monotonic loading,
establishes strength and deformation bounds (Figure 6a), and uses a pinched hysteretic
model from Ibarra et al. [37] to model the deteriorating hysteresis of the backbone curve
(Figure 6b).

Figure 16 compares the analytical and experimental hysteretic responses of the Tee
beam–column joint. This demonstrates that the initial stiffness, maximum strength, and
hysteretic response of the analytical model agree well with the experimental response. The
proposed joint modeling technique accurately simulates the inelastic response of the Tee
beam–column joint viz. the plastic hinge flexural damage mechanism, with the slip of the
reinforcing bars in the inelastic beam member and joint damage shear hinge mechanism
within the panel zone, as well as the deterioration of stiffness and strength important
for the considered substandard beam–column joint. Therefore, the proposed joint panel
idealization using a nonlinear zero-length rotational spring with a deteriorating hysteretic
rule may accurately model the nonlinear behavior of the exterior beam–column joints in
existing structures.

Figure 16. Comparison of the analytical and experimental force–displacement hysteretic responses.
A model with elastic joints and conventional beam–column element formulation is shown in (a) and
a proposed model with nonlinear joints and improved beam–column element formulation is shown
in (b). Displacement is given in mm, and force is given in tons.

5. Frame Structure Nonlinear Response Analysis

5.1. Description of Frame Structure

A five-story reinforced concrete moment-resisting frame structure in the present study
serves as a representative example of a Pakistani substandard frame building construction
that falls short of code requirements (Figure 17). The assumed footprint of the structure is
45.72 m (150 ft) by 36.576 m. (120 ft). The structure has five bays in each direction, with the
following dimensions: 9.144 m (30 ft) longitudinal bay width, 7.3152 m (24 ft) transverse
bay width, and 3.6576 m story height (12 ft).

In compliance with the building regulations, a live load of 2.40 kN/m2 was used.
A 203 mm (8 in)-thick two-way floor slab and a superimposed dead load of 1.0 kN/m2

(20 lbs/ft2) were included in the dead load, in addition to the members’ self-weight. The
beams and columns were designed using regular reinforced concrete with a 28-day un-
confined compressive strength of 13.80 MPa (2000 psi). The weight of the concrete was
taken 23.60 kN/m3 (150 lbs/ft3). Reinforcement steel of grade 40 with a design yield tensile
strength of 276 MPa (40 ksi) was used. Building analysis and design were performed for
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the short direction in accordance with BCP-SP (2007), assuming a fixed base to signify an
adequate foundation.

Figure 17. Geometric and reinforcement details of the selected frame. (a) The footprint of the
considered building and (b) one-bay multi-story frame extracted for nonlinear response analysis.
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A single-bay, two-dimensional, multi-story frame was extracted for nonlinear mod-
eling and building response analysis. Based on the tributary area, weights were applied
to the single-bay frame. Due to the same structural and dynamic properties that follow
(i.e., building vibration period, frame damage mechanisms, and nonlinearities), it was
intended that the behavior of the buildings resemble that of a planar frame. While other
3-dimensional effects and the slab/joists contribution can affect a structure’s seismic re-
sponse [58–60], the planar frame simplification allows for a significant reduction in the
number of elements and degrees of freedom in the numerical model, which reduces the
computation time needed for the building nonlinear response analysis and is a conservative
approach to assessment.

5.2. Numerical Modeling

The nonlinear finite element SeismoStruct program was used to numerically model the
considered prototype multi-story frame in a manner similar to the Tee beam–column joint
discussed earlier. The floor loads and masses were lumped evenly at floor structural nodes.
In order to account for the large displacements, the total corotational geometric transfor-
mation was used [52]. According to earlier research, the mass and stiffness proportional
Rayleigh damping in the first two modes was set at 2% of critical for the considered frame
Ahmad et al. [61]. The building frame elements were discretized using the fiber-section-
based element with mixed formulation developed by Spacone et al. [40,42] that uses the
improved material model formulations [47,49]. To account for the fixed-end rotation caused
by bond failure, rebars yielding, and inelastic extension, the frame elements were provided
with concentrated plasticity hinges that maintain the formulation of Filippou et al. [29] and
uses the pinched degrading hysteretic rule as proposed by Sivaselvan and Reinhorn [57].
The frame was idealized using elastic joints (center-line model) and nonlinear joint panel
models with the deterioration of stiffness and strength to evaluate the significance of the
improved formulation. The joint panels were idealized as a parallelogram of stiff elements
and provisioned with a corner nonlinear moment–rotation spring that uses the pinched
deteriorating hysteresis of Ibarra et al. [37].

5.3. Selected Ground Motions

Twenty-four far-fault earthquake ground motions were obtained from the PEER NGA
online ground motion database. Given that an existing structure may experience a variety
of moderate-to-strong ground motions throughout its design life, it was preferable to
subject the numerical model to a range of ground motions that represented variation in
the key seismological parameters, such as magnitude (Mw: 6 to 7.62), fault mechanism
(reverse, reverse-oblique, and strike-slip), source-to-site distance (Rjb: 17 km to 29 km), and
significant duration (D5-95%: 11 s to 70. A single ground motion from each earthquake
event was chosen in order to account for record-to-record variability. Earthquake events
from numerous active tectonic zones (US, Japan, New Zealand, Iran, Taiwan, Armenia,
Mexico) were taken into consideration. The median spectrum for the elastic 5% damped
single degrees of freedom systems with periods ranging from 0.02 s to 4.0 s and subjected to
unscaled ground movements is shown in Figure 18 and reported Table A1 in Appendix B.
The selected unscaled ground motions have a peak acceleration of 0.35 g at a period of
0.26 s and a median peak ground acceleration of 0.16 g.

5.4. Frame Nonlinear Response
5.4.1. Damage Distribution

The seismic response of the selected frame was evaluated using a nonlinear response
history analysis procedure, with both a conventional frame model with elastic joints and
an improved frame model with nonlinear joint model and improved element formulation
taken into account.
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Figure 18. Acceleration response spectrum of the selected twenty-four ground motions linearly
scaled and conditioned on the building period T1 = 0.78 s.

The ground motion of the Kocaeli Turkey earthquake of 17 August 1999 (recording
station: YARIMC, KOERI330; Source: PEER Strong Motion Database) was considered and
scaled linearly by a factor of 1.75 to induce large nonlinearity in the frame for contrasting
the behavior of frames. Member chord rotation indicates the extent of plasticity the member
experiences during ground motion, which is an important indicator of seismic damage
distribution. Damage distribution diagrams were developed (Figure 19), depicting ele-
ments’ maximum chord rotation values (in percentage) to graphically compare the effects
of joint modeling on the damage distribution. Shear hinge formation in the joints was also
reported. The joint damage corresponded to the initiation of diagonal cracking when the
principal tensile stress in the joint exceeded 0.29 (fc′)0.5 MPa, moderate damage when the
principal tensile stress in the joint was between 0.29 (fc′)0.5 MPa and 0.42 (fc′)0.5 MPa, and
extensive damages in the panel zone when the principal tensile stress in the joint exceeded
0.42 (fc′)0.5 MPa. Due to the flexibility that joint deformation provides, the activation of
the joint shear mechanism increased the chord rotation demand on the connecting beam
members. The performance of the conventional frame with elastic joints was satisfactory
under the considered ground motions. The improved model, on the other hand, shows
critical shear mechanism and increased member chord rotation demand sufficient to cause
soft-story mechanism and consequent frame collapse.

Figure 19. Response comparison for a five-story frame using a conventional model with elastic joint
(a) and a model with a nonlinear joint model and improved frame element formulation (b) The
member chord rotation value is given in percentage.

222



Buildings 2022, 12, 1758

5.4.2. Inter-Story Drift Demand

The maximum inter-story drift ratio per record was obtained in order to evaluate
the modeling technique with regard to the distribution of lateral deformation demand.
Figure 20 shows the distribution of the maximum inter-story drift values while taking the
average of the suite of ground motions. The inter-story drift distribution emphasizes the
significance of the joint nonlinear model and the improved element formulation because,
when compared to the drift demand for a conventional frame model, the drift demand for
the frame model increases when joint nonlinearity is included and the improved element
formulation is used. For the improved frame model with nonlinear joints, an increase of up
to 62% (mean drift) and 89% (mean + 1.std.) is shown in the lower floors when assessing
the inter-story drift distribution. As a result, the frame drift responses are drastically
underestimated by the conventional frame model.

Figure 20. Inter-story drift comparison for a five-story frame using a conventional model with elastic
joint (a) and a model with a nonlinear joint model and improved frame element formulation (b).

5.4.3. Collapse Risk

According to the experimental results discussed earlier, 4.50% of story drift is a realistic
approximation for the beam–column connection’s collapse limit since, after this drift limit
was exceeded, the joint lost its ability to support the gravity loads. Figure 21 reports
the maximum story drift demand for each individual ground motion. Comparing the
maximum story drift demand for different ground motions can give the instances the
demand exceeds the capacity. We observed seven instances of the demand exceeding the
capacity in the case of an improved frame model, resulting in a collapse risk of 7/24 = 0.292
(probability of failure = 29.20%). However, in the case of the conventional frame model,
there was only one event wherein the demand exceeded the capacity, which resulted in a
collapse risk of 1/24 = 0.042 (probability of failure = 4.20%). The relevant fitting procedure
for fitting fragility functions that use the maximum likelihood method, as outlined by
Baker [62], was used to derive fragility functions for the considered frames. Figure 22
shows the fragility functions of both conventional and improved frame models, indicating
that the conventional model grossly underestimates the collapse risk of frames.
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Figure 21. The maximum story drifts demand in individual ground motion for both conventional
and improved frame models.

Figure 22. Collapse fragility functions for conventional and improved frame models.

6. Conclusions

The majority of existing nonlinear modeling techniques are deficient in one or more
crucial characteristics (lack of fixed-end rotation deformation or stiffness and strength
deterioration due to joint shear hinge), making them less appropriate for simulating the
nonlinear behavior of existing substandard beam–column joints with pre-cracks that exhibit
the deterioration of stiffness and strength under cyclic loading. In order to effectively
model and simulate the deteriorating response of substandard beam–column joints, as
demonstrated in the experimental test and supported by numerical simulation, fixed-end
rotation must be taken into consideration, in addition to joint nonlinearity. The issue with
pre-cracked RC members is that they exhibit fixed-end rotation under seismic actions that
considerably contribute to deformation.

To accurately determine the member stiffness matrix, resisting forces, and deformation,
it is therefore necessary to improve the conventional nonlinear finite element fiber-section-
based element to account for the appropriate section/element force–deformation behavior.
Since only the end rotational deformation needs to be additionally included, the formu-
lation takes into account supplementing the conventional beam–column element with an
additional rigid-bar with concentrated plasticity hinges at the end.
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The nonlinear response history analysis of a five-story RC frame showed that activating
the joint shear hinge and fixed-end rotation mechanisms increased the chord rotation
demand on the connecting beam members by up to 85%. When determining the inter-
story drift demand, the collapse probability of structures subjected to design base ground
motions increased from 4.20% to 29.20%.

The importance of accurate nonlinear modeling becomes evident when assessing
the performance of structures for strong ground motions, as the collapse risk is grossly
underestimated when using conventional modeling techniques, in contrast to a more
accurate nonlinear model. It is of particular importance when determining the collapse risk
of structures for strong ground shaking with a large duration, and it becomes crucial in the
case of reverse/oblique faults because most collapses (five out of seven) are observed in
earthquakes caused by these faults.

The formulation and modeling proposed in this research are best suited for pre-cracked
beam–column members that exhibit fixed-end rotation due to rebar slip/inelastic extension
and the deterioration of joint stiffness/strength. Because conventional models are applica-
ble in most situations, they must be improved when used to assess existing structures with
the issues highlighted in the present research (i.e., fixed-end rotation, joint shear hinging,
and deterioration). To generalize the application of the suggested formulation to structures
with joints of adequate strength and without fixed-end rotation, considering the elastic
response of the joint panel and discarding the fixed-end rotational springs in modeling
RC beam–column members are suggested. Although the proposed detailed modeling
increases analysis time in comparison to the conventional model, it is recommended for
the risk assessment of individual buildings in order to obtain detailed information that can
effectively guide retrofitting efforts. As the joint deformability decreases significantly under
bi-axial loading, the proposed modeling may be extended for the analysis of 3D structures.
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Appendix A

Figure A1. Simplified flowchart for preparing numerical model of structural system.

Appendix B

Table A1. Details of the ground motions used for nonlinear response history analysis. Rev. represents
reverse faults; Rev. Ob. represents reverse and oblique faults, and SS represents strike-slip faults.

S. No. Earthquake Event Year Recording Station Mw Fault
Rjb

(km)
Duration (s),

5–95%

1 San Fernando 1971 LA–Hollywood Stor FF 6.61 Rev. 22.77 13.4
2 Tabas_ Iran 1978 Boshrooyeh 7.35 Rev. 24.07 19.5
3 Coalinga-01 1983 Parkfield–Fault Zone 15 6.36 Rev. 28.00 19.7
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Table A1. Cont.

S. No. Earthquake Event Year Recording Station Mw Fault
Rjb

(km)
Duration (s),

5–95%

4 Spitak_ Armenia 1988 Gukasian 6.77 Rev. Ob. 23.99 10.5
5 Loma Prieta 1989 Hollister–South & Pine 6.93 Rev. Ob 27.67 28.8
6 Northridge-01 1994 LA–W 15th St 6.69 Rev. 25.59 20.2
7 Chi-Chi_ Taiwan 1999 CHY025 7.62 Rev. Ob. 19.07 35.3
8 St Elias_ Alaska 1979 Icy Bay 7.54 Rev. 26.46 34.6
9 Niigata_ Japan 2004 NIG018 6.63 Rev. 21.55 70.3
10 Chuetsu-oki_ Japan 2007 Joetsu Kita 6.80 Rev. 28.97 30.8
11 Iwate_ Japan 2008 IWT012 6.90 Rev. 20.47 30.8

12 Christchurch_ New
Zealand 2011 LINC 6.20 Rev. Ob. 18.47 13.3

13 Northern Calif-03 1954 Ferndale City Hall 6.50 SS 26.72 19.4
14 Imperial Valley-06 1979 Delta 6.53 SS 22.03 51.4
15 Victoria_ Mexico 1980 Chihuahua 6.33 SS 18.53 19
16 Morgan Hill 1984 Agnews State Hospital 6.19 SS 24.48 40.9
17 Superstition Hills-02 1987 Brawley Airport 6.54 SS 17.03 14.3
18 Landers 1992 North Palm Springs 7.28 SS 26.84 37.9
19 Kobe_ Japan 1995 Fukushima 6.90 SS 17.85 35.7
20 Tottori_ Japan 2000 OKY005 6.61 SS 28.81 24
21 Parkfield-02_ CA 2004 Coalinga–Fire Station 39 6.00 SS 22.45 27.7

22 El Mayor-Cucapah_
Mexico 2010 Chihuahua 7.20 SS 18.21 51.2

23 Joshua Tree_ CA 1992 Thousand Palms Post
Office 6.10 SS 17.15 11.1

24 Darfield_ New Zealand 2010 WSFC 7.00 SS 24.36 26.2

References

1. Moehle, J.P.; Mahin, S.A. Observations on the behavior of reinforced concrete buildings during earthquakes. ACI Spec. Publ. 1991,
127, 67–90.

2. Varum, H. Seismic assessment, strengthening and repair of existing buildings. Ph.D. Thesis, Department of Civil Engineering,
University of Aveiro, Aveiro, Portugal, 2003.

3. EERI. Northridge Earthquake January 17; Preliminary Reconnaissance Report, Earthquake Engineering Research Institute (EERI):
Oakland, CA, USA, 1994.

4. Aycardi, L.E.; Mander, J.B.; Reinhorn, A.M. Seismic resistance of reinforced concrete frame structures designed only for gravity
loads–experimental performance of subassemblages. ACI Struct. J. 1994, 91, 552–563.

5. Beres, A.; Pessiki, S.P.; White, R.N.; Gergely, P. Implications of experiments on the seismic behaviour of gravity load designed RC
beam-to-column connections. Earthq. Spectra 1996, 12, 185–198. [CrossRef]

6. Gautam, D.; Adhikari, R.; Rupakhety, R. Seismic fragility of structural and non-structural elements of Nepali RC buildings.
Eng. Struct. 2021, 232, 111879. [CrossRef]

7. Ahmad, N.; Shahzad, A.; Rizwan, M.; Khan, A.N.; Ali, S.M.; Ashraf, M.; Naseer, A.; Ali, Q.; Alam, B. Seismic performance
assessment of non-compliant SMRF reinforced concrete frame: Shake-table test study. J. Earthq. Eng. 2019, 23, 444–462. [CrossRef]

8. Rizwan, M.; Ahmad, N.; Khan, A.N. Seismic performance of compliant and noncompliant special moment-resisting reinforced
concrete frames. ACI Struct. J. 2018, 115, 1063–1073. [CrossRef]

9. Ricci, P.; De Risi, M.T.; Verderame, G.M.; Manfredi, G. Experimental tests of unreinforced exterior beam-column joints with plain
bars. Eng. Struct. 2016, 118, 178–194. [CrossRef]

10. De Risi, M.T.; Verderame, G.M. Experimental assessment and numerical modelling of exterior non-conforming beam-column
joints with plain bars. Eng. Struct. 2017, 150, 115–134. [CrossRef]

11. Melo, J.; Varum, H.; Rossetto, T. Experimental assessment of the monotonic and cyclic behavior of exterior RC beam-column
joints built with plain bars and non-seismically designed. Eng. Struct. 2022, 270, 114887. [CrossRef]

12. ACI-352-R02. In Recommendations for the Design of Beam-Column Joints in Monolithic Reinforced Concrete Structures; American
Concrete Institute (ACI): Farmington Hills, MI, USA, 2002.

13. Badrashi, Y.I. Response modification factors for reinforced concrete buildings in Pakistan. Ph.D. Thesis, Department of Civil
Engineering, UET Peshawar, Peshawar, Pakistan, 2016.

14. El-Metwally, S.E.; Chen, W.F. Moment-rotation modeling of reinforced concrete beam-column connections. Struct. J. 1988, 85,
384–394.

227



Buildings 2022, 12, 1758

15. Alath, S.; Kunnath, S.K. Modeling inelastic shear deformations in RC beam-column joints. In Proceedings of 10th Engineering
Mechanics Conference ASCE, Boulder, Colorado, USA, 30 April 1995; pp. 822–825.

16. Biddah, A.; Ghobarah, A. Modelling of shear deformation and bond slip in reinforced concrete joints. Struct. Eng. Mech. 1999, 7,
413–432. [CrossRef]

17. Lowes, L.N.; Altoontash, A. Modeling reinforced-concrete beam-column joints subjected to cyclic loading. J. Struct. Eng. ASCE
2003, 129, 1686–1697. [CrossRef]

18. Youssef, M.; Ghobarah, A. Modelling of RC beam-column joints and structural walls. J. Earthq. Eng. 2001, 5, 93–111. [CrossRef]
19. Shin, M.; LaFave, J.M. Testing and modelling for cyclic joint shear deformations in RC beam-column connections. In Proceedings

of the 10th World Conference on Earthquake Engineering, Vancouver, BC, Canada, 1 August 2004; p. 301.
20. Altoontash, A. Simulation and damage models for performance assessment of reinforced concrete beam-column joints. Ph.D.

Thesis, Department of Civil and Environmental Engineering, Stanford University, Stanford, CA, USA, 2004.
21. Ning, C.L.; Yu, B.; Li, B. Beam-column joint model for nonlinear analysis of non-seismically detailed reinforced concrete frame.

J. Earthq. Eng. 2016, 20, 476–502. [CrossRef]
22. Elmorsi, M.; Kianoush, M.R.; Tso, W.K. Modeling bond-slip deformations in reinforced concrete beam-column joints. Can. J.

Civ. Eng. 2000, 27, 490–505. [CrossRef]
23. Pampanin, S.; Magenes, G.; Carr, A. Modeling of shear hinge mechanism in poorly detailed RC beam-column joints. In Concrete

Structures in Seismic Regions: Fib, Symposium; University of Canterbury, Civil Engineering: Athens, Greece, 2003; p. 171.
24. Sharma, A.; Eligehausen, R.; Reddy, G.R. A new model to simulate joint shear behavior of poorly detailed beam-column

connections in RC structures under seismic loads. Part I: Exterior joints. Eng. Struct. 2011, 33, 1034–1051. [CrossRef]
25. Kunnath, S.K.; Hoffmann, G.; Reinhorn, A.M.; Mander, J.B. Gravity-load-designed reinforced concrete buildings–Part I: Seismic

evaluation of existing construction and Part II: Evaluation of detailing enhancements. ACI Struct. J. 1995, 92, 343–478.
26. Ghobarah, A.; Biddah, A. Dynamic analysis of reinforced concrete frames including joint shear deformation. Eng. Struct. 1999, 21,

971–987. [CrossRef]
27. Priestley, M.J.N. Displacement-based seismic assessment of reinforced concrete buildings. J. Earthq. Eng. 1997, 1, 157–192.

[CrossRef]
28. Khan, M.S.; Basit, A.; Ahmad, N. A simplified model for inelastic seismic analysis of RC frame have shear hinge in beam-column

joints. Structures 2021, 29, 771–784. [CrossRef]
29. Fillippou, F.C.; Popov, E.P.; Bertero, V.V. Effects of Bond Deterioration on Hysteretic Behaviour of Reinforced Concrete Joints; Technical

Report, Report No. UCB/EERC-83/19; EERC, University of California: Berkeley, CA, USA, 1983.
30. Filippou, F.C.; Issa, A. Nonlinear Analysis of Reinforced Concrete Frames under Cyclic Load Reversals; Technical Report, Report No.

UCB/EERC-88/12; EERC, University of California: Berkeley, CA, USA, 1988.
31. Baber, T.T.; Noori, M.N. Random vibration of degrading pinching systems. J. Eng. Mech. ASCE 1985, 111, 1010–1026. [CrossRef]
32. Vecchio, F.J.; Collins, M.P. The modified-compression field theory for reinforced concrete elements subjected to shear. ACI J. 1986,

83, 219–231.
33. Lowes, L.N.; Mitra, N.; Altoontash, A.A. A Beam-Column Joint Model for Simulating the Earthquake Response of Reinforced Concrete

Frames; Technical Report, Report no. PEER 2003/10; Pacific Earthquake Engineering Research Center, University of California:
Berkeley, CA, USA, 2004.

34. Park, R. A summary of results of simulated seismic load tests on reinforced concrete beam-column joints, beams and columns
with substandard reinforcing details. J. Earthq. Eng. 2002, 6, 147–174. [CrossRef]

35. Paulay, T.; Priestley, M.J.N. Seismic Design of Reinforced Concrete and Masonry Buildings; John Wiley & Sons Inc.: New York, NY,
USA, 1992.

36. Calvi, G.M.; Magenes, G.; Pampanin, S. Relevance of beam-column joint damage and collapse in RC frame assessment.
J. Earthq. Eng. 2002, 6, 75–100. [CrossRef]

37. Ibarra, L.F.; Medina, R.A.; Krawinkler, H. Hysteretic models that incorporate strength and stiffness deterioration. Earthq. Eng.
Struct. Dyn. 2005, 34, 1489–1511. [CrossRef]

38. Metelli, G.; Messali, F.; Beschi, C.; Riva, P. A model for beam–column corner joints of existing RC frame subjected to cyclic loading.
Eng. Struct. 2015, 89, 79–92. [CrossRef]

39. Hwang, S.J.; Lee, H.J. Analytical model for predicting shear strengths of exterior reinforced concrete beam-column joints for
seismic resistance. ACI Struct. J. 1999, 96, 846–858.

40. Spacone, E.; Filippou, F.C.; Taucer, F. Fibre beam-column model for non-linear analysis of R/C frames. Earthq. Eng. Struct. Dyn.
1996, 25, 711–725. [CrossRef]

41. Ciampi, V.; Carlesimo, L. A nonlinear beam element for seismic analysis of structures. In Proceedings of the 8th European
Conference on Earthquake Engineering, Lisbon, Portugal, 1986.

42. Spacone, E.; Ciampi, V.; Filippou, F.C. Mixed formulation of nonlinear beam finite element. Comput. Struct. 1996, 58, 71–83.
[CrossRef]

43. Papadrakakis, M.; Charmpis, D.C.; Lagaros, N.D.; Tsompanakis, Y. Computational Structural Dynamics and Earthquake Engineering:
Structures and Infrastructures; CRC Press/Balkema: Leiden, The Netherlands, 2008; Volume 2.

44. Calabrese, A.; Almeida, J.P.; Pinho, R. Numerical issues in distributed inelasticity modelling of RC frame elements for seismic
analysis. J. Earthq. Eng. 2010, 14 (Suppl. S1), 38–68. [CrossRef]

228



Buildings 2022, 12, 1758

45. Taucer, F.F.; Spacone, E.; Filippou, F.C. A Fiber Beam-Column Element for Seismic Response Analysis of Reinforced Concrete Structures;
EERC Report 91/17; Earthquake Engineering Research Center, University of California: Berkeley, CA, USA, 1991.

46. Menegotto, M.; Pinto, P.E. IABSE Symposium on Resistance and Ultimate Deformability of Structures; Symposium, International
Association for Bridge and Structural Engineering: Zurich, Switzerland, 1973; pp. 15–22.

47. Fragiadakis, M.; Pinho, R.; Antoniou, S. Modeling inelastic buckling of reinforcing bars under earthquake loading. In Proceedings
of the ECCOMAS Thematic Conference on Computational Methods, Crete, Greece, 13–16 June 2007.

48. Mander, J.B.; Priestley, M.J.N.; Park, R. Theoretical stress-strain model for confined concrete. J. Struct. Eng. ASCE 1988, 114,
1804–1826. [CrossRef]

49. Martinez-Rueda, J.E.; Elnashai, A.S. Confined concrete model under cyclic load. Mater. Struct. 1997, 30, 139–147. [CrossRef]
50. Ahmad, N.; Masoudi, M.; Salawdeh, S. Cyclic response and modelling of special moment resisting beams exhibiting fixed-end

rotation. Bulletin of Earthquake Engineering. 2021, 19, 203–240. [CrossRef]
51. Deierlein, G.G.; Reinhorn, A.M.; Willford, M.R. Nonlinear Structural Analysis for Seismic Design, NIST GCR 10-917-5; National

Institute of Standards and Technology: Gaithersburg, MD, USA, 2010.
52. Correia, A.A.; Virtuoso, F.B.E. Nonlinear analysis of space frames. III European Conference on Computational Mechanics; Springer:

Dordrecht, Netherlands, 2006.
53. ASCE 41-17. In Seismic Evaluation and Retrofit of Existing Buildings; Technical Report 2017; American Society of Civil Engineers

(ASCE): Reston, VA, USA, 2017.
54. Monti, G.; Nuti, C.; Santini, S. CYRUS-Cyclic Response of Upgraded Sections; Report No. 96-2; University of Chieti: Chieti, Italy, 1996.
55. Monti, G.; Nuti, C. Nonlinear cyclic behavior of reinforcing bars including buckling. J. Struct. Eng. 1992, 118, 3268–3284.

[CrossRef]
56. Madas, P. Advanced Modelling of Composite Frames Subjected to Earthquake Loading. Ph.D. Thesis, Imperial College London,

London, UK, 1993.
57. Sivaselvan, M.; Reinhorn, A.M. Hysteretic Models for Cyclic Behavior of Deteriorating Inelastic Structures; Report MCEER-99-0018;

MCEER, SUNY at Buffalo: New York, NY, USA, 1999.
58. Masoudi, M.; Khajevand, S. Revisiting flexural overstrength in RC beam-and-slab floor systems for seismic design and evaluation.

Bull. Earthq. Eng. 2020, 18, 5309–5534. [CrossRef]
59. Santarsiero, G.; Masi, A. Analysis of slab action on the seismic behavior of external RC beam-column joints. J. Build. Eng. 2020,

32, 101608. [CrossRef]
60. Montuori, R.; Nastri, E.; Piluso, V. Modelling of floor joists contribution to the lateral stiffness of RC buildings designed for

gravity loads. Eng. Struct. 2016, 121, 85–96. [CrossRef]
61. Ahmad, N.; Rizwan, M.; Ashraf, M.; Khan, A.N.; Ali, Q. Seismic collapse safety of reinforced concrete moment resisting frames

with/without beam-column joint detailing. Bull. New Zealand Soc. Earthq. Eng. 2020, 54, 1–20. [CrossRef]
62. Baker, J.W. Efficient analytical fragility function fitting using dynamic structural analysis. Earthq. Spectra 2015, 31, 579–599.

[CrossRef]

229



Citation: Biglari, M.;

Hadzima-Nyarko, M.; Formisano, A.

Seismic Damage Index Spectra

Considering Site Acceleration

Records: The Case Study of a

Historical School in Kermanshah.

Buildings 2022, 12, 1736. https://

doi.org/10.3390/buildings12101736

Academic Editors: Rajesh Rupakhety

and Dipendra Gautam

Received: 20 September 2022

Accepted: 17 October 2022

Published: 19 October 2022

Publisher’s Note: MDPI stays neutral

with regard to jurisdictional claims in

published maps and institutional affil-

iations.

Copyright: © 2022 by the authors.

Licensee MDPI, Basel, Switzerland.

This article is an open access article

distributed under the terms and

conditions of the Creative Commons

Attribution (CC BY) license (https://

creativecommons.org/licenses/by/

4.0/).

buildings

Article

Seismic Damage Index Spectra Considering Site Acceleration
Records: The Case Study of a Historical School in Kermanshah

Mahnoosh Biglari 1,*, Marijana Hadzima-Nyarko 2 and Antonio Formisano 3

1 Civil Engineering Department, School of Engineering, Razi University, Kermanshah 6718773654, Iran
2 Faculty of Civil Engineering and Architecture Osijek, The Josip Juraj Strossmayer University of Osijek,

31000 Osijek, Croatia
3 Department of Structures for Engineering and Architecture, School of Polytechnic and Basic Sciences,

University of Naples Federico II, 80131 Naples, Italy
* Correspondence: m.biglari@razi.ac.ir or mahnooshbiglari@yahoo.com

Abstract: The frequency content and time duration of earthquakes are as effective as the peak ground
acceleration on structural damage. Therefore, using rapid seismic vulnerability assessment methods
that consider the earthquake acceleration time history is noticeable. Kermanshah is a historical city
that is generally affected by far-field earthquakes. Therefore, it is necessary to consider the effect of the
low-frequency shocks in evaluating the vulnerability of buildings in this city. Herein, a historic school
in Kermanshah is assumed as a case study and two well-known damage index formulas are used for
determining the damage index spectra of this structure, considered as a single degree of freedom
system. Then, the effective parameters of the damage index, including ductility, relative degradation
of stiffness, and dissipated energy are determined from a nonlinear analysis of the structure under
the effect of the most probable earthquake acceleration records. Finally, the damage index spectra can
be used for rapid seismic vulnerability assessment of masonry buildings on similar sites with various
fundamental periods for large-scale assessments. The result shows that the building tends to collapse
at a peak ground acceleration of 0.15 g. Furthermore, results confirm the seismic resistance reduction
effect of flexible floors.

Keywords: seismic vulnerability; damage index spectra; historical masonry building; nonlinear analysis

1. Introduction

The first step in reducing the seismic risk in a city is to identify the earthquake hazard
and evaluate both the vulnerability of at-risk structures and the consequences of the
earthquake. Although the seismic hazard of an earthquake at a site cannot be reduced, it
can be determined by studying the seismic sources and determining the set of possible
magnitudes of each source with deterministic and probabilistic seismic hazard analysis
methods [1]. Realistic knowledge of hazards is helpful in accurately estimating seismic
vulnerability and, therefore, seismic risk analysis. Additionally, if there is an accurate
assessment of the seismic vulnerability of buildings, it is possible to reduce the seismic risk
by retrofitting or renovating vulnerable buildings. Other steps to reduce the seismic risk
are providing relief and rescue facilities, and predicting post-earthquake facilities, shelters,
and settlement locations [2].

To assess the seismic vulnerability of structures, several rapid and qualitative methods,
and different quantitative methods based on the structural condition and modeling of their
seismic behavior are available. In the case of historical buildings, destructive identification
methods and renovation are usually not available options. Therefore, in historical struc-
tures, qualitative and nondestructive identification methods are recommended to evaluate
the structural seismic vulnerability. These buildings often have complex geometry and
heavy mass, and are not provided with a seismic resistance system, so as a result, they
show damage induced by past destructive earthquakes. Choosing the most appropriate
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vulnerability assessment method depends on the number of assets under investigation,
the importance and nature of the structures, the level of access to information, and the
available budget. Quantitative assessment methods, based on structural modeling, are
time-consuming and expensive and are not recommended in the first evaluation phase.
Contrarily, rapid evaluations given by qualitative methods are used in the initial phase
of assessment and prioritizing rehabilitation planning. These indirect methods are based
on the observation of structural elements and building configurations. An example of
an indirect method that uses indicators is the vulnerability index method, introduced
by [3] and then developed by other research [4] for masonry buildings. This method uses
standard forms to evaluate the seismic vulnerability level of structures by considering
several in situ parameters. An extension of the screening tool was presented in [5], where
a vulnerability assessment form was used to consider the structural interaction among
adjacent buildings. This form added to the basic parameters of the original forms [3] by
including five parameters that account for interaction effects among aggregate structural
units under earthquakes. Another example of a scoring method is one introduced by the
Italian Directive [6], indicated as the Level of Evaluation 1, which was delivered to be
used for evaluations at a territorial scale. This method requires only in situ visual inspec-
tions, providing a seismic performance in terms of acceptable peak ground acceleration
depending on a global vulnerability index. Further, damage matrices and fragility curves
help to predict the damage of similar structures by the damage surveys collected after
destructive earthquakes. The empirical fragility curves were firstly developed after the
1971 San Fernando (Los Angeles, CA, USA) earthquake by [7], and, subsequently, some
remarkable examples came from the 2009 L’Aquila, Italy, earthquake, developed by [8],
the 1934 to 2015 Nepali earthquakes, introduced by [9], and the 2017 Sarpol-e-zahab, Iran,
earthquake, delivered by [10,11]. Alternative methods to develop fragility curves were
provided by studying the structural models of buildings through incremental dynamic
analyses (e.g., [12,13]). The advantage to the basic simplified methods is their high evalua-
tion speed. Specifically, the indirect method and empirical fragility curves do not require
modeling and structural analysis. The disadvantage to these methods is that they use
only the intensity or the peak ground acceleration of the earthquake, without considering
the effect of other necessary parameters. Another suggestion is to use a hybrid approach,
whereby empirical and analytical methods are combined to obtain quantitative and more
reliable results for a group of buildings. A similar way was used by [14] to evaluate a
masonry building in Osijek, Croatia.

This research presents the seismic damage index spectra for the historic center of Ker-
manshah city and evaluates the seismic vulnerability of a historic high school. Kermanshah
is the ninth most populated city in Iran and the most significant city in the central region
of western Iran. The city of Kermanshah, located in the Zagros seismic zone, has been
exposed to several destructive earthquakes throughout history, of which the earthquake of
2016 November 21st is the latest example. The city of Kermanshah is one of the historical
and cultural cities of Iran. Its origin dates back to the fourth century AD. It was the second
capital of the Sassanid Empire until the Arab invasion of Iran. At the end of the 18th century,
Kermanshah’s commercial and strategic importance increased with the establishment of
the customs office. Most of the attractive post-Islamic historical buildings in Kermanshah
include the traditional market (Bazaar), mosques, Takaya, schools, caravanserais, and
mansions from the Qajar era. Owing to the high seismicity of Kermanshah, these buildings
are prone to seismic damage by the occurrence of destructive earthquakes. One of the
issues of earthquake engineering is to evaluate the existing seismic resistance and ductility
requirements of existing buildings, and/or prepare crisis maps using real seismic scenarios.
Therefore, it is desirable to provide a relatively fast but accurate seismic damage assessment,
as the method proposed in this paper. Before this study, a series of investigations were
conducted on the seismic vulnerability assessment of the historical mosques of Kerman-
shah city, including rapid seismic assessment [15], identification of material properties [16],
macroelement modeling, pushover analysis, and fragility curves [17].
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In this research, the seismic vulnerability of the historic Kazazi High School is evalu-
ated based on the most probable earthquakes at its site by using the damage indices as a
measure of structural damage. For the investigated structure, first, a set of three pairs of
earthquake records was determined; then, using several assumed single degree-of-freedom
(SDOF) systems, the spectral functions of the damage index were determined based on the
two definitions presented in the literature. Finally, by knowing the proposed parameters
of an SDOF system (e.g., the natural period of investigated structure) representing an
unreinforced masonry (URM) building, it is possible to determine the structure’s response
to a given earthquake using the damage index spectra. Since there is no history of using
this methodology and presenting this type of spectra in Iran, this analysis approach can be
considered a novel type for the historic area of Kermanshah city. In addition, this method
accounts for all the necessary parameters of the earthquake, including the amplitude, fre-
quency content, and duration, by considering the time-history record of the acceleration.
Furthermore, equating the structure with an SDOF system facilitates nonlinear analysis.
Hence, proposing the seismic vulnerability index spectra, which is not a complicated task,
can be very effective. By damage index spectra, the vulnerability of buildings with similar
seismic behavior, at a similar seismic site, and different fundamental frequencies (different
mass, stiffness, and damping ratio), can be quickly evaluated. It is, therefore, possible to
add this method to rapid assessment instructions. The rest of the paper is organized as
follows: introduction to the history and architectural characteristics of the school building,
description of the damage index functions and properties of the applied seismic accelero-
grams, presentation of the seismic damage index spectra for original records and different
scaled records, and, finally, conclusions on the seismic vulnerability assessment.

2. Kazazi High School

Kazazi High School is the oldest high school in Kermanshah and one of the first Iranian
modern-style high schools. The construction of this high school started in January 1921,
six years before the modern-style school construction in the Pahlavi period started, by
the suggestion and efforts of the late Seyyed Hossein Kazazi (1874–1923). The execution
works of the structure ended in 1923. Other traditional schools were established before
construction of this high school, but this was the first high school with a modern educational
syllabus and equipment, such as classrooms, laboratories, libraries, drawing galleries, and
a conference hall. In 1998, this school was registered by the Ministry of Cultural Heritage,
Tourism, and Handicrafts (MCTH) of Iran as a national heritage construction of Iran. It
operates as a museum after retrofitting in 2009.

The architecture of the building is simple, and more than beautification, a rigorous
appearance of the building has been preferred (Figure 1a). Only the brickwork of the facade
represents an embellishment system of the building.

In 2006, during the renovation, the building plan changed, and some parts of the
transverse walls of the classrooms were removed. Currently, the plan of the building is
rectangular, 36 m long in the east–west direction and 16 m wide in the north–south direction
(Figure 1b). A corridor with a width of 4.65 m and a length of 36 m (the whole building
length) is located in the middle of the building. Classrooms are situated on both sides
of this corridor. The width of the classrooms is 4 m, and their length varies from 6.15 to
12.9 m. The main entrance of the building is located on the north side, and another door
is located on the east side. Figure 1c–g show the north, south, east, and west perspective
views, respectively.

There is another floor in the center of the building, where there are the manager’s
office, the meeting hall, and the documents archive, along with two terraces on the north
and south sides. The staircase is in the middle of the terrace on the north side, which, after
renovation, has been surrounded by walls. The height of the first and second floors are 4.00
and 3.80 m, respectively. The wall materials are brick and lime mortar. The ceiling is made
of a wooden beam and a gable roof placed on a wooden truss.
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Figure 1. Kazazi High School: (a) north-view photo, (b) first-floor and second-floor plan (dimensions in
centimeter), (c) north-view, (d) south-view, (e) east-view, (f) west-view, and (g) building perspective.
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In addition to the main classroom building, the high school has two additional separate
buildings that are not discussed here. These two buildings are (1) the northern building
and the main entrance built in 1926 and (2) the meeting hall and theatre built in 1935.

3. Methodologies, Descriptions, and Seismic Records

To perform a seismic vulnerability assessment, the method used in this paper requires
the use of appropriate damage index (DI) spectral functions. Particularly, two of these
functions are herein considered. One is the function introduced by Park and Ang [18], and
the other is the function introduced by Moric et al. [19]. Seismic vulnerability assessments by
these methods, in addition to the high speed of the evaluation and the ability to use it for a
large number of building stocks on an urban scale, are based on more than just the geometry
of the structure, the quality of the materials, and the single parameter of the peak ground
acceleration. In these two methods, other than considering the maximum amplitude of the
accelerograms, the amplitude in all other cycles, frequency content, and time duration of the
record, the force–displacement behavior, and the fundamental frequency of the structure,
are also considered. The only simplification made is generalizing the structure with an
SDOF system, which is not unrealistic for short buildings. As mentioned, the method of
Moric et al. [19] has already been used by [14] to evaluate a historical masonry building
in Osijek, named “II Gymnasium Osijek”. Further, the well-known function of Park and
Ang [18] has not been used to extract the damage index spectrum and is adapted in this
research for proposing the damage index spectrum.

The investigated building is modeled by an SDOF system, determined by weight, elas-
tic stiffness, post-elastic stiffness, damping ratio, and strength limit of elasticity. The nonlin-
ear dynamic analyses are performed using the NONLIN code [20] that implements iterative
time-history numerical integration. The NONLIN code [20] is a Microsoft Windows-based
application for the dynamic analysis of SDOF structural systems. The structure may be
modeled as elastic, elastic–plastic, or a yielding system with an arbitrary level of secondary
stiffness. The secondary stiffness may be positive, to represent a strain hardening system, or
negative, to model P–Delta effects. The dynamic loading may be assigned as an earthquake
accelerogram acting at the building’s base or as a linear combination of sine, square, or
triangular waves applied at the building’s roof. The program uses a step-by-step method to
solve the incrementally nonlinear equations of motion based on Clough and Penzien’s [21]
theoretical description. The code needs elastic and post-elastic behavior, damping, and
strength limit of elasticity. Then, the code provides dissipated energy, cycle numbers of
yielding achieved during the earthquake, force–displacements hysteresis response, and
time history of top displacements. These outputs represent inputs for the DI formulas
reported in this section.

During dynamic analysis, the input seismic load is represented by a site match acceler-
ation time-history record. DI function calculations are repeated for several SDOF systems
with a wide range of fundamental periods from 0.05 to 4.5 s (i.e., T = 0.05, 0.1, 0.2, 0.3, 0.4,
0.5, 0.6, 0.7, 0.8, 0.9, 1, 1.5, 2.0, 2.5, 3.5, and 4.5 s) by nonlinear analyses. Each spectrum
is determined by applying a set of original earthquake acceleration records or the scaled
acceleration records to fixed values ranging from 0.075 to 0.75 g (i.e., PGA = 0.075, 0.15,
0.20, 0.30, 0.45, 0.60, and 0.75 g).

For the historical center of Kermanshah city, three pairs of records (i.e., six horizontal
records) of real accelerograms recorded in the KRM1 station of ISMN [22] are selected. For
any kind of dynamic analysis, the Seismic Code of Iran IRSt2800 [23] suggests applying
three pairs of records (i.e., six horizontal records) or seven nonpair records compatible
with the site. The KRM1 is the most seismically compatible with the historical center of
Kermanshah city. The KRM1 station and the investigated structure are located in the same
seismotectonic plateau in Zagros. They are located close to each other and at a similar
distance from the active faults of the region. Regarding the geological conditions, both
sites are located on type II soil category based on the Seismic Code of Iran IRSt2800 [23]
from the average shear wave velocity of the upper 30 m of the soil, as provided by [24].
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On the other hand, the Kazazi High School building is located in the vicinity of the Jame
Mosque, whose ground seismic properties have been studied and reported by [16] as type
II. In addition, the investigated building has experienced the KRM1 recorded events. This
provides a benchmark for verification of the vulnerability assessment result with factual
events. The records used in this research are presented in Table 1.

Table 1. Accelerograms used in the analysis.

Record
Number

Date
d/m/y

Time
h:min:s

PGA
(cm/s2)

Latitude Longitude
Epicentral
Distance

(km)

Focal
Depth
(km)

Magnitude
(Mw)

Reference

2730 24/04/2002 19:48:07 12 34.65 47.47 53 14 5.3 ISMN *
7292 12/11/2017 18:18:16 55 34.81 45.91 120 18 7.3 ISMN
8250 25/11/2018 16:37:31 12 34.31 45.69 128 16 6.3 ISMN

* [22].

The damage index, which can be used for damage estimation, is defined as a mathemat-
ical function, where 0 means the undamaged state of the structure and 1 indicates failure.

Equation (1) introduces the DI function developed by Park and Ang [18], which is
composed of two terms controlling the seismic behavior of a masonry structure: the first
term depends on the ductility and the second term depends on the dissipated energy. This
function is expressed through the following relationship:

DI =
umax

uult
+ 0.15

EH
Fcruult

(1)

where umax is the maximum displacement reached, uult is the ultimate displacement, EH is
the energy amount dissipated by hysteresis, and Fcr is the force at the cracking limit, which
is considered equal to the strength limit of elasticity fy.

Moric et al. [19] proposed Equation (2) as a DI function. This function has three terms:
the first term depends on the ductility, the second term depends on the relative degradation
of stiffness at the end of the earthquake, and the third term depends on energy dissipation
during loading and unloading cycles. It is expressed through the following relationship:

DI =
1
30

[
μ + Δk + 3

√
NγEH

W

]
(2)

where μ is the required ductility displacement equal to umax/uy; Δk = kel/kR is the relative
degradation of stiffness at the end of the earthquake, kel = fy/uy the initial stiffness and
kR = fmax/umax the residual secant stiffness at the end of the earthquake; Nγ is the cycle
number of yielding achieved during the earthquake; EH is dissipated energy during the
earthquake; and W is structure weight.

Moric [25] presented a modification to the DI function for unconfined masonry build-
ings with flexible floor structures (DIflex) by using a correction coefficient, which is a
function of the floor type, the masonry tensile strength (ft), and the ratio between the wall
length perpendicular to the direction of the earthquake (l) and the story height (h). For
timber-floor-type ceilings and ft < 0.15 MPa for Kazazi High School, DI/DIflex changes
according to the data shown in Table 2. Hence, depending on the maximum l/h ratio, the
DI values should be modified to find the maximum DIflex that corresponds to the most
damaged state of the investigated structure.

Table 2. DI/DIflex to l/h for URM buildings up to three stories, timber floor, and ft < 0.15 MPa (after
Moric [25]).

l/h 2 3 4 5 6

DI/DIflex 0.70 0.30 0.18 0.12 0.10
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The investigated building is modeled as an SDOF system with a constant weight
W = 1000 kN or through the lumped weight of the structure, equal to the roof weight plus
the half weight of the walls. Since the DI is expressed in terms of the fundamental period
of the building (T), the combinations of mass (m = W/g), elastic stiffness (kel), and damping
ratio (ξ) are necessary. Therefore, any assumption for weight could be considered. Thus,
the desired fundamental period of the SDOF system could be obtained by considering the
elastic stiffness, mass, and damping ratio. A damping ratio of 5% has been considered for
the investigated building.

Furthermore, since masonry structures do not have post-elastic stiffness, the elastic–
perfectly plastic behavior is considered for a post-elastic branch (i.e., k1 = kel, and k2 = 0kel).
Additionally, the strength limit of elasticity (fy) is considered equal to 10% of the total
weight of the structure (i.e., fy = 0.1 W = 0.1 mg), since it represents the structure with low
elastic earthquake resistance.

Finally, the DI of the investigated building is read from the DI spectra versus the
fundamental period of the building. For predicting the fundamental period of the building,
this study uses the last version of the Iranian seismic code IRSt2800 [23], which suggests
the following empirical Equation (3) for masonry structures:

T = 0.05H0.75 (3)

where T is the fundamental period and H is the total structure height.
To classify structural damage, Table 3 presents damage descriptions related to DI

values for both DI functions.

Table 3. DI values and damage description.

DI Function Damage Index Value (DI) Damage Description Damage State

Park and Ang [22]

1.0 < DI Total collapse Complete

0.77 < DI ≤ 1.0 The structure is near to collapse Extensive

0.40 < DI ≤ 0.77 The structure has undergone
severe and nonreversible damages Moderate

DI ≤ 0.40 The structure has limited damage Slight

Modified Moric
et al. [23]

1.0 < DI Extremely high level or collapse Collapse

0.8 < DI ≤ 1.0 Heavy Extensive

0.5 < DI ≤ 0.8 Severe Moderate

0.3 < DI ≤ 0.5 Moderate Light

DI ≤ 0.3 Insignificant Slight

The DI classification is based on four categories from the Park and Ang [18] DI formula,
while the classification of Moric et al. [19] is based on five-category criteria, the same as
EMS 98 [26].

Figure 2 shows the methodology flowchart for DI spectra and the seismic vulnerability
assessment procedure.
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Figure 2. Methodology flowchart for DI spectra and seismic vulnerability assessment procedure [18,19].

4. Seismic Damage Index Spectra

Figures 3 and 4 present spectral functions from Park and Ang [18] and Moric et al. [19]
DI functions, respectively, considering the fundamental period (T) (on the x-axis) versus
the obtained DI values (on the y-axis) plots for each original earthquake and scaled records
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to PGAs from 0.075 to 0.75 g. Dashed lines show the period-dependent damage indices
from analyzing the natural and scaled earthquake records at the KRM1 station, while the
black line is the average curve from all other six spectra. For original earthquakes which
the Kazazi High School experienced recently, from 2002 to 2017, Park and Ang [18] and
Moric et al. [19] provided limited and insignificant damage states (Figures 3a and 4a). It is
confirmed by the evidence of the health state of the building after the occurrence of these
earthquakes, so to show that the criteria used, despite being qualitative, are accurate in
defining the seismic damage of structures.

  

  

  

Figure 3. Park and Ang [18] DI spectral functions for seismic records: (a) original, (b) scaled to
0.075 g, (c) scaled to 0.15 g, (d) scaled to 0.2 g, (e) scaled to 0.3 g, (f) scaled to 0.45 g, (g) scaled to 0.6 g,
and (h) scaled to 0.75 g.
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Figure 4. Moric et al. [19] DI spectral functions for seismic records: (a) original, (b) scaled to 0.075 g,
(c) scaled to 0.15 g, (d) scaled to 0.2 g, (e) scaled to 0.3 g, (f) scaled to 0.45 g, (g) scaled to 0.6 g, and
(h) scaled to 0.75 g.

At low values of PGA, the DI initially grows by increasing the period up to 0.2 s and
then decreases (Figures 3b and 4b). For larger PGAs, the high damage index decreases from
about 0.5 to 1 s (Figures 3 and 4c–h). In addition, as expected, the graphs show DI increases
with the increase in PGA.

Figure 5 presents the sets of average damage spectra in other PGAs by the methods
provided by Park and Ang [18] and Moric et al. [19]. These spectra were used for the rapid
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assessment of the investigated structure, which is discussed in the next section, and are also
helpful for large-scale damage assessment of buildings located on similar ground categories
in this area. The PGA considered for this area can be identified from seismic hazard analysis,
or the most probable earthquake of the Iranian seismic code (IRSt2800, [23]) is considered as
PGA. Alternatively, PGA can be found in the microzonation study of Kermanshah city [27].

Figure 5. DI spectra for various PGA range by (a) Park and Ang [18] DI spectral functions and
(b) Moric et al. [19] DI spectral functions.

5. Seismic Vulnerability Assessment

This section presents the application of DI spectra on vulnerability assessment of
Kazazi High School as an unreinforced masonry historical building with flexible tim-
ber floors.

The steps of using DI spectra to assess the seismic vulnerability follow:

1. Determine the fundamental period (T) of the investigated building from empirical
equations (e.g., Equation (3)).

2. Define the PGA (e.g., from the zoning or microzoning seismic map).
3. Read the value of DI from the DI spectra, which is determined according to the

characteristics of the investigated building, considering site-adapted accelerograms
(e.g., Figure 5).

4. Determine the ratio (l/h) and define the proposed DIflex from DI/DIflex (from Table 2).
5. Provide inference of possible vulnerability based on the modified DIflex (Table 3).

The accurate fundamental period of Kazazi High School can be determined by mea-
suring the fundamental periods on the structure. For the building that has not yet been
measured, it is specified from empirical Equation (3). The analyzed building has a rectangu-
lar plan with a relatively high length-to-width ratio, which leads to different fundamental
periods in both directions, while this empirical equation can only provide the first natu-
ral period.

Therefore, the foundation period is calculated using Equation 3. Hence, for H = 8.8 m,
T = 0.25 s. Depending on the building parameters, DI values for PGAs from 0.075 to 0.6 g are
read using the generated DI spectra (Figure 4). The maximum distance of transverse walls
is l = 12.9 m and the floor height is h = 4 m; hence, the maximum ratio l/h is 12.9/4 = 3.2,
and from Table 2 the correction coefficient for the calculated l/h ratio is DI/DIflex = 0.28. The
results of acceleration-dependent DI for T = 0.25 are presented in Table 4.

The results presented in Table 4 show that, under the influence of an earthquake with
a PGA of 0.075 g, the building will suffer moderate to extensive damage, which can be
displayed as severe damage. According to the formula by Moric et al. [19], the influence of
rigid floors on the behavior of the URM building can be seen. For buildings with flexible
floors, and depending on the l/h ratio, DI is greater, since it is divided by the coefficient of
0.28 (Table 2). Failure of the building is expected already at an acceleration of 0.15 g. If the
building has rigid floors (Table 4), DI is not divided by the coefficient, and the building
does not collapse up to 0.2 g, but of course, it would suffer extensive damage.
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Table 4. DI values versus different PGAs at T = 0.25 s.

DI Function
PGAs

0.075 g 0.15 g 0.2 g ≥0.3 g

Park and Ang [18]
0.86 1 1 1

Extensive Collapse Collapse Collapse

Modified Moric et al. [19]
0.19/0.28 = 0.68 0.65/0.28 considered 1 0.87/0.28 considered 1 1

Moderate Collapse Collapse Collapse

The most probable earthquake expected in Kermanshah from Iranian seismic code
IRSt2800 [23] should be the one with PGA = 0.3 g. To perform a seismic vulnerability
assessment, the method used in this paper requires the use of appropriate damage index
(DI) spectral functions. Two damage index spectral functions are used in this research. One
is the function introduced by Park and Ang [18], and the other is the function introduced
by Moric et al. [19].

Hence, structural collapse is expected for this building. This is mainly due to the long
distance of transverse walls, which will cause the out-of-plane collapse of longitudinal
walls. The vulnerability would be lower if this distance is decreased.

The recent changes in the transverse walls (removing a part of the walls and opening
between the transverse walls to create a connection between the spaces for the new use
of the building as a museum) have made the condition even more dangerous. However,
according to the results obtained from both methods, modeling of the building and its
quantitative investigation are recommended to accurately identify the weak points of the
structure and plan effective intervention strategies for its requalification.

6. Conclusions

This research presents the seismic vulnerability assessment of the historic Kazazi High
School in Kermanshah. The damage index spectra corresponding to the school building
site were determined. Then, the building damage index was evaluated according to its
fundamental period. Two formulas developed and reported in the literature by Park and
Ang and by Moric et al. were used to determine the damage indices in each period. The
damage index parameters were determined from numerous nonlinear analyses of the single
degree of freedom system under three pairs of accelerograms. Because there are no suitable
natural high acceleration records, the accelerograms were scaled to various ranges of peak
ground accelerations. It is worth noting that the second damage formulation considers the
effect of the flexibility of the ceiling on reducing the seismic resistance of the building. The
results showed that:

• Without considering the ceiling flexibility, the first damage formulation (Park and
Ang) provided a higher damage index. Contrarily, the second damage formulation
(Moric et al.), which considered the influence of flexible ceilings, significantly reduced
the building’s resistance to earthquakes.

• Although this school has not been seriously damaged in the past due to the low
acceleration of the previous seismic events, in the case of an earthquake with a peak
ground acceleration of 0.15 g, collapse can be expected.

• The recent structural intervention, increasing the openings in the load-bearing walls
during conversion of the school building to a museum, has increased the seismic
vulnerability of the building. This issue shows the prioritization for in situ study and
numerical modeling of the building to find weak points in the structure and to plan
appropriate retrofit interventions.

In general terms, the most important advantage of the proposed method is that it does
not consider only one parameter of the peak ground acceleration/velocity for its application.
The DI is obtained from the nonlinear dynamic analysis of the acceleration time history.
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Hence, it can take account of the constitutive curve of the structure in a rapid assessment
method, other than considering all the necessary parameters of the accelerograms, such as
amplitude, frequency content, and duration.

In contrast, the generalization of the structure with an SDOF system, especially for
the high-raised buildings, is a disadvantage of this method. For high-raised buildings or
systems with multiple degrees of freedom (MDOF), this problem can be solved by MDOF.
The problem is the inability to consider architectural diversity in structures with irregular
and complex plans. This effect may be reduced by measuring the fundamental period of
the building and applying it to the DI selection from the DI spectrum.

When applied to a large urban area or compartment scale, it is possible to select a
suitable set of records for each region according to the seismic microzonation and propose
DI spectra for each typology of buildings. The use of these spectra is fast and solely needs
the fundamental period of each building. These spectra can be recommended in rapid
seismic vulnerability assessment guidelines for large-scale urbanized areas.
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Abstract: The determination of shear strength and the identification of potential failure modes are
the crucial steps in designing and evaluating the structural performance of reinforced concrete (RC)
columns. However, the current design codes and guidelines do not clearly provide a detailed
procedure for governing failure types of RC columns. This study predicted the shear strength and
identified the failure modes of rectangular RC columns using various Machine Learning (ML) models.
Six ML models, including Multivariate Adaptive Regression Splines (MARSs), Naïve Bayes (NBs),
K-nearest Neighbors (KNNs), Decision Tree (DT), Support Vector Machine (SVM), and Artificial
Neural Network (ANN), were developed to calculate the shear strength and to classify the failure
modes of rectangular RC columns. A total of 541 experimental data samples were collected from
literature and utilized for developing the ML models. The results reveal that the ANN and KNNs
models outperformed other ML models in predicting the shear strength of rectangular RC columns
with the R2 value larger than 0.99. Additionally, the KNNs model achieved the highest accuracy,
mostly 100%, for identifying the failure modes of rectangular RC columns. Based on the superior
performance of the ANN and KNNs models, a graphical user interface was also developed to rapidly
predict the shear strength and failure modes of rectangular RC columns.

Keywords: rectangular reinforced concrete column; failure mode; shear strength; machine learning
model; graphical user interface

1. Introduction

Rectangular reinforced concrete (RC) columns have been widely used in civil engi-
neering structures. The columns are key components in ensuring the global safety of
the structures. Calculating the shear strength and identifying the failure modes of such
columns are crucial problems in the design process and structural analyses. Numerous
experimental studies reported that the RC column could be failed in flexure, shear, or
combined flexure–shear, depending on input design parameters.

Practical formulas for calculating the shear strength of RC columns were specified
in design codes, such as ASCE/SEI-41-06 [1], ACI 318 [2], Eurocode-8 (EC-8) [3], CSA [4],
and FEMA 273 [5]. Furthermore, many studies proposed equations for estimating the
shear strength of RC columns [6–12]. However, a discrepancy was observed in comparing
experimental tests and equations in the codes and published studies [13–16]. Additionally,
several proposed formulas in previous works were limited in specific cases, such as short
rectangular RC columns [17] and low transversal reinforcement [12]. Few models were
even difficult in application practices since they contain many coefficients [18].

To overcome these drawbacks, Machine Learning (ML) techniques have been em-
ployed. Various studies applied ML models for predicting structural capacity and response
of RC columns and beams [19–31]. Inel [19] estimated the ultimate flexure deformation
of rectangular RC columns using Artificial Neural Networks (ANNs). A total of 237 data
samples were used to construct the ANN model, which showed superior performance
to other empirical equations. The flexure moment capacity of spiral RC columns was
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predicted using an Adaptive Fuzzy Inference System (ANFIS) model [20] and neural net-
works combined with particle swarm and Harris Hawks optimization techniques [21].
They proved that those ML models estimated the moment capacity with high precision.
Recently, Feng et al. [22] employed the adaptive boosting model to predict the plastic
hinge length of RC columns, in which 133 data sets were utilized. Lee et al. [23] collected
210 experimental tests to propose empirical equations for estimating the lumped plasticity
model of circular RC columns using regression techniques. Aldabagh et al. [24] proposed
simplified equations for predicting drift limits of circular RC bridge columns based on
ML-based symbolic regression. Recently, Quaranta et al. [32] developed hybrid models
combining mechanical concepts with machine learning-calibrated coefficients for improv-
ing shear strength equations of reinforced concrete members. They demonstrated that
the accuracy of updated equations was significantly enhanced. Moreover, some studies
utilized ML models to estimate the shear strength of circular [13–15,25] and rectangular RC
columns [16,17,25,26]. However, they stated that a wide range of ML algorithms should
be investigated and the number of data samples should be increased. Additionally, the
previously developed ML models were not transferred to practical tools (e.g., mathematical
formulas or graphical user interface), which can be used in design problems. Therefore, it
will be very challenging to apply those ML models for practice. In addition, the influence
of input variables on the predicted shear strength was not investigated systematically.

Normally, three typical failure modes of RC columns are observed under
seismic loading [26,33]:

(1) Flexure failure: degradation of lateral load capacity occurred due to flexural
deformation after yielding of the longitudinal reinforcing bar. This is the ductile failure,
and it has a visible warning before losing capacity. In other words, it is the expected failure
type in the design of the columns.

(2) Shear failure: degradation of lateral load capacity occurred due to shear distress
(diagonal cracks) before yielding of the longitudinal reinforcing bar. This is the brittle
failure and an unexpected type. It should be avoided in the design procedure.

(3) Flexure–shear failure: degradation of lateral load capacity occurred after yielding
of the longitudinal reinforcing bar but results from shear distress.

In the last decades, the identification of the failure modes of RC columns has used
conventional methods, such as the shear aspect ratio, shear strength ratio, and ductility
factor. A very simplified indicator is the column aspect ratio, a/d (i.e., shear span—to-
effective depth ratio) [34]. If a/d ≥ 4, the column fails in flexure; if 2 < a/d < 4, a
flexure–shear failure is governed; otherwise, the shear failure is dominated if a/d ≤ 2.
Nevertheless, this approach does not consider the influence of material properties and
reinforcement details [26]. Another parameter, the shear strength ratio (Vr), which is defined
as the ratio of the shear demand to shear capacity, has also been utilized for estimating the
failure modes of rectangular RC columns [34,35]. The column fails in shear if Vr > 1; the
column suffers a flexure failure if Vr ≤ 0.6; otherwise, a flexure–shear failure is governed.
However, it was stated that this method predicted failure modes of RC columns less
accurately [34,36]. Moreover, Ghee et al. [37] employed the displacement ductility factor (μ)
to classify failure types of circular RC columns. If μ ≥ 6, the column fails in flexure; a
ductile–shear failure can be experienced if 2 < μ < 6, and otherwise if μ ≤ 2, a shear failure
is dominated. Nevertheless, a small data set was used; this approach is not suggested to
apply for a wide range of columns. Additionally, the variation of calculated capacity and
predicted failure is significant due to the complexity of mechanism.

To improve the prediction, Qi et al. [37] classified failure models of RC columns
using the Fisher discriminant analysis. They gathered 111 tests of circular RC columns
to derive the statistic method. However, a limited accuracy was shown for the flexure–
shear failure mode. Ning and Feng [38] developed a probabilistic indicator to classify
the failure mode of solid rectangular RC columns. For that, an explicit expression was
derived using the simplified truss-and-arch model accounting for flexural and shear models,
in which five unknown parameters were involved. However, given the complexity of
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failure mechanisms, prevailing uncertainties, and subjective definition of thresholds in the
proposed modeling [38], the predicted failure modes were not perfectly consistent with the
experimental data provided by Berry et al. [39] and Zhu et al. [33].

So far, several studies have applied ML techniques to identify the failure modes of
RC columns. Mangalathu and Jeon [40] predicted failure modes of circular RC bridge
piers based on six ML models, which were established based on 311 experimental results.
They pointed out that ANN was the optimal approach among the investigated ML models.
Feng et al. [26] applied various single and ensemble learning algorithms to classify failure
modes and to predict the bearing capacity of rectangular RC columns using 254 test data
samples. As a result, the adaptive boosting algorithm demonstrated better performance for
classifying failures than other single learning techniques. Mangalathu et al. [41] employed
the random forest model and the SHapley Additive exPlanation (SHAP) method [42] to predict
failure modes of spiral RC columns. They concluded that the used methods provided an
accuracy of 84% in identifying failure modes of the columns. Recently, Naderpour et al. [43]
utilized ANN and Decision Tree (DT) models to predict failure modes of RC columns,
in which 163 and 253 data sets were considered for spiral and rectangular RC columns,
respectively. The aforesaid studies emphasized the high precision of ML techniques in
identifying failure modes of RC columns. However, practical tools, such as mathematical
equations or the graphical user interface, were not developed for design purposes.

This study employs six ML models to predict the shear strength and identify failure
modes of rectangular RC columns. A total of 541 experimental data samples were selected
to train the ML models. Six used ML models include Multivariate Adaptive Regression
Splines (MARSs), DT, K-Nearest Neighbors (KNNs), Support Vector Machine (SVM), ANN,
and Naïve Bayes (NBs). Among these, the MARSs, KNNs, DT, SVM, and ANN models were
used for predicting the shear strength; meanwhile, the NBs, KNNs, DT, and SVM models
are used for classifying failure modes. The optimal ML model was recognized, and then
practical tools (i.e., mathematical equation and the graphical user interface) were developed
for convenient design purposes of rectangular RC columns. Additionally, the effects of
input parameters on the shear strength of RC columns are investigated in this study.

2. Data Collection

A significant database should be used in developing ML models to cover a wide range
of input parameters of RC columns, such as geometric dimensions, material properties, and
axial load effects. Additionally, the large enough sample size also enables the accuracy of
prediction. A total of 541 experimental data sets of rectangular RC columns were extensively
collected from the study of Ghannoum et al. [44] and other studies [45–103]. Ten input
parameters, including geometric dimensions, reinforcing bar details, material properties,
and axial load, need to be provided to estimate the shear strength and identify the failure
mode of the RC columns. Geometric dimensions include the height of the column (L), the
width of the cross-section (B), and the length of the cross-section (H). It is worth noting
that the aspect ratio of columns (L/B) is varied from 1.1 to 15.3, covering short and slender
RC columns. Reinforcement details contain the longitudinal reinforcement ratio (ρl), the
transversal reinforcing bar ratio (ρh), and the spacing of the transversal reinforcements (s).
Material properties comprise the yield strength of the longitudinal ( fyl) and transversal
( fyh) reinforcing bars and the compressive strength of the concrete ( f ′c). The values of f ′c are
ranged from 20 MPa to a high compressive strength of 140 MPa. Moreover, the effects of
the centric axial load (P) are considered in the data sets, in which the axial compression
ratio is varied from zero to 90%.

Figure 1 depicts the configurations and reinforcement properties of the rectangular
RC column. The statistical properties of the experimental results are described in Table 1.
In this table, ten input parameters, numbered as variables from X1 to X10, are involved
in training machine learning models. The frequency histograms of input parameters and
failure modes of the 541 data samples are shown in Figure 2. For this database, the number
of columns that failed in flexure (F), flexure–shear combination (FS), and shear (S) is 335, 91,
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and 115, respectively. Figure 3 shows the correlation matrix of input and output parameters
of the collected data. Based on this figure, it can be found that some parameters had
a strong correlation, such as B and H. In addition, the shear strength (V) is strongly
correlated with the cross-section dimensions (B and H). Meanwhile, some others were
poorly correlated, such as s and ρh, B or H, and f ′c since their physical meanings have no
connection. Moreover, the correlation among axial load (P), column height (L), and the
output (V) showed to be medium.

Figure 1. Configurations and properties of rectangular RC columns.

Table 1. Summary of input parameters of database.

Input
Parameter

L
(mm)

B
(mm)

H
(mm)

s
(mm)

f’
c

(MPa)

fyl
(MPa)

fyh
(MPa)

ρl
(%)

ρh
(%)

P
(kN)

(Variable) (X1) (X2) (X3) (X4) (X5) (X6) (X7) (X8) (X9) (X10)

Min 225 150 100 20 20 313 215 0.20 0.01 0.0
Mean 1286 284 301 101 49 448 496 2.15 0.94 1130
Max 3000 610 610 457 141 745 1470 4.50 4.00 5492
SD 647 109 115 77 27 77 222 0.69 0.94 1069

COV 0.53 0.38 0.38 0.76 0.55 0.17 0.45 0.32 0.99 0.95
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Figure 2. Frequency of input parameters and observed failure modes of database.

Figure 3. Correlation matrix of input and output parameters.
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3. Background of Machine Learning Models

So far, there are numerous ML models, which can be applied for regression and
classification problems in structural engineering. Each algorithm contains advantages and
limitations. In this study, the authors selected some typical single ML models for predicting
shear strength and classifying failure modes of rectangular RC columns, in which NBs,
MARSs, KNNs, DT, SVM, and ANN were used. A brief description of the investigated ML
models is provided as follows.

3.1. Naïve Bayes

NBs classifiers are a set of supervised ML algorithms based on the Bayes theorem.
The NBs algorithm works very fast and can easily predict the class of a test data set. NBs
methods assume that the value of a given class is independent of the feature vector. The
Bayes theorem can be expressed as

P(y|x1, . . . , xn) =
P(y)P(x1, . . . , xn|y)

P(x1, . . . , xn)
(1)

where y is the given class variable; xi is the dependent feature vector; P(y) is the prior
probability (i.e., the class probability); P(xi|y) is the conditional probability, and P(xi) is
the evidence. The various Naïve Bayes classifiers differ mostly due to the assumptions
of the distribution of P(xi|y). In this study, we used Gaussian naïve Bayes for classifying
failure modes of rectangular RC columns. However, it should be noted that if the data sets
have a categorical variable of a category that is not included in the training data set, the
NBs model will assign it zero probability and will not be able to make any predictions in
this regard. Thus, a smoothing technique is required to solve this problem.

3.2. K-Nearest Neighbors

KNNs, a nonparametric supervised ML method, classifies data based on K samples
that are nearest to it. The K parameter is determined as the square root of the number of
the training data set. This algorithm does not make any assumption about the data, and
it can be applied both for classification and regression problems Additionally, KNNs is
very simple to perform for multiclass problems. However, the KNNs algorithm is very
sensitive to outliers as it simply chooses the neighbors based on distance criteria. Moreover,
the KNNs model does not perform well on imbalanced data.

To apply KNNs for classification, it can be implemented through three main steps:

• Firstly, the KNNs determines the distance between a new data point to all other points
of training data. This space can be calculated using Euclidean distance,

i.e.,

√
K
∑
i
(xi − yi)

2 or Manhattan distance, i.e.,
K
∑
i
|xi − yi|, where xi and yi are coor-

dinates of data points.
• Next, the KNNs algorithm randomly selects the K nearest data points (K is an integer).

The selection is based on the proximity to other data points regardless of what feature
the values.

• Finally, the algorithm allocates the data point to the class where similar data points
lie down.

3.3. Decision Tree

DT, a supervised ML algorithm, is known as one of the most effective techniques for
prediction and classification [104]. This ML technique is a tree-like flowchart, in which
each nonleaf node (i.e., internal node) represents a test on a feature. The training data
from the root node are recursively partitioned into subsets or branches using the Gini or
entropy index criterion [105]. Each branch denotes an output of the test, and each leaf node
(i.e., terminal node) indicates a classification. The advantages of DT are easy to understand
and interpret, and it has no assumptions about data sets. Additionally, this algorithm can
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operate with numerical and categorical features. However, this model can easily create the
overfitting problem during training process.

3.4. Support Vector Machine

SVM is a supervised ML algorithm, which is popularly used in performing classifi-
cation and regression [106]. SVM is also a fast and dependable classification technique. It
is effective in high dimensional spaces and works well with a clear margin of separation.
SVM can perform very well with a limited amount of used data. However, SVM does not
work well when the database is large and has more noise, i.e., target classes are overlap-
ping. Normally, the procedure for classification using SVM can be implemented by the
following steps:

• Creating a hyperplane or decision boundary that separates the features (i.e., classes). It
can be a linear or nonlinear hyperplane. A good decision boundary is achieved when
it contains the largest space to the adjacent training data point of classes.

• Using a kernel function, K(x, y), to facilitate the computation of dot products of
pairs of input data vectors, which are designed by mapping from the original finite-
dimensional space to a higher-dimensional space.

Kernel functions play a crucial role in SVM to connect from linearity to nonlinearity.
Three typical kernel functions, which are Linear, Gaussian, and Polynomial, can be em-
ployed to evaluate the classification performance. Those functions defined on Euclidean
space, Rd, are expressed as

Linear kernel function : K(x, y) = xTy,
(

x, y ∈ R
d
)

(2)

Gaussian kernel function : K(x, y) = e−
‖x−y2‖

2σ2 , (x, y ∈ R
d, σ > 0) (3)

Polynomial kernel function : K(x, y) =
(

xTy + r
)n

,
(

x, y ∈ R
d, r ≥ 0, n ≥ 1

)
(4)

3.5. Artificial Neural Networks

ANNs are flexible and can be used for both regression and classification problems. It
is good to work with nonlinear data containing a large number of inputs. Neural networks
can be trained with any number of inputs and layers, and the predictions are obtained very
fast. However, ANNs depend on training data significantly, and sometimes this can create
an overfitting problem.

An ANN model comprises three components:

• Input layer, where input parameters are entered;
• Hidden layer(s);
• Output layer, where the predicted result is obtained.

The neurons in the network are bridged in some forms, in which the signal is trans-
ferred from neurons to other neurons. These connections hold a weight, and each neuron
has a bias and an activation. The input vector (i.e., signal) of the neuron is represented by
x = [x1, x2, . . . , xm], while the weighted sum of the input vector is determined by z ∈ R

as follows:

z =
d

∑
i=1

wixi = wTx + b (5)

where w = [w1, w2, . . . , wd] ∈ R
d denotes the weight vector in the d-dimension; b ∈ R is

the bias. To consider the nonlinear relationship between the input and output vectors, a
nonlinear processing with respect to z is performed in the form of

y = f (z) (6)
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where f represents the activation function; y denotes the activation value of the neuron. In
this study, the tansig and purelin functions were employed for making a smooth transition
during training the network [107], expressed by Equations (7) and (8). This approach is
also consistent with studies elsewhere [108–117].

y = tansig(x) =
2

1 + e−2x − 1 (7)

y = purelin(x) = x (8)

To perform the ANN algorithm, the following processes are required:

• Firstly, the input signals (i.e., data) are entered to the input layer, and the signals are
transferred from one node (neuron) to another through the connections in the network.
This is called the forward pass.

• Secondly, after obtaining the output from the forward pass, it is required to evaluate
this output by comparing it with the target using the Mean Squared Error (MSE), as
expressed in Equation (9). This is called the backward pass.

• Moreover, it is needed to minimize the error by iteratively updating those processes
until the MSE is converged.

MSE =
1
N

N

∑
i=1

(pi − ti)
2 (9)

where N is the number of samples; ti and pi are the target and predicted values of the
ith sample, respectively.

3.6. Multivariate Adaptive Regression Splines

MARSs is a flexible nonparametric regression method, which was proposed by Fried-
man [118]. This model is more flexible than linear regression ones. In addition, it is simple
to understand and interpret. Moreover, MARSs can deal with both numerical and cat-
egorical databases. However, the disadvantage of MARSs is that the fitting function is
not smooth. The general expression of nonparametric regression is represented by the
following form:

yi = f (xi1, xi2, . . . , xij) + εi = f (X) + εi (10)

where X = (xi1, xi2, . . . , xij) is an i × j matrix of j input variables and i samples; εi is the
error of the ith sample. A MARSs model is constructed using basis functions to approximate
the f (X), expressed by

f (X) = c0 +
N

∑
n=1

cnBn(x) (11)

where c0 is a constant; cn is the coefficients of basis functions Bn(x); N is the number of basis
functions. Basic functions are splines, which normally have piece-wise linear functions. A
a basis function can be one of the three forms: (1) a constant, (2) a hinge function, which
yields the kink, and (3) a product of two or more hinge functions. A hinge function is
expressed in the forms of max(0, x − c) or max(0, c − x), in which c is a constant, the
so-called knot or cutpoint value. Generally, to perform MARSs, the following steps are
conducted [119]:

• Construct a forward stepwise algorithm to select spline basis functions.
• Develop a backward stepwise algorithm to delete unnecessary basis functions until

the optimal set is obtained.

4. Prediction of Shear Strength of Rectangular RC Columns

4.1. Existing Formulas for Calculating Shear Strength of RC Columns

So far, numerous studies have proposed equations for calculating the shear strength
of RC columns [1–10]. In this study, we employed six typical equations for calculating the
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shear strength of RC columns, in which equations in current design codes and well-known
previous studies are considered. Six formulas included ACI 318 [2], Eurocode-8 (EC-8) [3],
CSA [4], FEMA 273 [5], Ascheim and Moehle [6], and Sezen and Moehle [9] (ASCE/SEI
41-06 [1]), as described in Table 2.

Table 2. Formulas for calculating shear strength of rectangular RC columns.

ID Model Expression Equation

1 ACI 318 [2] V1 = 0.166
(

1 + P
13.8Ag

)
bwd
√

f ′c +
Ash fyhd

s
(12)

2 CSA [4] V2 = min
(

βbwdν

√
f ′c +

Ash fyhd
s cot θ; 0.25 f ′cbd

)
dν = 0.9d

(13)

3 FEMA 273 [5]
V3 = 0.29λ

(
k + P

13.8Ag

)
bd
√

f ′c +
Ash fyhd

s
k = 1.0 for low ductility demand.
k = 0 for moderate and high ductility demand.

(14)

4 EC8 [3]

V4 = k(Vc + Vw) + VP
Vc = 0.16max(0.5; 100ρl

(
1 − 0.16min

(
5; a

d
))

Ac
√

f ′c
Vw = Asw

s (d − d′) fyw

VP = (D−x)
2a min(N; 0.55Ac f ′c)

(15)

5 Ascheim and Moehle [6]
V5 = 0.3

(
k + P

13.8Ag

)
0.8Ag

√
f ′c +

Ash fyhd
s tan(300)

k = 4−μ
3 , μ is the displacement ductility

d = 0.8H

(16)

6 Sezen and Moehle [9]
(ASCE/SEI 41-06 [1])

V6 = k

(
0.5
√

f ′c
a/d

√
1 + P

0.5Ag
√

f ′c

)
0.8Ag + k Ash fyhd

s ;

d = D − cover
k = 1 for μ < 2.0; k = 0.7 for μ > 6.0;
0.7 ≤ k = 1.15 − 0.075μ ≤ 1.0 for 2.0 ≤ μ ≤ 6.0
a is the shear span, (i.e., the distance from loading point to the boundary).

(17)

4.2. Performance of ML Models

Five ML models, which are MARSs, DT, KNNs, SVM, and ANN, were employed to
predict the shear strength of RC columns. For each ML model, large and wide-ranging
training–testing ratios were tested to identify the optimal model. The ratios include 0.6–0.4,
0.65–0.35, 0.7–0.3, 0.75–0.25, 0.8–0.2, 0.85–0.15, and 0.9–0.1. In the current study, we used
three statistical parameters, which are the coefficient of determination (R2), root-mean-
square error (RMSE), and a20 − index, to evaluate the performance of the ML models. The
definitions of these indicators are expressed by following equations:

R2 = 1 −
(

∑N
i=1(ti − oi)

2

∑N
i=1(ti − o)2

)
(18)

RMSE =

√√√√( 1
N

) N

∑
i=1

(ti − oi)
2 (19)

a20 − index =
n20
N

(20)

where ti and oi represent the target and output of ith data point, respectively; o is the
mean of output data samples; N is the total number of data set; n20 is the number of data
statisfied 0.8 ≤

∣∣∣ Vexp
Vpredict

∣∣∣ ≤ 1.2, in which Vexp and Vpredict are the shear strengths obtained
from experiments and predictions, respectively.

Figures 4–8 show the performance of ML models, in which R2, RMSE, and a20− index
are measured for various scenarios in training ML models. It should be noted that 210 cases,
which combine 7 training ratios (i.e., 0.6, 0.65, 0.7, 0.75, 0.8, 0.85, and 0.9) and 30 values of
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the model parameter, were trained for each ML model. The ranking of 210 training–testing
ratios in each ML model is shown in Figure 9. For MARSs, 30 basis functions were tested,
and the best model was obtained with 29 basis functions and a training data ratio of 0.8.
For DT, the minimum leaf size ranged from 1 to 30, and the best model was achieved
at a leaf size of 1, and the training data ratio was 0.7. For KNNs, the number of nearest
neighbors were tested up to 30, and the best model was found with 1-nearest neighbor
and a training data ratio of 0.85. For SVM, the ε-insensitive zone, which determines the
deviation margin of the predicted point, ranged from 0.01 to 0.3 with an interval of 0.01. As
a result, the optimum SVM model achieved at ε was 0.01, and the training data ratio was
0.8. Meanwhile, the best ANN model was obtained when the number of neurons in the
hidden layer were 27 and the training data ratio was 0.9. Figures 4–8 also demonstrate that
the accuracy of the ANN and MARSs models is improved as the number of key parameters
of ML models increased. By contrast, the predicting performance of the other ML models
was lessened as the number of key parameters increased.

Figure 4. The performance of 210 MARSs models.

Figure 5. Cont.
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Figure 5. The performance of 210 DT models.

Figure 6. The performance of 210 KNNs models.

Figure 7. Cont.
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Figure 7. The performance of 210 SVM models.

Figure 8. The performance of 210 ANN models.

Figure 9. Cont.
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Figure 9. The ranking of ML models with 210 training-testing ratios.

4.3. Comparison of Performance between ML Models and Existing Equations

The comparisons of predictive models (i.e., existing equations and ML models) and
experimental results are shown in Figure 10. In this figure, the horizontal axis represents the
shear strength provided by the experiments, while the calculated and predicted values are
shown in the vertical axis. It was obviously demonstrated that the ML models outperformed
the empirical equations, which are proposed by design codes and previous studies. The
data scattering of ML models is significantly smaller than that obtained by existing formulas.
Among these, the ANN and KNNs models showed to be the best options in predicting the
shear strength of rectangular RC columns, followed by the SVM and DT models.

Table 3 shows the calculated statistical indicators (R2, a20− index, RMSE) from eleven
predicted models in this study. It should be noted that the values in parentheses are for the
testing data. The values of R2 and a20 − index obtained from the ML models showed to be
noticeably higher than those from existing equations. Both the ANN and KNNs models had
a superior performance among the used ML models with an R2 of 0.998 and 1.0 for training
data, respectively, and an R2 of 0.938 and 0.876 for testing data, respectively. Additionally,
the RMSE values calculated from the ML techniques were significantly smaller compared
to those from empirical equations, specifically ANN and KNNs had the smallest errors.
This again implies that ANN and KNNs are the efficient models in predicting the shear
strength of RC columns.
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Figure 10. Comparison of shear strengths between experiments and various predicted models.
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Table 3. Statistical indicators of different predictive models.

Model R2 a20−Index RMSE (kN)

ACI 318 [2] 0.254 0.197 133.8
CSA [4] 0.463 0.211 136.9

FEMA 273 [5] 0.180 0.187 149.0
EC8 [3] 0.627 0.174 128.3

Ascheim and Moehle [6] 0.186 0.194 208.5
Sezen and Moehle [9] 0.529 0.338 108.5

MARSs 0.897 (0.845) 0.503 (0.537) 54.65 (71.99)
DT 0.962 (0.847) 0.855 (0.660) 33.59 (70.18)

KNNs 1.000 (0.876) 1.000 (0.765) 0.000 (51.54)
SVM 0.982 (0.874) 0.894 (0.602) 22.78 (63.86)
ANN 0.998 (0.938) 0.976 (0.830) 8.08 (36.00)

5. Failure Mode Classification Using Machine Learning Models

Four ML techniques including NBs, DT, KNNs, and SVM were applied for classifying
the failure modes of rectangular RC columns. Ten input parameters in Table 1 were used for
implementing those ML algorithms. All ML algorithms in this study were developed using
MATLAB. For that, the trial-and-error method was also employed for training models.
Again, it is noted that the number of experimental columns that failed in flexure (F), flexure–
shear combination (FS), and shear (S) was 335, 115, and 91, respectively. Figure 11a shows
the distribution of failure modes in the collected data set. It can be found that the data points
of three failure modes were not balanced, in which the number of flexural failure modes
predominated in the data samples. The imbalanced data set affects the decision boundary of
ML models during the learning process. To overcome this problem, the synthetic minority
oversampling technique (SMOTE) [120] was employed to balance the distribution of classes
by replicating samples of the minority classes. As a result, the instances of failure modes
were equal after balancing, as shown in Figure 11b. The duplicating process was conducted
using Scikit-learn module with following steps:

(1) Randomly select a data point (i.e., sample) from the minority class.
(2) Determine the nearest neighbors (e.g., 5 data points) of the selected sample.
(3) Create synthetic samples between two data points in the feature space.

Figure 11. Distribution of failure modes in the database (a) before and (b) after performing SMOTE.

To evaluate the performance of the ML techniques, typical measures consisting of
accuracy, sensitivity, specificity, and area under the curve (AUC) were used.

• Accuracy is expressed as the ratio of the sum of correct classifications to the total
number of classes.

• Specificity represents the proportion of the negative class correctly classified.
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• Sensitivity (i.e., recall) is measured as the ratio of the number of accurately predicted
failure modes to the total number of failure modes considered in the data.

• AUC is the indicator for measuring the ability of an ML model to distinguish between
classes. AUC is the area under the Receiver Operating Characteristic (ROC) curve,
which is plotted by Sensitivity in the y-axis against 1 − Speci f icity in the x-axis. The
higher the AUC, the better the performance of an ML model.

Figure 12 depicts the concept of the confusion matrix and how to calculate those
measuring indicators. It should be noted that the higher values of accuracy, sensitivity,
specificity, F1-score, and AUC, the better the performance of the machine learning tech-
niques. However, the sensitivity and specificity should be simultaneously going up to
indicate the good performance of the models.

Figure 12. Concept of confusion matrix and definition of measuring indicators.

Figures 13–16 show the performance of four classifying ML models, in which 210 cases
were investigated for each model. It should be noted that the key parameter for optimizing
NBs is the equal bin width value. Meanwhile, the minimum leaf size was used for DT;
the number of nearest neighbors was for KNNs; the kernel scale was for SVM, and the
number of neurons in the hidden layer was for ANN. It can be observed that the highest
accuracy of the NBs, DT, and KNNs models was obtained at the smallest value of the model
parameters, whereas SVM was optimized at the kernel scale of 0.12 and the training data
ratio of 0.8.

Figure 13. Cont.
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Figure 13. Performance of 210 NBs models for classifying failure modes.

Figure 14. Performance of 210 DT models for classifying failure modes.
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Figure 15. Performance of 210 KNNs models for classifying failure modes.

Figure 16. Cont.
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Figure 16. Performance of 210 SVM models for classifying failure modes.

The ranking of 210 cases in each classifying model is shown in Figure 17. For NBs,
30 bin width values were tested, and the best model was obtained with 0.4 and at a training
data ratio of 0.85. For DT, the minimum leaf size ranged from 1 to 30, and the best model
was achieved at the leaf size of 1, and the training data ratio was 0.9. For KNNs, the number
of nearest neighbors was tested up to 30, and the best model was found with 1-nearest
neighbor and a training data ratio of 0.9. For SVM, the kernel scale ranged from 0.01 to
0.3 with an interval of 0.01. As a result, the optimum SVM model was achieved at a scale
of 0.12 and a training ratio of 0.8.

Figure 18 shows the performance of the best ML models in terms of confusion matrices
for identifying failure modes of rectangular RC columns after performing SMOTE. The
confusion matrix represents the number of correctly and incorrectly predicted classes for
each class and based on observed experiment results (i.e., true class) are plotted versus the
predicted failure modes (i.e., predicted class) in the confusion matrix. Each element in the
matrix, Aij, expresses the number of true classes i, but predicted to class j. As a result, the
diagonal elements of the matrix (from the upper left to the lower right) are failure modes,
which were accurately predicted by the ML techniques. In other words, the off-diagonal
elements denote failure modes, which were misclassified. Among the investigated ML
techniques, KNNs showed to be the best model for classifying failure modes of rectangular
RC columns with a very high accuracy, mostly reaching 100%. Furthermore, the SVM and
DT models also demonstrated a good prediction of failure modes with an accuracy greater
than 87%. Meanwhile, the NBs model was not a good option for identifying failure modes
of rectangular RC columns.

Figure 17. Cont.
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Figure 17. The ranking of 210 cases in each ML model for classifying failure modes.

Table 4 summarizes the calculated indicators for measuring the performance of dif-
ferent ML models in identifying the failure modes of RC columns. Noting that the values
outside parentheses were for the training phase, while the values in parentheses were for
the testing phase. Once again, it can be observed that the KNNs model showed to be the
optimal technique with the accuracy, sensitivity, specificity, and AUC mostly close to 1.0.
Additionally, SVM was also a good model for identifying failure modes of the columns.

Table 4. Measuring indicators of classifying models.

Model Accuracy Sensitivity Specificity AUC

NBs 0.667 (0.653) 0.838 (0.940) 0.754 (0.710) 0.666 (0.807)
DT 0.954 (0.890) 0.957 (0.909) 0.986 (0.955) 0.954 (0.966)

KNNs 1.000 (0.980) 1.000 (1.000) 1.000 (1.000) 1.000 (0.970)
SVM 1.000 (0.905) 1.000 (0.970) 1.000 (0.940) 1.000 (0.951)
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Figure 18. Confusion matrix of classified failure modes using different models.
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6. GUI Tool for Predicting Shear Strength and Failure Modes of Rectangular RC Columns

To apply the proposed ML models in specific problems, a convenient tool needs to be
established. We developed a Graphical User Interface (GUI) in MATLAB for facilitating
failure mode identification as well as for the prediction of the shear strength of rectangular
RC columns, as shown in Figure 19. Ten input parameters need to be provided. The
shear strength and failure modes of the column are readily obtained by clicking on the
‘Start Predict’ button after entering the input parameters. It takes a few seconds to achieve
the predictive results. It should be noted that the GUI tool is provided freely at the link:
https://github.com/duyduan1304/GUI_RC_Columns (accessed on 12 July 2022).

Figure 19. GUI for predicting the shear strength and identifying failure modes of rectangular
RC columns.

7. Conclusions

The shear strength and failure modes of rectangular reinforced concrete (RC) columns
were predicted using six novel Machine Learning (ML) techniques, which were developed
based on a set of 541 experimental results. The six used ML models included Multivariate
Adaptive Regression Splines (MARSs), Naïve Bayes (NBs), K-nearest Neighbors (KNNs),
Decision Tree (DT), and Support Vector Machine (SVM), and Artificial Neural Network
(ANN). Among these, the MARSs, KNN, DT, SVM, and ANN models were employed
to predict the shear strength, while the NBs, KNNs, DT, and SVM models were used for
classifying failure modes. The following conclusions are drawn:

• The ANN and KNNs models predicted the shear strength of rectangular RC columns
more accurately than that of existing formulas with an R2 value larger than 0.99.

• Used ML models in this study identified the failure modes of rectangular RC columns
precisely. Among them, the KNNs algorithm showed to be the optimal method
in classifying the failure modes of rectangular RC column with a high accuracy of
almost 100%.

• A practical GUI tool was developed and readily applied for predicting the shear
strength and identifying failure modes of rectangular RC columns in the design
process and structural performance evaluation.

It should be noted that the findings of this study focus on the rectangular columns. A
consideration of circular columns should be conducted in a future work.
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Abstract: To avoid over-reliance on the identification of building damage states post-earthquake
in the seismic risk assessment process, an ontology-based holistic and probabilistic framework is
proposed here for seismic risk prediction of buildings with various purposes and different damage
states. Based on vulnerability analysis, the seismic risk probabilities of buildings are first obtained
by considering the on-site seismic hazard. Taking economic losses and casualties as assessment
indicators, a system for seismic risk assessment of buildings, OntoBSRA (Ontology for Building
Seismic Risk Assessment), is then developed by combining ontology and semantic web rule language.
A case study is carried out to demonstrate the application of the proposed framework and further
validate the semantic web rules. The results show that the proposed framework can provide a
holistic knowledge base that allows risk assessors or asset managers to predict the consequences of
earthquakes effectively, thereby improving efficiency in decision-making.

Keywords: seismic vulnerability; seismic hazard; seismic risk probability; ontology; semantic
web rule

1. Introduction

Earthquake, as one of the most destructive natural disasters, causes huge economic
losses and casualties annually. Taking the USA as an example, the annual economic loss
caused by earthquakes is estimated to be USD 4.5 billion, and this estimate does not include
casualties [1,2] Therefore, to analyze the seismic performance of structures for decision-
making for more effective disaster prevention and mitigation measures, researchers have
carried out extensive research using shaking table tests and time-history analyses on
the deformation mechanism, weak links, and characteristics of mechanical responses of
structures subjected to earthquakes [3–5].

It should be noted that the shaking table tests and the time-history analysis method
can only obtain the mechanical performance of a structure under specific ground motions;
they have limitations in analyzing the randomness of the seismic response caused by the
uncertainty in both the ground motion and the structure (e.g., design, construction, size
and material strength, etc.) [6]. Therefore, in order to fully consider the uncertainties in
multiple factors, performance-based earthquake engineering (PBEE) research has been
conducted based on probability theory, in which probability is used as the basic measure to
estimate the seismic performance of a structure [7–10]. Koutsourelakis [11] used fragility
curves to evaluate the seismic performance of a structure constructed on a saturated sand
deposit and provided confidence intervals of the vulnerability by combining Bayesian
theory with the Markov Chain Monte Carlo technique. Cimellaro and Reinhorn [12] used
the combination of acceleration and inter-story drift as a response variable and defined a
generalized multidimensional limit state function. Then, multidimensional fragility curves
were established for a California hospital considering the correlations among the thresholds.
Michel et al. [13] obtained fragility curves for a reinforced concrete (RC) structure based
on two complete methodologies. One is to use a multiple degrees of freedom system
considering higher modes, while the other is to use a single degree of freedom model
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considering the fundamental mode. Furthermore, Ruggieri and Gentile et al. [14–16]
discussed the trade-off between complexity (modelling effort and computational time) and
accuracy in seismic fragility analysis of RC structures so as to provide proper methods
of seismic fragility for practical PBEE assessment. Bakhshi and Asadi [17] quantified the
impact of overall structural ductility on failure probability using vulnerability curves.
Karapetrou et al. [18] studied the influence of corrosion on the seismic performance of RC
structures using time-dependent fragility curves based on the incremental dynamic analysis
(IDA) method. Based on vulnerability analysis, Yu et al. [19] took four groups of buildings
with low-to-medium heights corresponding to 3, 5, 8, and 10 stories as examples in order to
investigate the influence of seismic design levels on the seismic performance of RC moment-
resisting frame buildings designed according to the provisions of the current Chinese code
for seismic design of buildings. Generally speaking, according to Dowrick [20], seismic
risks can be divided into three parts: seismic vulnerability, seismic hazard, and seismic
loss. Therefore, assuming that the seismic hazard function can be approximated by the
extreme value type II distribution, Cornell et al. [21] conducted vulnerability analysis and
derived an analytical solution to the seismic risk probability for structures with different
damage states using convolving seismic vulnerability function and seismic hazard function
based on the full probability theory. Along with later collaborators, they further established
the second-generation PBEE theory to establish a probabilistic framework for seismic
performance evaluation of structures [22–24]. Furthermore, Lu et al. [25] clarified the
distinctions and connections of five seismic fragility models in the second-generation PBEE
theory, namely, the seismic demand fragility model, the seismic capacity fragility model, the
seismic damage fragility model, the seismic loss fragility model, and the seismic decision
fragility model, and put forward the concepts of forward and backward PBEE theory to
integrate the traditional seismic risk theory and the second-generation PBEE theory into a
unified framework.

According to ISO 31000-2018 [26], risk is defined as the effect of uncertainty on the
objectives. However, the previous theoretical studies on seismic risk theory for structures
only predict the probability of a structure with different damage states subjected to random
seismic loads. They cannot quantitatively evaluate the consequences caused by earthquakes
from a macroscopic point of view, such as economic losses and casualties, while traditional
seismic risk assessment heavily relies on the investigation of actual earthquake damage.
Wang et al. [27] conducted statistical analysis of the measured damage loss from the Tianjin
and Lancang–Gengma earthquakes, determining the ratio of the indirect losses to the initial
construction cost of buildings with different damage states. Spence et al. [28] proposed a
global earthquake vulnerability estimation system to determine the mean damage ratio
for buildings with different purposes under earthquake loads. Sahar et al. [29] developed
an algorithm for automatic extraction and identification of two-dimensional building
shape information using aerial images and geographic information systems, and further
evaluated the seismic risks of cities. Lu et al. [30] proposed a near real-time method for
estimation of building seismic losses based on combined satellite or aerial images and
dynamic nonlinear time history analysis. Xiong et al. [31] put forward a seismic damage
evaluation method for regional buildings on the basis of drones and a convolutional neural
network, which was capable of accurately evaluating the seismic damage in regional
buildings through collected detailed damage information on buildings. Using photographs
of buildings, Ruggieri et al. [32] proposed a VULMA (vulnerability analysis using machine-
learning) framework based on machine learning to evaluate seismic vulnerability of existing
buildings. More accurate seismic risk assessment results can be obtained by applying
the methods mentioned above. However, these methods are heavily dependent on the
identification of structural damage states after a specific earthquake, and the statistical
process is tedious and complicated. In addition, these methods cannot take into account
earthquake uncertainty, and there is a lack of a unified seismic risk assessment framework
to predict earthquake losses for existing buildings with various purposes and different
damage states.
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Ontology, as a new semantic technology, can be used for knowledge sharing in dif-
ferent areas. Its semantic structures and ability for logical inference provide an effective
method for integrated decision-making based on multi-objective knowledge. Ever since
its emergence, ontology technology has been widely applied in many aspects, such as
agriculture, biology, economy, medicine, construction, etc. [33]. Tserng et al. [34] proposed
an ontology-based risk management method for managing the risks in construction stages.
Taking into account the relationship between risk sources and cost overruns, Fidan et al. [35]
proposed an ontology-based model to predict cost overruns. Scheuer et al. [36] established
an ontology-based knowledge base for flood risk management using the accessibility and
repeatability of multi-criteria risk assessment of floods. Du et al. [37] combined the hi-
erarchical clustering method with ontology and developed an integrated system for risk
information of surface subsidence of underground tunnels. Ding et al. [38] proposed an
information management framework for construction risks in the Building Information
Modeling (BIM) environment by making full use of the advantages of the BIM, ontology,
and semantic web technologies. Meng et al. [39] developed an ontology of a pile integrity
evaluation system for quantitative identification and qualitative evaluation of piles with
defects combined with an analytical methodology for pile vibrations. Ontology is capable
of integrating multi-objective knowledge into a unified system. However, no studies have
been conducted to apply ontology in order to develop a knowledge base for seismic risk
assessment of buildings.

Based on an extensive literature review, it is paramount to develop an efficient building
seismic risk prediction framework based on probability and ontology to predict economic
losses and casualties for better disaster prevention and mitigation. This paper aims to develop
an ontology-based probabilistic framework for seismic risk assessment of buildings. In the
developed framework, seismic risk probabilities of buildings with different damage states
are first derived based on seismic vulnerability analysis and seismic hazard analysis. On this
basis, an Ontology for Building Seismic Risk Assessment (OntoBSRA) system is developed to
integrate knowledge on seismic risk assessments of buildings into a unified knowledge base
by combining ontology and semantic web rule language (SWRL). Thus, automated seismic
risk prediction including direct losses, indirect losses, and casualties related to buildings with
various purposes and different damage states can be realized. The flow chart of the seismic
risk prediction framework is shown in Figure 1. In addition, a case study is conducted in
order to illustrate the application of the framework for seismic risk prediction.

 
Figure 1. Seismic risk prediction framework flow chart.
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The remainder of this paper is organized as follows: Section 2 presents the method for
seismic risk probability analysis; Section 3 discusses the details of the OntoBSRA; a case
study is conducted to illustrate the details of the application of the proposed framework
in Section 4; finally, in Section 5 the major findings and limitations of this study are
summarized in the course of concluding this paper.

2. Method for Seismic Risk Probability Analysis

Because of the need to take into account the uncertainty in both the earthquake and
the structure while meeting the explicit requirements of various stakeholders in terms of
performance targets seismic risk-oriented performance-based earthquake engineering has
attracted the attention of many researchers, and full-probability seismic performance as-
sessment methods have been proposed for engineering structures. Seismic risk probability
analysis mainly includes seismic vulnerability analysis and seismic hazard analysis.

2.1. Seismic Vulnerability Analysis

In vulnerability analysis, the first step is to conduct a probabilistic seismic demand
analysis. Considering the randomness of earthquake loads, a large number of selected
seismic waves are input into the structural model for nonlinear dynamic time-history
analysis in order to obtain the engineering demand parameter (EDP). Then, the relationship
between the EDP and the ground motion intensity measure (IM) is obtained through
data fitting. In this paper, the maximum inter-story drift of a structure is selected as the
EDP and the peak ground acceleration (PGA) is used as the IM. According to Cornell and
Krawinkler [19], the relationship between the EDP and IM is as follows:

EDP = a(IM)b or ln(EDP) = ln a + b ln IM (1)

where a and b are the fitting parameters.
Seismic fragility quantitatively describes the ability of a structure to resist a certain

level of seismic damage based on probability theory, and is defined as the conditional
probability of the EDP of the structure subjected to an earthquake exceeding a certain limit
state. It is generally assumed that seismic fragility follows a lognormal distribution, which
can be expressed as follows [25]:

Pf = P(EDP ≥ DI|IM) = 1 − Φ

⎛
⎝ ln(DI)− ln (a(IM)b)√

β2
d + β2

c

⎞
⎠ (2)

where Pf is the probability of the limit being exceeded, DI is the damage state thresholds,
and βd and βc are the logarithmic standard deviations of the engineering demand parameter
and the seismic capacity, respectively. According to literature [40], when the ground peak

acceleration PGA is selected as the IM,
√

β2
d + β2

c is equal to 0.5.
According to GB50011-2010 [41] and Mwafy and Almorad [42], the structural perfor-

mance level in this paper is categorized into five groups, namely, Normal Occupancy (OP),
Immediate Occupancy (IO), Life Safety (LS), Collapse Prevention (CP), and Destruction
(DS). The corresponding damage states are termed as no damage, slight damage, moderate
damage, extensive damage, and complete collapse. The thresholds of these damage states
are shown in Table 1 [41,43].

Table 1. The thresholds of the different damage states.

No Damage Slight Damage
Moderate
Damage

Extensive
Damage

Complete
Collapse

EDP ≤ 1/550 1/550 < EDP ≤
1% 1% < EDP ≤ 2% 2% < EDP ≤ 4% EDP > 4%
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Based on the above analysis, the occurrence probability curves for various damage
states of a structure can be obtained by Equation (3):

Fds,j = P(EDP = dsj
∣∣IM) =

⎧⎨
⎩

1 − Pf ,j j = 1
Pf ,j−1 − Pf ,j j = 2, 3, 4

Pf ,j−1 j = 5
(3)

where ds denotes the damage state and j = 1, 2, 3, 4, 5 represent no damage, slight damage,
moderate damage, extensive damage, and complete collapse, respectively.

Moreover, seismic intensity can intuitively reflect the severity of the seismic damage
and accelerate the process of assessing seismic risks. To this end, in this paper the occurrence
probability curves are converted into probability matrixes related to the seismic intensity
according to the relationship between the seismic intensity and the PGA, as shown in
Equation (4) [44]:

I = 3.70 log(PGA)− 1.60 (4)

where I is the seismic intensity level.

2.2. Seismic Hazard Analysis

Seismic hazard refers to the probability distribution of the ground motion in the
studied area within a certain period, among which the exceeding or occurrence probability
of the seismic intensity is an important index. It is assumed that the seismic intensity
follows a Weibull distribution [45]. Hence, the exceeding probability of the seismic intensity
within 50 years is expressed as follows:

P(I ≥ i) = 1 − FIII(i) = 1 − exp

(
−
(

ω − i
ω − I0

)k
/100.9773

)
(5)

where ω is the upper limit value of the seismic intensity (generally, ω = 12), I0 is the basic
intensity, i is the specific value of seismic intensity, and k is the shape parameter, which
can be determined by the least-square method. For regions with a seismic precautionary
intensity of grades VI, VII, VIII, and IX, the values of k are 9.7932, 8.3339, 6.8713, and 5.4028,
respectively.

2.3. Seismic Risk Probability Analysis

Seismic risk probability refers to the probability of certain disaster consequences in the
area of interest caused by earthquakes. In this paper, it is defined as the occurrence proba-
bility of a structure in different damage states, which is based on the seismic vulnerability
analysis and the seismic hazard analysis. The seismic risk probability can be expressed as
follows:

Pds,j = ∑
i

F
(
dsj
∣∣Ii
)

P(Ii) (6)

where Pds,j is the seismic risk probability of a structure in the jth damage state, F
(
dsj
∣∣Ii
)

is
the conditional probability of the jth damage state when the seismic intensity is equal to Ii
(which is determined by Equations (3) and (4)), and P(Ii) is the occurrence probability of
the seismic intensity Ii, also termed the seismic hazard.

3. Design and Development of the OntoBSRA

3.1. Framework of the OntoBSRA

The developed OntoBSRA includes a knowledge base, ontology management system,
rule editor, and query function. The ontology knowledge base stores all seismic risk-related
knowledge in the form of an Ontology Web Language (OWL) file, which plays an important
role in the OntoBSRA. The ontology management system provides the rule-editing function,
which can achieve the deductive reasoning ability of the developed ontology, and has the
function of creating as well as updating the ontology. Moreover, users can obtain the
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final reasoning results by editing the query language rules, (such as the simple protocol
and RDF query language (SPAQRL) and the semantic query-enhanced web rule language
(SQWRL), using the query function according to their demands [46]. In addition, as Protégé
software [36] can realize the establishment of classes, logical relationships, attributes, and
instances as well as provide the SWRLTab and SQWRLQueryTab interfaces for SWRL and
SQWRL editing, respectively, the OntoBSRA proposed in this paper was developed based
on Protégé. The schematic diagram of the OntoBSRA system is shown in Figure 2.

Figure 2. Schematic diagram of the OntoBSRA system.

3.2. Determination of Primary Indicators for the OntoBSRA

Seismic risk prediction of a building mainly includes direct losses, indirect losses,
and casualties, among which direct losses include structural losses, indoor and outdoor
property losses, and decoration property losses.

3.2.1. Direct Losses

(1) Structural losses

Structural losses can be obtained using the following equation:

SLds,j = SC × A × Pds,j × RBds,j (7)

SL =
5

∑
j=1

SLds,j (8)

where SL denotes the total structural damage losses, SLds,j indicates the loss of the total
value of a structure (SC × A) in the jth damage state, SC and A represent the unit construc-
tion cost and total area of the RC structure, respectively, Pds,j is the seismic risk probability,
and RBds,j is the direct loss ratio of the structure in the jth damage state.

(2) Indoor and outdoor property losses

Indoor and outdoor property losses caused by an earthquake can be determined using
the following equation:

CLds,j = SC × A × Ck × Pds,j × RCds,j (9)
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CL =
5

∑
j=1

CLds,j (10)

where CL denotes the total indoor and outdoor property losses, CLds,j represents the losses
of total indoor and outdoor property (SC × A × Ck) in the jth damage state, Ck is the ratio
of the indoor and outdoor property replacement cost to the construction cost of the RC
structure, and RCds,j is the direct loss ratio of the indoor and outdoor property in the jth
damage state.

(3) Decoration property losses

Decoration property losses can be obtained using the following equation:

DLds,j = SC × A × Dk × Pds,j × RDds,j (11)

DL =
5

∑
j=1

DLds,j (12)

where DL denotes the total decoration property losses, DLds,j represents the total losses of
decoration property (SC × A × Dk) in the jth damage state, Dk is the ratio of the decoration
property replacement cost to the construction cost of the RC structure, and RDds,j is the
direct loss ratio of the decoration property in the jth damage state.

(4) Total direct losses

Total direct losses can be calculated using the following equation:

DirLds,j = SLds,j + CLds,j + DLds,j (13)

DirL =
5

∑
j=1

DirLds,j (14)

where DirL denotes the total direct losses and DirLds,j represents the direct losses in the jth
damage state.

The direct loss ratio and the ratio of the indoor and outdoor property and decoration
property replacement cost to the construction cost of the RC structure according to the
relevant literature [43,47] are shown in Tables 2 and 3, respectively.

Table 2. Direct loss ratio.

Damage States
No

Damage
Slight

Damage
Moderate
Damage

Extensive
Damage

Complete
Collapse

Structural losses 0 0.02 0.10 0.50 1.00
Indoor and Outdoor

property losses
0 0.01 0.05 0.20 0.60

Decoration property losses 0.1 0.25 0.6 0.85 1

Table 3. Ratio of the replacement cost to the construction cost.

Building Types
Residential

Building
Commercial

Building
Medical
Building

Office
Building

Educational
Building

Indoor and Outdoor
property

0.2 0.1 1.5 1.0 1.0

Decoration property 0.3 0.43 0.25 0.35 0.25

3.2.2. Indirect Losses

Indirect losses can be calculated using the following equation:

IndLds,j = DirLds,j × Rds,j (15)
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IndL =
5

∑
j=1

IndLds,j (16)

where IndL denotes the total indirect losses, while IndLds,j and Rds,j are the indirect losses
and the ratio of the indirect losses to the direct losses in the jth damage state, respectively.
The values of Rds,j are shown in Table 4 [27].

Table 4. Ratio of indirect losses to direct losses.

Damage States No Damage Slight Damage Moderate Damage Extensive Damage Complete Collapse

Ratio 0 0 0.50–1.00 3.00–6.00 8.00–20.00

3.2.3. Casualties

(1) Number of Deaths

The number of deaths in a building as a result of an earthquake can be obtained using
the following equation:

DNds,j = PD × A × DRds,j × Pds,j (17)

DN =
5

∑
j=1

DNds,j (18)

where DN denotes the total number of deaths, DNds,j represents the number of deaths in
the jth damage state, PD is the personnel density, and DRds,j is the death rate in the jth
damage state.

(2) Number of injuries

The number of injuries in a building as a result of an earthquake can be determined
using the following equation:

INds,j = PD × A × IRds,j × Pds,j (19)

IN =
5

∑
j=1

INds,j (20)

where IN denotes the total number of injuries, INds,j is the number of injuries in the jth
damage state, and IRds,j is the injury rate in the jth damage state.

The death rate and injury rate in different damage states of buildings and the personnel
density of buildings with various purposes according to Comerio [48] and Wang [49] are
shown in Tables 5 and 6, respectively.

Table 5. Deaths and injury rates.

Damage States No Damage Slight Damage Moderate Damage Extensive Damage Complete Collapse

Death rate 0 0 0–0.001 0.001–0.01 0.02–0.3
Injury rate 0 0–0.0005 0.0002–0.03 0.001–0.05 0.05–0.7

Table 6. Personnel density.

Building Types Residential Building Commercial Building Medical Building Office Building Educational Building

Personnel density
(person/m2) 0.33 0.72 0.91 0.4 1.12
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3.3. Development of the OntoBSRA

The methods used for developing the ontology include the Uschold and King method,
the Gruninger and Fox method, the Methontology method, the KACTUS method, and the
Ontology Development 101 method [50]. In this paper, the Ontology Development 101
method is employed, as shown in Figure 3. According to this method, new ontologies
can be developed using the Protégé software by following specified steps or reusing the
existing semantic resources and ontologies. The steps for developing the OntoBSRA are
explained in details below.

 
Figure 3. Procedure of the OntoBSRA development.

Step 1. Determine the domain and scope of the OntoBSRA.

In the early design stage of the ontology, the following questions in Table 7 are raised
to check whether the ontology involves enough information to correct any missing and
wrong information.

Step 2. Consider reusing the existing ontologies.

Table 7. Question table for determining the domain and scope of the OntoBSRA.

Questions Answers

What is the purpose of developing this ontology? To establish a unified knowledge base to enable rapid seismic risk
assessments of buildings.

Who are the users of the developed ontology? The engineers with responsibility for seismic risk evaluation.

What is the premise behind OntoBSRA? Nonlinear time-domain analysis using finite element software, seismic
vulnerability analysis, and seismic hazard analysis.

What types of structures is OntoBSRA developed for? Reinforced concrete structures.

How is seismic risk quantified by OntoBSRA? By economic losses (direct losses and indirect losses) and casualties.

Newly developed ontologies can share knowledge information with existing ontology
models owing to the interactivity of the OWL language. Therefore, ontologies can be
extended across multiple disciplines for wider applications. In this study, the content
structure of the OntoBSRA is designed based on the common characteristics of existing
ontology frameworks and the semantic rule language [33–35,39,50] in order to avoid
unnecessary mistakes in developing a new ontology. The content structure of the OntoBSRA
is shown in Figure 4.
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Figure 4. Content structure of OntoBSRA.

Step 3. Enumerate important terms for the OntoBSRA.

In this step, a glossary of knowledge fields such as seismic risk probabilities, economic
losses, and casualties is obtained by review and analysis of the basic terms in the relevant
literature. Moreover, through extensive research, basic data in the relevant knowledge
field, such as loss ratios, ratios of indirect losses to direct losses, casualty rates, personnel
densities, etc., are summarized in this paper in tables, as shown in Section 3.2.

Step 4. Define classes and class hierarchies.

Defining the classes and class hierarchies is the primary stage in the process of devel-
oping an ontology. In this paper, a top-down method is adopted to define the classes. The
superclasses for seismic intensities, damage states, direct losses, indirect losses, casualties,
etc., are first created. Each superclass is then refined to establish subclasses. The specific
details are shown in Figure 5a.

 
(a) (b) (c) 

Figure 5. Development of OntoBSRA in Protégé-OWL 5.2. (a) Classes; (b) Object properties; (c) Data
properties.

Step 5. Define the properties of classes.

The OntoBSRA includes two types of properties, namely, the object property and the
data property. The object property represents the relationship among different classes,
such as ‘has OP Probability’ and ‘is OP Probability Of’. The data property represents the
characteristics of instances quantitatively and qualitatively; its data type includes Number,
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String, Boolean and Enumerated. In the OntoBSRA, the data property is adopted to describe
the created instances quantitatively, and the data format adopts the “float” type, e.g., the
risk probability of the LS performance level is 0.260f. Figure 5b,c shows the detailed object
and data properties.

Step 6. Establish instances.

The instances in the classes have their own locations and hierarchies, and the object
property and data property of instances must be defined in OntoBSRA. In OntoBSRA,
different building types such as residential buildings, medical buildings, commercial
buildings, office buildings, and educational buildings are established as instances in the
classes. The basic data, such as loss ratios and casualty rates, are manually input in the
established instances, while the evaluation indices, such as direct losses and casualties,
need to be inferred by the inference machine using the SWRL rules. Figure 6 shows the
instances in the class of the structural losses.

 

Figure 6. Create instances.

Step 7. Define SWRL rules.

SWRL rules can represent the relationship among the classes and meet the reasoning
requirements of the ontology. There are Class atoms, Individual Property atoms, Data
Valued Property atoms, and Built-in atoms in the OntoBSRA, all of which are connected
by the symbol “ˆ”. The symbol “?” represents variables, and the antecedent and the
consequence are connected by the symbol “→”. Furthermore, computing ability can be
realized through the SWRL rules in SWRLTab interface of the Protégé software. For example,
the SWRL rule of the structural losses in the OP performance level is shown below.

Equation SLds,1 = A × SC × Pds,1 × RBds,1

SWRL

Structure_direct_loss(?SDl)ˆSC(?SDl,?sc)ˆArea(?SDl,?A)ˆOPRB(?SDl,?S_OPR-
B) ˆ has_OP_Probability(?SDl, ?OPstate) ˆ OP_State(?OPstate) ˆP(?OPstate,?O-
P_Probability) ˆ swrlb: multiply (?S_OPl, ?sc, ?A, ?S_OPRB, ?OP_Probability)
->SOPl(?SDl, ?S_OPl)
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Step 8. Define SQWRL rules

The query function is implemented by the SQWRL rules. In the Protégé software,
the SQWRLTab interface is adopted to compile the SQWRL rules, compare the results of
the ontology inference, and query and filter out the information of interest. For exam-
ple, the SQWRL rule of the structural losses in different damage states is shown below.

SQWRL
Structure_direct_loss(?SDl) ˆ SOPl (?SDl, ?S_OPl) ˆ SIOl (?SDl, ?S_IOl) ˆ SLSl
(?SDl, ?S_LSl) ˆ SCPl (? SDl, ?SCPl) ˆ SDSl (?SDl, ?S_DSl) ˆ STotl (?SDl, ?S_Totl)
-> sqwrl: select(?SDl, ?S_OPl, ?S_IOl, ?S_LSl, ?S_CPl, ?S_DSl, ?S_Totl)

Step 9. Ontology validation.

Syntactical validation.
Syntactical validation is conducted to ensure a correct hierarchical structure and logical

relationship which can infer and calculate the explicit and implicit relationships and data
accurately in the developed ontology [51]. In this study, the pellet reasoner in the Protégé
software is used to complete the syntactical validation. The schematic diagram of successful
syntactical validation is shown in Figure 7.

Figure 7. Syntactical validation of the OntoBSRA.

Rule validation.
Rule validation is conducted to make sure that the developed rules are compatible

with the OntoBSRA and can carry out logical inference and data calculation correctly. In
this study, the SWRLTab plug-in in the Protégé software is adopted for the rule-checking.
The schematic diagram of successful rule validation is shown in Figure 8.
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Figure 8. Rule-checking.

4. Case Study

In this section, an example using a single residential building is provided to illustrate
the application of the presented framework for predicting the seismic risk of a building
and to demonstrate the validity of the semantic web rules. The residential building is a
five-story RC frame structure with an area of 1036.8 m2 and a unit cost of 1700 USD/m2.
The seismic precautionary intensity of the region is grade VIII. The building model is shown
in Figure 9.

 

Figure 9. Model of the residential building.

4.1. Seismic Risk Probability of the Building

Current methods used for probabilistic seismic demand analysis include the cloud
method, strip method, IDA method, etc. Of those methods, the IDA method can simulate
the whole collapse process of a structure subjected to seismic action [52], and is consequently
adopted here for seismic demand analysis.

On the basis of the IDA of the structure determined by the OpenSees finite element
platform, the exceeding probability and occurrence probability curves in various damage
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states were obtained using Equations (1)–(3) and the thresholds of the damage states
specified in Table 1, as shown in Figures 10 and 11, respectively.

Figure 10. Exceeding probability curves.

Figure 11. Occurrence probability curves.

According to Equation (4), the occurrence curves were converted into a probability
matrix related to the seismic intensity, as shown in Table 8.

Table 8. Vulnerability matrix.

Intensity V VI VII VIII IX X

None 0.0482 0.0049 0.0002 0 0 0
Slight 0.9115 0.7903 0.4661 0.1580 0.0274 0.0023

Moderate 0.0395 0.1913 0.4372 0.4914 0.2691 0.0712
Extensive 0.0008 0.0134 0.0929 0.3122 0.5063 0.4010
Complete 0 0.0001 0.0036 0.0384 0.1972 0.5255
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Furthermore, through seismic hazard analysis using Equation (5), the occurrence
probabilities of the seismic intensity over 50 years were determined as summarized in
Table 9.

Table 9. Occurrence probability of the seismic intensity.

Intensity V VI VII VIII IX X

Probability 0.1738 0.4327 0.2863 0.0855 0.0136 0.0009

Considering the vulnerability and the seismic hazard, the seismic risk probabilities of
the building in different damage states were obtained according to Equation (6) as shown
in Table 10.

Table 10. Seismic risk probability.

Damage States
No

Damage
Slight

Damage
Moderate
Damage

Extensive
Damage

Complete
Collapse

Risk probability 0.0106 0.6477 0.2605 0.0665 0.0075

4.2. Application of the OntoBSRA

The seismic risk probabilities obtained from the analysis in Section 4.1 were manually
input into the OntoBSRA, and new facts were generated by running the pre-set SWRL rules.
The main SWRL rules based on the evaluation index equation in Section 3.2 are shown
in Table 11. Taking the decoration property losses as an example, the new facts shown in
Figure 12 were deduced by running the pre-set SWRL rules, thus validating the correction
of syntax and SWRL rules for decoration property losses.

Table 11. Main SWRL rules for the seismic risk assessment.

Rule Number SWRL Rules

Rule 1
Calculation of the total structural damage losses:
Structure_direct_loss(?SDl) ˆ SOPl(?SDl, ?S_OPl) ˆ SIOl(?SDl, ?S_IOl) ˆ SLSl(?SDl, ?S_LSl) ˆ SCPl(?SDl,?S_CPl) ˆ
DSl(?SDl,?S_DSl) ˆ swrlb: add(?S_Totl, ?S_OPl, ?S_IOl, ?S_LSl, ?S_CPl,?S_DSl) ->STotl(?SDl,?S_Totl)

Rule 2

Calculation of the total indoor and outdoor property losses:
InandOut_door_property_loss(?InOutl) ˆ COPl(?InOutl, ?InOut_OPl) ˆ CIOl(?InOutl, ?InOut_IOl) ˆ
CLSl(?InOutl, ?InOut_LSl) ˆ CCPl(?InOutl, ?InOut_CPl) ˆ CDSl(?InOutl, ?InOut_DSl) ˆ swrlb:add(?InOut_Totl,
?InOut_OPl,?InOut_IOl,?InOut_LSl,?InOut_CPl,?InOut_DSl)->CTotl(?InOutl, ?InOut_Totl)

Rule 3

Calculation of the total decoration property losses:
Decoration_loss(?Decorationloss) ˆ DOPl(?Decorationloss, ?D_OPl) ˆ DIOl(?Decorationloss, ?D_IOl) ˆ
DLSl(?Decorationloss, ?D_LSl) ˆ DCPl(?Decorationloss, ?D_CPl) ˆ DDSl(?Decorationloss, ?D_DSl) ˆ
swrlb:add(?D_Totl, ?D_OPl, ?D_IOl, ?D_LSl, ?D_CPl, ?D_DSl)->DTotl(?Decorationloss, ?D_Totl)

Rule 4

Calculation of the total direct losses:
Total_direct_loss(?TotalDirectloss) ˆ DirOPl(?TotalDirectloss, ?DirectOPloss) ˆ DirIOl(?TotalDirectloss,
?DirectIOloss) ˆ DirLSl(?TotalDirectloss, ?DirectLSloss) ˆ DirCPl(?TotalDirectloss, ?DirectCPloss) ˆ
DirDSl(?TotalDirectloss, ?DirectDSloss) ˆ swrlb:add(?DirectTotalloss, ?DirectOPloss, ?DirectIOloss, ?DirectLSloss,
?DirectCPloss, ?DirectDSloss) ->DirTotl(?TotalDirectloss, ?DirectTotalloss)

Rule 5

Calculation of the total indirect losses:
Indirect_loss(?Indirectloss) ˆ IndOPl(?Indirectloss, ?IndirectOPloss) ˆ IndIOl(?Indirectloss, ?IndirectIOloss) ˆ
IndLSl(?Indirectloss, ?IndirectLSloss) ˆ IndCPl(?Indirectloss, ?IndirectCPloss) ˆ IndDSl(?Indirectloss,
?IndirectDSloss) ˆ swrlb:add(?IndirectTotalloss, ?IndirectOPloss, ?IndirectIOloss, ?IndirectLSloss,
?IndirectCPloss, ?IndirectDSloss)->IndTotl(?Indirectloss, ?IndirectTotalloss)
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Table 11. Cont.

Rule Number SWRL Rules

Rule 6

Calculation of the total number of deaths:
Personnel_Death(?PersonnelDeath) ˆ OPDN(?PersonnelDeath, ?DeathOPNumber) ˆ IODN(?PersonnelDeath,
?DeathIONumber) ˆ LSDN(?PersonnelDeath, ?DeathLSNumber) ˆ CPDN(?PersonnelDeath,
DeathCPNumber)ˆDSDN(?PersonnelDeath,?DeathDSNumber)ˆswrlb:add(?DeathTotalNumber, ?De-
athOPNumber,?DeathIONumber,?DeathLSNumber,?DeathCPNumber,?DeathDSNumber)-> TotDN(?
PersonnelDeath, ?DeathTotalNumber)

Rule 7

Calculation of the total number of injuries:
Personnel_Injury(?PersonnelInjury) ˆ OPIN(?PersonnelInjury, ?InjuryOPNumber) ˆ IOIN(?PersonnelInjury,
?InjuryIONumber) ˆ LSIN(?PersonnelInjury, ?InjuryLSNumber) ˆ CPIN(?PersonnelInjury, ?InjuryCPNumber) ˆ
DSIN(?PersonnelInjury, ?InjuryDSNumber) ˆ swrlb:add(?InjuryTotalNumber, ?InjuryOPNumber,
?InjuryIONumber, ?InjuryLSNumber, ?InjuryCPNumber, ?InjuryDSNumber) -> TotIN(?PersonnelInjury,
?InjuryTotalNumber)

 

Figure 12. Inferred facts.

Moreover, the specialized assessment results can be queried using the SQWRL rules
according to the user’s demand. Table 12 shows the SQWRL querying command for
the assessment indicators of the OntoBSRA. In the application of the OntoBSRA, if the
users/stakeholders attach importance to the economic losses (such as direct losses), the
assessment results can be obtained by running the pre-set SQWRL rule Q4 in Table 12.
The querying results are illustrated in Figure 13. Furthermore, if users/stakeholders pay
more attention to the casualties, they can run the SQWRL rules Q6 and Q7 to obtain the
assessment results. The querying results of the number of injuries is shown in Figure 14.
It can be seen from Figures 13 and 14 that the OntoBSRA system can provide the total
economic losses or casualties as well as the related assessment indicators of buildings in
different damage states. This function can assist engineers, provide guidance on earthquake
hazard mitigation, and improve efficiency in decision-making.
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Table 12. SQWRL rules.

Rule Number SQWRL Rules

Q1: Structural losses
Structure_direct_loss(?SDl)ˆSOPl(?SDl,?S_OPl) ˆIOl(?SDl,?S_IOl)ˆSCPl(?SDl,?S_C-
Pl)ˆSDSl(?SDl,?S_DSl)ˆSTotl(?SDl,?S_Totl)->sqwrl:select(?SDl,?S_OPl,?S_IOl,?S_L-
Sl,?S_CPl,?S_DSl,?S_Totl)

Q2: Indoor and Outdoor
property losses

InandOut_door_property_loss(?InOutl)ˆCOPl(?InOutl,?InOut_OPl)ˆCIOl(?InOutl,
?InOut_IOl)ˆCLSl(?InOutl,?InOut_LSl)ˆCCPl(?InOutl,?InOut_CPl)ˆCDSl(?InOutl,
?InOut_DSl)ˆCTotl(?InOutl,?InOut_Totl)->sqwrl:select(?InOutl,?InOut_OPl,?InO-
ut_IOl,?InOut_LSl,?InOut_CPl,?InOut_DSl,?InOut_Totl)

Q3: Decoration property losses

Decoration_loss(?Decorationloss)ˆDOPl(?Decorationloss,?D_OPl)ˆ
DIOl(?Decorationloss,?D_IOl)ˆDLSl(?Decorationloss,?D_LSl) ˆ DCPl(?Decorationloss, ?D_CPl) ˆ
DDSl(?Decorationloss,?D_DSl)ˆDTotl(?Decorationloss,?D_Totl)->sqwrl:select(?De-
corationloss,?D_OPl,?D_IOl,?D_LSl,?D_CPl,?D_DSl,?D_Totl)

Q4: Total direct losses

Total_direct_loss(?TotalDirectloss)ˆDirOPl(?TotalDirectloss, ?DirectOPloss) ˆ DirI-
Ol(?TotalDirectloss,?DirectIOloss)ˆDirLSl(?TotalDirectloss,?DirectLSloss) ˆ DirCPl
?TotalDirectloss,?DirectCPloss)ˆDirDSl(?TotalDirectloss,?DirectDSloss) ˆ DirTotl(?
TotalDirectloss,?DirectTotalloss)->sqwrl:select(?TotalDirectloss,?DirectOPloss,?Di-
rectIOloss,?DirectLSloss,?DirectCPloss,?DirectDSloss,?DirectTotalloss)

Q5: Indirect losses

Indirect_loss(?Indirectloss)ˆIndOPl(?Indirectloss,?IndirectOPloss) ˆ
IndIOl(?Indirectloss,?IndirectIOloss)ˆIndLSl(?Indirectloss,?IndirectLSloss) ˆ
IndCPl(?Indirectloss, ?IndirectCPloss) ˆ IndDSl(?Indirectloss, ?IndirectDSloss) ˆ
IndTotl(?Indirectloss, ?IndirectTotalloss) -> sqwrl: select(?Indirectloss, ?IndirectOPloss,
?IndirectIOloss,?IndirectLSloss,?IndirectCPloss,?IndirectDSloss,?IndirectTotalloss)

Q6: Personnel deaths

Personnel_Death(?PersonnelDeath)ˆOPDN(?PersonnelDeath,?DeathOPNumber) ˆ
IODN(?PersonnelDeath,?DeathIONumber)ˆLSDN(?PersonnelDeath,?DeathLSNu-
mber)ˆCPDN(?PersonnelDeath,?DeathCPNumber)ˆDSDN(?PersonnelDeath,?De-
athDSNumber)ˆTotDN(?PersonnelDeath,?DeathTotalNumber)-
>sqwrl:select(?PersonnelDeath,?DeathOPNumber,?DeathIONumber,
?DeathLSNumber,?DeathCPN-
umber,?DeathDSNumber,?DeathTotalNumber)

Q7: Personnel injuries

Personnel_Injury(?PersonnelInjury)ˆOPIN(?PersonnelInjury,?InjuryOPNumber) ˆ
IOIN(?PersonnelInjury,?InjuryIONumber)ˆLSIN(?PersonnelInjury, ?InjuryLSNum
ber)ˆCPIN(?PersonnelInjury,?InjuryCPNumber)ˆDSIN(?PersonnelInjury, ?Injury-
DSNumber)ˆTotIN(?PersonnelInjury,?InjuryTotalNumber)->sqwrl: select(?Person-
nelInjury?InjuryOPNumber,?InjuryIONumber,?InjuryLSNumber, ?InjuryCPNum-
ber,?InjuryDSNumber,?InjuryTotalNumber)

 

Figure 13. Inference results of querying according to the SQWRL rule Q4 in Table 12.
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Figure 14. Inference results of querying according to the SQWRL rule Q7 in Table 12.

To assess the seismic risk of the building comprehensively, users/stakeholders can
query direct losses, indirect losses, and casualties by running all the SQWRL rules in
Table 12 according to building type. The querying results for the building in this case study
are shown in Table 13.

Table 13. Seismic risk assessment results.

No
Damage

Slight
Damage

Moderate
Damage

Extensive
Damage

Complete
Collapse

Total Losses

Direct losses
($)

Structure losses 0 22,832.2 45,914.6 58,605.1 13,219.2 140,571.1
Indoor and outdoor

property losses 0 2283.2 4591.4 4688.4 1586.3 13,149.3

Decoration property losses 560.4 85,620.76 82,646.4 29,888.6 3965.7 202,681.86
Total direct losses 560.4 110,736.1 133,152.6 93,182.1 18,771.2 356,402.4

Indirect losses ($) 0 0 133,152.6 559,092.8 375,425.2 1,067,670.6

Casualties
Personnel deaths 0 0 0.1 0.2 0.8 1.1
Personnel injuries 0 0.1 2.7 1.1 1.8 5.7

In addition, it should be noted that although numerical simulation-based seismic
vulnerability analysis can evaluate the seismic performance of buildings, it cannot assess
seismic risk from the macro perspective. This has been verified by comparison between
numerical and ontology-based results. On the other hand, the developed OntoBSRA system
can achieve seismic risk assessment of buildings with various functions in different damage
states (such as direct losses, indirect losses and casualties) from the macro perspective, and
is thus beneficial in decision-making based on the principle of targeted-risk.

5. Conclusions

This paper has developed an ontology-based probabilistic framework for seismic risk
assessment of buildings. In the developed framework, seismic risk probabilities are first
obtained based on vulnerability analysis and seismic hazard analysis. Then, the developed
OntoBSRA system is used to integrate the knowledge on seismic risk assessments of
buildings into a unified knowledge base by combining the ontology with SWRL, which
achieved automated seismic risk prediction (such as direct losses, indirect losses, and
casualties) of buildings with various purposes in different damage states. In this way, over-
reliance on identification of the damage states of buildings after earthquake can be avoided.
Based on the developed framework, risk assessors and asset managers can estimate the
consequences of earthquakes effectively within a certain period considering the actual
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construction cost, thus providing guidance on earthquake prevention and mitigation and
improving efficiency in decision-making.

A case study of a residential RC frame structure has been conducted to illustrate the
detailed application of the proposed framework to predict seismic risk as quantified by
indexes including direct losses, indirect, losses and casualties, demonstrating the validity
of the semantic web rules.

It should be noted that the OntoBSRA proposed in this paper was developed based
only on the seismic damage information of RC structures. Our future work will focus on
the extension of OntoBSRA using knowledge information related to other structures, such
as wood structures, brick–concrete structures, etc., and the development of data interfaces
between the BIM, Protégé software, and finite element software in order to avoid tedious
manual data input in OntoBSRA.
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Abstract: As an acceleration-type mechanical element, inerter element has been widely used in the
dynamic suppressing field. In this paper, a tuned mass damper with inerter (TMDI) is presented for
vibration control and energy dissipation. To evaluate the effectiveness of the TMDI, the simplified
model of TMDI coupled with a single-degree-of-freedom (SDOF) structure has been established.
Numerical optimization has been conducted with the goal of minimizing the maximum transfer
function amplitude of displacement for the damped primary structure. The control performance and
robustness for TMDI has been evaluated with the SDOF system in the frequency and time domain,
compared with the classical TMD device. Lately, multiple active TMDI (MATMDI) has been proposed
as a vibration suppression strategy for a multi-story steel structure. The performances of passive and
active control methods have been evaluated in the time domain via real earthquake excitations, and
it has proven that the MATMDI is more effective at reducing the response of the structure and the
stroke of devices. The results show that the proposed optimal TMDI system can sufficiently harvest
vibrational energy and enhance the robustness of structure.

Keywords: tuned-mass damper; inerter; passive control; numerical optimization; active control;
earthquake excitation

1. Introduction

Lately, with the development of enormous activities, an ever-increasing number of
structures are being constructed in the seismically dynamic regions. One of the most
efficient methods to reduce earthquake-induced structural vibrations is to employ external
vibration-control system on the structures. For instance, the base isolation [1], additional
buckling-restraint bracing [2], and auxiliary dampers [3] can be added to the structure.
Among them, the tuned mass damper (TMD) is a device with easy manufacture and
disassembly, that is widely utilized in the structural vibration mitigation field [4]. It can be
found in the existing large-scale and ultra-high structures, such as Taipei 101 [5], Citicorp
Center in New York City [6], the Sydney TV Tower in Australia [7], and the Shanghai
Center Tower in China [8]. It works on a simple principle. By altering the frequency of
TMD, so that it could oscillate with the same period as the host structure, it absorbs and
dissipates energy [9,10] from the main structure.

The TMD system is composed of the mass block, spring, and damping element . The
component of TMD is pretty convenient. However, it is a challenges for the parameter
design concerning obtaining the most reliable control efficacy. The fixed-point theory was
first proposed by Den Hartog [11] to obtain the optimal parameters of TMD when it is
attached to the undamped single-degree-of-freedom (SDOF) system. Further, Warbur-
ton et al. [12] summarized the analytical expressions for the optimal design parameters
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under various excitation conditions. Asami et al. [13] used the H∞ and H2 optimization
approaches to acquire the analytical TMD solutions, considering the structural response un-
der random excitation. While, for damped structures, it is hard to achieve the ideal design
parameters by theoretical derivation, numerical approaches are commonly used to obtain
values of the needed parameters [14,15]. In addition, due to the limitation of frequency
band controlled by a single TMD, multiple TMDs have been employed to broaden the
control frequency range [16,17]. Considering the complexity of the structure, environmental
conditions and nonlinear characteristics of spring and damper element, the classical design
approach makes the device too conservative and challenging to adapt to complex working
conditions [18,19]. Besides, multiple objectives need to be regarded to optimization of
parameters, in order to enhance the economy and adaptability of the device [20,21].

Inerter components, which are employed in a variety of applications in automobile
suspension [22] and structural vibration suppression systems [23], have gotten a lot of
attention in recent years. The conception of inerter was first proposed by the Professor
Smith [24]. Similar to the damping and spring elements, the inerter is a mechanical element
that is relevant to the acceleration of the terminals. The inerter can be simply equated to
a system with large inertia, while its own mass value is quite small. A number of ways
have been put forward to realize this mechanism, including ball-screw mechanical [25],
hydraulic mechanism [26] and electromagnetic approach [27]. In the TMD system, the
inerter element can be used to improve the vibration control efficiency of the device. For
example, it could be used to minimize the required additional mass [28] or enhance energy
dissipation capability [29].

As for the TMDI, it is much more difficult to obtain the optimum parametric resolution
for each element compared with the classical TMD, especially for the damped structure
under complex excitation situations. At the same time, it is also tough to obtain the
appropriate parameters when more than four elements are included. Additionally, in most
cases, the TMDI is used in the passive control strategies. However, there are negative
aspects in passive control, such as the start-up lag, huge mass and inaccurate tuning. Apart
from this, the variation of external environmental excitation could cause some impacts
on the effectiveness of the device, such as the uncertainty of seismic excitation [30,31],
the influence of the interaction between the foundation and the structure [32], and the
degression of the structure [33]. Meanwhile, the location of the attached TMDI is needed
for optimization, which is a significant factor for the vibration mitigation performance of
the device [34,35]. In this case, passive control methods can hardly serve their function well.
As a method of real-time regulation, active control can effectively provide feedback forces
corresponding to the external excitation and structural response, which can significantly
improve the robustness and reliability of the system. However, there are fewer reports [36]
of active control being used to improve the control performance of TMDI systems.

The content of this paper is organized as follows. In Section 2, the numerical opti-
mization approach is utilized to get the optimal TMD and TMDI parameters for an SDOF
system under base acceleration excitation, with the optimization target of minimizing the
amplitude of displacement transfer function for the main structure. In Section 3, an actual
SDOF system is utilized to assess the vibration suppression efficacy under the ground
motions. The response amplitude of the primary structure, energy dissipation ability and
the stroke of the device are analyzed and compared. In Section 4, a multi-story steel struc-
ture is adopted as the multiple-degree-of-freedom system(MDOF) benchmark model for
verification. Furthermore, both passive and active control strategies of multiple TMDIs are
proposed to alleviate the response of the primary system. In Section 5, different vibration
control strategies are compared and examined in the time and frequency domains in terms
of various seismic records. Finally, in Section 6 some conclusions are given.
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2. Model Establishment and Parameter Optimization

2.1. Numerical Model of SDOF System

The reaction forces of the spring and damping element are related to the relative
displacement and velocity, respectively. While for the inerter element, the force magnitude
is proportional to the relative acceleration between the endpoints. A typical ball-screw
mechanical model of the ineter is presented in Figure 1. The force magnitude of the inerter
can be noted as F = min(ẍi − ẍj), where the constant of proportionality min is named as
the inertance and has kilograms as units. Furthermore, the amount of energy it stores is
equal to 1/2min(ẋ2

i − ẋ2
j ).

The mass, spring, and damper element make up the basic TMD, as shown in Figure 2a.
However, when the inerter element is added, it can perform superior in terms of energy
dissipation. In the real applications, the components of TMDI systems may also have more
complex behavior. Thus, various mechanical topology layouts are put forward [23,37].
While in this paper, a typical linear model of TMDI is adopted to demonstrate the ability of
inerter element, as shown in Figure 2b, which is mentioned in reference [38].

Figure 1. Schematic of a ball-screw mechanical model of an inerter [39].

(a) (b)

Figure 2. The schematic diagram of TMD and TMDI: (a) TMD and (b) TMDI.

It is assumed that the whole system is excited by the base acceleration ẍg, the equation
of motion for the dynamic system indicated above could be obtained with the equilibrium
of forces. Accordingly, the kinetic equations for both the TMD and TMDI are expressed in
Equations (1) and (2), respectively.[

ms 0
0 mt

][
ẍs
ẍt

]
+

[
cs + ct −ct
−ct ct

][
ẋs
ẋt

]
+

[
ks + kt −kt
−kt kt

][
xs
xt

]
= −
[

ms
mt

]
ẍg (1)
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⎡
⎣ ms 0 0

0 mt + min −min
0 −min min

⎤
⎦
⎡
⎣ ẍs

ẍt
ẍk

⎤
⎦+
⎡
⎣ cs 0 0

0 ct −ct
0 −ct ct

⎤
⎦
⎡
⎣ ẋs

ẋt
ẋk

⎤
⎦+
⎡
⎣ ks + k1 + k2 −k1 −k2

−k1 k1 0
k2 0 k2

⎤
⎦
⎡
⎣ xs

xt
xk

⎤
⎦ = −

⎡
⎣ ms

mt
0

⎤
⎦ẍg (2)

where ms, ks, and cs are the mass, spring, and damping coefficient of the host structure; mt,
ct are the mass and damping of the addition attached damper; min is the inertance of inerter
element; kt is the spring stiffness of TMD; k1, k2 are the two spring stiffnesses of TMDI.

The transfer function (TF) reflects the output process of structural response under
excitation, which presents the dynamic characteristics of the structure. As long as the
transfer function of the structure is suppressed, the ideal control effect can be achieved
regardless of the external excitation. For this reason, the optimization objective is to
reduce the displacement transfer function of the main structure as much as possible.
Meanwhile, in an effort to make the control effect more clearly reflected and representative,
the parameters should be dimensionless. For this regard, the nondimensional expressions
for the parameters listed above are expressed as follows:

ζs = cs/(2msωs), ωs =
√

ks/ms, ω1 =
√

k1/mt, ω2 =
√

k2/mt, ωt =
√

kt/mt,
ζt = ct/(2mtωt) = ct/(2mtω1), ut = mt/ms, uin = min/mt,
fd = ωt/ωs, f1 = ω1/ωs, f2 = ω2/ωs

(3)

where ωs, ζs are the circular frequency and damping ratio of the primary structure; ω1, ω2
and ωt are the circular frequency of spring k1, k2, and kt, respectively; ut and uin are the
mass ratio and interance-mass ratio; ω is the frequency of the external excitation; f1, f2,
and fd represent the tuning frequency ratio of the spring k1, k2, and kt corresponding to the
primary system.

Assuming that the base acceleration is simplified as a harmonic excitation, i.e.,
ẍg = eiωt, the displacement of the main structure can be denoted as xs = Hm(ω)eiωt.
Then, the dimensionless transfer function for the structural displacement (Hm) can be
found in Equation (4). While the parameters of A/B/C/D for TMD and TMDI can be
obtained, as shown in Equations (5) and (6).

Hm(β) =
xsω2

s
ẍg

=

∣∣∣∣Ai + Bi
Ci + Di

∣∣∣∣ (4)

For TMD:⎧⎪⎪⎨
⎪⎪⎩

A1 = ut
[
β2 − f 2(1 + ut)

]
B1 = 2iζt f βut(ut + 1)
C1 = −ut

[
β2 − β4 + f 2(−1 + β2(1 + ut)

)
+ 2iβ

(− f 2 + p2)ζs
]

D1 = −2 f βutζt
[
i
(−1 + β2(1 + ut)

)
+ 2βζs

] (5)

For TMDI:
⎧⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎨
⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎪⎩

A2 = −2 f2ζtβut
2
[
−β2 + f1

2(1 + ut) + f2
2(1 + ut)

]
B2 = −iut

2
[
−β4uin − f1

2
(

f2
2 − p2uin

)
(1 + ut) + f2

2β2(1 + uin + uinut)
]

C2 = −2 f2βut
2ζt

[
−2iβζs

(
f1

2 + f2
2 − β2

)
+ f1

2(β2(ut + 1)− 1
)

+ f2
2β2ut + f2

2β2 − f2
2 − β4 + β2

]

D2 = −ut
2

⎡
⎢⎣i

⎛
⎜⎝ − f1

2(β2(ut + 1)− 1
)(

f2
2 − β2uin

)
+ f2

2β2(β2(uinut + uin + 1)− uin − 1
)

−β4(β2 − 1
)
uin

⎞
⎟⎠+ 2βζs

⎛
⎜⎝ f1

2
(

β2uin − f2
2
)

+ f2
2β2(uin + 1)

−β4uin

⎞
⎟⎠
⎤
⎥⎦

(6)

where i =
√−1 is the imaginary number; β = ω/ωs, which is the ratio between the

frequency of base acceleration and main structure.
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2.2. Parameters Optimization

The optimal design is needed to get the best performance of the dynamical vibration
absorbers (DVAs). In the previous optimization of TMD, the fixed-point theory was
commonly used [40]. For the undamped host structure, it is assumed that the transfer
function curve always passes through a fixed point, when the damping ratio (ζt) changes
only. By keeping the amplitude equal at the fixed point, the optimal tuning frequency of
the device can be found. The optimal damping ratio is obtained by holding the curve at this
fixed point until it reaches its peak. The analytical expression of the optimal parameters
can be obtained through this method.

It is, however, incapable of handling a sophisticated model with more than three
mechanical elements in the device. Furthermore, the damping ratio of the primary structure
is ignored in this fixed-point theory, which does not correlate to reality. As a result, a
general approach to solving these problems is required. The numerical searching method
is performed, regarding peak relative displacement responses of the primary structure as
the optimization objectives, which is indicated in the following expression.⎧⎨

⎩
Minimize : max(Hm(β))
Objective : ζt,opt, ft,opt, f1,opt, f2,opt, uin,opt

Subject to : 0 < ζt, fd, f1, f2, uin, ut ≤ 1
(7)

These values are optimized in MATLAB software using the fmincon command [41]
based on the above boundary conditions. Besides this, the damping ratios (ζs) for the
primary structure are set as 0.01, 0.03, and 0.05 to give an example. The optimal parameters
of TMD and TMDI with varied mass ratios (ut) are obtained using this numerical method
for various damping ratios (ζs) of the main structure, as illustrated in Figures 3 and 4.

From the above figures, it can be seen that the damping ratio of the structure (ζs) affects
the optimal design parameters of the DVA device. For both different devices, the value of
ζd increased a little with the increase of ζs, while f1 and fd decreased with ζs. In addition,
as the mass ratio ut increases, the tuning frequency ratio of fd and f1 decreases, while f2
keeps rising when ut is less than 0.4 and then starts to fall. Meanwhile, the inertance – mass
ratio (uin) of TMDI has the same tendency as f2. For convenience in practical application,
all the results are fitted with the quartic polynomial, as written in Equation (8). In addition,
the coefficient of the polynomial is reported in Table 1.

Popt(ut) = p1ut
4 + p2ut

3 + p3ut
2 + p4ut + p5 (8)
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Figure 3. The optimal design parameters of TMD with the various mass ratios ut: (a) Tuning
frequency ( fd) and (b) Damping ratio (ζd).
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Figure 4. The optimal design parameters of TMDI with the various mass ratios ut: (a) Inertance -
mass ratio uin; (b) Damping ratio ζd; (c) Tuning frequency f1; (d) Tuning frequency f2.

Table 1. The coefficient of the polynomial for the optimal parameters.

TMDI TMD
uin ζt f1 f2 fd ζt

ζs = 0.01

p1 −1.969 −0.907 0.578 −1.800 0.220 −1.043
p2 5.114 2.606 −1.923 4.915 −0.746 2.708
p3 −4.832 −2.896 2.458 −4.981 1.138 −2.535
p4 1.855 1.485 −1.997 2.160 −1.269 1.389
p5 0.030 0.022 0.986 0.262 0.997 0.070

ζs = 0.03

p1 −1.547 −1.139 −0.403 −2.032 0.309 −1.022
p2 4.261 3.166 −0.133 5.379 −0.968 2.703
p3 −4.271 −3.394 1.407 −5.302 1.339 −2.543
p4 1.703 1.669 −1.806 2.249 −1.353 1.404
p5 0.043 0.006 0.962 0.251 0.990 0.073

ζs = 0.05

p1 −2.770 −1.404 1.982 −3.056 0.398 −0.981
p2 6.724 3.583 −5.619 7.908 −1.200 2.646
p3 −5.880 −3.596 5.567 −7.391 1.549 −2.507
p4 2.042 1.696 −2.955 2.891 −1.438 1.413
p5 0.039 0.012 1.009 0.191 0.983 0.074

2.3. Performance Comparison

To visually show the difference between the two oscillators, the displacement transfer
functions of the main structure are plotted. The mass ratio ut for both TMD and TMDI
is set as 0.10. The difference between them can be seen in Figure 5. Compared with the
TMD, it could be found that the maximum amplitude with TMDI is significantly decreased.
However, the TMDI has three peaks in its curve, which is one more than the TMD. This
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is because TMDI has three DOFs, as can be seen from the configuration, which means
that there are more alternatives for adjusting the overall performance of device. In the
process of functioning, the two springs of TMDI could play different roles. The spring k1
is used for the primary tuning, while the spring k2 is responsible for increasing the stroke
and deformation between the damping element in order to absorbing more energy. As
illustrated in Figure 6, the maximum amplitudes of the transfer function of the structural
displacement at various mass ratios (ut) are also compared. It can be observed that with
the increasing of additional mass, the control effectiveness of the two devices improves,
while the TMDI outperform the TMD.
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Figure 5. The TF amplitude of the structural displacement under different devices (ut = 0.10).
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Figure 6. The maximum value of displacement TF with different mass ratios.

What is more, the additional influence of the DVAs on the structure can be attributed
to a higher damping ratio in the primary system. By comparing the altered damping ratio
of the structure, the influence of the DVA on the structure can be explicitly represented.
As for this respect, various methods are presented to evaluate the overall damping of a
structure with the addition of dampers. As derived by reference [42], when the mass ratio
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is small enough, the equivalent damping ratio (ξe) of the whole system can be estimated
by comparing the amplitude of the transfer function, as described in Equation (9). In
accordance with this method, the variation trend of the equivalent damping ratio of the
whole system with different mass ratios is plotted in Figure 7, with an assumed damping
ratio (ζs) of 0.03. It can be found that the equivalent damping ratio (ζe) of the system
extended as the mass ratio ut increases. Compared to the TMD, the TMDI system could
consume more energy with the assistance of inerter element.

ζe ≈ 1
2Hm,max

(9)
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Figure 7. The equivalent damping ratio of the whole system varying with ut (ζs = 0.03).

3. Case Study 1—A SDOF Oscillator

3.1. Parameters of SDOF Structure

In this section, an actual SDOF structure is adopted for time-domain analysis to
evaluate the differences between two DVAs more intuitively. The mass of the structure is
assumed to be 2000 kg, with a stiffness of 20,000 N/m and 379.47 N · m/s for the damping
coefficient (ζs = 0.03). In this section, the mass ratio ut for both TMD and TMDI are all set
as 0.10. The specific values of each parameter can be obtained using Equation (8)), with the
coefficients in Table 1. The parameters of the two equipments are listed in the table below.

Table 2. Parameters of TMDI and TMD for the specific SDOF system.

TMDI TMD

mt (kg) uin (kg) ct (N·m/s) k1 (N/m) k2 (N/m) ct (Nm/s) kt (N/m)

200.00 34.98 77.78 1272.47 372.24 214.15 1500.50

3.2. Reaction of the Primary Structure

To compare the performance of the two devices, the typical ground motion records of
EL Centro and Kobe waves are taken for verification. The reactions of the structure under
seismic loading are obtained using the Newmark-β algorithm [43], which is one of the
most adopted time-integration methods [44,45]. The relative displacement and absolute
acceleration of the main structure are depict in Figures 8 and 9. It can be noticed that, for the
same mass ratio, both devices perform well in the whole process. However, in comparison
with the classical TMD, the TMDI can further decrease the response of the results over the
entire time range.
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Figure 8. The relative displacement of the primary structure under earthquake: (a) EL Centro and (b) Kobe.
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Figure 9. The absolute acceleration of the primary structure under earthquake: (a) EL Centro and (b) Kobe.

3.3. Stroke of Damping elements

Apart from the responsiveness of the main structure, the stroke of devices is also the
essential factor to consider. Especially in the buildings with limited space, the stroke of the
additional devices is a critical restraint. In this SDOF system, the relative displacement is
compared under different ground motions, as illustrated in Figure 10. In this regard, the
TMD has the advantage of a shorter stroke, whereas the maximal relative displacement
of the TMDI is around 1.3 times as much as the TMD. Additionally, the deformation of
the two spring for the TMDI are also varied. The relative motion of k1 is larger than k2
because of smaller stiffness compared with the classical TMD. Whereas, the extra spring k2
is utilized to increase the deformation of the damping element.
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Figure 10. The stroke of different devices under earthquake: (a) EL Centro and (b) Kobe.

3.4. Energy Dissipation

As indicated in the Table 2, the damping coefficient of TMDI is much smaller than
that of TMD, which is around 1/3 of it. Therefore, a greater deformation is required to
output larger damping forces to achieve the same desired energy dissipation. The damping
forces and relative displacement for the damping element for each device are depicted in
Figure 11 when activated by the earthquake. It can be seen that the hysteresis loops of the
damping force and relative displacement for the TMD are broadly circular, whereas the
curve of TMDI is almost elliptical. In contrast, the damping force of TMDI is much smaller,
with a more extensive deformation compared with TMD.

The energy consumption curves of TMD and TMDI are given in Figure 12, with the
example of EL Centro wave. It consumed about 538.74 and 568.64 kJ of energy for TMD and
TMDI, accounting for 68.02% and 72.24% of the toltal energy harvest by the entire system,
respectively. As can be observed, the TMDI could absorb more energy than the traditional
TMD. At the same time, it is possible to select a damping element with a lower damping
coefficient, hence reducing the requirements of the auxiliary device and cost. Similarly, a
lower mass ratio of TMDI can be considered to achieve the same vibration suppression
effectiveness.

-0.6 -0.4 -0.2 0 0.2 0.4 0.6
Relative displacement (m)

-0.3

-0.2

-0.1

0

0.1

0.2

0.3

D
am

pi
ng

 F
or

ce
(k

N
)

TMD
TMDI

(a)

-1.5 -1 -0.5 0 0.5 1 1.5
Relative displacement (m)

-0.6

-0.4

-0.2

0

0.2

0.4

0.6

D
am

pi
ng

 F
or

ce
(k

N
)

TMD
TMDI

(b)

Figure 11. The hysteretic curve of damping element under different ground motion: (a) EL Centro
and (b) Kobe.
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Figure 12. The energy consumption for TMD and TMDI under EL Centro wave: (a) TMD and (b)
TMDI.

4. Case Study 2– A MDOF Benchmark Model

4.1. Introduction of Model

In this section, a typical multi-story steel building located in Los Angeles is taken as a
benchmark model [46] in this paper. It has commonly been used as a benchmark model
to assess the effectiveness of various control strategies [47,48]. The planar dimensions
of this structure are 30.48 m by 36.58 m, with a height of 80.77 m. There are 20 stories
above the ground surface, and the roof denotes the 21st level, as depicted in Figure 13. It
includes two extra basement floors, and each floor averages 3.96 m in elevation. The two
basement floors have a height of 3.65 m, while the first floor has a height of 5.49 m. The
horizontal displacement of the first floor is restricted by the concrete foundation walls and
surrounding soil. The mass of the first and second floors is 2.66 × 105 kg and 2.83 × 105 kg,
the mass of the third to 20th floors is 2.76 × 105 kg, and the mass of the roof is 2.92 × 105

kg. In this section, we only concentrate on the plane of this structure, as well as the short
direction.

The structure is modeled as a plane-frame elements, and the mass and stiffness matri-
ces for the structure are determined. There are 180 nodes interconnected by 284 elements in
this model. The beam and column members are modeled as the plane element, with two
nodes and six degrees of freedom. The detailed properties of these elements can be found
in reference [49], including the length, area, the moment of inertia, modulus of elasticity,
and mass density.

The structure is modelled by the finite element method (FEM), with 540 DOFs for
the mass and stiffness matrix. After that, 14 DOFs on the first floor are eliminated, con-
sidering the boundary constraints on the bottom. In addition, the system can be further
simplified because the floor slab can be assumed as rigid in the horizontal plane, and the
nodes associated with each floor have the same horizontal displacement. Then the Guyan
reduction method [50] is used to decrease the rotational and most of the vertical DOFs. In
the end, the mass matrix Ms and stiffness matrix Ks have the dimensions 106 × 106. The
modal parameters, including the frequencies and mode shapes, are obtained by solving the
following eigenvalue problem. The modal shapes of the first three modes are plotted in
Figure 14. (

Ks − ω2Ms
)
Φ = 0 (10)
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Figure 13. Cross-section frame in the north–south direction [46].
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Figure 14. The first three mode shapes of the structure: (a) Fundamental mode; (b) Second mode; (c)
Third mode.
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The damping matrix Cs is obtained on the base of the reduced system with the
assumption of modal damping. The damping of each mode ζi is assumed to be proportional
to the associated frequency, with a maximum critical damping of 10%. Then, the values of
ζi are calculated according to Equation (11), and the global damping matrix can be acquired
as in Equation (12).

ζi = min
{

ωi
50ω1

, 0.1
}

. (11)

Cs = MsΦ(2ζω)Φ−1 (12)

where ωi and ζi are the ith modal circular frequency and damping ratio of the structure,
respectively; ζ = diag{ζ1, ζ2, · · · , ζn}; ω = diag{ω1, ω2, · · · , ωn}.

4.2. External Loads Acting on the Structure

In order to further verify the dynamic performance of the high–rise buildings with
the designed proposed control strategy. It is supposed that this structure is excited by
the earthquake. In addition, it is assumed that the base accleration excitation is non–
stationary in nature and has a more complicated spectral content than the white–noise
random process. In this respect, the colored power spectral density (PSD) of the Clough–
Penzien model [51] is employed as the base excitation, which is represented as shown in
Equation (13). According to the theory of earthquake engeering, the amplitude of ground
motion is filtered by the soil when it originates at the bed rocket. The soil effect could be
converted to a two DOF linear filter that filters out the low-frequency component.

Sẍg(ω) = S0
ω4

g + 4ζ2
gω2

gω2(
ω2

g − ω2
)2

+ 4ζ2
gω2

gω2

ω4(
ω2

f − ω2
)2

+ 4ζ2
f ω2

f ω2
(13)

where S0 is a scale factor; ζg, ωg denote the equivalent damping ratio and fundamental
frequency of the single-layer soil of the local site; ζ f , ω f denote the equivalent damping
ratio and fundamental frequency of the second-layer soil of the local site.

In the power spectral density (PSD), the values of the parameters considering different
types of soils are indicated in Table 3, as illustrated in reference [51]. The short period of
ground motion is related to the firm soil site, while the long period of ground motion refers
to the soft soil site. The structure is considered to be at the firm soil site in this region, for
the reason that the response would be more severe with the short period of base excitation.
The scale factor S0 demonstrated in Equation (13) is considered as 1 g2 · s, while other
parameters are selected from Table 3 according to the firm soil type. After that, the base
acceleration excitation is a non-stationary random process specified by the Clough–Penzien
spectra. Three authentic acceleration signals are then generated in accordance with this
PSD model and the use of inverse Fourier transformation, which is named W1 ∼ W3.

Table 3. The parameters of the Clough–Penzien model for different soil types.

Soil Type ωg (rad/s) ζg ω f (rad/s) ζ f

Firm 15.0 0.6 1.5 0.6
Medium 10.0 0.4 1.0 0.6

Soft 5.0 0.2 0.5 0.6

Moreover, the efficacy of the two DVAs is tested with the actual ground motions. The
construction is assumed to be placed on a class I1 site with firm soils in the second group,
according to the Chinese standard code for seismic design of buildings [52]. The shear
velocity vs20 is 500∼800 m/s for the firm soil site, which is transformed to 510∼760 m/s
for vs30 according to the standard of ASCE [53]. Following that, the target acceleration
response spectra are obtained, as shown in Figure 15. Seven records are obtained from the
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database of PEER [54], and the selected ground motion data are listed in Table 4. After that,
the response spectrum for all the ground motions are also plotted in Figure 15.
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Figure 15. The acceleration response spectrum of the selected records

Table 4. The information of the selected earthquake records

Series Earthquake Name Year Magnitude Station Name Vs30 (m/s) Rjb (km)

R1 Chi-Chi_Taiwan 1999 7.62 CHY019 573.04 46.59
R2 Chi-Chi_Taiwan 1999 7.62 HWA035 677.49 44.02
R3 Chi-Chi_Taiwan 1999 7.62 ILA050 621.06 63.82
R4 Chi-Chi_Taiwan 1999 7.62 TCU071 624.85 0.00
R5 Chi-Chi_Taiwan 1999 7.62 TCU089 535.13 83.38
R6 Chi-Chi_Taiwan 1999 7.62 TTN051 665.20 30.77
R7 Chi-Chi_Taiwan 1999 7.62 TCU129 511.18 1.83

4.3. Dynamic Modal Establishment for Passive Control

In the previous study, it is normally organized at the top of the structure if only a
single tuned-type oscillator is considered [32]. The first-order frequency of the structure
is mainly considered for the single TMDI to achieve the best control effect. However, this
usually causes some problems. The mass and volume of the device will be so large that
the structure needs to be specially designed to consider the arrangement of the attached
device, which may result in additional construction and costs. For this reason, in this
section, multiple TMD and TMDIs are considered to be arranged in the structure to reduce
the huge additional mass of a single device. Besides, the designed frequency of each DVA
is adjusted to control to enhance the resilience and dependability of the equipment.

When considering the arrangement of DVAs, it can be considered according to the
distribution of vibration shapes for different modes. From Figure 14, it can be found that
the largest amplitude of the fundamental mode is at the top of the building, whereas the
peak position of the second mode is on the ninth floor. According to this, multiple DVAs
are employed to suppress the first two modes of the structure. Then, eight devices are
organized in this section, and they are located between the 7th and 21st floors, with intervals
of two stories. The schematic of the entire system is shown in Figure 16. In addition, the
frequencies are uniformly dispersed from the first to the second model, with the frequency
for each device computed using Equation (14). At the same time, the other parameters can
be acquired by Equation (8) when the frequency is definite.

ωt,i = ωs,1 +
ωs,2 − ωs,1

nt − 1
(i − 1)(i = 1, 2, · · · , nt) (14)
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where ωs,1 and ωs,2 are the fundamental and second model frequency of the main structure,
respectively; ωt,i is the frequency that the ith TMD and TMDI need to be controlled; nt is
the total number of DVAs.

Figure 16. The entire structure assembled with multiple passive and active DVAs.

When the parameters of each device are determined, the equation of motion of the
whole system under the base acceleration excitation is expressed as in the following formu-
lation.

MẌ + CẊ + KX = −MLẍg (15)

For the multiple TMDs:

M =

[
MS 0

0 Mt

]
, C =

[
CS + P1CtP1

T −P1Ct

−CtP1
T Ct

]
, K =

[
KS + P1KtP1

T −P1Kt

−KtP1
T Kt

]
(16)

For the multiple TMDIs:

M =

⎡
⎣ Ms 0 0

0 Mt + Min −Min

0 −Min Min

⎤
⎦, C =

⎡
⎣ Cs 0 0

0 Ct −Ct

0 −Ct Ct

⎤
⎦

K =

⎡
⎣ Ks + P2(K1 + K2)P2

T −P2K1 −P2K2

−K1P2
T K1 0

−K2P2
T 0 K2

⎤
⎦

(17)

where Ẍ, Ẋ and X are the relative acceleration, velocity, and displacement of the global
system; M, C and K are the mass, stiffness, and damping matrix of the whole system,
respectively; Ms, Cs and Ks are the mass, stiffness, and damping matrix of the origi-
nal main system, respectively; Mt = diag{mt1, mt2, · · · , mtn} is the diagonal matrix of
additional mass of TMD and TMDI; Min = diag{min1, min2, · · · , minn} is the diagonal
matrix of inerterance; Ct = diag{ct1, ct2, · · · , ctn} is the diagonal matrix of damping of
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TMD and TMDI; K1 = diag{k11, k12, · · · , k1n} is the diagonal matrix of spring k1 of TMDI;
K2 = diag{k21, k22, · · · , k2n} is the diagonal matrix of spring k2 of TMDI;
Kt = diag{kt1, kt2, · · · , k2tn} is the diagonal matrix of spring kt of TMD; P1 and P2 are
the Boolean matrix for the location of TMD and TMDI, respectively; L is the distribution
matrix for the inertia forces under earthquake; ns is the total number of DOFs of the original
structure; ẍg is the acceleration of ground motion.

4.4. Active Control with Multiple DVAs

Passive control does not require external energy and can maintain process stability.
However, some shortages of the passive control strategy exist in the operation period, such
as start-up lag and large stroke. While the active control method is a useful technique in
addressing such issues, which have been frequently employed in practice. To implement
the effective control, multiple active TMDs and TMDIs are adopted in this section. The
placement is identical to that of passive control, with the exception of the addition of an
active actuator between each additional mass of devices and the main structure, as shown
in Figure 16. Consequently, the equation of motion for the entire system has altered as a
result of the inclusion of active forces, as illustrated in the equation below.

MẌ + CẊ + KX = −MLẍg + BsUe (18)

where Ue is the external active forces; Bs is the Boolean matrix of the active force distribution
in global coordinates.

When the actuator is added, the challenge of determining how to design the actuator
output forces should be examined. In this part, the design method is based on the linear
quadratic regulator (LQR) [55]. Firstly, the equation of motion can be transformed into the
form of state space, as shown in Equation (19). Furthermore, for the sake of computation, it
is assumed that the displacements and accelerations are measurable for all the DOFs.

{
Ż(t)= AZ(t)+BU(t) + Dẍg
Y(t)= CZ(t) + Hẍg

(19)

A =

[
0 I

−M−1K −M−1C

]
, B =

[
0

M−1Bs

]
, D =

[
0

L

]
,

C =

[
I 0

−M−1K −M−1C

]
, H =

[
0

L

] (20)

where Z =
{

X, Ẋ
}T is the state response of the whole system.

After that, the control objective is to satisfy a quadratic performance generalization, as
indicated in Equation (21). In addition, the optimal control force U can be expressed as a
function of the state of system Z, as presented in Equation (21).

J =
1
2

∫ ∞

t0

[
ZT(t)QZ(t) + UT(t)RU(t)

]
dt (21)

U(t) = GZ(t) (22)

where Q and R are the weight matrices of the structural state response and the output
forces, and they are semi-positive and positive definite matrices, respectively; G is the
optimal state feedback gain matrix.

The weights matrix of Q is presumed to be a function of the mass and stiffness matrices
of the whole system. While the weights matrix R for the active force is assumed to be the
identity matrix, as shown in Equation (23). The weight coefficient of α and β are assumed to
be 103 and 10−3 through constant trial, respectively, and it can also be modified according
to actual needs. According to stochastic control theory, the optimal feedback force gain G

can be obtained by solving the Riccati matrix algebraic equation [55], as demonstrated in
Equations (24) and (25).
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Q = α

[
M 0

0 K

]
, R = βI (23)

− PA − ATP + PBR−1BTP − Q = 0 (24)

G = R−1BTP (25)

5. Verification for Vibration Suppression

The time histories under the specified ground motion are estimated using the Newmark-
β method, based on the benchmark model stated in the preceding section and the control
strategy. In this case, eight TMDs and TMDIs are organized in accordance with Figure 16,
with a mass of 21.783 t for each device, assuming a total mass of 3% of the main structure.
The remaining spring stiffness and damping coefficient are determined using the approach
described in Section 2.2. The results of both the passive and active control systems have
been computed and are presented in this section.

5.1. The Top Response of This Building

Under external excitation, the reaction of the top of this high-rise building is the
prominent factor that needs to be taken into account. By adopting parameters designed
according to the proposed passive and active method, a series of time history analyses
were conducted for verification. Taking the ground motion data of R2 as an example,
as can be seen in Table 4, the response of the building is plotted, as shown in Figure 17.
When the seismic acted, it can be seen that the structural response under passive control is
reduced, but there is still great potential for the improvement of mitigation effectiveness.
Meanwhile, it can be found that TMDI can further improve the suppression effect during
the earthquake with the same mass ratio. In addition, the application of active control can
drastically diminish the responsiveness of the structure, compared with the passive control
methods.

In addition, the PSD of the top structural response is plotted to assess differences
in the frequency domain, as shown in Figure 18. It can be observed that, except for the
fundamental mode, higher–order modes also have the impacts on the displacement and
acceleration response of the structure under the uncontrolled cases. The passive control
mainly affects the first- and second-order structure modes but has limited influence on the
remainder of the higher-order modes. However, the active control performs better, with
reduced frequency sensitivity and significant suppression of all modes. This shows that
active control features the strength of being less sensitive to excitation and that it can still
provide effective control forces in situations where the external input is varied.
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Figure 17. Cont.
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Figure 17. The top response of the main structure under ground motion of R2: (a) Displacement
under passive control; (b) Acceleration under passive control; (c) Displacement under active control;
(d) Acceleration under active control.
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Figure 18. The PSD value of the top response of the main structure under earthquake of R2: (a) Top
displacement under passive control; (b) Top acceleration under passive control; (c) Top displacement
under active control; (d) Top acceleration under active control.

5.2. Statistical Characteristics of the Response

The time-dependent reaction shown above is the consequence of assuming the struc-
ture is in the undamaged condition. After a system is subjected to a strong earthquake,
some non–structural components may be damaged and no longer be able to offer auxiliary
stiffness to the structure, resulting in stiffness decline. Considering this situation, the
stiffness of the structure is discounted in this situation for the further analysis, and it is
supposed to be 0.9 times that of the undamaged condition. Figures 19 and 20 compare
the maximum amplitude of the structural response before and after being damage under
various ground motions. It can be seen that the amplitude of the main structure decreased
after the structure got damaged. This could be resulted by the extension of structural
period. With approximately constant mass, the reduction in stiffness causes a reduction in
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the frequency of the structure, resulting in a longer period. Then the structure will capture
less energy, resulting in smaller responses, as demonstrated in Figure 14.

When the stiffness of the structure declined, the control effects of TMDI and TMD in
the passive state deteriorated considerably, because the parameter of DVAs are designed
based on the structural frequencies before being damaged. As for the passive control
strategy, the counterproductive result could happen in some cases, as shown in Figure 20a.
The amplitude is amplified compared with the uncontrolled situation. Although some
reduction in vibration can be achieved with passive control, there is still much to be done
to improve the performance. The efficacy of the multiple active TMDI (MATMDI) is more
stable than the given multiple active TMD (MATMD), and the reaction of the structure is
always kept as low as possible for the given ground motion data.

R1 R2 R3 R4 R5 R6 R7 W1 W2 W3
Number of ground motion

0

0.5

1

1.5

2

M
ax

im
um

 D
is

p.
 (

m
)

Uncontrolled
Passive MTMDI
Active MTMDI
Passive MTMD
Acitve MTMD

(a)

R1 R2 R3 R4 R5 R6 R7 W1 W2 W3
Number of ground motion

0

5

10

15

20

M
ax

im
um

 A
cc

e.
 (

m
/s

2 )

Uncontrolled
Passive MTMDI
Active MTMDI
Passive MTMD
Acitve MTMD

(b)

Figure 19. The maximum response of the top of the main structure before being damaged: (a) The
maximum relative displacement and (b) The maximum absolute acceleration.
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Figure 20. The maximum response of the top of the main structure after being damaged: (a) The
maximum relative displacement and (b) The maximum absolute acceleration.

5.3. Stroke of the Devices

The amplitude of the stroke of every DVA is additionally an essential aspect to consider.
The outcomes of identifying the maximum relative displacement per device in terms of
each floor movement are obtained. And the records under all the ground motions are count
out throught the box–plot, as depicted in Figure 21. Before the structure got damaged,
the stroke of the device could be significantly reduced under active control compared to
passive control. In most cases, the relative motion of MATDMI increased compared with
MATMD in order to achieve the superior vibration mitigation effects. However, after the
structure being damaged, the stiffness of the structure decreased. The frequencies of some
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devices altered in the passive control mode, making it difficult to resonate with the host
structure. Then the stroke of devices have been reduced.
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Figure 21. The statistics value for the stroke of different DVAs: (a) Passive control and (b) Active
control.

Additionally, because of the first mode that the devices controlled, the stroke of the
first device is the greatest in passive control strategy, and the value of the second to the
fifth device steadily diminishes. While the stroke of the sixth to eighth devices increased
at the same time, due to the location close to the peak position of the second mode shape.
In the active control, the relative movements significantly decreased, particularly for the
foremost device, and the lower position the device located, the smaller the strokes it makes.
This once again highlights the value of active control and is not sensitive to the structural
variation.

6. Conclusions

In this study, a dynamic vibration absorber is integrated with a traditional TMD
by adding an inerter element. According to the quantity and features of the various
mechanical elements, a simple and effective topology of the system is adopted. To address
the shortcomings of the classical fixed-point theory, the optimal design parameters of the
TMDI are calculated for the damped SDOF system under the base acceleration by using
the numerical optimization method. Moreover, the variation between the conventional
TMD and TMDI are compared in the frequency and time domains. On this basis, an
actual multi-story steel structure model is used to test the mitigation effect of TMDI under
severe earthquakes. In addition, multiple passive and active control strategies of TMDI are
proposed, considering the distribution characteristics of the structure. The effectiveness
of vibration suppression is verified through time history analysis. From the results, some
conclusions can be drawn as follows.

1. The deficiency of classical fixed-point theory can be compensated by employing
numerical searching, and the optimal design parameters of TMD and TMDI under
external excitation can be effectively found.

2. The TMDI performs better than the classical TMD, with the lower amplitude of the
transfer function for the primary system. Meanwhile, the TMDI can provide more
extra additional damping to the structure and increase the overall system energy
dissipation, but the stroke has to be increased.

3. With the contribution of extra actuators, the multiple active TMDI could greatly
alleviate the response of the structure and stroke of attached DVAs. Besides, it also
has the strength of being insensitive to structural and environmental changes, with
stronger robustness and stability.
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Abstract: Base isolation techniques have emerged as the most effective seismic damage mitigation
strategies. Several types of aseismic devices for base isolation have been invented, studied, and
used. Out of several isolation systems, sliding isolation systems are popular due to their operational
simplicity and ease of manufacturing. This article discusses the historical development of passive
sliding isolation systems, such as pure friction systems, friction pendulum systems, and isolators with
other sliding surface geometries. Moreover, multiple surface isolation systems and their behavior as
well as the effectiveness of using complementary devices with standalone passive isolation devices
are examined. Furthermore, the article explored the various modeling techniques adopted for
base-isolated single and multi-degree freedom building structures. Special attention has been given
to the techniques available for modeling the complex phenomena of sliding and non-sliding phases
of sliding bearings. The discussion is further extended to the development in the contemporary areas
of seismic isolation, such as active and hybrid isolation systems. Although a significant amount of
research is carried out in the area of active and hybrid isolation systems, the passive sliding isolation
system still has not lost its appeal due to its ease of adaptability to the structures.

Keywords: base isolation; friction pendulum system; multi-surface isolation system; passive isolation
system; active isolation system; semi-active isolation system

1. Introduction

Earthquakes are one of the most catastrophic natural events, often resulting in the
loss of lives and structures. Humans have been trying to reduce the harmful effects of
earthquakes on structures, such as buildings, bridges, and tanks. The main challenge faced
in reducing the harmful effect of an earthquake is to arrive at a suitable method to dissipate
or offset the vast amount of energy imparted to the structure during a seismic event. In this
regard, researchers have been developing some mechanical appurtenances over the years.
As a result, several mechanical devices, such as fluid viscous dampers [1], visco-elastic
dampers [2], and yielding-type dampers [3], have been invented. Depending on their
location and type of arrangement within the structure, these devices absorb seismic energy
locally. Over the years, the research focus shifted to developing mechanical devices that
can significantly reduce the transfer of seismic energy to the structure, which led to the
invention of base isolation systems. In principle, a base isolation system must have very
high stiffness in the vertical direction and low stiffness in the lateral direction. High vertical
stiffness enables the transfer of gravity loads, whereas low lateral stiffness ensures that the
structure behaves as a rigid unit for the lateral load. The main issue to be addressed in the
earthquake-resistant design of structures is the resonance problem. During a seismic event,
structures generally are prone to frequency amplification as their fundamental frequency
typically lies in the range of earthquake frequencies. Base isolation systems minimize the
resonance issue by significantly altering the fundamental frequency of the structure. The
concept of base isolation is not new; historically, the earliest known patent on the base
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isolation technique can be traced back to 1870 [4]. In the patent application, Jules Touaillon
of California proposed a seismic isolation system which uses a combination of spheres and
spherical surfaces to achieve seismic isolation (Figure 1).

 

Figure 1. Isolation system patented by Touaillon [4].

Furthermore, in the year 1909, a doctor named Calantarients of Great Britain proposed
an isolation technique [5], wherein a talc or mica layer is used between the foundation and
superstructure to safeguard the building against earthquakes. One of the earlier known
examples of seismic isolation can be found in a multi-story building in Ljubljana, Slovenia.
The building was built in 1933 by adhering to the seismic isolation philosophy. The
building’s foundation is separated from the deep file foundation using 2.5 mm thick layers
of metals and asphalt [6,7]. To date, several review articles on various base isolation systems
are available [8–15]. In 1969, an elementary school in Skopje, Yugoslavia, was base-isolated
with unreinforced rubber blocks [16]. Therefore, the base isolation project of the Pestalozzi
school is one of the earliest known implementations of the base isolation technique in an
actual structure. Since the rubber blocks were unreinforced, the isolators lacked sufficient
vertical stiffness, resulting in some amount of horizontal acceleration converting into
vertical acceleration. This acceleration produces an additional bouncing effect which is
highly undesired. As a result, these blocks are not used for base isolation at the present
time. However, the experiences with these rubber blocks have led to considerable research,
and since then, researchers have developed several types of rubber bearings [11].

One of the simplest ways to achieve base isolation is to implement some sliding
mechanism between the superstructure and substructure. In its simplest form, this type of
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isolation can use a sand layer between the superstructure and substructures [17]. Although
this approach is simple and reasonably effective for small structures, it is not suitable
for multi-story buildings. More recently, Azinović et al. [18] proposed the use of thermal
insulation boards installed beneath the foundations of a contemporary energy-efficient
building to allow for controlled lateral sliding between the individual layers of the board.
Out of the various scenarios considered by these researchers, the sliding prevention scenario
was found to be the most cost-effective. To date, several varieties of sliding isolation systems
have been developed. These systems are discussed in detail in the subsequent sections.
Although the idea of seismic isolation is more than a century old, research and wide
practical implementation started about 40 years ago. Since its inception, the concept of
base isolation has significantly matured, and various base isolators have been developed,
patented, and implemented.

Modern isolation systems can be broadly classified into elastomer base isolators,
rolling-type isolators, and sliding isolators. Elastomer isolators use rubber as the base
material, which may have metal insertions to increase the vertical stiffness. The details
regarding elastomer isolators and their applications to the structures can be found in [19].
The rolling-type isolators use balls or rolling rods which can roll on concave surfaces.
During an earthquake event, the energy is dissipated through rolling friction. Several
research articles on various rolling-type isolations are available [20–23]. A detailed review
of these isolators is also available [24]. The sliding isolators have two or more contact
surfaces and work by mutual sliding of one or multiple surfaces. Although many review
articles on various base isolation systems are available, the authors found only a few
review articles on sliding isolators. Moreover, review articles discussing the various
modeling techniques are still rare. Furthermore, review articles addressing the use of
complementary devices along with sliding isolators are limited. In this context, the present
review paper mainly focuses on sliding isolation systems, with special attention given to
various modeling techniques for isolated structures and the complementary devices used
with the sliding isolators.

2. Sliding Isolation Systems—History of Various Types

In this section, the historical development of sliding isolators based on the number of
sliding surfaces is discussed. Several important studies and key findings of these studies
are also briefly examined.

2.1. Sliding Isolation Systems with a Single Sliding Surface

In Bihar (India), during the 1934 earthquakes, many buildings survived as they de-
veloped cracks running longitudinally below the superstructure. These cracks permitted
the sliding of the superstructure over the foundation, preventing damage to the super-
structure [25]. This observation became the topic of interest, and researchers proposed
sliding-type joints [26–29]. Few authors proposed a pure friction type (P-F) joint, where
materials, such as graphite powder, sand or engine oil, are used between the superstructure
and substructure to achieve the required coefficient of friction [25,26]. These structures
significantly reduced the spectral acceleration when subjected to dynamic loading, indi-
cating the effectiveness of P-F base isolation. Since these studies were restricted to simple
one-story buildings, Nikolić-Brzev studied [30] a multiple-level P-F isolation scheme for
multi-story buildings. The system was found to be effective in reducing the dynamic
response of the buildings when compared with fixed-base buildings. Several other detailed
studies and modeling techniques are also available on P-F isolation systems [31–35]. The
details of these modeling techniques are discussed in Section 7.

Due to the lack of restoring mechanism in a P-F system, the superstructure may
permanently shift from its original position at the end of a seismic event. This residual
shift may affect the functional use of the building. Therefore, researchers shifted their focus
toward sliding systems with restoring capabilities. Zayas et al. [36] proposed a simple
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system known as the friction pendulum system (FPS). Details of a typical friction pendulum
isolator are shown in Figure 2.

 
Figure 2. Schematics of a typical friction pendulum bearing.

The isolator consists of an articulated slider, which moves on a stainless-steel spherical
surface. The slider is coated with stainless steel and encased in the cavity of a spherical
plate. The slider portion in contact with the spherical surface is coated with a composite
material with low friction, usually Teflon. Teflon is the trade name of polytetrafluoroethy-
lene (PTFE). During a seismic excitation, the slider moving on the spherical surface may lift
the mass, and the gravitational force provides the necessary restoring force. The friction
between the slider and surface provides the necessary damping. This type of isolator
has been extensively studied, and the results of detailed experimental studies are avail-
able [37,38]. Jangid [39] developed a mathematical model for a multi-story building and
a bridge isolated with FPS. The researcher found the existence of optimal friction values,
which can significantly reduce sliding displacements and floor accelerations. More recently,
researchers proposed a regression expression to obtain the optimal value for the coeffi-
cient of friction [40]. It was found that the optimal value is dependent on the intensities
of earthquakes. Vibhute et al. [41] proposed a graphical approach to obtain the optimal
friction value. This method was found to be intuitive and simpler than the optimization
algorithms. The effect of local bending effects on the response of FPS isolated buildings
under seismic loading was studied by Tsai [42]. Through the study, the researcher found
that ignoring the local bending effect may be unrealistic and should be included in the
formulation phase. A study on FPS-isolated structures indicates the importance of consid-
ering bi-directional earthquake excitations [43]. It was found that the sliding displacement
increases between 20% and 38% in the bi-directional excitation case when compared with
unidirectional excitation. Several researchers studied various FPS-isolated structures, such
as buildings [44], bridges [45], liquid storage tanks [46], and nuclear power plants [47].
Typically for analysis purposes, FPS is modeled in 1D or 2D; although this is agreeable
under normal loading, it is not realistic in extreme loads, which may include uplifting [48].
In this context, several researchers have studied the behavior of FPS under extreme tri-axial
loading by considering 3D models [49,50]. It is a well-established fact that the response of a
structure is different for a near-fault than for a far-field earthquake. Therefore, base-isolated
structures may show large displacements for near-fault pulses [51]. The frequency of an
FPS is a function of its sliding geometry alone. Since the curvature of FPS remains the same
over the sliding surface, the isolation frequency is constant. As a result, a low-frequency
earthquake might induce resonance in the structure resting on FPS. Therefore, Pranesh
and Sinha [52] proposed a variable frequency pendulum isolator (VFPI) whose frequency
varies along the geometrical surface. The surface considered for the isolator is derived
based on the modified expression of an ellipse. Since the curvature changes along the
surface, the period of the isolator varies throughout the sliding. As a result, the matching
of isolator and earthquake frequency is avoided, effectively curbing the resonance issue.
Furthermore, the isolator is found to be effective for high-intensity earthquakes. A similar
isolator known as a variable curvature friction pendulum system (VCFPS) was proposed
by Tsai [53]. Here, the concave surface of the isolator is derived by subtracting a function
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from the equation for the sliding surface of FPS. The author studied the effectiveness of
VCFPS by considering a numerical model of a building subjected to various earthquakes.
The study indicated that the isolator could significantly reduce the base shear even in a
near-fault earthquake characterized by low frequency. Lu et al. [54] introduced an isolator
with a spherical curvature at the central portion with linearly varying geometry beyond
this central region. The isolator is called a conical friction pendulum isolator (CFPI). Due to
the geometry, the isolator acts similar to FPS within some threshold, and thus isolation fre-
quency remains constant. Beyond this threshold, the frequency of isolation varies linearly
along the geometry owing to the linearly varying surface. A comparison of the FPS, CFPI,
and VFPI is shown in Figure 3.

 

Figure 3. Comparison of various sliding isolation system geometries [10].

Herein, it was found that all the isolators performed well in a far-field earthquake.
However, for near-fault earthquakes, VFPI and CFPI are found to be more effective than FPS.
Except for FPS, all other isolation systems mentioned earlier have flatter sliding surfaces,
resulting in large residual displacements. In an attempt to reduce this residual displacement,
Lu et al. [55] developed a sliding isolator known as a polynomial friction pendulum isolator
(PFPI). The surface geometry of this isolator is governed by a fifth-order polynomial. The
response of PFPI in terms of displacements was significantly lower than FPS for near-fault
earthquakes. Krishnamoorthy [56] proposed an isolator whose geometry, as well as the
coefficient of friction, varies with isolator displacement, named variable radius friction
pendulum system (VRFPS). The geometry of VRFPS varies exponentially along the sliding
surface, whereas the coefficient of friction varies linearly along the surface. The isolator
was effective for a wide range of earthquake frequencies and significantly reduced residual
displacement. Malu and Murnal [57] considered VFPI varying the coefficient of friction
along the geometry to reduce the harmful effects of near-fault earthquakes. Rather than
linearly varying the coefficient of friction as in VRFPS, the authors varied the coefficient
of friction only in two specific regions. Authors claimed that restricting the variation of
friction coefficient only in two regions significantly reduces the difficulties involved in
manufacturing these isolation bearings. Moreover, the isolator was effective in reducing
both acceleration and displacement. Furthermore, Calvi et al. [58] proposed two more
varieties of these isolation systems. One system uses a flat surface known as BowTie
(BT), and the other with a curved surface similar to FPS is known as BowC (BC). In both
cases, the coefficient of friction varies along the surface. Authors argued that this variable
friction coefficient could be practically obtained by creating concentric bands of different
materials. Due to the flat geometry, BT lacks the recentering ability, but this could be
used as a cost-effective solution for temporary buildings. However, BC has a re-centering
capability and thus can be used for more permanent structures. Although analytical studies
on BC isolators showed promising results, the authors suggested additional experimental
studies to check the practical feasibility of these isolators. The sliding isolation systems
generally use costly materials to achieve a low coefficient of friction for the surface. In this
regard, a low-cost alternative for typical isolation bearing was suggested by Brito et al. [59].
The isolation system uses typical construction materials, such as concrete and steel, and
does not use any replaceable mechanical parts. The authors explored the possibility of
combining both convex and concave surfaces for isolation purposes.
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2.2. Sliding Isolation Systems with Multiple Sliding Surfaces

Although the earliest literature on isolators with multiple sliding surfaces dates back
to the 19th century [4], a systematic study in this area started only in this century. The effec-
tiveness of sliding isolator systems for a wide range of earthquake frequencies encouraged
the researchers to focus on isolators with multiple sliding surfaces. Tsai et al. [60] proposed
a multiple friction pendulum system (MFPS) with two concave sliding surfaces (Figure 4).
Due to its unique design, this isolator can accommodate large sliding displacements. Fur-
thermore, multiple frictional surfaces provide additional damping, thus offsetting the
harmful accelerations.

 

Figure 4. Schematics of a double pendulum friction bearing.

Fenz and Constantinou [61] studied various parameters of double concave friction
bearings by varying the coefficient of friction, radii of sliding surfaces, and the height of
articulates and sliders. The authors proposed that with several of these variables, designers
can arrive at upper and lower isolator surfaces, whose radii can be varied depending on
the requirement. Further research in base isolation has led to the development of another
multi-stage friction pendulum bearing known as a triple pendulum (TP) bearing [62]. The
system makes use of three independent pendulum mechanisms and four concave surfaces,
as shown in Figure 5.

 

Figure 5. Schematics of a triple pendulum friction bearing.

TP bearings are capable of achieving different hysteresis properties when being dis-
placed. This property of variable hysteresis enables the isolator to adapt to different
earthquake frequencies. Detailed theoretical and experimental studies of these multi-stage
frictional pendulum isolators were carried out by Fenz and Constantinou [63,64]. Since slid-
ing displacements are distributed on all the sliding surfaces, the heat generated during the
high-velocity movement is also minimized. Various modeling techniques of these isolators
are also available in detail [65,66]. A detailed study has been conducted by Morgan and
Mahin [67] to assess the reliability of TP bearings. This probability-based study indicated
that TP bearings are effective in various seismic hazard levels. A detailed study of these iso-
lators subjected to extreme forces conducted by Becker et al. [68] showed that the damages
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are generally limited to inner sliding surfaces. Most recently, Lee and Constantinou [69]
developed a quintuple friction pendulum isolator (Figure 6).

 

Figure 6. Schematics of a quintuple pendulum friction bearing.

The isolator has six spherical sliding surfaces, which provides designers with multiple
options to achieve complex seismic isolation requirements. A detailed mathematical model
and finite element technique to model this type of isolator are proposed by Keikha and
Ghodrati [70] and Sodha et al. [71], respectively.

A comparison of the typical force (f )-displacement (d) behavior and stiffness at various
regimes (k) for various sliding isolators discussed to date is shown in Figure 7.

  
(a) (b) 

 
(c) (d) 

Figure 7. Cont.
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(e) 

Figure 7. Idealized force-displacement relationship for various isolators. (a) P-F isolator, (b) FP
isolator, (c) double concave friction bearing, (d) triple pendulum bearing, (e) quintuple friction
pendulum isolator.

As seen in these figures, with the evolution of sliding isolators from single surface
pure friction form to quintuple form, plenty of control points are now available to the
designers. Each form shows better force-displacement behavior and energy dissipating
capabilities than the previous one. At present, with many variables to choose from, the
designers can aim at achieving very complex requirements of modern high-rise buildings.
Recently, a sliding isolator known as XY-FP is gaining popularity among researchers [72].
The construction details of the isolator can be seen in Figure 8.

 

Figure 8. Schematics of a XY-FP [72].

The unique feature of this isolator is that it has two different sliding surfaces perpen-
dicular to each other, which permits independent sliding. Due to the arrangement, the
isolator can have uncoupled behavior in two directions. Furthermore, the isolator can be
designed to have two separate isolation periods by providing different curvatures in each of
the directions. This feature benefits designers who wish to address displacement demands
in the principal directions. Moreover, due to the vertical connector, this isolator can prevent
the uplift, which can be caused by unforeseen vertical accelerations due to earthquakes.
Most of the isolators mentioned earlier in this section have curved surfaces which may lead
to manufacturing difficulties. In this context, a sloped sliding-type bearing (SSB) has been
proposed recently [73]. This isolator has two orthogonal railings similar to XY-FP bearing;
however, in contrast to the curved surface, this isolator has two discontinuous slopes. Since
the isolator does not have a fixed curvature, it can efficiently avoid the resonance issue.
However, this isolator lacks a fillet between two sloping surfaces. As a result, the isolator is
prone to impact effects during the transition from one slope to the other.
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3. Parameters Affecting the Frictional Coefficient in Sliding Isolators

The contact pressure is one of the parameters which can significantly affect the co-
efficient of friction. Studies have shown that friction is dependent on the apparent area
of bearing (Aa), shear strength (S0), and the normal load (W) [74]. Accordingly, some
researchers proposed a modified equation [75]. The equation for the coefficient of friction
considering the contact pressure effect is as follows:

μ = Aa S0/W (1)

Experimental studies have shown that friction reduces with the increase in contact
pressure [76–78]. A detailed mathematical model which incorporates the dependency of
sliding velocity on bearing pressure was developed by some authors [78].

Sliding isolators generally use Teflon-steel interfaces, which support the weight of
the superstructure. Studies have shown that the friction developed at the interfaces of
Teflon-steel does not remain constant during sliding as in Coulomb friction but varies
with the sliding velocity and contact pressure [79,80]. Researchers have found that friction
increases with the sliding velocity up to a certain value (0.1 to 0.2 m/s) but remains constant
beyond that [77]. Furthermore, these researchers found that this reduction is prominent
in the case of high-velocity motions. It has been reported that ignoring the velocity-
dependent friction model for sliding isolations would result in an unrealistic estimation
of the forces [81]. The coefficient of sliding friction can be approximated by the equation
given by Mokha et al. [82]:

μs = μmax − (μmax − μmin) exp (−aV) (2)

where

μmax = friction coefficient corresponding to large velocity.
μmin = friction coefficient corresponding to low velocity.
a = a constant varies between 20 and 100 s/m depending on the contact pressure and
interface conditions.
V = velocity of sliding motion.

Equation (2) represents a simplified form of a complex behavior but has been found to
produce agreeable results, and thus even incorporated in the structural analysis software
SAP2000 [83]. The dependence of friction on the velocity of motion implies that the coeffi-
cient of sliding friction is directly related to the characteristics of earthquakes. Therefore,
the velocity aspect needs to be carefully addressed, especially when analyzing structures
subjected to high-frequency earthquakes.

Another parameter which significantly influences the friction coefficient is the heat
generated during the sliding movement of the isolation components. Several authors have
reported that at high velocities, the friction coefficient slightly reduces [75,84,85]. This
reduction has been attributed mainly to the melting of the bearing material at elevated
temperatures generated during high-velocity motion [86]. Through experimentation, re-
searchers found that the decay in friction could be significant; for non-lubricated surfaces,
this could be as high as 25% and 30% [87]. Although the reduction in friction coefficient may
reduce the base shear, this may warrant undesired large displacements. Some researchers
have proposed 3D models of FPS bearings capable of simulating heat flux generated de-
pending on the sliding velocity and contact pressure [49,88]. Design tools for the estimation
of temperature-characteristics are also available [89]. Recently, De Dominico et al. [90]
have conducted detailed experimentation to assess the effect of temperature on the friction
coefficient of a double-curved sliding isolator. This experimental regime included the use
of several thermocouples to sense the temperature variation within the sliding surface. It
was found that lower sliding velocities associated with a temperature rise up to 45 ◦C had
an insignificant effect on friction.
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To date, the discussion on friction variation has been dealt with by considering velocity
and temperature separately in this section. However, velocity, contact pressure, and
temperature are all interdependent in the actual scenario. In this context, the authors
Kumar et al. [91] proposed a unified model that can account for the various parameters
mentioned earlier. The study indicated that temperature has the highest effect on the
isolator displacement out of various parameters. Additional parameters which affect the
isolation performance are surface roughness, corrosion, contamination, lubrication, and
wear, etc. The effect of these parameters is discussed in detail in the technical report [86].

4. Parameters for the Design of Sliding Isolators

Some essential design parameters related to the sliding isolators are discussed in this
section. Although the discussion is mainly related to curved surface isolators, except for
the sliding curvature details, other parameters are also applicable to flat surface isolators.
The usage of sliding isolators in real-life structures is governed by several factors, such as
the type of material and thickness required for the sliding surface, the thickness of the steel
plate, the dynamic coefficient of friction, and the radius of the sliding surface in case of
curved surfaces, etc. Although sliding isolators mostly use a Teflon-steel interface, some
researchers have also considered polyamide (PA) and polyethylene (PE) for the sliding
surface [92]. The nominal coefficient of friction can be chosen based on Equation (2). The
typical specification for a FPS is given in Table 1.

Table 1. Typical specification for FPS bearings.

Description Specifications

Thickness of Teflon layer 1.6 to 2.2 mm [93]
Thickness of stainless-steel plate 1.5 to 2.3 mm [93]

Arithmetic average surface roughness 0.05 to 0.8 μm [93]

Stainless steel type 316 type (ASTM A 240) or type 5 CrNiMo
(DIN 17440) [94]

Radius of curvature 1555 to 6045 mm [94]
Diameter of concave surface 356 to 3652 mm [94]

Lubricant Silicone grease, effective at low temperature [94]

Interested readers can refer to detailed design examples of sliding isolators for the
bridges in [93,95]. The design parameters are to be chosen carefully based on the standard
code of practices relevant to the country. To date, several countries have released standard
codes of practice related to base isolation, such as American codes [96,97], European
codes [98,99], and Japanese codes [100]. Recently, a draft version of the New Zealand code
has also been released [101]. The behavior of the sliding isolators is also affected by several
other aspects, such as ageing, contamination, cumulative movement, and temperature. To
account for these aspects, upper and lower bound values of modification factors must also
be incorporated into the design. Detailed discussions of these factors can be found in [75].

5. Behavior of Sliding Isolators under Extreme Loading

Sliding isolators have been proven to be very effective against earthquake excitations
over the years. However, due to their non-adaptive characteristics, they may demonstrate
undesirable behavior when subjected to certain excitations. If the sliding isolator is sub-
jected to large unwarranted displacement, the slider can move beyond the edge and may
even eject out of the housing unit. This issue can be addressed using a retainer ring around
the sliding surfaces. However, this may lead to reduced displacement. Moreover, the slider
may collide with the rim, damaging the bearing. This aspect should be taken into account
during the design process. A sliding isolator may experience uplifting when the lifting
forces overcome the compression on the bearing due to the structure. Depending on the
amount of decoupling of the isolator components, the effect of uplifting can range from
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mild to catastrophic. Sarlis and Constantinou [102] have provided detailed modeling tech-
niques for TP bearings, including the uplift phenomenon. This model is further used in a
study conducted on double pendulum friction bearing subjected to pulse-type motion [103].
Results indicated that under large masses, the retainer failure is more significant than the
uplift failure. Moreover, the study showed that providing a large radius of curvature was
detrimental to the isolator. Furthermore, it was found that a short-period pulse results in
failure due to impact. Recently, some researchers studied the effect of the hardening stage in
a TP bearing subjected to extreme loading [68]. The hardening stage significantly reduced
the force of impact within the isolator but had a negligible effect on the force transfer to the
superstructure. The possible uplift issues can be avoided using uplift restrainers [104–106].
The restrainers are usually not integral to isolators and may need additional space and
separate maintenance. In this regard, a more practical isolation system with uplift restraint
known as XP-FP isolation bearing has been invented [72]. This bearing works similar to FPS
under horizontal loading but restrains uplift when subjected to vertical excitations [107].

6. Sliding Isolators with Complementary Devices

The sliding isolators have some limitations when used as standalone devices. In the
case of pure friction devices, these limitations include large sliding displacements and
significant residual displacements. Furthermore, although friction pendulum isolators
effectively control residual displacements, they may be subjected to large sliding displace-
ments in a low-frequency earthquake. Some researchers tried to address these issues by
combining sliding and rubber isolators [108–110] Constantinou et al. [111] proposed a
sliding isolation system which uses steel springs at the base. The energy dissipation in this
type of system is provided by the friction generated between the sliding interfaces, and
the restoring capability is provided by the springs. A similar concept has been explored
by several researchers [112,113]. The sliding isolators with pendulum mechanisms are
quite effective in controlling residual displacements. Although these isolators produce
less displacement when compared with P-F isolators, the magnitude of this displacement
is deemed to be quite large. Therefore, Tsopelas et al. [114] considered a sliding isolator
with additional energy dissipation devices known as fluid dampers for bridges. This
system reduced the sliding displacement and was effective for a wide frequency range of
seismic excitation. Since energy dissipation by the isolator plays a major role in reducing
the harmful seismic effects, Makris and Chang [115] discussed various energy dissipation
models in their study. The study indicates that, with a suitable viscous energy dissipation
mechanism, it is possible to reduce large displacements without a further increase in base
shear and accelerations. Chang et al. [116] carried out studies by considering viscous
and friction damping in base-isolated structures. A friction pendulum bearing has been
considered for the study with additional fluid dampers. The fluid dampers provide viscous
damping, and the sliders provide friction damping. Experimental results indicated that
viscous damping is most effective in moderately low frequencies, whereas friction damping
is effective in low-frequency excitations. Soneji and Jangid [117] studied the effectiveness
of a combination of base isolation and viscous fluid dampers (VFD) for flexible bridges.
Due to its construction, a VFD produces the reaction out of phase with the forces on the
structure. Therefore, this hybrid system effectively reduced the sliding displacement with-
out appreciably increasing the base shear. Furthermore, the authors found an optimal
viscous damping value for which the base isolation is most effective. The researcher Provi-
dakis [118] extended this study to seek the effectiveness of this hybrid base isolation system
on multi-story buildings. The author studied the effect of the VFD damping coefficient on
the response of the building subjected to earthquakes. The study indicated that an optimal
value for the damping coefficient exists and any higher value than this has a detrimental
effect on inter-story drifts and floor accelerations. As indicated by the researchers, the base
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isolation system scheme, which uses FPS and VFDs, is quite effective in controlling the
structural response. However, the system cannot adapt to various earthquake frequencies
due to a well-known issue of FPS, which may show resonant behavior in near-fault exci-
tations. Krishnamoorthy [119,120] proposed a passive combination of VFD with VRFPS
for the seismic isolation. Due to the exponential sliding geometry of the VRFPS, the
system avoids the resonance issue. Moreover, in general, the sliding displacement of a
VRFPS is slightly more than FPS, but the usage of VFD reduces this significantly. With
this combination, the researcher was able to avoid the resonant response of the structure
as well as control the sliding displacement. The previous researchers mainly used linear
viscous dampers in their study; however, studies on the effect of non-linear dampers are
limited. Wolff et al. [121] studied the effect of a non-linear viscous damper on the friction
pendulum isolated structure. The authors concluded that linear VFDs are more benefi-
cial than non-linear VFDs for reducing sliding displacements. Some studies conducted
by authors Zhou and Chen [122] indicated that the dampers used in conjunction with
isolators are more effective in strong seismic events than small magnitude earthquakes.
Additional detailed modeling techniques for these base isolation systems are discussed by
some researchers [123].

7. Modeling Techniques of Base-Isolated Building Structures

Modeling a base-isolated structure is rather difficult than conventional structures as
it involves modeling a sliding joint. The process of obtaining a solution for governing
equations is fairly complex due to the discontinuity between the foundation and the
structure. One of the earliest known models capable of modeling base isolation is a coulomb
friction model proposed by Hartog [124]. The author provided a solution for a single-degree
of freedom system (SDOF) (Figure 9) subjected to excitation from an external source.

 
Figure 9. Coulomb friction model of a SDOF.

An improved two-degree of freedom model with the coulomb friction and viscous
damping subjected to harmonic excitation was also proposed [125]. A similar modeling
technique was later used to study a masonry building resting on a sliding joint [25,26].
The researchers proposed a mathematical model to represent the sliding friction effect and
further verified it by conducting tests on experimental models of masonry buildings. The
mathematical model is a two-degree freedom (two-DOF) model consisting of a top (m1)
and base mass (m2), as shown in Figure 10.
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Figure 10. Mathematical model of a two-DOF sliding system.

An isolated structure on a sliding joint passes through sliding and non-sliding phases
in a short time, and mathematically modeling these phases is quite a challenge. Some
authors modeled a basic two-DOF oscillator system subjected to harmonic excitation and
provided solutions by considering sliding and non-sliding phases [28,29]. Modeling of
sliding and static phases is more complex for seismic excitations than harmonic excitations
as these phases alter within a short time. To deal with this complex problem, Mostaghel and
Tanbakuchi [31] proposed a mathematical model where they developed the conditions for
the beginning and end of the sliding phases. The authors used the end condition of a sliding
phase as the initial condition for the next phase. Although the entire system is non-linear, it
acts linearly during the sliding and non-sliding phases, enabling the authors to provide
solutions to the non-linear system using linear equations. The approaches mentioned to
date apply to small structures (only two-DOF) and would be computationally intensive if
modified to suit larger structures. One of the earlier attempts to address these limitations
is made by Yang et al. [32]. Earlier researchers made use of two-DOF with base mass at
the plinth level; however, the authors here considered masses of stories at floor levels. The
authors proposed a multi-degree freedom system (MDOF) with a fictitious spring (K) at
the base, as shown in Figure 11a. In the non-sliding phase, the fictitious spring’s stiffness is
very high, whereas, in the sliding phase, the stiffness considered is zero (Figure 11b).

 
 

(a) (b) 

Figure 11. Structure considered by Yang et al. [32]. (a) MDOF system with fictitious spring, (b) force-
displacement bbehavior of the spring.
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Due to this unique technique, the solution for the sliding structure can utilize numerical
methods, which are well-suited for computers. Although this method is simple, a very
small velocity is expected in the non-sliding phase, which can produce errors in the solution.
Vafai et al. [33] proposed a modified method using a rigid link, as shown in Figure 12a, to
overcome this issue. This link assumes a value of zero stiffness during the sliding phase
and infinity during the non-sliding phase (Figure 12b). Therefore, this method solves the
issue of unpredicted oscillations during the transition phase from sliding to non-sliding.
The method is computationally efficient and requires less time for the solutions.

  
(a) (b) 

Figure 12. Structure considered by Vafai et al. [33]. (a) MDOF system with fictitious spring, (b) force-
displacemen behavior of rigid plastic link.

In all these models, researchers considered only a horizontal degree of freedom at
each story level, and this idealization may affect the reliability of the models proposed.
Therefore, Krishnamoorthy and Saumil [34] proposed an MDOF structure resting on a
P-F sliding surface considering all six degrees of freedom. The authors used the fictitious
spring model proposed by Yang et al. [32] to simulate the sliding and non-sliding phases.
Most of the approaches are based on relative displacements of the masses. Moreover,
Krishnamoorthy [35] proposed a model based on the absolute displacement approach.
This approach reduces the computational effort significantly as the matrices related to the
stiffness and damping do not change when the structure undergoes sliding and non-sliding
phases. Furthermore, the author studied the effects of providing a restoring mechanism on
the structure’s response.

8. Other Trends in Sliding Isolation Systems

The standalone sliding devices or devices connected with supplemental viscous
dampers are passive, i.e., they cannot adapt and change their behavior depending on the
input frequency. The general issues with passive systems are: (i) Lack of adaptability—PF
and FPS isolators work only for a limited type of earthquake frequency, (ii) large isolator
displacements—common in PF and pendulum isolators with flatter surfaces, (iii) residual
displacement—common with most of the sliding isolators, except for FPS. Furthermore, the
occurrence of high magnitude earthquakes is rare, due to which isolators might not activate
for a long time. Therefore, the coefficient of friction is likely to vary and may not achieve the
desired level of isolation. Moreover, passive isolators need a certain threshold frequency
to activate, i.e., for minor vibrations, the isolator might not come into effect at all, which
could be detrimental to sensitive instruments within the structure. Therefore, to achieve the
required degree of structural control, researchers started focusing on methods to instantly
control the behavior of structures depending on the response of a structure subjected to
an earthquake [126–129]. This active control system consists of controllers, sensors, and
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actuators to achieve the required level of seismic control. The development of these active
control systems gained momentum with the advancement in computer technology, and
many buildings in Japan incorporated this system [130]. To date, several review literatures
are available on active control systems [131,132]. Although an active control system can
adapt and control the response in real-time, researchers have observed several issues in the
real-world implementation of the system, such as substantial initial and maintenance costs
and demand for vast amounts of electricity. Moreover, the controller design is very complex,
and the system requires large actuators to cope with seismic forces [133]. Furthermore,
active systems need large electric power, which may not be available during an earthquake,
rendering the entire system useless.

Given these major drawbacks, researchers have developed semi-active systems. In
this system, actuators provide one part of the control, and passive systems provide the
remaining part. As a result, the electricity demands reduce considerably and in case
of a total power failure, the passive system can still provide a reasonable amount of
control. A semi-active system typically consists of passive devices, such as P-F isolator,
FPS, and rubber bearings used in conjunction with controllable devices, such as variable
friction, variable stiffness, and variable damping devices. Several researchers developed
systems capable of varying the friction coefficient of isolators depending on earthquake
intensity [134,135]. The friction coefficient varied by adjusting fluid pressure in a chamber
within the isolator. In an earthquake event, the computer senses the structure’s response
and sends appropriate signals to the control valve of the fluid intake chamber. Nagarajiah
et al. [136] proposed a semi-active system comprising a passive sliding isolator and an
active hydraulic actuator with a parallel re-centering spring. The researcher developed a
control algorithm to give instant feedback to the actuator to control the high-frequency
region. Therefore, the system can control the acceleration and sliding displacement better
than a passive sliding isolator. For a lower magnitude earthquake, the controller reduces
the friction coefficient, which helps the isolator system to activate even for minor vibrations.
During a large earthquake, the coefficient of friction of the isolator increases, effectively
mitigating the effect of major vibrations. The effectiveness of a semi-active system of sliding
isolators with actuators for a bridge was studied by Yang et al. [137]. The study showed that
the system could control the large sliding displacement. This study was further extended
to multi-story building models [138] to indicate the robustness of the control technique.
Dyke et al. [139] studied the effectiveness of using magneto-rheological (MR) dampers
(Figure 13) in structural control.

 

Figure 13. Schematics of an MR damper.

The damping coefficient of these dampers can be controlled instantly by passing an
electric current through the MR liquid, which is contained inside the damper. Due to the
availability of this control over the damping coefficient, these dampers can be effective
for a wide range of excitations. Details of these dampers and the effectiveness of these
dampers in controlling the behavior of the structure are available in [140,141]. Some
researchers have further studied the effectiveness of using a combination of MR dampers
with sliding isolation systems in reducing the earthquake response of bridges [142,143] and
buildings [144].

Wongprasert and Symans [145] proposed an isolation system consisting of passive FPS
and rubber bearing in conjunction with adaptable fluid dampers. The authors developed a
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control algorithm based on fuzzy logic for varying the fluid pressure within these dampers,
which can alter the damping properties of the system depending on the excitation. A
similar system, which is a combination of a curved surface isolator and a controllable
fluid damper, was studied by Krishnamoorthy et al. [146]. The authors used a neural
network algorithm based on a radial basis function for the dynamic control of the system.
Moreover, researchers have developed devices whose stiffness can vary continuously
during an earthquake to reduce the large displacements induced in bridges due to near-
fault earthquakes. This system, when used along with passive sliding isolators, was found
to be effective in reducing the displacement without imparting additional forces to the
structure [147]. More recently, some researchers developed an FPS which can be tuned
suitably depending on the type of excitation [148–150]. These isolators can change their
friction coefficient depending on the seismic inputs. A fluid chamber within the isolator
controls this variation of friction. Tunable FPS are found to be very effective in a variety of
earthquake excitations due to their adaptability.

9. Challenges in the Worldwide Implementation of Isolation Schemes

Although base isolation techniques have become mature enough to be used in real-life
structures, they are still not used in many countries. Especially in developing countries,
such as India, the application of these technologies is difficult to achieve. To date, one
hospital building in Bhuj, Gujrat, India, has been retrofitted with rubber bearings [151].
This reluctance could be mainly attributed to the perceived higher cost of these technolo-
gies [101]. Furthermore, the lack of understanding of the long-term benefits of isolation
and complicated design code documents are other aspects which affect the implementation
of isolation techniques [152]. Several researchers have shown that choosing an appropri-
ate isolation system can reduce the life-cycle cost by 20% when compared with a rigid
base structure [153,154]. When considering life-cycle costs, the major focus is on reduc-
ing the damage and downtime costs. It has been found that even for minor earthquakes
providing seismic isolation could be economically viable [155]. Some researchers have
shown that although the direct construction cost of the base-isolated structure is high,
the post-earthquake loss cost would be about 82% to 84% lower compared with a fixed
base structure [156]. Mayes et al. [157] suggested that the initial cost of the base isolation
scheme mainly depends on the design forces prescribed by the codes and the location of
the isolators (floor level and top of basement level). More conservative codes lead to higher
force estimation and increase the cost. Furthermore, if the isolators are planned at the
floor level, it may lead to higher costs due to the requirement of additional structural slabs.
However, even with the high initial costs, cost savings can be achieved due to savings in
non-structural component bracing. Moreover, these researchers pointed out that for the
actual cost comparison, it is necessary to assess the conventional and isolated structures
under the same performance criteria. In one example, where both the conventional and
isolated structures are evaluated under the same performance level, the isolation cost was
reduced by 6% [158]. A recent study by Egbelakin et al. [158] identified the hurdles in
implementing base isolation strategies. Although the researchers discussed the context of
the implementation scenario in New Zealand, most of the addressed issues are common
in many developing countries. The researchers pointed out that the lack of awareness
and market availability are the key reasons behind the reluctance to adopt base isolation
schemes. Furthermore, the researchers suggest that the incorporation of base isolation
schemes in the code of practice is the key to global acceptance of these technologies. To date,
the discussion in this section has been on isolation systems in general rather than on specific
isolators. A study conducted by Clemente and Buffarini [159] on buildings isolated with
elastomer and sliding isolators shows a negligible cost difference between conventional and
base-isolated buildings. Moreover, these researchers found that the base isolation scheme
is less expensive than conventional buildings when the design is for higher seismic forces.
Furthermore, a recent study on the life-cycle cost of FPS isolated structure indicates that the
life-cycle cost of isolation is inversely proportional to the degree of isolation required [160].
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These studies have indicated that the real-life cost of base isolation is not higher than the
conventional buildings; therefore, competent code authorities and governments should
address any reluctance to use these technologies.

10. Conclusions

This paper discusses the development in the field of base isolation in general and from
a historical perspective. The focus has been on the development of sliding isolation systems.
Various types of friction isolator systems based on their geometry have been discussed.
Furthermore, various modeling techniques of sliding base-isolated structures have been
reviewed. The various other developments in the area of active and semi-active isolation
systems have been reviewed, as well. The following conclusions may be summarized based
on the previous discussions:

(1) Base isolation is one of the oldest techniques and has been proven effective over the
centuries. However, this technique is still not widely practiced in many parts of the
world [151].

(2) Sliding isolation systems are being researched exhaustively due to their simplicity
and cost-effectiveness. In fact, the cost of a curved surface isolator is lower than
high-damping rubber bearings [161]. Although the sliding isolators are very effective
in seismic isolation, some inherent issues, such as dependency of friction on velocity,
heat, and contact pressure, need special attention during the design.

(3) FP isolator is one of the simplest forms of isolator with a restoring capability. Although
the isolator effectively controls the harmful effects of earthquakes, it is prone to pulse-
like seismic excitation.

(4) The resonance issue of the FP isolator lead the researchers to look for alternative
isolator surfaces, which can provide the restoring capacity similar to the FP isolator
and still avoid the resonance issue.

(5) Various isolators, such as VFPI, VRFPS, CFPI, and VFPI have been developed, and
detailed studies have proven that these isolators are capable of providing sufficient
seismic isolation without inducing resonance.

(6) Compared with FP isolators, these isolators have flatter geometry, which may lead to
larger sliding displacement and higher residual displacements.

(7) Several researchers have proposed multiple sliding surface isolators, such as double
pendulum, triple pendulum, and quintuple bearings to accommodate large sliding
displacement. Due to the multiple sliding surfaces, it is possible to achieve higher
energy dissipation. Moreover, the hysteresis behavior of multiple surface isolators
provides many control points for designers to achieve the desired isolation level.

(8) Some researchers used supplemental systems, such as VFDs to control the large
displacement of sliding isolation systems. These dampers are capable of reducing the
sliding displacement without inducing higher forces on the structures. This unique
feature of VFDs is attributed to its out-of-phase behavior during seismic excitations.

(9) Modeling a sliding system is challenging as it involves obtaining the solutions for a
structure which is disconnected at the base.

(10) The solution technique for the isolated structure is further complicated due to sliding
and non-sliding phases. Several researchers proposed different techniques to tackle
this problem.

(11) The standalone sliding isolators are incapable of adapting to various seismic excita-
tions, which prompted researchers to propose active structural control systems.

(12) Active control systems can respond to seismic excitations in real-time and thus are
suitable for a wide range of frequencies. However, this system is very costly, and
electricity demand is very high. Moreover, in the event of a major power failure, the
entire system may be ineffective.

(13) Several semi-active systems were proposed and tested to alleviate the drawbacks of
an active system, such as a controllable friction system in conjunction with a sliding
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isolator and MR dampers with PF isolators. These devices considerably reduce the
cost without compromising the adaptability to wide frequency ranges.

(14) Although active and semi-active base isolation systems are quite effective in control-
ling the seismic behavior of the structure, due to their simplicity, the passive sliding
isolation systems still appeal to the research community. Therefore, new varieties of
sliding systems are still being developed and studied by researchers worldwide.

Author Contributions: Conceptualization, A.R.A., A.K. and K.K.; resources, M.C.; writing—original
draft preparation, A.R.A.; writing—review and editing, A.R.A. and M.C.; visualization, A.R.A.;
supervision, A.K. and K.K.; project administration, A.K. All authors have read and agreed to the
published version of the manuscript.

Funding: The APC was funded by Manipal Academy of Higher Education, Manipal.

Data Availability Statement: No new data were created or analyzed in this study. Data sharing is
not applicable to this article.

Conflicts of Interest: The authors declare no conflict of interest.

References

1. Symans, M.D.; Constantinou, M.C. Passive Fluid Viscous Damping Systems for Seismic Energy Dissipation. J. Earthq. Technol.
1998, 35, 185–206.

2. Chang, K.C.; Soong, T.T.; Oh, S.-T.; Lai, M.L. Seismic Behavior of Steel Frame with Added Viscoelastic Dampers. J. Struct. Eng.
1995, 121, 1418–1426. [CrossRef]

3. Skinner, R.I.; Kelly, J.M.; Heine, A.J. Hysteretic Dampers for Earthquake-Resistant Structures. Earthq. Eng. Struct. Dyn. 1974, 3,
287–296. [CrossRef]

4. Touaillon, J. Improvement in Buildings. US Patent No. 99. 973, 1870.
5. Calantarients, J.A. Improvements in and Connected with Building and Other Works and Appurtenances to Resist the Action of Earthquakes

and the Like; Paper No. 325371; Stanford University: Stanford, CA, USA, 1909.
6. Fajfar, P. Ljubljana skyscraper. Concern for earthquake safety in the thirties. Gradb. Vestn. 1995, 34, 119–122. (In Slovene)
7. Bek, M.; Oseli, A.; Saprunov, I.; Zhumagulov, B.T.; Mian, S.M.; Gusev, B.V.; Žarnić, R.; von Bernstorff, B.; Holeček, N.; Emri, I.
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30. Nikolić-Brzev, S. An Innovative Seismic Protection Scheme for Masonry Buildings. In Proceedings of the 10th International
Conference on Brick/Block Masonry, Calgary, AB, Canada, 5–7 July 1994; pp. 273–282.

31. Mostaghel, N.; Tanbakuchi, J. Response of Sliding Structures to Earthquake Support Motion. Earthq. Eng. Struct. Dyn. 1983, 11,
729–748. [CrossRef]

32. Yang, Y.-B.; Lee, T.-Y.; Tsai, I.-C. Response of Multi-Degree-of-Freedom Structures with Sliding Supports. Earthq. Eng. Struct. Dyn.
1990, 19, 739–752. [CrossRef]

33. Vafai, A.; Hamidi, M.; Ahmadi, G. Numerical Modeling of MDOF Structures with Sliding Supports Using Rigid-Plastic Link.
Earthq. Eng. Struct. Dyn. 2001, 30, 27–42. [CrossRef]

34. Krishnamoorthy, A.; Saumil, P. In-Plane Response of a Symmetric Space Frame with Sliding Upports. Int. J. Appl. Sci. Eng. 2005,
3, 1–11.

35. Krishnamoorthy, A. An Absolute Displacement Approach for Modeling of Sliding Structures. Struct. Eng. Mech. 2008, 29, 659–671.
[CrossRef]

36. Zayas, V.A.; Low, S.S.; Mahin, S.A. A Simple Pendulum Technique for Achieving Seismic Isolation. Earthq. Spectra 1990, 6,
317–333. [CrossRef]

37. Mokha, A.; Constantinou, M.C.; Reinhorn, A.M.; Zayas, V.A. Experimental Study of Friction-pendulum Isolation System. J. Struct.
Eng. 1991, 117, 1201–1217. [CrossRef]

38. Gilberto, M.; Whittaker, A.S.; Fenves, G.L.; Mahin, S.A. Experimental and Analytical Studies of the Friction Pendulum System for the
Seismic Protection of Simple Bridges; Earthquake Engineering Research Center: Berkeley, CA, USA, 2004; p. 110.

39. Jangid, R.S. Optimum Friction Pendulum System for Near-Fault Motions. Eng. Struct. 2005, 27, 349–359. [CrossRef]
40. Castaldo, P.; Amendola, G. Optimal Sliding Friction Coefficients for Isolated Viaducts and Bridges: A Comparison Study. Struct.

Contr. Health Monit. 2021, 28, e2838. [CrossRef]
41. Vibhute, A.S.; Bharati, S.D.; Shrimali, M.K.; Datta, T.K. Optimum Coefficient of Friction in FPS for Base Isolation of Building

Frames. Pract. Period. Struct. Des. Constr. 2022, 27, 04022042. [CrossRef]
42. Tsai, C.S. Finite Element Formulations for Friction Pendulum Seismic Isolation Bearings. Int. J. Numer. Methods Eng. 1997, 40,

29–49. [CrossRef]
43. Ryan, K.L.; Chopra, A.K. Estimating the Seismic Displacement of Friction Pendulum Isolators Based on Non-Linear Response

History Analysis. Earthq. Eng. Struct. Dyn. 2004, 33, 359–373. [CrossRef]
44. Mazza, F.; Sisinno, S. Nonlinear Dynamic Behavior of Base-Isolated Buildings with the Friction Pendulum System Subjected to

near-Fault Earthquakes. Mech. Based Des. Struct. Mach. 2017, 45, 331–344. [CrossRef]
45. Wang, Y.-P.; Chung, L.-L.; Liao, W.-H. Seismic Response Analysis of Bridges Isolated with Friction Pendulum Bearings. Earthq.

Eng. Struct. Dyn. 1998, 27, 1069–1093. [CrossRef]
46. Seleemah, A.A.; El-Sharkawy, M. Seismic Response of Base Isolated Liquid Storage Ground Tanks. Ain Shams Eng. J. 2011, 2,

33–42. [CrossRef]
47. Whittaker, A.S.; Kumar, M.; Kumar, M. Seismic Isolation of Nuclear Power Plants. Nucl. Eng. Technol. 2014, 46, 569–580. [CrossRef]
48. Almazán, J.L.; De La Llera, J.C.; Inaudi, J.A. Modelling Aspects of Structures Isolated with the Frictional Pendulum System.

Earthq. Eng. Struct. Dyn. 1998, 27, 845–867. [CrossRef]
49. Monti, G.; Petrone, F. Analytical Thermo-Mechanics 3D Model of Friction Pendulum Bearings. Earthq. Eng. Struct. Dyn. 2016, 45,

957–977. [CrossRef]
50. Oliveto, N.D. Geometrically Nonlinear Analysis of Friction Pendulum Systems under Tri-Directional Excitation. Eng. Struct.

2022, 269, 114770. [CrossRef]
51. Hall, J.F.; Heaton, T.H.; Halling, M.W.; Wald, D.J. Near-Source Ground Motion and Its Effects on Flexible Buildings. Earthq. Spectra

1995, 11, 569–605. [CrossRef]
52. Pranesh, M.; Sinha, R. VFPI: An Isolation Device for Aseismic Design. Earthq. Eng. Struct. Dyn. 2000, 29, 603–627. [CrossRef]
53. Tsai, C.S.; Chiang, T.-C.; Chen, B.-J. Finite Element Formulations and Theoretical Study for Variable Curvature Friction Pendulum

System. Eng. Struct. 2003, 25, 1719–1730. [CrossRef]

332



Buildings 2022, 12, 1997

54. Lu, L.-Y.; Shih, M.-H.; Wu, C.-Y. Near-Fault Seismic Isolation Using Sliding Bearings with Variable Curvatures. In Proceedings of
the 13th World Conference on Earthquake Engineering, Vancouver, BC, Canada, 1–6 August 2004.

55. Lu, L.-Y.; Wang, J.; Hsu, C.-C. Sliding Isolation Variable Frequency Bearings for near—Fault Ground Motions. In Proceedings of
the 4th International Conference on Earthquake Engineering, Taipei, Taiwan, 12–13 October 2006.

56. Krishnamoorthy, A. Seismic Isolation of Bridges Using Variable Frequency and Variable Friction Pendulum Isolator System.
Struct. Eng. Int. 2010, 20, 178–184. [CrossRef]

57. Malu, G.; Murnal, P. Variable Coefficient of Friction: An Effective VFPI Parameter to Control near-Fault Ground Motions. ISET J.
Earthq. Technol. 2012, 49, 73–87.

58. Calvi, P.M.; Moratti, M.; Calvi, G.M. Seismic Isolation Devices Based on Sliding between Surfaces with Variable Friction Coefficient.
Earthq. Spectra 2016, 32, 2291–2315. [CrossRef]

59. Brito, M.B.; Ishibashi, H.; Akiyama, M. Shaking Table Tests of a Reinforced Concrete Bridge Pier with a Low-cost Sliding
Pendulum System. Earthq. Eng. Struct. Dyn. 2019, 48, 366–386. [CrossRef]

60. Tsai, C.S.; Chiang, T.-C.; Chen, B.-J. Experimental Study for Multiple Friction Pendulum System. In Proceedings of the 13th World
Conference on Earthquake Engineering, Vancouver, BC, Canada, 1–6 August 2004.

61. Fenz, D.M.; Constantinou, M.C. Behaviour of the Double Concave Friction Pendulum Bearing. Earthq. Eng. Struct. Dyn. 2006, 35,
1403–1424. [CrossRef]

62. Fenz, D.M.; Constantinou, M.C. Modeling Triple Friction Pendulum Bearings for Response-History Analysis. Earthq. Spectra 2008,
24, 1011–1028. [CrossRef]

63. Fenz, D.M.; Constantinou, M.C. Spherical Sliding Isolation Bearings with Adaptive Behavior: Theory. Earthq. Eng. Struct. Dyn.
2008, 37, 163–183. [CrossRef]

64. Fenz, D.M.; Constantinou, M.C. Spherical Sliding Isolation Bearings with Adaptive Behavior: Experimental Verification. Earthq.
Eng. Struct. Dyn. 2008, 37, 185–205. [CrossRef]

65. Becker, T.C.; Mahin, S.A. Experimental and Analytical Study of the Bi-Directional Behavior of the Triple Friction Pendulum
Isolator. Earthq. Eng. Struct. Dyn. 2012, 41, 355–373. [CrossRef]

66. Sarlis, A.A.; Constantinou, M.C. A Model of Triple Friction Pendulum Bearing for General Geometric and Frictional Parameters:
Revised Triple Friction Pendulum Bearing Model. Earthq. Eng. Struct. Dyn. 2016, 45, 1837–1853. [CrossRef]

67. Morgan, T.A.; Mahin, S.A. Achieving Reliable Seismic Performance Enhancement Using Multi-Stage Friction Pendulum Isolators.
Earthq. Eng. Struct. Dyn. 2010, 39, 1443–1461. [CrossRef]

68. Becker, T.C.; Bao, Y.; Mahin, S.A. Extreme Behavior in a Triple Friction Pendulum Isolated Frame. Earthq. Eng. Struct. Dyn. 2017,
46, 2683–2698. [CrossRef]

69. Lee, D.; Constantinou, M.C. Quintuple Friction Pendulum Isolator: Behavior, Modeling, and Validation. Earthq. Spectra 2016, 32,
1607–1626. [CrossRef]

70. Keikha, H.; Amiri, G.G. Seismic Performance Assessment of Quintuple Friction Pendulum Isolator with a Focus on Frictional
Behavior Impressionability from Velocity and Temperature. J. Earthq. Eng. 2019, 25, 1256–1286. [CrossRef]

71. Sodha, A.; Vasanwala, S.A.; Soni, D. Probabilistic Evaluation of Seismically Isolated Building Using Quintuple Friction Pendulum
Isolator. In Advances in Intelligent Systems and Computing; Springer: Singapore, 2019; pp. 149–159. ISBN 9789811319655.

72. Marin-Artieda Claudia, C.; Whittaker Andrew, S. Theoretical Studies of the XY-FP Seismic Isolation Bearing for Bridges. J. Bridge
Eng. 2010, 15, 631–638. [CrossRef]

73. Yang, C.-Y.; Wang, S.-J.; Lin, C.-K.; Chung, L.-L.; Liou, M.-C. Analytical and Experimental Study on Sloped Sliding-Type Bearings.
Struct. Control Health Monit. 2021, 28, e2828. [CrossRef]

74. Tabor, D. Friction—The Present State of Our Understanding. J. Lubr. Technol. 1981, 103, 169–179. [CrossRef]
75. Constantinou, M.; Tsopelas, P.; Kasalanati, A.; Wolff, E. Property Modification Factors for Seismic Isolation Bearings; MCEER-99-0012;

State University of New York at Buffalo (NY): Buffalo, NY, USA, 1999.
76. Constantinou, M.C.; Caccese, J.; Harris, H.G. Frictional Characteristics of Teflon–Steel Interfaces under Dynamic Conditions.

Earthq. Eng. Struct. Dyn. 1987, 15, 751–759. [CrossRef]
77. Mokha, A.; Constantinou, M.; Reinhorn, A. Teflon Bearings in Base Isolation I: Testing. J. Struct. Eng. 1990, 116, 438–454.

[CrossRef]
78. Mokha, A.; Constantinou, M.; Reinhorn, A. Teflon Bearings in Base Isolation II: Modeling. J. Struct. Eng. 1990, 116, 455–474.

[CrossRef]
79. Flom, D.G.; Porile, N.T. Friction of Teflon Sliding on Teflon. J. Appl. Phys. 1955, 26, 1088–1092. [CrossRef]
80. Makinson, K.R.; Tabor, D. The Friction and Transfer of Polytetrafluoroethylene. Proc. R. Soc. London. Ser. A. Math. Phys. Sci. 1964,

281, 49–61. [CrossRef]
81. Castaldo, P.; Tubaldi, E. Influence of FPS Bearing Properties on the Seismic Performance of Base-Isolated Structures. Earthq. Eng.

Struct. Dyn. 2015, 44, 2817–2836. [CrossRef]
82. Mokha, A.; Constantinou, M.C.; Reinhorn, A.M. Teflon Bearings in Aseismic Base Isolation: Experimental Studies and Mathematical

Modeling; NCEER-88-0038; State University of New York at Buffalo (NY): Buffalo, NY, USA, 1988.
83. Computer and Structures Inc. CSI Analysis Reference Manual for SAP2000; Computer and Structures Inc.: Berkley, CA, USA, 2010.
84. Bondonet, G.; Filiatrault, A. Frictional Response of PTFE Sliding Bearings at High Frequencies. J. Bridge Eng. 1997, 2, 139–148.

[CrossRef]

333



Buildings 2022, 12, 1997

85. Mosqueda, G.; Whittaker Andrew, S.; Fenves Gregory, L. Characterization and Modeling of Friction Pendulum Bearings Subjected
to Multiple Components of Excitation. J. Struct. Eng. 2004, 130, 433–442. [CrossRef]

86. Constantinou, M.C.; Whittaker, A.S.; Kalpakidis, Y.; Fenz, D.M.; Warn, G.P. Performance of Seismic Isolation Hardware under Service
and Seismic Loading; MCEER-07-0012; State University of New York at Buffalo (NY): Buffalo, NY, USA, 2007.

87. Dolce, M.; Cardone, D.; Croatto, F. Frictional Behavior of Steel-PTFE Interfaces for Seismic Isolation. Bull. Earthq. Eng. 2005, 3,
75–99. [CrossRef]

88. Quaglini, V.; Bocciarelli, M.; Gandelli, E.; Dubini, P. Numerical Assessment of Frictional Heating in Sliding Bearings for Seismic
Isolation. J. Earthq. Eng. 2014, 18, 1198–1216. [CrossRef]

89. Gandelli, E. Advanced Tools for the Design of Sliding Isolation Systems for Seismic-Retrofitting of Hospitals. Ph.D. Thesis,
Politecnico di Milano, Milan, Italy, 2017.

90. De Domenico, D.; Ricciardi, G.; Infanti, S.; Benzoni, G. Frictional Heating in Double Curved Surface Sliders and Its Effects on the
Hysteretic Behavior: An Experimental Study. Front. Built Environ. 2019, 5, 74. [CrossRef]

91. Kumar, M.; Whittaker, A.S.; Constantinou, M.C. Characterizing Friction in Sliding Isolation Bearings. Earthq. Eng. Struct. Dyn.
2015, 44, 1409–1425. [CrossRef]

92. Barone, S.; Calvi, G.M.; Pavese, A. Experimental Dynamic Response of Spherical Friction-Based Isolation Devices. J. Earthq. Eng.
2019, 23, 1465–1484. [CrossRef]

93. Buckle, I.G.; Constantinou, M.; Dicleli, M.; Ghasemi, H. Seismic Isolation of Highway Bridges; MCEER-06-SP07; State University of
New York at Buffalo (NY): Buffalo, NY, USA, 2006.

94. Constantinou, M.C.; Kalpakidis, Y.; Filiatrault, A.; Ecker Lay, R.A. LRFD-Based Analysis and Design Procedures for Bridge Bearings
and Seismic Isolators; MCEER-11-0004; State University of New York at Buffalo (NY): Buffalo, NY, USA, 2011.

95. Buckle, I.; Al-Ani, M.; Monzon, E. Seismic Isolation Design Examples of Highway Bridges; NCHRP 20-7/Task 262 (M2); University of
Nevada Reno: Reno, NV, USA, 2011.

96. American Association of State Highway and Transportation Officials. Guide Specifications for Seismic Isolation Design; American
Association of State Highway and Transportation Officials: Washington, DC, USA, 1999.

97. American Society of Civil Engineers. Minimum Design Loads and Associated Criteria for Buildings and other Structures; ASCE/SEI
7-2016; American Society of Civil Engineers: Reston, VA, USA, 2016.

98. CEN 1337-1; Structural Bearings—Part 1: General Design Rules. European Committee for Standardization: Bruxelles, Belgium, 2000.
99. CEN 15129; Anti-Seismic Devices. European Committee for Standardization: Bruxelles, Belgium, 2009.
100. BSLEO. Building Standard Law; [2000/2016]; Building Center of Japan, Chiyoda-ku: Tokyo, Japan, 2016.
101. Guideline for the Design of Seismic Isolation Systems for Buildings—Draft for Trial Use; New Zealand Society for Earthquake

Engineering Inc.: Wellington, New Zealand, 2019.
102. Sarlis, A.A.; Constantinou, M.C. Model of Triple Friction Pendulum Bearing for General Geometric and Frictional Parameters and for

Uplift Conditions; MCEER-13-0010; State University of New York at Buffalo (NY): Buffalo, NY, USA, 2013.
103. Bao, Y.; Becker, T.C.; Hamaguchi, H. Failure of Double Friction Pendulum Bearings under Pulse-Type Motions. Earthq. Eng. Struct.

Dyn. 2017, 46, 715–732. [CrossRef]
104. Nagarajaiah, S.; Reinhorn, A.M.; Constantinou, M.C. Experimental Study of Sliding Isolated Structures with Uplift Restraint.

J. Struct. Eng. 1992, 118, 1666–1682. [CrossRef]
105. Xiong, W.; Zhang, S.-J.; Jiang, L.-Z.; Li, Y.-Z. Introduction of the Convex Friction System (CFS) for Seismic Isolation. Struct. Control

Health Monit. 2017, 24, e1861. [CrossRef]
106. Xiong, W.; Zhang, S.-J.; Jiang, L.-Z.; Li, Y.-Z. The Multangular-Pyramid Concave Friction System (MPCFS) for Seismic Isolation: A

Preliminary Numerical Study. Eng. Struct. 2018, 160, 383–394. [CrossRef]
107. Roussis, P.C.; Constantinou, M.C. Uplift-Restraining Friction Pendulum Seismic Isolation System. Earthq. Eng. Struct. Dyn. 2006,

35, 577–593. [CrossRef]
108. Guéraud, R.; Noël-Leroux, J.-P.; Livolant, M.; Michalopoulos, A.P. Seismic Isolation Using Sliding-Elastomer Bearing Pads. Nucl.

Eng. Des. 1985, 84, 363–377. [CrossRef]
109. Mostaghel, N.; Khodaverdian, M. Dynamics of Resilient-Friction Base Isolator (R-FBI). Earthq. Eng. Struct. Dyn. 1987, 15, 379–390.

[CrossRef]
110. Kelly, J.M.; Chalhoub, M.S. Earthquake Simulator Testing of a Combined Sliding Bearing and Rubber Bearing Isolation System; Earthquake

Engineering Research Center, College of Engineering, University of California: Berkeley, CA, USA, 1990.
111. Constantinou, M.C.; Mokha, A.S.; Reinhorn, A.M. Study of Sliding Bearing and Helical-steel-spring Isolation System. J. Struct.

Eng. 1991, 117, 1257–1275. [CrossRef]
112. Wei, X.; Li-Zhong, J.; Zhi-Hui, Z.; Yao-Zhuang, L. Introduction of Flat-Spring Friction System for Seismic Isolation. Soil Dyn.

Earthq. Eng. 2021, 145, 106649. [CrossRef]
113. Chakraborty, S.; Roy, K.; Ray-Chaudhuri, S. Design of Re-Centering Spring for Flat Sliding Base Isolation System: Theory and a

Numerical Study. Eng. Struct. 2016, 126, 66–77. [CrossRef]
114. Tsopelas, P.; Constantinou, M.C.; Okamoto, S.; Fujii, S.; Ozaki, D. Experimental Study of Bridge Seismic Sliding Isolation Systems.

Eng. Struct. 1996, 18, 301–310. [CrossRef]
115. Makris, N.; Chang, S.-P. Effect of Viscous, Viscoplastic and Friction Damping on the Response of Seismic Isolated Structures.

Earthq. Eng. Struct. Dyn. 2000, 29, 85–107. [CrossRef]

334



Buildings 2022, 12, 1997

116. Chang, S.-P.; Makris, N.; Whittaker, A.S.; Thompson, A.C.T. Experimental and Analytical Studies on the Performance of Hybrid
Isolation Systems. Earthq. Eng. Struct. Dyn. 2002, 31, 421–443. [CrossRef]

117. Soneji, B.B.; Jangid, R.S. Passive Hybrid Systems for Earthquake Protection of Cable-Stayed Bridge. Eng. Struct. 2007, 29, 57–70.
[CrossRef]

118. Providakis, C.P. Effect of Supplemental Damping on LRB and FPS Seismic Isolators under Near-Fault Ground Motions. Soil Dyn.
Earthq. Eng. 2009, 29, 80–90. [CrossRef]

119. Krishnamoorthy, A. Variable Curvature Pendulum Isolator and Viscous Fluid Damper for Seismic Isolation of Structures. J. Vib.
Control 2011, 17, 1779–1790. [CrossRef]

120. Krishnamoorthy, A. Seismic Control of Continuous Bridges Using Variable Radius Friction Pendulum Systems and Viscous Fluid
Dampers. Int. J. Acoust. Vib. 2015, 20, 24–35. [CrossRef]

121. Wolff, E.D.; Ipek, C.; Constantinou, M.C.; Tapan, M. Effect of Viscous Damping Devices on the Response of Seismically Isolated
Structures. Earthq. Eng. Struct. Dyn. 2014, 44, 185–198. [CrossRef]

122. Zhou, Y.; Chen, P. Shaking Table Tests and Numerical Studies on the Effect of Viscous Dampers on an Isolated RC Building by
Friction Pendulum Bearings. Soil Dyn. Earthq. Eng. 2017, 100, 330–344. [CrossRef]

123. Chen, X.; Xiong, J. Seismic Resilient Design with Base Isolation Device Using Friction Pendulum Bearing and Viscous Damper.
Soil Dyn. Earthq. Eng. 2022, 153, 107073. [CrossRef]

124. Hartog, J.P.D. Forced Vibrations with Combined Viscous and Coulomb Damping. Lond. Edinb. Dublin Philos. Mag. J. Sci. 1930, 9,
801–817. [CrossRef]

125. Yeh, G.C.K. Forced Vibrations of a Two-degree-of-freedom System with Combined Coulomb and Viscous Damping. J. Acoust. Soc.
Am. 1966, 39, 14–24. [CrossRef]

126. Soong, T.T.; Manolis, G.D. Active Structures. J. Struct. Eng. 1987, 113, 2290–2302. [CrossRef]
127. Cha, J.Z.; Pitarresi, J.M.; Soong, T.T. Optimal Design Procedures for Active Structures. J. Struct. Eng. 1988, 114, 2710–2723.

[CrossRef]
128. Inaudi, J.; López-Almansa, F.; Kelly, J.M.; Rodellar, J. Predictive Control of Base-Isolated Structures. Earthq. Eng. Struct. Dyn. 1992,

21, 471–482. [CrossRef]
129. Chang, C.-M.; Spencer, B.F., Jr. Active Base Isolation of Buildings Subjected to Seismic Excitations. Earthq. Eng. Struct. Dyn. 2010,

39, 1493–1512. [CrossRef]
130. Soong, T.T.; Reinhorn, A.M.; Aizawa, S.; Higashino, M. Recent Structural Applications of Active Control Technology. J. Struct.

Control 1994, 1, 1–21. [CrossRef]
131. Soong, T.T.; Masri, S.F.; Housner, G.W. An Overview of Active Structural Control under Seismic Loads. Earthq. Spectra 1991, 7,

483–505. [CrossRef]
132. Datta, T.K. A State-of-the-Art Review on Active Control of Structures. ISET J. Earthq. Technol. 2003, 40, 1–17.
133. Soong, T.T.; Spencer, B.F. Active, Semi-Active and Hybrid Control of Structures. Bull. N. Z. Soc. Earthq. Eng. 2000, 33, 387–402.

[CrossRef]
134. Feng, M.Q.; Shinozuka, M.; Fujii, S. Friction-controllable Sliding Isolation System. J. Eng. Mech. 1993, 119, 1845–1864. [CrossRef]
135. Nagarajaiah, S.; Feng, M.Q.; Shinozuka, M. Control of Structures with Friction Controllable Sliding Isolation Bearings. Soil Dyn.

Earthq. Eng. 1993, 12, 103–112. [CrossRef]
136. Nagarajaiah, S.; Riley, M.A.; Reinhorn, A. Control of Sliding-isolated Bridge with Absolute Acceleration Feedback. J. Eng. Mech.

1993, 119, 2317–2332. [CrossRef]
137. Yang, J.N.; Wu, J.C.; Kawashima, K.; Unjoh, S. Hybrid Control of Seismic-Excited Bridge Structures. Earthq. Eng. Struct. Dyn.

1995, 24, 1437–1451. [CrossRef]
138. Yang, J.N.; Wu, J.C.; Reinhorn, A.M.; Riley, M. Control of Sliding-Isolated Buildings Using Sliding-Mode Control. J. Struct. Eng.

1996, 122, 179–186. [CrossRef]
139. Dyke, S.J.; Spencer, B.F.; Sain, M.K.; Carlson, J.D. Seismic Response Reduction Using Magnetorheological Dampers. IFAC Proc.

Vol. 1996, 29, 5530–5535. [CrossRef]
140. Dyke, S.J.; Spencer, B.F.; Sain, M.K.; Carlson, J.D. Modeling and Control of Magnetorheological Dampers for Seismic Response

Reduction. Smart Mater. Struct. 1996, 5, 565–575. [CrossRef]
141. Spencer, B.F.; Dyke, S.J.; Sain, M.K.; Carlson, J.D. Phenomenological Model for Magnetorheological Dampers. J. Eng. Mech. 1997,

123, 230–238. [CrossRef]
142. Nagarajaiah, S.; Sahasrabudhe, S.; Iyer, R. Earthquake Protection of Bridges Using Sliding Isolation System and MR Dampers. In

Structural Control for Civil and Infrastructure Engineering; World Scientific: Singapore, 2001; pp. 375–383.
143. Sahasrabudhe, S.S.; Nagarajaiah, S. Semi-Active Control of Sliding Isolated Bridges Using MR Dampers: An Experimental and

Numerical Study. Earthq. Eng. Struct. Dyn. 2005, 34, 965–983. [CrossRef]
144. Kim, H.-S.; Roschke, P.N. Design of Fuzzy Logic Controller for Smart Base Isolation System Using Genetic Algorithm. Eng. Struct.

2006, 28, 84–96. [CrossRef]
145. Wongprasert, N.; Symans, M.D. Numerical Evaluation of Adaptive Base-Isolated Structures Subjected to Earthquake Ground

Motions. J. Eng. Mech. 2005, 131, 109–119. [CrossRef]
146. Krishnamoorthy, A.; Bhat, S.; Bhasari, D. Radial Basis Function Neural Network Algorithm for Semi-active Control of Base-isolated

Structures. Struct Control Health Monit. 2017, 24, e1984. [CrossRef]

335



Buildings 2022, 12, 1997

147. Nagarajaiah, S.; Sahasrabudhe, S. Seismic Response Control of Smart Sliding Isolated Buildings Using Variable Stiffness Systems:
An Experimental and Numerical Study. Earthq. Eng. Struct. Dyn. 2006, 35, 177–197. [CrossRef]

148. Peng, P.; Dongbin, Z.; Yi, Z.; Yachun, T.; Xin, N. Development of a Tunable Friction Pendulum System for Semi-Active Control of
Building Structures under Earthquake Ground Motions. Earthq. Eng. Struct. Dyn. 2018, 47, 1706–1721. [CrossRef]

149. Zhang, D.; Pan, P.; Zeng, Y.; Guo, Y. A Novel Robust Optimum Control Algorithm and Its Application to Semi-Active Controlled
Base-Isolated Structures. Bull. Earthq. Eng. 2020, 18, 2431–2460. [CrossRef]

150. Zeng, Y.; Pan, P.; Guo, Y. Development of Distributed Tunable Friction Pendulum System (DTFPS) for Semi-Active Control of
Base-Isolated Buildings. Bull. Earthq. Eng. 2021, 19, 6243–6268. [CrossRef]

151. Rai, D.C.; Prasad, A.M.; Jain, S.K.; Rao, G.; Patel, P. Hospitals and Schools. Earthq. Spectra 2002, 18, 265–277. [CrossRef]
152. Mayes, R.L.; Brown, A.G.; Pietra, D. Using Seismic Isolation and Energy Dissipation to Create Earthquake-Resilient Buildings.

BNZSEE 2012, 45, 117–122. [CrossRef]
153. Taflanidis, A.A.; Beck, J.L. Life-Cycle Cost Optimal Design of Passive Dissipative Devices. Struct. Saf. 2009, 31, 508–522. [CrossRef]
154. Goda, K.; Lee, C.S.; Hong, H.P. Lifecycle Cost–Benefit Analysis of Isolated Buildings. Struct. Saf. 2010, 32, 52–63. [CrossRef]
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