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Abstract

Nonlinear seismic analysis procedures can accurately estimate structural responses but
are computationally intensive, making them impractical for engineering design. This
study provides the first comprehensive evaluation of N2 and modal pushover analysis for
eccentrically braced frames (EBFs), revealing their strengths and limitations in predicting
link rotations, shear demands, and drift distribution under Canadian seismic hazards. An-
alyzed were four-, eight-, and 14-storey chevron EBFs under real and artificial ground
motions compatible with the response spectrum of Vancouver, Canada. The findings in-
dicate that inelastic link rotations for all EBFs remain below the design limit of 0.08 rad,
except for the upper two floors of the 14-storey EBFs. Seismic analysis reveals that maxi-
mum inelastic link shear forces often exceed design recommendations. It is also observed
that both the N2 method and MPA procedure could reasonably predict the peak roof dis-
placements for low-rise EBF buildings. In addition, while the MPA procedure provides
better predictions of maximum inter-storey drifts over all storeys for medium-to-taller
EBFs, inter-storey drifts are not predicted well in the N2 method. Additionally, the current
code formula for estimating the fundamental period of EBFs predicts shorter periods than
those obtained from analysis. An improved formula for estimating EBF periods is pro-
posed.

Keywords: seismic analysis; N2 method; modal pushover analysis; eccentric braced
frames; fundamental period; steel buildings

1. Introduction

Eccentrically braced frames (EBFs) have been recognized as effective lateral-load-re-
sisting systems, providing large ductility comparable to that of moment-resisting frames
(MRFs) and excellent stiffness similar to that of concentric braced frames (CBFs). Several
studies have been conducted on EBFs over the last two decades. The first experimental
study on eccentrically braced frames consisted of a series of quasi-static tests conducted
in the 1970s at the University of California, Berkeley [1]. A large number of experiments
were conducted to study the cyclic behavior of link beams [2,3]. Engelhardt and Popov
[4] investigated the behaviour of long W-section links. Popov et al. [5] investigated the
effect of maintaining a uniform link strength factor along the height of the frame by eval-
uating previous full-scale experiments on EBFs [6]. Recently, Mansour [7] conducted full-
scale testing of a one-storey chevron-type EBF with a replaceable shear link. Another full-
scale experiment was a pseudo-dynamic test of a dual EBF with a removable link [8].
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Research on EBFs over the past decade has focused primarily on improving the seismic
performance of EBF links. Innovative replaceable [9,10] and self-centering links [11] have
been developed. In addition, self-centering EBFs using a superelastic shape memory alloy
(SMA) have been developed for improved seismic performance [12,13]. Numerical mod-
els have also advanced significantly, incorporating fiber-based elements and specialized
link components to accurately capture inelastic cyclic responses [14].

The performance-based seismic design (PBSD) method has gained wide acceptance
as a promising and efficient seismic design approach over the last decade. Accurate esti-
mation of seismic demand parameters is essential for implementing performance-based
seismic design. While nonlinear time history analysis (NLTHA) is the most rigorous and
accurate procedure to estimate seismic demand parameters, the additional computational
effort and inherent complexity of NLTHA make it not so popular in engineering design
offices. Thus, simplified nonlinear static methods are adopted in various codes [15,16]. In
pushover analysis, the structure is pushed with monotonically increasing lateral forces
with a predefined height-wise load pattern until a target displacement is obtained. In this
method, it is assumed that the response of the structure is controlled by the fundamental
mode and that the mode shape remains unchanged even after the structure yields. How-
ever, once the structure yields, the vibration properties of the structure change. This re-
distribution of inertia forces, as well as higher mode effects, cannot be accounted for in
conventional pushover analysis. To overcome the limitations of conventional pushover
analysis procedures, a number of improved static procedures considering different load-
ing vectors (derived from mode shapes) to account for contributions of higher modes than
the fundamental mode to seismic demand were proposed. Among them, the most com-
monly used procedure is modal pushover analysis (MPA), which was proposed by Cho-
pra and Goel [17]. The fundamental assumption of MPA is that the coupling of structural
responses due to different modes is neglected after the structure enters the inelastic stage.
Such an assumption of the MPA procedure simplifies the estimation of structural re-
sponses of inelastic systems. MPA has been shown to increase the accuracy of seismic
demand estimation in taller moment-frame buildings compared to the conventional push-
over analysis [18]. In the MPA procedure, pushover analysis is first performed to deter-
mine the maximum response parameters of the structure at its nth vibration mode. Thus,
concept-wise, the MPA procedure does not increase complexity, as higher-mode pusho-
ver analyses are similar to conventional first-mode pushover analyses. However, the as-
sumption of decoupling of structural responses in MPA might cause some estimation er-
rors compared with results from nonlinear time history analysis. Thus, the procedure
must be evaluated in estimating seismic demands for any primary lateral-load-resisting
system before its recommended use. Previous research evaluated the applicability of the
MPA procedure for moment-resisting frames [18,19]. Kalkan and Kunnath [20] examined
the performance of the MPA procedure in estimating the seismic demands of a set of ex-
isting steel and reinforced concrete buildings. Nguyen et al. [21] investigated the applica-
bility of the MPA procedure for buckling-restrained braced frame (BRBF) buildings. To
the best of the authors” knowledge, no research is currently available on the application
of MPA on ductile eccentrically braced frames (EBFs). EBFs are increasingly used in low-
to-medium-rise buildings, and such systems exhibit different deformation characteristics
from the frame structures. Therefore, one of the objectives of this paper is to address a
significant gap in the literature by evaluating the applicability of the MPA procedure for
ductile EBFs. The selected buildings represent low-rise (four-storey), medium-rise (eight-
storey) and high-rise (14-storey) EBFs. The results from modal pushover analyses are com-
pared with more accurate seismic analyses results from a nonlinear dynamic time history
analysis.
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Another nonlinear static method adopted in Eurocode 8 [15] for performance evalu-
ation and design verification of new and existing buildings is the N2 method. The N2
method, originally proposed by Fajfar [22], is an easy-to-use nonlinear static method using
a constant ductility inelastic response spectrum. In this method, the seismic capacity curve
is obtained from pushover analysis, and the demand curve is represented by the design
response spectrum. The point where the demand and capacity curve intersect is called the
performance point, which shows the probable performance of the structure for a certain
seismic demand. At the performance point, seismic demand and capacity are equal. Re-
search has previously shown good predictions of seismic performance parameters for re-
inforced concrete frame buildings by the N2 method [22]. This paper further assesses the
applicability of the N2 method for estimating the seismic demands of EBFs. This is done
by comparing seismic analysis results of the three selected EBFs (four-, eight-, and 14-
storey EBFs) with results from the N2 method.

For this research, the N2 and MPA methods were selected because they are widely
accepted and computationally inexpensive. Both the N2 and the MPA methods provide
reliable estimates of global seismic performance, such as target displacement and drift, for
many lateral-load-resisting systems. In addition, both methods use nonlinear pushover
curves and thus incorporate actual strength degradation and plastic behaviour.

The selected EBFs have been designed in accordance with the NBC 2020 and CSA
516-19 [23] requirements and are analyzed for ground motions compatible with Western
Canada. Thus, this study provides one of the few detailed performance assessments of
EBFs under Vancouver-compatible ground motions, making the results directly relevant
to Canadian practice.

Accurate estimation of the fundamental period of a structure is a prime consideration
in calculating the design base shear and lateral forces for seismic design. Recently, Kusyil-
maz and Topkaya [24] proposed a hand calculation method to estimate fundamental pe-
riods of EBF buildings. They used Rayleigh’s method as a basis and utilized the roof drift
ratio to formulate their proposed period equation. Most building codes propose simple
empirical expressions to estimate the fundamental period of building structures. ASCE 7-
22 [25] recommends provisions for the design of buildings and other structures. The fol-
lowing expression has been proposed for calculating the building period.

T = C;h} M

where T is the fundamental period, h, is the height of the structure above the base, and
C; and x are constants. ASCE 7-22 proposes C; = 0.0731 and x = 0.75 for the estima-
tion of fundamental periods of EBFs.

Eurocode 8 [15] recommends a similar empirical equation with slight modification
for period estimation of EBFs with heights up to 40 m, and a value of C; = 0.075 is rec-
ommended.

The National Building Code of Canada provides a more simplified period formula
for EBFs:

T = 0.025h, @)

While the fundamental period expressions in NBC, ASCE 7-22, and Eurocode 8 are
commonly represented using empirical equations, the intent of these equations varies sig-
nificantly. ASCE 7-22 employs a deliberately conservative approach, calibrated as a lower-
bound estimate of stiffness, and enforces a strict upper limit on analytically derived peri-
ods to avoid unintentional base shear reductions when designing EBFs. In contrast, the
NBC period formula for EBFs is intended to approximate the system-specific elastic stiff-
ness closely and enables analytical period determination, particularly when dynamic
analysis is performed using numerical models that accurately represent stiffness and mass
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distribution. The period formula in Eurocode 8 for EBFs is primarily used for simplified
analysis, while more advanced methods are permitted without any period caps, provided
the modelling assumptions are justified.

It is interesting to note that while other building codes such as ASCE 7-22 and Euro-
code 8 provide different period formulas for steel concentric braced frames (CBFs) and
EBFs, the CBF system is considered stiffer than the EBF system. NBC 2020 provides the
same empirical equation for period estimation of all braced frames. Thus, another objec-
tive of this study is to evaluate the current period formula in NBCC for EBFs. To achieve
this objective, periods of 24 EBF buildings from previous studies [26-29] are compiled to
build a period database. The period database is augmented in the current study by adding
eight EBFs designed according to current Canadian seismic guidelines. The augmented
period database re-evaluates the current code period formula for EBFs in Canada. An im-
proved formula to estimate fundamental periods of EBFs for use in the equivalent lateral
force method specified in the building codes is presented. The proposed formula is com-
pared against the measured periods from buildings with EBF systems, as reported by
Kwon and Kim [30].

2. Selected EBF Buildings

A set of three hypothetical office buildings (4-, 8-, and 14- storey) was designed ac-
cording to the seismic design guidelines in the National Building Code of Canada [16] and
steel design standard, CAN/CSA 516-19. The office buildings located in Vancouver, BC,
Canada had the same floor plan with a total area of 1400 m2. The buildings were assumed
to be situated on site class C (very dense soil and soft rock), according to NBC 2020. Site
class C has been used because it represents average soil conditions and serves as the ref-
erence ground condition in the NBCC. The typical floor plan for the selected buildings is
shown in Figure 1. As shown in Figure 1, two identical chevron-type EBFs were used
symmetrically in N-S and E-W directions to resist lateral forces. Thus, each EBF was de-
signed to resist half of the design seismic loads. Since there was no eccentricity in the
buildings, the effect of accidental torsion was only considered in the design of EBF system.
It was introduced in design by shifting the center of mass (CM) of the building in each
horizontal direction by (£0.10D,,), where D, is the plan dimension of the building at
level x perpendicular to the direction of seismic loading [31].

All the EBFs had equal bay widths of 8.0 m and storey heights of 3.8 m. The dead
load and live load of the floors were 4.2 kPa and 2.4 kPa, respectively. The roof dead load
was considered as 1.5 kPa, and the snow load, calculated based on NBCC 2020 [16], was
equal to 1.82 kPa.

The NBC 2020 load combination D + 0.5L + E (where D = dead loads, L = live
loads and E = earthquake loads) was considered for intermediate floors and for the roof,
and the load combination D + 0.255 + E (where S = snow loads) was considered. The
selected EBFs were designed according to the provisions in CSA S16-19. Tables 1 and 2
present details of four-storey and eight-storey EBFs. Table 3 presents details of the 14-
storey EBF. The modulus of elasticity and nominal yield strength of all steel sections were
200,000 MPa and 350 MPa, respectively. The selected EBFs were modelled and analyzed
using ABAQUS Standard Version 6.14 [32]. All the members (links, beams, columns and
braces) of EBFs were modelled using general-purpose shell elements with reduced inte-
gration (ABAQUS element S4R). The element S4R accounts for finite membrane strains
and large rotations and has six degrees of freedom in each node: three translations and
three rotations. Continuity and compatibility between adjacent storeys were ensured by
using a single continuous FE model in ABAQUS, in which members from consecutive
storeys share common nodes, inherently enforcing displacement compatibility.
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Figure 1. Typical floor plan of the selected office buildings.
Table 1. Summary of 4-storey EBF properties.
Storey  Link Length (mm) Beam Brace Column
4 700 W200 x 31 HSS5152 x 152 x 8 W310 x 67
3 700 W200 x 71 HSS178 x 178 x 9.5 W310 x 67
2 700 W360 x 72 HSS5203 x203 x9.5  W310 x 107
1 700 W410 x 67 HSS5203 x 203 x 13~ W310 x 107
Table 2. Summary of 8-storey EBF properties.
Storey  Link Length (mm) Beam Brace Column
8 700 W200 x 31 HSS178 x 178 x 8 W360 x 162
7 700 W250 x 58 HSS178 x 178 x 13~ W360 x 162
6 700 W250 x 67 HSS203 x203 x 13~ W360 x 162
5 700 W360 x 72 HSS5254 x 254 x 9.5  W360 x 237
4 700 W410 x 67 HSS5254 x 254 x 9.5  W360 x 237
3 700 W460 x 68 HSS305 x 305 x9.5  W360 x 237
2 700 W410 x 85 HSS305 x 305 x13  W360 x 463
1 700 W460 x 89 HSS305 x 305 x 13 ~ W360 x 463
Table 3. Summary of 14-storey EBF properties.
Storey  Link Length (mm) Beam Brace Column
14 700 W200 x 42 HSS178 x 178 x 9.5 ~ W360 x 91
13 700 W200 x 59 HSS178 x 178 x 13 W360 x 91
12 700 W250 x 58 HSS203 <203 x 9.5  W360 x 91
11 700 W310 x 52 HSS5203 x203 x 13~ W360 x 196
10 700 W310 x 74 HSS254 x 254 x 9.5  'W360 x 196
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9 700 W360 = 79 HSS5254 x 254 x 9.5  W360 x 196
8 700 W410 x 74 HSS305 x 305 x 9.5  W360 x 382
7 700 W460 x 68 HSS305 x 305 x9.5  W360 x 382
6 700 W460 x 82 HSS305 x 305 x9.5  W360 x 382
5 700 W460 = 89 HSS305 x 305 x 13~ W360 x 634
4 700 W460 x 97 HSS305v305v13 W360 x 634
3 700 W530 x 85 HSS305 x 305 x13 ~ W360 x 634
2 700 W530 x 92 HSS305 x 305 x13 ~ W360 x 990
1 700 W530 x 101 HSS305 x 305 x 13~ W360 x 990

One of the important factors in FE modelling is selecting the appropriate mesh size,
as it directly influences the accuracy of the results and the computational demands. Using
a coarse mesh may yield an imprecise solution; on the other hand, a finer mesh can im-
prove accuracy but also increase computation time. A detailed mesh convergence study
was conducted to determine the optimal mesh sizes for four-, eight-, and 14-storey EBFs.
Details of the mesh convergence study are available in the authors’ original master’s thesis
[31].

Before conducting nonlinear seismic analyses of the selected EBFs, the FE modelling
approach was validated against the experimental results of a single-storey EBF with re-
placeable shear link (specimen 11A as tested by Mansour [7]). In the experimental model,
the width and height of the frame were 7.5 m and 4.58 m, respectively. The link length
was equal to 800 mm. A summary of sections and dimensions used in the experimental
study is shown in Table 4. More details about the selected test specimen are available
elsewhere [7]. The selected specimen 11A was modelled and analysed in ABAQUS. The
material properties used for validation were obtained from available stress-strain data
from tension coupon tests [7]. The FE model used boundary conditions (BCs) similar to
those of the corresponding experiment. The columns had pin support conditions at the
base. The connection between the link and the floor beam was defined using common
nodes to transfer the forces and moments generated by the strain-hardened link. Also, the
connection between the braces and the beam is a moment connection. All other connec-
tions were considered as pin connections. Lateral bracings were also provided to restrain
the out-of-plane movements of the EBFs. Lateral bracing was employed at the top and
bottom flanges of the floor beams at two ends of the links. To account for the lateral brac-
ings in the FE model, the out-of-plane displacements of the nodes were restrained. The
same modelling technique and boundary conditions were used for the four-, eight-, and
14-storey braced frames. A displacement-controlled pushover analysis was used to vali-
date the experimental model. This displacement was applied to the center of the floor
beam, and the structure was pushed increasingly to reach the target displacement ob-
tained from the experimental test. Figure 2 compares the pushover analysis results with
the experimental results obtained from the single-storey specimen (specimen 11A) tested
by Mansour [7]. It is observed that the finite element model provides an excellent predic-
tion of the experimental results with less than a 3% difference in the link shear force. The
validated FE model was then used to conduct a seismic analysis of the three selected EBFs.

Table 4. Summary of single-storey EBF test specimen [7].

Bay Width
(mm)

Link Length
(mm)

Intermediate Beam Outside
Link B B :
Stiffeners tic beam the Link race Column

L =7500

e =800

3 at 200 mm W360 x 72 W530 x 196 ~ HSS254 x 254 x 13 W360 x 347
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Figure 2. FE model and pushover validation of single-storey EBF specimen tested by Mansour [7].

For seismic analysis, a leaning column was added to the FE model to account for P-
A effects. The leaning column was modelled using a 2-node linear 3D truss (ABAQUS
T2D3) element and was connected to the EBF frame at every floor using pin-ended rigid
links. The leaning column was designed to carry half of the floor masses and gravity loads
that were not carried by the EBFs. The leaning column approach adopted in this study is
widely used in nonlinear seismic analysis of steel frames. It allows the destabilizing effects
of gravity loads to be represented without introducing additional lateral stiffness or
strength. It is acknowledged that the magnitude and influence of P-A effects on the struc-
tural response were not explicitly quantified in the original manuscript. A detailed para-
metric investigation quantifying the sensitivity of response to P-A effects (e.g., by compar-
ing analyses with and without leaning columns) would provide additional insight and
will be conducted in future research. The effects of other structural components, such as
the floor diaphragm and foundation systems, were not considered in this study. Addi-
tionally, the FE model used in this research assumed a rigid diaphragm.

For seismic analysis, nonlinear material behaviour was modelled using an elasto-
plastic stress-strain curve with a strain hardening of 2% of the elastic stiffness. For all
pushover analyses, the nonlinear isotropic hardening was employed, and for all seismic
analyses, the kinematic hardening rule was adopted. A Rayleigh damping model was
used with 5% critical damping ratios for the first two modes of vibration, which include a
cumulative modal mass equal to more than 90% of the total mass applied on the EBFs. A
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5% Rayleigh damping ratio is consistent with standard practice in the nonlinear seismic
analysis of steel structures. It is acknowledged that Rayleigh damping is a simplified rep-
resentation of energy dissipation mechanisms in EBFs, particularly once inelastic behavior
develops in the links. In EBFs, a substantial portion of energy dissipation arises from hys-
teretic behavior of the links, while viscous damping primarily affects the elastic response
and higher-frequency modes. As a result, the assumed 5% Rayleigh damping ratio can
introduce uncertainty in nonlinear time history analysis (NLTHA), particularly post-
yield. It is recommended that future research explore refined damping models, such as
stiffness proportional damping after yielding or sensitivity analyses with different damp-
ing levels to improve response estimates, especially for tall frames and higher-mode re-
sponses. Also, uncertainties associated with the damping model primarily affect NLTHA
results rather than pushover-based capacity estimates.

3. Review of Selected Nonlinear Static Procedures

A brief review of modal pushover analysis (MPA), the N2 method and the NBC 2020
lateral load pattern is presented in this section. This will be followed by the application of
these three methods in estimating seismic demands of the selected EBFs.

3.1. NBC 2020 [16] Lateral Load Pattern

According to NBC 2020, the lateral force at any story, F,, is calculated from the fol-
lowing formula:

Wy hy

Fx=(@V- FC)W 3)

where F, is an extra lateral force component applicable to the top floor; V is design seis-
mic base shear; W; or Wy denotes the dead load in addition to 25% snow load applicable
to the storey i or x and h, or h; denotes the height from the base to the storey level i
or x, respectively.

The design seismic base shear (V) can be calculated as follows:

— STMVIEW _ SROMyIgW

4 RgRyo - R4Ryo (4)

where S(T,) is the spectral acceleration; My is an amplification factor accounting for
higher mode effects on base shear; Iy is the importance factor for the structure; W de-
notes the total dead load in addition to 25% of the snow load; R; denotes the force mod-
ification factor of the structure related to ductility; and R, denotes the overstrength-re-
lated force modification factor of the structure. The values of R; and R, are provided in
NBC 2020 and CSA S16-19 as 4.0 and 1.5, respectively.

According to NBC 2020, for structures having R; greater than 1.5 the design base
shear should assume a maximum value as

25(0.2)IgW
= 3Rg4Ro ®)

3.2. Modal Pushover Analysis

In the MPA procedure, pushover analysis is performed to determine the maximum
response of the structure due to its nth vibration mode. The base shear-roof displacement
curve of the MDOF system is idealized as a bilinear force-deformation relation of the nth-
mode inelastic SDOF system. The selected EBF is pushed up to the peak deformation of
the nth-mode inelastic SDOF system, which is determined by nonlinear dynamic analysis
of that SDOF system. Any appropriate modal combination rule may apply to combine all
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peak modal responses. The MPA procedure involves several steps that can be summa-
rized as follows:

(1) Estimate the natural frequencies of the EBF, ws, and associated normalized mode
shapes, ¢, for linear elastic vibration of the EBF.

(2) Compute the base shear-roof displacement (Vin — um) pushover curve for lateral force
distribution of S; = m;¢@;, for nth-mode (where m;is the mass of the ith-storey). Dur-
ing the pushover analysis of the selected EBF, this force distribution is assumed to be
constant.

(3) Convert the regular pushover curves of each “mode” into bilinear idealized curves
according to ASCE 41-23 [33].

(4) Convert the idealized pushover curves (Vin — um) into a force-displacement relation
(Fsw/Ln — D) of the nth-mode inelastic SDOF system using the following relations.

Vp phm
F,, = =2 where [, =
Uy " onmen ©
D,=— L, =¢In @)
In®rn

where I'x is the modal participation factor, L is the mass of the SDOF system, and ¢ is the
influence vector, where each entry of the vector equals 1, as ground acceleration affects all
masses in the same horizontal direction. In this study, only translational degrees of free-
dom are considered; therefore, the influence vector, ¢, ensures that every lumped mass
participates directly in the translational base motion.

(5) Compute the peak deformation of the nth-mode inelastic SDOF system D, by solving
the following equation or from the inelastic response spectrum.

D, + 2&,w,D,, + E = —ug(t) (8)

where &» is the damping of the nth mode for the inelastic SDOF system.

(6) Calculate the peak deformation of the MDOF system, umo, using the relation u(t) =
I,¢, Dy (t). Other parameters such as floor displacement and inter-storey drift can
also be calculated in the same way. Calculate the total responses (ryp4) of the struc-
ture by combining peak modal responses of all the effective modes using the appro-
priate modal combination rule. For this study, the modal combination rule square
root of sum of squares (SRSS), as shown in Equation (7), is used.

TMpa =+ Zg=1 7 )

where N is the number of effective modes considered in the MPA procedure.

3.3. N2 Method

As proposed by Fajfar [22], the N2 method uses conventional pushover analysis with
an inelastic response spectrum. In this method, the capacity curve represents the nonlinear
lateral strength and deformation capacity of the system obtained from a pushover analy-
sis. The pushover curve of the structure is converted into equivalent spectral accelerations
and spectral displacement by using effective modal mass and modal participation factors.
The response spectrum provided by building codes (e.g., NBCC) is used as the seismic
demand of the structure. After that, both curves are plotted in the same coordinate from
which the demand-capacity relationship is obtained. The steps of the N2 method are as
follows.

https://doi.org/10.3390/civileng7010014
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(a) Development of seismic demand curve.

The first step for developing a seismic demand curve is to convert a traditional re-
sponse spectrum in acceleration-displacement format. A site-specific design spectrum is
usually used to develop a seismic demand curve.

For the seismic demand curve, the acceleration response spectrum is first converted
into an acceleration-displacement response spectrum (ADRS) with the following relation
between pseudo-acceleration and displacement:

2
Sde = . Sae (10)

4m?
where Se and S« are the spectral displacement and pseudo-acceleration of the elastic re-
sponse spectrum for a certain period (T) and a fixed viscous damping ratio.

Inelastic ADRS can be obtained indirectly from elastic ADRS by using the strength
reduction factor R, proposed by Vidic et al. [34]. As given in Equation (9), the force re-
duction factor (R,) is the ratio of elastic strength demand to inelastic strength demand of
an SDOF system for a specified ductility ratio.

Sae
a= Ry 11)
From Equations (8) and (9)
T
Sa = U735 (12)

where u is the ductility factor, defined as the ratio between the maximum displacement
and the yield displacement.

Several studies [34,35] have been conducted to determine the force reduction factor.
In this research, the formulae proposed by Vidic et al. [34] in slightly modified form is

used.
Rﬂz(u—l)%+1whenTSTo (13)
R, =pwhenT =T, (14)
T, = 0.65u°3T. < T. (15)

where T, is the characteristics period, which refers to the transition period between the
constant acceleration region of the response spectrum and the constant velocity region,
and this is the period when the largest forces are applied to the structure. T, is the tran-
sition period, which depends on structural ductility, and it should not be greater than T,.

In the simple version of the N2 method Fajfar [22] considered the values of the char-
acteristics period and the transition period equal. In this research T, is also considered as
equal to T,. Once the ductility and force reduction factors are known, a constant ductility
seismic demand spectrum can be obtained for different ductility.

(b) Development of capacity curve of Equivalent-Single Degree of Freedom (ESDOF)
system.

(1) The base shear-roof displacement relation (pushover curve) for the MDOF system
is developed by pushing the structure with lateral force proportional to the assumed dis-
placement shape (¢i) multiplied by storey mass, m:.

pi = m@; (16)

where p; is the lateral force at any storey i.

(2) The MDOF system is transformed into the ESDOF system. Top displacement (D:)
and base shear (Vi) of the MDOF system are transformed into a force (F*)—displacement
(Dr*) relationship of the ESDOF system by the following relationship.

https://doi.org/10.3390/civileng7010014
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F*=V,/T D' =D,/T (17)

where ['is called the modal participation factor, as defined in Equation (6).

(3) The pushover curve of ESDOF is idealized into an elastic-perfectly plastic form
following the guidelines provided in ASCE 41-23 [33]. Finally, the bilinear idealized force
(F*)—displacement (D:*) curve is transferred into a capacity curve in terms of the spectral
acceleration vs. spectral displacement curve of the ESDOF system.

(c) Determination of seismic demand and performance of the ESDOF system.

Demand spectra and capacity spectra for the SDOF system are drawn in the same
plot. Intersection points of the radial line of the capacity curve corresponding to the elastic
stiffness of the SDOF system and the elastic demand spectrum gives the elastic strength
requirement (S«) of the structure. The yield acceleration (Sa) for the SDOF system refers
to the acceleration requirements for the inelastic behavior. The ratio of the elastic acceler-
ation demand and inelastic acceleration capacity is the reduction factor R,. After that, duc-
tility can be calculated by the reverse calculation of Equations (11) and (12).

4. Selected Earthquake Ground Motion Record

In this research, eight earthquake records were selected. Out of eight records, five
were selected from the ground motion database of the Pacific Earthquake Engineering
Research Center (PEER [36]), and the other three were chosen from the Engineering Seis-
mology toolbox website (Atkinson et al. [37]). Only the horizontal component of the
ground motions was selected for this study. The simulated ground motions were chosen
for site class C with a magnitude of 6.5 and 7.5. To select appropriate ground motion rec-
ords for seismic analysis, the ratio of peak acceleration (PGA) to peak ground velocity
(PGV) was considered. For Vancouver, this ratio should be close to 1.0 [38]. Tables 5 and
6 present some important features of the selected real and simulated earthquake records.

The selected ground motions were scaled using the partial-area method introduced
by Watson-Lamprey and Abrahamson [39]. According to the partial-area method, the
scaling factor is determined so that the area under the response spectrum of the scaled
record matches that of the target spectrum (in our study, the Vancouver response spec-
trum) over a specific period range. The partial-area method, as well as design codes such
as NBC 2025 and ASCE 7, recommend using 0.2 T and 1.5 T, where T is the fundamental
period of the structure, as the period range for scaling earthquake records. The rationale
for choosing 0.2 T to 1.5 T is that this range (0.2 T-1.5 T) captures the main vibration modes
contributing to seismic response. Also, it avoids over-reliance on a single spectral ordinate
(such as the fundamental period, T) and accounts for period elongation and higher-mode
participation. Thus, first, the response spectra of the selected ground motions and the
Vancouver response spectrum were obtained [31]. The ratio of the response spectrum area
of any selected record over the range 0.2 T to 1.5 T to the response spectrum area of Van-
couver for the same period range was the scaling factor for that ground motion. Once
scaled, the mean spectrum of the eight ground motions lies above the design response
spectrum in the period range from 0.2 T to 1.5 T. Scaling factors for all the selected earth-
quakes were calculated and are provided in Tables 5 and 6.

Table 5. Ground motion parameters of selected real ground motions.

PGA ling F ling F ling F
Event Name Magnitude G AV Scaling Factor Scaling Factor Scaling Factor
(g) 4-Storey 8-Storey 14-Storey
San Fernando, California, 1971 6.6 0.188 1.05 1.52 1.67 1.45
Kobe, Japan, 1995 6.9 0.143 0.973 1.65 1.7 22
Loma Prieta, 693 0233 105 135 146 197

California, 1989
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Imperial Valley, California, 1979 6.53 0.525 1.04 0.98 1.01 0.827
Northridge, California, 1994 6.69 0.51 1.055 0.61 0.66 0.83
Table 6. Parameters of selected simulated earthquake records.
Event Name Magnitude Scaling Factor Scaling Factor Scaling Factor
4-Storey 8-Storey 14-Storey
6C1 6.5 0.758 0.84 1.05
6C2 6.5 1.147 1.268 1.49
7C2 7.5 1.494 1.373 1.335

5. Inelastic Seismic Analysis Results

Nonlinear dynamic analyses were performed on four-, eight- and 14-storey EBFs us-
ing the ground motions introduced in the previous section. The seismic performance ob-
jective of the NBC is to prevent collapse and protect life under a rare, severe earthquake
(2% in 50 years). Since the link is the most important element in EBFs, the responses of the
link are the main concentration of this study. The critical response parameters for the links
are the inelastic link rotations and the maximum normalized shear forces in the link. The
maximum inelastic link rotations extracted from ABAQUS were compared with the code
limit of 0.08 rad. The results of maximum link rotations and its average value for eight
earthquakes are presented in Figures 3-5 for the three EBFs under study. The use of aver-
aged peak response quantities in this study is consistent with the provisions of ASCE 7-
22 [25], which permit the use of the average of maximum responses when a minimum of
seven ground motion records is employed in nonlinear time history analysis. It is
acknowledged that while this approach satisfies code requirements, additional statistical
descriptors (e.g., dispersion, standard deviation, or confidence intervals) can provide fur-
ther insight into record-to-record variability.

For the four-storey EBF, for all records, the link rotations were less than the limit of
0.08 rad specified in CSA 516-19 [23]. For most records, the largest deformation occurred
at the first and third stories. Figure 3 shows that for four-storey EBF, the average link
rotation is about 0.05 rad. For the eight-storey structure, as shown in Figure 4, most
ground motions indicated the maximum link rotation at the first and sixth levels. The link
rotations varied from 0.02 rad to 0.05 rad, which were lower than the limit. For the 14-
storey structure, as shown in Figure 5, the average link rotation is between 0.02 rad and
0.06 rad for all the floors, except for the eleventh and twelfth levels, where link rotations
exceeded the 0.08 limit. These values were 0.085 rad and 0.09 rad for the 11th and 12th
floors, respectively. A concentration of link rotation was also observed on the first floor;
however, the median value for the first floor was well below the limit.

The seismic analysis also showed that all EBFs behaved in accordance with the ca-
pacity design method outlined in Canadian seismic regulations. For all ground motions,
all the links were yielded. Although some partial yielding of adjacent beams to the links
was observed for some ground motions, all other framing members remained essentially
elastic [31]. In addition, other seismic response parameters, such as inter-storey drifts,
floor displacements, and base shear, were calculated for all selected records and all three
selected EBFs. Inter-storey drift was calculated as the difference in lateral displacement
between two consecutive floors, divided by the corresponding storey height. It was ob-
served that inelastic inter-storey drifts in all the floors were within the NBCC drift limit
of 2.5% of the inter-storey height. Also, it was observed that the average base shear ob-
tained from nonlinear dynamic analysis was higher than the design base shear. This is
due to the overstrength of the selected members for beams, columns, and links. Details of
the seismic analysis results are presented elsewhere [31].
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Figure 5. Maximum link rotations for 14-storey EBF.

6. Application of MPA and N2 Method on Ductile EBF

Frequency analyses were conducted for all selected EBFs in ABAQUS and elastic vi-
bration periods, and the corresponding mode shapes were obtained. Figure 6 presents the
first three elastic mode shapes of the selected EBFs. The modal periods are reported in
Table 7. Since the summation of the mass corresponding to the first three primary modes
is higher than 90% of the whole building mass, the first three modes were considered for
the MPA. Multiplying the modal vectors of each mode by the mass of each floor led to the
force distribution, which was applied increasingly to each structure to provide the push-
over curves corresponding to each mode. Gravity loads were applied prior to pushover
analysis. All the pushover curves of the selected EBFs were idealized into bilinear curves.
Base shear-roof displacement (Vi — um) pushover curves of MDOF were converted into a
force-displacement relation (Fs/L» — Dx) of nth-mode inelastic SDOF. Actual pushover
curves and idealized pushover curves for MDOFs and SDOFs are presented in the same
plot in Figures 7-9. Properties of “modal” inelastic SDOF systems for all selected EBFs are
presented in Table 7. As observed from Figures 7-9, for the first mode, both the actual and
idealized pushover curves are in excellent agreement for all three EBFs. For the second
and third modes, there are slight differences between the idealized pushover curves, es-
pecially for the 8-storey and 14-storey EBFs. This is expected and has been observed by
other researchers as well [17-19]. The slight difference in pushover curves is because the
SDOF curve is the modal approximation of the MDOF behaviour. This slight difference is
not a problem as long as the first-mode mass participation is high and the global pattern
of the curves is the same. As observed in Table 7 of the revised manuscript, the model
participation factor for the 4-, 8-, and 14-storey EBFs is 1.33, 1.44, and 1.54, respectively,
indicating that all three selected EBFs are first-mode dominant. Thus, the SDOF
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approximation of all selected EBFs is reasonably accurate. Nonlinear seismic analysis was
carried out for inelastic SDOF systems.

Calculated peak deformations of SDOF systems, Dn, were utilized to calculate the
peak deformation of MDOF. Then, other properties, such as floor displacement and inter-
storey drift, were also calculated from the umo. The modal combination rule SRSS has been
utilized to combine the modal responses. Maximum roof displacements and inter-storey
drifts were estimated for 1-mode, 2-mode and 3-mode combinations.

Nonlinear dynamic analyses were performed on the 4-, 8- and 14-storey EBFs using
the ground motions selected above. In general, the selected EBFs behaved in a ductile and
stable manner. As expected in the capacity design approach, all the links were yielded on
all floors. It was observed that the EBFs did not lose their load-carrying capacity when all
the links were yielded. After yielding all the links, the outer beam participated in carrying
the load as it was considered in the design. Some partial yielding of adjacent beams was
observed for a few ground motions. All the links showed inelastic behaviour, and as an-
ticipated, the response of the other frame members remained essentially elastic.

Table 8 presents the peak roof displacements for the 4-, 8-, and 14-storey EBFs. It can
be observed that roof displacements were predicted well with the MPA procedure, with
just a few percent errors with respect to the displacements obtained from the nonlinear
seismic analysis. It was also observed from Table 8 that adding the second and third mode
contributions increased the accuracy of the prediction of the roof displacements.

4_

—e—Mode 1

——Mode 2

—&—Mode 3

-15 A% .05 0.5 15

——Mode 1
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—&—Mode 3

-1 -0.5 0 0.5 1 15

Figure 6. Mode shapes of 4-, 8-, and 14-storey EBFs.
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Table 7. Modal properties of selected EBFs.
M;, Fony/Ly D, Feno/L D T
EBF  Mode I (kg) v s e
i 1 738,383.2 1.33 979,592.6 1.6 29.33 224 288.5 0.85
Storey 2 -20,824.6 -0.68 149,787.31 6.46 16.27 8.23 180.14 0.32
3 158,640.8 0.22 35,701.49 20.195 19.02 24.88 367.19 0.19
1 1213,613.1 1.44 1,746,314.9 1.154 59.74 1.79 535.49 1.43
St(é)tey 2 -408,681.7 -0.68 276,649.9 6.271 52.68 9.42 919.69 0.575
3 358,373.14 0.54 193,474.63 9.536 28.14 12.97 242.29 0.341
14- 1 1,810,436.8 1.54 2,783,860.2 0.784 133.52 1.17 865.29 2.59
Storey 2 -987,363.77 -0.80 797,724.26 3.491 76.339 4.93 796.19 0.93
3 503,985.4 0.427 215,241.40 8.595 35.71 11.65 306.28 0.405
Table 8. Comparison of peak roof displacements for 4-, 8-, and 14-storey EBFs.
Peak Roof Displacement (mm)
EBF Modal Response Modal Combination NLTHA Percentage Error (%)

Mode1l Mode2 Mode3 1Mode 2Modes 3 Modes 1 Mode 2 Modes 3 Modes
4-storey 84.76 12.7 1.753 84.76 85.705 85.723 88.78 -4.54 -3.47 -3.45
8-storey 151.57 32.23 10.54 151.57 154.96 155.31 161.77 -6.31 -4.21 -3.99
14-storey  307.80 94.65 18.08 307.80 322.02 322.53 332.28 -7.37 -3.09 -2.93

For the N2 method, bilinear idealized force-displacement curves associated with the
first mode were converted into spectral acceleration versus spectral displacement curves
of SDOF systems for all three selected EBFs. These are known as capacity curves and are
presented in Figures 10-12. The design response spectrum (5% damped) of Vancouver
was used as a seismic demand curve. For the inelastic SDOF system, the acceleration spec-
trum, Sa, and displacement spectrum, Sd, were determined from elastic ADRS by using
the reduction factor obtained from Equations (11) and (12). At the beginning of this pro-
cedure, a demand curve was constructed for the elastic response of the structure (e.g.,
ductility factor is equal to one). Demand spectra and capacity spectra for the SDOF system
were drawn in the same plot. Figures 10-12 present a graphical representation of the ca-
pacity curve of the SDOF system of a 4-storey, 8-storey and 14-storey EBF system. Dis-
placement demands were determined from the intersection points of the capacity curves
and the demand curves corresponding to the ductility demands. Finally, displacement
demands of SDOF systems were transferred into displacement demands of MDOF by re-
verse transformation. The top displacement demands for the 4-storey EBF, 8-storey EBF,
and 14-storey EBF were determined as 92.63 mm, 169.08 mm, and 336.75 mm, respectively.
For the three selected EBFs, the displacement demands obtained from the N2 method
were compared with the average top-storey displacements from the nonlinear time his-
tory analysis. Table 9 presents the displacement demands of the selected EBFs. It is ob-
served that the displacement demands from the N2 method agree very well with the av-
erage maximum top-storey displacements from the nonlinear seismic analysis. The maxi-
mum difference between seismic analysis and the N2 method was 4.52% and was ob-
served for the 8-storey EBF. According to NBC 2020 [16], the ductility-based reduction
factor for the EBF is 4.0, and the overstrength-related reduction factor is 1.5. The ductility
demands of the selected EBFs obtained from the N2 method were lower than the code-
suggested ductility. However, ductility demand calculations using the N2 method have
some limitations. First, the elastic period calculated using the N2 method may not be con-
stant after yielding the structure. In addition, all the analysis approximations also have
some influence on this lower ductility demand.
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Table 9. Performance of the selected EBFs using the N2 method.
Parameters 4-Storey EBF  8-Storey EBF  14-Storey EBF
Ductility (N2 method) 2.15 1.84 1.43
Maximum top displacement (mm)—N2 method 92.63 169.08 336.75
Maximum average top displacement(mm)—NLTHA 88.78 161.77 332.28
Error in top displacement demand 4.347% 4.52% 1.35%

Estimated results from the MPA and N2 methods are compared in Figure 13, with
results obtained from the nonlinear seismic analysis and regular pushover analysis using
the NBCC 2020 lateral load pattern. Figure 13 shows that for the low-rise EBF, in compar-
ison to MPA, the regular pushover analysis following the NBC 2020 equivalent lateral
load pattern and the N2 method were able to predict the inter-storey drifts at the bottom
two floors reasonably. However, inter-storey drift at the top floor was underestimated in
the regular pushover analysis. For the medium-rise EBF (8-storey EBF), Figure 13 shows
that the 1-mode combination did not predict the inter-storey drifts very well, and the 2-
mode combination significantly improved the predictions at the bottom floors. However,
the 3rd-mode contribution did not make any difference to inter-storey drifts for medium-
rise EBF. It was also observed that the N2 method and regular pushover analysis using
the NBC 2020 load pattern reasonably predicted the inter-storey drifts at the bottom sto-
reys but underestimated at the upper storeys.

The MPA for the high-rise EBF (14-storey), as presented in Figure 13, showed a con-
siderably higher mode contribution. The first-mode combination did not predict the sto-
rey drifts well. The 2-mode combination significantly improved predictions of inter-storey
drifts, and, as with the 8-storey EBF, the 3rd-mode contribution did not make a difference
in inter-storey drift predictions for the 14-storey EBF. It should be noted that the MPA
assumes linear-elastic mode shapes to define lateral load patterns then combines modal
responses using SRSS rules. However, once yielding occurs in the links of EBFs, structural
stiffness degrades, and mode shapes change. As a result, modal superposition is no longer
strictly valid, and interaction between modes cannot be fully captured by using SRSS
rules. It was also observed that, compared with the MPA, both the regular pushover anal-
ysis and the N2 method significantly underestimated the inter-storey drifts of taller EBFs.
This is because the N2 method assumes that the first vibration mode dominates structural
response and neglects higher-mode contributions to force and deformation demands. This
limitation is the main drawback of the N2 method.

Finally, base shears for all the selected EBFs were obtained from the N2 method and
MPA method and compared with seismic analysis results. Table 10 shows that for all the
selected EBFs, compared to the N2 method and regular pushover analysis, the MPA pro-
cedure closely predicts the base shears. The average base shear obtained from nonlinear
dynamic analysis is higher than the design base shear. This was mainly due to the over-
strength of the selected members. In the current design of EBFs suggested by CSA 516-19
[23], the link and the outer beam have the same section. The link should be designed to
yield, while the outer beam with the same section should resist forces by the strain-hard-
ened link. Meeting these two requirements was an iterative process that led to oversized
link elements and, consequently, stronger EBF members, which were designed for the ca-
pacity of the link. This resulted in larger shear force demands for the selected EBFs. In
addition, overstrength in base shear may arise from material strain hardening of steel. To
quantify this effect, an overstrength factor can be defined as the ratio of the average base
shear obtained from nonlinear seismic analysis to the design base shear. Based on the re-
sults summarized in Table 10, the overstrength factors for the 4-storey and 8-storey EBFs
are calculated as 2.2, while for the 14-storey EBF, it is 2.7. Nonlinear static procedures,
including SDOF-based approaches, typically do not fully capture this overstrength
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because they rely on idealized capacity curves and do not account explicitly for cyclic
hardening and redistribution effects that develop during dynamic response.
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Figure 13. Height-wise variation of inter-storey drifts of 4-, 8-, and 14-storey EBFs from NLTHA,

MPA, N2 method, and Regular pushover analysis.

Table 10. Base shear from different methods.
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Base Shear (kN)

EBF MPA N2 method NLTHA Pushover Design
4-storey 1877 1647 2304 1674 1031
8-storey 2722 2100 2910 1838 1322

14-storey 3592 2314 4145 2575 1532

7. Evaluation of Code Period Formula for Ductile EBF

In addition to the three selected EBFs (four-, eight-, and 14-storey EBFs), five more
EBFs (two-, three-, six-, 10-, and 12-storey) were designed as per Canadian seismic provi-
sions. Frequency analyses were carried out to determine the fundamental periods of the
eight EBFs designed in this research. The estimated periods are shown in Table 11. As
stated earlier, in addition to the eight designed EBFs, four other computed period datasets
for EBFs from other sources [26-29] are presented in Table 12. The period database used
in this study is carefully selected and includes representative buildings designed using a
capacity design approach. Thus, 32 fundamental period data points for EBFs with differ-
ent heights and geometries are used to evaluate the period formulas recommended by
different building codes. Figure 14 presents the computed periods as a function of build-
ing height, h,, for all 32 EBFs. Figure 14 also presents the measured period data obtained
for buildings with EBF systems.
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Figure 14. Computed and code-predicted periods for EBFs.

Table 11. Computed periods for selected EBFs.

No. No. of Storeys Height (m) Period (s)
1 2 7.6 0.39
2 3 11.4 0.71
3 4 15.2 0.99
4 6 22.8 1.33
5 8 30.4 1.80
6 10 38.0 2.18
7 12 45.6 2.86
8 14 53.2 3.326

Table 12. Computed EBF periods from the literature.
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No. of

No. Reference Height (m) Period (s)
Storeys
1 Chao and Goel [26] 3 11.887 0.523
2 Chao and Goel [26] 10 40.843 1.784
3 Koboevic et al. [28] 3 11 0.79
4 Koboevic et al. [28] 3 11 0.61
5 Koboevic et al. [28] 8 28.5 2.22
6 Koboevic et al. [28] 8 28.5 1.64
7 Koboevic and David [27] 14 52.6 2.98
8 Koboevic and David [27] 14 52.6 2.86
9 Koboevic and David [27] 20 74.8 3.55
10 Koboevic and David [27] 20 74.8 3.37
11 Koboevic and David [27] 25 93.3 3.93
12 Koboevic and David [27] 25 93.3 3.79
13 Lopez-Almansa and Montana [29] 5 16 0.584
14 Lopez-Almansa and Montana [29] 5 16 0.555
15 Lopez-Almansa and Montana [29] 5 18.5 0.651
16 Lopez-Almansa and Montana [29] 5 18.5 0.618
17 Lopez-Almansa and Montana [29] 10 31 0.959
18 Lopez-Almansa and Montana [29] 10 31 0.911
19 Lopez-Almansa and Montana [29] 10 36 1.073
20 Lopez-Almansa and Montana [29] 10 36 1.019
21 Lopez-Almansa and Montana [29] 15 46 1.289
22 Lopez-Almansa and Montana [29] 15 46 1.222
23 Lopez-Almansa and Montana [29] 15 53.5 1.444
24 Lopez-Almansa and Montana [29] 15 53.5 1.372

The intent of building codes is to specify an upper limit on fundamental periods cal-
culated based on methods of structural mechanics in order to prevent the use of seismic
loads that are too low due to simplified modelling assumptions. NBCC 2020 specifies that,
for EBFs, periods calculated by any established analytical method must not exceed 2.0
times the value determined by Equation (2). In the ASCE 7-22 standard, this multiplication
factor varies from 1.4 for high seismic zones to 1.7 for low seismic zones, although the
upper limits are not applicable for drift estimation. The upper limits of fundamental peri-
ods specified by the NBCC and ASCE 7-22 are also illustrated in Figure 14. It is observed
from this figure that the empirical expression in NBCC [16] and ASCE 7-22 [25] tends to
give very conservative period estimates for EBFs, leading to higher seismic design forces.
Figure 14 also shows that if the NBCC upper limit for the fundamental period is used in
seismic design, it can be non-conservative. Thus, existing code-based empirical period
formulas for EBFs may be conservative, but this conservatism provides a safety margin
against uncertainties in modelling, construction variability, and nonlinear response.
Shorter empirical periods often result in higher design base shear, which helps guard
against underestimating stiffness degradation and strength loss due to link yielding and
connection behaviour. While updated period formulas may reduce seismic force demand,
they can reduce safety margins unless appropriate inelastic behaviour representation is
included in the analysis.
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8. Improved Period Formula for Ductile EBF

Although Figure 14 indicates that the code-specified formula provides periods that
are, in general, much shorter than the computed periods, this formula can be improved to
provide better correlation. The generalized Equation 1 can be adopted, with the constants
C; and x adjusted to improve the correlation between computed and empirical values.
The constants C; and x depend on building properties and are determined by linear re-
gression of the numerical analysis of period data, as was done by Goel and Chopra [40]
for other lateral-load-resisting systems. From a least square regression analysis of the
available EBF periods, the resulting expression to represent the best fit to the period data
of EBFs is obtained as

T = 0.066h,"%7° (18)

The best-fit expression is illustrated in Figure 15. The value of the standard error, S,
for the selected period data points was calculated as 0.142. In addition, the coefficient of
determination (R?) is reported, providing a quantitative measure of how well the regres-
sion explains the variability of the numerical data. The obtained R? value indicates a strong
correlation between period and height for the analyzed EBF models, consistent with
trends reported in existing empirical formulations.

For design purposes, the estimate of the natural period needs to be a conservative
value. This can be obtained by lowering the best-fit line by one standard deviation. Thus,
the lower value of C,, is

T = 0.048h,,*%"° (19)

This curve is also shown in Figure 15. As discussed by Goel and Chopra [40], one
assumption in the derivation of Equation (1) is that the base shear is proportional to 1/T”.
The value of y is bounded between 0 to 1.0, giving a recommended value of x between
0.5 and 1.0 for Equation (1). Thus, constrained regression analyses with fixed x values of
0.75 and 1.0 were carried out to determine values of C;. The results from these additional
analyses are presented in Table 13. Consistent with the current period formula for EBF, an
x value of 1.0 is used. For the seismic design of EBFs, the best-fit curve, for x = 1.0, minus
one standard deviation equation is recommended.

T, = 0.031h, (20)

As mentioned previously, building codes also specify an upper limit on the period
calculated using any rational method. This upper limit is obtained by raising the best-fit
line by S without changing its slope as the mean regression line plus one standard devi-
ation. Thus, the upper value of C;, (C;)y, is given as

Ty = 0.061h, (21)

Both the upper limit (T,) and the lower limit (T,) of the period with x constrained
to 1.0 are plotted in Figure 16. The proposed empirical formula is also compared to the
current building code equation in Figure 16. It is observed that the current NBC 2020 [16]
formula gives a lower bound value of fundamental periods from the dataset, which is
more conservative in terms of seismic design, especially for taller EBFs. Also, the upper
limit for the proposed formula is determined as 2.0 (2.0 = 0.061/0.031) times the proposed
design curve. Thus, when any rational method is used for determining the fundamental
period of EBFs, it should not be taken as longer than 2.0 times the period obtained from
Equation (5).
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Figure 15. Regression analysis for periods of EBFs.
Table 13. Results from regression analysis of periods of EBFs.
Period Formula
Regression Analysis Type S
& ysis TyP Best-Fit Best-Fit - 15 Best-Fit + 15
Constrained with x = 0.75 T = 0.105h,,°"° T, = 0.06h,°”° T, = 0.11h,°7° 0.148
n L n U n
Constrained with x = 1.0 T = 0.043h, T, = 0.031h, Ty = 0.061h, 0.147
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Figure 16. Proposed period formula and upper limit for ductile EBFs.

9. Conclusions

This paper investigated the seismic performance of code-designed eccentrically
braced frames. The effectiveness of commonly used nonlinear static procedures in pre-
dicting seismic demands of regular ductile eccentrically braced frame buildings was also
evaluated. In addition, the code-specified period formula for EBFs was evaluated. An im-
proved formula based on a regression analysis of the available period data was proposed.
The key findings from this study are as follows:
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1

)

(4)

Based on the results of nonlinear time history analyses, it was observed that all EBFs
behaved in compliance with the capacity design approach provided by Canadian
seismic provisions. For all ground motions, all the links were yielded on all floors.
The average link rotation of all EBFs remained below the design limit of 0.08 rad,
except for the two upper floors in 14-storey EBFs where the link rotation slightly ex-
ceeded the limit. The larger link rotation demands might be due to the participation
of higher modes.

Simplified nonlinear static procedures can reasonably estimate the peak roof dis-
placements of ductile EBFs. In general, the modal pushover analysis showed suffi-
cient accuracy in predicting seismic demands of all eccentrically braced frames. For
the low-rise EBF, the top-storey displacement was accurately predicted by the first
mode. The accuracy of the MPA in predicting the roof displacement and storey drifts
of EBFs was improved by including the first two modes in the procedure relative to
using only the fundamental mode. However, using the first three modes did not no-
ticeably improve the accuracy of the peak floor displacement, but there was an im-
provement in the estimation of storey drifts. Thus, the second-mode contribution was
higher in comparison to the higher-mode contributions in the responses.

Excellent predictions of the N2 method were noticed for the selected EBFs in terms
of top displacement demand. However, inter-storey drifts were not predicted well in
the N2 method. This disagreement between nonlinear seismic analysis and the N2
method increased with an increase in building height. This was because, for the high-
rise EBF, contributions from higher modes were not considered in the N2 method. It
is acknowledged that the SDOF analysis in the N2 method serves as a comparative
tool, and accurate predictions of storey-level demands in tall EBFs necessitate higher-
mode-sensitive procedures or nonlinear response-history analysis.

Estimated inter-storey drifts for all of the seismic events were within the NBCC 2020
drift limit of 2.5% of the storey height. It was observed from this comparative study
that inter-storey drifts were not predicted well by regular pushover analysis using
the NBC 2020 load pattern.

Base shears for the selected EBFs were predicted well using the MPA procedure com-
pared to the N2 method and regular pushover analysis. The average base shears ob-
tained from nonlinear dynamic analysis were higher than the design base shears of
the selected EBFs designed according to seismic provisions of CAN/CSA S16-19 and
NBC 2020. This was mainly due to the overstrength of the selected members of the
EBFs.

The proposed formula for determining fundamental periods for EBFs, T = 0.031#,,
which is based on a regression analysis, is very simple and convenient for engineer-
ing design applications. The proposed updated period formula should be interpreted
not as a direct substitute for code equations but can be used in performance-based
design, where structural response is explicitly evaluated and verified.

It is recognized that the conclusions stated above have been obtained from seismic

response analyses performed on three typical ductile eccentrically braced frames designed

according to Canadian seismic provisions. An analysis of EBFs with a variety of geome-

tries (e.g., different aspect ratios and larger heights) is required. Also, the use of seismic

records with longer durations and of larger magnitudes is recommended for future re-

search.

Author Contributions: M.R.E. and A.K.B. developed the methodology and concept. M.R.E. devel-
oped and analyzed the finite element models. M.R.E. and A K.B. analyzed the findings and aided in

writing the article. A.K.B. supervised this study. All authors have read and agreed to the published

version of the manuscript.

https://doi.org/10.3390/civileng7010014



CivilEng 2026, 7, 14 28 of 29

Funding: This research was funded by Concordia University, Montreal, QC, Canada (grant number
VE0191), and the Natural Sciences and Engineering Research Council of Canada (Grant No.#
NO01396).

Data Availability Statement: The data presented in this study are available upon request from the

corresponding author.

Acknowledgments: The authors gratefully acknowledge Oh-Sung Kwon at the University of To-
ronto, ON, Canada, for sharing the measured period data for EBF buildings.

Conflicts of Interest: The authors declare no conflicts of interest.

References

1.

10.

11.

12.

13.

14.

15.

16.

17.

18.

19.

20.

21.

Roeder, C.W.; Popov, E.P. Inelastic Behavior of Eccentrically Braced Steel Frames Under Cyclic Loadings; University of California:
Berkely, CA, USA, 1977.

Hjelmstad, K.D.; Popov, E.P. Cyclic behavior and design of link beams. J. Struct. Eng. 1983, 109, 2387-2403.

Kasai, K.; Popov, E. General behavior of WF steel shear link beams. J. Struct. Eng. 1986, 112, 362-382.

Engelhardt, M.D.; Popov, E.P. Behavior of Long Links in Eccentrically Braced Frames; University of California: Berkeley, CA, USA,
1989.

Popov, E.P.; Ricles, ].M.; Kasai, K. Methodology for optimum EBF link design. In Proceedings of the Tenth World Conference
of Earthquake Engineering, Madrid, Spain, 19-24 July 1992.

Roeder, C.W.; Foutch, D.A.; Goel, S.C. Seismic testing of full-scale steel building-Part II. ]. Struct. Eng. 1987, 113, 2130-2145.
Mansour, N. Development of the Design of Eccentrically Braced Frames with Replaceable Shear Links. Ph.D. Dissertation, De-
partment of Civil Engineering, University of Toronto, Toronto, ON, Canada, 2010.

Dubina, D. Full-Scale Experimental Validation of Dual Eccentrically Braced Frame with Removable Links (Duarem); Research Report;
Politehnica University of Timisoara: Timisoara, Romania, 2014.

Bozkurt, M.B.; Topkaya, C. Replaceable links with direct brace attachments for eccentrically braced frames. Earthq. Eng. Struct.
Dyn 2017, 46, 2121-2139.

Ozkilig, Y. Experimental and Numerical Studies on Replaceable Links for Eccentrically Braced Frames. Master’s Thesis, Middle
East Technical University, Ankara, Turkey, 2020.

Huang, L.; Liu, S.; Zhang, B.; Hu, S. Seismic performance analysis for an eccentrically braced frame (EBF) with an innovative
self-centering shear link. Buildings 2025, 15, 1471.

Chen, Z.-P.; Zhu, S. Seismic responses and resilience of novel SMA-based self-centring eccentrically braced frames under near-
fault ground motions. Front. Struct. Civ. Eng. 2022, 16, 962-975.

Garmeh, V.; Akbarpour, A.; Adibramezani, M.; Kashani, A.H.; Adibi, M. SMA-based self-centering eccentrically braced frame
with vertical link member. Structures 2022, 43, 1230-1258.

Liu, B,; Lu, Y.; Li, W.; Li, J.; Zhao, J.; Wang, S.; Ni, G.; Meng, Q. Study on seismic behavior of different forms of eccentrically
braced steel frames. Buildings 2024, 14, 2064.

CEN Eurocode 8; Design of Structures for Earthquake Resistance Part 1: General Rules, Seismic Actions and Rules for Buildings.
European Committee for Standardization: Brussels, Belgium, 2004.

National Building Code of Canada (NBCC). Canadian Commission on Building and Fire Codes; National Research Council of Can-
ada (NRCC): Ottawa, ON, Canada, 2020.

Chopra, AK,; Goel, RK. A Modal Pushover Analysis Procedure to Estimate Seismic Demands for Buildings: Theory and Preliminary
Evaluation; Pacific Earthquake Engineering Research Center: Berkeley, CA, USA, 2001.

Chopra, A.K,; Goel, R K.; Chintanapakdee, C. Evaluation of a Modified MPA Procedure Assuming Higher Modes as Elastic to
Estimates Seismic Demands. Earthg. Spectra 2004, 20, 757-778.

Chintanapakdee, C.; Chopra, A.K. Evaluation of modal pushover analysis using generic frames. Earthq. Eng. Struct. Dyn. 2003,
32,417-442.

Kalkan, E.; Kunnath, S.K. Assessment of current nonlinear static procedures for seismic evaluation of buildings. Eng. Struct.
2007, 29, 305-316.

Nguyen, A.H.; Chintanapakdee, C.; Hayashikawa, T. Assessment of current nonlinear static procedures for seismic evaluation
of BRBF buildings. ]. Constr. Steel Res. 2010, 66, 1118-1127.

https://doi.org/10.3390/civileng7010014



CivilEng 2026, 7, 14 29 of 29

22.

23.

24.

25.

26.

27.
28.

29.

30.

31.

32.
33.

34.

35.

36.

37.

38.

39.

40.

Fajfar, P. Capacity Spectrum Method Based on Inelastic Demand Spectra. Earthq. Eng. Struct. Dyn. 1999, 28, 979-993.

CSA S16-19; Limit States Design of Steel Structures. Canadian Standards Association: Toronto, ON, Canada, 2019.

Kusyilmaz, A.; Topkaya, C. Fundamental periods of steel eccentrically braced frames. Struct. Des. Tall Spec. Build. 2015, 24, 123
140.

ASCE 7-22; Minimum Design Loads and Associated Criteria for Buildings and Other Structures. American Society of Civil
Engineers: Reston, VA, USA, 2016.

Chao, S.; Goel, S.C. Performance-Based Seismic Design of EBF Using Target Drift and Yield Mechanism as Performance Criteria; Re-
search Report UMCEE 05-05; The University of Michigan: Ann Arbor, MI, USA, 2005.

Koboevic, S.; David, S.O. Design and seismic behaviour of taller eccentrically braced frames. Can. J. Civ. Eng. 2010, 37, 195-208.
Koboevic, S.; Rozon, J.; Tremblay, R. Seismic Performance of Low-to-Moderate Height Eccentrically Braced Steel Frames De-
signed for North American Seismic Conditions. J. Struct. Eng. 2012, 138, 1465-1476.

Lopez-Almansa, F.; Montana, M.A. Numerical seismic vulnerability analysis of mid-height steel buildings in Bogota, Colombia.
J. Constr. Steel Res. 2014, 92, 1-14.

Kwon, O.h.-S.u.n.g.; Kim, E.S. Evaluation of building period formulas for seismic design. Earthq. Eng. Struct. Dyn. 2010, 39,
1569-1583.

Esmaili, M.R. Seismic Performance of Eccentrically Braced Frames Designed According to Canadian Seismic Provisions. Mas-
ter’s Thesis, Department of Building, Civil and Environmental Engineering, Concordia University, Montreal, QC, Canada, 2015.
ABAQUS Analysis User’s Manual, version 6.14; Dassault Systems Simulia, Inc.: Providence, RI, USA, 2014.

ASCE/SEI 41-23; Seismic Evaluation and Retrofit of Existing Buildings. American Society of Civil Engineers: Reston, VA, USA,
2023.

Vidic, T.; Fajfar, P.; Fischinger, M. Consistent Inelastic Design Spectra: Strength and Displacement. Earthq. Eng. Struct. Dyn.
1994, 23, 507-521.

Miranda, E.; Bertero, V.V. Evaluation of strength reduction factors for earthquake resistant design. Earthq. Spectra 1994, 10, 357—
379.

PEER. Next Generation Attenuation of Ground Motions Project (NGA) Database; Pacific Earthquake Engineering Research Center:
Berkely, CA, USA, 2010.

Atkinson, G.M. Earthquake Time Histories Compatible with the 2005 NBCC Uniform Hazard Spectrum. 2009. Available online:
www.seismotoolbox.ca (accessed on 15 August 2014).

Naumoski, N.; Saatcioglu, M.; Amiri-Hormozaki, K. Effects of scaling of earthquake excitations on the dynamic response of
reinforced concrete frame buildings. In Proceedings of the 13th World Conference on Earthquake Engineering, Vancouver, BC,
Canada, 1-6 August 2004.

Watson-Lamprey, J.A.; Abrahamson, N.A. Selection of ground motion time series and limits on scaling. Soil Dyn. Earthq. Eng.
2006, 26, 477-482.

Goel, RK,; Chopra, A.K. Period formulas for moment-resisting frame buildings. J. Struct. Eng. 1997, 123, 1454-146.

Disclaimer/Publisher’s Note: The statements, opinions and data contained in all publications are solely those of the individual au-

thor(s) and contributor(s) and not of MDPI and/or the editor(s). MDPI and/or the editor(s) disclaim responsibility for any injury to

people or property resulting from any ideas, methods, instructions or products referred to in the content.

https://doi.org/10.3390/civileng7010014



